
Advances in Civil Engineering

Damage and Fracture Behavior of 
Rock

Lead Guest Editor: Hang Lin
Guest Editors: Rihong Cao, Xiang Fan, and Yixian Wang



Damage and Fracture Behavior of Rock



Advances in Civil Engineering

Damage and Fracture Behavior of Rock

Lead Guest Editor: Hang Lin
Guest Editors: Rihong Cao, Xiang Fan, and Yixian Wang



Copyright © 2019 Hindawi. All rights reserved.

This is a special issue published in “Advances in Civil Engineering.” All articles are open access articles distributed under the Creative
Commons Attribution License, which permits unrestricted use, distribution, and reproduction in any medium, provided the original
work is properly cited.



Editorial Board

Khalid Abdel-Rahman, Germany
José Aguiar, Portugal
Reza Akhavian, USA
Maria Cruz Alonso, Spain
Serji N. Amirkhanian, USA
P. Ch. Anastasopoulos, USA
Venu G. M. Annamdas, Singapore
Mehrdad Arashpour, Australia
Pedro Arias-Sánchez, Spain
Farhad Aslani, Australia
Daniele Baraldi, Italy
Emilio Bastidas-Arteaga, France
Chiara Bedon, Italy
Rafik Belarbi, France
Rafael J. Bergillos, Spain
Giovanni Biondi, Italy
Hugo C. Biscaia, Portugal
Giosuè Boscato, Italy
Melina Bosco, Italy
Jorge Branco, Portugal
Emanuele Brunesi, Italy
Alberto Campisano, Italy
Francesco Canestrari, Italy
Paolo Castaldo, Italy
Giulio Castori, Italy
Robert Černý, Czech Republic
Constantin Chalioris, Greece
Noel Challamel, France
Daniel W.M. Chan, Hong Kong
Carlos Chastre, Portugal
Ghassan Chehab, Lebanon
Wensu Chen, Australia
Nicholas Chileshe, Australia
Heap-Yih (John) Chong, Australia
Francesco Colangelo, Italy
Ottavia Corbi, Italy
Marco Corradi, Italy
Mario D’Aniello, Italy
Jorge de Brito, Portugal
Gianmarco de Felice, Italy
Stefano de Miranda, Italy
Tayfun Dede, Turkey
Angelo Di Egidio, Italy
Luigi Di Sarno, Italy

Giulio Dondi, Italy
Mohamed ElGawady, USA
Ahmed Elghazouli, UK
Behzad Esmaeili, USA
Flora Faleschini, Italy
Harry Far, Australia
Antonio Formisano, Italy
Giovanni Garcea, Italy
Emilio García-Taengua, UK
Elhem Ghorbel, France
Agathoklis Giaralis, UK
Rodrigo Gonçalves, Portugal
Arturo Gonzalez, Ireland
Belén González-Fonteboa, Spain
Salvatore Grasso, Italy
Fan Gu, UK
Kirk Hatfield, USA
Khandaker Hossain, Canada
Zahid Hossain, USA
Mohammad R. Hosseini, Australia
Bon-Gang Hwang, Singapore
Dong-Sheng Jeng, Australia
Jian Ji, China
Andreas Lampropoulos, UK
Raffaele Landolfo, Italy
Eul-Bum Lee, Republic of Korea
Chun-Qing Li, Australia
Dongsheng Li, China
Li Li, Canada
Xuemei Liu, Australia
Zaobao Liu, China
Davide Lo Presti, UK
Cristiano Loss, Canada
Sui Pheng Low, Singapore
Lyan-Ywan Lu, Taiwan
Eric Lui, USA
Zhongguo John Ma, USA
Lorenzo Macorini, UK
Yann Malecot, France
John Mander, USA
Giuseppe Carlo Marano, Italy
Fabio Mazza, Italy
Claudio Mazzotti, Italy
Ahmed Mebarki, France

Shazim A. Memon, Kazakhstan
Giovanni Minafò, Italy
Hossein Moayedi, Vietnam
Abbas Mohajerani, Australia
Fabrizio Mollaioli, Italy
Rosario Montuori, Italy
Ayman S. Mosallam, USA
Roberto Nascimbene, Italy
Behzad Nematollahi, Australia
Luís C. Neves, UK
Trung Ngo, Australia
Sanjay Nimbalkar, Australia
Giuseppe Oliveto, Italy
Alejandro Orfila, Spain
Togay Ozbakkaloglu, UK
Hayri Baytan Ozmen, Turkey
Alessandro Palmeri, UK
Fabrizio Paolacci, Italy
Fulvio Parisi, Italy
Arnaud Perrot, France
Christophe Petit, France
Giuseppe Piccardo, Italy
Prodromos Psarropoulos, Greece
Giuseppe Quaranta, Italy
Carlo Rainieri, Italy
Damien Rangeard, France
Dimitris Rizos, USA
Geoffrey W. Rodgers, New Zealand
Hugo Rodrigues, Portugal
Hamid Reza Ronagh, Australia
Pier Paolo Rossi, Italy
Lukasz Sadowski, Poland
Anna Saetta, Italy
Timo Saksala, Finland
Evangelos J. Sapountzakis, Greece
Vasilis Sarhosis, UK
Halil Sezen, USA
M. Shahria Alam, Canada
Faiz U.A. Shaikh, Australia
Mostafa Sharifzadeh, Australia
Sanjay Kumar Shukla, Australia
Amir Si Larbi, France
Stefano Sorace, Italy
Flavio Stochino, Italy



Claudio Tamagnini, Italy
Yaya Tan, China
Patrick W.C. Tang, Australia
Yinshan Tang, UK
Huu-Tai Thai, Australia
Filippo Ubertini, Italy
Humberto Varum, Portugal
Castorina S. Vieira, Portugal
Valeria Vignali, Italy
C. Vipulanandan, USA
Claudia Vitone, Italy

Hao Wang, USA
Lei Wang, USA
Linbing Wang, USA
Wayne Yu Wang, UK
RomanWan-Wendner, Austria
Bo Xia, Australia
Wei-Chau Xie, Canada
Michael Yam, Hong Kong
Libo Yan, Germany
Jian Yang, China
Xu Yang, Australia

Hui Yao, China
Victor Yepes, Spain
Gürol Yildirim, Turkey
Qingliang Yu, Netherlands
Mariano Angelo Zanini, Italy
Xiong Zhang, USA
Yuqing Zhang, UK
Dong Zhao, USA
Xianbo Zhao, Australia
Annan Zhou, Australia
Abdul Aziz bin Abdul Samad, Malaysia



Contents

Damage and Fracture Behavior of Rock
Hang Lin , Ri-hong Cao , Xiang Fan, and Yixian Wang
Editorial (3 pages), Article ID 8476537, Volume 2019 (2019)

Research on the Mechanical Properties and NMR Characteristics of Cement Mortar during
Freeze-Thaw Cycles
Taoying Liu , Yunmin Wang, Keping Zhou, Feng Gao, and Shenghua Xie
Research Article (7 pages), Article ID 6805480, Volume 2019 (2019)

Crack Initiation, Propagation, and Failure Characteristics of Jointed Rock or Rock-Like Specimens: A
Review
Ri-hong Cao, Ping Cao, Hang Lin , Xiang Fan, Chunyang Zhang , and Taoying Liu
Review Article (31 pages), Article ID 6975751, Volume 2019 (2019)

Sample Rocks Tests and Slope Stability Analysis of a Mine Waste Dump
Ping Zou , Ximo Zhao, Zhonghua Meng, Aibing Li, Zhengyu Liu, and Wanjie Hu
Research Article (17 pages), Article ID 6835709, Volume 2018 (2019)

Experimental Study on Cumulative Plastic Deformation of Coarse-Grained Soil High-Grade Roadbed
under Long-Term Vehicle Load
Zhongming He , Yaxin Liu, Haolong Tang, Yihang Xing, and Hanbing Bian
Research Article (8 pages), Article ID 8167205, Volume 2018 (2019)

Assessment of Blasting-Induced Ground Vibration in an Open-Pit Mine under Different Rock
Properties
Zhi-qiang Yin , Zu-xiang Hu , Ze-di Wei, Guang-ming Zhao, Ma Hai-feng, Zhuo Zhang,
and Rui-min Feng
Research Article (10 pages), Article ID 4603687, Volume 2018 (2019)

Failure Mechanism for Surrounding Rock of Deep Circular Roadway in Coal Mine Based on
Mining-Induced Plastic Zone
Yue Yuan , Weijun Wang , Shuqing Li , and Yongjian Zhu
Research Article (14 pages), Article ID 1835381, Volume 2018 (2019)

Study on the Characteristics of Safety Distribution Changing with Buried Depth for Metro Station in
Upper-Soft and Lower-Hard Stratum
Keguo Sun, Weiping Xu , Wenge Qiu, Haobo Li, Qingyu Xian, and Tao Li
Research Article (14 pages), Article ID 6047919, Volume 2018 (2019)

An Experimental Study on the Microstructures of Cemented Paste Backfill during Its Developing
Process
Bo Zhang , Jie Xin, Lang Liu , Lijie Guo , and Ki-Il Song
Research Article (10 pages), Article ID 9783046, Volume 2018 (2019)

http://orcid.org/0000-0002-5924-5163
http://orcid.org/0000-0002-6293-6248
http://orcid.org/0000-0002-2346-3097
http://orcid.org/0000-0002-4573-6682
http://orcid.org/0000-0002-5924-5163
http://orcid.org/0000-0001-8590-7063
http://orcid.org/0000-0002-4573-6682
http://orcid.org/0000-0001-8438-6876
http://orcid.org/0000-0002-4587-0160
http://orcid.org/0000-0002-0892-4166
http://orcid.org/0000-0003-2646-9782
http://orcid.org/0000-0002-4384-0339
http://orcid.org/0000-0002-5881-2904
http://orcid.org/0000-0003-3808-3174
http://orcid.org/0000-0002-4359-6161
http://orcid.org/0000-0002-7332-081X
http://orcid.org/0000-0001-9536-0508
http://orcid.org/0000-0003-4355-3038
http://orcid.org/0000-0003-4064-2158


Seismic Behavior ofThree-Story Prestressed Fabricated Concrete Frame under Dynamic and Low
Reversed Cyclic Loading
Manrong Song , Jiaxuan He, Yuan Liu, Hang Zhang, Chenjun Ge, Yadong Jin, Bingkang Liu ,
Shenjiang Huang , and Yan Liu
Research Article (10 pages), Article ID 7876908, Volume 2018 (2019)

The Influence of Heading Rate on Roof Stability in Coal Entry Excavation
Sen Yang , Nong Zhang , Xiaowei Feng , Dongjiang Pan , and Deyu Qian
Research Article (15 pages), Article ID 9841374, Volume 2018 (2019)

Correction of Line-Sampling Bias of Rock Discontinuity Orientations Using a Modified Terzaghi
Method
Huiming Tang, Junrong Zhang, Lei Huang , Changbin Yan , Shengming Hu,
and Mutasim Adam Mohamed Ez Eldin
Research Article (9 pages), Article ID 1629039, Volume 2018 (2019)

Numerical Tests Research on Mechanical Parameters of Rockmass considering Structural Plane
Combination Characteristics
Jihong Wei , Yan Men, Shaorui Sun , Yajie Wang, Wei Qian, and Wei Shi
Research Article (10 pages), Article ID 2318063, Volume 2018 (2019)

Numerical Studies on the Failure Process of Heterogeneous RockMaterial with Preexisting Fracture
under Uniaxial Compression
Qi Zhang , Dan Ma , Jiangfeng Liu , Kai Zhang , and Zhiqiang Fan
Research Article (12 pages), Article ID 9203549, Volume 2018 (2019)

An NMR-Based Experimental Study on the Pore Structure of the Hydration Process of Mine Filling
Slurry
Jielin Li , Hanwen Liu , Kaiming Ai, and Longyin Zhu
Research Article (12 pages), Article ID 4720356, Volume 2018 (2019)

An Experimental Study onMechanical Behavior of Parallel Joint Specimens under Compression Shear
Fei Wang, Ping Cao, Yu Chen , Qing-peng Gao, and Zhu Wang
Research Article (12 pages), Article ID 5428670, Volume 2018 (2019)

Failure Process Simulation of Interlayered Rocks under Compression
Chi Yao, Sizhi Zeng, and Jianhua Yang
Research Article (13 pages), Article ID 9615457, Volume 2018 (2019)

Plastic Failure Analysis of Roadway Floor Surrounding Rocks Based on Unified StrengthTheory
Wenxiang Zheng , Qingwei Bu, and Yaoqing Hu
Research Article (10 pages), Article ID 7475698, Volume 2018 (2019)

Stability Analysis of Surrounding Rock and Treatment Structures in Superlarge Karst Cave of Naqiu
Tunnel
HuaWei Chen and Ce Sha
Research Article (14 pages), Article ID 4842308, Volume 2018 (2019)

http://orcid.org/0000-0002-3579-3456
http://orcid.org/0000-0002-8978-685X
http://orcid.org/0000-0001-6436-3589
http://orcid.org/0000-0001-5073-8095
http://orcid.org/0000-0001-6961-0729
http://orcid.org/0000-0002-9348-9874
http://orcid.org/0000-0003-4308-1210
http://orcid.org/0000-0003-3531-4221
http://orcid.org/0000-0001-9991-0087
http://orcid.org/0000-0003-2042-417X
http://orcid.org/0000-0002-2039-2086
http://orcid.org/0000-0002-6850-1114
http://orcid.org/0000-0002-9061-7818
http://orcid.org/0000-0001-6877-457X
http://orcid.org/0000-0002-4847-7102
http://orcid.org/0000-0002-6121-3179
http://orcid.org/0000-0003-3615-9649
http://orcid.org/0000-0003-3677-4561
http://orcid.org/0000-0002-2919-2590
http://orcid.org/0000-0002-0004-9571
http://orcid.org/0000-0002-6858-4239
http://orcid.org/0000-0002-3860-063X
http://orcid.org/0000-0003-0355-9101


Dynamic Indentation Characteristics for Various Spacings and Indentation Depths: A Study Based on
Laboratory and Numerical Tests
Jie Liu , WenWan, Yu Chen , and Jun Wang
Research Article (12 pages), Article ID 8412165, Volume 2018 (2019)

Deformation Forecasting of Surrounding RockMass Based on Correlation between Frequency and
Fracture Scale of Microseismicity
Peiwei Xiao, Bo Qian, Peng Jiang, Nuwen Xu , and Biao Li
Research Article (13 pages), Article ID 4037402, Volume 2018 (2019)

Cold Load and Storage Functional Backfill for Cooling Deep Mine
Mei Wang , Lang Liu , Liu Chen, Xiaoyan Zhang, Bo Zhang, and Changfa Ji
Research Article (8 pages), Article ID 5435214, Volume 2018 (2019)

Damage Characteristics of Sandstone Subjected to Coupled Effect of Freezing-Thawing Cycles and Acid
Environment
Hongwei Deng , Songtao Yu , and Junren Deng
Research Article (10 pages), Article ID 3560780, Volume 2018 (2019)

Influence of Structural Plane Microscopic Parameters on Direct Shear Strength
Yanhui Cheng , Weijun Yang, and Dongliang He
Research Article (7 pages), Article ID 9178140, Volume 2018 (2019)

Effect ofThickness of Gravel Base and Asphalt Pavement on Road Deformation
Dongliang He and Weijun Yang
Research Article (7 pages), Article ID 2076597, Volume 2018 (2019)

Influence of Microscopic Parameters on the Stress-Strain Relation in Rocks
Yanhui Cheng and Weijun Yang
Research Article (7 pages), Article ID 7050468, Volume 2018 (2019)

Analysis of Acoustic Wave Frequency Spectrum Characters of RockMass under Blasting Damage Based
on the HHTMethod
Haiping Yuan, Xiaole Liu, Yan Liu, Hanbing Bian, Wen Chen, and Yixian Wang
Research Article (8 pages), Article ID 9207476, Volume 2018 (2019)

Slant Angle and Its Influence on Rock Cutting Performance
Yong Sun and Xingsheng Li
Research Article (11 pages), Article ID 6519029, Volume 2018 (2019)

Experimental Study on the Mud-Water Inrush Characteristics through Rock Fractures
YanLin Zhao and LianYang Zhang
Research Article (7 pages), Article ID 2060974, Volume 2018 (2019)

http://orcid.org/0000-0001-8611-8533
http://orcid.org/0000-0003-2519-7017
http://orcid.org/0000-0001-7714-7930
http://orcid.org/0000-0003-3287-0046
http://orcid.org/0000-0001-9536-0508
http://orcid.org/0000-0001-5520-1537
http://orcid.org/0000-0003-4607-2942
http://orcid.org/0000-0003-0485-3521
http://orcid.org/0000-0003-4253-1136
http://orcid.org/0000-0003-4253-1136
http://orcid.org/0000-0003-0485-3521
http://orcid.org/0000-0002-2346-3097
http://orcid.org/0000-0002-5365-6287
http://orcid.org/0000-0002-3028-3297


Estimation of theWenchuan Earthquake Rupture Sequence Utilizing Teleseismic Records and
Coseismic Displacements
Deyu Yin , Qifang Liu, and Jingke Wu
Research Article (13 pages), Article ID 2147683, Volume 2018 (2019)

Microscopic Parameter Extraction and Corresponding Strength Prediction of Cemented Paste Backfill
at Different Curing Times
Xuebin Qin , Lang Liu , Pai Wang, Mei Wang , and Jie Xin
Research Article (9 pages), Article ID 2837571, Volume 2018 (2019)

Experimental Study on the Shear Behavior of Bolted Concrete Blocks with Oblique Shear Test
Bo Meng , Hongwen Jing, Shengqi Yang, Yingchao Wang , and Biao Li
Research Article (8 pages), Article ID 7281218, Volume 2018 (2019)

Effect ofThermal Environment on the Mechanical Behaviors of Building Marble
Haijian Su , Hongwen Jing, Qian Yin , and Liyuan Yu
Research Article (8 pages), Article ID 1326503, Volume 2018 (2019)

ConstitutiveModel and Damage Evolution of Mudstone under the Action of Dry-Wet Cycles
Ming Hu , Yuanxue Liu , Linbo Song, and Yu Zhang
Research Article (10 pages), Article ID 9787429, Volume 2018 (2019)

Cracking and Failure in Rock Specimen Containing Combined Flaw and Hole under Uniaxial
Compression
Xiang Fan, Rui Chen, Hang Lin , Hongpeng Lai, Chunyang Zhang , and Qihua Zhao
Research Article (15 pages), Article ID 9818250, Volume 2018 (2019)

Experimental Study on Physicomechanical Properties of Sandstone under Acidic Environment
Shuguang Li , Runke Huo , Bo Wang , Zhenzhong Ren, Yu Ding , Meiting Qian ,
and Tian Qiu
Research Article (15 pages), Article ID 5784831, Volume 2018 (2019)

Numerical Investigation of Influences of Drilling Arrangements on the Mechanical Behavior and
Energy Evolution of Coal Models
Tong-bin Zhao , Wei-yao Guo , Feng-hai Yu , Yun-liang Tan , Bin Huang, and Shan-chao Hu
Research Article (12 pages), Article ID 3817397, Volume 2018 (2019)

A New Unified Solution for Circular Tunnel Based on a Four-Stage ConstitutiveModel considering the
Intermediate Principal Stress
Liang Chen , Xianbiao Mao , Yanlong Chen , Ming Li, Yang Hao , and Ding Liu
Research Article (14 pages), Article ID 7912062, Volume 2018 (2019)

Upper Bound Limit Analysis for Seismic Stability of Rock Slope with Tunnel
Xueliang Jiang, Jiayong Niu , Hui Yang , and Feifei Wang
Research Article (11 pages), Article ID 3862974, Volume 2018 (2019)

http://orcid.org/0000-0003-1800-0810
http://orcid.org/0000-0002-3487-8378
http://orcid.org/0000-0001-9536-0508
http://orcid.org/0000-0001-7392-0850
http://orcid.org/0000-0001-5081-1117
http://orcid.org/0000-0002-0566-563X
http://orcid.org/0000-0001-8183-1989
http://orcid.org/0000-0001-5161-3761
http://orcid.org/0000-0003-1668-418X
http://orcid.org/0000-0002-1221-9689
http://orcid.org/0000-0002-5586-9673
http://orcid.org/0000-0003-3013-6681
http://orcid.org/0000-0002-5924-5163
http://orcid.org/0000-0001-8590-7063
http://orcid.org/0000-0002-6251-4168
http://orcid.org/0000-0002-3356-1627
http://orcid.org/0000-0002-8149-8829
http://orcid.org/0000-0002-1975-7690
http://orcid.org/0000-0002-6746-8252
http://orcid.org/0000-0003-0697-5127
http://orcid.org/0000-0002-5692-8946
http://orcid.org/0000-0003-2017-7244
http://orcid.org/0000-0003-3589-4537
http://orcid.org/0000-0002-6840-3194
http://orcid.org/0000-0001-5773-9760
http://orcid.org/0000-0003-0457-7184
http://orcid.org/0000-0003-4058-4488
http://orcid.org/0000-0002-9960-2700
http://orcid.org/0000-0001-6771-5201
http://orcid.org/0000-0001-5306-5439
http://orcid.org/0000-0001-8410-5464
http://orcid.org/0000-0002-6133-0025
http://orcid.org/0000-0001-5666-0954
http://orcid.org/0000-0002-7422-2779


Study of Post-Peak Strain Softening Mechanical Behaviour of RockMaterial Based on Hoek–Brown
Criterion
Qibin Lin , Ping Cao, and Peixin Wang
Research Article (9 pages), Article ID 6190376, Volume 2018 (2019)

TheNumerical Simulation of Hard Rocks for Tunnelling Purposes at Great Depths: A Comparison
between the Hybrid FDEMMethod and Continuous Techniques
Nicholas Vlachopoulos and Ioannis Vazaios
Research Article (18 pages), Article ID 3868716, Volume 2018 (2019)

Study on the Interaction of Collinear Cracks andWing Cracks and Cracking Behavior of Rock under
Uniaxial Compression
Chaolin Wang, Yu Zhao , Yanlin Zhao , and WenWan
Research Article (10 pages), Article ID 5459307, Volume 2018 (2019)

Damage Features of Altered Rock Subjected to Drying-Wetting Cycles
Zhe Qin, Xuxin Chen , and Houli Fu
Research Article (10 pages), Article ID 5170832, Volume 2018 (2019)

Solid-Gas Coupling Model for Coal-RockMass Deformation and Pressure Relief Gas Flow in Protection
Layer Mining
Zhuohui Zhu , Tao Feng, Zhigang Yuan, Donghai Xie, and Wei Chen
Research Article (6 pages), Article ID 5162628, Volume 2018 (2019)

Application of DICM on Similar Material Simulation Experiment for Rock-Like Materials
Hailing Kong , Luzhen Wang , Guoqing Gu, and Bing Xu
Research Article (15 pages), Article ID 5634109, Volume 2018 (2019)

Researches on Damage Evolution and Acoustic Emission Characteristics of Rocks
Yong Chen , Yugui Yang , Feng Gao, and Xiangxiang Zhang
Research Article (7 pages), Article ID 3108065, Volume 2018 (2019)

Numerical Simulation of Hydraulic Fracturing in Earth and Rockfill Dam Using Extended Finite
Element Method
Enyue Ji, Zhongzhi Fu , Shengshui Chen, Jungao Zhu, and Zhizhou Geng
Research Article (8 pages), Article ID 1782686, Volume 2018 (2019)

Experimental Study on 3D Roughness and Shear Failure Mechanism of Rock Mass Discontinuity
Jihong Wei , Yan Men, Shaorui Sun , Huilin Le, and Feng Zhu
Research Article (20 pages), Article ID 7358205, Volume 2018 (2019)

HKCV Rheological ConstitutiveModel of Mudstone under Dry and Saturated Conditions
Xingang Wang, Lei Huang , Changbin Yan , and Baoqin Lian
Research Article (10 pages), Article ID 2621658, Volume 2018 (2019)

Parameter Sensitivity of Shallow-Bias Tunnel with a Clear Distance Located in Rock
Xueliang Jiang, Feifei Wang , Hui Yang, and Jiayong Niu
Research Article (11 pages), Article ID 5791354, Volume 2018 (2019)

http://orcid.org/0000-0001-7916-2739
http://orcid.org/0000-0003-1181-8230
http://orcid.org/0000-0002-4609-1214
http://orcid.org/0000-0002-7428-5876
http://orcid.org/0000-0002-3028-3297
http://orcid.org/0000-0002-6328-3541
http://orcid.org/0000-0002-9366-090X
http://orcid.org/0000-0002-0015-9906
http://orcid.org/0000-0002-8336-4250
http://orcid.org/0000-0003-2811-8142
http://orcid.org/0000-0003-2857-5394
http://orcid.org/0000-0002-5564-9590
http://orcid.org/0000-0003-4290-1942
http://orcid.org/0000-0002-2039-2086
http://orcid.org/0000-0002-6850-1114
http://orcid.org/0000-0001-9991-0087
http://orcid.org/0000-0003-2042-417X
http://orcid.org/0000-0002-7422-2779
http://orcid.org/0000-0002-6133-0025


Numerical Simulation for Mechanical Behavior of Asphalt Pavement with Graded Aggregate Base
Dongliang He and Yanhui Cheng
Research Article (9 pages), Article ID 1404731, Volume 2018 (2019)

Effects of Cyclic Loading on the Mechanical Properties of Mature Bedding Shale
Yintong Guo , Chunhe Yang, Lei Wang, and Feng Xu
Research Article (9 pages), Article ID 8985973, Volume 2018 (2019)

Mechanical Behavior of Shale Rock under Uniaxial Cyclic Loading and Unloading Condition
Baoyun Zhao , Dongyan Liu, Ziyun Li , Wei Huang, and Qian Dong
Research Article (8 pages), Article ID 9750480, Volume 2018 (2019)

Instability Process Model Test for Bedding Rock Slope with Weak Interlayer under Different Rainfall
Conditions
Zhongming He and Baolin Wang
Research Article (8 pages), Article ID 8201031, Volume 2018 (2019)

A Study of the Relationship between the Stress State and Failure Mode of Concrete Specimens
Xinyu Liang and Faning Dang
Research Article (6 pages), Article ID 8657846, Volume 2018 (2019)

Simulation Study on Strength and Failure Characteristics for Granite with a Set of Cross-Joints of
Different Lengths
Dawei Yin, Shaojie Chen , Xingquan Liu, and Hongfa Ma
Research Article (10 pages), Article ID 2384579, Volume 2018 (2019)

Identification of Hydrochemical Function and Behavior of the Houzhai Karst Basin, Guizhou Province,
Southwestern China
Xian Li and Yanqiao Wang
Research Article (8 pages), Article ID 6415763, Volume 2018 (2019)

Use of Acoustic Emission for the Detection of Brittle Rock Failure under Various Loading Rates
Hai-qing Shuang, Shu-gang Li, Lang Liu , Gao-feng Chen, and Ki-Il Song
Research Article (9 pages), Article ID 5735139, Volume 2018 (2019)

Heterogeneous Rock Simulation Using DIP-Micromechanics-Statistical Methods
H. Molladavoodi and Y. RahimiRezaei
Research Article (10 pages), Article ID 7010817, Volume 2018 (2019)

The Effect of Confining Pressure andWater Content on Energy Evolution Characteristics of Sandstone
under Stepwise Loading and Unloading
Shuren Wang, Paul Hagan , Yanhai Zhao, Xu Chang, Ki-Il Song , and Zhengsheng Zou
Research Article (8 pages), Article ID 4751612, Volume 2018 (2019)

http://orcid.org/0000-0003-4253-1136
http://orcid.org/0000-0003-0485-3521
http://orcid.org/0000-0001-6392-3644
http://orcid.org/0000-0001-6778-2228
http://orcid.org/0000-0003-3328-3353
http://orcid.org/0000-0002-4587-0160
http://orcid.org/0000-0003-0964-4294
http://orcid.org/0000-0003-1377-0808
http://orcid.org/0000-0002-2266-7450
http://orcid.org/0000-0001-8255-5584
http://orcid.org/0000-0001-9536-0508
http://orcid.org/0000-0003-4064-2158
http://orcid.org/0000-0003-1988-1568
http://orcid.org/0000-0003-4011-2771
http://orcid.org/0000-0003-4064-2158


Editorial
Damage and Fracture Behavior of Rock

Hang Lin ,1 Ri-hong Cao ,1,2,3 Xiang Fan,4,3 and Yixian Wang 5

1School of Resources and Safety Engineering, Central South University, Changsha, Hunan 410083, China
2School of Civil, Environmental and Mining Engineering, !e University of Western Australia, Perth 6009, Australia
3Engineering Laboratory of Spatial Information Technology of Highway Geological Disaster Early Warning in Hunan Province,
Changsha University of Science & Technology, Changsha 410114, Hunan, China
4School of Highway, Chang’an University, Xi’an 710064, China
5School of Civil Engineering, Hefei University of Technology, Hefei 230009, China

Correspondence should be addressed to Ri-hong Cao; 18229997417@163.com and Yixian Wang; wangyixian2012@hfut.edu.cn

Received 26 March 2019; Accepted 26 March 2019; Published 2 May 2019

Copyright © 2019 Hang Lin et al. -is is an open access article distributed under the Creative Commons Attribution License,
which permits unrestricted use, distribution, and reproduction in any medium, provided the original work is properly cited.

Underground excavation will lead to stress redistribution,
and stress redistribution will also cause the stress of sur-
rounding rock near the excavation area to increase several
times or even tens of times [1, 2]. -en, stresses easily exceed
the microcrack initiation stress level inside the rock mass.
Increased stress in surrounding rock can easily induce brittle
failure of rock mass, and the existing literature also shows
that brittle failure is a typical failure form of deep well
engineering rock mass. At the same time, a large number of
engineering practices show that deep ground pressure di-
sasters such as rock burst, floor lag water inrush, and roof fall
are all caused by crack propagation and connection in rock
mass [3]. In fact, the sudden change of instability of deep
well rock mass is the result of crack initiation, propagation,
and macroscopic failure surface formation. -erefore, rock
fracturing is also the starting point of disaster breeding in
deep rock engineering. As far as the characteristics of rock
mass are concerned, it is not isotropic material. After
hundreds of millions of years of geological action, there are a
large number of discontinuities in its interior. Disconti-
nuities weaken the basic mechanical properties of rock mass
to a great extent. However, after excavation, the effect of high
stress makes the tip of primary crack in a state of high stress
concentration, which is easy to induce crack initiation and
propagation damage.

-e nonlinear deformation behavior of geotechnical
materials is induced by the propagation and coalescence of
cracks and joints under external loads [4–6]; hence, the
mechanical characteristics and failure patterns of the rock

mass are difficult to predict. Study on the damage and
fracture behavior of rock will promote the understanding of
crack propagation, coalescence, and failure modes of brittle
materials with fissures. -e failure process of rock mass is
very complicated because it involves the combined effects of
loading, joint geometry, environment effect, and size. -e
understanding of the crack initiation, propagation in
complex stress condition, interactions between discontinues,
and excavation activities are actual challenging topics.

Over the past decades, a large number of studies on
“Damage and Fracture Behavior of Rock” have been made in
physical testing [7], numerical modeling [8, 9], and theo-
retical studies. And the experimental research is mostly
common used. Recently, with recent rapid developments in
computer science, many numerical methods have been
suggested to simulate crack initiation and coalescence, and
most of the simulation results show good agreement with
experimental results. In this special issue, a series of papers
where contemporary research in nature rock mass or brittle
fractured rock-like materials was done are presented. -e
influences of joint/fissure geometry parameters, environ-
ment effect, loading condition, and size effect on strength
and failure characteristics of jointed rock/rock-like speci-
mens are evaluated. Moreover, the new equipment for rock
fracturing recognition has also been discussed in this issue.

-e discontinuities have a great influence on the me-
chanical behavior of rockmass. Most engineering cases, such
as roadway excavation, rock slope, and pillars in deep
mining activities, often require the estimation of the strength
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and failure characteristics of a rockmass that contains a large
number of discontinuities [10]. -e influences of joint/
fissure geometry parameters on failure mechanism of
jointed rocks are developed in some papers of this special
issue: “Cracking and Failure in Rock Specimen Containing
Combined Flaw and Hole under Uniaxial Compression” (X.
Fan et al.), “Dynamic Indentation Characteristics for Var-
ious Spacings and Indentation Depths: A Study Based on
Laboratory and Numerical Tests” (J. Liu et al.), and “An
Experimental Study onMechanical Behavior of Parallel Joint
Specimens under Compression Shear” (F. Wang et al.). In
the above articles, many kinds of joint geometry parameters
have been considered, such as combined joint (flaw and
hole), joint spacing, indentation depth, nonoverlapping
length, and inclination angle. -e strength parameters and
failure characteristics have also been analyzed and discussed.
Moreover, in order to investigate the failure behavior of
jointed rock mass under different stress environment,
scholars have conducted a series of experimental or nu-
merical research studies; the influence of loading condition
on mechanical behavior jointed rock mass is analyzed in the
following papers: “-e Effect of Confining Pressure and
Water Content on Energy Evolution Characteristics of
Sandstone under Stepwise Loading and Unloading,” “Me-
chanical Behavior of Shale Rock under Uniaxial Cyclic
Loading and Unloading Condition.” “Effects of Cyclic
Loading on the Mechanical Properties of Mature Bedding
Shale,” and “Experimental Study on the Shear Behavior of
Bolted Concrete Blocks with Oblique Shear Test.”

-e failure mechanism of jointed rock mass is regulated
not only by joint geometry parameters but also by the
environment conditions. With the change of environ-
mental factors (such as thermal environment, freezing-
thawing cycles, and dry-wet cycles), the failure charac-
teristics of jointed rock mass will exhibit big difference
when compared to those in nature condition. In this issue,
the environment factor has also been considered. For ex-
ample, the effect of thermal environment on the me-
chanical behaviors of rocks was investigated by H. Su et al.,
and the details are covered in their paper “Effect of-ermal
Environment on the Mechanical Behaviors of Building
Marble.” H. Deng et al. have done a series of experiments to
investigate the damage characteristics of sandstone under
coupled effect of freezing-thawing cycles and acid envi-
ronment (“Damage Characteristics of Sandstone Subjected
to Coupled Effect of Freezing--awing Cycles and Acid
Environment”). -e results show that coupled effect of acid
corrosion and recurrent freezing-thawing cycling causes
much more serious deterioration to sandstone samples
than acid corrosion. In the paper “Constitutive Model and
Damage Evolution of Mudstone under the Action of Dry-
Wet Cycles (M. Hu et al.),” a customized model test
container and a novel test method are applied to study the
decay rate of mudstone under different temperatures and
over multiple dry-wet cycles. S. Li et al. investigated the
influence of acid solution and immersion time on the
physicomechanical properties of sandstone, and the cor-
rosion mechanism of sandstone attacked by the acid

solution is discussed with the results of SEM tests (Ex-
perimental Study on Physicomechanical Properties of
Sandstone under Acidic Environment). -e results showed
that the deformation characteristics of sandstone samples
under acid attack are characterized by the softening of rock,
and the softening degree gradually increases with the in-
crease of the acidity and the soaking time. In the paper
“Damage Features of Altered Rock Subjected to Drying-
Wetting Cycles,” Z. Qin et al. conducted a series of ex-
perimental tests, and the effects of drying and wetting
cycles on the mechanical parameters of pit rock were in-
vestigated. It was found that uniaxial compressive strength
and elastic modulus decreased as the number of dry/wet
cycles increased. At the same time, an exponential function
was established to describe the quantitative relationship
between the mechanical parameters and the number of dry/
wet cycles.

In recent years, with the development of laboratory
testing technology, more and more new technologies have
been applied to the study of rock crack propagation or
damage recognition. -en, testing technology has also been
highlighted in this issue. -e papers “Use of Acoustic
Emission for the Detection of Brittle Rock Failure under
Various Loading Rates” and “Researches on Damage Evo-
lution and Acoustic Emission Characteristics of Rocks” (Y.
Chen et al.) used the technique of acoustic emission to
investigate the damage evolution of rocks. In their paper, a
statistical damage model has been established to formulate
analytical constitutive relations for deformation behavior.
Moreover, comparisons between predicted results and ex-
perimental data also show a good agreement. J. Li et al. (in
their paper “An NMR-Based Experimental Study on the
Pore Structure of the Hydration Process of Mine Filling
Slurry”) used low-field nuclear magnetic resonance (LF-
NMR) to study the evolution of porosity in the process of
filling slurry hydration. And the results showed that the
higher the mass concentration of the filling slurry, the slower
the hydration reaction, the smaller the average size of the
pores, the higher the proportion occupied by harmful pores,
and the lower the proportion occupied by multiharmful
pores. Recently, the DICM has been widely used to identify
the crack nucleation and propagation in brittle materials,
and the new cracks can be well described by the displace-
ment gradient evolution corresponding to time and space.
Based on DICM, H. Kong et al. conducted a series of ex-
periments, and the movement and fracturing process of the
overlying strata during excavation are observed and studied
(Application of DICM on Similar Material Simulation Ex-
periment for Rock-LikeMaterials).-e results also indicated
that the DICM is entirely feasible to use in the large-scale
full-field deformation measurement on complex rock
structures, and it is of theoretical importance for testing for
rock-like materials.

Compared with the in situ test and laboratory test, the
numerical simulation is an economical and practical method
to simulate the failure process of jointed rock masses.
Overall, most of the numerical results show good agreement
with experimental results. In this special issue, several kinds
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of numerical methods will also be discussed in papers.
Hydraulic fracturing is one of the most important factors
affecting the safety of earth and rockfill dam. And more and
more research studies have paid attention to the safety
design of high rockfill dams. In the paper “Numerical
Simulation of Hydraulic Fracturing in Earth and Rockfill
Dam Using Extended Finite Element Method,” E. Ji et al.
used the extended finite element method (XFEM) to sim-
ulate the hydraulic fracturing behavior in an actual high
earth and rockfill dam. -e possibility of hydraulic frac-
turing occurrence is discussed and analyzed, and the critical
crack length is obtained when hydraulic fracturing occurs. A
comparison between the hybrid FDEM and continuous
techniques has been done by N. Vlachopoulos and I. Vazaios
(-e Numerical Simulation of Hard Rocks for Tunnelling
Purposes at Great Depths: A Comparison between the
Hybrid FDEM Method and Continuous Techniques). -e
finite element method (FEM) and hybrid finite-discrete
element method (FDEM) are used to model the failure
behavior of jointed rock mass during excavation, re-
spectively. And the results indicated that the FDEM is more
capable of capturing the highly damaged zone (HDZ) and
the excavation damaged zone (EDZ) compared to results of
continuum numerical techniques in such excavations. In the
paper “Numerical Tests Research on Mechanical Parameters
of Rockmass considering Structural Plane Combination
Characteristics,” J. Wei et al. conducted the triaxial nu-
merical test through the discrete element method, and the
size effect of rock mass was also studied by using the
characteristics of the numerical test. Notably, in this issue,
apart from the numerical methods that have beenmentioned
above, there are also other methods developed by scholars
and been used to model the failure process of rocks or rock-
like materials.

-e influence factors for damage and fracture behavior
of rock include but not limited to the above aspects. At the
same time, the new experimental testing technology or
numerical methods for fracturing recognition are not fully
presented. Many excavation activities like deep mining have
to face the crack propagation and coalescence in rock mass.
For deep mining, with the increase of mining depth, the in
situ stress increases. At the same time, the geological en-
vironment becomes more complex. -en, the crack initia-
tion and propagation become more complex and
unpredictable. So, there are still more unknowns in this field
waiting to be explored and discovered in the future.
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Low-field nuclear magnetic resonance (NMR) technology has the characteristics of nondestructive, rapid, and accurate. In the
present paper, the mechanical properties and the size and distribution of pores of cement mortar during freeze-thaw cycles were
studied by using the NMR technology for the first time. -e change law of surface and quality, compressive strength, splitting
tensile strength, and elastic modulus of cement mortar under 0, 25, 50, 75, and 100 freeze-thaw cycles were studied. And the
changes of T2 spectra of cement mortar under different freeze-thaw environments were analyzed; the change rule between freeze-
thaw cycles and the size of the pore within the cement mortar were also obtained. Moreover, the relationship between the
mechanical properties and the pore structure of cement mortar was studied.

1. Introduction

In recent years, there are more and more concrete engi-
neering developed in the cold regions [1, 2], and the need to
accurately evaluate the stability of geotechnical engineering
constructions and to prevent or control freeze-thaw hazards
has become an urgent problem [3, 4]. Studies of the physical
and mechanical properties of building material that undergo
freeze-thaw cycles provide important data for the prevention
of freeze-thaw hazards in cold regions. Low concrete tem-
perature reduces the rate of the strength gain and extends the
setting time [5, 6]. Freezing and thawing cycles deteriorate
concrete because water freezes to ice and expands, and the
volume change of water to ice causes high stress if there is no
room for expansion. -e ice then melts down water and
increases the saturation level of the voids [7, 8]. Powers [9]
originally proposed that hydraulic pressure (as water freezes,
it expands and generates pressure on the pore wall) was the
source of stress that causes damage. -e following cycles of
freezing and thawing in cold climates aggravate the re-
sistance of the concrete [10, 11]. -e increase of the volume
of a fluid phase at freezing results in the occurrence of some
effects: the crystallizing pressure of ice upon the walls of the

pores and capillaries, the hydraulic pressure of the porous
liquid, and the osmotic pressure caused by the freezing of
water [12, 13]. Concrete internal damage caused by the
frosting of internal moisture within concrete pores will lead
to the generation and disintegration of microcracks. Studies
of the pore structure of properties of cement mortar that
undergo freeze-thaw cycles will provide important data for
analyses of cement mortar engineering and the prevention of
freeze-thaw hazards in cold regions.

Current detections of microscopic deterioration of
solid materials are mainly conducted with traditional
methods like the technique of CT scanning [14, 15], method
of scanning electron microscope (SEM) [16], technique
of digital imaging treatment [17], and acoustic emission
[18, 19], yet these methods are not very satisfying. For ex-
ample, results of CT scanning cannot reflect the features of
microscopic structure [20, 21], and the experiment is costly;
the method of electron microscope requires small specimen,
and it can only be used in real time observation. As a new
method for analysis and detection in physical tests, nuclear
magnetic resonance (NMR) technology has the character-
istics of nondestructive, rapid, and accurate [22], and it can
be used to obtain parameters such as porosity, free fluid
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index, pore-size distribution, and T2 distribution of trans-
verse relaxation time [23, 24]. It could be applied in exper-
iments and detection researches on pore-size distribution,
characteristics of the inner structure of concrete, and so on
[25, 26]. In the present study, an extensive testing program is
conducted to investigate the effect of concrete after freeze-
thaw attack. -e NMR technique was also applied to the
measurement of concrete specimens. -e mechanical prop-
erty test is performed on the specimens after different freeze-
thaw cycles. Freeze-thaw effects on the surface scaling, weight
loss, water content, compressive strength, and elastic modulus
are discussed and clarified. Several conclusions are then
drawn based on the proposed study.

2. Experimental Methods

2.1. NMR Technology. Nuclear magnetic resonance (NMR)
refers to the response of atomic nuclei to magnetic fields.
Many nuclei have a magnetic moment, and they behave
like a spinning bar magnet. -ese spinning magnetic nuclei
can interact with externally applied magnetic fields, pro-
ducing a measurable signal. -e hydrogen proton (H+) is
a particle with a positive charge, and proton spin is one
of the important properties of the hydrogen proton. Hy-
drogen proton spin can produce a magnetic field, and
magnetic axis directions of protons are random in no
external magnetic field. -e porosity of saturated cement
mortar can be calculated by substituting the amplitudes of
the detected signals into the relation determined by cali-
bration samples. -e porosity indicates the water content
and volume in the cement mortar. If the specimens tested
by the NMR are water saturated, the water volume is equal
to the crack volume.

T2 is a time constant describing decay of the transverse
component of magnetization. According to nuclear mag-
netic resonance theory, the transverse relaxation rate of
nuclear magnetic resonance can be expressed as the fol-
lowing equation [24]:
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where T1
2 is the relaxation time of fluid, ρ2 is the transverse

surface relaxation strength, s is the pore surface area, V

is the pore volume, (ρ2s)/V is the transverse surface re-
laxation rate, D is the diffusion coefficient, c is the gy-
romagnetic ratio, G is the gradient of the magnetic field, TE
is the echo time, and (D(cGTE)2)/12 is the diffusion re-
laxation rate.

In this study, there is only one type of fluid (water) in the
pores, and the volume relaxation is much slower than that of
the area, so 1/T1

2 is neglected. When the magnetic field is
even and TE adopted is short, the diffusion relaxation can
also be ignored. -erefore, equation (1) can be simplified as
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From equation (2), the rate of transverse relaxation
depends on the surface-to-volume ratio of the pores. -us,

the T2 distribution reflects the pore size information: the
smaller the T2 value is, the smaller the pore size is; the larger
the T2 value is, the larger the pore size is.

2.2. Experimental Scheme. -e cement mortar specimens
were made of a mixture of water and cement according to the
standard GB/T50082-2009. Ordinary Portland cement 42.5R
was used in this experiment, and the test report is shown in
Table 1. -e river sand is collected from the Xiangjiang river;
the apparent density is 2640 kg/m3, bulk density is 1430 kg/
m3, silt content is 0.8%, and fineness modulus is 2.91. -e
cement mortar mixture scheme is shown in Table 2.

-e main experimental equipment included freeze-thaw
cycle test machine, vacuum saturation device, NMR test
system, and loading control system DCS-200, as shown in
Figure 1. -e NMR measurements were conducted using an
AniMR-150 NMR system. -e NMR test system was supplied
byNiumagCorporation (Shanghai, China) with wide bore and
vertical superconducting magnet. -e magnetic field strength
reaches 0.25T, and the resonance frequency ranges from 8.5 to
12.8MHz.-e gradient coils can provide amaximum gradient
strength of 0.15T/m inX,Y, and Z directions, respectively.-e
required temperature of the experimental environment is 32°C
to guarantee the system. Experimenting at such a temperature
also ensures the testing system run at its best. -e porosity, T2
distribution, andMR image can be obtained by using the Core
analysis software and the MRI viewer software.

-e main steps of the test are as follows. (1) After
casting molding and 24 hours of conservation, the cement
mortar was placed in the standard curing box under the
curing condition 20 ± 3°C and 95% RH. (2) -e specimens
were tested according to the standard experimental pro-
cedure. (3) -e specimens were saturated by vacuum
saturation device for 12 h and then placed in the freeze-
thaw cycle test machine under the condition of freezing
temperature of −20°C and thawing temperature of 20°C
with reference to the weather condition. Each complete
cycle of freeze-thaw lasted for 8 h, comprising 4 h for
freezing and 4 h for thawing. (4) -e specimens from the
freeze-thaw cycle test machine were removed, water on the
surface was wiped off, and the variations of appearance
were recorded. (5) Porosity and T2 distribution were
obtained by the NMR technology. (6) After recording
the change rule of quality during NMR experiment,
the next freeze-thaw test are carried out. -e dimension of
the additive cement mortar specimens was 70.7mm ×

70.7mm × 70.7mm, as shown in Figure 2.

3. Cement Mortar Damage Evolution during
Freeze-Thaw Cycle

By observing the surface changes of the cement specimens
during the freeze-thaw cycles as shown in Figure 3, there
was no obvious change on the cement mortar after 75
cycles, but it had changed significantly after 100th cycles.
-ere was a weak side on the surface that damaged after
many freeze-thaw cycles, while the lower layer did not
change much.
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Freeze-thaw causes the surface of cement mortar to
change and fall off, and the quality change of cement mortar
can be used as the evaluation index of the damage degree of
the cement mortar specimen during the freeze-thaw cycle:
the greater the mass loss, the greater the damage to cement
mortar caused by the freeze-thaw cycle. Table 3 shows the
quality of cement mortar after different freeze-thaw cycles. It
shows that, as the number of freeze-thaw cycles increases,
the quality of cement mortar is decreasing gradually, and it
was reduced by about 8% after 100 freeze-thaw cycles.

Table 4 shows the changes law of mechanical parameters
during the freeze-thaw cycle, and it shows that, as the
number of freeze-thaw cycles increased, the compressive
strength, tensile strength, and elastic modulus of cement
mortar specimens have decreased.

4. NMR Characteristics of Cement
Mortar during Freeze-Thaw Cycles

4.1. NMRT2 SpectrumDistribution. -e changes of an NMR
T2 spectrum could reflect the structural changes of pores
within cement mortar. -e sizes of pores in cement mortar
specimens are in proportion to the fluid traverse relaxation
time T2. When T2 is small, it means that the sizes of pores in
cement mortar specimens are small; the location of peaks in
the T2 spectrum is directly related to the size of pores, and
the peak value in the T2 spectrum reflects the concentration
degree of the distribution of pore sizes within cement mortar
specimens. -erefore, the changes of T2 spectrum could
qualitatively describe the structural changes of pores inside
the cement mortar specimens. Figure 4 shows the T2 dis-
tribution of the cement mortar specimens after 25, 50, 75,
and 100 freeze-thaw cycles.

It can be seen that the T2 spectrum distribution is mainly
presented by 3 peak images: the first peak area is the largest,
located near at 1.5ms; the second one is smaller than the first
one, located near at 75ms; and the third peak is almost
invisible, located near at 750ms. -e first spectrum peak in
the T2 spectrum curve was considered as small pores, and the
second and third spectrum peak were large pores. -is
indicates that the internal pores of cement mortar are mainly
small pores, and the proportion of large pores and large
pores is low. During the process of 100 freeze-thaw cycles,
the T2 spectrum peak of cement mortar gradually increased,
and the curve gradually expanded outward, which shows

Table 1: P.O 42.5 R Portland cement quality performance metrics.

Initial setting
times

Final
setting time

Compressive strength (MPa) Breaking strength (MPa) Fineness
(%)

Loss on
ignition (%)

MgO
content (%)

SO3
content (%)3 d 28 d 3 d 28 d

70min 6 h 20 38.5 3.6 7.8 3.4 3.6 2.3 2.8

Table 2: Cement mortar mixture scheme.

Number of specimens Water cement ratio, w/c Cement (kg/m3) Water (kg/m3) River sand (kg/m3)
3 0.45 360 162 760

(a) (b)

Figure 1: Main experimental equipment. (a) NMR test system. (b) Freeze-thaw cycle test machine.

Figure 2: Cement mortar specimens.
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there are more internal pores produced inside the cement
mortar after freeze-thaw cycles, and the small pores grad-
ually become larger pores.

4.2. T2 SpectraAreaVariation. Table 5 shows the variation of
T2 spectrum area of cement mortar specimens after 100
freeze-thaw cycles. It can be seen that the total spectrum area
increased with the increasing of freeze-thaw cycles. -e
proportion of the first spectrum peak area is more than 90%,
which means the internal pores of cement mortar are mainly
small pores. However, as there is an increase in the number of
freeze-thaw cycles, the proportion of the second peak and the
third peak is gradually increasing, while the first peak is
decreasing, as shown in the ratio change rule of each spectrum
peak in the T2 spectrum in Figure 5, which shows that the
small pores inside the cement mortar are gradually getting
larger, and the number of larger pores are increasing.
Meanwhile, there are some new micropores constantly
appearing, this change objectively reflects the microcosmic
change and destruction mechanism of cement mortar during
freeze-thaw cycles.

4.3. Relationship between NMR Characteristics and Its Me-
chanical Properties. -e variation curves of compressive
strength, splitting tensile strength, and magnetic reso-
nance porosity of cement mortar during freeze-thaw
cycles were shown in Figure 6; it can be seen that the

(a) (b)

(c) (d)

Figure 3: Surface changes during freeze-thaw cycles. (a) 25 cycles. (b) 50 cycles. (c) 75 cycles. (d) 100 cycles.

Table 3: Masses of cement mortar after different freeze-thaw
cycles (g).

Groups
Cycles

0 25 50 75 100
A1 715.7 713.9 709.1 703.7 663.9
A2 714.6 712.3 707.2 702.5 658.4
A3 715.8 713.9 710.1 705.5 667.3
Average 715.4 713.4 708.8 703.9 663.2

Table 4: Mechanical parameters of cement mortar during freeze-
thaw cycles (MPa).

Mechanical parameters
Cycles

0 25 50 75 100
Compressive strength
(MPa) 21.385 18.448 18.874 17.875 9.262

Tensile strength (MPa) 2.182 1.789 1.578 1.327 0.346
Elastic modulus (GPa) 0.692 0.803 0.735 0.668 0.270
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nuclear magnetic porosity increased during freeze-thaw
cycles, and there is a tendency to accelerate. While the
tensile strength and compressive strength of the cement
mortar decreased, the rate of decline is accelerating. It

shows the porosity of cement mortar is negatively cor-
related with its tensile strength and compressive strength.
-e internal porosity of the cement mortar has been
expanded after freezing, and its mechanical properties are
gradually decreasing.

Table 5: Spectrum area of cement mortar specimens during freeze-thaw cycles.

Cycles Total spectrum area Proportion of the first
spectral peak area (%)

Proportion of the second
spectral peak area (%)

Proportion of the third
spectral peak area (%)

25 4172 95.72404 4.068485 0.200453
50 4625 95.31089 4.352558 0.328246
75 4982 95.19268 4.612204 0.172329
100 5847 90.6981 8.721188 0.573623
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5. Conclusion

(1) When the cement layered while pouring module
during freeze-thaw cycles, there was a weak side on
the surface that damaged after many freeze-thaw
cycles. As freeze-thaw cycles increased, the quality
of cement mortar gradually decreased and the
compressive strength, crack tensile strength, and
elastic modulus of cement mortar also decreased.

(2) -e NMR technology had been applied to study the
microstructure of cement mortar during the
freeze-thaw cycle for the first time. -e magnetic
resonance T2 spectrum of cement mortar has three
peaks, and the first crest ratio is over 90%, in-
dicating that the internal pores of cement mortar
are mainly microporous. With the increasing of
freeze-thaw cycles, the microporosity inside ce-
ment mortar is gradually enlarged and new pores
are constantly produced.
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Rock masses are heterogeneous materials containing a large number of discontinuities, and the failure of the natural rock mass is
induced by the crack propagation and coalescence of discontinuities, especially for the rock mass around tunnel or underground
space. Because the deformation or failure process of jointed rock mass exhibits strongly nonlinear characteristics, it is also very
difficult to predict the strength and failure modes of the rock mass. ,erefore, it is very necessary to study the failure mechanisms
of jointed rock mass under different stress conditions. Apart from the stress condition, the discontinuities geometry also has a
significant influence on the mechanical behavior of jointed rock mass.,en, substantial, experimental, and numerical efforts have
been devoted to the study of crack initiation, propagation, and coalescence of rock or rock-like specimens containing different
kinds of joints or fissures.,e purpose of this review is to discuss the development and the contribution of the experiment test and
numerical simulation in failure behavior of jointed rock or rock-like specimens. Overall, this review can be classified into three
parts. It begins by briefly explaining the significance of studying these topics. Afterwards, the experimental and numerical studies
on the strength, deformation, and failure characteristics of jointed rock or rock-like materials are carried out and discussed.

1. Introduction

After hundred millions years of geological movements, there
is a large number of discontinuities in natural rockmass.,e
natural rock mass is clearly a kind of heterogeneity material
[1], and the discontinuities have a great influence on the
mechanical behavior of rock mass. In most engineering
cases, such as roadway excavation, rock slope, and pillars in
deep mining activities, there often requires the estimation of
the strength and failure characteristics of a rock mass that
contains a large number of discontinuities [2–5]. And, many
engineering disasters are closely associated with crack ini-
tiation and propagation between preexisting joints (Fig-
ure 1). For example, the collapse of the Malpasset arch dam

(French) results from the crack propagation in rocks of bam
foundation. And, there are also many excavation activities
that have to face with the crack propagation and coalescence
in rock mass. ,en, it is very necessary to investigate the
strength and failure characteristics of jointed rock mass. At
the same time, the crack initiation, propagation, and failure
characteristics are of great interest to engineers and
scientists.

,is review concentrates on experimental techniques for
mechanical behavior of jointed natural rocks or brittle rock-
like materials. All literature available to the authors (in total,
196 references) concerning this topic was extensively
reviewed. ,is review is structured in the following way.
After “Introduction,” the synthesis, analysis, and evaluation
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are discussed in Section 2. In Section 3, the loading tech-
niques are discussed, and for each loading pattern, the
mechanical characteristics of the specimen with different
joint geometry parameters have also been discussed. Section
4 presents widely used numerical simulation techniques for
crack initiation, propagation, and failure process of rock or
rock-like materials. Finally, a brief summary and some
prospective research are presented.

2. Experimental Materials and
Specimen Preparation

In recent years, the failure behavior of jointed rock mass has
been widely studied by scholars, and the experimental test is
the most common way. So far, many types of materials have
been employed for such tests. As we all know, the ideal
material for experiment is the natural rocks. And, there are
many kinds of rocks which have been used in previous
studies, such as granite, sand stone, and marble (Table 1). As
shown in Figure 2, the specimens are made from natural
rocks. ,e fissures in the specimen are open, and the fissure
is produced via high-pressure water-jet cutting method.

Apart from the natural rocks, many kinds of rock-like
materials have also been widely used by scholars, such as
glass [7], Columbia Resin 39 [8], and molded gypsum
[9–16]; the most common among them is gypsum and
cement mortar (Table 1). ,e cement mortar is used be-
cause the main framework of the specimen consists of sand
and cement, and the sand can provide frictional behavior
of the modelling material. ,en, the cement mortar is
suitable for modelling rock mass. Compared to the cement
mortar, the frictional behavior on the failure plane is
inapparent.

For most rock-like material specimens, the fissure or
joint was mainly handcrafted. In Figures 3(a)–3(c), the open
fissure in PMMA, gypsum, and cement mortar specimen are
shown, respectively. In the specimen preparation, preex-
isting fissures are created by inserting metal sheets into the
fresh mixture at the desired locations of the fissures and
removing them after rock-like materials become hardened.

At the same time, in the previous studies, the closed
fissure or joint can also be created by scholars through

different ways. In Figure 4(a), the ubiquitous joints created
by inserting mica sheets into fresh cement mortar are shown
[20]. ,e mica sheet has also been used by other scholars to
investigate the failure characteristics of jointed rock mass
[21]. Because of the strength of the mica sheet and relatively
low interface between mica sheet and mortar, the mica sheet
is suitable for modelling the joints which can be filled up
with clay. In Figure 4(b), the closed fissure created by
inserting steel sheets into the mortar is shown [22]. During
preparation process, the steel sheets were removed carefully
after about 3± 5min of curing, and then, further expansion
of the plaster mixture during curing closed the slots, thereby
creating preexisting cracks with closed surfaces. And, to
obtain a crack surface with different roughness, three kinds
of roughness of the stainless steel sheets were used. Like the
fissure shown in Figure 4(c), the plat closed fissure is created
by inserting a video tape strip [23]. ,e video tape strips are
pulled out of the mold 30min after vibration, and the
gypsum is soft enough and can expand to fill the gap left
behind by the strips. Moreover, instead of pull out, some
scholars also attempt to create closed joint via the left behind
the galvanized sheets in themixture [24]. Actually, the stiff of
galvanized sheet is far below the rock-like material. Because
the interface is relatively smooth, the slide effect on the
interface is also obvious; it is similar to the mica sheet-
mortar interface.

3. Failure Characteristics of Jointed Rocks or
Rock-Like Materials under Different
Loading Methods

3.1. Uniaxial Compressive Loading. ,e uniaxial compres-
sive loading is the most common load mode in previous
works. And, in many engineering cases, the rockmass failure
occurs from the crack coalescence under axial loading. In
Figure 5, the pillar failure from the coalescence between two
inclined fissures is shown. It is clear that the preexisting
fissure has a great influence on the strength, deformation,
and failure characteristics of rock mass. In order to better
understand the failure process of engineering rock masses,
experimental studies have focused on the jointed specimens
that contain preexisting joints.

(a) (b)

Figure 1: Discontinuities in rock engineering. (a) Joints in rock slope. (b) Joints in pillars [6].
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For the specimen with single joint or fissure, under
uniaxial loading, two types of cracks will initiate from the
preexisting fissure, namely, wing and secondary cracks
[7, 28, 40, 92, 101, 102]. With further loading, new cracks
propagate and reach the edge of the specimen and result in
overall failure. In Figure 6, the various crack types initiated
from the preexisting flaws identified by Yang et al. [28] and
Wong and Einstein [43] are shown. Furthermore, substantial
experimental efforts have illustrated cracks with similar
characteristics in the specimens with single fissure
[10, 11, 34, 77, 78, 99, 103–105].

Apart from the single joint, the coalescence pattern be-
tween cracks has been investigated via experiment tests as
well. For a specimen containing two or three fractures, some
studies focused on crack coalescence between parallel frac-
tures [12, 14, 18, 22, 23, 40, 82, 101, 106–112]. In Figures 7(b)
and 7(c), the experimental results from Wong and Einstein
[15] and Sagong and Bobet [14] are shown, respectively.
Wong and Chau [22] presented nine types of coalescence
pattern between two parallel fissures (Figure 7(c)). Overall,
the coalescence pattern mainly concentrates on tensile pat-
tern, shear pattern, andmixed pattern. For the tensile or shear
pattern, the coalescence results from the tensile or shear crack
propagation and linkage. However, for the mixed pattern, it is
the combination of tensile and shear crack. At the same time,
there are many kinds of combinations.

For the unparallel fissures, Lee and Jeon [17] investigated
the penetration mode between two unparallel fissures by using
PMMA, Hwangdeung granite, and Diastone. ,e unparallel
fissures were created through the water-jet system. ,e
unparallel fissure is the combination of a horizontal fissure and
an inclined fissure underneath, and the inclined fissure had an
inclination angle of 30°–90° in 15° intervals. Under uniaxial
compressive loading, coalescence occurred mainly through the
tensile cracks or tensile and shear cracks (Figure 8). In addition,
the crack initiation and coalescence stresses were analysed.,e
results indicated that the shielding effect of the horizontal
fissure plays an important role in the stresses, and the stresses
reached a critical point when the inclination angle is 60°.

Except for the literatures mentioned above, there are
also laboratory tests conducted by other scholars to in-
vestigate the failure behavior of the specimen with
unparallel fissures. Zhang et al. [69] studied crack

Table 1: Major materials for the specimen in testing the failure behavior of jointed rocks.

Specimen material Fissure type References

Natural rocks

Granite Open Lee and Jeon [17]; Morgan et al. [25]; Yin et al. [26]; Yin et al. [27];

Sandstone Open Yang [18, 28–31]; Petit and Barquins [32]; Lu et al. [33]; Wang et al. [34];
Wei [35–37]; Fan [38]

Closed Da Huang et al. [39];

Marble Open
Li et al. [40]; Brooks et al. [41]; Yang et al. [42]; Wong and Einstein
[15, 16, 43]; Cheng et al. [44]; Chen et al. [45]; Wong RHC et al. [46];

Ferrero et al. [47]; Xeidakis et al. [48]; Migliazza et al. [49]
Diastone Open Lee and Jeon [17]

Opalinus shale Open Morgan and Einstein [50]
Limestone Open Ingraffea and Heuze [51]

Cement mortar Open

Prudencio and Jan [52]; Cao et al. [19]; Cao et al. [53, 54]; Liu [55]; Feng
[56, 57]; Zhao et al. [58]; Jin et al. [59]; Omer [60, 61]; Hadi Haeri et al.
[62]; Liu [63]; Huang et al. [64]; Jin [65]; Liu et al. [66]; Sarfarazi et al.

[67]; Ghazvinian et al. [68]; Zhang et al. [69]
Closed Wasantha et al. [70]; Cao et al. [20, 71–74]; Zhang et al. [21]; Lin [75, 76]

Gypsum
Open

Bobet [77]; Bobet and Einstein [11]; Park and Bobet [23]; Sagong and
Bobet [14, 78]; Shen [10]; Liu et al. [79]; Yang et al. [80]; Cheng et al. [81];
Zhou et al. [82]; Wong and Einstein [15, 16, 43]; Reyes and Einstein [13];

Gehle and Kutter [83]; Eleni and ,eodoros [84]

Closed Park and Bobet [23, 85]; Shen [10]; Wong and Chou [22]; Kulatilake et al.
[24]; Wong et al. [86]; Einstein and Jeng [87]; Chen et al. [88]

PMMA Open Lee and Jeon [17]; Huang and Wong [89, 90]; Canon [91]

Resin Open Dyskin et al. [92]; Sahouryeh et al. [93]; Guo et al. [94]
Closed Tang et al. [95]; Ju et al. [96]; Dyskin [92, 97]; Fu et al. [98]

Glass Open Bieniawski [99]; Hoek and Bieniawski [7]; Brace and Bombolakis [100];

(a) (b)

Figure 2: Jointed specimens are made of natural rocks.
(a) Hwangdeung granite [17]. (b) Sand stone [18].
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coalescence between two nonparallel flaws; five types of
linkage were observed between two flaws: tensile crack
linkage, tensile crack linkage with shear coalescence at the
tip, shear crack linkage, mixed linkage, and indirect crack
linkage. Using photographic monitoring and acoustic
emissions monitoring techniques, Yang et al. [113] in-
vestigated the relationship between the real-time crack
coalescence process and axial stress-time behavior for red
sandstone containing two unparallel fissures.

In addition to studies on parallel or unparallel fractures,
the mechanical behavior of multifissure specimens under
uniaxial loading are also well discussed in the literature. As
mentioned above, two types of cracks initiated from the tips
of fissure. With further loading, new cracks propagate and
link with others to form overall failure. In the previous
studies, many kinds of joint geometry are also considered,
such as joint inclination angel [53, 71, 80, 88], joint distance
[53, 71, 80, 88], and overlap distance [88]. Cao et al. [53]

(a)

(i)

(b) (c)

Figure 3: Open fissures in rock-like material specimens. (a) PMMA [17]. (b) Gypsum [15]. (c) Cement mortar [19].

(a)
S-30-30

(b)
(a) (b)

(c) (d)

Figure 4: Closed fissures created by different kinds of methods. (a) Mica sheet [20]. (b) Steel sheets [22]. (c) Video tape strip [23].
(d) Galvanized sheets [24].
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conducted laboratory tests on physical models of rock with
nonpersistent joints. ,e specimen is made of cement
mortar, and the dimensions (height × width × thickness) are
200 × 150 × 30mm.,e preexisting fissures in the specimens
are created by inserting metal shims into the fresh mortar
and removing it after it becomes hardened. ,ere are four
kinds of inclination angles in the specimen: 25°, 45°, 75°, and
90°. And, for each angle, the fissure number varied from 5 to
20 at 5-unit increments. ,e experimental test results in-
dicated that the strength of the specimen increases with the
increasing of the joint inclination angle and decreases with
the increasing of the fissure number. Moreover, the failure
modes of specimens can be classified into four categories:
mixed failure, stepped path failure, Shearing failure, and
intact failure (Figure 9).

For the specimen with different inclination, Yang’s [88]
result indicates that the jointed rock mass is in significant
dependence of the joint orientation, and four kinds of failure
modes are identified: tensile failure across the joint plane,
shear failure along the joint plane, tensile failure along the

joint plane, and intact material failure. For the ubiquitous
joint, Cao et al. [20] identified four types of failure pattern
through experimentation on rock-like specimens, the failure
patterns of the multiple jointed specimen including stepped
path failure, planar failure, shear-I failure, and shear-II
failure (Figure 10).

3.2. Biaxial and Triaxial Loading. As mentioned above, the
failure process of jointed rocks or rock-like materials has been
fully investigated by scholars. However, the confining pres-
sure also has a great influence on the mechanical behavior of
jointed rock mass. For the failure behavior considering a
confining pressure, experimental studies have been conducted
via biaxial or triaxial loading. Bobet and Einstein [11] in-
vestigated the fracture coalescence in the gypsum specimen
with two open or closed preexisting fissures under biaxial
compression. ,e tests showed wing cracks appeared under
unconfined and slightly confined compressive loads and
disappeared entirely at high confining stresses. Mughieda and

Figure 5: Coalescence along two angular discontinuities in pillar fissure [6].
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Figure 6: Various crack types initiated from the preexisting flaws identified by scholars. (a) Yang, 2011 [18]. (b) Wong, 2009 [43].
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Figure 7: Continued.
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Karasneh [61] investigated the coalescence mode between
cracks through a series of biaxial compression tests on rock-
like specimens. ,e dimensions (height × width × thickness)
of each specimen are 63.5 × 27.9 × 20.3 cm (Figure 11). ,e
geometry parameters of preexisting joints include joint in-
clination angle α and bridge inclination angle β; three kinds of
lateral stress were used: 0.35MPa, 0.7MPa, and 1.5MPa on
each specimen. Under biaxial loading, three types of co-
alescence modes were observed between preexisting joints:
tensile, shear, and tensile + shear coalescence.

Prudencio and Jan [52] carried out biaxial experiments
on rock-like specimens containing multifissures; the di-
mensions (height × width × thickness) of each specimen are
300 × 150 × 50mm. Four kinds of joint geometry parameters
were considered: persistence (k), spacing (Lr/d), dip angle
(β), and angle of overlap (c). ,e experimental results
showed three basic failure modes: failure through a planar
surface, stepped failure, and failure by the rotation of new
blocks (Figure 12). Furthermore, the strength and de-
formation of the jointed specimen are related to the failure
mode. To be specific, the specimen with planar failure and
stepped failure exhibits higher strength and small failure
strain. However, the rotational failure mode is associated
with low strength and large deformation.

For the triaxial compression, there are mainly two types
of loading methods, through either a pressure or displace-
ment boundary condition [114]. As shown in Figure 13, for
the conventional triaxial test, the specimen is cylindrical and

has been put inside a pressure chamber and isotropically
loaded by hydrostatic pressure using various confining fluids
(e.g., air, water, and hydraulic oil).

Huang et al. [39] conducted conventional triaxial
compression experiments on sandstone specimens with two
closed nonoverlapping fissures. As shown in Figure 14, four
types of sandstone specimens were tested. Moreover, in
order to form closed fissures, the mixture of water, cement,
and sand has been used to fill up the open fissures. ,e test
results show that the arrangement of the fissure has a sig-
nificant influence on the deformation, strength, and failure
pattern of the specimen. Compared with the stress-strain
curves of the intact specimen (Type A in Figure 14), the post-
peak curves obtain from the precracked rock specimens
exhibit obvious fluctuation, especially for Type D in Figure 14.
For the Type B, the stress-strain curves exhibit Z-shape
characteristics and show a double-peak stress. Moreover, the
influence of fissure geometry is greater than that of confining
pressure. In addition, the stress for crack initiation, dilation,
and the peak strength of jointed sandstone specimens is
significantly lower than that of intact rock.

Using a combination of experiments and PFC (3D), Hang
et al. [115] investigated the internal damage behavior of rock
under conventional triaxial compression tests. As shown in
Figure 15, there are two unparallel fissures in the cylindrical
specimens (50mm diameter and 100mm height). And, four
kinds of confining pressures have been considered: 0MPa,
5MPa, 15MPa, and 25MPa. ,e results show that the crack

Type Le� stepping Type Right stepping Coalescence cracks

Type I:
quasi-coplanar secondary cracks

Type VI:
oblique secondary cracks and wing crack

Type II:
Quasi-coplanar secondary cracks and
out of plane tensile secondary crack

Type VII:
Oblique secondary cracks and

out of plane tensile secondary crack

Type III:
Quasi-coplanar secondary crack and

wing crack
Type VIII:

Oblique secondary cracks

Type IV:
Wing crack

Type IX:
Oblique secondary crack and

quasi-coplanar secondary crack

Type V:
Quasi-coplanar secondary crack and
out of plane secondary shear crack

I

II

III

IV

VI

VII

VIII

IX

V

(c)

Figure 7: Classification of the coalescence types in the previous studies. (a) Wong and Chau [22]. (b) Wong and Einstein [15]. (c) Sagong
and Bobet [14].
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evolution and failure characteristics are dependent on the
fissure geometry and confining pressure. At the same time,
when the confining pressure is low, the failure mode of the
specimen is mainly affected by fissure geometry. When the
confining pressure is high, the effect of confining pressure on
the failure mode is greater than that of fissure geometry.

However, for the true triaxial compression, there are few
studies focused on the specimen with fissure or joint. Most of
the literatures concentrated on the mechanical behavior of
intact rocks under true triaxial compression. Chen and Feng
[116] carried out true triaxial unloading tests on new granite
specimens, and the rock triaxial strength has also been
discussed. With unloading, the minor principal stress, Du
et al. [117] investigated true triaxial strength and failure
modes of cubic rock specimens (Figure 16). ,e triaxial tests

have been carried on granite, sandstone, and cement mortar
cubic specimens. Under true triaxial unloading condition,
the test results show that both the strength and failure modes
of cubic rock specimens are affected by the intermediate
principal stress.,e end effect of specimen seems not to play
an important role in strength and failure modes of cubic
specimen under triaxial tests. For the hard rock, when σ2
increases to a critical value, the fracture angle of the spec-
imen may change from shear to slabbing failure. However,
for medium strong and weak rocks, they exhibit shear failure
with a large amount of plastic deformation.

3.3. Tension Loading. For the tension loading, there are two
types of standard methods: direct tension [118, 119] and
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Figure 8: Sketch of the observed cracks around the bridge area in the Diastone specimens [17].
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indirect tension [119, 120] tests. And, these two kinds of
methods were suggested by the ISRM and ASTM for de-
termining the quasistatic tensile strength of rock materials.
For the crack initiation under tension loading, the Brazilian

tensile test is the most common in previous works. Khanlari
et al. [121] conducted Brazilian tensile tests on laminated
sandstone to investigate the tensile strength and failure
pattern of jointed rock mass under tension loading. Li et al.
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S mode
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S mode
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Failure plane
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surface spalling
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Figure 9: Crack coalescence in different failure modes [53]. (a) Mixed failure. (b) Shearing failure. (c) Stepped path failure. (d) Intact failure.

(a) (b)

(c) (d)

Figure 10: Crack coalescence in different failure modes [20]. (a) Stepped path failure. (b) Planar failure. (c) Shear-I failure. (d) Shear-II
failure.
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Figure 11: (a) Geometry of the specimens and (b) biaxial testing equipment setup [61].
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Figure 12: Observed failure modes under biaxial loading. (a) ,rough a plane. (b) Stepped. (c) Rotation of new blocks. (d) Interaction
between rotation and stepped [52].
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Figure 13: Two types of designs for triaxial compression tests. (a) Conventional triaxial compression. (b) True triaxial compression.
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Figure 15: Specimen containing two unparallel fissures. (a) Laboratory rock-like material specimen. (b) PFC3D model and fissure surface.
(c) Fissure geometry and loading condition [115].
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[122] investigated the effects of loading direction on failure
load and failure modes for Brazilian tests on jointed coal
rock. Using a combination of experiments and numerical
simulation, Haeri et al. [62] investigated the crack propa-
gation and coalescence in rock-like disks. ,ere are two
kinds of jointed specimen made by inserting thin metal slim
into the fresh mortar. For the specimen with a single crack,
the width and thickness of the crack are 30mm and 1mm,
respectively. And, the inclination of preexisting crack is 0°,
15°, 30°, 45°, 60°, and 90°. For the double-cracked specimens,
the width and thickness of the crack are 20mm and 1mm,
respectively. One crack at the horizontal, and another is
oriented at different angles with respect to the horizontal (0°,
30°, 60°, and 90°). ,e test result shows that the crack ori-
entation has a great influence on the failure load.In Fig-
ure 17, the failure patterns for precracked specimens under
the Brazilian tensile test are shown. For the crack initiation,
the fissure orientation has a significant influence on the
crack initiation angle. And, the coalescence mode between
the fissures is mainly tensile mode.

Compared to the indirect tension test, because of the
misalignment and stress concentration during the test, the
direct tension tests are difficult to perform. But, there are few
people who used this method to investigate the failure be-
havior of jointed rocks or rock-like materials. Yang et al. [123]
conducted uniaxial tension experiments on precracked rock-
like specimens (Figure 18); the strength and failure behavior
of specimen have been analyzed and discussed. ,e results
indicated that crack geometry parameters including crack dip
angle, crack spacing, and crack intensity, have significant
influence on the strength and failure modes of the samples.

3.4. Shear Loading. As mentioned above, the crack initia-
tion, propagation, and failure characteristics of jointed rock
or rock-like specimens have been investigated by many
scholars. Compared with the compressive tests, relatively
few experiments were done to investigate the pattern of
crack coalescence under direct shear loading [67, 68,
83, 84, 124–129]. Under shear loading, the failure behavior
of jointed rock mass is different from that under com-
pression. Lajtai [124, 125] conducted direct shear testing on
rock-like specimen with nonpersistent fissures, and the test
result indicated that the failure mode changes with

increasing normal stress. At the same time, he also proposed
a composite failure envelope to describe the changes of
strength. Savilahti et al. [126] also investigated the failure
behavior of jointed rock-like specimen under direct shear
loading, and the influence of joint separation and over-
lapping on failure behavior of the jointed specimen have
been analyzed. Sarfarazi et al. [67] has studied the effect of
joint overlap on the full failure behavior of a rock bridge in
the direct shear test via combination of the experimental test
and numerical simulation. Four kinds of specimens have
been tested; all of the ligament length are kept at 45mm and
the ligament angle is 0°, 25°, 90°, and 115°, respectively.
During testing, the normal stress was set at 0.1MPa, and the
test results show that the failure stress decrease with in-
creasing of the ligament angle. In Figure 19, the failure
modes for specimen with different ligament angles and most
of the specimen failure from the propagation of tensile crack
are shown.

For the failure characteristics of the specimen with
multifissures under direct shear loading, the breakage and
shear behavior of intermittent joints (Figure 20) have been
investigated by Gehle and Kutter [83]. ,e results show that
the failure of specimen can be divided into three phases; both
the geometrical parameters and loading conditions have
been found to influence the activated shear resistance in each
phase. Moreover, the mechanisms which govern the dif-
ferent shear phases could be identified as (1) tensile rup-
turing, (2) rolling and sliding friction of dilatant joint zones,
and (3) sliding within the joint filling composed of brec-
ciated material.

Apart from the direct shear loading, there is another shear
test method, namely, restrictive shear test. In this loading, the
compressive load and shear load on the specimen increases
with the increasing of the load P. It can be used to investigate
the failure process of jointed rock mass in compressive and
shear environment, especially for the rock mass in rock slope.
In Figure 21, the stepped failure in rock slope is shown.

Actually, there are relatively few scholars who conducted
experiments to investigate the failure process of jointed rock
mass under restrictive shear loading. Zhang et al. [21] has
investigated the mechanical behavior of rock-like specimen
mixed flaw, and the strength, fragmentation, and fractal
properties have been discussed. For the mixed flaws, the
length of edge-notched flaw and imbedded flaw is 10 and
30mm, respectively. ,e inclination of imbedded flaw
changes from 0° to 90° with an increment of 15°. Moreover,
with two kinds of shear angle (45° and 60°), the jointed
specimen are loaded under compressive-shear loading until
failure. Based on the experimental results, three different
patterns of tensile cracks and shear cracks are observed
(Figure 22). At the same time, it has been found that the
shear strength is a function of the flaw geometry and the
shear-normal stress ratio.

3.5. Cycle Loading. Recently, for the cycle loading, most
studies in the literature have focused on the mechanical
behavior of intact rocks or rock-like materials under cyclic
loadings. Based on the experimental tests, the hysteresis of

Figure 16: TRW-3000 true triaxial hydraulic servocontrolled rock
test system [117].
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the stress-strain curve has been revealed [131–134]. At the
same time, the fatigue strength and deformation of the intact
specimen have also been investigated by scholars, and the
results indicated that the dynamic strength and elastic
modulus decrease exponentially with the increase of cycles
[135–139].

As mentioned above, the joint or preexisting fissure has a
significant influence on the failure behavior of rock mass.
,e dynamic response of jointed rocks will be different from
their static properties, and the mechanical behavior of

jointed rock mass has also been investigated by scholars. ,e
previous studies [140–142] reported that jointed rock mass
are very sensitive to the cyclic loading and the joint con-
firmation has a significant influence on the dynamic strength
and deformation behavior. Erarslan and Williams [143]
conducted the static and cyclic loading test on inclined
cracked chevron notched Brazilian disc (CCNBD) speci-
mens, and the experimental results show that the failure
load obtained through cyclic loading decreased between 30
and 45% compared with those in static loading. Liu et al.

(a) (b) (c)

(d) (e) (f)

(a) (b) (c) (d)

Figure 17: Experimental results illustrating the coalescence path of rock-like disk specimens containing double cracks [62].

(a) Horizontal crack (α = 0°) (b) Inclined crack (α = 45°)

(a)

(a) d/2a = 0.25:
crack coalescence

(b) d/2a = 1.25:
growth of one crack

(b)

Figure 18: Failure sections of samples with single cracks: (1) initial crack; (2) wing crack; (3) lateral extension [123]. (a) Specimen with single
crack. (b) Specimen with two cracks.

(a) (b) (c) (d)

Figure 19: Crack patterns for ligament angles of (a) 0°, (b) 25°, (c) 90°, and (d) 115° [67].
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[63] performed the cyclic uniaxial compression test on
jointed rock-like specimens, and the influence of joint
geometric parameters such as dip angle, persistency,
density, and spacing on mechanical properties of in-
termittent jointed specimen have been investigated. ,e
test result indicated that the stress-strain curve of jointed

rock under cyclic loadings is dominated by its curve under
monotonic uniaxial loadings. At the same time, under
cyclic loading, two types of cracks were observed in the
jointed specimen. To be specific, shear cracks mainly occur
in the specimen with higher joint inclination angle or
higher persistency.
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Figure 22: Restrictive shear test, failure patterns, and peak shear strength of jointed specimen [21]. (a) Layout of the loading system.
(b) Patterns of crack propagation and coalescence.

Figure 20: Rotating mechanism of the rock bridges in the second phase of shearing [83].
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Figure 21: Photographs of step-path failure in the reservoir slopes of the Xiaowan hydroelectric station, China (Huang et al. [130]).
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4. Numerical Simulation

Compared with the in situ test and laboratory test, the
numerical simulation is an economical and practical method
to simulate the failure process of jointed rock masses. In
recent years, many numerical methods have been widely
used in rock mechanics and rock engineering. ,ese include
the FEM or XFEM [144–151], DDA [152–155], NMM
[156–158], smoothed particle hydrodynamics [159–162],
and PFC [17, 163–172]. Overall, most of the numerical
results show good agreement with experimental results.

4.1. FEM or XFEM. Based on the finite element method
(FEM) and nonlinear dynamics method, Li and Wong [173]
has investigated the influence of inclination angle and
loading condition on crack initiation and propagation. ,e
numerical results indicated that the loading condition has
influence on crack initiation sequences and the overall crack
pattern. Under a relatively low loading rate or a small
magnitude of maximum loading pressure, tensile crack
appears first. However, under a relatively high loading rate
and a large magnitude of maximum loading pressure, shear
crack would occur first (Figure 23).

For the closed fissure, Xie et al. [174] used XFEM to
investigate the crack initiation and propagation in rock-like
material with closed fissure under uniaxial compression.,e
numerical simulation results show that (1) for the specimen
with inclination angles 30° and 45°, minor effects are exerted
by crack surface friction on the stress distribution around the
fissures, and the effect are much more obvious when in-
clination angle is 60° (Figure 24); (2) when the inclination
angle is 45°, it is the most favorable value for crack prop-
agation; (3) the friction seems only to play a minor role on
the initiation location and angle of the wing cracks, but the
friction has a great influence on the propagation length.

RFPA2D is developed by Northeastern University, Peo-
ple’s Republic of China, and it can be used to model the
evolution of damage in brittle materials by allowing the linear
elastic elements to fail in a brittle manner. In recent years, this
method has been used for modelling progressive failure in
rocks or jointed rock-like materials. Based on RFPA2D, Tang
and Kou [145] presented two particular cases concerning
crack propagation and coalescence in brittle materials (the
model containing a row of small flaws and several larger flaws
and the model containing randomly distributed homogene-
ities as shown in Figure 25). ,e numerical results show that,
under axial compression, wing crack occurs at the tips of the
preexisting flaws, and propagation occurs along with the
direction of maximum far-field compression. At the same
time, the coalescence between preexisting flaws may be in
tensile, shear, and combination of tensile/shear pattern. With
a confining pressure, the crack becomes stable. However,
lateral tensile stress has a significant influence on the crack
growth; even a small value will result in unstable growth. For
the specimen containing homogeneities on a grain scale, the
numerical results indicated that the failure characteristics
strongly depend on the mechanical and geometric properties
of the grains and inclusions. For the failure behavior of the

jointed specimen under axial compression, Tang et al. also
conducted similar numerical studies through RFPA2D, such
as crack coalescence in rock-like materials containing three
flaws [108]; the numerical results also show qualitatively a
reasonably good agreement with reported experimental re-
sults. Wong et al. [175] conducted numerical simulation by
using RFPA2D to investigate the splitting failure in brittle
rocks containing open joints under uniaxial compressive
loading. And, the influence of preexisting joint length on wing
crack growth has been studied.

Apart from the axial compression, RFPA2D can also be
used to investigate the failure process of the jointed
specimen under shear loading. Zhang et al. [176] has in-
vestigated the shear behavior of rock specimens with
several intermittent joints (Figure 26). Based on the nu-
merical simulation, the whole failure process and the
failure patterns are observed. For the failure pattern under
shear loading, it is mostly affected by joint geometry pa-
rameters, and the shear strength of the specimen is related
to the failure pattern. Moreover, both the joint separation
and azimuth angle have influence on the wing crack
propagation, and the wing crack dominates the overall
failure of the specimen. Furthermore, the results also show
that the macroshear crack is the result from the accumu-
lation of microtensile damage.

Da Huang et al. [31] used the ANSYS AUTODYN-2D
and investigated the crack initiation and propagation in
three types of precracked sandstone specimens under
conventional triaxial compression. In Figure 27, the com-
parison between numerical and experimental results is
shown.,e coalescence pattern in numerical results shows a
great agreement with that in experimental results. ,e result
also indicated that the crack initiation stress, critical stress of
dilation, and peak strength for precracked specimens are far
below than those in intact rocks. At the same time, all of
them increase with the confining pressure.

4.2.DEM. In recent years, the DEM has been widely used by
scholars to model the failure process of the jointed rocks or
brittle rock-like materials. DEM has experienced decades of
development, and many kinds of DEM software have sprung
up in recent years, such as PFC2D/3D, UDEC, and 3DEC.
For crack initiation and propagation, the PFC has been
widely accepted by scholars, and the numerical results show
a great agreement with the experimental results.

Based on the parallel bond model in PFC2D, Zhang et al.
[177] has investigated the crack initiation and propagation
under uniaxial compressive loading. ,e numerical simula-
tion result shows that the inclination of joint has a strong
influence on the crack initiation and propagation behavior.
And, by analyzing the parallel bond forces and displacement
fields, the crack initiation location has been identified.
Moreover, two types of displacement fields, namely, type I
(DF_I) and type II (DF_II), have been proposed to distinguish
the tensile crack and shear crack (Figure 28). In Figure 19, two
displacement field types associated with different micro-
cracking processes are shown. For the type I (DF_I), if the two
displacement trend lines diverged from each other and there
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was very limited relative shear movement, relative tensile
displacement occurred dominantly in the region in between.
For the type II (DF_I), if the two displacement trend lines

exhibited both a relative tensile displacement and a shear
displacement in the region in between. Based on the parallel
bond model, the crack initiation, propagation, and

(a)

(b)

Figure 23: Initiation and propagation of cracks under different loading rates [173]. (a) A relatively low loading rate. (b) A high loading rate.
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Figure 24: Crack surface shear force. Flaw inclination angle: (a) 30°; (b) 45°; (c) 60° [174].
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coalescence in between two fissures have been further in-
vestigated by Zhang et al. [111]. Lee and Jeon [17] have in-
vestigated the crack initiation, propagation, and coalescence
between unparallel fissures under uniaxial compression. ,e
relationship between crack initiation, coalescence, and failure
stress and fissure inclination angle in the single and double
crack has been analysed.

Apart from the specimen with open or closed fissure, the
failure characteristic of multifissure specimen has also been
extensively discussed in literatures. Cao et al. [53] used the
PFC2D to model the failure behavior of multifissure
specimen under uniaxial compression, and the fissure

geometry parameters such as inclination (α) and fusser
number (Nf ) have been taken into consideration. Based on
the numerical results, the influence of fissure geometry on
peak strength of multifissure specimen has been discussed.
To be specific, the peak strength increased with increasing
of inclination angle. ,e material strength was lowest for
inclination angle 25°, and highest for 90°. ,e influence of
Nf on the peak strength depended on α. For α� 25° and 45°,
Nf had a strong effect on the peak strength, while for higher
α values, especially for the 90° sample, there were no
obvious changes in peak strength with different Nf values.
At the same time, the failure modes in the simulated re-
sults also agree very well with those in experimental
results.

Fan et al. [172] usd the PFC3D to investigate the mac-
romechanical behavior of jointed blocks with multi-
nonpersistent joints under uniaxial loading (Figure 29). ,e
effect of joint inclination, size, and joint mechanical properties
on the strength, deformability, stress-strain, and failure modes
have been studied. ,e simulation results indicated that the
joint particle stiffness only play a minor to a significant role on
peak strength depending on inclination and joint density. And,
the joint particle stiffness plays a negligible role on de-
formationmodulus depending on inclination and joint density
value. For the stress-strain curves, they can be further classified
into four types. Moreover, the failure modes such as (1)
splitting failure; (2) plane failure; (3) stepped path; and (4)
intact material failure occurring in numerical results also agree
well with those in experimental results.

By use of numerical direct shear tests (PFC2D),
Sarfarazi et al. [67] has investigated the effect of joint
overlap on the failure process of the jointed specimen. In
Figure 30, the planar nonpersistent joints and en echelon

(a) (b)

Figure 25: ,e numerical models for the simulations. Model containing (a) a row of small flaws and several larger flaws and (b) randomly
distributed homogeneities [145].
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Figure 26: ,e example of numerical specimen under direct shear
loading condition (Zhang et al.) [176].
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nonpersistent joints in the numerical specimen are shown.
,e ligament angle is 0°, 25°, 90°, 115°, and 140°, and the
ligament length is kept constant for all specimens (18mm).
Moreover, the lengths of the edge-notched joints are 21,
21.8, 24.2, 33.8, and 36.9mm for ligament angles of 0°, 25°,
50°, 90°, 115°, and 140°, respectively. ,e simulation results
indicated that the rock bridge lost their capacity when
nearly 50 % of total cracks developed within the rock
bridge. Furthermore, the simulation results also show that
the macroshear failure in rock-bridge results from the
cluster of microtensile cracks.

Based on the discrete element software UDEC, Vergara
et al. [178] studied the mechanical behavior of rock con-
taining parallel nonpersistent joint (Figure 31). And, the
results indicated the large anisotropy in the strength
resulting from variation of the joint orientation and lower
strength of the specimens was caused by the coalescence of
fractures belonging to parallel joint sets.

Jin et al. [179] used 3DEC software to simulate the
anisotropic mechanical behaviors of columnar jointed basalt

under compression (Figure 32). ,e results show that, with
different primary joint angles, the jointed specimen exhibits
different mechanical properties under the presence of
confining pressure. ,e primary joints play an important
role on the anisotropy of the jointed specimen. At the same
time, it is found that increasing confining pressure can
reduce the influence of columnar joints on the anisotropy of
mechanical properties obviously.

4.3. FEM-DEM. As a kind of heterogeneity material,
natural rocks containing fracture and the fragmentation
processes limit the applicability of continuum-based
models to model the failure behavior of natural rock
mass in rock engineering. In order to resolve or improve
these limitations, Munjiza et al. [180] proposed the finite-
discrete element method (FEM-DEM). For the FEM-DEM
method, the discrete element has been discretised into
finite elements. It is indicated that there is a finite element
mesh associated with each discrete element. ,en, the

(a)

(b)

(c)

Figure 27: Comparison between numerical (ANSYS AUTODYN-2D) and experimental results [39].
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continuum behavior is calculated through finite elements,
and discontinuum behavior is considered based on dis-
crete elements. ,e FEM-DEM method has also been used

by scholars to investigate the failure process of jointed
rocks under different kinds of loading conditions
[181–184].
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Figure 28:,ree displacement field types defined by displacement trend lines. (a) Type I displacement field (DF_I). (b) Type II displacement
field (DF_II). (c) Type III displacement field (DF_III) [177].

(a) (b)

(c) (d)

Figure 29: Failure mode comparisons between experimental and numerical results. (a) Splitting failure mode. (b) Plane failure mode.
(c) Step-path failure mode. (d) Intact material failure mode [172].
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For example, Lisjak et al. [182] used the finite-discrete
element method (FEM/DEM) to model the mechanical
behavior of layered materials (Figure 33), and the results also
demonstrated the effectiveness of the finite-discrete element
method in simulating the short-termmechanical response of
the Opalinus clay.

4.4.OtherNumericalMethods. ,e Fast Lagrangian Analysis
of Continua 3D (FLAC3D) has also been used by scholars to
investigate the crack initiation and propagation in jointed
rocks or rock-like materials [98, 185–188]. For example,
based on the FLAC3D, Fu et al. [98] proposed a new kind of
elastic-brittle model to model the crack initiation and
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Figure 30: (a) Planar nonpersistent joints and (b) en echelon nonpersistent joints [67].
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Figure 31: (a) Specimen modeled with UDEC including fictitious and preexisting (nonpersistent) joints with β� 30°. (b) Geometrical
parameters of the nonpersistent joints and direction of the principal stresses [178].
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Figure 32: 3DEC models of columnar jointed basalt with different joint dip angles [179].
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Figure 33: Simulated fracture patterns of the (a) P-sample and (b) S-sample for increasing confining pressure values [182].
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Figure 34: Continued.
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Figure 34: 3D views of the crack propagation process under uniaxial (a) and biaxial (b) loading [98].
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Figure 35: Comparison of crack growth paths in the sandstone samples containing three preexisting flaws with the different ligament angle
β2 obtained from the proposed numerical method and the previous experimental results [29]. (a) 75°. (b) 90°. (c) 105°. (d) 120° [189].
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propagation of 3D fissure. ,e uniaxial and biaxial nu-
merical results show an excellent consistency with experi-
ment results. In Figures 34(a) and 34(b), the 3D views of the
crack propagation process under uniaxial loading and bi-
axial loading, respectively, are shown. To be specific, under
uniaxial loading, secondary cracks are all wing cracks and
formed at both ends of the precrack’s major axis. Under
biaxial loading, (the lateral stress is 20% of the peak stress), a
few antiwing cracks appear. Accordingly, only in high lateral
stress, antiwing cracks will appear.

Combined withmaximum tensile stress criterion and the
Mohr–Coulomb criterion, the extended nonordinary state-
based peridynamics has been used for modelling the initi-
ation, propagation, and coalescence of the jointed rocks
under compressive loads by Wang et al. [189–196]. Different
types of cracks includes wing crack, oblique secondary crack,
quasi-coplanar secondary crack, and antiwing crack are
modeled and distinguished by the proposed method, and the
numerical results show a great agreement with the previous
experimental ones (Figure 35).

Pramanik and Deb et al. [161] used a kind of method-
ology which is developed in the SPH framework to in-
vestigate the failure behavior of rock material containing
multiple discontinuities or joints. In this method, the joint is
represented by a set of particles at the location of the joints.
At the same time, based on the Drucker–Prager yield cri-
terion, the free-sip, no-sip, and symmetric boundary con-
ditions are also implemented in this method. In Figure 36
the failure mode of the specimen with different joint in-
clination is shown, and the numerical results are in good
agreement with derived theoretical results. ,e efficacy of
the numerical method is successfully demonstrated by two
samples under uniaxial and gravitational loading conditions.
Moreover, this method also has shown promises to model
the failure process of jointed rock mass in three dimensions.
For this kind of method, more examples have been discussed
in previous works [159–162].

Yao et al. [197] proposed an extended rigid block spring
method (RBSM) to model the damage and failure of an-
isotropic rock mass. In this method, the tensile failure

(a) (b)

Figure 36: Accumulated plastic strain in the postfailure process for (a) θ� 45° and (b) θ� 60° [161].
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between interface occurs when normal stress reaches the
tensile strength. However, the shear failure is described by a
nonlinear criterion in terms of the local normal and shear
stresses. In Figure 37, the failure modes of rock mass under
different confining pressure are shown. ,e numerical re-
sults indicated that the inherent bedding plane and con-
fining pressure have a significant influence on the
macroscopic mechanical strength and failure mode of rock
mass. In addition, the numerical results agree well with
typical experimental data for both elastic properties and
mechanical strength. Meng et al. [198–201] formulated a
series of discrete numerical mechanics models as standard
second-order cone programs. Advanced optimisation al-
gorithms can be employed to solve the problem. It is nec-
essary to note that the purely static discrete element method
can be employed. Furthermore, both the hard-sphere and
soft-sphere discrete numerical models can be recovered.

Notably, apart from the numerical methods mentioned
above, there are also othermethods developed by scholars and
been used to model the failure process of rocks or rock-like
materials. However, they cannot be listed all here one by one.

5. Conclusion

,e discontinuities have a great influence on the mechanical
behavior of rock mass, and under loading, the failure of
natural rock mass results from the crack propagation and
coalescence in rock mass. Compared with the intact rocks,
the jointed or fractured rock mass usually exhibits weaker
and highly anisotropic mechanical characteristics.

,e experimental results indicated that the joint con-
firmation parameters have a significant influence on the
mechanical behavior of rock mass. ,e strength parameters
of jointed rocks decrease with the increasing of joint

number, length, and persistent degree. At the same time, the
strength of the jointed rocks usually has the lowest value
when inclination is around 45°. For the failure characteristics
of jointed rocks, the coalescence between joints includes
tensile, shear, and mixed modes.

,e numerical simulation has been viewed as a kind of
economical and practical method and has also been accepted
by many scholars. Compared with FEM or XFEM, the DEM
exhibits strong advantage in crack initiation and propaga-
tion. In recent years, the DEM has been widely used tomodel
the failure behavior of jointed rocks or rock-like materials,
andmost of the numerical values are in good agreement with
experimental results. Moreover, other kinds of numerical
methods such as NMM, smoothed-particle hydrodynamics,
peridynamics, and RBSM have also been successfully applied
to the analysis of failure process of jointed rocks.
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[135] M. N. Bagde and V. Petroš, “Fatigue properties of intact
sandstone samples subjected to dynamic uniaxial cyclical
loading,” International Journal of Rock Mechanics and
Mining Sciences, vol. 42, no. 2, pp. 237–250, 2005a.

[136] M. N. Bagde and V. Petroš, “Waveform effect on fatigue
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/e safety and stability of waste dump are vital influencing factors to the mine sustainability and mine employees. Based on a real
mine project in a certain open-pit mine waste dump in Tibet, the in situ test on waste rocks from waste dump, including
measurements of density, water content, rock size, and natural repose angle, was conducted. Afterwards, these sample waste rocks,
of which grain size is less than 5 cm, were selected for indoor large-scale shear test under natural and saturated conditions. By
using some engineering methods, the physical and mechanical parameters of waste rocks layer were then determined accordingly.
MIDAS-GTS/NX has the advantage of pre-processing modeling. FLAC3D has good computational and analytical capabilities. /e
process of dump accumulation is simulated numerically. According to the calculation results of FLAC3D, the distribution of stress,
displacement and plastic zone in the dump is obtained. FOS (factor of safety) for each analytical step in this model was then
calculated through the strength reduction method. /e limit equilibrium method is used for waste dump stability analysis
considering three states: only applied gravity, applied gravity and rainfall, and applied gravity and underground water. /e results
from this analysis show that the waste dump is stable./e potential failure modes of waste dump mainly consist of the “combined
sliding mode” which has circular sliding in upper side and broken line sliding that cuts through gravel-soil layer into heavily
weathered layer in the bottom./is paper documents some of the procedures and approaches utilized for waste dump life-of-mine
design analysis. It provides reference for further waste dump optimization.

1. Introduction

Mine stockpile also called mine waste dump is vital to the
open-pit mine exploitation. So called by its name, mine
waste dump is primarily utilized to storage the overburden
and waste rock from open-pit mines [1]. /e safety and
stability of waste dump refers to the mine sustainability and
mine employees and should be paid enough attention./ere
are many factors contributing to the stability of a mine waste
dump, including physical and chemical composition of the
waste rock, the dumping technologies being used, engi-
neering conditions of the landscape, hydrogeological con-
dition, and other related parameters.

At present, a lot of research has been done on mine
dump at home and abroad. It mainly includes using test
and back analysis method to obtain rock mechanics pa-
rameters. /e stability is determined by limit equilibrium

analysis, numerical simulation analysis and simulation
test. Cho and Song [2] studied the dumping behavior of
dump slope and natural slope under dump. Linear sensors
are installed at the top of the slope of the dump site to
monitor the pile-up behavior of the dump site. Turer and
Turer [3] used the two methods to determine the weight of
the unit and the waste of the shear strength parameters to
analyze a slope stability map. In another example,
Adamczy et al. [4] introduce the stability of garbage
sandstone open slope and choose six sections to analyze
the stability of slope. Behera et al. [5] analyzed the stability
of open-pit coal mine dump in Odisha area based on
different geotechnical parameters and mineralogical
composition. Verma et al. [6] analyzed the stability of
existing dump by the analytical method. /e properties of
the material in the dump are measured in the laboratory,
such as cohesive force, internal friction angle,
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permeability, volume density, particle density, particle size
distribution, and field water content. In a very dry and
humid environment, the stability of dump slope is sim-
ulated. Kainthola et al. [7] used the western coalfield
limited, Nagpur, India, as an example. /e shear strength
reduction technique has been applied to achieve the de-
sired factor of safety using a two-dimensional finite ele-
ment code. Zhou et al. [8] have studied the effects, from
inner drainage parameter variation of the northern slope
of Haerwusu Open-pit Coal Mine, on its imbalance stress
and slop stability. Cheng et al. [9] analyzed the slope
stability of an open-pit mine under the combined effect of
waste dump and blasting and hence estimated and verified
the required minimum distance between mine and waste
dump accordingly. Dong [10] invented a method in
evaluating the stability of long-bench-waste-dump under
heavy rainfall and applied this in Longyan Iron Mine
Waste Dump in Fujian. Huang et al. [11] have determined
the creeping-cracking failure and cracking-sliding failure
for Jinduicheng Open-pit long-bench-waste-dump, ana-
lyzed the stability of this kind of waste dump under natural
state, blasting vibration state, and seismic state, and finally
provided some countermeasures in case of failure. /e
stability of rock slope is also related to different types of
rock [12, 13]. /e slope stability comparison between those
only applied static load and those count for the extra
impacts from earthquake [14–16]. /e microstructure of
the rock-soil in the dump has significant influence on the
stability of dump [13, 17–25].

/is article, based on a real mine project in a certain
open-pit mine waste dump in Tibet, demonstrates the
stress, displacement, and plastic zone distribution, and
variation directions refer to the overall stacking process of
this waste dump, as well as the possible failure mode, by
conducting in situ tests and indoor rock experiments on the
waste rocks from dump and establishing 3D simulation
models. /us, it provides reference for further waste dump
optimization.

2. Overview of the Waste Dump

2.1. Engineering Geological Condition. /e hornfels waste
dump is valley type, with natural slope 10–20°, two side
slopes 30–40°; the boundary altitudes in east, north, and west
are 5105m.

/e exposed bedrock is beneficial to the stability of dump
site. /e exposure strata are mainly residual gravel, flood-
accumulated rocks, strongly weathered limestone, and
medium weathered limestone; the slopes are shallowly
covered by Quaternary diluvial remnant gravels. /e waste
rocks stacked on dump are mainly slate, hornfels, limestone,
granite porphyry, and Quaternary topsoil. /ere is no in-
dication of negative geological development, such as land-
slide or collapse, or any cracking formation.

2.2. Hydrogeologic Condition. /e topography of the waste
dump is complex with a number of crossed valleys; its
catchment area is 1.4 km2 and volume is 10800 ×104m3.

/e flow of surface water varies greatly with the seasonal
precipitation. During the rainy season (mainly during June
till September), the seasonal flood can be easily formed in
gully and hence causes negative effect on waste dump. /e
atmospheric precipitation can possibly form surface flows,
which is finally collected in gully. /e stable phreatic
surface is at the depth of 0.1 to 1.0m, mainly supplied by
atmospheric precipitation and bedrock fissure leakage. /e
groundwater is less likely to be stored beneath these steeply
slopes. /e fractures developed in strong weathered
limestone are filled well but with poor connections. For
medium weathered limestone, the fissure is comparably
developed, and mass rock body is more complete with poor
permeability, which is the natural interlayer.

2.3. Overview of Design. /e dumping process consists of
waste rock transportation, dumping by self-discharging
vehicles, and supplementing by auxiliary bulldozer. Multi-
bench dumping starts from bottom to top and finally piles
up to 5105m with an overall heap height of 580m and every
bench height is 30m. Set those benches be 5075m, 5045m,
5015m, 4985m, 4955m, 4925m, 4895m, 4865m, 4835m,
4805m, 4775m, 4745m, 4715m, 4685m, 4655m, 4625m,
and 4595m with the bench width of 30m./e slope of waste
dump is 1 :1.75 and capability volume of which is
16674×104m3.

3. In Situ Test on Waste Rocks

/e in situ tests on waste rocks from waste dump include
density, water content, rock size, and natural repose angle
measurements. /e rock size can greatly change the me-
chanical properties and stability of waste dump. Different
sizes of rock were distributed to a certain height of slope
automatically through sliding movement after dumps.
Larger size of rocks lie regularly on the bottom while those
smaller remain closer to the top; it is rare to see bigger size
rock on the upper slope. At present, there are three normal
methods being used to measure the rock size; they are
screening, direct measurement, and photographic image
analysis, which can be complement and verification of each
other during experiments.

/e process of in situ waste rock test can be seen in
Figure 1.

(1) Sample pit digging: all these sample pits were dug by
our research team members. /e waste rocks
extracted from the pit were collected on the prepared
plastic sheeting. After the sample pit digging was
completely done, another plastic sheeting was cov-
ered on top of it for obtaining the pit volume by
measuring the volume of same amount of water filled
in the hole, as well as prevention of further pit
collapse due to gravity. A total of 6 pits named from
J1 to J2 and N1 to N3 were dug./e sample pit J1 can
be seen in Figure 2.

(2) Sample sieving: constrained by the maximum size of
sample chosen for indoor large-scale direct shear
test and waste rock composition measurement,
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the sieving meshes were eventually selected for 2 cm
∗ 2 cm, 5 cm ∗ 5 cm, 10 cm ∗ 10 cm, 20 cm ∗ 20 cm,
and 40 cm ∗ 40 cm, respectively. /e waste rocks
with grain size 2 cm ≤ d< 5 cm from J1 are shown in
Figure 3.

(3) /e grain size of big rock with diameter over 20 cm
can be measured directly by steel tape.

(4) After sieving or direct measurement of waste rocks,
an electronic scale (100 kg) was used to weigh those
sample rocks. Finally, those samples with grain size
less than 5 cm were bagged into prepared woven
bags for large-scale direct shear test. Total amount
of sample rocks that were collected from Hornfels
Waste Dump weigh more than 1000 kg.

(5) Measuring the sample pit volume: we filled this pit
with water; the volume of those can be measured
much easier when reloading it into a container. Tapes
were used to prevent any water leakage. /e water
filled in was sourced from a mine sprinkler.

(6) Water content testing: a bag of waste rocks from each
sample pit (totally 6 bags) was randomly chosen for
water content tests.

(7) Measuring natural repose angle: a straight plank and
compass were used in this measurement. /e plank,
which is about 2.5m in length, was attached closely
along slope, so the dipping angle of this plank can be
measured through compass. /us, totally 30 natural
repose angles were obtained.

(8) Statistical analysis of waste rocks from sample pits: in
Figure 4 the curve represents the composition of
waste rocks with different grain sizes in the selected 6
sample pits. /e detail parameters obtained from
tests are displayed in Table 1.

4. Indoor Direct Shear Test for Waste
Rocks from Dump Site

/e indoor direct shear tests for waste rocks from dump site
were conducted by utilizing strain-controllable direct shear
device developed by Institute of Rock and Soil Mechanics,
Chinese Academy of Sciences. /is device can shear the
sample with grain size no more than 5 cm diameters and
guarantee that the physical and mechanical parameters
obtained from tests is reliable and practicable.

In situ test on waste rocks

Sample pit digging

Covering plastic sheet on sample pit

Sample sieving

Weighing sample rocks range
in different grain sizes

Collecting sample (grain size <5 cm)

Measuring sample pit volume

Measuring water content

Data processing and analysis

Measuring size for big
rocks directly

Measuring natural angle repose

Figure 1: Flow chart of in situ tests on sample waste rocks.

Figure 2: Sample pit J1 and waste rocks digged from it. Figure 3: Sieved sample waste rocks with grain size 2 cm ≤ d < 5 cm.
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4.1. Test Samples. /e test samples are the waste rocks with
grain size less than 5 cm in diameter from pits J1, J2, N2, and
N3. /e detail parameters of selected samples list are shown
in Tables 2 and 3. Due to the limitation of test device, ad-
ditional works must be done to deal with the waste rocks
with grain size equal to or even bigger than 5 cm, which
exceeds the maximum allowable test sample size, normally
by using the replacement method.

4.2. Test Process and Results. In the laboratory, mixing the
sample rocks with different grain sizes from the same pit was
firstly carried out to measure the mixture moisture content;
then water accordingly until it reaches natural state, mix

them fully again, and the direct shear box is treated. Another
test should be conducted when those waste rocks are in
saturated state by just adding adequate water into the box
until those absorb sufficient water.

Applying various testing loads (Table 4) in shear tests,
the parameters such as displacement-stress curves and shear
stress-positive stress curve can be seen in Figure 5; other test
results are shown in Table 5.

4.3. Test Data Process. Based on the field survey for waste
dump and shear test results, the internal friction angle and
cohesion of waste rocks in different heights along slopes can
be calculated. /e shear test results of fine particles (c and φ)
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Figure 4: Grain size distribution curve of waste rocks. (a) Sample Pit J1. (b) Sample Pit J2. (c) Sample Pit J3. (d) Sample Pit N1. (e) Sample Pit
N2. (f ) Sample Pit N3.
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Table 2: Sampling and weight.

Grain size (cm) J-1 bag no. Weight (kg) Grain size (cm) N-2 bag no. Weight (kg)

d< 2

#1 44.54

d< 2

#1 46.10
#2 58.50 #2 49.22
#3 58.46 #3 52.96

#4 28.24

2 ≤ d < 5

#1 48.40

2 ≤ d < 5

#1 42.20
#2 63.84 #2 51.88
#3 55.34
#4 35.28

Total weight (kg) 364.36 Total weight (kg) 270.60
J-2 N-3

d< 2 #1 55.16 d< 2 #1 60.44
#2 49.20 #2 52.04

2 ≤ d < 5
#1 45.20

2 ≤ d < 5
#1 37.60

#2 41.12 #2 47.38
#3 40.78 #3 41.52

Total weight (kg) 231.46 Total weight (kg) 238.98

Table 3: Bulk density and water content of waste rocks.

Sample pit no. Natural density (g/cm3) Natural water content (%)
J-1 2.37 5.26%
J-2 2.13 3.14%
N-2 2.20 3.29%
N-3 2.19 2.89%

Table 4: Loading test results.

Pit J1 (natural) Pit J1
(saturated) Pit J2 (natural) Pit J2 (saturated) Pit J3 (natural) Pit J3 (saturated)

Normal
stress
(kPa)

Peak
shear
stress
(kPa)

Normal
stress
(kPa)

Peak
shear
stress
(kPa)

Normal
stress
(kPa)

Peak
shear stress

(kPa)

Normal
stress
(kPa)

Peak shear
stress
(kPa)

Normal
stress
(kPa)

Peak shear
stress
(kPa)

Normal
stress
(kPa)

Peak
shear stress

(kPa)

201 211 207 238 202 223 200 196 193 237 198 229
404 421 410 418 222 242 449 433 401 475 405 428
614 580 614 500 404 393 652 599 652 712 652 712
842 794 842 707 728 642 842 724 842 907 842 813
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Figure 5: Continued.
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Figure 5: Continued.
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and the distribution of fine particles in different horizons
have been obtained./rough the analysis of five kinds of fine
particle composition, the proportion of fine particle and
large particle waste rock can be calculated. /e formula for
calculating the cohesion and internal friction angle of waste
rocks in a certain height is shown in equations (1) and (2),
and the calculation results are shown in Table 6.

chi
� cMhi

× aMhi
(1)

tanφhi
� tanφk − tanφk − tanφMhi

 aMhi
(2)

where chi
is the cohesion of waste rocks in crest slope (height

hi), cMhi
is cohesion of fine waste rocks in crest slope (height

hi), aMhi
is percentage of fine waste rocks (height hi), φk is the

internal friction angle of big rocks, which is equal to natural
repose angle, and φMhi

is the internal friction angle of fine
waste rock (height hi).

5. 3D Numerical Simulation Analysis for
Hornfels Waste Dump

5.1. Modeling. /e computing package FLAC3D has strong
computational function and simulation analysis capability,
and it has been widely recognized in the world. Refer to
domestic and international FLAC3D complex 3D engi-
neering modeling method, the basic thought can be roughly
summarized by using other professional 3D modeling

software or finite element analysis software to build complex
3D engineering model and then load this complex model
into FLAC3D for analysis and calculation. /e Mohr-
Coulomb strength criterion is adopted. /e constraint
boundary is adopted around the model, and the free
boundary is used on the empty surface. /is method can
greatly improve the modeling efficiency, as well as save the
modeling time and guarantee the authenticity and accuracy
[26]. In this article, a method combining GTS NX and
FLAC3D is proved to be highly efficiency in building a 3D
finite model. Firstly, GTS NX was used to complete 3D
geometric modeling for Hornfels Waste Dump, tetrahedron
grid model was generated, and then this model was trans-
formed into ∗. FLAC3D format which can be loaded into
FLAC3D, using import grid function to accomplish the
FLAC3D hornfels mine modeling. /e final model can be
seen in Figure 6; different colors represent different rock
mass.

/e range of the model is x � 3200m to 5350m (2150m
in total) in east-west direction, y � 550m to 3900m (3450m
in total) in north-south direction, z � 4400m to the surface;
there are totally 94063 nodes and 504907 elements being
generated during modeling.

5.2. Rock Mass Mechanics Parameters. Refer to geology in
Hornfels Waste Dump, there are 4 kinds of mechanics
medium being considered for modeling: they are waste
rocks, gravel and soil, heavily weathered rock layer, and
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Figure 5:/e relationship curve representing test results for sample waste rocks. (a) Shear stress-displacement curve for Pit J1 (natural). (b)
Peak shear stress-normal stress curve for Pit J1 (natural). (c) Shear stress-displacement curve for Pit J1 (saturated). (d) Peak shear stress-
normal stress curve for Pit J1 (saturated). (e) Shear stress-displacement curve for Pit J2 (natural). (f ) Peak shear stress-normal stress curve
for Pit J2 (natural). (g) Shear stress-displacement curve for Pit N2 (natural). (h) Peak shear stress-normal stress curve for Pit N2 (natural). (i)
Shear stress-displacement curve for Pit N3 (natural). (j) Peak shear stress-normal stress curve for PitN3 (natural). (k) Shear stress-dis-
placement curve for Pit N3 (saturated) (l) Peak shear stress-normal stress curve for Pit N3 (saturated).

Table 5: Test results of sample waste rock.

Sample rocks from Cohesion (kPa) Internal friction angle (°) Water content (%)
Pit J1 (natural) 40.74 41.8 5.26%
Pit J1 (saturated) 92.01 35.6 11.12%
Pit J2 (natural) 66.22 38.4 3.14%
Pit N2 (natural) 45.41 39.56 3.29%
Pit N1 (natural) 58.00 44.6 2.89%
Pit N3 (saturated) 54.00 42.4 8.07%
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medium weathered rock layer. After a comprehensive se-
lection among in situ investigation, the physics and me-
chanics test, the rock mass quality evaluation and
engineering analogy, and the rock mechanics parameters are
summarized as shown in Table 7.

5.3. Analysis Process. In order to simulate the piled up
process of Hornfels Waste Dump, as well as to quantify
surface and waste rock deformation, totally 8 analysis steps
were designed and simulated accordingly for this stacking
process, which can be seen in Figure 7 and Table 8.

5.4. Analysis Results. In order to observe the internal stress,
strain, displacement, and plastic zone of the model, a section
view was selected right in the middle of the stacking models
(Figure 8).

5.4.1. Stress Distribution. Figure 9 shows maximum and
minimum principal stresses of stacking step 8. /e key stress
in the accumulation process increases with the depth. In the
area near the slope, the principal stress contour of the slope
is approximately parallel to the surface of the slope. /e
results also show that principle stress has been lightly dis-
turbed by stacking process within the area near the contact
surface of waste rock and gravel soil. /ere is no stress
concentration during the overall stacking process; stresses

are mainly compressive stress while only a small area of
tensile stress is produced inside the waste rock layer
(Table 9).

5.4.2. Displacement. Figure 9 shows the top view and section
view of displacement of step 8. /e maximum displace-
ments of all 8 steps can be seen in Figure 10 and Table 10.
/e key displacement changes in the accumulation process
can be summarized as the displacement contours dis-
tributed in the waste rock layer. /e maximum dis-
placement points are also distributed in this region.
Displacement gets bigger with increasing stacking height,
and the displacement in Z direction always bigger than
those in other directions; the maximum displacement
points of stacking step 2 to step 7 appear in bench 4865m
or inside the waste rock layer; the maximum displacement
point of step 8 locates inside the waste rock layer near
4965m; there are two to three big displacement areas
formed since step 7 and gradually gathered, having put
some negative impacts to the stability of waste dump.

5.4.3. Safety Factor and Shear Strain Increment Analysis.
/e strength subtraction calculation function of FLAC3D

was utilized in determining safety factors of waste dump
slopes. /e safety factors and shear strain distribution and
changes in step 8 can be seen in Figure 11, and the safety
factors of all 8 steps are shown in Figure 12. /e key

Heavily
weathered
rock layer

Gravel soil layer

Medium weathered
rock layer

(a)

Waste rocks

(b) (c)

Figure 6: 3D numerical analysis model of waste dump. (a) Waste dump before dumping process. (b) Waste rocks scheduled to be dumped.
(c) /e waste dump after dumping process.

Table 6: Calculation of physical and mechanical parameters of waste rocks.

Waste
rocks from

For waste rocks
of which grain
size< 5 cm

Percentage of
those waste rocks
of which grain
size< 5 cm (%)

Natural
repose
angle

Derived overall
waste rocks in
comprehensive

grain size
c (kPa) φ (°) c (kPa) φ (°)

Pit J1 (natural) 40.74 41.8 66.57

37°

27.12 40.3
Pit J1 (saturated) 92.01 35.6 61.25 37.0
Pit J2 (natural) 66.22 38.4 60.29 39.92 37.9
Pit N2 (natural) 45.41 39.56 87.45 39.71 39.2
Pit N1 (natural) 58.00 44.6 73.25 42.48 42.7
Pit N3 (saturated) 54.00 42.4 39.55 37.0
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displacement changes during stacking process can be
summarized as safety factor gets smaller with increasing
stacking height (from 1.73 of step 2 to 1.63 of step 8);
however, the decrease rate tends to be smaller (from 1.2% of
step 3 to 0.6% of step 8). Luckily, these factors are all greater
than the allowable safety factors (according to Chinese
specification for design of nonferrous metal mining dump
GB 50421–2007). /e safety factor is more appropriate to be
1.15 to 1.30 when sliding mode of waste dump slope is
circular sliding, plane sliding, or broken line sliding,
depending on the safety regulations [27]. /e overall waste
dump is stable.

/e potential failure modes of waste dump mainly
consist of the “combined sliding mode” that has circular
sliding in upper side and broken line sliding which cuts

through gravel-soil layer into heavily weathered layer in the
bottom./e simulated sliding curve in each step cut through
different waste dump benches in different elevations, which
can be seen in Table 11.

5.4.4. Plastic Zone Analysis. Figure 13 shows the distribu-
tion of plastic zone in step 8. /e tensile strength and shear-
plastic zones, formed during stacking process in each step,
are mainly distributed inside waste rock layer, gravel-soil
layer, and heavily weathered layer near slope toe.

6. Limit Equilibrium Analysis of Hornfels
Waste Dump

6.1. Analysis Method. /e utilized limit equilibrium
methods for Hornfels Waste Dump are the Bishop method
that satisfies overall moment equilibrium about the center of
the circular trial surface [28] and theMorgen-Prince method
that satisfies overall moment equilibrium about arbitrary
shape surface [29].

6.2. 5e Classification of Sliding Mode and Sliding Surface of
Waste Dump. Landslide failure modes of dump are mainly
divided into three types: internal landslide of dump, land-
slide along the interface between waste rock pile and
foundation, and landslide along the weak layer of foundation
of dump. /e possible sliding modes in Hornfels Waste
Dump are as follows:

Table 7: Physical and mechanical parameters of the sample rocks from waste dump.

Lithology Density c

(g/cm3)
Cohesion
c (kPa)

Inner
friction

angle φ (°)

Compressive
strength

σcm (MPa)

Tensile
strength
σct (MPa)

Elasticity
modulus
Em (MPa)

Poisson’s
ratio μ

Heavily weathered rock layer 2.56 320 28 7.00 0.90 3400 0.23
Medium weathered rock layer 2.66 650 30 14.20 2.03 7341 0.23
Natural gravel and soil 2.10 40 28 — — 200 0.30
Saturated gravel and soil 2.20 20 16 — — 130 0.30
Natural waste rocks 2.21 35 35 — — 800 0.27
Saturated waste rocks 2.33 25 30 — — 550 0.27

Step 5

Step 8

Step 7
Step 6

Step 2

Step 3

Step 4

Figure 7: Schematic diagram of the numerical simulation for waste dump.

Table 8: Analytical steps of 3D numerical simulation for waste
dump.

Step no.
Stacking introduction

Stacking height Stacking time (year)
1 Calculate the initial stress field
2 4865m 2015
3 4885m 2016
4 4895m 2017
5 4907m 2018
6 4965m 2023
7 5045m 2028
8 5105m 2036
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(i) Sliding occurs inside waste rock layer. /e waste
rocks are mainly consisting of slate, hornfels, skarn,
marble (or limestone), granite porphyry, and small
amounts of Quaternary soil./e dumping, using self-
discharging vehicles to transport waste rocks and
supplementing by auxiliary bulldozer is less likely to
form weak intercalations. /e internal medium in-
side waste rock layer is relatively homogeneous (its
mechanical property is dominated by friction).
/erefore, the potential sliding mode of waste rock
layer inside waste dump is circular sliding or other
smooth-surface sliding.

(ii) Sliding along contact surface between waste rock
layer and foundation layer. When the friction
strength between waste rock layer and foundation
is less than the shear strength of waste rock layer
inside dumping site, sliding can be easily formed
along this contact surface where the dipping angle
of foundation is comparably big or the strength of
contact is weak. /e foundation of Hornfels Waste
Dump and South Pit Waste Dump are mainly
covered by Quaternary gravel and soil, of which
strength is weak. /e waste dump has a long and
steep slope, and waste rock layer is thick. /e
potential failure mode of waste dump, regarding
3D simulation, is “combined sliding mode” which

has circular sliding in upper side and broken line
sliding that cuts through gravel-soil layer into heavily
weathered layer in the bottom. /erefore, the waste
dump is associated with a sliding threat along contact
between waste dump layer and foundation.

(iii) Sliding occurs in some weak intercalated part inside
foundation layer. If there are some relatively weak
formations or weak intercalated inside foundation,
due to their weak strength or low bearing capacity, it
is easy to form foundation subsidence during the
dumping process or in rainfall circumstance or
impacted by the other factors. /e subsidence ranges
and scales vary in different parts of waste dump and
some parts of foundation arise by inner stress, which
can subsequently cause landslides along these weak
formations or intercalated inside foundation. /e
waste rocks in waste dump mainly consists of slate,
hornfels, skarn, marble (or limestone), and granite
porphyry. No unstable geological formations exist in
waste dump. /erefore, it seems impossible to slide
in this particular mode.

To sum up, this limit equilibrium analysis shows that
the main sliding modes of waste dump are sliding occuring
inside waste rock layer and sliding along contact surface
between waste rock layer and foundation layer.
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Figure 8: Section view of principle stress isoline at step 8. (a) Isoline graph of maximum principle stress. (b) Isoline graph of minimum
principle stress.
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6.3. Assumed or Utilized Parameters
(1) Parameters of rock mass

/e parameters of rock mass can be seen in Table 7.

(2) /e impact of earthquakes and water

/e seismic peak acceleration is 0.15 g, and seismic in-
tensity of the mine is classified into level VII. /e phreatic
surface, in the raining reason, is about 50meters above the
surface of foundation.

(3) Allowable safety factors under different conditions

(I) Consider gravity, the allowable safety factor (K) �

1.25
(II) Consider combined impacts of gravity and seismic,

the allowable safety factor (K) � 1.05
(III) Consider combined impacts of gravity and steady

seepage of groundwater, the allowable safety factor (K)� 1.05
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Figure 9: Isoline graph of displacement at step 8. (a) /e 3D view of displacement isoline. (b) /e section view of displacement isoline.

Table 9: Maximum tensile stress of each step in the numerical simulation for waste dump.

Step no. 2 3 4 5 6 7 8
Max tensile Stress (MPa) 0.17697 0.17702 0.17737 0.17701 0.17518 0.19035 0.20828

Z
Total
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Figure 10: Displacement of each analytical step.
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6.4. Analysis Results. /e calculation results of the safety
factors of typical sections are shown in Table 12. /e
comparison of safety factors of each year under different
conditions is shown in Figure 14. From Table 12 and Fig-
ure 14, the following can be summarized:

(1) Considering all three conditions each year, the slope
is stable only except when it reached the year 2018
that the slope may suffer from foundation contact
sliding under condition III.

(2) Under condition I and II, slope safety factor is
predicted to increase gradually from 2018 to 2036
and since then remain unchanged.

(3) /e impact of seismic, on circular sliding, can reduce
safety factor by 20.10% to 20.47%, while on contact-
between-foundation-and-waste-rock-layer sliding
can reduce FOS by 18.54 to 19.85%. /is impact can
decrease overall waste dump stability by 20.32% to
20.49%.

Table 10: Maximum displacement (absolute value) of each step in numerical simulation.

Step no.
Displacement (m)

Displacement in direction X Displacement in direction Y Displacement in direction Z Total displacement
2 0.113 −0.099 −0.37 0.38
3 0.122 −0.105 −0.398 0.409
4 0.127 −0.11 −0.41 0.423
5 0.131 −0.115 −0.421 0.434
6 0.197 −0.198 −0.662 0.686
7 0.211 −0.232 −0.71 0.746
8 0.215 −0.248 −0.802 0.815

FOS value is 1.63
Contour of shear strain increment

Magfac = 0.000e + 000
Gradient calculation

Interval = 2.5e – 001

–3.5623e – 001 to –2.5000e – 001
–2.5000e – 001 to 0.0000e + 000
0.0000e + 000 to 2.5000e – 001
2.5000e – 001 to 5.0000e – 001
5.0000e – 001 to 7.5000e – 001
7.5000e – 001 to 1.0000e + 000
1.0000e + 000 to 1.2500e + 000
1.2500e + 000 to 1.5000e + 000
1.5000e + 000 to 1.7500e + 000
1.7500e + 000 to 2.0000e + 000
2.0000e + 000 to 2.2500e + 000
2.2500e + 000 to 2.3690e + 000

(a)

FOS value is 1.63
Contour of shear strain increment

Magfac = 0.000e + 000
Plane: on

Gradient calculation
1.7490e – 005 to 2.5000e – 001

2.5000e – 001 to 5.0000e – 001

5.0000e – 001 to 7.5000e – 001

7.5000e – 001 to 1.0000e + 000

1.0000e + 000 to 1.2500e + 000

1.2500e + 000 to 1.5000e + 000

1.5000e + 000 to 1.7500e + 000

1.7500e + 000 to 2.0000e + 000

(b)

Figure 11: FOS and Contour of shear strain increment at step 8. (a) FOS and Contour of shear strain increment. (b) Section view of Contour
of shear strain increment and FOS.
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(4) /e impact of steady groundwater seepage, on cir-
cular sliding, can reduce safety factor by 10.38% to
25.22%, while on contact-between-foundation-and-
waste-rock-layer sliding can reduce FOS by 14.03 to
22.98%./is impact can decrease overall waste dump
stability by 20.32% to 20.49%.

7. Discussion

(1) /e mechanics parameters, initially obtained from
tests on the sample waste rocks of which grain size is
less than 5 cm, were then derived utilizing empirical
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Figure 12: FOS of each analysis step.

Table 11: FOS and number of potential failing bench at each step.

Step no. 2 3 4 5 6 7 8
Safety factor 1.73 1.71 1.68 1.68 1.64 1.64 1.63
Height of potential failing bench 4865m 4885m 4895m 4907m 4775m 4745m 4745m
Number of potential failing benches 1 2 2 3 4 3 3
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Figure 13: Plastic zone distribution of step 8. (a) 3D view of plastic zone. (b) Section view of plastic zone.
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Figure 14: Continued.

Table 12: Calculation results using limit equilibrium method.

Year Conditions
FOS of circular sliding (simplified bishop) FOS of sliding contact between foundation and waste

rock layer (Morgenstern–Price)FOS of partial slope FOS of overall slope

2015
I 1.408 1.402 1.491
II 1.120 1.115 1.198
III 1.144 1.189 1.102

2016
I 1.404 1.401 1.481
II 1.119 1.114 1.194
III 1.250 1.188 1.059

2017
I 1.407 1.401 1.490
II 1.119 1.114 1.198
III 1.261 1.079 1.146

2018
I 1.410 1.400 1.511
II 1.122 1.114 1.211
III 1.135 1.130 1.033

2023
I 1.479 1.447 1.578
II 1.180 1.153 1.272
III 1.106 1.244 1.122

2028
I 1.462 1.455 1.676
II 1.168 1.157 1.364
III 1.160 1.247 1.149

2036
I 1.468 1.455 1.769
II 1.173 1.150 1.441
III 1.134 1.231 1.147
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formula. /is parameter determining process is ideal
and could be better improved or optimized by using
large-scale direct shear test devices in the future.

(2) /e waste rock from waste dump is noncontinuum;
however, the mechanical analysis software, FLAC3D,
is only capable to analyse continuummechanics. /e
analysis process considered all waste rocks as a
whole, that neglected the size effects and interaction
forces between each rock. Better approach is re-
quired for break through of the analytical method.

(3) /e equivalent static load method was utilized for
limit equilibrium analysis considering earthquake
effect; but in a real mine, earthquake damage is
associated with dynamic process and it needs further
analysis.

8. Conclusions

In this paper, the tests were conducted for the waste dump in
an open-pit mine in Tibet, including in situ survey and
laboratory large-scale direct shear test, as well as some 3D
numerical simulations for the overall stacking process. /e
following conclusions are made:

(1) /rough in situ survey, the bulk density, water
content, grain size, and composition of waste rock,
natural repose angle and other related parameters
were obtained./e sample waste rocks in natural and
saturated state were selected for large-scale direct
shear test, and shear strength of fine rocks was
calculated consequently. /e physical and mechan-
ical parameters of waste rocks layer were then de-
termined accordingly.

(2) /ere is no stress concentration during the overall
stacking process; stresses are mainly compressive
stress while only a small area of tensile stress is
produced inside the waste rock layer. Stress is well

distributed. /e displacement isoline populated in-
side the waste rock layers, while the maximum
displacement point locates in this area as well.
Displacement gets bigger with increasing stacking
height, and the displacement in Z direction is always
bigger than these in other directions. /e tensile
strength and shear-plastic zones, formed during
stacking process in each step, are mainly distributed
inside waste rock layer, gravel-soil layer, and heavily
weathered layer near slope toe.

(3) /e limit equilibriummethod is used for waste dump
stability analysis considering three states: only ap-
plied gravity, applied gravity and rainfall, and ap-
plied gravity and underground water. /e results
from this analysis show that the waste dump is stable.

(4) /e potential failure modes of waste dump mainly
consist of the “combined sliding mode” that has
circular sliding in upper side and broken line sliding
which cuts through gravel-soil layer into heavily
weathered layer in the bottom. /e potential failures
are mainly distributed in benches near the slope toe.
Due to the thick layer of waste rock layer at the
bottom of dumping site, according to the failure
mode and the plastic zone analysis results, it is
recommended to completely remove the gravels,
soils, and overburden before dumping waste rocks.
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Figure 14: FOS comparisons for HornfelsWaste Dump by years and conditions. (a) FOS comparison of partial slope for circular sliding. (b)
FOS comparison of overall slope for circular sliding. (c) FOS comparison of sliding along contact between foundation and waste rock layer.
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According to the change characteristics of the subgrade moisture content and the mechanical calculation of several typical
highways, the test scheme of the permanent deformation of coarse soil was formulated. *e relationship between the permanent
deformation of coarse-grained soil and the stress level, compaction degree, moisture content, and loading frequency was studied
by cyclic loading triaxle testing.*e results show that the permanent deformation of coarse-grained soil increases with the increase
in partial stress and moisture content and decreases with the increase in compaction degree. *e experimental data were fitted by
the Tseng-Lytton model, and the correlation coefficients were 92%, which indicated that the model could be used to predict the
permanent deformation of coarse soil. *e relationships between the model coefficient and the moisture content and spring back
modulus were obtained by the multiple regressionmethod. Finally, the permanent deformation of the subgrade soil was calculated
by using the layered summation method and a typical subgrade pavement structure.

1. Introduction

At present, research on the impact of vehicle loads on roads
in China and abroad has focused on the road surface and not
the roadbed, which is problematic [1–3]. When the
American Highway Association of the State Highways
(AASHO) conducted an experimental study of road ruts, it
was found that 9% of road surface ruts were caused by
roadbeds [4]. However, because of the unique traffic con-
ditions of domestic expressways, the subgrade soil is affected
by long-term vehicle heavy load, which will also cause
greater plastic deformation and accelerate the production of
road ruts. Elliot and*ompson believed that the permanent
deformation of subgrade soil had a significant impact on the
performance of asphalt pavement, and they also believed
that road designers were less concerned with the de-
formation of subgrade [5]. To date, few scholars have studied
the impact of vehicle loads on the deformation of subgrade.
*e reasons are as follows. *e permanent deformation test
of subgrade soil is expensive, cumbersome, and time-

consuming, and researchers usually use resilient subgrade
soil as the subgrade design. Indicators ignore the permanent
deformation of subgrade soil. Pavement can be reduced by
plastic materials and gradation, and the deformation of
roadbeds becomes one of the most important factors in the
production of road ruts.

Lin et al. studied the three-dimensional effect of tensile
strength in a standard Brazilian test considering contact
length [6]. Wang et al. studied the relationship between UCS
ratings and the surface hardness of Schmidt hammers [7].
Wang et al. conducted indoor research on the strength
characteristics of expansive soil treated with jute fiber-
reinforced material [8]. Coarse-grained soil is a soil-rock
mixture with a particle size of more than 50% of the total
mass in the particle size range of d � 0.075 to 60mm due to
its high porosity, high water permeability, high shear
strength, high bearing capacity, and good compactness. Such
excellent engineering characteristics have been widely used
in the construction of high embankments for highways in
southern China. However, the impact of vehicle load on
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a coarse-grained soil embankment has rarely been studied.
*is paper intends to analyze the stress status of the typical
expressway subgrade in China and formulate a reasonable
test program to study the load deformation characteristics of
coarse-grained soil subgrade under different stress levels,
confining pressures, loading times, compaction degrees, and
moisture contents. *e research results can provide a the-
oretical basis for the remediation of road damages and
provide corresponding guidance for traffic management.

2. Experimental Design

2.1. Experimental Soil Samples. *e soil samples were taken
from a highway K56 + 300–K56 + 350, and the soil samples
were made of soil, sand, and gravel. According to the
“Geotechnical Test Code” (JTG E40-2007) of the coarse-
grading soil classification criteria, the original soil sample
was described as coarse-grained soil. Due to the limitations
of the test conditions, the maximum particle size of the
coarse particles in the coarse-grained soil samples should be
less than 20mm.*e coarse particle size of the site was large,
so the indoor experiment needed to be limited to soil sample
sizes that were acceptable for the test instruments; addi-
tionally, to ensure the greatest degree of engineering
properties of the soil, the relationship of the original soil
samples and the test soil was assessed. Guo, in a study of the
characteristics of coarse-grained soil, proposed the maxi-
mum particle size exclusionmethod, equivalent replacement
method, and parallel grading method for soil preparation
[9]. Chen et al. prepared a red sandstone coarse-grained soil
sample with the parallel grading method [10]. Liu used the
maximum particle size exclusion method to prepare a gravel
soil triaxial test sample [11]. *e author referred to their
research results, using the maximum particle size exclusion
method to prepare a coarse-grained soil triaxle sample, and
the sample particles with sizes greater than 20mm were
removed directly during the preparation of the samples; the
sample products are shown in Figure 1. *e physical and
mechanical parameters of the test soil were obtained through
the screening test, the compaction test, the reboundmodulus
test, and the direct shear test on the soil sample. *e pa-
rameters of the test soil are shown in Tables 1 and 2.

2.2. Cyclic Loading Test Program. *e R-8001T large-scale
dynamic triaxial test system of the National Engineering
Laboratory of Highway Engineering Maintenance Tech-
nology was used to carry out the cyclic loading test on
subgrade soil. Consistent with the characteristics of the
instrument, the specimen was cylindrical with a diameter of
100mm and a height of 200mm.

2.2.1. Moisture Content. *e best moisture content of the
test soil measured by a compaction test was 6.8%. According
to the Elliott survey, the subgrade moisture content was 1 to
1.2 times the best moisture content after subgrade com-
pletion [5].*e frequent rains were taken into account in the
southern rainy season, and part of the rainwater infiltrated
into the subgrade soil through the embankment slope and

pavement cracks, resulting in an increase in moisture
content of some subgrade soils. *erefore, the soil samples
had water cuts of 6.8%, 8.1%, and 9.5%, representing the best
moisture content of the soil samples, the water content
during the subgrade operation period, and the moisture
content of the subgrade soil (pavement cracks) during the
rainy season rainfall infiltration, respectively.

2.2.2. Compactness. China’s “Code for the Design of
Highway Subgrade” (JTG D30-2015) stipulates that the
subgrade compaction degree should not be less than 96%
within a depth of 0.8m below the bottom surface of the
pavement of expressways and highway roads; for the depth
below the road surface from 0.8m to 1.5m, the subgrade
compaction should not be less than 94%. To increase the
comparability of compaction, two compaction levels of 96%
and 91% were used in this test.

2.2.3. Loading Conditions. Pumphrey and Lentz carried out
a repeated loading test on Florida sand and found that when
the stress ratio is less than 0.75, different confining pressures
have little effect on the permanent deformation [12]. Zhang
et al. believed that the compressive stress of the roadbed in
China’s operation period was approximately 28 kPa.
*erefore, the confining pressure of this test was 28 kPa [13].

2.2.4. Deviatoric Stress. According to numerical simulation
and field testing, Zhang determined that the vehicle load on
the top surface of expressway subgrade is approximately
30∼60 kPa, and the vehicle load waveform on the top of the
subgrade could be approximated as a half-sine pulse
waveform [14]. *erefore, the dynamic stress level was
considered to be 30 kPa, 45 kPa and, 60 kPa. *e load
waveform was a half-sine pulse load, the load frequency was
1Hz, and the load time was 0.2 s.

2.2.5..e Number of Loads. To simulate the long-term effect
of vehicle load on subgrade soil, the number of cyclic loads
should be similar to the actual situation. For expressways,
the standard axle load of vehicles reached 107 during the
road design period. However, due to experimental limita-
tions, it was not possible to simulate millions of vehicle
loads. *erefore, more than 10,000 loading times were
generally used to reflect the long-term effect of traffic load
(Table 3).

3. Cyclic Loading Test Results

3.1. Effect of Dynamic Stress on Plastic Deformation.
Analysis of the effect of dynamic stress level on the plastic
deformation was carried out with the same soil sample
conditions and different partial stresses. *ree con-
ditions—A1, A2, and A3—with a moisture content of 6.8%
and three conditions—C1, C2, and C3—with a water content
of 9.5% were analyzed. *e cumulative plastic strain curves
of the six working conditions are shown in Figures 2 and 3.
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As shown in Figures 2 and 3, the permanent deformation
curve under different dynamic stress conformed to the basic
law of gradual increase. When the dynamic stress was within
a certain range, with the increase in cyclic loading times, the
axial cumulative deformation of the soil increased, and the
axial cumulative plastic strain rate decreased continuously,
which caused the axial deformation to approach a limit value.
For the preloading, the axial deformation rate was faster, and
the accumulated deformation of the first 2000 loading cycles
accounted for approximately 80% of the total deformation. As
shown in Figure 1, the moisture content was 9.8% when the
partial stress was 30 kPa, and the plastic strain was 0.07% after
10,000 cycles of cyclic loading. *e specimen was smaller
under these conditions. When the partial stress was 45 kPa
and 60 kPa, the plastic strain of the specimen was 0.1% and
0.15%, respectively. *e experimental results showed that as

the dynamic stress increased, the permanent deformation
value increased, and the plastic deformation of the coarse-
grained soil was affected by the dynamic stress amplitude.

3.2. Effect of Moisture Content on Plastic Deformation. To
accurately show the effect of moisture content on plastic de-
formation, the plastic deformation of the soil samples with
different moisture contents under the same compaction degree
and partial stress were compared. Figure 4 shows the plastic
deformation curve of the soil samples with different moisture
contents (A1, B1, and C1 conditions) when the compaction
degree was 96% and the partial stress was 30kPa. Figure 5
shows the plastic deformation curve of soil samples with dif-
ferent moisture contents (A2, B2, and C2 conditions) when the
compaction degree was 96% and the partial stress was 45kPa.

Table 2: Coarse-grained soil basic physical dynamics reference number.

Maximum dry density (g/cm3) *e best moisture content (%) Modulus of resilience (MPa) Cohesion (kPa) Internal friction angle (°)
2.21 6.8 100 25 32

Table 3: Permanent deformation test scheme.

Experiment
number

Vibration
frequency

Frequency
(Hz)

Confining pressure
(kPa)

Compactness
(%)

Moisture content
(%)

Dynamic stress
(kPa)

A1

10000 1 28

96

6.8
30

A2 45
A3 60
B1

8.1
30

B2 45
B3 60
C1

9.5
30

C2 45
C3 60
D1

91 6.8
30

D2 45
D3 60

(a) (b)

Figure 1: Fabrication of the triaxial specimens.

Table 1: Coarse-grained soil particle grading.

Particle size (mm) 20 10 5 2 1 0.5 0.25 0.075
Content (%) 100 89.5 79.3 60.4 32.2 20.4 15.1 13.4
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Figures 5 and 6 show that the plastic deformation of the six
groups increased with the increase in the number of loads, and
the change trend was basically the same. *e plastic de-
formation substantially increased with the increase in the
moisture content of the specimen. When the partial stress was
30 kPa and the moisture content was 6.8%, the plastic strain of
10,000 samples was 0.07%. When the moisture content in-
creased to 8.1% and 9.5%, the plastic strain increased to 0.13%
and 0.16%, respectively. When the deviatoric stress was 45 kPa,
the increase in the moisture content also led to a significant
increase in the plastic deformation.*e test results showed that
the effect of the moisture content on the plastic deformation of

subgrade soil was substantial. *is is because when the water
content of roadbed soil increased, the effective stress of the soil
decreased, the pore water pressure increased, and the load-
bearing capacity of the soil reduced; thus, the plastic de-
formation of the subgrade soil increased.

*e vehicle load on the conditions of subgrade and soil
under different wet and dry conditions varied greatly; wa-
terproofing and drainage measures should be performed well.
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Figure 4: Effect of the moisture content on plastic deformation
(30 kPa).
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Figure 2: Effect of dynamic stress on plastic deformation (6.8%).
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Figure 3: Effect of dynamic stress on plastic deformation (9.5%).
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Figure 5: Effect of the moisture content on plastic deformation
(45 kPa).
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3.3. Influence of Compaction on Plastic Deformation.
Considering the effect of the compaction degree on plastic
deformation, the plastic deformation values of soil samples
with the same moisture content and partial stress were
compared. Figure 6 shows the plastic deformation curve (A1,
D1) of different compacted soil samples with a moisture
content of 6.8% and a partial stress of 30 kPa. Figure 7 shows
the plastic deformation curve (A2, D2) of different com-
pacted soil samples with a moisture content of 6.8% and
a partial stress of 45 kPa.

Figures 6 and 7 show the cumulative plastic deformation
curves of coarse-grained soils with different compaction
degrees. *e plastic strain decreases with an increasing
compaction degree, with the consideration of the effects of
91% and 96% compaction on the plastic deformation. For
the soil sample with a dynamic stress of 45 kPa and
a compaction degree of 91%, the soil-like plastic strain in-
creased by 50% compared to that with a compaction degree
of 96% after 10000 cycles of loading; therefore, the com-
pactness had a large influence on plastic deformation. *e
larger the compactness was, the better the overall perfor-
mance of the soil was, and the stronger the soil was to
resisting external deformation.

4. Permanent Deformation Prediction Models

4.1.Model Selection. *e prediction model of the permanent
deformation of subgrade soil was put forward by many
scholars in China and abroad, but there is currently no
regression formula between the regression coefficient and
the basic physical and mechanical parameters; thus, it does
not have certain theoretical significance. *e Tseng-Lytton
model is currently used in many models. *e parameters of
the Tseng-Lytton model include resilience strain, moisture
content, and dynamic resilience modulus. *e other factors
can also be obtained by the dynamic rebound modulus, so

the parameters involved in this model are comprehensive.
Since the Tseng-Lytton model has been validated by a large
number of laboratory tests and adopted by the AASHO 2002
design guide, it has high reliability. *erefore, the Tseng-
Lytton model was used in this paper to fit the test data. *e
formula is as follows [15]:

εp(N)

εv
� βr1

ε0
εr

 e
−(ρ/N)β

, (1)

where εv is the vertical strain obtained in the mechanical
analysis of the multilayer system; εr is the rebound strain
when determining the material parameters; βr1 is the cor-
rection coefficient, which is 1; N is the loading times; and ε0,
β, and ρ are the regression parameters.

4.2. Data Fitting. *e least squares method was used to fit
the experimental data according to formula (1). *e pa-
rameters to be fitted are shown in Table 4. *e curve fitting
correlation coefficient showed that the fitting curve was
consistent with the experimental results.

In the multivariate linear regression, the rebound strain
parameter was introduced, and the rebound strain had
a certain proportional relation with the partial stress, and it
was also related to the body stress and compaction degree.
To facilitate the application of engineering, the modulus of
elasticity and moisture content, which reflected the char-
acteristics of the soil in the model, were used as regression
parameters. According to the test, the stress-strain hys-
teresis curves of different loading times were obtained,
indicating that the number of repeated loads had little effect
on the rebound modulus. *erefore, the elastic modulus
was calculated by using the stress-strain hysteresis curve
when the load was applied 100 times. *e logarithmic
relationships among the moisture content, modulus of
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Figure 7: Effect of compaction on plastic deformation (45 kPa).
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Figure 6: Effect of the degree of compaction on plastic deformation
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resilience, and partial stress were obtained through mul-
tiple regressions:

lg
ε0
ε

  � −0.002746Er + 0.0571689Wc

+ 0.5791846, R
2

� 0.71 ,

lg(ρ) � −0.024426Er + 0.1947276Wc

+ 3.6384151, R
2

� 0.75 ,

lg(β) � −0.00461Er + 0.0112417Wc

− 0.49041, R
2

� 0.53 ,

(2)

where wc is the water content, and its unit is %. Er is the
modulus of resilience, and the unit is MPa. σd is the partial
stress, and its unit is kPa.

*e working condition of this test is 12, and α � 0.05.
According to the principle ofmathematical statistics, the critical
value of the correlation coefficient was determined to be
Ra � 7.07, R2

a � 0.5. *e squared correlation coefficient R2

among lg(ε0/εr), lg(ρ), lg(β), and the moisture content and
elastic modulus equations obtained by multiple regression is
greater than 0.5. *erefore, the permanent deformation of
coarse-grained soil could be calculated using the above formula.

5. Calculation of thePermanentDeformationof
Coarse-Grained Soil Subgrade

5.1. Calculation Steps. *e foregoing model was used to
describe the relationship between the plastic deformation of
coarse-grained soil samples and the axial stress level,
moisture content, compaction degree, rebound modulus,
and loading frequency. To reflect the dynamic stress and
deformation characteristics of coarse-grained soil under
long-term vehicle loading, the layered summationmethod of
the mechanistic-empirical method was used to calculate the
dynamic stress deformation of the subgrade surface. *e
calculation steps are as follows:

(1) A mechanical analysis of the subgrade model was
performed to calculate the subgrade working area

based on the conditions required for simulation, and
the subgrade working area was divided into sublayers
according to depth. At a certain depth of the
roadbed, the area where the ratio of the vertical stress
σz caused by the vehicle load to the stress σc gen-
erated by the weight of the soil is greater than 0.1 was
the range of the vehicle load influence, namely, the
subgrade work area.

(2) *e mechanical calculation of the roadbed pavement
structure was carried out, and the elastic strain of the
subgrade under the specified load was obtained.

(3) Each layered elastic strain was substituted into the
prediction model of the permanent deformation of
the coarse-grained soil, and the cumulative plastic
strain of each layer was obtained. *is cumulative
plastic strain value was multiplied by the layer
thickness to obtain the accumulated plastic de-
formation of the layer.

(4) *e cumulative deformation of each layer of soil in the
depth range of the roadbed working area was super-
imposed to obtain the cumulative plastic deformation
at the top of the roadbed. *e formula is as follows:

δp(N) � 
n

i�1
εpi(N)hi, (3)

where δp(N) is the total deformation of the subgrade soil
when the wheel load acts N times, εpi(N) is the plastic strain
of soil layer i, and hi is the layer thickness.

5.2. Example of the Permanent Deformation of Coarse-
Grained Soil Subgrade. *e conditions of this article were
selected from the K56 + 300–K56 + 350 section of the
Nuchen Expressway. Due to frequent rainfall during the
rainy season and the serious vehicle overloading phenom-
enon, the road section was damaged to varying degrees,
which had a certain impact on vehicle travel. *e schematic
diagram of the subgrade and pavement structure of the road
section is shown in Figure 8. *e calculation parameters of
the materials of each layer are shown in Table 5.

Table 4: Fitting data of the permanent deformation curves.

Working conditions *e spring back of strain εr (%) (ε0/εr)εv ρ β R2

A1 0.0283 0.1321 95.3454 0.10567 0.98859
A2 0.0432 0.2066 543.647 0.13487 0.94878
A3 0.0589 0.2723 414.753 0.18078 0.96081
B1 0.0343 0.2871 2104.77 0.15474 0.95312
B2 0.0528 0.2799 651.29 0.17378 0.95154
B3 0.0726 0.4025 1131.93 0.18135 0.94941
C1 0.0393 0.3962 6113.19 0.19941 0.92971
C2 0.0606 0.4815 3587.81 0.15923 0.97721
C3 0.0835 0.6211 6323.82 0.14873 0.92837
D1 0.0360 0.2427 576.75 0.12661 0.94081
D2 0.0545 0.3046 1304.27 0.17214 0.93742
D3 0.0737 0.3697 1021.53 0.17957 0.96353
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Combined with the stratified sum method and the
prediction model for the permanent deformation of coarse-
grained soil, the dynamic load deformation of the top surface
of the coarse-grained soil subgrade under different working
conditions was calculated based on 107 vehicle load times.
*e lateral length of the dynamic deformation map of the
roadbed had a width of one lane (3.75m), and the dynamic
load deformation of coarse-grained soil subgrade under
different working conditions is shown in Figures 7–9.

5.2.1. Axle Load Size Effect. Comparing the degree of
compaction of 96% and the condition of optimum moisture
content, the effects of different axial loads on the cumulative
deformation of the roadbed are shown in Figure 9. When the
axle load increased from 100 kN to 180 kN, the overall
deformation of the subgrade surface increased, and the
maximum dynamic load deformation increased by 1.2 times
from 0.738mm to 1.624mm. *e axle load size was one of
the main factors of the dynamic deformation of the
subgrade.

5.2.2. Subgrade Moisture Content Effect. *e dynamic de-
formation of the subgrade under different moisture content
conditions is shown in Figure 10 for a compaction degree of
96% and an axle load of 100 kN. As shown in the figure,
when the water content increased from 6.8% to 9.5%, the
maximum dynamic deformation at the top of the subgrade
increased from 0.738mm to 2.14mm, which is an increase of
1.9 times.

5.2.3. Compaction Effect. *e comparative moisture content
was 96%, and the axial load was 100 kN. *e dynamic de-
formation of the subgrade under different compaction
conditions is shown in Figure 11.*e figure shows that when

the degree of compaction was reduced from 96% to 91%, the
maximum dynamic load of the subgrade increased from
0.738mm to 1.92mm, which is an increase of 1.6 times.

*e deformation of the roadbed was considered under
a vehicle load of one lane (3.75m) width, as seem in
Figures 8–11. *e figures show that the dynamic de-
formation curve is symmetrical and the shape is roughly
a “W.” *e maximum value of the deformation was directly
below the wheel, and as the distance from the wheel in-
creased, the amount of deformation decreased. *e axial
load, subgrade moisture content, and compaction of the
vehicle had a large influence on the dynamic deformation of
the subgrade. *e dynamic deformation of the subgrade

Table 5: Calculation parameters of the subgrade pavement
materials.

Material parameters Elastic modulus (Pa) Poisson’s ratio
Surface layer 1.4 × 109 0.25
Basic layer 8.0 × 108 0.25
Road base 1.0 × 108 0.3
Soil base 2.0 × 107 0.33

Asphalt concrete surface (15cm)

Cement stabilized macadam base (36cm)

Cement stabilized gravel substrate (20cm)

Coarse soil subgrade

Figure 8: Schematic diagram of the subgrade pavement structure.
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increased with the axial load and moisture content and
decreased with increasing compaction.

6. Conclusions

(1) *e analysis of a permanent deformation test shows
that as the water content and deviatoric stress in-
crease, the permanent deformation of coarse-grained
soil increased, and the permanent deformation of
coarse-grained soil decreased with the increase in
compaction.

(2) *e Tseng-Lytton model was used to fit the data of
the permanent deformation test of coarse-grained
soil. *e fitting results showed that the model can
better reflect the deformation law of coarse-grained
soil.

(3) *e relationships between the logarithm of each
coefficient, the moisture content, and the modulus of
resilience of the prediction model for the permanent
deformation of coarse-grained soils were obtained by
multiple regression.

(4) *e dynamic deformation laws of the top surface of
the subgrade under different axial loading, moisture
content, and compaction degree conditions were
obtained through the prediction model of the per-
manent deformation of coarse-grained soil com-
bined with the layered summation method: the
dynamic deformation curve is symmetrical and the
shape is roughly a “W.” *e maximum value of the
deformation was directly below the wheel, and as the
distance from the wheel increased, the amount of
deformation decreased.
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In an open-pit mine slope, rock mass has multiple joint structures and blasting operations have an obvious influence on its
stability. +erefore, accurately predicting the blasting vibration is necessary to ensure slope stability. In this study, the blasting
vibration signals monitored at a blasting site with different rock masses were used to investigate the attenuation characteristics of
blasting vibration through the peak particle velocity (PPV), frequency characteristics, and energy distribution of the blasting
vibration signals analyzed with the time-frequency processing method. +e results demonstrated that the main vibration fre-
quency of the blasting vibration of dolomite was wider than that of shale, and these main vibration frequencies occurred at 25 kHz
and 14 kHz for dolomite and shale, respectively, at a distance of 50m from the blast area to the vibration monitoring point. With
an increase in the distance from 50m to 200m, the main vibration frequencies decreased to less than 5Hz. With increasing joint
degree, the attenuation rate of the vibration velocity and energy attenuation of the blasting vibration increase, indicating that the
structural parameters of the rock mass (such as the number of joints) have a significant impact on the attenuation law of blasting
vibration. Furthermore, a modified equation that can be used for predicting PPV was developed by considering the effect of the
number of joints in the rock mass on the blasting vibration. For the same ground vibration readings, the correlation factor
increased from 0.8 to 0.85 for the Nicholls-USBM equation and the modified equation, respectively. +e PPV of blasting under
different rock masses of the Baideng open-pit phosphorite mine was used to verify the modified equation. +e results show that
a modified equation can be used for predicting the PPV of blasting engineering in the Baideng phosphorite mine and that the
prediction accuracy is acceptable.

1. Introduction

+e primary operation in open-pit mines is rock blasting. In
blasting, only 20%–30% of the energy produced by the
explosives is converted into mechanical energy to fragment
and displace the rock mass. +e remainder of the explosive
energy is wasted in the form of blast disturbances, such as
rock vibrations, noise, and fly rock, among others. Rock
masses are typically characterized by discontinuous and
anisotropic inhomogeneous structures. +ese discontinuous
structures, such as faults, joints, fissures, and fractured
zones, are randomly distributed in the rock mass and have

important implications for blasting engineering. In blasting
operations, natural cracks in the rock mass structure are
changed by additional stresses induced by the blasting, and
the shear strength of the structural surface is significantly
reduced, thereby decreasing the stability of the rock [1, 2].
Studies on blast vibration harm control are conducted based
on analysis of blast vibrations. Peak particle velocity (PPV) is
an evaluation criterion for the blasting vibration which has
been used for many years; it is predicted by the distance and
the charge weight scaling law [3, 4]. In recent years, many
researchers have conducted studies on the mechanical
properties and strength of structural planes [5, 6] and their
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influence on the slope stability of the surface structure of
rock masses [7–11]. However, only a few studies have been
carried out regarding the vibration wave propagation
characteristics of structural planes. Studies on the vibration
effects of blasting have described the transmission and re-
flection of the stress wave on the surface of the structure
using theoretical analysis and have focused primarily on the
amplitude attenuation effect of structures on the stress wave
[12–14].+erefore, research on the effect of rock mass media
on the attenuation of blasting vibration and accurate analysis
of the influence of rock structures on the propagation of
vibration attenuation in blasting engineering is worth fur-
ther investigation.

Over the last several decades, additional sophisticated
approaches, such as the finite element method and artificial
neural networks, have been used to predict blast vibration
[15–17]. Many researchers have successfully attempted to
process and analyze unstable random blast vibration signals
using signal time-frequency analysis [18–20]. Studies have
also explored the influence of the distance from the blasting
center on the frequency band energy distribution of blast
vibration signals, and signal time-frequency analysis has
become an effective method for investigating the energy
distribution characteristics of a blast vibration signal under
rock mass joints. Based on the results for the time-frequency
characteristics of blasting signals, research on factors
influencing blasting vibration, establishment of a regression
formula describing blasting vibration, and analysis of signal
time-frequency are effective and important methods for the
study of blasting vibration hazards.

In this study, ground vibration monitoring data were
obtained from the Baideng open-pit phosphorite mine in
China. +e energy spectrum of the blast vibration signal
obtained from the measurement data collected during
blasting was then analyzed using a time-frequency analysis
method. +e influence of the rock mass structure on the
attenuation of blast seismic waves was explored from the
perspective of the blast vibration energy. Finally, these vi-
bration monitoring data were used to develop a new re-
lationship, in which the influence of discontinuous
structures is included in the number of joints in rock masses.
+e PPV for different rock masses was used to verify this
relationship.

2. Materials and Methods

2.1. General Project Site Information. +is study was con-
ducted at the Baideng open-pit phosphorite mine, which is
a subsidiary of the Guangming Chemical Co., Ltd.+is mine
is located in Anning, Yunnan, China. +e Baideng open-pit
phosphorite mine lies at a latitude of 24°52′N and a longi-
tude of 102°22′E. +e dip of the strata is gently inclined and
varies from 8° to 20°. +e strata overlying the ore body are
dolomite, shale, and quaternary eluvial alluvium. Deep-hole
bench blasting at a height of 10m is used in this mine, as
illustrated in Figures 1 and 2. In the mining area, blasting
excavation has been used in dolomite and shale, and these
rock strata have developed fault joints. Mechanical pa-
rameters of the intact rock masses such as the uniaxial

compressive strength and tensile strength were tested
according to the methods recommended by the In-
ternational Society of Rock Mechanics (ISRM) [21–24]. +e
rock mass wave velocity and the number of joints were also
measured [25]. +e mechanical properties of the intact rock
masses are summarized in Table 1.

Ammonium nitrate-fuel oil (ANFO) and nonelectric
detonators were used for the blasting excavation. +e typical
depth and diameter of the blast holes were 11m and
130mm, respectively, resulting in a blasting pattern with
a burden of 4m and spacing of 5m. In-hole delay detonators
operated at 400ms. An initiation pattern was produced on
the surface using NONEL with a delay of 25ms. An example
of the initiation network and pattern of drilling holes is
shown in Figure 3.

2.2. PPV Monitoring and Prediction Methods. +e vibration
monitoring points and blasting area were located at the same
elevation. +e distances between the monitoring points and
blasting area were 50, 100, 150, and 200m, as shown in
Figure 4. A blasting vibration recorder (EXP 3850) and
a sensor (CDJ-1) were used to monitor blasting vibrations.
Each monitoring point was equipped with a vibration
sensor. +e sensor must be bonded to the surface of the
intact rock with plaster, and the location of the monitoring
points must be adjusted appropriately to ensure the accuracy
of the measurements. +us, the distance and azimuth were
determined using GPS, as shown in Figure 5.

Over the last half century, researchers have proposed
several empirical equations to describe the attenuation
characteristics of blast vibrations and predict the attenuation
of the PPV [26–28]. +e PPV equations that have been
proposed by different researchers are summarized in Table 2.
In most of these equations, the distance from the free face
and the maximum charge weight per delay are considered
the main parameters influencing PPV prediction. However,
is well known that PPV is influenced by other factors, such as
the rock strength, rock mass discontinuity conditions, and
blast geometry, which have not been explicitly incorporated
in these empirical equations. In this study, the Nicholls-
United States Bureau of Mines (USBM) empirical equation
is used as the prediction equation.

2.3. Wavelet Packet Analysis Method. Wavelet packet anal-
ysis is a time-frequency processing method for a non-
stationary random signal. +is signal is decomposed into
two parts, i.e., the low and high frequencies, using low- and
high-pass filters, respectively. +e two decomposed signals
are then further divided into two parts corresponding to the
low and high frequencies. +us, the signal is continuously
decomposed, thereby exhibiting a high-frequency resolution
[29]. Analysis of the signal continued to the eighth de-
composition level. +e signal decomposition process is il-
lustrated in Figure 6. +e number of frequency bands in the
blasting vibration signals at approximately 2n can be ob-
tained, such that n is the decomposition level of the wavelet
packet analysis. If the lowest frequency of the blast vibration
signal, s(t), is 0 and the highest frequency isW, the width of
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the frequency band at the nth decomposition level will be
W/2n.

Based on the decomposition and reconstruction of the
wavelet packet analysis method, the blast vibration signal,
s(t), can be expressed as follows:

Shale 

Dolomite 

Quaternary eluvial 

alluvium 

Figure 2: Bench of Baideng phosphorite.

Table 1: Mechanical parameters of rock masses.

Rock type UCS (MPa) TS (MPa) ρ (g/cm3) E (GPa) JF Vr (m/s) Vrm (m/s)
Dolomite 95.73 16.48 3.53 87.62 2.1 5247 2471
Shale 58.21 5.84 2.69 55.85 0.9 3813 2895
Note.UCS: uniaxial compression strength; TS: tensile strength; ρ: dry density; E: Young’s modulus; Vr: wave velocity of rock; Vrm: wave velocity of rock mass;
JF: number of joints per 10m.

Quaternary eluvial
alluvium 

Shale 

Dolomite 

Ore body 

Final slope

Figure 1: Geological profile of Baideng phosphorite.
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Figure 3: Initiation network and drilling holes pattern.
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Figure 4: Diagram for location of blasting vibration monitoring.
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Figure 5: Vibration sensor and GPS.
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s(t) � 
2i−1

j

si,j, (1)

where si,j is the reconstructed signal after wavelet packet
decomposition, i is the decomposition level, and j is the
order number of the frequency bands after decomposition,
j � 0, 1, 2, 3, . . . , 2i − 1.

+e energy of each reconstructed signal, Ei,j, after
wavelet packet decomposition is defined as

Ei,j �  si,j(t)



2
dt � 

m

k�1
xj,k




2
, (2)

where xi,j is the amplitude of the discrete points of the
reconstructed signal, m is the number of discrete sampling
points, and k is the number of discrete points,
k � 1, 2, 3, . . . , m.

+e total energy of the analyzed signal, E0, is expressed as
follows:

E0 � 
2i−1

j�0
Ei,j. (3)

+e ratio of the energy in each frequency band to the
total energy can be derived as follows:

Pj �
Ei,j

E0
× 100%. (4)

3. Results and Discussion

Approximately 24 events from 6 blasts were recorded at the
Baideng phosphorite open-pit mine, as summarized in
Table 3. +e blasting areas were grouped into two locations:

the dolomite bench and the shale bench. Figure 7 shows the
velocity histories of the blasting vibration monitoring.

3.1. Attenuation Law for the PPV of Blasting Vibration.
+e relationship between PPV and scaled distance revealed
by the blasting vibration test data is shown in Figure 8. +e
PPV of the dolomite and shale decreases steadily with in-
creasing scaled distance. +e PPV is larger in the dolomite
than in the shale for a constant scaled distance. Lu et al. [30]
reported that the total energy of a blast-induced seismic
activity is directly proportional to the square of the PPV
during the same blasting. +erefore, more explosive energy
was converted to rock mass vibration in the dolomite bench
than that in the shale bench. +e field data were analyzed by
regression using the least squares fitting method. +e at-
tenuation equations for dolomite (PPVd) and shale (PPVs)
are presented as follows:

PPVd � 3852
��
Q

√

R
 

2.57

,

PPVs � 1367
��
Q

√

R
 

1.94

.

(5)

+ese relationships indicate that the PPV decays pro-
portionally to 1/R2.57 for the dolomite and 1/R1.94 for the
shale with increasing distance for a constant explosive
charge weight. +e relationships also indicate that PPV
decreases more rapidly in dolomite than shale.

3.2. Attenuation Law of Energy for Blasting Vibration.
+e sampling rate of the monitoring equipment during the
blasting vibration monitoring is 0–4 kHz. Following the

DA2AA2

AAA3 DAA3

A1

S

DDA3ADA3 DAD3ADD3

D1

ADD3 DDD3

DD2AD2

Figure 6: Diagram for signal decomposition process. A stands for low frequency, D stands for high frequency, and the numbers 1, 2, and 3
stands for decomposition levels.

Table 2: Empirical PPV predictor presented by different researches.

Name Equation
Nicholls-USBM PPV � k[Q1/2/R]n

General Prediction by Davies PPV � kR−nQa

Langefors and Kihlstrom PPV � k[Q1/2/R1/3]n

Bureau of Indian Standard PPV � k[Q/R2/3]n

Ambressys–Hendron PPV � k[Q1/3/R]n

Ghosh–Daemen predictor PPV � k[R/Q1/2]−ne−αR

Note. R: distance from the blast area to the vibration monitoring point; Q: maximum charge weight per delay; k, n, a, α: site constants.
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Nyquist sampling theory, the highest frequency of the signals
being analyzed is 2 kHz. +e Daubechies wavelet series
exhibits smoothness, compact support, and symmetry
compared to a conventional wavelet. +is wavelet series has
been widely used in the analysis of blasting vibration signals.
In this study, the blasting vibration signal was decomposed
into nine layers using wavelet packet analysis, and 29

frequency bands were generated in which each frequency
band is 2000/29 � 3.90625Hz.

+e blast vibration signals underwent decomposition
and reconstruction using db5–db10 in the wavelet packet
according to Equations (2) and (4), respectively. +e errors
in the reconstructed signals are listed in Table 4. +e sta-
tistics in Table 4 indicate that the db8 wavelet packet has the
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Figure 7: +e velocity histories of blasting vibration monitoring. (a) D1. (b) S3.

Table 3: Summary of the blasting-induced vibration data at Baideng phosphorite.

No.
Dolomite

No.
Shale

JF Q (kg) R (m) PPV (mm/s) JF Q (kg) R (m) PPV (mm/s)

D1 2.4 100

46 69.799

S1 0.8 75

57 39.461
97 14.713 112 15.026
151 3.771 168 7.815
202 0.963 215 2.231

D2 2.7 96

55 65.726

S2 1.2 87

73 27.564
105 6.285 133 13.566
147 2.168 185 6.258
198 0.884 223 1.083

D3 1.8 98

48 45.739

S3 1.0 80

55 23.216
111 12.218 97 9.843
172 5.375 152 4.761
237 1.832 201 2.926
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smallest reconstruction error; thus, db8 is used to analyze the
time-frequency energy of the signal in Figure 6. +e energy
distribution of the wavelet packet frequency band for the
blasting vibration signals was obtained for the dolomite and
shale. +e results are listed in Table 5.

+e results presented in Table 5 indicate that the energy
of the blast vibration signal is widely distributed in the
frequency band; however, most of the energy is concentrated
at 0–50.78125Hz. +e energy ratios for the eight signals at
0–50.78125Hz that comprise the total energy are 93.537%,
97.24%, 99.867%, 99.91%, 97.88%, 98.94%, 98.52%, and
99.88%. In Figure 9, the time-frequency spectrum distri-
bution is considered in the range of 0–50Hz to compare the
influence of rock properties and propagation distance on the
distribution of blasting vibration energy. +e main vibration
frequencies of the blasting vibration in dolomite and shale at
a distance of 50m from the blast area are 25 and 14Hz,
respectively. +e main vibration frequency decreases
gradually with increasing distance from the blast area to the
vibration monitoring point. +e main vibration frequencies
of dolomite and shale are less than 5Hz at a distance from
the blast area of 200m.

+e upper limit of the natural vibration frequency of
a ground building is 10Hz. +e energy of the blasting vi-
bration waves is in the range of 0–20Hz and has an obvious
effect on buildings. +erefore, the blasting vibration wave in
this study is divided into primary (0–20Hz) and secondary
(20–50Hz) influence frequency bands, and the energy at-
tenuation law for the different frequency bands is analyzed.
+e energy of each frequency band is subject to a normalized
analysis. +e energy attenuation laws for the blasting vi-
bration in different rock masses and frequency bands are
shown in Figure 10. In Figure 10, at distances of 50–200m
from the blast area to the vibration monitoring point, the
attenuation rate for the dolomite and shale blasting is lower
in the primary influence frequency band than in the sec-
ondary influence frequency band.+e attenuation is lower in

the shale blasting than in the dolomite blasting for the same
frequency band. Figures 9 and 10 show that, in the near-
blasting field (less than 50m), the blasting vibration velocity
and vibration energy of dolomite are higher than that of
shale, and more vibration energy is distributed in the higher
frequency range. In the far-blasting field (more than 50m),
the decay rate of the vibration velocity and energy attenu-
ation of the blasting vibration of dolomite is higher than that
of shale. +e rock mechanics parameters in Table 1 indicate
that the uniaxial compression strength, tensile strength, and
elastic modulus of dolomite are higher than that of shale, but
the dolomite also had more developed joints than the shale.
+ese results demonstrate that, in the near-blasting field, the
vibration attenuation of blasting is mainly affected by the
mechanical properties of the rock; with increasing rock
strength and elastic modulus, the blasting vibration velocity
and vibration energy also increased, which is consistent with
the testing results reported by Xu et al. [31]. However, in the
far-blasting field, the vibration attenuation of blasting is
mainly affected by the structural characteristics of the rock
mass; with increasing number of joints in the rock mass, the
attenuation rate of the vibration velocity and energy at-
tenuation of blasting vibration increased. +erefore, under
geological conditions leading to joint development, the
function of the joint should be considered in blasting vi-
bration predictions.

3.3. Development of a New Relationship. For simplicity, the
distance from the blast area to the vibration monitoring
point (R) and then to the square root of the maximum
explosive charge per delay (Q) is called the scaled distance
(SD), and their relationship can be expressed as follows:

SD � RQ−1/2. (6)

+e PPV prediction with the Nicholls-USBM equation is
written as follows:

PPV � k(SD)
−n

� k

��
Q

√

R
 

n

, (7)

where k is the attenuation constant and n is the attenuation
index.

+e results shown in Figure 10 indicate that the atten-
uation law of the blasting vibration was affected by the
number of joints in the rock mass. +e influence of rock
mass joints on the attenuation law of the blasting vibration
should be considered comprehensively to predict the exact
PPV of blasting, and thus the attenuation equation needs to
be modified. According to the studies conducted by
Simangunsong and Wahyudi [32], the influence of the
number of coal seams should be considered in the prediction
of blasting vibration. +e proposed modified equation for
PPV and SD can be expressed as follows:

Table 4: Reconstruction errors of wavelet packet analysis.

dbN db5 db6 db7 db8 db9 db10
Error value (10−10) 9.896 7.708 4.141 2.537 14.81 15.29
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)
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Figure 8: Scaled distance versus PPV of different positions at
Baideng phosphorite.
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Table 5: +e wavelet packet frequency band energy distribution for blasting vibration signals.

Frequency band (Hz)
D1 S3

46 (m) 97 (m) 151 (m) 202 (m) 55 (m) 97 (m) 152 (m) 201 (m)
0∼3.90625 2.82E− 02 2.42E− 04 3.35E− 03 8.09E− 03 2.37E+ 00 4.28E+ 00 6.84E+ 00 4.01E+ 01
3.90625∼7.8125 3.07E− 02 2.03E− 02 1.52E− 02 3.87E− 03 7.39E+ 00 1.40E+ 01 3.05E+ 01 9.76E+ 00
7.8125∼11.71875 5.49E− 01 4.38E− 02 2.87E− 03 2.38E− 03 1.62E+ 01 3.11E+ 01 1.72E+ 01 1.29E+ 01
11.71875∼15.625 4.95E− 01 3.96E− 02 8.55E− 03 1.75E− 03 4.57E+ 01 2.51E+ 01 1.78E+ 01 3.35E+ 01
15.625∼19.53125 5.43E− 01 2.83E− 03 5.62E− 05 6.60E− 06 1.81E+ 00 2.06E+ 00 1.40E+ 00 1.08E− 01
19.53125∼23.4375 1.84E− 01 6.83E− 03 1.06E− 04 1.67E− 05 3.05E+ 00 2.90E+ 00 3.21E+ 00 9.02E− 02
23.4375∼27.34375 1.62E+ 00 9.94E− 03 2.61E− 03 2.83E− 04 1.68E+ 01 1.55E+ 01 1.32E+ 01 2.01E+ 00
27.34375∼31.25 3.72E− 01 9.32E− 03 5.76E− 04 1.40E− 04 3.37E+ 00 2.99E+ 00 7.84E+ 00 1.27E+ 00
31.25∼35.15625 2.01E− 02 7.51E− 05 1.51E− 06 1.80E− 08 1.21E− 02 1.40E− 02 7.85E− 04 8.70E− 03
35.15625∼39.0625 1.28E− 02 1.38E− 04 2.43E− 06 6.44E− 08 2.99E− 02 1.05E− 02 2.57E− 03 1.13E− 02
39.0625∼42.96875 1.50E− 02 1.32E− 03 7.52E− 06 3.91E− 07 1.61E− 01 1.84E− 02 3.10E− 02 8.79E− 02
42.96875∼46.875 1.58E− 02 2.64E− 04 3.95E− 06 2.70E− 07 2.80E− 02 2.02E− 02 1.73E− 02 1.13E− 02
46.875∼50.78125 3.17E− 01 1.09E− 03 1.87E− 05 2.13E− 06 9.40E− 01 8.83E− 01 4.79E− 01 2.45E− 02
50.78125∼101.5625 2.12E− 01 3.70E− 03 3.83E− 05 1.06E− 05 1.86E− 02 1.44E− 03 2.98E− 04 2.97E− 06
101.5625∼203.125 5.74E− 02 1.48E− 04 2.67E− 06 1.64E− 07 1.79E− 03 6.70E− 05 4.79E− 06 1.77E− 06
203.125∼300.78125 3.87E− 03 9.82E− 07 8.22E− 07 6.79E− 08 1.90E− 04 7.50E− 06 6.89E− 07 1.77E− 07
300.78125∼500 1.03E− 02 6.78E− 07 1.65E− 06 1.93E− 07 9.14E− 06 6.71E− 07 3.06E− 08 1.87E− 07
500∼1000 3.86E− 03 4.74E− 06 3.07E− 06 1.62E− 06 9.67E− 08 1.61E− 07 1.08E− 09 1.22E− 07
1000∼2000 2.42E− 03 3.53E− 07 3.21E− 07 1.59E− 06 4.18E− 09 1.60E− 07 4.30E− 10 1.13E− 07
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Figure 9: Time-frequency energy spectrum distributions for blast vibration signals. (a) D1. (b) S3.
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PPV � k SDJF 
−n

� k [1 + log(1 + JF × R)]
R
��
Q

√ 

−n

.

(8)

If JR is 0, then the new SDJF will become the original SD
(Equation (6)), in which no influence of the joint plane is
considered in the prediction of PPV.

A total of 24 ground vibration readings at the Baideng
open-pit phosphorite mine are listed in Table 2 and were
used to examine the relationship between PPV, SD, and
SDJF. +e results are plotted in Figure 11. +e modified
equation PPVJF exhibits a better correlation factor (R2) than
the original Nicholls-USBM relationship PPV; the correla-
tion factors are 0.85 and 0.80, respectively. +e newly
modified equation, which considers the effect of joints,
demonstrates superior accuracy and applicability for pre-
dicting blasting vibration at the Baideng open-pit phos-
phorite mine.

In an open-pit minefield, different rock properties are
observed between the blasting area and the monitoring
point, thereby corresponding to different joint degrees, as
shown in Figure 12. JF in the different rock masses are
expressed by JF1, JF2, . . ., JFi, and the distances are expressed
by R1,R2, . . ., Ri, respectively. +erefore, Equation (8) can be
expressed as follows:

PPV � k 1 + log 1 +  JFi · Ri  
R
��
Q

√ 

−n

. (9)

A total of 15 vibration readings were obtained from the
Baideng open-pit phosphorite mine, in which the blasting
areas and monitoring points are located in the different rock
masses, i.e., shale and dolomite, as summarized in Table 6.

+e modified equation and Nicholls-USBM empirical
equation were then used to predict the PPV of the remaining
readings. +e results are shown in Figure 13, in which the

monitored PPV is compared with the predicted results. In
Figure 13, the PPV predicted by the modified equation is
visually a better fit for the monitoring data than that predicted
by the Nicholls-USBM equation. In particular, the prediction
results are greater than the monitored data for predicting
strong vibrations, which will benefit the analysis of slope
stability during blasting. +e results demonstrate that the
modified equation can be used for predicting the PPV of
blasting engineering in the Baideng open-pit phosphorite
mine and that the accuracy of the predictions is acceptable.

4. Conclusions

In this study, blasting vibration signals were monitored for
dolomite and shale blasting areas in the Baideng open-pit
phosphorite mine. Moreover, the effect of attenuation laws
on the blasting vibration signals in rock masses having
different properties was analyzed using the wavelet packet
time-frequency analysis method. Based on the results, the
following conclusions can be made:

(1) +e blasting vibration attenuation coefficient exhibits
a clear relationship with the rockmass.+e attenuation
law coefficient, k, and n for the blasting vibration waves
were (3852, 2.57) and (1367, 1.94) at the dolomite and
shale blasting areas in the Baideng open-pit mine,
respectively. +e attenuation rates of the PPV and
energy are higher in the dolomite than in the shale.

(2) +e blasting vibration signal spectra based on the
wavelet packet time-frequency analysis are mainly
composed of low frequencies, whereas the spectra of
the blasting vibration signals are mainly composed of
low frequencies, with the main vibration frequency
in the range of 0–50Hz. +e main vibration fre-
quency decreases with increasing distance to the
monitoring points.

(3) +e degree of development that the rock mass joints
have undergone influences the attenuation rate of the
PPV, and the PPV attenuation rate is high when the
number of joints in the rock mass is high. A new
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Figure 11: Relationships between PPV and SD and SDJF.
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relationship was developed to improve the pre-
diction of PPV in the different rock masses of the
open-pit mine by accounting for the degree of de-
velopment and number of joints in the rock mass.
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In order to reveal the failure mechanism of the deep roadway under mining-induced pressure in coal mine, the boundary equations for
the plastic zone around the deep roadway were deduced, and then the evolution laws for morphology of the plastic zone and the
relationship between themorphological indexes and the stability of surrounding rockwere discussed.)e results show that, for the deep
roadway, the effect of mining on the plastic zone is more sensitive than that on the shallow one. Even if the changes of mining influence
are small, they may also cause extremely serious plastic failure of surrounding rock masses, leading to the sudden instability of the
roadway. When the plastic wings of the plastic zone are approximately perpendicular to the roof, floor, or sidewall, the large de-
formation and failure of the deep roadway are very likely to occur. Compared with the index of the uniformity coefficient, the irregular
shape coefficient can be used to better characterize the differences in the plastic zone morphology. Finally, a case study was provided to
apply the principles for the formation and extension of a butterfly-shaped plastic zone.

1. Introduction

With the increasing shortage of coal resources in shallow
depth, the mining depth of coal mine in China is increasing
at a speed of 10–25m per year. Currently, China has 47 coal
mines more than 1000m deep [1–3]. Deep coal mining at
1000m in other countries like Poland, Germany, Britain,
and Japan is also common [4]. Compared with shallow
mining, deep coal mining is confronted with some com-
plicated problems such as large deformation, rockbursts, and
water hazards [5–8]. Among them, the large deformation
and failure of deep roadways threaten seriously mining
production and safety [9].

In order to minimize the disasters, the first thing to be
solved is the clarity of the failure mechanism for deep
roadways or deep rock. In recent years, scholars have
carried out a lot of research on it by using numerical
simulation, model testing, theoretic analysis, etc. For ex-
ample, Dolezalova et al. [10–16] used FEM, FLAC3D,

FDEM, and 3EDC to simulate stress distribution and
failure evolution of deep engineering, respectively. In view
of the nonlinear problems of large deformation occurring
in a deep soft rock roadway, He [17] adopted the material
point method (MPM) to simulate the large deformation
and failure process of deep rocks. Geomechanical model
test is also an important way to investigate the failure
behavior of deep surrounding rock. Sun et al. [18–20]
conducted large-scale model tests. For theoretical analysis,
Wang et al. [21] developed a dynamic failure constitutive
model to computer deep large deformation, and Zareifard
and Fahimifar [22] deduced an analytical solution for the
stresses and deformations of deep tunnels considering the
damaged zone. By field detection, the failure characteristics
of the deep rock were also obtained [23, 24]. Zhao et al.
[25–28] performed rock creep tests under multilevel load
and revealed the nonlinear relationships between the in-
stantaneous strain, viscoelastic strain, viscoplastic strain,
and high deviatoric stress.
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Large deformation and failure of deep roadways are not
only related to high stress and weak rock masses but also
closely associated with the mining-induced pressure (the
side and front abutment pressure); thus, the influence of
mining is sometimes a nonignorable factor [29, 30], whereas
limited research studies [31, 32] have been carried out on the
damage and failure of deep roadways subjected to mining-
induced pressure.

Although the deformation and instability of deep road-
ways have been studied, the failure mechanism is still far from
being complete and satisfactory. )e previous research
[33, 34] shows a close relation between the range and shape of
the plastic zone and the stability of the roadway. Moreover,
the plastic zone will be extended under the external extra
load, which would result in the increase of unrestrained
deformations and deterioration of the surrounding rock
strength [35–40]. )erefore, the distribution and evolution of
the plastic zone around the deep roadway under the sec-
ondary stress field is key to investigate its failure mechanism.
In this work, the morphological evolution of the plastic zone
and the relationship between the morphological indexes
proposed and the stability of surrounding rock were explored.

2. Failure Characteristics of Deep
Roadway under Mining-Induced
Pressure in Coal Mine

For deep roadway, the high geostress and the intense mining
activities nearbymainly lead to a quite nonuniform, complex
stress field, which causes severe failure of the mining-
influenced deep roadway. )e main failure characteristics
of this kind of roadway are as follows:

(1) )e roadway roof subsides sharply, which can reach
500∼1200mm, as shown in Figure 1(a). Part of rock
masses in the top anchorage region slides down.

(2) )e deformation of sidewalls is serious. Extruding
magnitude of a single sidewall ranges from 400mm
to 800mm. Besides, the phenomenon of sidewall
caving appears in some regions (Figure 1(b)).

(3) )e obvious floor heave causes cracking of shotcrete
lining and serious inclination of the brace and track;
thus, the roadway cannot be used properly (Figure 1(c)).

(4) Influenced by high geostress, repeated mining ac-
tivities, and geological structures, the deformation of
the roadway surrounding rock appears significantly
asymmetry, which hinders the utilization of the
roadway (Figure 1(d)).

3. Evolutionary Laws of Morphology for
Plastic Zone around Deep Roadways under
Mining-Induced Pressure

3.1. Evolution Equation for Boundary of Mining-Induced
Plastic Zone

3.1.1. Basic Assumptions and Mechanical Model. )e deep
gate roadways are often subjected to mining influence from

their own working face and adjacent excavation, which con-
tributes to the superposition of the initial stress field, abutment
pressure, and other dynamic loads.)erefore, the regional stress
field of deep gate roadways is quite complex. In order to solve
problems conveniently, the following assumptions are made:

(1) )e length of the roadway along the horizontal di-
rection is infinite, with a circular cross section, the
radius R0, and the buried depth H≥ 20R0.

(2) )e surrounding rock is considered the isotropic,
homogeneous medium and an incompressible ma-
terial in plasticity.

(3) )e initial maximum and minimum principal
stresses of the roadway are P1 and P3, respectively,
which are parallel to the coordinate axes, without
consideration of the supporting force.

(4) Two parameters Dς1 and Dς3 (i.e., mining coefficients
for the maximum and minimum principal stresses)
that characterize the effect of mining on the initial
principal stress are introduced. )e principal stress
field of the roadway changes with mining activities
except for the stress direction.)emechanicalmodel of
the roadway is shown in Figure 2, and the surrounding
rock can be divided into the plastic zone (radius equal
to Rp) and elastic zone from inside to outside.

3.1.2. Boundary Equation of Plastic Zone (the Principle
Stresses Parallel to Coordinate Axes). )e pressure (in
Figure 2) acting on the surrounding rock is decomposed into
two cases I and II, as shown in Figure 3.

For Case I, according to the theory of elasticity [17, 21],
the elastic stress field of the roadway surrounding rock
subjected to uniform pressure is as follows:

σr �
Dς1P1 + Dς3P3 

2
1−

R2
0

r2
 ,

σθ �
Dς1P1 + Dς3P3 

2
1 +

R2
0

r2
 ,

⎧⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎩

(1)

where σr and σθ are the radial stress and tangential stress at
any point in surrounding rock under polar coordinates, re-
spectively, and r represents the radial coordinate of this point.

For Case II, the stress field of the surrounding rock is as
follows:

σr �
Dς3P3 −Dς1P1 

2
cos 2θ 1−

R2
0

r2
  1− 3

R2
0

r2
 ,

σθ � −
Dς3P3 −Dς1P1 

2
cos 2θ 1 + 3

R4
0

r4
 ,
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Dς3P3 −Dς1P1 

2
sin 2θ 1−

R2
0

r2
  1 + 3

R2
0

r2
 ,

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎩

(2)
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Figure 1: Main characteristics of deformation and failure for the deep roadway under mining-induced pressure.
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Figure 2: Mechanical model of the roadway.
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where τrθ is the shear stress in polar coordinates and θ is the
tangential coordinate of the point.

After superposition of the stress fields of surrounding
rock in two different cases, the elastic stress field of the

circular roadway subjected to mining-induced pressure can
be obtained as follows:

σr � 1−
R2
0

r2
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2
+
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(3)

In terms of the literatures [21, 22], the polar expression of
the Mohr–Coulomb yield criterion is

σr − σθ( 
2

4
+ τ2rθ �

σr + σθ( 
2

4
− c

2
 

(1− cos 2φ)

2

+ c
2

+
σr + σθ( 

2
c · sin 2φ,

(4)

where c denotes the cohesion of the surrounding rock and φ
indicates the internal friction angle.

Assuming that m � Dς1P1 + Dς3P3, n � Dς3P3 −Dς1P1,
w � R2

0/r
2, and t � n cos 2θ, substituting (3) into (4),

the implicit function referred to r and θ is obtained as
follows [41]:

f(r, θ) � mw− t 1 + 3w
2 − 2w  

2

+ n sin 2θ 1− 3w
2

+ 2w  
2

− (m− 2wt)
2 − 4c

2
 

(1− cos 2φ)

2
− 4c

2

− 2(m− 2wt)c sin 2φ.

(5)

When f(r, θ) � 0, it becomes the interface between the
elastic and plastic zones of the deep roadway, i.e., the
equation for boundary of the plastic zone. Especially for P1 �

P3 and Dς1 � Dς3 � 1, the radius of the plastic zone around
the circular roadway under uniform stress field can be
obtained from formula (5), which is

R0

P′

P′

P′P′
R0

P′′

P′′

P′′

P′′

Figure 3: Decomposition of surrounding rock pressure for the roadway: (a) Case I and (b) Case II. P′ � (Dς1P1 + Dς3P3)/2;
P″ � (Dς3P3 −Dς1P1)/2.
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3.1.3. Boundary Equation of Plastic Zone (the Principle
Stresses with a Certain Rotation Angle). )e engineering
practice shows that not only the magnitude of principal
stress of the roadway but also the direction of that will be
changed due to the nearby coal mining. It is assumed that the
deflection angle of the maximum principal stress Dς1P1 is β
relative to Figure 2, and the counterclockwise direction is
positive. A new coordinate system x′ −y′ is established, as
shown in Figure 4.

In the new and old coordinates, the polar coordinates of
any point A in the surrounding rock are (r′, θ′) and (r, θ),
respectively. It is seen from Figure 4 that the rotation angle
of the new coordinate axes relative to the old ones is β.

In the new coordinate system, the boundary equation of
the plastic zone around the deep roadway under mining-
induced pressure is similar to formula (5), given as follows:

f r′, θ′(  � mw′ − t′ 1 + 3w′2 − 2w′  
2

+ n sin 2θ′ 1− 3w′2 + 2w′  � 
2

− m− 2w′t′( 
2 − 4c

2
 

(1− cos 2φ)

2
− 4c

2

− 2 m− 2w′t′( c sin 2φ,

(7)

where m � Dς1P1 + Dς3P3, n � Dς3P3 −Dς1P1, w′ � R2
0/r′

2,
and t′ � n cos 2θ′.

Note that the relationship between the new and old polar
coordinates of any point A is r′ � r and θ′ � θ − β; therefore,
the implicit equation for the boundary of the plastic zone
under deflection of the principal stress field can be obtained
from formula (7), given as follows:

f(r, θ) � mw− t1 1 + 3w
2 − 2w  

2

+ n[sin 2(θ− β)] 1− 3w
2

+ 2w  
2

− m− 2wt1( 
2 − 4c

2
 

(1− cos 2φ)

2
− 4c

2

− 2 m− 2wt1( c sin 2φ,

(8)

where w � R2
0/r2 and t1 � n cos 2(θ − β).

3.2.Morphological Evolution of Plastic Zone around Roadway
under Mining-Induced Pressure. Based on formula (5), the
evolution of the plastic zone and the failure of surrounding
rock of the deep roadway under mining-induced pressure
were discussed. )e diagrams of plastic zone distribution
were drawn (Figure 5).

In Figure 5, the parameters are set as follows: R0 � 2m,
c � 3MPa, φ� 25°, and P1 � P3 � 20MPa. It is shown in
Figure 5 that the pressure caused by coal mining has

significant effect on the distribution of the plastic zone
around the deep roadway. )e shape of the plastic zone
varies with the increase of the pressure difference between
horizontal and vertical direction, from circle to ellipse,
rounded rectangle, and butterfly shape. Except for the
butterfly shape, the dimension of the other three plastic zones
is generally between 2.6m and 3.2m, without significant
differences. In contrast, the plastic radius of the butterfly-
shaped plastic zone increases greatly in the inclined direction
between the maximum and minimum principal stress due to
the formation of the plastic wing, and the maximum plastic
radius occurs nearby the bisector of the two directions.

Due to the influence of mining, the butterfly-shaped
plastic zone around the deep roadway is more likely to occur.
It is observed from Figure 5(a) that, with the increase of the
vertical mining coefficient for the maximum principal stress,
the plastic wings form and experience a rapid expansion,
which present the slender type. For example, the size of the
plastic wing grows exponentially during Dς1 changing from
2.5 to 2.8, with the maximum plastic radius (rp,max) of 15m.
)is demonstrates that the plastic damage of rock masses
within this area is very sensitive to the mining coefficient.
Even if the changes of mining influence are small, it may also
cause serious localized deformation and failure of the sur-
rounding rock mass. )e phenomenon that the shear de-
formation and failure often occur at the top or bottom
corner of the deep roadway under the mining-induced
pressure is proved theoretically by the formation and
nonlinear extension of the plastic wings, which also shows
that the deformation of the mining-influenced roadway is
larger than the ordinary one. )us, it is quite difficult to
ensure the stability of the roadway.

Rp x

y

Dς1P1

Dς3P3

Dς1P1

Dς3P3

x′

y′

r′

A

0R

Plastic zone

Elastic zone
O

β

β

θ′

Figure 4: Mechanical model of the roadway under deflection of the
principal stress field.
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If the direction of the principal stress field for the mining-
influenced roadway rotates, how the morphology of the
plastic zone distributes and what is the relationship between
the stability of surrounding rock and the morphological
characteristics of the plastic zone should be investigated. )e
distribution diagram of the plastic-zone boundary around
the circular roadway is plotted by formula (8), as shown in
Figure 6. )e parameters are set as follows: R0 � 2m,
c � 3MPa, φ� 25°, Dς3 � 1, Dς1 � 2.8, and P1 � P3 � 20MPa.

It is found from Figure 6(a) that when the maximum
principal stress Dς1P1 is perpendicular to the roof stratum of
the roadway (i.e., β � 0), the maximum depths of plastic
damage mainly exist at the top and bottom corner, while the
range of the plastic zone in the roof is quite small. With the
increase of the deflection angle β of the maximum principal
stress, the plastic damage of the roadway roof is gradually
enlarged, and consequently, the stability of the roof is also
deteriorated, as shown in Figure 6(b).

In Figure 6(c), the maximum principal stress is deflected
at β � 50°, while the four plastic wings are just perpendicular
to the sidewalls, floor, and roof. Under the ultrahigh stress
field (Dς1P1 � 42MPa) caused by strongmining, the depth of
the plastic wings can reach up to 14m; therefore, floor heave,
roof sinking, and side wall extrusion often occur in the deep
mining-affected roadway. It should be pointed out that if the
rock mass structure of the roof is poor or the support is
improper, the caving risk of the roof rock mass within the
plastic wing will be very high. )e plastic wings rotate with
the continuous rotation of the maximum principal stress,
and the area of the plastic zone in the roof decreases
gradually, as shown in Figure 6(d).

3.3. Malignant Expansion of the Plastic Zone around
a Roadway. Figure 7 shows the effect of Dς1 on the plastic

radius r, and the necessary parameters are set as follows:
R0 � 2m, c � 3MPa, φ� 25°, and Dς3 � 1. )e values of r are
all taken from the intersection of the plastic wing in the first
quartile and the direction of θ � π/4 to represent the maxi-
mumplastic radius rp,max. It is seen fromFigure 7 that whether,
for low stress or for high stress, the curves all can be divided
into two stages. During the first stage, the plastic radius keeps
increasing near-linearly as the mining coefficient for the
maximum principal stress raises, and r can be stabilized at
a certain value. When Dζ1 exceeds the critical value Dζc, the
second stage starts. Clearly, the growth rate of r increases
rapidly and r approaches to infinity finally, which shows that
themalignant expansion of the plastic zone occurred.Here,Dζc
is called the critical mining coefficient. )e greater the initial
stress, the smaller the value of Dζc, which indicates that the
mining-influenced roadway is more likely to produce malig-
nant expansion of the plastic zone under high stress.

Figure 8 shows the relationship between the radius of the
plastic zone and the mining coefficients for the maximum
and minimum principal stresses under nonuniform high
stress, where P1 � P3 � 20MPa. When Dζ3 takes a larger
value (3∼5), the plastic radius r decreases from the infinite
value to the minimum value (at the neutral line) with the rise
of Dζ1, and then it increases to a relatively small value. )e
neutral line indicates the congruent relationship between
Dζ1 and Dζ3 when r takes the minimum value. It means that
the radius of the plastic zone around the roadway reaches the
minimum when the pressure distributes uniformly. )e
existence of the neutral line proves that one of the principles
for the design and support of the deep roadway under
mining-induced pressure is that the stress environment of
surrounding rock should be improved, and its non-
uniformity is required to be minimized for reducing the
depth of plastic failure.
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Figure 5: )e plastic zone morphology of the deep roadway (a) influenced by vertical mining-induced pressure and (b) influenced by
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Based on the above analysis, the following definitions are
made:

(1) )emalignant expansion of the plastic zone (MEPZ):
the radius r of the plastic zone increases rapidly
with the increase of a certain variable ξ; finally, r
cannot be stable at a certain magnitude but grows
infinitely. )is can be expressed as lim

ξ→ ξe
r(ξ) �∞,

where r(ξ) is the function of the plastic radius and ξe
denotes the upper limit of the variable ξ.

(2) )e criticality for the malignant expansion of the
plastic zone (ξc): the plastic radius r increases
gradually with the growth of the variable ξ; when ξ

increases to a certain value ξc, the growth rate of r
increases rapidly, and eventually r is approaching
infinity. Here, ξc is called criticality for the malignant
expansion of the plastic zone.

4. Index System for Morphological
Characteristics of Plastic
Zone around a Circular Roadway

In this section, the index system for characterizing the
morphological features of the plastic zone around the cir-
cular roadway was established using the geometric mor-
phology theory.
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Figure 6: Distribution of the plastic zone around the circular roadway under deflection of the principal stress field: (a) β� 0°; (b) β� 30°;
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4.1. Main Indexes for Morphological Characteristics of the
Plastic Zone. Generally, the elastic or plastic solution for the
underground roadway is treated as a plane problem, and the
plastic failure field obtained is also a 2D figure.)erefore, the
indexes established and related parameters are all for the 2D
diagrams.

4.1.1. Uniformity Coefficient (Uc). )e uniformity coefficient
Uc is used to characterize the differences in plastic failure

depths on the plastic zone boundary around the circular
roadway along any direction from 0 to 2π. )e closer the
value of Uc is to 1, the smaller the differences in plastic radius
of the plastic zone in all directions are, the closer the shape of
the plastic zone is to circle. Generally, the roadway with the
circular plastic zone is more stable and has better integrity
than those with the heteromorphic plastic zone with the
same extension area. Uc can be expressed as follows:

Uc �
P2
b

4πAp
, (9)

where Pb is the perimeter of the plastic zone boundary
around the roadway and Ap denotes the area enclosed by the
plastic zone boundary.

4.1.2. Extension Factor (Ef ). )e extension factor Ef is
defined as the ratio of the area of the plastic zone of the
surrounding rock to sectional area of the roadway. )e
extension factor reflects the relative size of the plastic zone
extension. )e larger the Ef is, the larger the range of plastic
failure of the surrounding rock is, i.e., the more unstable the
surrounding rock mass is. )e index of Ef is not only related
to the size of the plastic zone but also associated with the
dimension of the tunnel. Hence, it is applicable to com-
paratively analyze the plastic zones around roadways with
different sizes. Ef can take the following form:

Ef �
Ap0

A0
�

Ap0

πR2
0
, (10)

where R0 is the radius of the roadway section; A0 is the
sectional area of the roadway; and Ap0 represents the area of
the plastic zone, and it can be obtained from Ap0 � Ap −A0.

4.1.3. Equivalent Radius (Req,p). )e equivalent size and
range of the plastic zone can be described by the equivalent
radius Req,p that is one of the important geometric pa-
rameters for intuitively reflecting the macroscopic geometry
of the plastic zone. )e plastic zone with irregular shape can
be transformed into an equivalent circular one in terms of
the principle of the same area, shown as the dashed line in
Figure 9. )e equivalent radius Req,p is calculated by the
following formula:

Req,p �

���
Ap

π



. (11)

4.1.4. Extended Depth Coefficient (Edc). In order to char-
acterize the relative size of the extended depth for plastic
limit, the extended depth coefficient Edc is introduced. It can
be written as follows:

Edc �
dmax

R0
, (12)

where dmax is the maximum plastic radius of the roadway.
)e greater the Edc is, the more serious the plastic failure of
surrounding rock is at the direction in which dmax is located.
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Although the different roadways have the same Edc values,
the dmax values are not equal. )us, the local stability of the
surrounding rock is also different.

4.1.5. Irregular Shape Coefficient (Isc). )e shape of the
plastic zone is closely related to the stability of the roadway.
Usually, the roadways with an irregular plastic zone are less
stable than those with the regular one due to weak regions in
surrounding rock. )en, the index Isc is used to characterize
the degree of irregularity for the shape of the plastic zone. It
is defined as the ratio of the maximum plastic radius to the
minimum one, given as follows:

Isc �
dmax

dmin
, (13)

where dmin is the minimum plastic radius of the roadway
surrounding rock. )e range of the irregular shape co-
efficient is Isc ∈ [1, +∞); the closer the value of Isc is to 1, the
more regular the shape of the plastic zone in surrounding
rock masses is.

4.2.Analysis for IndexesofMorphologicalCharacteristics of the
Plastic Zone. In order to clarify the change of indexes with
the evolution of the plastic zone, the plastic zones (Figure 10)
with different shapes were analyzed. )e conditions for
calculation are the same as given in Section 3.2. )e re-
lationship between the indexes and η is shown in
Figures 11–13. η is the ratio of the vertical principal stress to
the horizontal one, i.e., η � (Dς1P1/Dς3P3).

It can be seen from Figures 10 and 11 that Uc and Isc
increase continuously with the increase of η. When η exceeds
1.9, the growth rate of Uc and Isc becomes larger, which
indicates that the differences in the plastic extension depth at
various directions are accelerating after the plastic zone
evolved into the butterfly shape. )us, the shape of the
plastic zone becomes more irregular, and the stability of the
surrounding rock for the roadway is reduced greatly. Ad-
ditionally, even if the change laws of Uc and Isc are similar,
Isc is more sensitive to the morphological changes than Uc,

which shows that the differences in morphological changes
can be better reflected by the index Isc.

)e change process of Ef and Edc with η can be all
divided into two stages as shown in Figure 12. )e first stage
is a slow growth period, and then the second stage of rapid
growth starts, which shows that the area of the plastic zone
and the limit of extended plastic depth will accelerate when
the shape of the plastic zone changes into the butterfly shape.
For η> 2.2, the growth rate of the area of the plastic zone is
much larger than that of the limit of extended plastic depth,
and the overall stability of the surrounding rock will be
decreased greatly.

In Figure 13, the equivalent radius Req,p increases ap-
proximately at a constant acceleration during the initial stage
(η ∈ [1.0, 2.2]); after that, the accelerating growth stage
begins, in which the maximum equivalent radius of the
plastic zone can be achieved (8.805m). It is far beyond
the anchorage range of the rock bolt, which indicates that the
size of the plastic zone around the deep roadway under the
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high deviatoric stress becomes quite large and that the size
change of the plastic zone is more sensitive when the plastic
zone enters into the stage of butterfly-shaped evolution;
therefore, the roadway tends to more easily fail.

5. Field Validation

5.1. Project Overview and Failure Status of the Roadway.
)e #603 tailgate is located at the west second raise mining
area of a coal mine in Jiangxi Province, China. B4 coal seam
with the average thickness of 2.8m is the main mining
object. )e design length of #603 tailgate is 787m with
a buried depth of 806m. )e geological structure of coal-
measured strata is relatively simple. )e immediate roof of
this roadway is siltstone with a thickness of 8∼10m, and the
main roof with a thickness of 2∼4m is the interbed of
siltstone and fine sandstone. While the immediate floor is
mudstone with a thickness of 2∼4m, the main floor of
sandstone is 12m in thickness.

For the deep coal mining, it is very difficult to maintain
the roadways, resulting in unbalance of the mining-drifting.
)e gate roadways have to be tunneled along the unstable

gob before finishing the #602 working face. )erefore, the
#603 tailgate is not only influenced by the unstable gob but
also by the present working face mining. )e failure char-
acteristics of #603 tailgate were obtained by field in-
vestigation and testing:

(1) Serious subsidence of the roof stratum and the
extrusion of the sidewall occurred. As shown in
Figure 14, during the recovery of #603 working face,
the roof had an extremely serious subsidence, leading
to large angle lean of the metal pillar, failure of bolts
and cables, and localized roof fall. Both sidewalls
squeezed out severely, the deformation of a single
sidewall was up to 300∼700mm, and the contraction
rate of the roadway section was nearly 40%.

(2) Serious floor heave occurred within the 60% length
of the roadway, which hindered the use of roadway
and the normal production of the coal mine.

(3) )e distribution characteristics of the failure field in
#603 tailgate surrounding rock were detected in
boreholes by the recorder for strata detection, as
shown in Figure 15.)e results show that the damage
depth of surrounding rock reaches nearly 8m and
the damage range is abnormally large; thus, the
strength and integrity of internal rockmasses around
the roadway deteriorate.)e failure depth of the roof
and the sidewalls is significantly larger than that of
the two top corners, while the failure depth of the
roof is larger than that of the sidewalls.

5.2. Analysis for Failure Mechanism of Roadway Based on the
Mining-Induced Plastic Zone. According to the field situa-
tions, the parameters for calculation are simplified as fol-
lows: R0 � 2.3m, c � 3.3MPa, φ� 27°, P1 � 20.2MPa, and
P3 � 16MPa. Additionally, Dς1 � 2.4, Dς3 � 1.0, and β� 40°
in terms of the past monitoring data for ground pressure.
)en, the distribution diagram of the plastic zone around the
roadway can be drawn by formula (8), as shown in Figure 16,
and the magnitudes of morphological indexes are shown in
Table 1.

2

3

4

5

6

7

8

9

10

R e
q,

p (
m

)

1.2 1.4 1.6 1.8 2.0 2.2 2.4 2.6 2.8 3.01.0
η

2

3

4

5

6

7

8

9

10

Figure 13: )e relation curves for η-Req,p.

EfEf

Edc

Edc

0
2
4
6
8

10
12
14
16
18
20

1.2 1.4 1.6 1.8 2.0 2.2 2.4 2.6 2.8 3.01.0
η

0
2
4
6
8
10
12
14
16
18
20

Figure 12: )e relation curves for η-Ef , Edc.

10 Advances in Civil Engineering



It can be seen from Figure 16 that the plastic zone of the
surrounding rock shows an obvious butterfly shape and the
plastic wings extend greatly along the roof, floor, and
sidewalls of the roadway. )e indexes Uc � 3.46, Isc � 4.98,

Ef � 12.13, and Req,p � 8.33 m in Table 1 indicate that the
shape of the plastic zone is quite irregular and that the area
and dimension of plastic failure in the surrounding rock are
very large, especially for the limit of extended depth for the

Sidewall protruding seriously
Roof sinking heavily

Failure of double rebar-beam

Figure 14: Typical failure modes of surrounding rock masses.
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Figure 15: Detected results for the failure field of #603 tailgate.
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Figure 16: Distribution of the plastic zone in surrounding rock.
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plastic wings (dmax � 13.24 m) which is 5.76 times the radius
of the roadway so that it is extremely serious for the plastic
deformation and failure of rock masses in these plastic wings
grown along the roof, floor, and sidewalls.

Based on the above analysis and the field situation, the
failure mechanism of #603 tailgate is deemed that the soft
surrounding rock produced notable deformation in the early
stage due to insufficient strength and stiffness of support
under high geostress. With the violent influence of roof
caving in the gob and mining for #603 working face, the
stress field around the roadway became the ultrahigh,
nonuniform stress field; furthermore, the direction of the
principal stress deflected, and consequently, a typical
butterfly-shaped plastic zone formed (Figure 16). Since the
plastic wings with great extended depths were nearly per-
pendicular to the roof, floor, or sidewalls and the fissures were
more developed in surrounding rock, all of them caused
nonlinear failure of the surrounding rock of the roadway.

6. Conclusions

(1) )e analysis of the boundary equation for the plastic
zone shows that when considering the influence of
mining, the butterfly-shaped plastic zone in sur-
rounding rock is more likely to occur, and the size of
the plastic wing and the range of plastic failure are
greater than those without consideration. If the
plastic wings are approximately perpendicular to the
roof, floor, or sidewall, large deformation and failure
are very likely to occur for the deep roadway.

(2) )e definitions of malignant expansion of the plastic
zone and its criticality were made. )e effect of
mining on the plastic zone around the deep roadway
is more sensitive than that on the shallow one. Even
if the changes of mining influence are small in short
time, it may also cause serious deformation and
plastic failure of surrounding rock masses, leading to
the sudden instability of the roadway.

(3) )e index system for morphological characteristics
of the plastic zone around the circular tunnel was
built, and the relationship between these indexes and
the stability of surrounding rock were deeply ana-
lyzed. Compared with Uc, Isc is more sensitive to the
morphological changes; thus, the differences in
morphological changes can be better reflected by the
index Isc.

(4) )e failure characteristics of #603 tailgate were
obtained from the field detection and geological
conditions. After that, the mechanism of large
deformation and failure for #603 tailgate under
deep mining-induced pressure was revealed based

on the principles for the formation and extension
of the butterfly-shaped plastic zone around the
mining-influenced roadway.
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+e reasonable buried depth of metro station should be investigated for Qingdao with the upper-soft and lower-hard stratum.
Strength reduction method has been utilized to study FOS of metro station under different buried depths. As the buried depth
increases, the curve of FOS can be divided into three parts as the slowly changed part, the rapidly-increased part, and the
gradually-decreased part. Taking FOS� 1 as limitation, the formula of least rock cover thickness has been derived. Based upon the
formula, the characteristics of safety distribution changing with buried depth for metro station which behaves as three zones (DI,
E, DII) have been discovered. Two typical metro stations have been used to verify the research results.

1. Introduction

Along with the Chinese urbanization process, subway has
been widely constructed in big cities. Many subsurface metro
stations have been carried out in cities, such as Qingdao [1],
Chongqing [2], Dalian [3], etc. +ese tunnels have common
characteristics such as large span, shallowly buried, and with
complicated surrounding environment. For the geological
conditions, the upper part is soil and strong-weathered layer,
the strength of which is low and this layer is called the weak
layer. Under the weak layer, the stratum becomes hard
rapidly, the strength of which is high and this layer is often
composed by middle or weakly weathered rock. +erefore,
the stratum behaves as upper-soft and lower-hard. Under
this geological condition, two types of problem often oc-
curred during the construction. One type of problem is that
the excavation method is overcautious when the tunnel is in
hard rock, which will lower the efficiency. +e other type of
problem is the large deformation of surrounding environ-
ment when the tunnel is in soil or the juncture of soil and
rock.

Many studies have been carried out on the stability of
tunnels. +e stability of circular tunnel has been studied at

Cambridge since 1970s by several scholars, for example,
Atkinson and Cairncross [4], Mair [5], and Davis et al. [6];
subsequently, the stability of circular tunnel in drained
condition has been researched by Muhlhaus [7] and Leca
and Dormieux [8]. In 2010, full analytical solution for tunnel
with arbitrary shape has been determined by Fraldi and
Guarracino [9]. In recent decades, the numerical method has
been widely used to analyze the stability problem of tunnel.
Using FEM, the ground settlement caused by tunnel con-
struction was predicted by Rowe and Kack [10]. Considering
the tunnel’s shape, Koutsabeloulis and Griffiths [11] studied
the failure mechanism. Back analysis has been studied on the
shallow tunnel using the elastoplastic numerical method,
and a good agreement between the filed monitoring data and
numerical results has been reached by Azevedo et al. [12]
and Sun et al. [13].

In 1975, Zienkiewicz et al. [14] put forward the strength
reduction method (SRM), which was adopted by Matsui and
San [15], Zheng et al. [16, 17], Lin and Chen [18], Liu et al.
[19], Yao et al. [20], and Ma et al. [21] to analyze the
geotechnical engineering problem, especially the slope
failure. Tunneling is a kind of geotechnical engineering; the
potential failure position is not clear, but the failure
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mechanism is similar as slope. So, SRM could be used to analyze
the stability of tunnel as well. During the analysis process, the
shear strengthwill be reduced to total failure.+e factor of safety
(FOS) for tunnel and the critical failure surface could be ob-
tained. Based on the plain strain model, Sloan and Assadi [22]
have used SRM to investigate the cases for which the shear
strength linearly changes with buried depth. With more effi-
ciency, the nonlinear programming technique has been adopted
to study this case by Lyamin and Sloan [23]. Zhang et al. [24]
applied the strength reduction finite element method to analyze
the stability of road tunnels and discussed the difference be-
tween plastic zone and stress reduction factor (SRF). Zheng et al.
[25, 26] thought that SRM is a kind of numerical limit analysis
method, which can be used to get not only the FOS and the limit
loading but also the failure position and form.

Research has also been carried out for various stratums.
For hard rock, Zhao et al. [27] have applied experiments to
appreciate the nonlinear rheological behavior. For the
upper-soft lower-hard stratum, Wang et al. [28] have ana-
lyzed the loosening pressure of large-span tunnel in the
upper-soft and lower-hard stratum using the discrete ele-
ment method. Wang et al. [29] have studied the relationship
between the overburden versus span ratio and the dis-
placement of ground surface in the upper-soft and lower-
hard stratum using the finite element method and found that
the stratum condition is a decisive factor for the undercut
subway station with shallow overburden.

+e stability of tunnel has been taken under serious
consideration, and the SRM method has been used to
evaluate it as well. In previous studies, the loosening pressure
and the relationship of the overburden versus span ratio and
the stability have been studied for the large-span tunnel in
the upper-soft and lower-hard stratum. However, the rea-
sonable buried depth has less been considered. In this paper,
SRM and finite differential method (FDM) have been
adopted to get the FOS of metro station in different deep-
ness. By evaluating the FOS rule, the reasonable buried depth
of metro station could be reached. +e flow diagram as
shown in Figure 1 describes the process to determine the
reasonable depth of metro station. +e field monitoring data
prove the reasonability of this study, which can guide the
design for similar project in the future.

2. Strength Reduction Method (SRM)

2.1. Constitutive Relation. Due to the high aspect ratio, the
problem in this paper can be considered as a plain-strain
one. +e failure complies with the Mohr–Coulomb criterion
which can be expressed as follows:

F �
1
3
I1 sinφ + cos θσ −

1
�
3

√ sin θσ sinφ 
��
J2


− c cosφ � 0,

−
π
6
≤ θσ ≤

π
6

,

(1)

where I1 is the first invariant of stress tensor. J2 is the second
invariant of deviator stress tensor. c, φ, and θσ are the co-
hesion, internal friction angle, and lode angle, respectively.

+e principle for calculating FOS of tunnel using SRM is
shown in Figure 2. During the computational process,
a series of strength reduction factors (SRF) has been chosen
to synchronously reduce the stratum’s strength. +e method
has been shown as expressions (2) and (3):

c′ �
c

SRF
, (2)

φ′ � tan−1
tanφ
SRF

. (3)

For the unlined tunnel, an initial value for SRF should be
chosen first, which is usually a little more than 1. If the
unlined tunnel is stable, the SRF will be gradually increased
to the total failure of the tunnel. If the unlined tunnel cannot
be stable, another SRF should be set, which is usually a little
more than 0, such as 0.1, and will increase gradually even to
failure. Utilizing this method, a series of SRF can be ob-
tained. By numerical computation, the displacement of key
points for each SRF can be reached as well.

2.2. Failure Criteria. +e SRM can be utilized for analyzing
the stability of tunnel. However, the success of SRM is
significantly depending on the definition of failure. +ree
criteria have been commonly utilized to define the failure of
tunnel.

(1) Criterion I, the plastic zone runs through criterion.
At failure, a band is formed within the surrounding
rock, in which all elements are in plastic state and the
band would extend through the surrounding rock.
However, even in the plastic state, the surrounding
rock still has bearing capacity as studied by Matsui
and San [15] as well as Kanungo et al. [30].

(2) Criterion II, the nodal displacements increase sig-
nificantly. +e SRF before the displacement in-
creasing obviously will be taken as the FOS.
Zienkiewicz et al. [14], Griffiths, and Lane [31] have
utilized this method to analyze the stability of slope.

(3) Criterion III is the computational divergent crite-
rion. During the numerical process, a convergence
result cannot be reached, which indicates that the
model cannot reach a balance, namely, the tunnel is
failed as studied by Zienkiewicz et al. [14] and
Dawson et al. [32].

In this paper, the conjunction criterion of I and II has
been adopted to analyze the failure of the tunnel. First, the
plastic zone runs through totally. +en, the SRF when
mutation of displacement occurs has been taken as FOS.

2.3. Displacement of Key Points. +e difference between
tunnel and slope is that the failure position for tunnel is not
sure. +e failure position for tunnel may be at the crown, the
hance, or the spring of arch. +erefore, five investigation
points (IPs) have been chosen, and the key point will be
obtained from these points. +e profile of tunnel and the IPs
are shown in Figure 3.
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2.4. Determination of FOS. By computation, the displace-
ments of IPs can be reached for each SRF. In order to analyze
the rule, the displacement curve of IP changing with SRF has
been obtained. +e displacement saltation can be evaluated
utilizing the angle difference (θi) or slope ratio (Sr), as
shown in expressions (4) and (5). +e corresponding SRF
will be treated as the FOS as shown in Figure 4. In this paper,
the angle difference (θi) is adopted:

θi � arctan ki( − arctan ki−1( , (4)

Sr �
ki

ki−1
. (5)

3. The FOS of Tunnel under Different
Buried Depth in the Upper-Soft and
Lower-Hard Stratum

Under the influence of weathering or erosion, the com-
pression strength of stratum near the surface is usually low.
+e stratum behaves as the soil characteristic. When the
depth increases and the weathering condition weakens, the
uniaxial compressive strength will increase, and the stratum
presents as the rock property. +erefore, the thickness of the
upper soil has an important influence on the building space
of metro station in upper-soft and lower-hard stratum.
However, the thickness of upper soil is very important to the
metro, especially in Qingdao, Chongqing, Dalian, etc.
Whether the buried depth of metro station is reasonable or
not will influence and even determine the safety, time limit,
and cost of the project.

+e thickness of soil is distinct in different cities and
various locations. In order to analyze the influence of soil
thickness (ST) to the stability of tunnel, seven cases of ST

Geological exploration for the subway
line

Statistical analysis of the property and
thickness of stratum

Determine the range of soil thickness

Analysis of tunnel stability

Least rock cover thickness Buried depth with
highest stability

Feature of safety distribution for
various buried depth (three zones)

Determine the reasonable depth of
metro station

Soil thickness Buried depth

Verification of typical
engineering (E zone)

Verification of typical
engineering (DI)

Maximum ratio of soil
to rock thickness

Figure 1: Process to determine the reasonable depth.
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Figure 2: Mohr circle and failure envelope for the SRM.
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have been studied, such as 6 meters, 9 meters, 12 meters, 18
meters, 24 meters, 36 meters, and 48 meters.

3.1. Introduction of Calculation Program. +e Fast La-
grangian Analysis of Continua in 3 Dimensions method
(FLAC3D) is used to simulate in the calculation. FLAC3D is
a three-dimensional explicit finite difference program that
can simulate the three-dimensional mechanical behaviors of
rock and soil or other materials. +e computational domain
in FLAC3D is divided into many hexahedral elements,
where each element in the given boundary conditions must
follow specified linear or nonlinear constitutive relation.
And if the material yielding or plastic deformation takes
place under element stress, the element mesh can be de-
formed with the deformation of the material. +is is called
the Lagrange algorithm.+e explicit finite difference scheme

is used to solve the differential control equations in the study
area, and with the mixed discrete element model, it can
accurately simulate the yielding, plastic flow, softening, and
large deformation of the material. Especially in the field of
elastoplastic analysis, large deformation analysis, and sim-
ulation of construction process, it has unique advantages.

(1) +e “mixed discrete method” is used to simulate
plastic failure and plastic flow, which is more accurate
and reasonable than the “discrete integrationmethod”
which is commonly used in the finite elementmethod.

(2) Even if the simulated system is static, the dynamic
motion equation is still adopted, which makes
FLAC3D to have no numerical obstacles in simu-
lating physical unstable process.

(3) +e “explicit solution” scheme is adopted. +erefore,
the time spent on solving the stress-strain re-
lationship of the nonlinear problem is almost the
same as on solving the linear constitutive relation-
ship. Moreover, it does not need to store stiffness
matrix, which means that the medium capacity
memory can be used to solve the multi element
structure. +e simulation of large deformation
problem hardly costs more time than the small
deformation problem because there is no stiffness
matrix to be modified.

In this paper, the Mohr–Coulomb elastoplastic criterion is
used in the simulation.+e yielding criterion is shown as follows:

f
s

� σ1 − σ3Nφ + 2c
���
Nφ


� 0, (6)

where Nφ � (1 + sinφ)/(1− sinφ); c is the cohesive force;
and φ is the internal friction angle.
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After yielding, the deformation of the rock mass will be
a composite result of elasticity and plasticity. In the course of
any increasing stress, the strain of the rock mass is composed
of two parts: elastic component and plastic component.
+erefore,

dεij � dεij 
e

+ dεij 
p
. (7)

+e elastic strain component is easy to be obtained, and
the relationship between the plastic component and the
plastic potential function Q is as follows:

dεij 
p

� dλ
zQ

zσij

. (8)

In FLAC3D, the shearing plastic flow and the pulling
plastic flow are defined separately and corresponding to the
different flow rules. +e shearing plastic flow is corre-
sponding to the nonassociated flow rule, and the potential
function is as follows:

Q
s

� σ1 − σ3Nψ , (9)

where Nψ � (1 + sinψ)/(1− sinψ) and ψ is the dilation
angle.

+e pulling plastic flow is corresponding to the asso-
ciated flow rule, and the potential function is as follows:

Q
t

� σ3. (10)

3.2. Computational Model. +e general computational
model is shown in Figure 5, where H is the buried depth of
metro station and Hs and Hr are the thickness of soil and
rock, respectively. To get the rule of tunnel for FOS changing
with buried depth, 25 cases have been determined for each
Hs as shown in Table 1, the total number of cases is 175.
From this figure, two equations can be reached as Rsr �

Hs/Hr and H � Hs + Hr. When the free face of tunnel is
partially or totally in the soil layer, the value of Hr is zero.
Taking case 9 of Hs � 12 as example, the computational
model has been shown as Figure 6, the numerical model
includes 9862 nodes and 4792 zones. For the other cases, H
and Hs are fixed as Table 1.

Considering the geological condition of Qingdao sub-
way, in the computational process, the soil and strong-
weathered layer have been taken as the soil layer and the
middle-weathered and slightly weathered layer have been
treated as the rock layer. Since the underground water is not
rich for this case, and this paper is focused on the stability of
surrounding rock, water is neglected in this paper. +e
stratum parameters are shown in Table 2. +e effect of shear
dilatancy has not been considered in this paper.

3.3. General Law. When the tunnel is shallow, with the
increasing SRF, the tunnel will reach a critical state. +e
shear strain increment of tunnel (case 3 with Hs � 6) is
shown in Figure 7.+e collapse position of surrounding rock
is at vault, and the mode is tensile damage. For the deep
tunnel (case 19 withHs � 6), the shear strain increment at the

critical state of stability is shown in Figure 8. +e collapse
location of surrounding rock is at the wall corner and the
mode is shear damage. However, the displacement of vault
will become large as well. +e displacements of the five IPs
have been analyzed for different cases as shown in Figure 9.

+e displacement of the five IPs changing with SRF is
shown in Figure 9. +e displacements of IP1 and IP2 are
negative, and suddenly change happens when the SRF equals
to 0.895. +e displacements of IP3, IP4, and IP5 are positive,
and suddenly change happens when the SRF equals to 0.895.
Since the five IPs have almost the same sensitivity, IP1 has
been chosen as the target point.

3.4. Influence of Soil 6ickness. For different ST, the FOS of
metro station under various buried depth has been calcu-
lated. From this data, the curve of FOS changing with buried
depth for different STcan be obtained.+e curve is shown in
Figure 10.

From Figure 10, several rules can be obtained. First, with
the increasing of buried depth, the curve of FOS can be
divided into three sections: slowly changed section, rapidly
increased section, and gradually decreased section. +e
curve is nonlinear and nonmonotonic, and it generally
presents a tendency to increase first and then decrease.
Second, ST significantly affects the FOS, and when tunnel
enters into the rock layer, the FOS will increase rapidly to
a peak. +ird, when the tunnel is in soil layer, FOS varies

Ground surface

200

H

H
s

H
r

85

Figure 5: +e general computational model.
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very small and the value of FOS is far less than 1. Fourth, in
general, FOS decreases when ST increases and the greatest
value of FOS decreases as well. Last, when the buried depth

of tunnel is over 200 meters, FOS is same for all STunder the
identical buried depth. When the buried depth of tunnel
exceeds certain depth, the influence of ST will disappear.

Table 1: Buried depth of metro station for each Hs.

Order number
Buried depth H(m)

Hs � 6 Hs � 9 Hs � 12 Hs � 18 Hs � 24 Hs � 36 Hs � 48
1 2 2 2 2 2 2 2
2 4 4 4 4 4 4 4
3 5 6 6 6 6 6 8
4 6.25 8 8 8 10 10 12
5 6.5 9.25 10 10 14 14 18
6 6.75 9.5 12.25 15 18 18 24
7 7.0 10.0 12.5 18.5 22 24 30
8 8.0 12.0 14.0 19.0 24.5 30 36
9 10.0 14.0 16.0 20.0 25.0 34 42
10 12.0 16.0 18.0 22.0 26.0 37.0 46
11 14.0 18.0 20.0 24.0 28.0 38.0 49
12 16.0 20.0 22.0 26.0 30.0 41.0 50.0
13 18.0 22.0 24.0 30.0 35.0 43.0 55.0
14 20.0 24.0 26.0 32.0 40.0 50.0 60.0
15 30.0 26.0 28.0 35.0 45.0 55.0 65.0
16 50.0 28.0 50.0 40.0 50.0 60.0 70.0
17 80.0 50.0 80.0 60.0 55.0 65.0 80.0
18 100.0 100.0 100.0 100.0 100.0 100.0 100.0
19 150.0 150.0 150.0 150.0 150.0 150.0 150.0
20 200 200 200 200 200 200 200
21 300 300 300 300 300 300 300
22 400 400 400 400 400 400 400
23 500 500 500 500 500 500 500
24 600 600 600 600 600 600 600
25 800 800 800 800 800 800 800

Hs = 12m
Hr = 4m

H = 16m

85m

200m

Figure 6: +e computational model of Case 9.

Table 2: Computational parameters.

Stratum type Unit weight (kN/m3) Elastic module (GPa) Poisson ratio Cohesion (MPa) Internal friction angle (°)
Soil layer 22.5 0.05 0.38 0.032 20
Rock layer 24.5 5.0 0.25 0.60 35
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FOS increases rapidly when the tunnel is in rock layer,
and to study the rule clearly, the part of curve near the
interface has been cut out as shown in Figure 11.

When tunnel enters from soil into rock layer, the curve
of FOS changing with BD is nearly linear. +erefore, the
buried depth of tunnel for FOS� 1 can be reached, and the
relationship of least rock cover thickness (LRCT) and STand
the relationship of the maximum ratio of soil to rock
thickness (MRSR) and STcan be obtained, which is shown in
Figures 12 and 13, respectively.

As shown in Figure 12, the LRCT is enlarging with the
increasing ST. +e relationship between LRCT and ST is
nearly linear. +erefore, a linear fitting has been utilized to
predict LRCT as shown in Formula (11). +e R-square of
linear fitting is 0.975 which proves that the formula is
reasonable. Using this formula, LRCTfor different STcan be
obtained.

LRCT � 0.02345 × ST + 0.18711. (11)

From Figure 13, MRSR increases when ST grows. +e
relationship of MRSR and ST is nearly linear too, so a linear
fitting can be used to predict MRSR under various ST. +e

Figure 7:+e shear strain increment of tunnel in case 3 withHs � 6.

Figure 8: +e shear strain increment of tunnel in case 19 with
Hs � 6.
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prediction formula has been shown in Formula (12), and the
R-square is 0.986 which proves the validity of the formula.

MRSR � 0.36557∗ ST + 20.78412. (12)

When ST varies between 6 and 48 meters, the precision
of prediction can be guaranteed. If ST is not in this interval,
the prediction should be studied further. In the view of
geological condition and current situation of exploitation
depth in Qingdao et al., the interval of 6 to 48 meters is
enough; therefore, the prediction formula is preferable for
determining the buried depth of metro station in Qingdao.

From Figure 10, for any BD, FOS will reach a maximum
value under certain depth, which means the safety storage of
tunnel reaches a peak. +e rule of several indicators

changing with ST can be obtained, such as the maximum
factor of safety (MFOS), buried depth (BD), and rock
thickness (RT) as shown in Figure 14.

By analyzing the relationship of BD and RT with ST,
linear fitting could be used for prediction as shown in
Formulas (13) and (14). +e R-square is 0.9932 and 0.9714,
respectively, which prove the validity of the equation. +e
two equations can be easily used to predict BD and RTwith
maximum FOS under different ST. +erefore, the equations
can guide the determination of buried depth for metro
station.

BD � 1.942∗ ST + 6.984, (13)

RT � 0.941∗ ST + 6.983. (14)

4. Three Zones and Discussion

If taking FOS� 1 as the critical point, the upper and lower
limit of self-stability zone can be obtained, which is named
the E zone in this paper. +e zone above and below the E
zone is called DI and DII zone, respectively. By computation,
the distribution map of three zones is shown in Figure 15.

From Figure 15, the dividing line for DI and E zone and
the dividing line for E and DII zone can be calculated by
Formulas (15) and (16), respectively:

y1 � 1.0598x
0.992

, (15)

y2 � 580. (16)

+e characteristic of three zones for tunneling is uni-
versal.+e characteristic is usually caused by the relationship
between geostatic stress and self-supporting capacity of
stratum. Geostatic stress linearly increases with BD as shown
in Figure 16. For the zone near the ground surface, stratum is
weak and discontinuous. Tunnel cannot be self-stable even
though the geostatic stress is low. As BD increases, the
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geologic exogenic action will be weak. +e self-stability of
tunnel will increase quickly and resist the influence of
geostatic stress. However, as BD increases further, the
geostatic stress enlarges as well, but the strength and self-
supporting capacity of stratum does not increase. +e peak
capacity of surrounding rock will be reached, and the
construction will be difficult as well.

Two variations may occur in the practical engineering:
first, E zone does not exist; second, DI does not exist. For the
first one, when ST is large, tunnel gets into the geostatic
stress leading zone before the self-supporting capacity of
surrounding rock increases quickly. For the second one, the
bedrock is outcropping whose self-supporting capacity is
high, and DI zone will be disappear.

When designing, the metro station is better to be in the E
zone, which can improve safety, accelerate schedule, and

decrease cost. Based on the work of geological exploration,
the reasonable buried depth can be determined according to
the geological results and subway characteristic. When the
metro station is constructed in the E zone, the project will be
more secure and cost less in the view of the project’s total life
cycles.

5. Typical Projects

+e total length of Qingdao metro line 3 is 25.925 km. +e
entire line is underground. +ere are 22 metro stations and
the maximum, the minimum, and the average distance
between stations are 1558.70 meters, 759 meters, and
1159.81 meters, respectively. Based on the geological data
from thousand drillings, the distribution map of stratum
along line 3 can be obtained by analyzing the geological
parameters as shown in Figure 17.

5.1. Relationship of Buried Depth and Geological Condition.
+ree types of geological zones could be distinguished for
the metro station. When the metro station is totally in soil
zone, it belongs to the soil type. When the metro station is
totally in rock stratum, it belongs to the rock type. When the
metro station is partly in the soil layer and partly in the rock
stratum, it belongs to the interface type. For different buried
depth, the probability of the three types for Qingdao metro
line 3 is shown in Figure 18. As the buried depth increases,
the probability of the soil type reduces slightly, the proba-
bility of rock type increases fast, and the probability of the
interface type decreases rapidly. When the buried depth is
over 20m, the probability of the rock type is more than 90%.
However, the buried depth of line 3 is between 4.7 meters
and 19.8 meters. Based on the actual engineering survey, the
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metro station is either the interface one or the rock one. Two
metro stations have been chosen as the typical cases to
analyze the distribution of zones, which belongs to the rock
type and the interface type, respectively.

5.2. JunfengRoadStation. +emileage range of Junfeng road
station is K20 + 803.295∼K20 + 982.795, and the length is
179.5 meters, which is an underground double-layer island
station. +e supporting structure is composite lining, with
the width of 20.8 meters and the height of 18.4 meters. +e
CRD method has been adopted in original design. +e
buried depth of vault is between 7.3 meters and 15.4 meters.
Junfeng road station is a typical case for the rock type, and
the station stays in slightly weathered granite as shown in

Figure 19. Using Formula (15), the distribution of DI and E
zone of this station can be obtained as shown in Figure 20.

From Figure 20, Junfeng road station is in the E zone. It
should be easy to construct. +e time of the contract is from
June 1st, 2010 to September 30th, 2012, which sums to 852
days. +e actual duration is 1671 days for the construction.
+e delay time is 819 days, which is caused by the sur-
rounding environment, such as the house removal and the
traffic regulation, but not the project itself. Since the station
belongs to the rock type, the CRDmethod has been changed
to the CDmethod with more efficiency.+e decision is made
based upon the monitoring data. +e layout of monitoring
points and the settlement values changing with time have
been shown in Figures 21 and 22. +e settlement value is
much less than the alarm value (0.03m), and the influence to
the surrounding environment and the structure-self is
neglectable. Altogether, because Junfeng road station is built
in the E zone, the project not only saves time but also
improves the safety.

5.3. Jiangxi Road Station. +e start and end mileage of
Jiangxi road station is K8 + 358.491 and K8+ 605.491, re-
spectively. +e length of the station is 247 meters. +e
supporting structure of this station is composite lining. +e
width of the station is 20.6 meters, and the height of the
station is 14.5 meters. +e buried depth of vault is in the
range of 4.70∼10.4 meters. +e station is constructed using
the both side heading method.

Jiangxi road station is a typical case for the interface type.
+e upper part of the station is in strong-weathered granite,
but the lower part is in the slightly weathered granite as
shown in Figure 23. Using Formula (15), the distribution of
DI and E zone of this station can be obtained as shown in
Figure 24.

From Figure 24, Jiangxi road station is in the DI zone,
which will cause trouble during the construction process.
+e contract time is from June 1st, 2010 to January 31th,
2013 and sums to 975 days. During the actual construction,
the time is 2127 days. And the prolonged time is 1152 days,
which is about 3 years. One reason is that the excavation
method is slow for the complex procedure. Another reason
is that the displacement is too large which affects the safety of
surrounding environment. +e layout of measure points for
ground surface settlement is shown in Figure 25. +e
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settlement value of typical points for the K8+ 414 cross
section is shown in Figure 26. +e displacement is larger
than the alarm value (0.03m), and the maximum value is
0.063 meters. +e settlement has caused various degree of
influence to the ground traffic. Altogether, the time delay
and the harmful deformation are determined by the geo-
logical condition because Jiangxi road station is not built in
the E zone but in the DI zone, which belongs to the interface
type. By the research results of Figure 24, the buried depth of
this station should be deeper than 5 meters. At this depth,

the tunnel will be in E zone, and the difficulty during the
construction and the cost will decrease dramatically.

+e practice for the two projects show that building the
station in E zone ismuch better than that inDI zone, due to the
monitoring data and the construction time. For the E zone, the
deterioration probability and severity of surrounding rock are
much less than those of the DI zone. +e work effort and cost
for maintenance will be less. +erefore, when determining the
buried depth of subway in a city with similar geological
condition, the geological condition should be considered as the
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most important factor, and designing the subway into E zone
will increase the safety and decrease the cost.

6. Conclusions

(1) In the upper-soft and lower-hard stratum, FOS of the
metro station with different buried depth has been
obtained by the SRM, of which the rule is clear and
the results are reasonable.

(2) As the BD of metro station increases in the upper-
soft and lower-hard stratum, the change of FOS can
be divided into three parts: slowly changed part,
rapidly increased part, and gradually decreased part.

(3) ST has a significant effect on FOS. When the metro
station belongs to the soil or interface type, FOS will
be less than 1 and is in the slowly changed part.
When the tunnel enters into the rock stratum totally,
FOS will increase quickly and reach the maximum
value. When the BD increases continuously, the FOS
will decrease gradually and equals to 1 when BD is
580 meters.

(4) In the upper-soft and lower-hard stratum, the effect
of upper soil stratum to tunnel can be treated as
a load. If the BD is shallow, the influence of load is
distinct, and as the BD increases, the effect decreases.
If the BD is over 200 meters, the variation of soil
thickness has little influence to the FOS of metro
station.

(5) Taking FOS� 1 as the critical value, along the stra-
tum depth direction, the distribution of three zones
(DI, E, and DII zone) has been obtained, which is
universal. For the dividing line of DI and E zone, the
relationship between BD, LRCT, MRSR, and ST has
been obtained and has been verified by practical
projects, such as Jiangxi road and Junfeng road
station of subway line 3 in Qingdao. For the dividing
line of E and DII zone, it is invariant for the study
case. Since there is no deep tunnel in Qingdao city,
the DII zone has not been verified in this paper and it
will be validated in the future.
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'e aim of this study was to examine the microstructure of cemented paste backfill (CPB) during its development and relate
the characteristics of the microstructure to the physical and mechanical properties of CPB. 'e geometry and morphology of
the microstructures of CPB were observed by the scanning electron microscopy (SEM). 'e characteristics including pore
size, pore shape, and orientation of the microstructures of CPB at different curing times were analyzed based on the SEM
images. 'e porosity, fractal dimension, and probability entropy were characterized using the Particles and Pore Recognition
and Analysis System (PPRAS). It was found that the pore size, pore shape, and orientation of the microstructure of CPB
significantly change as the curing time increases, resulting in the increase of UCS. Meanwhile, the arrangement of the pores
affects the mechanical properties of CPB. At the early age of CPB development, the probability entropy is above 0.96,
indicating a chaotic pore distribution and no obvious orientation. At the late age of CPB development, the probability
entropy becomes smaller and the order and orientation of the pore distribution are enhanced, leading to an increase in USC.
'e UCS of CPB is also greatly affected by the characteristics of the pore morphology. During the development of CPB, the
pore shape becomes smoother. 'e UCS of CPB approximately linearly improves with an increase in the average roundness
of pores.

1. Introduction

'e backfill mining method has gained more and more
focuses in the recent years due to its good economic and
social benefits and industrial rewards. As the environment
protection has becomemore important, the mine sites which
were exploited using the open stope mining method and
caving mining method have been switched to be mined by
the backfill mining method as well [1–3].'e backfill mining
method also has shown its importance on deep mining,
controlling the ground pressure and surface subsidence and
protecting the ecological environment [4–6].

In recent years, many studies have been carried out to
study the macroscopical characteristics, microstructure, or
the mechanical characteristics of CPB. Keshimal studied the

relationship between the desliming copper-lead tailings and
the strength of backfill paste [7]. It was found that the
particle size distribution of the tailing solids had significant
effect on the strength of the backfill paste. Fall et al. studied
the effect of curing temperature on the mechanical prop-
erties of tailings backfill [8]. Deng et al. studied the cement
type and proportion, the aggregate ingredients and distri-
bution, the water quality and proportion, additives, stirring
time, curing time, and curing temperature on CPB with fine
aggregates systematically [9]. Hydration products of mag-
nesium phosphate cement specimens at different hydration
temperatures were analyzed using XRD and SEM, which
showed that NH4MgPO4·6H2O was the main hydration
product, and the temperature below 70°C benefited the
strength growth of CPB [10]. SEM was also used to
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determine the proportion of anhydrous cement, which in-
dicated that the rate of hydration increased significantly with
the 10wt.% and 25wt.% of anhydrous cement [11]. Deng
et al. found that the main parameter that affected the me-
chanical properties of the backfill was the particle size
distribution of the tailings [12]. Zhou et al. studied the
microstructure of Guangzhou soft soil during the consoli-
dation process using the Environmental Scanning Electron
Microscopy (ESEM) and found that the increase of con-
solidation pressure resulted in the scale increase of structural
units of the soil and the orientation, and the decrease of the
soil porosity and the fractal dimension [13]. Cao et al.
studied the microstructure of soft soil under different cyclic
stress ratios and vibration frequencies using scanning
electron microscopy (SEM) and Particle and Pore Recog-
nition and Analysis System (PPRAS). 'e effects of cyclic
stress ratios and frequencies on the microstructure of soft
clay under wave loading were revealed according to the
variation of microstructural parameters before and after the
cyclic loading, and the microscopic mechanism of wave
loading was also disclosed [14]. Zhou et al. studied the
compression tests for structured clay in Hangzhou to in-
vestigate the compression and its mechanism of micro-
structure changes during the consolidation process. It was
found that the pore characteristics of the soft clay, including
scale, distribution, arrangement, and pattern all significantly
changed as the consolidation pressure increased [15]. Xu
et al. tested the microstructure evolution and long-term
strength model of CPB under different ratios of cement
to sand, slurry mass concentrations, and aging times. 'ey
also studied the effects of types and forms of hydration
reaction production within backfill on the strength model. It
was found that the types and speciation of hydration
products varied as the curing time changed [16].

'e studies above mainly analyzed the mechanical
properties of CPB in a macroscopic scale. Only mechanical
properties and microstructures of soft clays were analyzed in
the microscopic scale. In the study of CPB, rarely studies
have correlated the microstructural parameters with me-
chanical responses. In order to increase the quality of CPB,
further studies are necessary to evaluate the relationship
between the microstructure and the engineering properties.
It has been shown that the microstructural parameters,
including particle shape, size distribution, arrangement and
connecting style, microparticle scale, paste type, pore size,
and porosity, are responsible for the mechanical properties
of the paste backfill. 'e variety and randomicity of the
microstructure of CPB resulted in the variety and ran-
domicity of the macrostructure of the backfill. 'erefore, the
study of microstructure of CPB will be helpful in un-
derstanding the CPB engineering properties.

In this study, the SEM was used to obtain the images of
microstructure to study the scale, shape, orientation, and the
developing process of CPB, and the images were processed
using PPRAS to obtain the microstructural parameters of
CPB. 'e changing rules of the porosity, fractal dimension,
and probability entropy with UCS were investigated, which
can be used as guidelines for practical backfill applications
of CPB.

2. Materials and Methods

2.1. Materials Used

2.1.1. Tailings. 'e tailings utilized in this study are from
a pyrite mineral process plant, located at Anhui Province of
China. According to the Specification of Soil Test, that is, SL
237-1999, SL 237-005-1999, and SL 237-004-1999 [17], the
specific gravity, bulk density, and porosity of tailings were
measured and are listed in Table 1. 'e particle size dis-
tribution (PSD) of tailings is presented in Figure 1, which
shows that d10, d50, d60, and d90 are 4.96 μm, 23.84 μm,
32.00 μm, and 71.30 μm, respectively, and the nonuniformity
coefficient of the tailing particles is 6.45. Hence, it could be
classified as a gap gradation type, indicating that the tailings
used relatively lack of large particles. Furthermore, the main
chemical compositions of tailings were tested in Beijing
General Research Institute of Mining & Metallurgy
(BGRIMM), and the details are listed in Table 2, indicating
that the high content of sulphide has some damaging effect
on the quality (e.g., strength deterioration) of cement-based
backfill materials [18].

2.1.2. Water and Binders. 'e water used in this study is
common tap water. Portland cement (P.O. 32.5) is selected
as the binder for CPB, and the main physical properties and
chemical compositions are shown in Tables 3 and 4,
respectively.

2.2. Methods

2.2.1. CPB Specimen Preparation. CPB was characterized as
a mixture of tailings, binder (P.O. 32.5 Portland cement),
and water, at 70.15wt.%, 5.85wt.%, and 24wt.%, re-
spectively, which was mixed and homogenized in a double
spiral mixer. 'e prepared CPB slurry with different mix
ratios was poured into the curing moulds, that is, 10 cm in
diameter and 20 cm height cylindrical containers, and la-
beled. After 24 hours, the specimens were demoulded and
put into the curing box under a given curing environment
(temperature 20± 1°C and humidity 95%± 1%). 'en, the
SEM and USC were conducted for the specimens at different
curing times of 3 d, 7 d, 14 d, 28 d, 56 d, and 90 d.

2.2.2. Scanning Electron Microscopy. In order to obtain the
real microstructure of CPB, the CPB before and after de-
velopment was pushed out gently from the ring knife using
the permeable stone. A raw specimen was obtained by
cutting the middle part of CPB using a Vaseline-coated wire
saw, and then a double-sided blade was used to cut the
specimen around the side with a width of around 1.5mm to
get a specimen with a natural and flat surface. Following this,
the specimen was further cut into a cylinder with 5mm
diameter and 5mm height for easy observation using SEM
[15]. 'e surface of the CPB specimen was kept smooth and
neat, and the particles on the surface was blown off using
aurilave before subjecting to SEM scan. 'e SEM images of
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the prepared CPB at different curing times, that is, 3 d, 7 d,
14 d, 28 d, 56 d, and 90 d, are shown in Figure 2.

2.2.3. Quantitative Analysis System. 'e SEM images were
quantitatively analyzed using the Particles and Pore Rec-
ognition and Analysis System (PPRAS) developed by Liu
et al. [19].'e procedure is described as follows: using image
processing technology, the original SEM pictures can be
processed into binary pictures and vector pictures. For
example, Figure 3 shows the binary image of CPB. 'e black
and white areas represent particles and pores, respectively.
But there are many dots in the white areas. 'e corre-
sponding vector processing results are shown in Figure 4.

'e black areas represent particles and other color areas are
pores. It is found that small dots are removed. 'en, the
statistical quantitative parameters, including average pore
area, pore ratio, pore volume, porosity, porosity fractal
dimension, probability entropy, average shape factor, and
the fractal dimension, can be obtained.

2.2.4. UCS Test. 'e UCS test is a widely accepted and easy
method to evaluate the quality of CPB [20]. In this study, the
CPB specimens with different curing times, that is, 3 d, 7 d,
14 d, 28 d, 56 d and 90 d, were prepared, and the height and
diameter of each specimen were measured before the UCS
test. 'en, the UCS tests were carried out on CPB specimens
using MTS-C43.504 with a normal capacity of 20 kN and the
displacement rate of 1mm per min, and the operating in-
structions were previously described in [21].

3. Results and Discussion

3.1. Characteristics of Pore Size and Pore Size Distribution

3.1.1. Characteristics of Pore Size. 'e porosity is defined as
the proportion between pore area and particle area. Al-
though it was a two-dimensional parameter, it could still
indirectly reflect the change of porosity in three-dimensional
space [15]. Figure 5(a) shows the variation of UCS with the
change of porosity. It shows that the UCS increases sig-
nificantly as the porosity decreases at the early age of CPB

Table 1: Basic physical properties of tailings used in this study.

Item Specific gravity (t/m3) Volume weight (t/m3) Bulk density (t/m3) Porosity (%)
Tailings 2.852 1.387 0.487 51.370

d60/d10 = 6.45d90 = 0.0713 mmd60 = 0.032 mmd10 = 0.00496 mm
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Figure 1: 'e particle size distribution of tailings.

Table 2: Chemical composition of tailings used (units: wt.%).

Item TFe SiO2 Al2O3 CaO MgO Cu S
Tailings 18.57 40.02 4.17 24.07 6.10 0.11 5.68

Table 3: Main physical properties of P.O. 32.5 Portland cement.

Items Value Reference
Fineness (<0.045mm) (%) 11.00 ≤30
Initial setting time (min) 162.00 ≥45
Final setting time (min) 203.00 ≤390
28-day flexural strength (MPa) 6.60 6.5
28-day uniaxial compressive strength (MPa) 31.50 32.5
Note: reference of P.O. 32.5 Portland cement is from China’s cement
strength classification.
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development. Later the UCS increases slightly due to a small
decrease in porosity.

'e change of the number of pores in the development
process is shown in Figure 5(b). During the development

process, the number of pores decreases fast first and then the
decreasing trend becomes slower. 'e particles tend to at-
tach to each other and become staggered, resulting in the
decrease in the gap between particles. Some gaps are filled

10 μm

(a)

10 μm

(b)

10 μm

(c)

10 μm

(d)

10 μm

(e)

10 μm

(f )

Figure 2: SEM images of CPB at different curing times. (a) 3 d. (b) 7 d. (c) 14 d. (d) 28 d. (e) 56 d. (f ) 90 d.

Table 4: Main chemical compositions of P.O. 32.5 Portland cement.

Compositions CaO SiO2 Al2O3 Fe2O3 MgO SO2 Na2O Other
Percentage 63.66 21.26 4.50 2.80 1.66 2.58 0.18 2.66
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and disappeared, thus reducing the number of pores. As
shown in Figure 5(b), the sensitivity of UCS to the pore
number is significantly greater at the late age of CPB de-
velopment than that at the early stage.

'e variation of the UCS with the change in average pore
area is shown in Figure 5(c). In the microscopic point of
view, the pores are gradually filled out by the hydration
products when the pore size is in a certain range. It can be
seen from Figure 5(c) that the average pore area decreases
significantly with the curing time at the early age of CPB
development but keeps almost unchanged at the late age. As
shown in Figure 5(c), the UCS increases with a decrease in
average pore area in the whole curing period of 90 days. And
yet the UCS enhances faster at the early stage of CPB de-
velopment than at the late age as the average pore area
reduces.

3.1.2. Characteristics of Pore Size Distribution. Figure 6
shows the proportion of the pore number versus pore
area in different curing ages of CPB. It can be seen that the
pores in CPB whose areas are less than 500 pixels occupy the
highest proportion, from 67% to 93% in different curing
stages. Furthermore, their percentages before 14 days of
curing time are obviously higher than those in the sub-
sequent curing age. When the curing time is 28 days, the
proportion of pores larger than 3000 pixels increases

significantly and then reduces gradually with the longer
curing period. 'e formation of the larger pores may be
attributable to the depletion of water in the CPB
(i.e., hydration and evaporation) or the swelling of CPB
during the hydration process. With the development of
CPB, these larger pores are filled or split into smaller pores
by hydration products. Accordingly, proportions of
smaller pores increase. As an example, the percentage of
pores with areas between 500 pixels and 1000 pixels in-
creases from 9.3% after 28 days of curing to 16% after 90
days of curing. Although the proportion of fine pores (less
than 500 pixels) drops at the late age, shown in Figure 6,
the UCS of CPB still increases due to the decrease in
porosity and pore number as given in Figure 5.

Fractal theory has been applied to study various phe-
nomena in nature for decades. In geotechnical engineering,
fractal theory is often used in the study of rock fracture
characteristics, pore distribution, and seepage characteristics
[22–24]. Although the pore network of CPB does not strictly
follow the self-similar principle, it has a statistically self-
similar fractal structure.

'e porosity fractal dimension [25] is a quantitative
indicator used to describe the pore scale distribution of CPB,
which can directly reflect the changes in the pore scale which
is usually described as a distribution feature of the number of
voids N(≤ r) less than a certain pore size (r). It can be seen
from the mass distribution characteristics that these two
parameters have good power function correspondence,
that is,

N(≤ r)∝ r
−Dc

,

N(≥ r) � M−N(≤ r),
(1)

where M is the number of total pores, which is a constant
and N(≥ r) is the number of pores that are larger than
a certain pore size.

As M is constant, and N(≤ r) and N(≥ r) have a con-
stant corresponding relationship, so the established re-
lationship N(r)∝ r−Dc is also true. Dc was defined as the
porosity fractal dimension. At different r, there is a corre-
sponding N(r). Dc was calculated as

Dc � −lim
lnN(r)

ln r
. (2)

A larger Dc indicates a lower degree of uniformity and
a larger difference in pore size. Figure 7 shows the re-
lationship of porosity fractal dimension and UCS. Dc de-
creases quickly at the early age of CPB development but
drops more and more slowly with longer curing age and
even almost remains unchanged in the late age, suggesting
the pores become more homogeneous, which is consistent
with the changes in characteristics of pore size discussed in
Section 3.1.1. With a decrease in Dc, the UCS increases
monotonically and is more sensitive to Dc at the late age.

3.2. Characteristics of Pore Orientation. Probability entropy
[26] is a quantitative parameter that reflects the order of the
structural elements, which can be used to describe the overall

Figure 3: Binary image.

Figure 4: Vector image.
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arrangement of porosity in the aging period. 'e probability
entropy (Hm) is calculated as

Hm � 

n

i�1
pi(α) logn pi(α), (3)

where α is the direction angle corresponding to the longest
chord of cemented particles, pi is the frequency at which the
structure appears in a certain orientation zone, and n is the
number of directional angle intervals in the direction of
arrangement of structural elements. Hm is between 0 and 1.
'e larger the Hm, the more chaotic the arrangement of the
pores, while the lower the better orderliness.

'e relationship between UCS and pore probability
entropy is shown in Figure 8. At the early age of CPB
development, the probability entropy is larger than 0.96,
meaning that the distribution of the pores is chaotic
and showing no obvious orientation. As the curing time
increases, the probability entropy decreases rapidly, in-
dicating that the order and orientation of pore arrange-
ment are enhanced, which results in the increase of the
UCS. 'e increasing rate of the UCS with the decrease of
probability entropy reduces as the decrease of probability
entropy. 'is is because the particles are constantly
translational and twisted during the development of CPB
and gradually change to stabilized distribution. At the
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beginning of development, most of the particles rotate. As
the curing time increases, the number of rotating particles
decreases, resulting in a slower change of particle and pore
distribution.

'e rose diagram shows the pore distribution in all
directions. Figure 9 shows the pore rose diagram at dif-
ferent curing times. It can be seen that the distribution of
pores in each direction is relatively uniform at the early
age of CPB development. As the curing time increases,
the arrangement of pores slowly gathers in one direction
and becomes more ordered. 'is is consistent with the

abovementioned change of the probability entropy, which
shows the trend of developing in a certain direction in the
development of CPB.

3.3. Characteristics of Pore Morphology. 'e roundness of
pore i (Ri) is defined as [27]

Ri �
4πS

L2 , (4)

where S is the area of the characterized area and L is the
circumference of the area. As the circularity error of a single
pore was too large, the pore shape is always measured by the
average circularity. 'e average roundness is defined as

R � 
n

i�1

Ri

n
, (5)

where n is the number of pores. 'e value of R is between
0 and 1, and the larger value of R means that the shape of
pores is rounder overall, whereas the smaller R implies that
the narrower and longer pores on the whole.

'e UCS as a function of the average roundness of pores
and the curing time is shown in Figure 10. It can be seen
from Figure 10 that the UCS approximately linearly im-
proves with an increase in the average roundness of pores.
'e growth rate of average roundness is high at the early age
of CPB development, then falls down gradually as the curing
time increases, and finally tends to be zero at the late age.
'is suggests that the shape of pores gradually becomes
round in the development of CPB and stabilizes after 90 days
of curing time.

4. Conclusions

(a) 'e characteristics of pore size have a great influence
on the UCS of CPB. During the development of CPB,
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the porosity, pore number, and average pore area
decrease monotonically, dropping sharply first and
then slowing down and stabilizing. 'e UCS of CPB
varies similarly as a function of these feature pa-
rameters in regard to the pore size.

(b) 'e characteristics of arrangement of the pores have
an obvious effect on the USC of CPB. At the early age
of CPB development, the probability entropy is
greater than 0.96, indicating a chaotic pore distri-
bution and no obvious orientation. At the late age of
CPB development, the probability entropy becomes
smaller and the order and orientation of the pore
distribution are enhanced, resulting in an increase in
USC.

(c) 'e characteristics of pore morphology also greatly
affect the UCS of CPB. 'e relationship between the
UCS and the average roundness of pores is ap-
proximately positive linear. 'e growth rate of pore
average roundness decreases with the development
of CPB, approaching zero after 90 days of curing
time.

(a) (b) (c)

(d) (e) (f )

Figure 9: 'e rose diagrams of pores at different curing times. (a) 3 d. (b) 7 d. (c) 14 d. (d) 28 d. (e) 56 d. (f ) 90 d.
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[11] B. Gaël, T. Christelle, E. Gilles, G. Sandrine, and S. F. Tristan,
“Determination of the proportion of anhydrous cement using
SEM image analysis,” Construction and Building Materials,
vol. 126, pp. 157–164, 2016.

[12] X. J. Deng, J. X. Zhang, B. Klein, N. Zhou, and B. deWit,
“Experimental characterization of the influence of solid
components on the rheological and mechanical properties of
cemented paste backfill,” International Journal of Mineral
Processing, vol. 168, pp. 116–125, 2017.

[13] H. Zhou, Y. G. Fang, and C. J. Yu, “Micro-structure obser-
vation and analysis of Guangzhou soft soil during consoli-
dation process,” Chinese Journal of Rock Mechanics and
Engineering, vol. 28, pp. 3830–3837, 2009.

[14] Y. Cao, J. Zhou, and J. J. Yan, “Study of microstructures of soft
clay under dynamic loading considering effect of cyclic stress
ratio and frequency,” Rock and Soil Mechanics, vol. 35, no. 3,
pp. 735–743, 2014.

[15] J. Zhou, Y. L. Deng, Y. Cao, and J. Yan, “Experimental study of
microstructure of Hangzhou saturated soft soil during con-
solidation process,” Journal of Central South University,
vol. 45, no. 6, pp. 1998–2005, 2014.

[16] W. B. Xu, W. D. Pan, and M. L. Ding, “Experiment on
evolution of microstructures and long-term strength model of
cemented backfill mass,” Journal of Central South University
(Science and Technology), vol. 46, no. 6, pp. 2333–2341, 2015.

[17] L. Liu, K. I. Song, D. Z. Lao, and T. H. Kwon, “Rheological
properties of cemented tailing backfill and the construction of
a prediction model,” Materials, vol. 8, no. 5, pp. 2076–2092,
2015.

[18] M. Fall and M. Benzaazoua, “Modeling the effect of sulphate
on strength development of paste backfill and binder mixture
optimization,” Cement and Concrete Research, vol. 35, no. 2,
pp. 301–314, 2005.

[19] C. Liu, B. Shi, J. Zhou, and C. Tang, “Quantification and
characterization of microporosity by image processing, geo-
metric measurement and statistical methods: application on
SEM images of clay materials,” Applied Clay Science, vol. 54,
no. 1, pp. 97–106, 2011.

[20] A. Khaldoun, L. Ouadif, K. Baba, and L. Bahi, “Valorization of
mining waste and tailings through paste backfilling solution,
Imiter operation, Morocco,” International Journal of Mining
Science and Technology, vol. 26, no. 3, pp. 511–516, 2016.

[21] X. M. Wang, B. Zhao, and Q. L. Zhang, “Cemented backfill
technology based on phosphorous gypsum,” Journal of
Central South University of Technology, vol. 16, no. 2,
pp. 285–291, 2009.

[22] S. M. Yi, Z. H. Li, and Y. Z. Zhang, “'e fractal characteristics
of fractures in expansion soil and its significance,” Chinese
Journal of Geotechnical Engineering, vol. 21, no. 3, pp. 294–
298, 1999.

[23] J. Shen, W. S. Zhu, and Y. S. Zhao, “Fractal distribution for
rock mass in fractures for rock mass in high slopes and its
application to the lock of three gorges,” Chinese Journal of
Geotechnical Engineering, vol. 20, no. 5, pp. 97–100, 1998.

[24] Y. Zhao, X. H. Li, Y. Y. Lu, and X. G. Jin, “Hydraulic model of
rock mass with block fracture slope and its numerical sim-
ulation,” Rock and Soil Mechanics, vol. 26, no. 6, pp. 995–999,
2005.

[25] L. T.Mao, R. Xue, L. Q. An, andH. Q. Li, “Fractal approach on
soft soil porosity microstructure,” Journal of China University
of Mining and Technology, vol. 34, no. 5, pp. 600–604, 2005.

Advances in Civil Engineering 9



[26] B. Shi, “Quantitative research on the orientation of micro-
structures of clayey soil,” Acta Geologica Sinica, vol. 52, no. 2,
pp. 36–44, 1997.

[27] S. W. Wu, C. H. Yang, C. Zhang, H. J. Mao, and H. R. Li,
“Microscopic geometric characteristics of surface sedimentary
tailings,” Chinese Journal of Rock Mechanics and Engineering,
vol. 35, no. 4, pp. 768–777, 2016.

10 Advances in Civil Engineering



Research Article
Seismic Behavior of Three-Story Prestressed Fabricated Concrete
Frame under Dynamic and Low Reversed Cyclic Loading

Manrong Song ,1 Jiaxuan He,1 Yuan Liu,1 Hang Zhang,2,3 Chenjun Ge,1 Yadong Jin,1

Bingkang Liu ,1 Shenjiang Huang ,1 and Yan Liu4

1School of Civil Engineering, Hefei University of Technology, Hefei 230009, China
2School of Transportation, Wuhan University of Technology, Wuhan 430063, China
3Hubei Highway Engineering Research Center, Wuhan 430070, China
4State Key Laboratory of Explosion Science and Technology, Beijing Institute of Technology, Beijing 100081, China

Correspondence should be addressed to Manrong Song; fgmsong@163.com and Shenjiang Huang; huangsj000@hotmail.com

Received 25 April 2018; Accepted 17 July 2018; Published 10 September 2018

Academic Editor: Hang Lin

Copyright © 2018Manrong Song et al.,is is an open access article distributed under the Creative Commons Attribution License,
which permits unrestricted use, distribution, and reproduction in any medium, provided the original work is properly cited.

Precast concrete structure is the building industrialization of the sure route. It can realize the construction process of low energy
consumption and low emission and effectively meet the green development requirements of the construction industry. Based on
prestressing technique, the connections of the precast concrete structure obtain prestress producing integrate joints and con-
tinuous frames, which improve the seismic safety and are applied widely in the earthquake area. To study seismic behavior of
prestressed fabricated concrete frame structure, the experiments on the concrete frame under dynamic loading and low reversed
cyclic loading were carried out. ,e single-span three-story prestressed fabricated concrete frame can accurately represent the
load-carrying capability and the failure mechanism of multistory frame. Results of the study show that experimental specimens
have good behaviors such as full hysteresis curves, proper displacement restoring capacity, and energy dissipation; the maximum
interlayer drift ratio arrives 0.27% which has no damage to the frame in small earthquakes subjected to the 102 gal peak ground
acceleration; the frame is repairable in moderate earthquakes when the maximal interlayer drift ratio arrives 0.73% subjected to
the 204 gal peak ground acceleration; plastic hinges appeared at the ends of beam under low reversed cyclic loading firstly where
the section curvature ductility factor ranges from 3.64 to 5.62; biaxial compression is acquired at beam-column joints with the help
of column axial force and horizontal prestressing force; the beam fails before the column in the prestressed fabricated concrete
frame at interlayer drift ratio between 1.56% and 2.56%.

1. Introduction

Precast concrete structure was originated from Western
Europe and developed in Europe and North America. It has
become a major architectural structure in the developed
countries such as Europe, America, and Japan. With the
perfection of precast concrete construction technology and
the development of precast concrete structure system,
precast concrete structure has the advantages of lower costs,
faster construction, and improved quality, which is superior
to the cast-in-situ concrete structure. Because the connec-
tions cannot satisfy the requirement of carrying capacity
under seismic loading, precast concrete structure is

supposed to be unreliable in earthquake-prone areas and has
difficulty to generalize. In recent years, precast concrete
structure has received more attentions, which has been
known as the goal of building industrialization. Post-
tensioning method has been employed in numerous seismic
force-resisting systems as the pivotal technology of the re-
storing force mechanism that eliminates residual building
drifts following seismic loading [1]. Based on posttensioning
method, the connections of precast fabricated concrete
structure obtain prestress producing integrate joints and
continuous frame. ,e strands were passed through the
reserved prestressed tendon ducts in beams and column,
and then, they were stretched to form the integrated
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beam-column connections. It is not only served as a kind of
assembling means in the construction phase, but also bears
the end moment of beam that the connections could transfer
the moment at the end of beam effectively. Since the middle
of 1990s, seismic design of precast structures has mainly
relied on utilizing unbounded posttensioning to establish the
connection between a precast member and an adjacent
precast or cast-in-place concrete element [2–4]. ,e concept
enables the precast fabricated concrete structure to expe-
rience minimum structural damage and offer self-centering
capability when subjected to lateral forces.

,e unbounded posttensioned precast concrete system
was studied in America in the early time. A number of
relevant experiments and theoretical analyses have been
done on the connection configuration and performance of
jointed concrete systems. Aaleti and Sritharan [5] studied
unbounded posttensioned precast wall systems, single walls,
and jointed wall systems designed with unbounded post-
tensioning experiencedminimum structural damage and 2%
drift under large lateral seismic loads, and were supposed to
improve ductility and energy dissipation capacity. In order
to evaluate the seismic performance of semirigid joint in
multilayer precast frame, Haluk Sucuoglu calculated the
inelastic seismic responses of precast concrete structures [6].
In the process of analysis, the fixity factors of precast
concrete connections were used as variables. ,e analysis
shows that when the fixity factors of the semirigid joint of
precast concrete structure are greater than 0.8, there is little
difference between the seismic response of precast structure
and cast-in-place structure.

In 2003, European Community initiated the in-
ternational cooperation program, European 5th Framework
Program: Seismic Behavior of Precast Concrete Structures
with Respect to Eurocode 8, aimed to investigate seismic
behavior of the precast fabricated concrete structures and to
modify Eurocode 8. Giandomenico Toniolo and Antonella
Colombo examined the problems of precast concrete
building of the seismic design in the L’Aquila earthquake in
2009 [7]. Following the analysis, recommendations were
made for the type of single-story buildings for industrial use,
and some possible alternative solutions were proposed to
ensure the stability of all architectural specimens. ,e
specific calculations of a typical precast structure were given
the magnitude of the forces and/or displacements of the
design connections.

In China, Liu et al. [8–10] researched on double-span
single-story and double-span two-story prestressed fabri-
cated concrete frames to obtain seismic performance, in-
cluding rigidity degradation, hysteretic behavior,
displacement ductility, and energy dissipation. ,e results
show that the prestressed fabricated concrete frame has
a string of good seismic performances and fulfill re-
quirements of Code for Seismic Design of Buildings.

As mentioned in the previous paragraph, the authors of
this article have studied double-span single-story and
double-span two-story prestressed fabricated concrete
frames, and these experiments show seismic performance of
multispan prestressed fabricated concrete frame. It also
shows seismic performance of prestressed fabricated

concrete frame with single story and two stories. However,
data are still scarce and we need to provide more evidences
to further studies. In order to further study mechanical
behaviors and ductility characteristics of multistory pre-
stressed fabricated concrete frame structure, this paper in-
vestigates single-span three-story prestressed fabricated
concrete frame by pseudodynamic test and pseudostatic test
focused on seismic performance, such as failure mechanism,
rigidity degradation, hysteretic behavior, and curvature
ductility.

2. Experimental Program

2.1. Test Setup. ,e single-span three-story prestressed
fabricated concrete frame was named KJ-6. ,e design of
specimens, including size and reinforcement, is summarized
in the CADmodel shown in Figure 1.,e cubic compressive
strength which concrete cubes cured on equal condition is
fcu � 45.7N/mm2. Single duct of specimen only puts one low
relaxation strand, 7Φj15, which has fpy � 1811N/mm2 yield
strength and fpt � 1974N/mm2 ultimate strength on the spot
survey. ϕ20 of HRB335 has fpy � 477N/mm2 yield strength
practically, employed as common reinforcements. ϕ6 of
HPB235 has fpy � 294N/mm2 yield strength practically,
served as stirrups (Table 1).

,e experimental specimens were made in factory and
then were moved into the laboratory. Firstly, precast
components were assembled into an overall framework in
field. And then the gaps between beams and columns were
sealed by colloid cement of epoxy resin when steel strands
have been passed through linear corrugated pipes. Finally,
the strands were tensioned at one end with the strain
controlled in σcon � 0.75 fptk.

Reaction frame for loading was separated with slot to
30mm gap before experiment, and then, the axial pressure
was controlled by two hydraulic jacks on the top of column
so that axial compression ratio increases to 0.2. Since the
reaction frame was still connected to slot by binder bolt, the
gap between them allowed large deformation of frame at the
top in the process of lateral force. Besides, the axial pressure
remains the same during the whole experimental stage.

,e MTS servohydraulic test systems afforded lateral
force to frame using three electrohydraulic servo actuators.
,e direction of actuator pushing the frame is defined as
forward loading; otherwise, it is defined as reverse loading.
,e maximum thrust of the actuator is 1060 kN, the max-
imum tension is 670 kN, and the distance is plus or minus
250mm. Test machines and survey marks are shown in
Figure 2. ,e pseudodynamic testing was carried out by the
MTS servohydraulic test systems and the pseudodynamic
testware TUT developed by Tsinghua University [11], in-
cluding α-methods [12, 13] and PC-Newmark methods [14].

,e seismic wave is based on the EI-Centro wave,
1940NS, whose waveform figure is shown in Figure 3; the
first 10 s were analyzed, and output for time step set up to
0.02 s was obtained. By adjusting the peak ground accel-
eration to obtain results, peak ground acceleration contains
2× 34 gal, 3× 34 gal, and 6× 34 gal. ,e pseudostatic testing
is accomplished through the MTS servohydraulic test
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systems, and the load-displacement loading method is
adopted which is shown in Figure 4. In the previous stage,
lateral force was applied as inverted triangular distribution
before the frame yielded. In the last stage, lateral displace-
ment was applied by mode of vibration whose lateral dis-
placement ratio is 1.00 : 0.75 : 0.40.

2.2. Loading Procedures of Pseudodynamic Test. ,e pseu-
dodynamic testing was carried out after the parameters were
entered into the computer. When the peak ground accel-
eration was 2× 34 gal, resilience curve changes linear basi-
cally, and the frame stays elastic in this stage.

When the peak ground acceleration was 3× 34 gal, the
maximum forward displacement and reverse displacement
of the first-layer top were 3.32mm and 3.63mm. ,e
maximum forward displacement and reverse displacement
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Figure 1: Details of prestressed fabricated concrete frame KJ-6.

Table 1: Mechanical properties of steel bars and prestressed tendons.

Rebar type Diameter (mm) Steel grade Yield strength (MPa) Ultimate strength (MPa) Elastic modulus (MPa)

Steel bars
12.0 HRB335 423 586 2.00×105
14.0 HRB335 397 535 2.00×105
20.0 HRB335 493 639 2.00×105

Prestressed tendons 15.2 Strands 1811 1974 1.95×105
Note. 1mm� 0.03937 in; 1 bar� 0.1MPa� 14.503 psi.

Figure 2: ,e seismic testing of the single-span three-story pre-
stressed fabricated concrete frame.
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of the second-layer top were 6.35mm and 7.11mm. ,e
maximum forward displacement and reverse displacement
of the third-layer top were 8.86mm and 10.97mm. In
vertical load, the ends of the beam were influenced by
negative bending moment. ,e forward lateral load made
the left end of the beam to be acted on by positive bending
moment and cancelled out with the negative bending mo-
ment caused by vertical load; the negative bending moments
under vertical load and the forward lateral load were
superimposed at the right end of the beam, and the cracks
grew to 0.1mm∼0.2mm in the top. Microcracks on the
bottom of column were completely closed, and the frame
deformation was basically restored when unloading.

When the peak ground acceleration was 6 × 34 gal, the
displacement of three layers suddenly increased, and the
maximum forward displacement and reverse displace-
ment of the first-layer top were 9.56mm and 10.62mm;
the maximum forward displacement and reverse dis-
placement of the second-layer top were 20.21mm and
22.31mm; and the maximum forward displacement and
reverse displacement of the third-layer top were 25.13mm
and 33.12mm. Under the superimposition of negative
bending moments, the cracks ranging from 0.2mm to
0.4mm were appeared in the top of the splicing, and
prestressed tendons almost yield. In the compressive zone
at the bottom of beam end, the corbel and beam had the
horizontal or inclined cracks. Owing to the effect of

prestressed tendons after unloading, the deformation of
beams can be restored. ,e deformation of the column
cannot be fully recovered, and the frame began to show
the plasticity.

2.3. Loading Procedures of Pseudostatic Test.
Load-displacement curve matched linear trend, and the
frame worked in elastic stage when the lateral force increased
to 55 percent of the ultimate load. When the lateral force had
been 65 percent of the ultimate loads, low-slope inclined
microcracks were appeared in the splicing of corbel and
beam, and the microcracks cannot be closed completely. As
the load continues to increase, the above cracks extended
further. Although spreading slightly in the tensile zone of
beam ends and column, the cracks can still close when
unloading. Raising the lateral force to 80 percent of the
ultimate, the top lateral displacement arrived to 40mm, the
compression concrete area of beam ends has been employed
in ultimate state, and the reinforcements yielded in tensile
area. ,ere were tiny slant cracks at the bottom of columns,
and at that time, lateral displacement loading pattern was
adopted. However, the lateral force still increased with the
enlargement of displacement.

When the top displacement was up to around 55mm, the
first-layer concrete of corbels on the compression zone
began to drop out, and the second-layer beam on the
compression zone began to crack mildly and obliquely.
When the top displacement was almost 60mm, several
inclined cracks, whose widths were between 0.3mm and
0.5mm, were generated at the bottom of the first-layer
column, and the lateral force has started to descend.
When the top displacement arrived to 95mm, in the
compression zone of beam ends, the first-layer concrete has
crushed, and the second-layer concrete began to spall be-
cause the strain has reached the ultimate and the third-layer
concrete cracked and was slightly damaged. Moreover, the
widest decussate crack reached 1.0mm at the bottom of first-
layer column, and the reduction of load-carrying capability
was some less obvious.

3. Results

3.1. Results of Pseudodynamic Test. ,is section shows the
results from the dynamic load analysis of the single-span
three-story prestressed fabricated concrete frame above.

Figure 5 shows the displacement time-history curves of
the frame under different peak ground accelerations. Sim-
ilarly, Figure 6 shows the restoring force time-history curves
under different peak ground accelerations.

,e restoring force characteristic curves under different
peak ground accelerations are shown in Figure 7. ,e re-
storing force characteristic curves, also called hysteretic
curve, usually possess hysteretic properties and loop shape,
reflecting the mechanical properties well such as strength,
stiffness, ductility, and energy dissipation. During the ex-
periment, three electrohydraulic servo actuators applied
random seismic wave to each layer of the frame, but the
displacement of each layer could not be synchronized
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because of other layer constraints. ,e third-layer restoring
force characteristic curve is linearly distributed under
2× 34 gal, and the structure performed well in energy
consumption, as the frame was in the elastic state. ,e third-
layer restoring force characteristic curve shows pinch
phenomenon under 6× 34 gal, and the frame was in the
certain plastic state, while energy consumption did not
significantly change. Compared with the first-layer restoring
force characteristic curve under 2× 34 gal, the restoring
force characteristic curve at 6× 34 gal is more full, and more
energy was consumed. Moreover, the frame showed a plastic
state, and the deformation recovered well under the action of
prestressed tendons.

Table 2 shows the interlayer drift and drift ratio of the
frame under different peak ground accelerations. ,e
maximum interlayer drift ratio is 0.27% under 2× 34 gal and
3× 34 gal. ,e maximum drift ratio between layers is 0.73%
under 6× 34 gal, which is obviously larger than the previous
two conditions, indicating that the structure has presented
plasticity. ,e results show that the frame can meet the
requirement of the three-level design in China.

According to the results of the pseudodynamic test, the
curves of peak ground accelerations-interlayer maximum
displacements were obtained (Figure 8). Under 2× 34 gal
and 3× 34 gal, the maximum displacement of layer is almost
a straight line. ,e maximum displacement of each layer is
abruptly changed under 6× 34 gal, which was significantly
larger than the previous two conditions. With the increase of
floors, the rising speed was faster, indicating that the frame
had shown plasticity.

During the testing process, the displacement and in-
terlayer shear force are obtained, and the interlayer shear
force is divided by the interlayer displacement, which is the
cross-sectional stiffness of the frame layer, and the peak
acceleration and the interlayer stiffness relation curve can be
obtained.

Interlayer shear force divided by interlayer displacement,
that is, interlayer secant stiffness. ,e relationship of peak
ground acceleration and interlayer stiffness is shown in
Figure 9. As the peak ground acceleration of input value
increased, the cracking and damages were gradually
revealed, and the interlayer stiffness deteriorated gradually.
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Figure 5: Displacement time-history curves of the prestressed fabricated concrete frame. (a) PGA� 2× 34 gal. (b) PGA� 3× 34 gal.
(c) PGA� 6× 34 gal.
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Figure 6: Restoring force time-history curves of the prestressed fabricated concrete frame. (a) PGA� 2× 34 gal. (b) PGA� 3× 34 gal.
(c) PGA� 6× 34 gal.
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Due to the dissimilar degree of damage in each layer, there
was a difference in the stiffness degradation of the interlayer
stiffness. In the case of the sections and heights of column
being the same, the columns are bolted to the test stand, so
the bottom layer stiffness is approximately 1.5 times the
stiffness of the second layer. Since the top of frame is a free
end, the stiffness of third layer is about 0.5 times the stiffness
of the second layer.

3.2. Results of Pseudostatic Test. ,is section shows the re-
sults from the low reversed cyclic load analyses of the single-
span three-story prestressed fabricated concrete frame
above. ,e experiment demonstrates that the third-layer
beam ends did not yield and the others beam ends had
formed plastic hinges successively. Finally, because of the
yield of reinforcements, the crush of concrete, and the
appearance of cracks, the lateral force decreased and the
structure failed. ,e crack resistance of the core area has

been substantially improved, due to the frame joints in the
condition of biaxial compression. Compared with cast-in-
place frame, the prestressed fabricated frame has the similar
carrying behavior and the beam does fail before the column.

Figure 10 shows the measured lateral displacement
under each increasing load from the load-displacement
hysteresis curves. Due to the mutual restriction between
each actuator, the load-displacement hysteresis curve of the
second layer is slightly disordered.

With the increase of displacement, the curve cannot
return to the initial point, and the residual deformation in-
creased. It is because the negative bending moments were
superimposed on the beam end under the work of lateral
force, which increases the plastic deformation of the pressing
region. After unloading, the recovery of rotation caused by the
negative bending moments lagged because of vertical load.

According to the residual displacement when unloaded
and the maximum displacement when failed, the ratio of
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Figure 7: Restoring force characteristic curves of the prestressed fabricated concrete frame. (a) PGA� 2× 34 gal (first layer). (b)
PGA� 2× 34 gal (second layer). (c) PGA� 2× 34 gal (third layer). (d) PGA� 3× 34 gal (first layer). (e) PGA� 3× 34 gal (second layer). (f )
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residual deformation can be calculated, as shown in Table 3.
,e residual deformation ratio of the first layer is between
0.199 and 0.253; the residual deformation ratio of the second
layer is between 0.249 and 0.291; the residual deformation
ratio of the third layer is between 0.138 and 0.307.,ere is no
much difference in recovery capability at each layer, and the
deformation when loading arrived to the ultimate can still
partially recover on account of the prestressing.

,e skeleton curves of each layer are shown in Figure 11.
,e skeleton curve qualitatively compares and measures the
seismic performance of specimens. Before cracking, the
skeleton curve is oblique lines, indicating that the de-
formation is elastic. After cracking, the skeleton curve starts
to inflect until yield. Meanwhile, the rate constantly de-
creases and the skeleton curve reaches a turning point, after

which the stiffness continually reduces. When reaching
about 20mm, the interlayer displacement continues to in-
crease and the load begins to decrease. ,e final failure load
is approximately 80% to 90% of the peak.

As the loading displacement increases, the cumulative
damage will cause the stiffness to gradually decrease with the
cycle time. In order to quantitatively reflect the stiffness
degradation degree of each loading cycle, the secant stiffness
at each loading level is defined as follows:

Kj �


n
i�1 Vi

j






n
i�1 Δ

i
j




, (1)

Table 2: Interlayer drift ratio of the prestressed fabricated concrete frame in different cases.

Peak ground acceleration Number of layer Loading direction Interlayer drift (mm) Interlayer drift ratio (%)

2× 34 gal

1 Forward 3.31 0.207
Reverse 4.35 0.272

2 Forward 3.41 0.213
Reverse 3.63 0.227

3 Forward 3.14 0.181
Reverse 3.44 0.215

3× 34 gal

1 Forward 3.32 0.207
Reverse 3.63 0.227

2 Forward 3.03 0.189
Reverse 3.48 0.217

3 Forward 3.12 0.195
Reverse 3.76 0.235

6× 34 gal

1 Forward 9.56 0.599
Reverse 10.62 0.662

2 Forward 10.65 0.667
Reverse 11.69 0.730

3 Forward 8.29 0.518
Reverse 10.81 0.676
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where Kj is the stiffness under the j-th load, Vi
j is the in-

terlayer shear under the j-th load i-th cycle, and Δi
j is the

interlayer displacement under the j-th load i-th cycle.
In Figure 12, stiffness decreases as the displacement

increases. In the previous loading cycles, the stiffness deg-
radation was not obvious; when the cracks were generated,
the stiffness degradation increased; entering the yielding
phase, the effective section height of the beam continued to
decrease, and the stiffness degradation speeded up.

Energy dissipation capacity is an important index to
measure the seismic performance of structures. ,e energy
dissipation capacity of structure can be evaluated by the area
under the load-displacement hysteresis curve. ,e envelopes
of hysteresis curves in Figure 13 are arched, so the energy
dissipation capacity is well.

In addition, the energy dissipation capacity also
expressed as equivalent viscous damping coefficient he,

which is calculated according to the formula in each
cycle. After the frame cracked, he showed a decrease in
each loading cycle. After the frame yielded, he kept in-
creasing. ,e equivalent viscous damping coefficients in
the last loading cycle are shown in Table 3, and he was
between 0.065 and 0.087 when the frame damaged
(Figure 14).

he �
1
2π

S(ABC+CDA)

S(OBE+ODF)

. (2)

4. Conclusions

,is paper investigates the seismic behavior of single-span
three-story prestressed fabricated concrete frame, based on
pseudostatic testing and pseudodynamic testing such as
dynamic characteristics, carrying capacity, hysteresis
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Figure 10: Load-displacement hysteresis curves under low reversed cyclic loading. (a) First layer. (b) Second layer. (c) ,ird layer.

Table 3: Interlayer drift and energy dissipation of the prestressed fabricated concrete frame.

Load
direction

Yield
drift
(mm)

Ultimate
drift
(mm)

Residual
drift
(mm)

Residual
drift
ratio

Interlayer
yield drift
(mm)

Interlayer
yield drift
ratio (%)

Interlayer
ultimate

drift (mm)

Interlayer
ultimate drift
ratio (%)

Equivalent
viscous damping
coefficient he

First
layer

Forward 14.7 29 5.0 0.172 14.7 0.917 29 1.818 0.093Reverse 15.1 29 8.3 0.286 15.1 0.943 29 1.818
Second
layer

Forward 15.3 70 23.6 0.337 0.6 0.375 41 2.564 0.075Reverse 15.9 70 16.2 0.231 0.8 0.500 41 2.564
,ird
layer

Forward 43.1 95 30.5 0.321 27.8 1.724 25 1.563 0.070Reverse 41.2 95 21.6 0.227 25.3 1.587 25 1.563
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Figure 11: ,e skeleton curves of each layer. (a) First layer. (b) Second layer. (c) ,ird layer.
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performance, and energy dissipation.,e conclusions of this
study are summarized as follows.

(1) In the pseudodynamic test, when the peak ground
acceleration was 2× 34 gal or 3× 34 gal, the dis-
placements had been an inverted triangle. ,e de-
formation of frame was able to restore completely
after unloading when the maximum interlayer drift
ratio arrives 0.27%, and there was no crack appeared

in beam and column. When the peak ground ac-
celeration was 6× 34 gal, the maximum interlayer
drift ratio arrived to 0.73%, and the deformation of
beam recovered mainly after unloading. However,
the deformation of column recovered incompletely,
and the horizontal and oblique cracks had grown in
the compressive area of beam bottom showing
plasticity.

(2) In the pseudostatic test, the ultimate drift ratio be-
tween layers is, respectively, 1.5%, 2.1%, and 2.3%
satisfying the limiting value of elastic-plastic drift
ratio. In this phase, the beams and columns were
damaged slightly and had not been arrived the ul-
timate condition.

(3) Under the interaction of vertical and horizontal
forces, the plastic hinges first appeared at the end of
the frame beam where the negative bending mo-
ments superimposed. ,e cracks appeared at the
tension zone of beam and splice area of column, and
the prestressed strands yielded. Horizontal and
oblique cracks appeared at the compression zone of
corbel where the concrete crushed. ,e prestressed
fabricated frame achieves the “strong column weak
beam” failure mode.
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Figure 12: Stiffness degradation curves of the prestressed fabricated concrete frame. (a) First layer. (b) Second layer. (c) ,ird layer.
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(4) ,e prestressed fabricated frame has good de-
formation recovery capability that helps post-
earthquake repair and reinforcement. ,e joint
subjected to biaxial compression improved the
stiffness and crack resistance of core area, which
restricted the deformation of beam and column.
,erefore, the prestressed fabricated frame achieves
the “strong joints” requirement and the self-
centering capacity of the frame enhanced effectively.
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Coal entry heading is one of the most hazardous activities in coal mine operations because a certain area of an unsupported roof
inevitably forms and poses a significant threat to the safety of miners. In order to accelerate the coal entry heading, a simplified
method including theoretical analysis and laboratory and in situ tests was developed to predict the influence of heading rate on the
stability of the unsupported immediate roof. *e results demonstrate that the deflection of the unsupported immediate roof at the
heading face is on a scale of millimetre; hence, monitoring the deformation by conventional observation methods is difficult. *e
proposed model shows that, within the unsupported immediate roof, the peak values of normal stresses σx (perpendicular to the
direction of excavation) and σy (parallel to the direction of excavation) and shear stresses τxz (perpendicular to the direction of
excavation) and τyz (parallel to the direction of excavation) have different changing trends. *e peak values of σx and σy both rise
with the increasing advancing distance; however, σy reaches the tensile strength within a shorter range than σx. Moreover, the peak
values of τxz and τyz initially increase with the increasing advancing distance and then stabilize or decline.*emajor threat to roof
stability at the heading face is tensile failure parallel to the heading direction. According to the industry practices, it is proved that
our method can make a good prediction of the mechanical state of the unsupported immediate roof, further deriving the heading
rate with a considerable safety margin.

1. Introduction

As the biggest coal-producing and -consuming country in
the world, more than 70% of China’s energy is provided by
burning coal [1, 2]. Longwall mining is the main coal-
extracting method used in China, with over 85% of the
coal produced by longwall mining. Since the 1990s, with the
development of mechanized coal mining, the “super long-
wall panel” that can produce 1–10 million tonnes of raw coal
per year has been commonly implemented in China. With
this technology, the advancing rate of a longwall panel can
exceed 3000m/year [3, 4] and will continue to increase. *e
rapidly advancing longwall panel will inevitably destroy
a large part of the coal entry. *erefore, to avoid expensive
production interruptions, Chinese coal mine managers and

engineers are examining ways to apply the highly efficient
heading of coal entry.

Highly efficient heading can be achieved by balancing
speed with safety. In China, the most common heading
technique utilizes a roadheader combined with a roof bolter
(Figure 1). After excavating an advancing distance L0, the
roadheader retreats about 5m from the coal face; then, the
roof bolter is moved close to the coal face, and the miners
insert bolts into the rock to support the newly exposed roof.
*is frequent position exchange is time-consuming and
reduces the heading speed greatly. Although increasing L0
can lower the frequency of the operation, it increases the risk
that the longer unsupported roof will trigger roof collapse
which poses a hazard to miners and equipment. *erefore,
for highly efficient coal entry heading, we need to know the
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safe advancing distance L0 that can maintain roof stability as
the roadheader moves forward.

Extensive investigation was conducted to prevent roof
collapses in underground coal mines. Several geotechnical
variables that affect roof stability have been identified. *ese
include the geology, mine opening geometry, horizontal and
vertical stress regime, abutment pressure, and support [5–
12]. Most studies of mine roof stability try to determine the
relationship between roof failures and the abovementioned
variables by using statistical analysis [13–19]. *e detailed
measurements help us understand the mechanics of roof
instability and failure; however, the stratigraphy around coal
mines can be complex, and the mining parameters vary
between mines. Hence, the results of the above studies may
be site-specific and not applicable to other mines.

Although the stability of the unsupported roof near the
heading face is a vital factor for mining engineers when
considering increasing the heading rate and preventing roof
collapse, few studies have investigated this issue in depth.
Hence, in this study, we develop an accurate model to
predict the mechanical behavior of the unsupported roof. To
improve the performance and effectiveness of the con-
structed model, a series of tests are conducted to obtain the
parameters used in the model. *e model is applied to a real
coal excavation case, verifying its reliability as a tool for
increasing mining safety and achieving highly efficient
heading operation.

2. Problem Definition

*e bearing structure of a typical heading face is illustrated
in Figure 2. After excavation, the strong main roof supports
the overlaying strata and maintains self-stability. Below the
main roof, the weak strata (usually mudstone or siltstone)
bend downward, causing separation of the weak strata from
the main roof. At this stage, most of the weak strata are
supported by the immediate roof. Hence, excavation-
induced roof failure will initially begin at the immediate
roof surface where the stress is concentrated and then will
propagate upward into the deeper roof. *is causes a huge
loss of bearing capacity at the immediate roof and increases
the likelihood of triggering roof collapse. *us, the roof

stability near the heading face is directly related to the stress
regime and the engineering characteristics of the immediate
roof.

*e unsupported immediate roof can be simplified as
a rectangular plate model (Figure 3) whose three edges are
hinged at the rock stratum and one edge is hinged at the row
of bolts next to the heading face. Previous studies generally
regarded the area of the plate as the area of the exposed roof
[20–24]. *is conception assumes that the coal ribs are rigid.
However, in fact, the coal seam is much weaker than the roof
and floor. *e entry excavation causes the initial failure of
the shallow coal rib, and it will gradually extend to the deep
coal body. Hou and Ma [25] proposed a mechanical model
(Figure 4) to calculate the normal stress distribution in the
coal-roof interface of a coal rib. *e model results indicate
that the shallow coal rib loses most of its bearing capacity
due to failures. *is increases the area of the unsupported
immediate roof. *erefore, in this work, the mechanical
model (Figure 3) takes into account the roof over the broken
coal rib.

*e normal stress σz is obtained by

σz �
C0

tanφ0
+

Ps

A
 exp

2 tanφ0
MA

α −
C0

tanφ0
, (1)

where σz is the normal stress of the limit equilibrium zone in
the coal rib; C0 is the cohesion of the coal rib; φ0 is the
internal friction angle of the coal rib; Ps is the support
resistance at the coal-rib edge; A is the ratio of horizontal
stress to vertical stress that can be obtained by in situ mea-
surements; M is the thickness of the coal seam. In Figure 4,
α0 is the width of the limit equilibrium zone; H is the mining
depth; c is the average unit weight of the overlying strata
which can be obtained by in situ measurements; and k is the
stress concentration factor, and the proposed value is 2 [25].

A realistic value for the width of the broken coal rib (l in
Figure 4) is important for ensuring that the analysis returns
valid results, but there is almost no reported in situ com-
pressive test on coal ribs. Nevertheless, available results of
extensive in situ compressive tests on coal pillars can provide
valuable information for our modeling.*ree sets of existing
data on large-scale coal tests collected from References
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Figure 1: Heading technique consisting of the roadheader and roof bolter. (a) Roadheader starts to excavate. (b) Roadheader finishes a cycle
of excavation. (c) *e roof bolter is moved close to the coal face to support the newly exposed roof.
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[26–28] are depicted in Figure 5. After the peak strength, the
curves eventually switch to a stable stage which represents
the residual strength. *e tests conducted are reviewed and
listed in Table 1. *e ratio of residual strength to peak
strength ranges from 0.15 to 0.38 with the average value of
0.25. *erefore, here, a value equal to a quarter of the peak
strength of the coal rib is used as the critical stress σb to
determine the width of the broken coal rib l. By substituting
σb into Equation (1), the width l can be expressed as

l �
MA

2 tanφ0
ln

σb + C0/tanφ0( 

C0/tanφ0(  + Ps/A( 
 , (2)

where

σb �
1
4

× ψ × σp, (3)

in which σp is the peak strength of the small coal specimen
and ψ is the coefficient of the scale effect. *us, the lengths a

and b of the model shown in Figure 3 can be expressed as

a � W + 2l,

b � L0 + l,
(4)

where W denotes the width of the heading entry.
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Figure 2: Bearing structure near a typical heading face in coal entry excavation. (a) Front view before the excavation. (b) Cross section
before the excavation. (c) Front view after the excavation. (d) Cross section after the excavation.
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3. Model Solution

*e elastic thin plate theory [29] is used to solve the rect-
angular model proposed in Section 2. It avoids many
complex settings and produces results that meet practical
engineering requirements. *e deflection of the model in
Figure 3 can be expressed as

ω � 
∞

m�1


∞

n�1
Amn sin

mπx

a
sin

nπy

b
, (5)

where

Amn �
qmn

Dπ4 m2/a2( ) + n2/b2( )( )
2, (6)

qmn �
4
ab


a

0


b

0
q(x, y)sin

mπx

a
sin

mπy

b
dx dy, (7)

in which q(x, y) denotes the load concentration. D repre-
sents the bending rigidity and can be expressed as

D �
Eh3

12 1− v2( )
, (8)

where E is the elastic modulus, h is the plate thickness, and v

is Poisson’s ratio.
*e bending moments Mx and My and the shear forces

Qx and Qy are given as
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Figure 3: Simple supported rectangular plate model of the unsupported immediate roof.
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Figure 4: Model for calculating the normal stress distribution of
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Mx � −D
z2ω
zx2 + v

z2ω
zy2 ,

My � −D
z2ω
zy2 + v

z2ω
zx2 ,

Qx � −D
z

zx
∇2ω,

Qy � −D
z

zy
∇2ω.

(9)

*e maximum values of the normal stresses σx and σy
appear on the surface of the plate, while themaximum values
of the shear stresses τxz and τxz appear on themiddle plane of
the plate. *ey are given as

σx( max � ±
6Mx

h2
,

σy max � ±
6My

h2
,

τxz( max �
3
2

Qx

h
,

τyz max �
3
2

Qy

h
.

(10)

*e loads applied on the mechanical model depicted in
Figure 3 are the overburden pressure and the coal-rib
support pressure. Solving the model using the above
equations directly is complicated and difficult. However,
according to the superposition principle, the overall load q is
equivalent to the superposition of the loads illustrated in
Figure 6.

*e overburden pressure q0 is evenly distributed and can
be expressed as

q0 � c × hi, (11)

where c is denoted as the average unit weight of the
overlying strata and hi denotes the thickness of the im-
mediate roof.

Compared to the overburden pressure q0, the distribu-
tion range of the coal-rib support pressures qL, qR, and qF is
narrow. Hence, to simplify the calculation, the expressions of
qL, qR, and qF are simplified as linear relations, yielding

qL � σb

x

l
− 1 , 0≤x≤ l, x≤y≤ b, (12)

qR � σb

a

l
−

x

l
− 1 , a− l≤x≤ a, a−x≤y≤ b, (13)

qF � σb

y

l
− 1 , y<x≤ a−y, 0≤y≤ l. (14)

Substituting Equations (11)–(14) into Equation (7) yields

q
0
mn �

4chi

mnπ2
(−1)

m − 1  (−1)
n − 1 , (15)

q
L
mn �

4σb(−1)n+1

mnπ2
a

mπl
sin

mπl

a
− 1 

−
2bσb

nπ2


2bm

b2m2 − a2n2
−

ab

(bm− an)2πl
sin

(bm− an)πl

ab

−
ab

(bm + an)2πl
sin

(bm + an)πl

ab
,

(16)

q
R
mn �

4σb(−1)n+1

mnπ2
(−1)

m
+

a

mπl
sin

mπ(a− l)

a
 

+
2bσb

nπ2

2bm(−1)m

b2m2 − a2n2
+

ab

(bm− an)2πl

· sin π
(bm− an)(a− l) + a2n

ab
 

+
ab

(bm + an)2πl
sin π

(bm + an)(a− l)− a2n

ab
 ,

(17)

q
F
mn �

2a2σb

mπ2

2n (−1)m − 1[ ]

a2n2 − b2m2 +
b (−1)m + 1[ ]

(an + bm)2πl

· sin
(an + bm)πl

ab
+

b (−1)m + 1[ ]

(an− bm)2πl
sin

(an− bm)πl

ab
.

(18)

*en, inserting Equations (15)–(18) into Equations (5)
and (6) givesɷ0,ɷL,ɷR, andɷF. Finally, the deflection of the
model in Figure 3 can be expressed as

ω � ω0 + ωL + ωR + ωF. (19)

4. Case Study

A real coal entry was selected as a case study to test and verify
the theoretical model presented above. *e example is
tailgate entry no. 12311 serving for coal seam no. 11-2 ex-
traction in the Panyi Mine, HuainanMining Industry Group
Co., Ltd., Anhui Province, China. *e site was chosen be-
cause the Panyi Mine is suffering the extremely low-
efficiency heading of coal entry, with an average heading

Table 1: Summary of large-scale in situ tests.

Investigators Cross section (cm) Height (cm) Peak strength (MPa) Residual strength (MPa) Ratio Average
Van Heerden [26] 140×140 43 22.78 8.66 0.38

0.25Bieniawski and Van Heerden [27] 140×140 54 20.58 4.72 0.23
Cook et al. [28] 125×104 170 8.58 1.26 0.15
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rate of 220m/month. *e main reason for the slow rate
is the short advancing distance (an average of 1m)
and the corresponding frequent position exchange of the
machinery.

4.1. Geological Setting. Coal seam no. 11-2 is buried at an
average depth of 760m, and its average thickness is 2.4m.
Tailgate entry no. 12311 is cut as 2.1–2.4m high and 5mwide
and is oriented N83°W. A geologic column of the mine roof
obtained from a vertical core hole drilled at the site is shown
in Figure 7.*e roof may be roughly divided into three units:

(i) A slightly stronger siltstone layer in the lowest 1.1m,
comprising the immediate roof

(ii) A sequence of coal, weak claystone, and slickensided
shale layers from 1.1m to 14.4m

(iii) A significantly stronger sandstone above 14.4m,
comprising the main roof

*e properties of the coal ribs for the model in Section 3
were obtained from previous tests on coal from the adjacent
Xieyi Mine [30]. *e coal specimens taken from the Xieyi
Mine were subjected to multistage triaxial testing, and the
results are presented in Table 2. By using the linear
Mohr–Coulomb criterion, the cohesion and friction angle of
the coal specimens were determined as 7.92MPa and 27°,
respectively. *e uniaxial strength and cohesion of the coal
specimens cannot be directly recognized as the in situ
properties of the coal ribs. However, by in situ large-scale
coal testing, Bieniawski [31] found that the coefficient of the
scale effect ψ can be set as 0.17. Accordingly, the in situ
compressive strength and cohesion of the coal ribs used in
the model were 3.91MPa and 1.35MPa, respectively.

As illustrated in Figure 2, our model ignored the bearing
capacity of weak formations between the main roof and
immediate roof and regarded them as the load applied on the
immediate roof. By doing this, the calculation process has
been greatly simplified; meanwhile, the safety margin of
results can be increased. In order to understand the me-
chanical properties of the immediate roof of tailgate entry
no. 12311, a series of tests were conducted on siltstone
specimens obtained from the roof core (Figure 8): uniaxial
compressive tests, Brazilian disc tests, and shear-
compression tests. *e results are presented in Tables 3–5,
respectively. *e relationship between the average shear
strength and normal stress is illustrated in Figure 9. Based on
the Mohr–Coulomb criterion, the cohesion and friction
angle of the siltstone were derived as 4.86MPa and 35.6°,
respectively.

Table 2: Results of conventional triaxial tests from Reference [33].

No. Confining pressure (MPa) Peak strength (MPa)
1 0 22.99
2 10 61.65
3 20 87.03
4 30 113.14
5 40 135.66
6 50 156.41
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Figure 6: Decomposition of the overall load q.
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*e stress field was measured in two locations in haulage
entry no. 12311 and adjacent recovery room no. 12521
(Figure 10). *e results are shown in Table 6. By decom-
posing the principal stresses and extracting the stress vector
in the direction perpendicular to tailgate entry no. 12311, the
coefficient of horizontal stress A can be obtained as 0.9.
*e average unit weight of the overlying strata c can be
expressed as

c �
σv
H

, (20)

where σv is the average vertical stress and H is the mining
depth. Substituting the measurements in Table 5 into
Equation (20), c is obtained as 26836N/m3.

4.2. Results and Discussion. In Section 4.1, the detailed pa-
rameters describing the geological conditions of tailgate
entry no. 12311 were determined by experimental and in situ
tests. To study the roof stability at the heading face in tailgate
entry no. 12311, we substituted these parameters into the

Figure 8: Siltstone specimens from the roof core prepared for the tests.

Table 3: Results of the uniaxial compressive test.

No. Peak strength (MPa) Average strength (MPa) Elastic modulus (GPa) Average modulus (GPa) Poisson’s ratio Average ratio
1 29.97

25.36

3.16

2.66

0.21

0.22
2 24.56 2.72 0.22
3 22.19 2.36 0.24
4 21.30 2.61 0.23
5 28.78 2.45 0.21

Table 4: Results of the Brazilian disc test.

No. Tensile strength (MPa) Average tensile strength (MPa)
1 1.72

2.18

2 2.80
3 1.65
4 2.02
5 2.35
6 2.56

Table 5: Results of the shear-compression test.

No. Shear angle (°) Normal stress (MPa) Average normal stress (MPa) Shear strength (MPa) Average shear strength (MPa)
1 55 6.73

6.76
9.61

9.652 55 6.29 8.98
3 55 7.25 10.35
4 60 5.08 4.88 8.81 8.456 60 4.67 8.09
7 65 3.49

3.36
7.49

7.208 65 2.95 6.33
9 65 3.63 7.79

Advances in Civil Engineering 7



model proposed in Section 3. Given the complexity of
solving the equations, the commercial math software
MATLAB R2012a (MathWorks, Inc., Natick, USA) was
used.

As the first step to explore the possibility of increasing
the advancing distance, the stress state of the current un-
supported immediate roof (1m long and 5m wide) was
analyzed. *e distributions of the deflection, maximum
normal stresses σx and σy, and maximum shear stresses τxz
and τyz in the immediate roof are illustrated in Figure 11.*e
deflection is on a scale of decimillimetre; hence, it cannot be
perceived by miners working in the heading face. *e dis-
tribution of σx forms a hump-shaped pattern, with the two
peaks located on the midline of the unsupported roof
(Figure 11(b)). But the maximum value is only 0.137MPa
which is far below the tensile strength of the immediate roof
(2.18MPa). At this low stress level, the lateral broken coal
ribs support the unsupported roof to some extent, which

produces the bilateral compressive areas presented in Fig-
ure 11(b). Compared to the maximum normal stress σx, σy
(Figure 11(c)) is relatively large, reaching a peak value of
0.486MPa at the center of the unsupported roof. As the
stress level rises, the supporting effect of the broken ribs
weakens. *e distribution of the maximum shear stress τxz
(Figure 11(d)) shows two high-stress areas which are
asymmetric, both along the lateral coal ribs. *e maximum
shear stress τyz (Figure 11(e)) has two high-stress areas at the
front and back edges.*e stress along the back edge which is
corresponding to the row of bolts next to the heading face is
more concentrated. *e peak values of τxz and τyz are
0.152MPa and 0.373MPa, respectively. *ey are both small
compared with the shear strength of the immediate roof.
Overall, the results indicate that the midline, center, bilateral
edges, and back edge of the unsupported immediate roof are
possible failure areas, and more importantly, they confirm
that the stress state of the current immediate roof is below
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Figure 9: Average shear strength vs. average normal stress for siltstone.
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Figure 10: Principal stress distribution at the study sites.
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Table 6: Results of stress field measurements.

Site Principal stress Value (MPa) Dip angle (°) Azimuth angle (°)

12311

σ1 35.82 20.5 114.3
σ2 20.38 67.5 320.3
σ3 18.39 9.1 207.7
σv 20.99 0 —

12521

σ1 36.11 11.5 103.5
σ2 19.13 77.7 263.4
σ3 18.07 4.1 12.7
σv 19.80 0 —
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Figure 11: Continued.
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Figure 11: *e mechanical state of the current unsupported immediate roof (1m long and 5m wide). (a) Distribution of deflection. (b)
Distribution of normal stress σx. (c) Distribution of normal stress σy. (d) Distribution of shear stress τxz. (e) Distribution of shear stress τyz.
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the threshold level needed to trigger the roof failure;
thus, there is a large potential to increase the advancing
distance.

To investigate the stress evolution characteristics of the
unsupported immediate roof with the increasing advancing
distance, we conducted a serial of calculations. *e results
were plotted against advancing distance and are shown in
Figure 12. *e peak value of deflection shows a nonlinear
increase with the increasing advancing distance, but it is still
on a scale of millimetre which is hard to measure or observe.
*e normal stress and shear stress show clearly different
trends. Specifically, the peak values of σx and σy both rise with
the increasing advancing distance, but σy reaches the tensile
strength within a shorter range than σx. Moreover, the peak
values of τxz and τyz initially increase with the increasing
advancing distance and then become stable or decline. *e
simulation was designed to test whether the shear stress can
reach the minimum shear strength determined as 4.86MPa in
Section 4.1. However, as depicted in Figures 12(d) and 12(e), it
is far below theminimum shear strength even at an unrealistic
length of advancing distance (29m).

According to the above analysis, it is apparent that the
major threat to roof stability at the heading face is tensile
failure parallel to the heading direction. However, a problem
arises from the determination of the tensile strength of the
immediate roof. Since the coal mine roof is commonly
disturbed by faults, beddings, and joints, its strength cannot
be equated to the strength derived from the small rock
sample. *erefore, a reduction parameter is required to
relate the roof strength to the rock strength in the laboratory.
So far, extensive works have been devoted to this issue;
several rock mass classification systems (for e.g., RMR [32],
MRMR [33], Q-system [34], and GSI [35]) have been
established and successfully applied in engineering practice,
but the fairly high time cost is a major shortcoming of these
classification systems blocking their application to this
study. As mentioned, the main intention of the establish-
ment of the foregoing analytical method is to increase the
efficiency of coal entry heading. However, the previous rock
mass classification systems generally need a variety of input
parameters (joint spacing, joint roughness, water reduction
factor, etc.), some of which are based on the time-consuming
in situ observation and borehole logging. Besides, these
classification systems are not designed to rate the roof
impacted by a variable geological condition; hence, pa-
rameter adjustments are required to be continuously con-
ducted with the advance of heading, which would greatly
slow down the heading rate. In view of the problem,
a simplified but competent relationship between roof
strength and laboratory rock strength is necessary to allow
the further analysis.

*e existing empirical relations of in situ deformation
modulus and rock quality designation (RQD) paved a way
for overcoming the problem because of the following
reasons:

(1) *e positive correlation between rock mass strength
and deformation modulus has been proven by

numerous researchers [36–38]; therefore, it becomes
convenient to relate the rock mass strength to RQD.

(2) Compared to the rock mass strength, the dataset of
the deformation modulus of rock mass is much
larger, which can be attributed to the utilization of
the seismic technique in its determination. A larger
dataset indicates a more reliable relation.

(3) RQD is a single parameter and can be easily cal-
culated from core drilling; this simplicity makes it
possible to evaluate the variable condition of the
immediate roof.

Zhang and Einstein [39] collected about 120 sets of
published data covering mudstone, siltstone, sandstone,
shale, dolerite, granite, limestone, greywacke, gneiss, and
granite gneiss and derived an empirical relation between the
modulus reduction ratio Em/Ei and the RQD:

Em

Ei
� 100.0186RQD−1.91

, (21)

where Em and Ei are the deformation moduli of the rock
mass and the intact rock, respectively. *e reduction ratio of
deformation modulus is employed to relate the roof strength
to the laboratory-scale rock strength. Based on RQD, the
immediate roof conditions are classified into four types and
presented in Table 7. To increase the safety margin, the
reduction ratio (Rs) of each type is calculated by substituting
the lower value of RQD into Equation (21). Subsequently, Rs
is introduced into the calculation of the advancing distance
in heading of tailgate entry no. 12311. *e critical tensile
stress (σy)c below which the immediate roof can maintain
self-stability is given as

σy c � Rs × T, (22)

where T is the tensile strength of the small sample drilled
from the immediate roof and has been determined as
2.18MPa in Table 4. *e determined (σy)c of each roof
condition type is presented in Table 7.

It can be observed in Figure 12 that the tensile stress
parallel to the heading direction (σy) exhibits the fastest
increase with the increasing advancing distance. *erefore,
the advancing distance of each type of roof condition is
determined by substituting their critical tensile stress into
the linear relationship presented in Figure 12(c). It has to be
noted that the advancing distance of the roof condition with
RQD lower than 70% is kept as the original value (1m).
Before applying the advancing distances to the entry
heading, the expected mechanical state of the unsupported
immediate roof was studied (an example of 1.9m advancing
distance is shown in Figure 13). *e results confirm that the
stress distributions are all within a safe level and indicate that
the advancing distance in the modeled coal seam of the
Panyi Mine can be confidently increased.

*e expected length of tailgate entry no. 12311 is
1370.5m. Before employing the newly designed advancing
distance, the heading face had advanced 370m taking 55
days.*us, the average heading rate was 202m/month. After
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adopting the newly designed advancing distance, the
remaining 1000.5m was excavated in 74 days with no roof
falls. *us, even with a considerable safety margin, the

heading rate was improved from 202m to 406m per month.
*e frequency of position changes between the roadheader
and the roof bolter decreased from 6.7/day to 5.4/day, which
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Figure 12: Evolution of the mechanical state of the unsupported immediate roof with the increasing advancing distance. (a) Peak value of
deflection vs. advancing distance. (b) Peak value of σx vs. advancing distance. (c) Peak value of σy vs. advancing distance. (d) Peak value of τxz
vs. advancing distance. (e) Peak value of τyz vs. advancing distance.
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reduced the labor intensity. Finally, the proposed method
was verified as a reliable method for predicting the me-
chanical state of the unsupported immediate roof, providing
a safe and effective tool to help achieve highly efficient
heading of coal entry.

5. Conclusions

*is study focuses on developing a systematic method to
predict the mechanical behavior of the unsupported im-
mediate roof and preventing roof collapse while pursuing

Table 7: Results of the calculation of the advancing distance in heading of tailgate entry no. 12311.

No. RQD range (%) Strength reduction ratio Critical tensile stress (MPa) Advancing distance (m)
1 90∼100 0.58 1.26 1.9
2 80∼90 0.38 0.83 1.4
3 70∼80 0.25 0.55 1.1
4 <70 — — 1
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Figure 13: *e mechanical state of the simulated unsupported immediate roof with the extended advancing distance (1.9m long and 5m
wide). (a) Distribution of deflection. (b) Distribution of normal stress σx. (c) Distribution of normal stress σy. (d) Distribution of shear stress
τxz. (e) Distribution of shear stress τyz.

Advances in Civil Engineering 13



the highly efficient heading of coal entry. *e theoretical
model was applied to data collected from a Chinese coal
mine. Based on the results, the following conclusions were
drawn:

(1) *e deflection of the unsupported immediate roof at
the heading face was on a scale of millimetre; hence,
it is difficult to monitor the deformation of the
unsupported immediate roof using conventional
observation methods. It is thus extremely dangerous
to determine the extent of safe advancing distance by
observing the deformation of the unsupported im-
mediate roof.

(2) *e proposed model shows that the peak values of
normal stress and shear stress in the unsupported
immediate roof show different changing trends. *e
peak values of σx and σy both rise with the increasing
advancing distance, while σy reaches the tensile
strength within a shorter range than σx. Moreover
the peak values of τxz and τyz initially increase with
the increasing advancing distance and then stabilize
or decline.

(3) *e peak values of τxz and τyz cannot reach the
minimum shear strength over the range of advancing
distance from 1m to 29m. *erefore, shear failure is
unlikely to occur in the unsupported immediate roof.

(4) *emajor cause of roof instability at the heading face
is tensile failure parallel to the heading direction.

(5) Based on engineering practice, the theoretical
method was verified as a reliable model for pre-
dicting the mechanical state of the unsupported
immediate roof and can be used confidently to
achieve safe and highly efficient heading of coal
entry.
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)e Terzaghi method is widely used to correct the line-sampling bias of rock discontinuity orientations.)emethod includes four
procedures, one of which is meshing the stereographic projection diagram into cells. )e method is based on the bias-
compensatory factor, 1/sin θ, where θ is the angle between the scanline and the discontinuity defined at each cell center.)is paper
presents a modified Terzaghi method that eliminates meshing, thereby reducing the method to three steps that (1) count the
frequencies, (2) weigh the frequencies by the bias-compensatory factor, and (3) round the weighed frequencies to the nearest
integer. Due to the elimination of the mesh, the counting object has changed to the frequency at each pole, and θ in the bias-
compensatory factor is redefined as the angle between the scanline and the discontinuity at each pole. )e applicability of the
redefined bias-compensatory factor is verified through amathematical logical deduction.)e accuracy of the conventional and the
modified Terzaghi methods are compared using a case study in Wenchuan, China, revealing improved accuracy for the latter.

1. Introduction

Many important engineering structures are built on or in
rock, such as tunnels, dam foundations, bridge foundations,
tall buildings, etc. Rock is an inhomogeneous natural ma-
terial owing to the presence of discontinuities, defined as any
significant mechanical break or fracture of negligible tensile
strength [1]. Discontinuities include bedding planes, faults,
fissures, fractures, joints, etc. )e orientation of disconti-
nuities is known to greatly affect the kinematical and me-
chanical behavior of rock [2–5]. )ese orientations can be
observed on rock exposures such as outcrops, tunnel faces,
pit faces, and drillhole faces. A common observational
method is line sampling down a borehole or along a scanline
on an exposure. However, such sampling biases the apparent
abundance of the orientations, because the probability that
a particular discontinuity is intersected by a scanline

depends on its orientation [6, 7]. To correct for this bias,
Terzaghi [8] proposed a well-known method that weighs the
observed frequencies by a bias-compensatory factor, which
is the reciprocal of the sine of the intersection angle be-
tween the scanline and discontinuity. A detailed de-
scription of this method is available in Einstein and Beacher
[9, 10]. )e Terzaghi method has been widely used by
researchers, including Goodman [11], Park [12], and
Fouché and Diebolt [13].

Tang et al. [14] found that the Terzaghimethod involves an
error, even if optimizing countermeasures are applied. Un-
fortunately, the origin of the error is unknown, but the
meshing procedure is suspected to be a significant component.

)is paper presents a modified Terzaghi method that
eliminates the meshing procedure. Following a brief in-
troduction of the conventional Terzaghi method, we de-
scribe this modified method and its internal procedures.
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Owing to mesh elimination, some procedural modifications
are required. Second, the bias-compensatory factor had been
reobtained in the case of the presence of mesh [8], so we
determine whether this factor is still applicable in the no-
mesh case, using a mathematical logical deduction. Finally,
we apply both the conventional and the modified Terzaghi
methods to a test case and compare the accuracy of the two
results.

2. Modified Terzaghi Method

2.1. Procedures. )e procedures of the conventional Ter-
zaghi method [8] are (Figure 1(a)) as follows:

(1) Subdivide the projection net into cells.
(2) Count the frequencies lying in each cell.
(3) Weigh the frequencies by the bias-compensatory

factor 1/sin θ, where θ is the intersection angle be-
tween the scanline and the discontinuity defined at
each cell center. Since the orientation is composed of
two elements, that is, the dip direction and dip angle,
the weighing should be executed for dip direction
and dip angle, respectively.

(4) Because the frequencies defined in this manner must
be integers, the weighed frequencies that are rounded
to the nearest integer.

)e procedures of the modified Terzaghi method are
(Figure 1(b)) as follows:

(1) Count the frequencies at each pole. Owing to mesh
elimination, the counting objects have changed to
the frequencies at each pole.

(2) Weigh the frequencies by the bias-compensatory
factor 1/sin θ, where θ is redefined as the angle be-
tween the scanline and the discontinuity at each pole.

(3) Round the weighed frequencies to the nearest
integer.

2.2. Applicability of the Redefined Bias-Compensatory Factor.
)e kernel of the modified Terzaghi method is the bias-
compensatory factor. )is factor is known to be 1/sin θ for
the conventional Terzaghi method [8], but its applicability to
the modified Terzaghi method with redefinition remains
unknown. In this section, a mathematical deduction is used
to verify its applicability.

For the conventional Terzaghi method, the weighing
procedure is obtained by multiplying the bias-compensatory
factor, 1/sin θ, by the observed frequency defined in the cell
[8]. )is step can be formulated as follows:

PA �

α+Δα
α 

β+Δβ
β pAB(α, β) dαdβ

sin θ
�

P

sin θ
, (1)

where α is the dip direction, β is the dip angle, ∆α is the
cell size on dip direction, ∆β is the cell size on dip angle
(Figure 2), PA is the corrected frequency in cell, pAB(α, β) is

the joint probability density that the dip direction and dip
angle are intersected by scanline, and P is the observed
frequency in cell.

For the modified Terzaghi method, the weighing pro-
cedure is to multiply 1/sin θ by the observed frequency at
each orientation pole. Such a pole, in calculus, can be
regarded as a special cell, that is, an infinitesimal cell around
the pole (∆α⟶ 0°, ∆β⟶ 0°). In this case, P and PA in
Equation (1) become the observed frequency and the
corrected frequency at the orientation pole, respectively.
)erefore, despite a slight redefinition of θ, the bias-
compensatory factor can be also used for the modified
Terzaghi method.

3. Application of theModified TerzaghiMethod

)euse of the modified Terzaghi method is illustrated and its
accuracy is tested against the conventional Terzaghi method,
using a real example of bedding orientation observations in
a roadcut in China. )e study area is near Yingxiu town in
Wenchuan, Sichuan Province, and located only about
1,800m east of the epicenter of the 2008 Wenchuan
Earthquake (Figure 3). )e particular roadcut is 11m long,
5m wide, and 6m high and consists of Upper Triassic lithic
arkose of the Xujiahe Formation. )e rock has two dis-
continuity sets, one of which is the bedding plane.

A scanline with the trend/plunge of 108/15° was fixed to
observe the bedding planes on this outcrop (Figure 4).
Table 1 lists 55 observed orientations, whose pole diagram is
shown in Figure 5.

First, the sampling bias of the observed orientations was
corrected according to the conventional and the modified
Terzaghi methods. A cell size of 2° × 2° was selected for the
conventional Terzaghi method because Tang [15] concluded
that this size optimizes the accuracy. )e result corrected by
the conventional Terzaghi method is shown in Figure 6(a)
and the result corrected by the modified Terzaghi method is
shown in Figure 6(b). In addition, the volumetric abun-
dance, diameter, and aperture were calculated, with the
results listed in Table 2.

Next, a three-dimensional model of the rock was con-
structed by discrete fracture network modeling, as described
by Xu and Dowd [16], Brzovic and Villaescusa [17], and
Grenon and Hadjigeorgiou [18]. Multiplying the volumetric
abundance (10m−3) by the volume of the simulated zone
(400m3), in Table 2, results in a total of 4,000 discontinuities.
)en, pseudorandom numbers of these 4,000 discontinuities
were generated for the five elements, namely the X-co-
ordinate, Y-coordinate, Z-coordinate, diameter and aper-
ture. )ese pseudorandom numbers are not listed here
because of space limitations. After entering the pseudo-
random numbers and the corrected orientation data into
modeling software such as OpenGL or AutoCAD, two
models can be built corresponding to the conventional and
the modified Terzaghi methods (Figure 7). A scanline with
the same orientation as the field scanline was applied to the
model outcrop and the discontinuities that are intersected by
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Figure 1: Procedures of (a) the conventional Terzaghi method and (b) the modified Terzaghi method.
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this scanline were then “measured.” )e quantity of these
measured discontinuities is set equal to the number of
observed discontinuities in the field. To distinguish between
these measured discontinuities and the real discontinuities
observed in the field, the former are named “modeled”
discontinuities. Figure 8 shows the modeled discontinuity
orientations.

)ird, the distribution difference between the observed
and the modeled orientations was tested by the
Kolmogorov–Smirnov two-sample test. )is nonparametric

hypothesis test evaluates the difference between the cumu-
lative distribution functions of two sample data vectors. )e
test can be executed by the software Statistical Product and
Service Solutions and returns an asymptotic significance to
characterize the difference. )e significance ranges from 0 to
1; the higher the significance, the lower the difference. More
information about this test is given in Özcomak et al. [19] and
Al-Labadi and Zarepour [20].

)e test returned two significances corresponding to the
dip direction and dip angle. )ese two significances were
combined and their average is 0.686 for the conventional
Terzaghi method and 0.988 for the modified Terzaghi
method. It is apparent that the latter value is much higher
than the former value, demonstrating that the modified
Terzaghi method is more accurate than the conventional
method, even if the optimal cell size of 2° × 2° is chosen for
the conventional method.

4. Discussion

Tang [14] presented the accuracy of the conventional Terzaghi
method in two cases:
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Table 1: Data of observed orientations.

Discontinuity Dip direction/angle (°) Discontinuity Dip direction/angle (°)
1 128/73 29 139/66
2 134/70 30 138/65
3 135/70 31 135/70
4 133/71 32 137/72
5 130/75 33 137/77
6 133/71 34 129/74
7 132/74 35 145/78
8 145/72 36 138/70
9 133/76 37 130/69
10 131/67 38 133/71
11 135/74 39 136/70
12 141/72 40 132/70
13 138/75 41 134/72
14 130/69 42 135/77
15 127/73 43 127/69
16 137/80 44 129/73
17 138/73 45 129/71
18 132/78 46 144/72
19 137/73 47 139/71
20 131/73 48 142/75
21 131/69 49 137/76
22 132/71 50 143/74
23 137/69 51 144/71
24 132/79 52 141/79
25 138/74 53 144/73
26 131/77 54 141/75
27 132/73 55 140/80
28 133/78 — —
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Figure 5: Pole diagram of 55 observed orientations. )is diagram was plotted by the software Dips. )is is an equal-angle projection of the
upper hemisphere, showing equal-density rings shaped by Fisher concentrations.
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Case 1. Ifn⟶∞, in otherwords, if the cell size is infinitesimal,

B
D
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1
k

lim
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i�1

Pi

sin θci
. (2)

Case 2. If n does not approach ∞,
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, (3)
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Figure 6: Pole diagram of orientations corrected by (a) the conventional Terzaghi method and (b) the modified Terzaghi method.

Table 2: Volumetric abundance, diameter, aperture, and size of simulated zone.

Volumetric abundancea (m−3) Diameter (m) Aperture (mm)
Simulated zone

Length (m) Width (m) Height (m)
4 Exp (0.5)b Exp (3.2) 10 10 10
aVolumetric abundance�number of discontinuity centers per rock volume. bExp (k)� exponential distribution, where k is the reciprocal of mean.
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where D is a given orientation interval and pA(α, β) is the
joint probability density of the dip direction and dip angle in
the rockmass.

As mentioned in Section 2.2, the elimination of mesh in
the modified Terzaghi method is identical to meshing the
projection diagram into infinitesimal cells (Case 1 for
Equation (2)). Tang [14] proved that Equation (2) is accu-
rate, while Equation (3) introduces error. Hence, the
modified Terzaghi method is a more accurate procedure. In
contrast, for the conventional Terzaghi method, the cells can
only approach but can never attain an infinitesimal size.
Such a mesh can only meet Case 2 and not Case 1, so the
conventional Terzaghi method will consequently involve
error. )is analysis reinforces the result regarding accuracy
obtained in Section 3.

As shown in Section 3, the significance of the modified
Terzaghi method approaches but does not attain unity,
suggesting that factors in addition to meshing contribute
error to the Terzaghi method. One inferred source of error is
rounding the corrected frequencies to the nearest integer.
)is issue will be studied in the future.

5. Conclusions

)e Terzaghi method is widely used to correct the observed
distribution of rock discontinuity orientations. A modified
Terzaghi method that eliminates the meshing procedure was
developed to improve accuracy. )is modified method only
includes three procedures that (1) count the frequencies at
each pole, (2) weigh the observed frequencies by the bias-
compensatory factor, and (3) round the weighed frequencies
to the nearest integer. Mesh elimination requires that the
counting objects are changed to the frequencies at each pole

instead of the frequencies lying in each cell; accordingly, the
bias-compensatory factor has become the reciprocal of
the sine of the intersection angle between the scanline and
the discontinuity at each pole, rather than the reciprocal
of the sine of the intersection angle between the scanline and
the discontinuity defined at each cell center. A mathematical
logical deduction verifies that this slightly redefined bias-
compensatory factor can be used in the modified Terzaghi
method.

)e conventional and the modified Terzaghi methods
were both applied to a case study near Yingxiu, in Sichuan,
China. )e results indicate that the modified Terzaghi
method performed more accurately than the conventional
method.
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It is essential to determine rockmass mechanical parameters in stability assessment. )e structural z is the main factor in this
regard, and we know little about the relationship between mechanical parameters and multiple structure planes. In this paper, we
have conducted a series of numerical tests to obtain mechanical parameters for a dam foundation in Southwest China.)e biaxial
numerical test was performed based on the discrete element method. )is numerical test considers the spacing, types, dip angles,
and size effect. We established a relationship of mechanical parameters between small size lab samples and large size field samples.
We forecasted the strength parameters for a spillway slope in Southwest China. )e dip angle has a significant effect on the slope
strength and stability. In this case, the rockmass fracture stress-dip angle curve forms a U-shaped distribution. )e X-shaped
double structure plane demonstrates severe strength weakening relative to a single structure plane. As structure plane spacing
reaches a certain level, its influence on rockmass strength diminishes.)e elementary volume of the rockmass for dam foundation
analysis is about 4m× 4m× 4m.

1. Introduction

Conventional rock mechanical tests consider an intact rock,
and the influence of multiple structure planes is ignored
[1–5]. Rockmass is a multibody system with many structure
planes and it is well known that many accidents of rock
failure is due to the lack of research on structure planes.
From the 1960s to the late 1980s, a pioneer geological en-
gineer [6] proposed the rockmass structure control theory to
conduct systematic and comprehensive studies in this
regard. Many other researchers have also achieved a sig-
nificant number of results [7–11]. )e most common
methods used today for mechanical parameters assessment
are engineering analogy, lab and field tests, numerical
simulation, and counter-analysis [12–18]. Numerical sim-
ulation is the most efficient due to the fact that the char-
acteristics of the structure planes can be taken into account
[19–22]. From the perspective of homogenization, people
have studied the rockmass mechanical parameters [23–26].

From the basic concept of representative elementary volume
(REV), the mechanical significance of REVmodel is derived.
)e determination method for jointed rockmass strength is
also developed. Research regarding jointed rockmass me-
chanical properties remains an interesting topic. In this
paper, we present a numerical test case for a spillway slope,
located at the Jinsha River in Southwest China. We have
designed jointed rockmass analogy simulation with a focus
on the influence of structure plane characteristics.

2. Procedures of Numerical Test

)e influence mechanism of dip angles and structure plane
densities on its rockmass mechanical parameters are studied
through rockmass numerical tests of the structure plane
(Figures 1 and 2). Due to the fact that the structure plane
involves a large number of geometric characteristics, it is not
possible to conduct an accurate simulation. In order to
facilitate the study of the influence of dip angle, number,
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density, and other factors on the rockmass mechanical
parameters of structure plane, the rockmass joints are ab-
stracted and generalized into ideal model samples, and the
model is simplified using the following assumptions: (1) the
structure plane of the rockmass sample is a flat surface,
i.e., do not consider the influence of rough patches on the
structure plane on the experimental results, instead only
consider the dip angle, number, and bond strength of the
structure plane; and (2) Ignore the influence of tiny fissures
on the experimental results.

Seven groups of single-jointed rock mass samples were
prepared with varying structural plane angles of 0°, 15°, 30°,
45°, 60°, 75°, and 90°. )ree groups of X-shaped combination
structural surfaces were prepared for rockmasses containing
the plane angle combinations of 30–45, 45–60, and 60–60
and having spacing of 10, 30, 60, and 100 cm for single joint
and 10, 50, and 100 cm for X-shaped joint, respectively, were
prepared. )ree samples in each group were tested to obtain
the average value. Tests were conducted under the confining
pressures of 1.5, 2.5, 3.5, and 6.0MPa, until the samples were
damaged.

3. Influence of Structure Planes
Characteristics on Rockmass
Mechanical Parameters

3.1. Dip Angle. A numerical model (Figure 1) was created
and then the different confining pressures, such as 1.5, 2.5,
3.5, and 6.0MPa, were selected for performing numerical
analysis according to the laboratory test values.)e dip angle

ranged from 0 to 90°, and the value at each interval of 15° was
read (for a total of seven values, i.e. 0°, 15°, 30°, 45°, 60°, 75°,
and 90°). Based on the above numerical simulation, data was
obtained, and are given in Table 1.

According to the loading conditions in the laboratory,
the confining pressures were set to 1.5, 2.5, 3.5, and 6.0MPa,
and the dip angles ranged from 0 to 90°, with a spacing of 15°.
It can be seen from Figure 3 that the fracture stress increases
with the increase in confining pressure. )e fracture stress
curve shows an approximate U-shaped distribution with the
dip angle being changed. When the dip angle is either 0 or
90°, the fracture stress value is greater and close to the rock
fracture strength, which also shows that at this time the rock
strength controls the rockmass fracture strength. )e frac-
ture stress attains its minimum value when the dip angle is
60°. )is fracture stress and the compressive strength of rock
are greatly different, which shows that at this time the
structure plane controls the rockmass fracture.

After comparing the laboratory and numerical simula-
tion results, which are shown in Figure 3, it can be seen that
the results of the numerical simulation and laboratory tests
[27] show a high level of consistency. )e laboratory results
show that the fracture curve forms an approximate
U-shaped distribution with the dip angle being changed, and
the rockmass strength reaches its minimum value when the
dip angle is 60°. )e experimental results are not regular,
which is due to the influence of many factors occurring in
laboratory tests. Certain degrees of errors in numerical
simulation and laboratory data are permitted, provided that
the influence of controlling factors in the system may be
reflected, and that the errors are within a certain range.

(a) (b) (c)

Figure 1: Failure maps of samples under numerical simulation. (a) Different dip angles. (b) Spacing with 30mm. (c) Spacing with 45mm.

(a) (b) (c)

Figure 2: Rock failure maps under different combination of dip angles. (a) 30°–45°. (b) 45°–60°. (c) 60°–60°.
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)erefore, it is credible to simulate the rockmass containing
structure planes with analogy materials, which may aid in
revealing some of the influence mechanisms.

3.2. Number of Structure Plane. Based on the simulation of
rockmass fractures with a group of structural surfaces, two
groups of rockmass structural surfaces are considered. )e
purpose of the numerical simulation is to study the
rockmass mechanical parameters of two groups of struc-
ture planes at different dip angles. )e numerical model is
built on the basis of the X-shaped intersected engineering
jointed rockmass. In order to facilitate analysis, several
groups of typical combined dip angles are selected for
analysis. )e dip angles of 0° and 90° have little effect on the
jointed rockmass, and those of 15° and 75° have even less
effect. )erefore, the combinations intersected by structure
planes with angles of −30°, −45°, and −60° and structure
planes with the seven different angles of 0°, 15°, 30°, 45°, 60°,
75°, and 90° are selected. )e confining pressure values are
still kept as 1.5, 2.5, and 3.5MPa. After observing the results
of the above numerical test, the experimental data are listed
in Table 2.

)rough comparison of the axial fracture stress simu-
lation values (Figure 4 and Table 2) and measured values
(Figure 3 and Table 1) of combined X-shaped jointed
rockmass with dip angles of 30, 45, and 60° under different
confining pressures, it may be seen that a small deviation
exists between the local data of the laboratory test values and
the numerically simulated values, and the conformity of the
overall trend is quite high. On one hand, it is sufficient to
prove the feasibility of analogy simulation tests, and on the
other, the results also show that the calculation parameters
selected for the numerical simulation are reasonable. )us it
may be concluded that it is a feasible and effective means to
study the reasonable selection of rockmass parameters and
the influence patterns of all factors on rockmass parameters
through the combined application of numerical simulation
and analogy tests.

It can be seen from Figure 5(a) that the fracture stress
trend of a rockmass with a combined structure plane of −30°
is almost identical to that of a rockmass with a single
structure plane. )e fracture stress value decreases signifi-
cantly under the same confining pressure. As shown in
Figures 5(b) and 5(c), the fracture stresses of rockmass with
a combined structure plane of −45° and −60° are arranged in
parallel straight lines. )e fracture stresses of rockmass with
combined structure planes are basically identical to those of
a single structure plane under a certain confining pressure.
)ese results indicate that the structure plane with the dip
angle being 45° to 60° plays a controlling role in the rockmass
with a combined structure plane being 45° and 60°. )e
strength of the structure planes with any other angles or
those combined by these angles is reduced to the level of the
controlling structure plane, due to the existence of the
controlling structure plane. )erefore, the controlling
structure plane plays a decisive role in the strength of the
rockmass.

According to the results of these numerical simulations,
the comprehensive cohesive strength and internal friction
angle curves of rockmass with different dip angles are shown
in Figure 6. As seen in Figure 6(b), the internal friction
angles of rockmass with a combined structure plane being
−30°, −45°, and −60° decrease with the increase of dip angle
in the same combination, and those with a combined
structure plane being −30° form a funnel shape with the
changes in the dip angle. )e curve of the combined
structure plane being −45° and −60° is almost a horizontal
straight line, which also shows that 45° to 60° is the con-
trolling dip angle of the rockmass. Compared with a single
structure plane with a different dip angle, the structure plane
being −45° to −60° shows clear parameter weakening effects
on the rockmass, which is the most adverse structure plane.
)e cohesive strength of rockmass with structure planes of
different dip angles is shown in Figure 6(a). As seen, the
cohesive strength of the −30° combination is significantly
higher than that of the combination of −45° and −60°. )e
comprehensive cohesive strength value of the −60° combi-
nation is slightly greater than that of the −45° combination.
However, the comprehensive internal friction angle of the
−60° combined dip angle is smaller than that of −45°
(Figure 6(b)). )e cohesive strength of rockmass with a −45°
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Figure 3: Numerical simulation and analogy experimental results
of fracture stress of rockmass with different dip angles.

Table 1: Fracture stress values of rockmass with structure planes of
different dip angles.

Confining
pressure (MPa)

Fracture stress values (MPa)
0° 15° 30° 45° 60° 75° 90°

1.5 32.0 30.7 28.4 6.57 6.0 21.6 31.4
2.5 40.7 39.3 36.5 10.4 9.4 29.7 40.4
3.5 49.4 47.8 44.5 14.3 12.7 36.7 50.5
6.0 71.7 69.6 65.1 24.1 22.3 53.0 74.7
Cohesion (MPa) 3.14 3.01 2.82 0.17 0.09 2.28 2.67
Internal friction
angle (°) 52.80 52.43 51.41 36.29 34.64 48.33 54.35
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combined structural surface is relatively close to that of −60°.
)e influence of the 45° to 60° structure plane on the
rockmass parameters is as decisive as the controlling
structure plane. In addition, the double-jointed rockmass
has clear weakening effects on the parameters of single-
jointed rockmass.

3.3. +e Spacing of Structure Plane. )e rockmass contain
microcracks, joints, and other structure planes, which is
a great difference with the respective mechanical parameters
of rock blocks.

As shown in Figure 7, the number of structure planes
increase with the volume. Furthermore, the rockmass
strength significantly varies from intact rock block to jointed
rockmass. )e mechanical properties of rockmass with
smaller scale are instability. )e noncontinuous medium of
the rockmass with greater scale can be deemed as an
equivalent continuous medium. )e representative elemen-
tary volume (REV) of the rockmass is presented in Figure 8.
REV contains the oppositions and unifications of “micro and
macro,” “discreteness and continuity,” and “randomness and
consistency.” Based on the micro method, all materials are
noncontinuous and contain randomly distributed disconti-
nuities. )eir mechanical properties are bound to show
a random wave with space and volume. However, with the
macro method, when these REV values reach a greater scale,
they can be considered as the equivalent continuous media
and their macro mechanical properties will become stable.

)e influence of macro weak structure planes on the
mechanical parameters of rockmass are studied in this
paper. )e completely interconnected structure planes are
first observed to simplify the analysis model.)e influence of
rock bridge and jointed trace are not considered to the
influence of spacing between different rockmass structure
planes on its mechanical parameters.

In order to identify the REV rockmass size with struc-
tural surface, first, the rockmass mechanical parameters were
obtained. )en, based on the results of laboratory tests,
triaxial numerical simulations of mechanical parameter of
rockmasses with different joint spacings and sizes were
conducted. Triaxial tests of rockmass with side lengths of 0.5,
1.0, 2.0, 3.0, 4.0, 5.0, and 6.0m were simulated by using
discrete element numerical values under the confining
pressure of 1.5MPa in numerical simulation tests. During
these simulations, the joint spacings were set to 0.1, 0.3, 0.5,
0.6, and 1.0m.

)e fracture stresses of rockmass with different spacing
in the numerical tests are shown in Table 3. )e fracture

Table 2: Numerical simulation results of fracture stress values of rockmass with different structure plane combinations.

Confining pressure (MPa) 0° 15° 30° 45° 60° 75° 90°

Fracture stress values under the condition of combination structural surface −30° (MPa)
1.5 25.30 23.80 23.10 6.78 6.71 18.40 28.40
2.5 33.00 30.40 29.80 10.70 10.40 24.80 36.80
3.5 40.10 37.10 36.60 14.60 14.20 30.90 44.90
Cohesion (MPa) 2.63 2.68 2.49 0.23 0.28 1.82 2.80
Internal friction angle (°) 49.63 47.61 47.90 36.25 35.35 46.40 51.61

Fracture stress values under the condition of combination structural surface −45° (MPa)
1.5 6.73 6.67 6.55 6.70 6.69 6.79 6.62
2.5 10.60 10.50 10.40 10.50 10.60 10.60 10.50
3.5 14.50 14.40 14.30 14.50 14.20 14.50 14.40
Cohesion (MPa) 0.23 0.22 0.19 0.21 0.29 0.25 0.20
Internal friction angle (°) 36.20 36.08 36.14 36.29 35.41 36.02 36.23

Fracture stress values under the condition of combination structural surface −60° (MPa)
1.5 6.50 6.69 7.47 6.89 6.60 7.00 6.01
2.5 9.96 10.20 11.20 10.50 10.50 10.90 9.40
3.5 13.60 13.90 14.80 14.10 13.90 14.80 12.80
Cohesion (MPa) 0.30 0.33 0.52 0.39 0.32 0.29 0.25
Internal friction angle (°) 34.09 34.45 34.84 34.45 34.74 36.29 33.02

0 15 30 45 60 75 90

5

10

15

20

25

30

35

40

45

50

55

Fr
ac

tu
re

 st
re

ss
 (M

Pa
)

Dip angle (°)

1.5MPa-s
2.5MPa-s
3.5MPa-s
1.5MPa-D30

2.5MPa-D30
3.5MPa-D30
1.5MPa-D45
2.5MPa-D45

3.5MPa-D45
1.5MPa-D60
2.5MPa-D60
3.5MPa-D60

Figure 4: Fracture stress values of X-shaped structure plane rock-
mass under the dip angle with different combination (s represents
single structure plane, and D represents double structure plane).
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stresses of rockmass with different spacing of structure
planes under the confining pressure of 1.5MPa is shown in
Figure 9. )e rockmass fracture stress values with the same
confining pressure increases with the growing spacings of
the structure planes. As shown, with the greater spacing, the
influence of the spacing of the structure planes on rockmass
strength becomes weaker. )e density of the fracture stress
under different spacings of structure plane may also reflect
the influence of size on rockmass parameters, and the
fracture stress values of rock samples with a size of 5m is
basically the lowest. )e strength of rockmass increases with
the increase in size, and the rockmass size effect presents in

the numerical simulation. Generally, the fracture stress of
the rock samples with a size of 5m is little smaller than that
of the rock samples with a size of 2m. but if the rockmass
size is larger than a critical value, the rockmass strength will
keep stable with the increase of the rockmass size. )is
critical value is the representative elementary volume of
rockmass, i.e., the REV of the rockmass.

)e fracture stresses of rockmass with different spacing
of structure plane under the confining pressure being
1.5MPa with the numerical simulation method is shown in
Figure 10. With the same confining pressure, the fracture
stresses under different rockmass sizes change significantly,
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Figure 5: Comparison among numerically simulated and laboratory measured fracture stress value of rockmass with dip angles of (a) −30°,
(b) −45°, and (c) −60° under different confining pressures (lab refers to laboratory value, and DEM refers to discrete element numerical
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especially between rock block and rockmass. As shown in
Figures 10(a)–10(c), when the dip angle of rockmass with
a single structure plane is 30°, 45°, and 60°, the rockmass
strength changes greatly with rock sample size, and the
fracture stress value of the rockmass is basically stable until
the rockmass size greater than 5m× 5m. It can be seen from
Figure 10(d), for the rockmass with double X-shaped
structure planes, the fracture stress value is stable when the
size reaches about 4m× 4m under the confining pressure of
1.5MPa.

)e REV of rockmass with double X-shaped structure
planes is smaller than that of rockmass with a single
structure plane, because the rockmass cut by a double
structure plane is more fractured and uniform than that
cut by a single structure plane. )erefore, from the
perspective of probability, rockmass with double struc-
ture planes reach fracture earlier and more stably than
those with a single structure plane. It also can be seen
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from Figures 9 and 10, the spacing of the structure plane
and size effect have great influences on the rockmass
mechanical parameters. When the spacing of the struc-
ture plane is not larger than 1m and the size of the rock
sample is larger than 4m to 5m, the rockmass mechanical
parameters are basically stable. )e REV values of
rockmass with the geometric features of such a structure
plane range from about 4 m × 4m to 5m × 5m.

4. Conclusions

)e triaxial numerical test was conducted by means of the
discrete element method. )e size effect of rockmass was
studied by using the characteristics of the numerical test.)e
main conclusions are as follows:

(1) )e dip angle has a significant effect on rockmass
strength and stability. )e rockmass fracture stress-dip

Table 3: Fracture stresses of rockmass with different dip angles and spacing when the confining pressure is 1.5MPa (a represents side
length).

Geometry characteristics of structure
plane Fracture stress values under confining pressures 1.5MPa/MPa

Type Dip angle (°)/space (m) H� 0.108m H� 0.108m a� 0.5m a� 1m a� 2m a� 3m a� 4m a� 5m a� 6m

Single joint

30/0.1 25.10 17.50 19.30 21.90 23.60 23.20 20.40 24.10
45/0.1 9.99 3.30 2.50 2.62 3.10 1.68 2.61 2.87
60/0.1 6.47 3.35 2.62 2.32 2.77 2.92 2.86 2.72
30/0.3 25.10 20.60 18.70 20.90 22.30 20.80 21.00 22.80
45/0.3 9.90 4.12 2.71 2.80 3.28 2.47 1.86 2.28
60/0.3 6.50 6.47 4.20 3.05 3.12 2.71 2.46 3.42
30/0.6 25.10 21.10 19.50 23.90 21.20 21.40 19.90 20.70
45/0.6 9.97 3.70 3.16 4.21 4.27 2.43 2.12 2.31
60/0.6 6.47 8.63 6.31 4.32 3.28 2.77 2.90 2.80
30/1.0 25.10 21.10 20.10 20.50 23.10 20.40 19.70 22.00
45/1.0 33.5 (no joint) 9.97 3.71 2.88 3.89 4.08 3.46 2.61 2.54
60/1.0 6.57 8.64 7.62 4.67 4.74 2.98 3.05 2.87

X-shaped joint

30/0.1–45/0.1 9.16 4.15 4.12 3.95 3.38 3.57 3.78 3.79
45/0.1–60/0.1 7.17 3.02 2.42 2.29 2.15 2.25 2.19 1.94
60/0.1–30/0.1 7.34 2.87 2.71 2.27 2.29 2.27 2.32 2.35
30/0.5–45/0.5 9.36 5.43 5.41 3.81 3.71 3.93 4.55 5.18
45/0.5–60/0.5 7.16 3.78 2.61 3.15 2.96 2.53 2.54 2.31
60/0.5–30/0.5 7.34 9.72 4.35 4.80 2.92 2.51 2.92 2.67
30/1.0–45/1.0 9.35 6.20 5.20 4.90 4.31 4.38 4.41 4.58
45/1.0–60/1.0 7.16 3.75 2.64 3.83 3.78 3.88 2.57 2.31
60/1.0–30/1.0 6.99 9.72 9.30 5.70 5.00 3.55 3.56 2.80
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Figure 9: Fracture stresses of rockmass with different spacing of structure plane when the confining pressure is 1.5MPa: (a) rockmass with
a single structure plane and (b) rockmass with an X-shaped combined structure plane.
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angle curve with a U-shaped distribution, and its
minimum value for the dip angle being approxi-
mately 45° +φ/2 (approximately 60°). )e strength of
rockmass with the structure plane of horizontal
(α� 0°) or vertical (α� 90°) is lager, and the shear
fracture is dominant.

(2) )e rockmass with X-shaped double structure plane
has stronger strength than the one with the single
structure plane.)e fracture stress-dip angle curve of
rockmass with slow dip angle combination has
a U-shaped distribution. )e rockmass with a steep

dip angle combination are basically controlled by the
adverse structure plane.)e comprehensive rockmass
mechanical parameters with a single structure plane
are slightly higher than those with a double structure
plane. )e comprehensive cohesive strength and in-
ternal friction angle reduce gradually with a single-
double structure plane.

(3) )e spacing of the structure plane also has an impact
on rockmass strength parameters. )e strength of
rockmass increases with the increase in spacing. )e
influence of size effect on rockmass mechanical
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Figure 10: Numerical simulation results of fracture stress of rock samples with different spacings of structure planes under the confining
pressure of 1.5MPa: (a) dip angle of 30°; (b) dip angle of 45°; (c) dip angle of 60°, and (d) different sizes and different combined dip angles.
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parameters is significant. With the increase in size,
the mechanical parameters of rockmass decrease and
then become stable. )e representative elementary
volume of rockmass on one project dam foundation
is about 4m× 4m to 5m× 5m.
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It is of vital importance to understand the failure processes of the heterogeneous rock material with different kinds of
preexisting fractures in underground engineering. A damage model was introduced to describe the initiation and
propagation behaviors of the fractures in rock. Reduced parameters were applied in this work because the microcracks in
the rock were neglected. +en, the numerical model was validated through comparing the simulation results with the
laboratory observations. Finally, a number of numerical uniaxial compressive tests were performed on heterogeneous rock
specimens with preexisting fracture, and the influence of the heterogeneity of the rock and the angle and length of the
preexisting fractures was fully discussed. +e results showed that the brittleness of the rock increased with the increase of the
homogeneity index, and tensile failure was the main failure form for relatively heterogeneous rock, whilst shear failure was
the main failure form for relatively homogeneous rock. +e uniaxial compressive strengths of the specimens with the angles
of 0, 30, 45, and 60 of the preexisting fracture dropped 62.7%, 54.7%, 46.6%, and 38.2% compared with that of the intact
specimen; the tensile cracks were more difficult to form, and the required load was increasing with the increase of the angle
of the preexisting fracture; besides, antiwing cracks were difficult to form than wing cracks because the tensile stress in wing
cracks’ area was greater than that in antiwing cracks’ area. +e uniaxial compressive strengths of the specimens with the
lengths of 20mm, 25mm, 30mm, and 35mm of preexisting fracture dropped 38.6%, 46.6%, 53.4%, and 56.6% compared
with that of the intact specimen, and the damage conditions of the samples with different lengths of preexisting fracture
were similar.

1. Introduction

Rock in the natural world is heterogeneous material
with a great deal of microcrocks, macrocracks, and joints
[1, 2]. +e existence of these cracks, joints, and hetero-
geneity of the rock has a significant influence on the de-
formation and failure behaviors of rocks [3–5]. +us,
a better understanding of the mechanical mechanism and
failure processes of rock under external loading is of vital

importance for underground engineering as well as other
rock engineering, such as mineral engineering, civil en-
gineering, and slope engineering [6–8].

In order to understand the crack initiation and propa-
gation processes, a lot of laboratory tests were conducted on
the samples with preexisting fractures [9–14]. Exten-
sive studies showed that wing (tensile) cracks were first
observed from the preexisting fracture under compressive
load; then, shear cracks might be formed with the increasing
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of the external load [15–17]. Also, some observation tech-
niques, such as acoustic emission (AE), computerized to-
mography (CT) scan, and high-speed video were used to
record the failure processes of the rock. +e AE technique
could record massive of information associated with failure
processes in rock samples [18–20]. +e CT scan could
obtain the internal structures and the distribution of
the microcracks of the samples [21]. And the high-speed
video monitors the failure processes of any surface of the
sample; besides, it is possible to distinguish tensile cracks
[22] and shear cracks [23]. However, there are some
limitations in these monitoring techniques; for example,
these techniques could hardly obtain the stress field of the
samples directly, and furthermore, it is hard to reveal the
mechanical mechanism of the initiation and propagation of
the crack [24].

However, numerical simulations are able to study the
distribution of the stress and redistribution condition
during the failure process of the samples with preexisting
fractures [25–27]. A great deal of numerical techniques
have been used to study the failure processes of the samples
with preexisting fractures. +ese numerical techniques are
usually classified into discrete element methods (DEMs)
and continuum methods. +e representative DEMs in-
clude particle flow code (PFC) [8, 28–30], universal dis-
tinct element code (UDEC) [31], and the discontinuous
deformation analysis (DDA) [32, 33], where the rock
sample is treated as a series of particles. However, this
method is time-consuming and is not suitable for large-
scale rock samples. Besides, the Weibull distribution is
introduced into the numerical model to describe the
heterogeneity of the rock, and it is widely reported that
the failure type is also affected by the heterogeneity of the
rock [34–38].

In view of this, the finite element method (FEM)
COMSOL MULTIPHYSICS along with the damage model
was used to simulate the failure processes of samples with
different kinds of preexisting fractures. +e reduced me-
chanical parameters were used in this study, and the model
was validated through comparing the simulation results
with the laboratory observations. +e impact of the het-
erogeneity of the rock and the angle and length of the
preexisting fractures on uniaxial compressive tests was fully
discussed.

2. The Numerical Settings

2.1. 4e Calculation Model. In order to simplify calculation
and facilitate analysis, the specimen used in this study is
a two-dimensional rectangle as shown in Figure 1, and the
size is 50mm× 100mm. Considering the influence of
macrocrack on the uniaxial compressive test, two groups of
specimens with different fracture lengths and fracture angles
are used in this study. For research of the fracture length, the
fracture angle α is fixed at 45, and the fracture lengths 2a are
15mm, 20mm, 25mm, 30mm, and 35mm, respectively. As
for the study of the fracture angle, the fracture length 2a is
fixed at 25mm, and the fracture angles α are 0, 30, 45, 60, and
90, respectively. During the simulation, a displacement load

is applied on the upper boundary, while the lower bound-
ary stayed fixed, and the left and right boundaries are free
boundaries.

2.2. 4e Fracture Initial and Propagation Criterion. In order
to describe the damage condition of the specimen during
uniaxial compressive test, a fracture initiation and prop-
agation criterion is introduced in this study.+e criterion is
based on mesoscopic elements, and the mesoscopic ele-
ment would begin to fracture when the stress of the element
meets the maximum tensile stress criterion or the
Mohr–Coulomb criterion. It should be noted that the
tensile damage is given priority since the tensile strength of
the rock is far smaller than the compressive strength. +e
maximum tensile stress criterion and the Mohr–Coulomb
criterion could be written as

F1 � σ1 −ft � 0,

F2 � −σ3 + σ1
1 + sinφ
1− sinφ

−fc � 0,
(1)

where σ1 and σ3 are the first principal stress and third
principal stress, respectively; ft and fc are the tensile
strength and compressive strength of the mesoscopic ele-
ment, respectively; and φ is the fraction angle of rock.

When the element begins to damage, the mechanical
parameters of the element such as strength and elastic
modulus will reduce correspondingly (Figure 2). +e evo-
lution of the mechanical parameters could be described by

E � (1−D)E0, (2)

where E and E0 are the elastic modulus and initial elastic
modulus of the element, respectively, and D is the damage
variable.

2a
α

Figure 1: +e calculation model.
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According to [39–41], the damage variable could be
calculated by

D �

0, F1 < 0, F2 < 0,

1− εt
ε1




2
, F1 � 0, dF1 > 0,

1− εc
ε3




2
, F2 � 0, dF2 > 0,

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎪⎩

(3)

where εt and εc are the tensile strain and compressive strain
of the element and ε1 and ε3 are the first and third principal
strains, respectively.

3. Validation of the Numerical Model

3.1. Determination of the Calculation Parameters. +e initial
parameters are referred to the study of Lu et al. [13] and
listed in Table 1, where the average values of uniaxial
compressive strength (UCS) and elastic modulus are
69.3MPa and 13.5 GPa, respectively. However, the in-
fluence of the microscopic fractures on rock is not con-
sidered in our simulations. +e parameters in the study of
Lu et al. [13] could not be used directly, and the reduced
uniaxial compressive strength and elastic modulus are
used instead.

In the simulations, the numerical specimen are di-
vided into many small elements: firstly, the elements are
called mesoscopic elements, parameters are assigned
to these mesoscopic elements for the next calculation,
and the parameters are called mesomechanical parame-
ters. It should be noted that the parameters obtained
from the uniaxial compressive test are called macro-
mechanical parameters. What is more, the Weibull dis-
tribution is introduced in this work to describe the
heterogeneity of rock, and the Weibull distribution is
described by

f(m, m, λ) �
λ
m

m

m
 

λ−1
exp −

m

m
 

λ
 , (4)

where m is the mechanical parameter of the mesoscopic
element, such as uniaxial compressive strength or elastic
modulus; m is the average value of the mesoscopic element
parameter; and λ is the homogeneity index of the rock
specimen, respectively.

In this part, a series of uniaxial compressive tests with
different mesomechanical parameters are conducted. When
the macromechanical parameters such as uniaxial com-
pressive strength and elastic modulus gained from numerical
simulation are close to the parameters from the laboratory
tests, then the mesomechanical parameters are used in the
next simulations.

During the simulation, a displacement load of 0.01mm/s
is applied on the upper boundary of an intact specimen, and
axial displacement and stress at the upper boundary are
obtained at each step to calculate the uniaxial compressive
strength and elastic modulus. Finally, when the averages of
uniaxial compressive strength and elastic modulus of
mesoscopic elements are 120.26MPa and 14.2GPa, the
uniaxial compressive strength and elastic modulus obtained
from the numerical test are 68.9MPa and 13.1GPa, which
are very close to the parameters obtained from the laboratory
test. Based on the laboratory test and the simulations above,
the parameters used in the following simulations are listed in
Table 2.

3.2. Validation of the Numerical Model. +e stress-strain
curve and the acoustic emission (AE) of the specimen with
the mesoscopic parameters above are shown in Figure 3.With
the increase of the displacement load, the specimen is first
in the linear elastic stage (AB); when the cracks are first found
at the stage and the number of cracks is increasing slowly,
then the specimen is in the plastic deformation stage (BC);
when the number of cracks is increasing dramatically and
the peak stress appears at point C, next the specimen comes to
the strain-softening stage (CE), and it should be noted that the
most active AE events is found in this postpeak stage at point
D, which also could be observed in the uniaxial compressive
laboratory experiments; and finally, the specimen comes to
the residual stage (EF), and the AE activities are maintained at
a lower level in this stage. +e whole process of the uniaxial
compression is in good agreement with the observation of
laboratory experiments [42, 43] and numerical simulations
[24, 44].

+e damage evolution of the specimen is shown in
Figure 4. In this work, the values of tensile cracks are

Table 1: Macromechanical parameters from the study of Lu et al. [13].

Parameters Value
Uniaxial compressive strength of rock 69.3MPa
Elastic modulus of rock 13.5GPa
Poisson’s ratio of rock 0.26
Density of rock 2380 kg/m3

Frictional angle of rock 38.8°
εc0

εt0

ft0

fc0

ε

σ

σ = E0 (εt/ε1)2 ε

σ = E0 (εc/ε3)2 ε

Figure 2: +e damage constitutive criterion of elements under
uniaxial stress conditions.
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negative, and the values of shear cracks are positive for
the purpose to distinguish these two kinds of cracks. With
the increase of the displacement load, tensile cracks are
first observed in the specimen; then, the numbers of the
tensile cracks and shear cracks are increasing, and they are
randomly distributed in the specimen. When the specimen
is at peak stress (Figure 4, Step 53), a shear macrocrack is
observed at the center of the specimen along the diagonal
direction. Finally, the crack expands along the diagonal
direction to form a main fracture, resulting in failure of the
specimen. And the shear cracks take up a large proportion
among all cracks. +e damage condition observed in this
work agrees well with the results of the laboratory tests [24]
(see Figure 9 in the reference).

4. Results and Discussion

4.1. Impact of the Material Heterogeneity. In this part,
the influence of the heterogeneity of the rock is in-
vestigated, and the Weibull distribution is introduced to
describe the heterogeneity of the rock. According to
Figure 5, the distribution of mechanical parameters is
closely related to the homogeneity index λ, and for the
higher value of λ, the values of more elements are con-
centrated closer to the average value. +e homogeneity
indexes used in this work are 2, 3, 4, 5, and 6; then, a series
of uniaxial compressive tests of intact specimens with
different homogeneity indexes are conducted, and the

displacement load at the upper boundary is 0.01mm/step.
Finally, the whole processes of stress-strain curves as well
as AE and damage conditions of the specimens are
obtained.

As shown in Figure 6, with the increase of the
homogeneity index, the peak stress of the sample in-
creases. And the relationship of the strength and ho-
mogeneity index could be described as linear correlation
when the homogeneity index is between 3 and 7. It in-
dicates that the more the homogeneity of the rock, the
higher its strength.

Figure 7 shows the stress-strain curves and the AE under
uniaxial compressive tests with different homogeneity in-
dexes. For the relatively heterogeneous rock (e.g., λ � 3),
stress drops slowly at the postpeak stage; it drops from
49.6MPa to 29.6MPa in a long period (Δε � 1.71∗10−3).
When the homogeneity λ� 5, stress drops a little faster
compared with the former situation, which drops from
59.3MPa to 39.3MPa in a shorter period (Δε � 6.43∗10−4).
For the relatively homogeneous rock (λ � 7), stress drops
dramatically from 74MPa to 54MPa in a very short period
(Δε � 4.9∗10−4). It indicates that the brittleness of the rock
increases with the increasing of the homogeneity index. AE
events initiate at the linear elastic stage and increase rapidly
with the increasing of the displacement load; then, the
highest AE event occurs at the postpeak stage, which means
main macrocracks are formed at this time and eventually
leading to the failure of the specimens.

+e distribution of the cracks with different homoge-
neity indexes under peak stress status is shown in Figure 8.
For the lower homogeneity index (λ � 3),a macrocrack is
formed along the diagonal direction with a large amount of
tensile cracks; however, only a small amount of shear cracks
are randomly distributed in the specimen. As for the ho-
mogeneity index λ � 5, the number of tensile cracks de-
creases, whilst the number of shear cracks increases
compared with the former situation. A number of macro-
cracks are formed containing tensile and shear cracks along
the diagonal direction. For the higher homogeneity index
(λ � 7), massive of shear cracks are observed to form
a macrocrack along the diagonal direction; however, little
tensile cracks are observed in this condition. +e different
failure conditions might be influenced by the homogeneity
of the rock. For relatively heterogeneous rock, tensile stress
is easy to form due to the difference of the mechanical
properties between the adjacent elements, resulting in the
tensile fracture of the specimen. As for relatively homoge-
neous rock, shear stress is easily formed because values of the
mechanical properties among the adjacent elements are
almost equal. And the shear fracture is often observed in this
kind of specimen.

4.2. Impact of the Angle of Macrocrack on UCT. In this part,
a series of uniaxial compressive tests on specimens with
various angles of preexisting fracture are conducted. +e
influence of the angle of preexisting fracture on uniaxial
compressive tests is fully discussed.+e angles of preexisting
fracture in the specimens are 0, 30, 45, 60, and 90, and the
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Figure 3: +e stress-strain curve and acoustic emission of the
uniaxial compressive test.

Table 2: Parameters obtained and used in the numerical simulation.

Parameters Value
Uniaxial compressive strength of rock 68.9MPa
Elastic modulus of rock 13.1GPa
Poisson’s ratio of rock 0.26
+e average UCS of mesoscopic elements 120.26MPa
+e average elastic modulus of mesoscopic elements 14.2GPa
+e average tensile strength of mesoscopic elements 10.95MPa
Density of rock 2380 kg/m3

Frictional angle of rock 38.8°
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preexisting fracture length is fixed at 2a � 20mm in this
part. And the displacement load at the upper boundary is
0.01mm/step.

+e stress-strain curves of specimens with the various
angles of preexisting fracture are shown in Figure 9, the
uniaxial compressive strength increases with the increasing
of angles (α) of the preexisting fracture. When the preex-
isting fracture is vertical to the loading direction (α� 0), the
uniaxial compressive strength is 25.7MPa and drops 62.7%
compared with the UCS of the intact specimen, and the
strength of the specimen drops to the lowest level compared
with other conditions. +e uniaxial compressive strengths of
specimens with the angles of 30, 45, and 60 of preexisting
fractures dropped 54.7%, 46.6% and 38.2%, respectively.
When the preexisting fracture is parallel to the loading
direction (α� 90), the uniaxial compressive strength of the
specimen is close to the strength of the intact specimen,
which indicates that there is little influence on the strength
when the fracture is parallel to the loading direction.

Figure 10 is the damage evolution under uniaxial
compressive tests with various angles of preexisting fracture.
In general, the two kinds of crack patterns in the specimen
with preexisting fracture are wing cracks and antiwing
cracks. +e wing cracks usually initiate from the ends of
the preexisting fracture and expand along the loading

direction as shown in Figure 11(a). +e antiwing cracks
expand along the contrary direction compared with the wing
cracks (Figure 11(b)). For α� 0, the tensile cracks first appear
at the center of the specimen and propagate along the
loading direction. +en, new tensile cracks are formed at
the ends of the preexisting fractures and propagate along the
loading direction to form wing cracks and antiwing cracks.
When α� 30, the tensile cracks appeared at the ends of the
preexisting fractures and formed wing cracks, and also, some
antiwing cracks are observed at Step 38. As for α� 45 and 60,
the initiation and expansion of cracks are similar to the
former two situations, but no antiwing cracks are observed
in these two specimens. When α� 90, shear cracks are
randomly distributed among the specimen, and then, main
shear crack is formed along the diagonal direction even-
tually; the damage pattern is similar to that of the intact
specimen. +e distribution of stress of the numerical sample
(α� 30) is shown in Figure 12; the positive values represent
tensile stress, whilst the negative values represent shear
stress. +e tensile stress field and the shear stress field are
observed at the ends of preexisting fracture. However, tensile
cracks are formed easily since tensile strength of the rock
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Figure 4: Damage evolution of the sample during the uniaxial compressive test.
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sample is far smaller than the shear strength. Besides, the
tensile stress in Areas 1 and 2 is greater than that in Areas 3
and 4, which is the reason why antiwing cracks are difficult
to form than wing cracks. With the increase of the preex-
isting fracture’s angle (α), the tensile cracks are more difficult
to form and the required load increases. Antiwing cracks
could be observed when the angles of preexisting fractures
are 0 and 30, and only wing cracks are formed when the

angles of preexisting fractures vary from 45 to 90. +e
preexisting fracture has little influence on the damage
pattern when it is parallel to the loading direction.

4.3. Impact of the Fracture Length on UCT. Uniaxial
compressive tests with different lengths of preexisting
fracture are conducted in this part.+e lengths of preexisting
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Figure 7: +e stress-strain curve and acoustic emission of uniaxial compressive tests of various homogeneity indexes (λ). (a) λ� 3; (b) λ� 4;
(c) λ� 5; (d) λ� 6; (e) λ� 7.
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Figure 8: +e damage conditions of different homogeneity index samples under peak stress status (λ). (a) λ� 3; (b) λ� 4; (c) λ� 5; (d) λ� 6;
(e) λ� 7.
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Figure 10: +e damage evolution of the samples under uniaxial compression tests with various angles (α) of preexisting fracture. (a) α� 0;
(b) α� 30; (c) α� 45; (d) α� 60; (e) α� 90.
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Figure 11: Crack patterns in the specimen with preexisting fracture: (a) wing cracks; (b) antiwing cracks.
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Figure 12: Stress distribution of the sample with preexisting fracture (α� 30).
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fractures are 15mm, 20mm, 25mm, 30mm, and 35mm,
respectively, and the angle of preexisting fracture is fixed at
45. +e displacement load applied at the upper boundary is
still 0.01mm/step. +en, the uniaxial compressive strength
and damage condition with different lengths of preexisting
fractures are analysed.

+e stress-strain curves of the specimens with different
lengths of preexisting fracture are shown in Figure 13. +e
uniaxial compressive strength of the intact specimen is
greater than that with preexisting fractures; besides, the
uniaxial compressive strength decreases with the increase of
the preexisting fractures’ length. When the length of pre-
existing fracture 2a � 15mm, the uniaxial compressive
strength is 43.3MPa and drops 37.2% compared with that of
the intact specimen. And the uniaxial compressive strengths
of the specimens with the lengths of 20mm, 25mm, 30mm,
and 35mm of preexisting fractures dropped 38.6%, 46.6%,
53.4%, and 56.6%, respectively. It shows that the increase of
the length of preexisting fracture decreases the strength of
the specimens.

Figure 14 is the damage evolution of the specimens with
different lengths of preexisting fracture for uniaxial com-
pressive tests. When the length of preexisting fracture
2a � 15mm, the tensile cracks mainly appear at the ends of
preexisting fractures. +e tensile cracks propagate along the
loading direction to form wing cracks, and also, antiwing
cracks are observed at Step 48. When 2a � 25mm, the
tensile cracks emerge at the ends of the preexisting fracture
and form wing cracks, but no antiwing cracks appear in this
condition. As for 2a � 30mm and 35mm, the evolution of
the damage condition is similar to that of the former one
(2a � 25mm), but the tensile cracks form easily with the
increasing of the length of the preexisting fracture. +e
distribution of stress of the numerical samples at Step 20
with different lengths of preexisting fracture is shown in
Figure 15. Both the stress distribution and the values of the
stress are similar among the specimens with different lengths

of preexisting fractures. +erefore, the damage conditions of
the samples with different lengths of preexisting fractures are
similar, and the uniaxial compressive strength of the
specimen drops slightly with the increase of the length of
preexisting fracture.

5. Conclusions

In this work, a series of uniaxial compressive tests were
conducted by COMSOL software, a damage model was
introduced in this work to describe damage processes under
the external load, and reduced parameters were used due to
the existence of the microscopic fracture in rock; then, the
impact of the heterogeneity of the rock and the angle and
length of the preexisting fractures on the failure process of
the samples was comprehensively researched. +e following
conclusions could be obtained.

+e simulation results indicated that the heterogeneity of
the rock has a significant influence on the strength, brit-
tleness, and failure type of the specimens. +e relationship
between the strength of the specimens and homogeneity
index could be described as the linear correlation when the
homogeneity index was varying from 3 to 7, and the brit-
tleness of the rock increased with the increase of the ho-
mogeneity index. Besides, more tensile cracks were observed
in relatively heterogeneous rock for tensile stress was easy
formed due to the difference of the mechanical properties
among the adjacent elements; more shear cracks were
formed for shear stress was easier formed because values of
the mechanical properties among the adjacent elements are
almost equal in relatively homogeneous rock.

+e uniaxial compressive strengths of the specimens
with the angles of 0, 30, 45, and 60 of the preexisting
fractures dropped 62.7%, 54.7%, 46.6%, and 38.2% com-
paring with that of the intact specimen, respectively, and the
uniaxial compressive strength was close to that of the intact
specimen when the fracture was parallel to the loading
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Figure 15: Stress distribution of samples at Step 20 with various lengths (2a) of preexisting fracture, (a) 2a � 15mm; (b) 2a � 20mm;
(c) 2a � 25mm; (d) 2a � 30mm; (e) 2a � 35mm.
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Figure 14: Damage evolution of samples under uniaxial compression tests with various lengths (2a) of preexisting fracture. (a) 2a � 15mm;
(b) 2a � 20mm; (c) 2a � 25mm; (d) 2a � 30mm; (e) 2a � 35mm.
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direction. With the increase of the angle of the preexisting
fracture, the tensile cracks were more difficult to form and
the required load was increasing. Antiwing cracks were
difficult to form than wing cracks because of the tensile
stress in wing cracks’ area was greater than that in antiwing
cracks’ area. When α� 90, the failure type was similar to the
intact specimen.

+e uniaxial compressive strengths of the specimens
with the lengths of 20mm, 25mm, 30mm, and 35mm of
preexisting fractures dropped 38.6%, 46.6%, 53.4%, and
56.6% compared with that of the intact specimen, re-
spectively. Besides, the damage conditions of the samples
with different lengths of preexisting fractures were similar.
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To study the evolution of porosity in the process of filling slurry hydration, samples of tailing filling with different mixing ratios
and different curing ages were prepared, and the pore structure was tested by low-field nuclear magnetic resonance (LF-NMR).
According to the T2 spectrum distribution curve and T2 spectrum area of the filling slurry hydration process, the porosity and the
evolution of the pore distribution features of the filling samples were analysed. )e results showed that the higher the mass
concentration of the filling slurry, the slower the hydration reaction, the smaller the average size of the pores, the higher the
proportion occupied by harmful pores, and the lower the proportion occupied by multiharmful pores. )e smaller the cement-
sand ratio of the slurry, the higher the proportion occupied by harmful pores and the larger the aperture of the pores.)e porosity
of the filling slurry with the cement-sand ratio of 1 : 8 is the highest, and the hydration velocity of the filling slurry with the cement-
sand ratio of 1 : 3 is the fastest.

1. Introduction

)emechanical properties of a filling body are critical factors
ensuring the safe and efficient implementation of a filling
mining method [1]. )e filling slurry ratio and the micro-
structure characteristics of the filling are the main factors
that influence the mechanical properties of the filling [2, 3].
)erefore, studying the evolution of porosity in different
proportions of filling slurry is of great practical value to the
study of the stability of the filling body.

At present, research on the mechanical properties of
backfill mainly focuses on macroscopic mechanics and
optimization of proportioning; for example, Han et al. [4]
studied the optimization of the mass fraction of different
cementitious materials, the cement content, and the ratio of
artificial sand to tailings and analysed the fluidity of the
filling slurry and the strength of the filling. Fu et al. [5]
obtained a cement tailing cemented filling body made and
studied the relationships between the strength of the tailing
cemented filling body and the mass fraction, the cement-
sand ratio, and the age of the slurry solid content. Based on
the influence of the filling slurry microstructure on the

mechanical properties of filled bodies, many scholars carried
out intensive studies of the microstructure of filled bodies.
Ke et al. [6] examined the influence of tailing particle size on
the pore size distribution of the filling body by conducting
experiments, and the results showed that the influence of the
tailing grain size on the critical pore diameter decreases with
an increase in the curing time, and the tailing grain size
significantly affects the pore structure characteristics of the
filling body. Ouellet et al. [7] used a scanning electron
microscopy and image analysis (SEM-IA) method to re-
search the pore structure of different proportions of cement-
filled samples. Huang et al. [8] adopted phosphogypsum
slag-based binding materials which were prepared from
phosphogypsum, slag, cement clinker, and chemical acti-
vator. )e hardening and hydration properties and mech-
anism of phosphogypsum slag-based binder were analysed
by X-ray diffraction (XRD) and SEM. El-Hosiny [9] studied
the effect of adding superplasticizer on the hydration and
pore structure of slag cement slurry. Khalil [10] studied the
changes in the pore specific surface area and the total po-
rosity of cement pastes that contain different amounts of
silica fume that occur with an increase in hydration time.
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)e results show that, with the increase in hydration and the
amount of silica fume, the ratio of the surface area to the
total pore volume of wollastonite decreases. Xu et al. [11]
used nuclear magnetic resonance (NMR) technology to
study the pore size distribution and permeability of tailings
under different hydraulic gradients and analysed their
chemical composition and particle morphology by energy-
dispersive spectroscopy (EDS) and XRD. She [12] studied
the change in the cement slurry pore structure under
nondamaged and noninvasive conditions using NMR. Yu
and Chen [13] analysed the evolution of the pore structure of
concrete after curing for 28 days, deduced the differential
equation of mass and pore evolution, and established a new
model of pore evolution. Liu et al. [14] analysed the bleeding
rate and compressive strength of the tailing filling slurry and
studied the improvement mechanism of special additives on
the bleeding of slurry. )e microstructure of the solidified
body was analysed by SEM, EDS, and infrared spectroscopy
(IR). Koohestani et al. [15] used mercury intrusion poros-
imetry (MIP), SEM, and uniaxial compressive strength
testing to study the effect of maple wood sawdust addition on
the mechanical properties and microstructure of cemented
paste backfill (CPB). Studies have shown that the addition of
12.5% wood reduces the porosity and compactness of CPB
materials.

)e aforementioned studies mainly used XRD and SEM
methods to study the pore structure of the filling body, or the
main studying object was cement concrete. However, studies
of the distribution and variation in the filling slurry pore
structure in a mine have rarely been conducted. Low-field
nuclear magnetic resonance (LF-NMR) is sensitive to water
in the pores of rock and soil, and the curves of transverse
relaxation time T2 obtained by LF-NMR were used to study
the pore size distribution and the characteristics of micro-
structural change. Compared with SEM, CT, and other
microscopic testing technologies [16], NMR has the ad-
vantages of simple operation, fast acquisition, and non-
destructive testing. )e disadvantage of NMR technology is
that paramagnetic substances have a greater impact on the
signal; for example, if a test sample contains more iron ions,
the test process will be disturbed and the reliability of the
results will be reduced. However, the mine filling slurry is
a weak magnetic substance. In a very low-field condition, the
few paramagnetic minerals within filling slurry cannot in-
fluence the measured results. Studies [11, 17–19] of pores
and fractures of porous materials have shown that NMR can
analyse the microstructural characteristics of porous ma-
terials. )erefore, in this paper, the microstructure and
properties of filled slurry samples were studied by using the
NMR technique, and the pore evolution of the samples
under different curing ages and different proportions was
analysed.

2. Materials and Methods

2.1. Materials. )e sample materials for filling included
cement, tailings, and water. )e tailings were treated by the
filter pressure, and they were taken from a mine in Guizhou,
China. )e cement used was P.C 32.5 cement from the

Fuhua cement plant in Changsha, China, and the water was
tap water from the city of Changsha. Sieve analyses were
applied to analyse the tailing particle size distribution, the
cement particle size distribution was tested by a laser particle
size analyser, and the chemical composition of tailings and
cement was measured by X-ray fluorescence (XRF). )e
cement fineness was represented by the specific surface area,
which was 968m2/g. )e particle size distribution and main
chemical composition are shown in Figure 1 and Table 1,
respectively.

2.2. Experimental Procedure

2.2.1. Experimental Scheme. )e concentration and sand
ratio are two key factors that influence the mechanical
properties of the filling body; therefore, the concentration
and sand ratio were selected as the indexes for the experi-
mental analysis. According to the particle size distribution of
the tailings and engineering experience, three groups of
experiments were conducted to analyse each factor: con-
centrations of 56%, 62%, and 68% when the cement-sand
ratio was 1 : 3 and cement-sand ratios of 1 : 3, 1 : 5, and 1 : 8
when themass concentration was 56%.)e result (calculated
by mass fraction) of the proportions of each sample is shown
in Table 2.

2.2.2. Experimental Equipment. )e microstructure tests for
the filling slurry were conducted by the AniMR-150 NMR
spectrometer manufactured by Suzhou NIUMAG Technol-
ogy Co., Ltd. During the testing process, the prefabricated
sample was placed at the centre of the RF coil, and a CPMG
pulse sequence test was carried out. )e CPMG test pa-
rameters were based on standard rock sample nuclear
magnetic resonance parameters’ laboratory measurement
specifications (SY/T 6490-2014), and the detailed parameters
are as follows: the value of the main frequency SF1 was
12MHz; the value of the centre frequency O1 was
532,665.7Hz; the value of sampling point TD was 55,816; and
the value of receiver bandwidth SW was 200KHz. )e value
of the start sampling time, RFD, was adjusted according to the
different sample signals. )e value of the interval time, TW,
was 3000ms. )e value of the analog gain, RG1, was 15. )e
value of the digital gain, DRG1, was 3. )e value of the ac-
cumulate sample, NS, was 32.)e value of the 90° pulse width,
P1, was 19 μs.)e value of the 180° pulse width, P2, was 34 μs.
)e value of the semi-echo time, DL1, was 0.130ms, and the
value of the echo number, NECH, was 1000.

2.2.3. Experimental Steps. )e samples were prepared
according to Chinese national standards [20] and traditional
practices. )e detailed preparation process was as follows:
(1) the tailings were placed in an electrothermal constant-
temperature dryness box to dry for 24 h and then rolled with
the wood roller, which facilitates the sieving of the tailings; (2)
the rolled tailings were classified using a sieve with 0.5mm
aperture according to the particle size distribution of the
tailings, and then the sieved tailings were selected as samples;
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(3) the quantities of tailings, cement, and water calculated by
mass fraction were weighed by electronic balance with a de-
gree of precision of 0.01 g; (4) the prepared tailings, cement,
and water were placed into a stainless steel pot and mixed
evenly for 10min; (5) the mixed slurry was placed into
a plastic bottle, which was sealed and labelled; and (6) the
prepared samples were placed into a concrete curing box; the
curing temperature was 20°C, and the humidity was 99%.

At curing times of 1 h, 3 d, 7 d, 14 d, and 21 d, the samples
were taken out of the concrete curing box and subjected to
NMR testing to obtain their T2 distribution curves, and the
microstructure of the filling slurry was analysed. )e ex-
perimental system and process are shown in Figure 2.

2.2.4. Experimental Method. Pore-related properties of
filling slurry include the pore size, connectivity, open po-
rosities, specific surface area, and distribution of pores
[21, 22]. Characterization methods of pore properties in-
clude SEM, CT, mercury intrusion, and nitrogen/carbon
dioxide adsorption [23, 24].)e drawbacks of these methods
are slow data acquisition, inefficient testing, limited aperture

range, and damage to samples [25]. NMR is a non-
destructive, easy, and less time-consuming technology [26]
which covers the widest aperture range (Figure 3). It has
been applied in geological research, energy exploration,
polymer materials, agriculture, life sciences, and so on.

NMR is the phenomenon whereby resonant transition of
a nuclear core with a magnetic moment occurs due to
electromagnetic waves in a constant magnetic field; the
nuclear hydrogen atom in water molecules can generate an
NMR phenomenon. NMR tests the pore size distribution
inside the slurry by measuring the H protons in the pores of
the slurry. )e distribution curve of T2 and signal intensity
can be obtained with NMR tests. According to the principle
of NMR [27, 28], the relationship between the transverse
relaxation time T2 and the specific surface area of pores can
be described by the following equation:

1
T2

� ρ
S

V
. (1)

)e pore radius is proportional to the pore throat radius
[29], so (1) can be transformed into the following equation:
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FIGURE 1: (a) Curve of tailing particle size distribution. (b) Cumulative grain and particle size distribution curve of cement.

Table 1: )e chemical composition of the materials.

Materials SiO2 Cao MgO Al2O3 Fe2O3

Tailings 35.42 18.53 6.61 14.65 6.27
Cement 22.56 62.42 2.62 5.21 4.15

TABLE 2: Proportion calculation of experimental specimens.

Cement-sand ratio 1 : 3 1 : 3 1 : 3 Cement-sand ratio 1 : 3 1 : 5 1 : 8
Mass fraction of solid (%) 56 62 68 Mass fraction of solid (%) 56 56 56

Mass fraction (%)
Tailings 42 46.5 51

Mass fraction (%)
Tailings 42 46.67 49.78

Cement 14 15.5 17 Cement 14 9.33 6.22
Water 44 38 32 Water 44 44 44
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1
T2

� Fs
ρ
r
, (2)

where S is the surface area of the pore (cm2); ρ is the surface
relaxation strength (μm/ms); V is the pore volume; r is the
pore radius; and Fs is a geometrical factor (for the spherical
pores, Fs � 3; for the columnar pores, Fs � 2).

It can be concluded from (2) that the pore radius is in
direct proportion to T2: the smaller the T2 is, the smaller the
represented pore becomes, and the larger the pore is, the larger
the T2 becomes. )erefore, the relaxation time curve T2 of the
sample can be transformed into the pore size distribution
curve to obtain the pore size distribution of the filling slurry.
Wu [30] proposed standards for the influence of different pore
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Figure 2: Experimental system and process.
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sizes on the strength of concrete. According to the standards,
the pore size of filling slurry can be divided into four categories:
harmless pores (<20nm, no influence on strength), less harmful
pores (20nm–50nm, less influence on strength), harmful pores
(50nm–200nm, influence on strength), and multiharmful
pores (>200nm, great influence on strength).

3. Results and Analysis

3.1. Effect of Concentration on Porosity Distribution in Filling
Slurry. According to the hydration reaction equation of
cement, when the concentration of filling slurry is in the
range of 56%–68%, the water consumed by hydration is
approximately 40% of the weight of the cement [31]. )e
remaining water will be left in the pore filling slurry, and
when the bleeding phenomenon is observed with the naked
eye, it means that the pore filling slurry has been fully
saturated. When the pores in the filling slurry are completely
saturated, the surface area and volume of each pore are
positively correlated with the value of the transverse re-
laxation time (T2) of NMR. )erefore, the T2 distribution
curve can be used to characterize the pore distribution
characteristics of the filling slurry.

)e size and number of the internal pores of the filling
slurry will change in the hydration process. Because studies
have not been conducted on the transverse relaxation rate ρ
of the filling slurry, accurate values cannot be obtained.
)erefore, only approximate values of the materials can be
referenced. As the mineral composition and material
composition of the filling slurry are similar to those of
concrete cement, the surface relaxation rate ρ in the liter-
ature [12] is assumed to be 12 nm/ms.

According to the relationship between the pore radius
and T2 in (2), the value of the pore geometry factor is 2 [29];
then, (2) can be simplified as

r � 24T2 × 10−9. (3)

According to (3), the T2 spectra can be transformed into
the pore size distribution curve. )e pore size distribution of
the filling slurries with mass concentrations of 56%, 62%,
and 68% is shown in Figure 4.

It can be seen from Figure 4 that the T2 distributions of the
filling slurries with different concentrationsmainly range from
0.1ms to 10ms, and the T2 distributions of filling slurries
quickly shift to the left side within 7 d, while they remain stable
after 7 d. )e result reveals that the hydration reaction is rapid
within the first 7 d.)is is because the hydration products that
are produced by cement particles reacting with water will turn
the macropores gradually into small pores. When the number
of small pores increases, the flowing water decreases. With
time, the bound water within the pores increases, and the
hydration slows down, so that there are few changes in the T2
distribution of filling slurry after 7 days.

According to the classification standard of pore sizes, the
T2 distribution curves of filling slurries with three different
mass concentrations were segmented, and variations in the
distribution ratios for different pore sizes with curing time
were then obtained. )ey are shown in Figure 5.

As can be seen from Figure 5, three groups of tailing
filling slurries with different mass concentrations are
dominated by less harmful pores and harmful pores in the
early stage. )ese two types of pores account for more than
80% of the volume of the total pores. In the later stage,
harmless pores and less harmful pores dominate, accounting
for approximately 90% of all the pores. After 3 d of curing,
the proportion of less harmful pores increased significantly,
while the proportion of harmful pores dropped significantly.
)is phenomenon indicates that harmful pores turned into
less harmful pores gradually, which indicates that the filling
slurry hydration reacted quickly within 3 d, and the pore size
became smaller. As the curing time increased, the pro-
portion of harmless pores increased gradually, the pro-
portion of harmful pores decreased continuously, and the
proportion of less harmful pores tended to remain stable at
approximately 70% after 3 d.

In addition, it can be seen from Figure 5 that the changes
in the proportion of pores with different pore diameters in
the filling slurries with three different concentrations were
small after 7 d, which means that the filling slurry hydration
reaction was basically stabilized after 7 d. Comparing the
pore size distribution statistics of three different concen-
trations of filling slurries with different curing times, the
change in mass concentration within one hour had little
effect on the pore size distribution of each filling slurry.
However, as the mass concentration increased, the growth
rate of harmless pores increased with curing time and the
reduction rate of harmful pores also increased. After 21 d,
the proportion of harmful pores in the filling slurry with the
mass concentration of 68% was close to 0. It should be noted
that as the mass concentration increased, the proportion of
less harmful pores changed in different directions as the
curing time increased. In the filling slurry with the mass
concentration of 56%, the proportion of less harmful pores
increased slowly, whereas it reduced gradually in the filling
slurry with the mass concentration of 68%, which indicates
that the greater the mass concentration, the smaller the
proportion of harmful and multiharmful pores, and that this
scenario is conducive to increasing the stability of the filling
body.

3.2. Effect of theCement-SandRatio on thePoreDistributionof
Filling Slurry. )e T2 and pore size distributions of the
filling slurries with cement-sand ratios of 1 : 3, 1 : 5, and 1 : 8
are shown in Figure 6. )e T2 distributions of the filling
slurries contain one main peak and two subpeaks. )e
distributions of T2 of the slurries with cement-sand ratios
of 1 : 3 and 1 : 8 mainly ranged from 0.1ms to 10ms, whereas
the distribution of T2 of the slurry with the cement-sand
ratio of 1 : 5 mainly ranged from 0.1ms to 10ms. )is
phenomenon indicates that small-size pores were more
abundant in the filling slurries with cement-sand ratios of 1 : 3
and 1 : 8 than in the filling slurry with the cement-sand ratio of
1 : 5. As the curing time increased, the T2 distribution of the
filling slurries moved toward the left side.)ese curves moved
rapidly in the first 3 d and then slowed down from 3 to 7 d,
and the left shift became inconspicuous after 7 d. Moreover,
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when the cement-sand ratio decreased, the extent of the left
shift of the T2 distribution decreased gradually, which in-
dicates that the hydration reaction rates of the filling slurries
decreased gradually with an increase in curing time.

Additionally, the generated hydration products were fewer,
resulting in a decrease in pores, which were becoming smaller.
After 7 d, the hydration process of the filling slurry was almost
complete, and the greater the cement-sand ratio, the faster the
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Figure 4: )e T2 curve and pore size distributions of the filling slurries with different concentrations: (a) 56%, (b) 62%, and (c) 68%.
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hydration reaction. It can also be seen from Figure 6 that the
pore size of the filling slurries with cement-sand ratios of 1 : 3
and 1 : 5 was mainly dominated by less harmful pores and
harmful pores, whereas for the filling slurry with the cement-
sand ratio of 1 : 8, multiple harmful pores appeared in the
early stage and gradually disappeared after 3 d.

By counting the three groups of T2 distribution curves of
the filling slurries at different subsections, the changes in the
distribution of different pore ratios with changes in the
concentration and curing time can be seen in Figure 7.

As Figure 7 shows, in the early stage, the three groups of
tailing filling slurries mainly consisted of harmful pores,

whose volume accounted for more than 70% of the total pore
volume. In the later stage, the filling slurry with the cement-
sand ratio of 1 : 3 was dominated by harmless pores and less
harmful pores, and less harmful pores and harmful pores
were the dominant pores of the filling slurries with cement-
sand ratios of 1 : 5 and 1 : 8, accounting for more than 80% of
the total pore volume. As the curing time increased, the
increase in the proportion of less harmful pores and the
reduction in the proportion of harmful pores decreased,
which means that the harmful pores gradually turned into
less harmful pores. )e filling slurry with the cement-sand
ratio of 1 : 3 had the largest change within 3 d, but the change
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Figure 5: Pore size distributions of the filling slurries with different concentrations: (a) 56%, (b) 62%, and (c) 68%.

Advances in Civil Engineering 7



gradually flattened after 3 d. However, the changes in the
filling slurries with cement-sand ratios of 1 : 5 and 1 : 8 were
small after 7 d, which indicates that the delay time of the
filling slurry hydration reaction increased as the cement-
sand ratio decreased.

Comparing the statistics of aperture classification for the
three kinds of filling slurries after different curing times, the
less harmful pores and harmful pores were mainly affected
by the cement-sand ratio within 1 h. )e smaller the cement-
sand ratio, the lower the proportion of less harmful pores and
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Figure 6: T2 curves and pore size distributions of the filling slurries with different cement-sand ratios: (a) 1 : 3, (b) 1 : 5, and (c) 1 : 8.
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the higher the proportion of harmful pores within 1 h. As the
hydration proceeded, the increase in the harmless and less
harmful pores decreased as the cement-sand ratio decreased,
and the reduction in harmful pores decreased as the cement-
sand ratio decreased. When the curing time reached 21 d, the
filling slurry with the cement-sand ratio of 1 : 3 mainly
contained less harmful pores and harmless pores, with
harmful pores being the most dominant, whereas the filling
slurries with cement-sand ratios of 1 : 5 and 1 : 8 mainly
contained less harmful pores and harmful pores, with less
harmful pores being the most dominant. Furthermore, the
proportion of less harmful pores was approximately the same
as that of the harmful pores in the filling slurry with the

cement-sand ratio of 1 : 8. )is shows that the smaller the
cement-sand ratio, the larger the proportion of harmful pores,
which is not conducive to the stability of the filling body.

4. Discussion

4.1. T2 SpectrumArea Change. )e size of the T2 spectrum is
proportional to the amount of fluid contained in the sample,
which is related to the porosity of the sample.)eT2 spectrum
of filling slurry under different conditions directly reflects the
change in the pores in the filling slurry hydration process.

Figure 8 shows the T2 spectrum area of three kinds of
slurries with different mass concentrations and cement-sand
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Figure 7: Pore size distributions of the filling slurries with different cement-sand ratios: (a) 1 : 3, (b) 1 : 5, and (c) 1 : 8.
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ratios. It can be seen from Figure 8(a) that the T2 spectrum
area decreases gradually as the curing time increases, es-
pecially for the filling slurry with the mass concentration of
56%. For the three kinds of filling slurries with different mass
concentrations, the T2 concentration of the filling slurry with
the mass concentration of 62% is the largest, followed by that
of the filling slurry with the mass concentration of 68%, and
the smallest T2 concentration was observed in the filling
slurry with the mass concentration of 56%. )is indicates
that the T2 spectrum area does not increase with an increase
in concentration. )us, the mass concentration is not the
only factor that affects the porosity of the filling slurry.

In Figure 8(b), the T2 spectrum area of the three filling
slurries with different ratios of cement-sand gradually de-
creases with an increase in curing time, indicating that
curing time has an influence on the porosity of the filling
slurry. With the decrease in the cement-sand ratio, the
spectrum area gradually increases, indicating that the filling
slurry porosity will increase with a decrease in the cement-
sand ratio. With a decrease in the cement-sand ratio, the
change extent of the spectrum area reduced, which indicates
that the hydration rate of the slurry with the cement-sand
ratio of 1 : 3 is the fastest, whereas that of the filling slurry
with the cement-sand ratio of 1 : 8 is the slowest, leading to
different porosity change results.

4.2. Effect of Filling Slurry Hydration on Pore Structure.
)e main components of tailing slurry are cement, tailings,
and water. Changes in the hydration reaction of cement,
tailings, and water, resulting in the formation of water
compounds and leading to a change in porosity, are pri-
marily responsible for changes in the pore structure of the
tailing slurry. )erefore, from the perspective of hydration

reactions, the mechanism of the pore structure evolution of
tailing slurry is discussed:

(1) )e hydration reaction in the filling slurry of tailings
mainly includes the hydration of tricalcium silicate,
dicalcium silicate, tricalcium aluminate, and iron-
based solid solutions [32]. )e hydration process of
tricalcium silicate hydrate and dicalcium silicate
hydrate has a decisive influence on the composition
of the hydrate and the structure of filling slurry [33].
)e hydration reaction equations of tricalcium sili-
cate and dicalcium silicate hydration are as follows:

3Cao · SiO2 + nH2O

� xCaO · SiO2 · yH2O +(3−x)Ca(OH)2
(4)

2Cao · SiO2 + nH2O
� xCaO · SiO2 · yH2O +(2−x)Ca(OH)2

(5)

In addition, the tailings and cement contained
a small amount of MgO, and MgO also had a slow
chemical reaction with water [34–36]:

MgO + H2O � Mg(OH)2 (6)

)e hydration of tricalcium silicate hydrate was
similar to the hydration of dicalcium silicate, but the
hydration reaction of dicalcium silicate was slower,
and less Ca(OH)2 was generated [37]. Figure 5 shows
that the T2 spectrum area changes in filled slurries
within 3 d with mass concentrations of 56% and 62%
were more obvious than that in the filling slurry with
68% mass concentration; that is, the filling slurries
withmass concentrations of 56% and 62%weremore
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Figure 8: (a) )e T2 spectrum area of three kinds of filling slurries with different concentrations and curing periods. (b) )e T2 spectrum
area of three kinds of filling slurries with different cement-sand ratios and curing periods.
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rapidly hydrated. It is likely that as the concentration
increased, the hydration reaction gradually changed
from the hydration of tricalcium silicate to the hy-
dration of dicalcium silicate, so that the slurry with
the mass concentration of 68% had a slower hy-
dration rate than the slurries with mass concentra-
tions of 56% and 62%. )us, the T2 spectrum of the
filling slurry with the mass concentration of 68%
changed slightly.
From the reaction equation of MgO, it can be seen
that the higher the mass concentration of the slurry,
the more the MgO content in the filling slurry, so
MgO has the fastest chemical reaction, and more
MgO crystals were produced. )erefore, the T2
distribution curve of the slurry with the mass con-
centration of 68% was closer to the left side.

(2) With the decrease in the cement-sand ratio, the left
moving speed of the T2 curve gradually reduced; that
is, the hydration process gradually became slower.
Compared with the pore-level statistics of the three
different cement-sand ratios, as the degree of hy-
dration increased, the smaller the ratio of cement-
sand became, the slower the increasing speed of the
harmless pores and less harmful pores was. )is may
be because, with a reduction in the cement-sand ratio,
the hydration reaction gradually proceeded toward
the hydration reaction of dicalcium silicate. When the
cement-sand ratio was 1 : 3, the hydration reaction
was dominated by the hydration of tricalcium silicate.
When the cement-sand ratio was 1 : 8, the hydration
reaction was dominated by the hydration of dicalcium
silicate. In addition, the Ca(OH)2 crystals produced by
the hydration reaction of tribasic calcium silicate were
smaller than those generated by the hydration re-
action of dicalcium silicate. )erefore, the change in
the harmless pores and less harmful pores was small.

(3) )e pore size distribution of the filling slurry varied
greatly in the early stage, mainly owing to the pore
size being dominated by harmful pores and the high
fluidity of the internal pore water, which increased
the rate of the hydration reaction. As the hydration
process progressed, the harmful pores were gradually
transformed into less harmful pores and harmless
pores, and the size of the less harmful pores and
harmless pores reduced, thus binding the flow of
internal pore water and slowing down the hydration
reaction rate. As a result, the pore size distribution in
the later stage changed less.

5. Conclusions

(1) )e higher the mass concentration of the filling
slurry, the smaller the pore size of the filling slurry
and the smaller the change in the T2 spectrum area,
which indicates that the hydration reaction rate is
slower. At the same time, the higher the mass
concentration, the higher the proportion of harmless
pores and less harmful pores. Furthermore, the

spectrum area of the filling slurry with the mass
concentration of 62% is the largest.

(2) )e larger the cement-sand ratio of the filling slurry, the
smaller the pore size of the filling slurry.)e smaller the
cement-sand ratio, the higher the proportion of harmful
pores in the filling slurry. )e T2 spectral area of the
filling slurry with the cement-sand ratio of 1 : 8 is the
largest, indicating the porosity of the filling slurry with
the cement-sand ratio of 1 : 8 is the largest. With
a decrease in the cement-sand ratio, the proportion of
harmless pores and less harmful pores decreases and the
proportion of harmful pores increases.

(3) )e reaction rate of the filling slurry is fast in the first
3 d, and the pore distribution changes, but it tends to
become stable after 7 d. From the perspective of the
proportion of harmful pores and the multiharmful
pores, it can be analysed that the higher the con-
centration of the filling slurry and the greater the
value of the cement-sand ratio, the higher the
compressive strength of the tailing filling slurry.
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In order to investigate the influence of the joint on the failure mode, peak shear strength, and shear stress-strain curve of rock
mass, the compression shear test loading on the parallel jointed specimens was carried out, and the acoustic emission system
was used to monitor the loading process.+e joint spacing and joint overlap were varied to alter the relative positions of parallel
joints in geometry. Under compression-shear loading, the failure mode of the joint specimen can be classified into four types:
coplanar shear failure, shear failure along the joint plane, shear failure along the shear stress plane, and similar integrity shear
failure. +e joint dip angle has a decisive effect on the failure mode of the specimen. +e joint overlap affects the crack
development of the specimen but does not change the failure mode of the specimen. +e joint spacing can change the failure
mode of the specimen.+e shear strength of the specimen firstly increases and then decreases with the increase of the dip angle
and reaches the maximum at 45°. +e shear strength decreases with the increase of the joint overlap and increases with the
increase of the joint spacing. +e shear stress-displacement curves of different joint inclination samples have differences which
mainly reflect in the postrupture stage. From monitoring results of the AE system, the variation regular of the AE count
corresponds to the failure mode, and the peak value of the AE count decreases with the increase of joint overlap and increases
with the increase of joint spacing.

1. Introduction

+e reliable assessment of rock masses is a common task in
rock engineering. +e discontinuities such as joints, faults,
and bedding planes in the natural rock mass greatly weaken
the stability of the rock mass [1–4]. +ese discontinuities
control the mechanical properties of rock mass not only
because of their interaction with the intact rock but also
because of the interaction between themselves [5, 6]. When
the specimen is loaded, new cracks develop near the tips of
existing joints and propagate or coalesce with other cracks.
+e propagation of new cracks and the coalescence of frac-
tures lead to a degradation in the mechanical properties of the
rock. +e effect law of joints on the failure of rock mass will
have important guiding significance for actual engineering.

+e mechanical behavior of nonpersistent jointed rock
mass has been extensively studied by experiments and

numerical simulation. Bobet and Einstein [7] identified five
types of failure patterns from uniaxial compressive tests of
gypsum specimens with parallel flaws. Wong and Chau [8]
carried out uniaxial compression tests on plaster specimens
with two flaws and identified nine types of coalescence
patterns. Cao et al. [9] investigated the peak uniaxial
compressive strength and failure patterns of ubiquitous-
joint rock-like specimens by combining similar material
testing and numerical simulation. +e failure patterns of
ubiquitous-joint specimens can be classified into four
categories. Bahaaddini et al. [10] studied the effect of joint
geometry parameters on the deformation modulus, com-
pressive strength, and failure mode of the rock mass by
particle flow modeling. Using photographic monitoring
and acoustic emissions monitoring techniques, Yang et al.
[11, 12] investigated the relationship between the real-time
crack coalescence process and axial stress-time behavior for

Hindawi
Advances in Civil Engineering
Volume 2018, Article ID 5428670, 12 pages
https://doi.org/10.1155/2018/5428670

mailto:yu.chen@csu.edu.cn
http://orcid.org/0000-0002-0004-9571
https://doi.org/10.1155/2018/5428670


red sandstone containing two unparallel fissures. Chen
et al. [13] studied the influences of joint inclination angle
and joint connectivity rate on compression strength and
stress-strain curves of rock mass with nonpersistent open
joints by conducting uniaxial compression tests on gypsum
specimens. Fan et al. [14] performed numerical simulations
to study the influence of multi-nonpersistent joints on
mechanical behavior by using PFC3D software package.
Yang et al. [15] numerically simulated the mechanical
behavior of a jointed rock mass with nonpersistent joints
adjacent to a free surface on the wall of an excavation.

+e aforesaid experiments and numerical simulations
illuminated the important influence of joint geometry on
the mechanical behavior of rock masses under compres-
sion load. +e interaction of rock bridges and the joint has
been studied a lot [16, 17], whereas the interaction between
joints has not been widely studied. Zhang et al. [3, 18] have
studied the cracking and coalescence behavior in a rect-
angular rock-like specimen containing two parallel pre-
existing open flaws under uniaxial compression load. +e
results show that the spacing between two flaws and the
inclination of a line linking up the inner flaw tips have
different effects on the coalescence patterns and peak
strength of specimens. Nevertheless, the interaction be-
tween joint planes in a nonpersistent jointed rock mass has
rarely been investigated. And the jointed rock mass is often
loaded by the comprehensive shear stress for the actual
rock mass engineering, such as high and steep rock slope.
+e change of the rock mass with nonpersistent joints
depends on joint configuration and loading conditions.
+erefore, the research about the interaction between
joints under comprehensive shear load will be significant.
In this paper, the compression shear test loading on the
parallel jointed specimens was carried out to look at the
interaction of parallel joints and its effect on the failure
mode, strength, and deformation behavior of jointed rock
masses.

2. Experimental Program

2.1. Specimen Preparation. +e specimens were made of
white cement, water, and sand. +e volume proportions
(Vwater :Vwhite cement :Vsilica sand) in the specimens were 1 : 2 :
1. +e dimensions (height×width× thickness) of each
specimen were 100mm× 100mm× 30mm. +e existing
joints were created by inserting mica sheets (0.6mm thick;
15mm long) into the fresh cement mortar paste at the
desired location of the joints. +e geometric parameters of
the specimen and the distribution of joints are shown in
Figure 1. Fissure geometry is defined by three geometrical
parameters: joint dip angle, joint overlap, and joint spacing.
+e joint inclination of specimens have been defined as 0°,
30°, 45°, 60°, 75°, and 90°. For each dip angle, the joint overlap
varied from 0mm to 15mm at 5-unit increments, and the
joint spacing varied from 15mm to 36mm at 7-unit in-
crements. +e influence of joint orientation and joint
overlap on the mechanical behavior of jointed rock mass was
investigated by varying α and L0, while keeping other
geometric parameters constant (e.g., d� 15mm, Lr � 20mm,

Lj � 15mm). +e influence of joint orientation and joint
spacing on the mechanical behavior of jointed rockmass was
investigated by varying α and d, while keeping other geo-
metric parameters constant (e.g., L0 �15mm, Lr � 20mm,
Lj � 15mm).

+e specimens were not removed from the mold before
the modeling material solidifies. Afterwards, the specimens
were removed from the mold and soaked in water for 3 days
and then were placed into a standard curing box (with the
temperature kept at 20± 2 °C and humidity kept at 80%) for
25 days before mechanical testing. +ree specimens were
prepared for each joint distribution. Table 1 shows the fissure
geometry information for all the specimens in this study.
Each specimen was assigned an ID number using the no-
tation S-a-b-c, where S stands for the sample, a represents
joint overlap L0, b is the joint spacing, and c is the inclination
angle α. +e mechanical properties of the intact sample, that
is, the tensile strength, uniaxial compressive strength, in-
ternal friction angle, cohesion, elastic modulus, Poisson’s
ratio, are listed in Table 1.

2.2. Experimental Method. Figure 2 shows the shear box
testing setup with the acoustic emission device attached to
the specimen. +e fixed compression shear angle is 45°. +e
compression shear tests were performed on the servocontrol

100mm

10
0m

m

30mm

L j

α

d

L r

L 0

L0 : joint overlap (mm)
Lr : rock bridge

 length (mm)
Lj : joint length (mm)

d : joint spacing (mm)
α : joint dip angle (°)

Figure 1: Geometrical parameters and joint arrangement.

Table 1: Mechanics parameters of rock-like material.

UCS
(MPa)

Tensile
strength
(MPa)

Young’s
modulus
(GPa)

Poisson’s
ratio

Cohesion
(MPa)

Friction
angle (°)

21.73 1.70 5.64 0.243 3.86 30.86
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loading instrument. +e specimen was sandwiched be-
tween the two shear boxes. +e loading was applied
according to a displacement control manner. +e loading
was controlled by the loading control system (DCS-200).
+e loading rate was 0.1mm/min. During the test, a digital
camera was set up to take photographs of the specimen.+e
crack penetration and coalescence of the sample were
monitored by acoustic emission. All specimens are loaded
until specimen failure, and the load-displacement curves of
the jointed samples are recorded simultaneously via a data
acquisition system.

3. Effect of Parallel Joint on the Failure
Mode of Samples

Prefabricated joints play a vital role in the failure of the
specimen. Previous experimental and numerical results
showed that when a load is applied to specimens with
a single fissure, three types of cracks develop from the
preexisting fissure (Figure 3): wing cracks, quasi-coplanar
secondary cracks, and oblique secondary cracks. +e axial
load (Figure 4) can be decomposed into the shear load along
the middle plane of the specimen and the compressive load
along the upper plane of the specimen, and the shear load is
equal to the compressive load at the compressive shear angle
of 45°.

For ubiquitous-joint specimens, the mechanical be-
havior will be more complicated. When compression is
applied to the existing flaws, tensile or shear cracks will
develop from the tips of the existing fractures. As loading
continues, these cracks will propagate and join with other
cracks, by penetrating through the rock. +us, the preex-
isting fissures will join with neighboring cracks, resulting in
various types of failure patterns. According to the obser-
vation of the relationship between the failure surface and the

AE system

Control system and 
data acquisition system

Loading device
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Device of compressive
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Data acquisition system

Loading system

The diagram of experimental deviceCamera
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Figure 2: +e device of the field test and schematic diagram.
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shear stress surface and the joint surface, the failure modes of
ubiquitous-joint rock-like specimens can be generally
classified into four categories: coplanar shear failure (failure
mode I), shear failure along the joint plane (failure mode II),
shear failure along the shear stress plane (failure mode III),
and similar integrity shear failure (failure mode IV).

3.1. .e Influence of Joint Inclination on Failure Modes of
Samples. When the joint dip angle is 0°, wing cracks de-
velop first from the joint tips under the compression
shear load. +e wing cracks are tensile cracks. And they
initiate from the joint tips and propagate in a stable
manner towards the direction of maximum compression
(Figure 5(a)), which is consistent with the analytical results
of the wing crack propagation in the classical fracture
mechanics [19]. However, as the load increases, the shear
stress starts to dominate the crack development. +e
propagation of wing crack does not continue and closes
slowly. +e shear stress plane of the specimen is coplanar
with the joint surface. +erefore, the shear stress along the
coplanar plane causes the crack to develop at both ends of
the sample and overcome the bridge to expand. Ultimately,
the cracks along the coplanar completely are cut through
the specimen. +e failure phenomenon is defined as a co-
planar shear failure (failure mode I). As the shear load is
equal to the axial load, the shear failure along the coplanar
plane is more likely than compressive failure.+erefore, the
failure path of the specimen is predictable, and the failure
mode is a coplanar shear failure.

At α� 30°, the shear stress plane intersects the joint
plane, and the failure mode of the specimen is complicated.
Figure 5(b) shows that the specimen produces a large
number of quasi-coplanar secondary cracks under com-
pression shear stress. +e quasi-coplanar secondary cracks
develop from the tip of the joint at both ends of the shear
stress plane and extend along the joint plane to break
through the rock bridge. +is failure is defined as shear
failure along the joint plane (failure mode II). +e failure
mode of the 60° joint specimen is the same as that of the 30°
joint specimen.

At α� 45°, the joint tip of the specimen produces oblique
secondary cracks, quasi-coplanar secondary cracks, and
wing cracks, as shown in Figure 5(c). +rough the co-
alescence among the cracks, an irregular shear plane is
formed in the middle of the sample. +e failure of the
specimen is similar to that of the integrity specimen. +is
failure is defined as similar integrity shear failure (failure
mode IV).

When the joint dip angles are 75° and 90°, the shear
stress plane is approximately perpendicular to the joint
plane. Wing crack developed continuously in the middle of
the specimen under compressive shear stress. As shown in
Figures 5(e) and 5(f ), with the increasing of the load, the
shear stress dominates the crack development, and oblique
secondary cracks develop from the tip of the joint near the
shear plane and extend along the direction of the shear
plane. Oblique secondary cracks constantly connect with
the wing crack of the adjacent joints. Finally, a through-

crack plane is formed parallel to the shear plane, which is
defined as shear failure along the shear stress plane (failure
mode III).

3.2. .e Influence of Joint Overlap on Failure Modes of
Samples. When the joint dip angle is 0°, the failure modes of
the different joint overlap are failure mode I (Figure 5). With
the decreasing joint overlap, more wing cracks are developed
in the specimen under axial compression. However, with the
increasing load, the shear stress along the shear plane
dominates the failure of the specimen and promotes the
closure of the wing crack. Finally, the specimens are
destroyed by breaking through the rock bridge on the central
shear plane. On the whole, the joint overlap only affects the
number and distribution of wing cracks and does not change
the failure mode of specimens. At α� 30°, the failure modes
of the different joint overlap are failure mode II (Figure 5).
As shown in Figure 5, the conclusion can be found that the
change of the joint overlap did not change the failure mode
under the same joint inclination, but only affected the
number of crack growth and the expansion path. Because
joint overlap only changes the relative position between
joints without changing the joint density and the size of
single joint is small, the joint overlap has almost no effect on
failure modes.

3.3. .e Influence of Joint Spacing on Failure Modes of
Samples. In order to investigate the effect of joint spacing
on the mechanical behavior of jointed rock mass, the joint
spacing was varied to be 15mm, 22mm, 29mm, and
36mm. Correspondingly, the jointed rock mass have two,
three, four, and four joint planes, respectively. +e effect
of joint spacing is studied in a range of the joint dip angle.
+e other geometric parameters are kept constant, that is,
L0 �15mm, Lr � 20mm, and Lj� 15mm. Table 2 displays
the failure modes of jointed rock mass having a different
joint spacing. It can be seen from Table 2 that, with the
increase of the joint spacing, the joint dip plays an im-
portant role in the failure mode of the specimen. Under
the same joint inclination, the joint specimens have
similar failure modes at the different joint spacing, which
shows that the joint inclination plays an important role in
the failure mode.

When α is 0°, the failure modes of joint specimens with
the different joint spacing are failure mode I. Although the
increase of joint spacing changes the joint density of the
specimen, it does not change the rock bridge length on the
shear plane. +erefore, the failure modes of joint samples
are the same. When α is 30, with the increases of joint
spacing, the failure mode of the specimen changes from
failure mode II to failure mode IV, which shows that the
failure mode of the specimen changes gradually with the
joint spacing increasing. It can be seen from Table 2 that the
number of failure mode IV of joint specimens with joint
spacing of 15mm, 22mm, 29mm, and 36mm, respectively,
is 1, 2, 4, and 5. On the whole, with the increase of the joint
spacing, the number of joints decreases, the weakest effect
on the specimen decreases, and the number of specimens in
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failure mode IV increases.+erefore, the change of the joint
spacing will cause the failure mode of the specimen to
change, and the degree of influence is related to the joint
inclination.

4. InfluenceofParallel JointonSampleStrength

In this experiment, the compression shear angle is 45°, and
the compression stress loading on the specimen is equal to
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the shear stress.+e compression shear tests of joint samples
were conducted. +e peak shear strength of the joint
specimens is shown in Table 3.

4.1. .e Effect of Joint Inclination on the Shear Strength of the
Specimens. +e joint inclination has a great influence on the
peak shear strength which presents a certain law (Figure 6).
When the dip angle increases from 0° to 45°, the peak shear
strength of the specimens shows an increasing trend. From 45°
to 90°, the peak shear strengths begin to decrease with the
increase of the dip angle. All of the specimens for the different
joint overlap reach the maximum value of the peak shear
strength at 45°. +e joint specimen gets the maximum shear
strength at α � 45° and L0� 0mmwhich is 9.42MPa.+e peak
shear strength is affected by the failuremodes of the specimens.

When the joint dip angle α� 0°, the failure modes of the
joint specimens are failure mode I. In the failure mode, joint
length on the failure plane is comparatively long and the
rock bridge is relatively short. At the same time, the shear
stress is concentrated along the joint plane.+is is the reason
why it is easy to develop quasi-coplanar secondary cracks to
break the sample, and the shear strength is relatively small.
While the joint dip angle α� 30° or 60°, the failure modes of
the joint specimens are failure mode II. +e cracks are
dominated by the secondary crack in the plane. Owing to the
shear stress that cannot be concentrated to the failure
surface, the shear strength will increase. At α� 45°, the
failure modes of the joint specimens are failuremode IV.+e
joint weakening effect is the smallest, and thus, the peak
shear strength is the largest. When the joint dip angles are
75° and 90°, the failure modes of the joint specimen are
dominated by failure mode III. +e shear stress plane is
approximately perpendicular to the joint plane. +e joints
are concentrated in the middle of the specimen. +e shear
stress-dominated oblique secondary cracks continue to
develop and expand, through the sample. +e peak shear
strength is smaller than 60°, and the 90° joint specimen is
more susceptible to damage than 75°.

4.2. .e Effect of Joint Overlap on the Shear Strength of the
Specimens. Figure 5 shows the effect of joint overlap on the
peak shear strength. It can be seen from Figure 7 that the
overlap length has a major influence on the peak shear
strength of the specimens. In Figure 7, the peak shear
strength decreases with the increase of the overlap length;
the maximum value is observed at L0 � 0mm, and the
minimum value is observed at L0 �15mm. At the same joint

inclination angle, with the change of the joint overlap, the
failure modes are the same and the joint density of the
samples is roughly equal, but the uniformity of the joint
distribution changes. +e smaller the degree of the joint
overlap is, the more uniform the distribution of joints on the
specimen is. Under the compressive shear stress, the joints of
the specimen are more concentrated, and the damage is
easier to occur. +us, the peak shear strength decreases with
the increase of the overlap length. In the experimental re-
sults, as the overlapping length increases from 0mm to
15mm, the peak shear strength of α � 0°, 30°, and 45°samples
decrease by approximately 47.1%, 39.0%, and 21.2%,
respectively.

4.3. .e Effect of Joint Spacing on the Shear Strength of the
Specimens. +e effect of the joint spacing on peak shear
strength is shown in Figure 8. At the same joint inclination
angle, the peak shear strength of specimens increases with
the increase of joint spacing. +e maximum peak shear
strength is obtained for a specimen with d� 36mm, and the
minimum peak shear strength is for d� 15mm.+e increase
of the joint spacing leads to the increase of the rock bridge
length between prefabricated joints, so the joint specimen is
more difficult to break.+erefore, the larger the joint spacing
is, the greater the peak shear strength is. At α� 75°, the peak
shear strength of specimens with the joint spacing of 15mm,
22mm, 29mm, and 36mm is 5.18, 6.51, 7.12, and 7.17MPa,
respectively, and the relative growth rate of peak shear
strength is 25.7%, 9.4%, and 0.7%. +e increase of the joint
spacing in the real rockmass leads to the decrease of the joint
density. However, due to the constant sample size in this
experiment, some joint spacing changes did not result in an
increase in joint density. In this test, the width of specimens
is 100mm, and the parallel joint specimens of spacing of
29mm and 36mm both have 3 rows joints. +erefore, the
peak shear strength of specimens with 29mm and 36mm
joint spacing in the same joint inclination is similar.

+e peak shear strength of the joint specimen is related
to its corresponding failure mode. It can be seen from the
failure modes of the joint specimens in Table 2 that, with the
increase of joint spacing, the number for failure mode IV of
specimens increase. At α� 60°, the joint spacing increases
from 15mm to 22mm, and the failure mode transforms
from failure mode II to failure mode IV. At α� 75°, the
specimen joint spacing increases from 22mm to 29mm, and
the failure mode changes from failure mode III to failure
mode IV. At α� 90°, the specimen joint spacing increases

Table 2: Failure modes for specimens with the different joint inclination and joint spacing.

Joint inclination α
Joint spacing d (mm)

15 22 29 36
0° Failure mode I Failure mode I Failure mode I Failure mode I
30° Failure mode II Failure mode II Failure mode IV Failure mode IV
45° Failure mode IV Failure mode IV Failure mode IV Failure mode IV
60° Failure mode II Failure mode IV Failure mode IV Failure mode IV
75° Failure mode III Failure mode III Failure mode IV Failure mode IV
90° Failure mode III Failure mode III Failure mode III Failure mode IV
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from 29mm to 36mm, and the failure mode transforms
from failure mode III to failure mode IV. At the same joint
inclination, the peak shear strength of specimens with failure
mode IV is larger than the other samples with the other
failure modes, so the peak shear strength of joint specimens
increases with the increase of the joint spacing.

5. Shear Stress-Displacement Curve and
AE Analysis

Based on the study of the failure mode and strength of the
joint specimen, the shear stress-displacement curve com-
bined with the acoustic emission is used to quantitatively
investigate the crack initiation, expansion, and penetration
of the specimen.+e regular crack development is studied in
detail which will help to observe the influence of joint ge-
ometry on the curve and the correlation between shear
stress-displacement curve and failure mode and strength.

+e study will deepen the understanding of the mechanical
behavior of joints under compressive shear stress.

From the start to the failure during testing, the shear
stress-displacement curve of samples combined with acoustic
emission counts (Figure 9) can be divided into four typical
stages: the microfracture closure stage (OA), the elastic stage
(AB), the rupture stage (BC), and the postrupture stage (CD).
At the microfracture closure stage, the sample is gradually
compost under the load due to the closed joints and voids,
and the early nonlinear curves are formed. +e acoustic
emission activity is active, the counting value is greater, and
the range of change is larger. During the elastic stage, the
shear stress and displacement of the rock bridge are linearly
related to each other. +e interior of the rock bridge is filled
with a large number of elastic properties under loading. +e
slope of the elastic stage is obviously higher than that of the
microfracture closure stages. As the crack development re-
duces, the acoustic emission reduces and becomes stable. In
the rupture stage, the curve slope gradually decreases, and the
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Table 3: +e shear strength of joint specimens.

Number Sample ID Shear strength
(MPa) Number Sample ID Shear strength

(MPa) Number Sample ID Shear strength
(MPa)

1 S-0-15-0 7.86 15 S-10-15-45 7.64 29 S-15-22-75 6.51
2 S-0-15-30 9.11 16 S-10-15-60 6.7 30 S-15-22-90 5.25
3 S-0-15-45 9.42 17 S-10-15-75 6.02 31 S-15-29-0 5.07
4 S-0-15-60 8.83 18 S-10-15-90 5.45 32 S-15-29-30 7.39
5 S-0-15-75 7.56 19 S-15-15-0 4.16 33 S-15-29-45 7.91
6 S-0-15-90 7 20 S-15-15-30 5.56 34 S-15-29-60 7.66
7 S-5-15-0 6.18 21 S-15-15-45 7.42 35 S-15-29-75 7.12
8 S-5-15-30 8.14 22 S-15-15-60 6.41 36 S-15-29-90 5.67
9 S-5-15-45 8.36 23 S-15-15-75 5.18 37 S-15-36-0 4.95
10 S-5-15-60 7.26 24 S-15-15-90 4.33 38 S-15-36-30 7.38
11 S-5-15-75 6.29 25 S-15-22-0 4.58 39 S-15-36-45 8.06
12 S-5-15-90 5.55 26 S-15-22-30 7.25 40 S-15-36-60 7.82
13 S-10-15-0 5.05 27 S-15-22-45 7.54 41 S-15-36-75 7.17
14 S-10-15-30 6.17 28 S-15-22-60 7.32 42 S-15-36-90 5.81
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curve reaches the peak shear strength.+e cracks of the sample
joint tip continue to expand and coalescence through over-
coming the rock bridge resistance.+e active degree of acoustic
emission gradually increases. +e count of acoustic emission
starts to increase from the point B and shows a geometric
increase afterwards until the maximum count appears at this
stage. In the postrupture stage, as the displacement increases,
the shear stress decreases continuously. +e rock bridge is
broken to form the destructive plane which leads to the sudden
drop of stress caused by the local frictional slippage. Finally, the
count of acoustic emission begins to decrease.

5.1. Influence of Joint InclinationonShearStress-Displacement
Curve and AE Analysis. +e shear stress-displacement
curves (Figure 9(a)) have some differences especially in
the postrupture stage with the changes of joint inclination.
Taking the overlap of 15mm as an example, in the post-
rupture stage, the sudden drop of stress occurs only at the
sample of 45° joint, and the stress at the other inclinations
decrease slowly. +e descending rate of the curve with
different samples of joint inclination is different, and the
descending rate of the stress is related to the failure mode of
the specimen.+e failure mode of the 45° specimen is similar
integrity shear failure. Due to the sudden release of a large
amount of energy inside the sample, the stress-displacement
curve produces the phenomenon of sudden descent of stress.
+e failure modes of 30° and 60° specimens are shear failures
along the joint plane. Due to the release of aggregated en-
ergy, the descending rate of the curve in the postrupture
stage is relatively slower than that of 45°. +e failure modes
of 75° and 90° specimens are shear failures along the shear
stress plane. +e peak shear strength of the specimen is
small. During the loading process, the cracks develop evenly
and the energy accumulation is less. +erefore, the
descending rate of the curve in the postrupture stage is
relatively small. +e failure modes of the 0° specimen are the
coplanar shear failure. +e stress-displacement curve is

relatively gentle, and the descending rate is the smallest. On
the whole, the descending rates of the curve are positively
correlated with the peak strength of the sample. +e stress-
displacement curves of the specimen with the overlap of
0mm appear single or multilevel stresses abruptly in the
postrupture phase. +e curves of specimens at the joint dip
angle of 45°, 30°, 60°, and 0° occur the phenomenon of single-
stage stress drop, and the curves of samples at the 75°, 90°
appear multilevel stresses abruptly.+e relationship between
the descending rate of the curve and the joint inclination of
the sample is similar to that of the sample of 15mm overlap.
Compared with the specimens in the different overlap, the
curves of samples with 0mm overlap are prone to sudden
stress drop, and the descending rate is greater. On the whole,
the descending rates of the curve are positively correlated
with the peak strength of the sample.

According to the change of acoustic emission count
(Figure 9(b)), the acoustic emission activities can be divided
into the active period, the clam period, and the acute period.
+e acoustic emissions of samples with different inclinations
have certain differences. When the joint dip angle is 0°, the
acoustic emission is relatively active in the stage of micro-
crack closure and enters the clam period in the elastic stage
and then the acute period with geometric growth in the
rupture and postrupture stage. Compared with the acoustic
emission of the 0° joint sample, the acoustic emission count
of the 30° joint sample changes greatly in the active period
and decreased rapidly due to the sudden stress drop in the
postrupture.+e clam period of the 45° specimen is relatively
short. +e AE count progressively increases in the acute
period which is related to the more development of the crack
before the failure of the specimen. For the 75° joint speci-
men, due to the multilevel stress drop in the stress-
displacement curve, the acoustic emission counts also
show multiple peaks. On the whole, the variation law of
acoustic emission is consistent with the joint dip angle, and
the joint angle of the specimen plays a key role in the failure
mode. +erefore, the failure mode is corresponding to the
variation of the acoustic emission count.

5.2. Influence of Overlap Length on Shear Stress-Displacement
Curve and AE Analysis. As shown in Figure 10(a), the
smaller the overlap length is, the larger the peak shear
strength and displacement are. Even the curve shapes of the
sample for different overlap lengths are similar, and the
curve slopes change especially in the postrupture stage. For
example, the curves of the different overlap are gentle when
α � 0°. +e curves decrease gradually in the postrupture
stage.+e smaller the overlap is, the faster the descent rate is.
At α � 45°, the specimens have a significant stress drop in the
postrupture stage. At the same time, with the decrease of
overlap, the value of stress drop increases.

As shown in Figure 10(b), at α � 0°, the variation rules of
acoustic emission counts with the different overlap are
similar, and the peak value of the AE count decreases with
the increase of the joint overlap. +e similar variation is due
to the same failure mode of the specimens.+e peak value of
the AE count is related to the shear strength of samples. +e
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shear strength of the specimen increases with the decrease of
the joint overlap. +e larger the peak shear strength is, the
greater the energy of the emission is. +us, the peak value of
the AE count is greater.

5.3. Influence of Joint Spacing on Shear Stress-Displacement
Curve andAEAnalysis. +e shear stress-displacement curve
(Figure 11(a)) shows that the larger the joint spacing is, the
larger the peak shear strength is. +e curves of samples with
the different joint spacing are similar. However, the slope of
the curve varies with the change of the joint spacing. For the
specimens with 0°joint inclination, the curves of the samples
with the different joint spacing change gently and decrease
gradually. +e larger the spacing of joints, the faster the rate
of descent is. For the specimens with 60° joint inclination,
the curves have a suddenly descent of stress in the

postrupture stage, and the larger the joint spacing, the
greater the value of the sudden drop in stress.

As shown in Figure 11(b), the variation rules of
acoustic emission counts correspond to the shear stress-
displacement curve of samples. For example, the curve of
the S-15-22-45 sample produces two sudden drops of
stress, and the varied form of the acoustic emission count
also has two peaks. +e variation rules of acoustic
emission counts with the different spacing are similar, and
the peak value of the AE count increases with the increase
of the joint spacing. +e similar variation is due to the
same failure mode of the specimens. +e peak value of the
AE count is related to the shear strength of samples. +e
shear strength of the specimen increases with the increase
of the joint spacing. +e larger the peak shear strength is,
the greater the energy of the emission is. +us, the peak
value of the AE count is greater.
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Figure 10: +e effect of joint overlap on the shear stress-displacement curve and AE count: (a) the shear stress-displacement curve of
samples containing different joint overlap lengths; (b) the variation of acoustic emission counts for different overlapping specimens.
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6. Conclusions

A series of jointed rock mass specimens prepared with rock-
like materials were utilized to investigate the effect of the
parallel joint on the mechanical behavior of rock mass under
compression shear. From the experimental results, the
following conclusions can be drawn:

(1) According to the relationship between the failure
surface and the shear stress plane and the joint
surface, four basic failure modes of the specimen are
coplanar shear failure, shear failure along the joint
plane, shear failure along the shear stress plane, and
similar integrity shear failure. +e joint dip angle
plays a decisive role in the failure mode of the
specimen. +e joint overlap affects the crack de-
velopment of the specimen but does not change the
failure mode of the specimen. +e joint spacing can

change the failure mode of the specimen, and the
degree of influence is related to the joint inclination.

(2) +e peak shear strength increases firstly and then
decreases with the increase of joint dip angle and
reaches the maximum value at 45°. With the increase
of joint overlap, the peak shear strength decreases.
+e peak shear strength of specimens increases with
the increase of joint spacing.

(3) +e shear stress-displacement curve of samples
combined with acoustic emission counts can be
divided into four typical stages: the microfracture
closure stage, the elastic stage, the rupture stage, and
the postrupture stage. +e shear stress-displacement
curve of different joint inclination samples is dif-
ferent, and it mainly occurs in the postrupture stage.
+e shear stress-displacement curves of specimens in
the same failure modes are similar.
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Figure 11: +e effect of joint spacing on the shear stress-displacement curve and AE count: (a) the shear stress-shear displacement curves
with the different joint spacing; (b) the variation of acoustic emission count for different spacing specimens.
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(4) +e variation of the AE count for different in-
clination joint specimens is consistent with the
failure mode of the specimen. +e variation rules of
acoustic emission counts with the different overlap
are similar, and with the joint overlap increasing, the
peak value of the AE count decreases. +e peak value
of the AE count increases with the increase of the
joint spacing.
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Anisotropy in strength and deformation of rock mass induced by bedding planes and interlayered structures is a vital problem in
rock mechanics and rock engineering. )e modified rigid block spring method (RBSM), initially proposed for modeling of
isotropic rock, is extended to study the failure process of interlayered rocks under compression with different confining pressures.
)e modified rigid block spring method is used to simulate the initiation and propagation of microcracks. )e Mohr–Coulomb
criterion is employed to determine shear failure events and the tensile strength criterion for tensile failure events. Rock materials
are replaced by an assembly of Voronoi-based polygonal blocks. To explicitly simulate structural planes and for automatic mesh
generation, a multistep point insertion procedure is proposed. A typical experiment on interlayered rocks in literature is simulated
using the proposed model. Effects of the orientation of bedding planes with regard to the loading direction on the failure
mechanism and strength anisotropy are emphasized. Results indicate that the modified RBSM model succeeds in capturing main
failure mechanisms and strength anisotropy induced by interlayered structures and different confining pressures.

1. Introduction

Foliated metamorphic rocks and sedimentary rocks are
ubiquitous in nature. Due to the presence of weak structural
planes or interlayered structures, deformation and strength
of this kind of rocks are often viewed as transversely iso-
tropic. It is a major concern that the compressive strength
and failure mode of such rocks vary as the change of
confining pressures and loading orientations with regard to
the structural planes. Here, for simplicity, let the angle
between the first principal stress and structural planes be α,
as is shown in Figure 1.

After years of research on anisotropic rocks, researchers
found that the maximum strength took place when α� 0° or
90° for most rocks of this type, while the minimum strength
took place when α was between 30° and 45° [1–6]. Curves of
strength versus α can be categorized into three types [7]
(Figure 2), namely, U type, undulatory type, and shoulder
type, among which, the third one is the most common type.
Scholars have proposed a number of failure criteria to
describe such anisotropy on strength. Jeager [8] viewed

rock matrix as isotropic, assumed that rock failure was due
to the frictional sliding along structural planes, and pro-
posed a failure criterion based on the Mohr–Coulomb
criterion. But Jeager’s criteria could not take into con-
sideration the case that strength for the orientation α� 0° is
not equal to which for the orientation α� 90°, which is often
encountered in laboratory experiments. Bearing this in
mind, other researchers extended these criteria, and
McLamore et al. [9] added two parameters to account for
this strength discrepancy. Duveau et al. [10] provided
another modification by replacing the Mohr–Coulomb
criterion with a nonlinear Barton model. Tien and Kuo [11]
introduced the maximum axial strain theory into Jaeger’s
criterion and succeeded in modeling various types of
transversely isotropic rocks.

)ese criteria play quite well in predicting strength
anisotropy quantitatively, but they fail to describe propa-
gation processes of microcracks and thus cannot produce
failure modes in an explicit manner. Moreover, quite a lot of
parameters are often involved in such criteria. As a result,
large amount of tests are needed for parameter calibration.
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In recent years, great progress has beenmade in numerical
modeling of rock fracturing, and some groups tried to simulate
the failure process of transversely isotropic rocks at mesoscale
in an explicit manner. Debecker and Vervoort [12] conducted
a series of numerical tests on behaviors of slate under uniaxial
compression and Brazilian disc test using UDEC. By com-
bining the parallel bonded model and the smooth joint model,
Chiu et al. [13] modeled the failure process of a rock con-
taining persistent joints under compression with different
confining pressures with PFC3D.Wang et al. [14] analyzed the
Brazilian tensile splitting tests of stratified biotite granulite
rocks with PFC2D. )e computed stress-strain curves were
compared well with experimental results. Shen et al. [15]
simulated a layered rock under triaxial compression using
a finite element method. Lisjak et al. [16] simulated the an-
isotropic behaviors of Opalinus argillite by the combined
FEM/DEM model. Zhao et al. [17–20], Wang et al. [21], and
Wei et al. [22] have also made great contributions to this field.

)e rigid block spring method (RBSM), which was
initially proposed by Kawai [23], provides an alternative
discrete approach for modeling crack growth and fracturing
in cohesive brittle materials. In this method, the cohesive
material is replaced by an assemblage of polygonal discrete
elements (rigid blocks) by using the Voronoi diagram. )e
blocks are bonded by contact interfaces. )ree springs are
defined on each interface to describe the relative normal and
tangential displacements and rotations between two
neighboring blocks. )e initial RBSM method was so far
successfully applied to modeling macroscopic behaviors of
cement-based materials [24, 25]. )is method has been
successively improved by Qian and Zhang [26]. In the
modified RBSM model, a continuous distribution of stress
and relative displacements is defined on each interface
through suitable interpolation functions. )is allows to
modeling the progressive failure of interfaces. )e modified

method was recently successfully applied to modeling the
damage and failure of brittle rocks [27–31]. )e advantages
of this method have been discussed. )is method is well
applicable for small-deformation and quasi-static problems.
Since the RBSM is an implicit discrete method without
updating contact distribution, its implementation is easy and
it provides a fast convergence. And it is not necessary to
introduce an artificial damping coefficient.

However, the modified RBSM model has been so far
applied to initially isotropic materials. )e objective of
the present work was to extend this method to rock-like
materials exhibiting initial inherent anisotropy. Both
tensile and shear failure of interfaces will be considered.
)e proposed anisotropic RBSM model will be applied to
modeling the mechanical behavior of typical artificial
interlayered rocks, which are carried out by Tien et al. [6].
In particular, influences of the initial structural anisot-
ropy on the induced damage and failure process will be
discussed.

2. Principles of the Modified Rigid
Block Method

)e governing equations for the modified RBSM are de-
rived from the Virtual Work )eorem, which is simply
given below. Suppose that two arbitrary blocks, block 1 and
block 2, are next to each other. )e centroid of the two
blocks are (x1, y1) and (x2, y2), respectively. Point P1 on block 1
and point P2 on block 2 coincide with the same point (x, y)
on the interface between the two blocks, as can be seen in
Figure 3. Assuming rotations are small, the relative dis-
placements between point P1 and point P2, Δu{ }, can be
expressed by the displacements of centroids of the two
blocks U{ }12 as

Δu{ } � [B][N] U{ }12, (1)

where

Δu{ } � Δun Δus 
T
, (2)

in which Δun and Δus are, respectively, the relative normal
and tangential displacements between point P1 and
point P2.

[B] �
l m

−m l
 , (3)

where l, m{ } is the unit normal vector of the interface.

[N] �
−1 0 y10 1 0 −y20

0 −1 −x10 0 1 x20
 , (4)

where x10 � x− x1, y10 � y−y1, x20 � x− x2, and
y20 � y−y2.

U{ }12 � U1x U1y U1θ U2x U2y U2θ 
T
, (5)

where U1x, U1y, and U1θ are, respectively, the translational
displacement in the x direction, y direction, and the rota-
tional angle of the centroid of block 1, while U2x, U2y, and
U2θ are displacement components for block 2.

σ3

σ1

σ1

σ3
α

Figure 1: Definition of structural plane orientation.
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Stress induced by relative displacements between point
P1 and point P2 can be expressed as

σ{ } � [D] Δu{ }, (6)

where

σ{ } � σn σs 
T
, (7)

in which σn and σs are normal stress and tangential stress.

[D] �
kn 0

0 ks
 , (8)

where kn is the stiffness of the normal spring and ks is the
stiffness of the tangential spring.

According to the Virtual Work )eorem, for the block
system, the relationship is as follows:


e


le0

δ(Δu){ }
T σ{ } dl + 

leσ

δu{ }
T

p  dl

+  
se

δu{ }
T

f  ds � 0,

(9)

where le0, leσ , and se, respectively, stand for interfaces
between blocks, force boundaries, and domains of blocks;
p , f , δu{ }, and δ(Δu){ } are, respectively, external
pressure, body force, virtual displacement, and virtual
relative displacement.

Together with above relations, the global equilibrium
equation for the whole block system can be obtained:

[K] U{ } � F{ }. (10)

A linear elastic relation is employed to describe the stress
and displacement relation between two neighboring blocks.
)e normal stress is calculated through local constitutive law
shown in Figure 4 and is composed of two parts, the
compressive and the tensile components. In this chapter,
tension is defined as positive.

In compression, σn is given as

σn � knΔun, (11)

where Δun is the relative displacement between interacting
blocks and kn is the normal stiffness.

In tension, the normal stress is still computed with the
same stiffness in compression. )e maximum tensile stress
σn max is equal to the tensile strength T, such that

σn max � T. (12)

After the maximum tensile stress is reached, the normal
stress is set to be zero.

Due to the possible change in orientation during iter-
ation, the shear stress is computed incrementally and is
defined as

σs � σs updated + ksΔus, (13)

h1
P1

P2
h2

Block 1

Block 2
x

y

o

P(x, y)

(x1, y1)

(x2, y2)

Δus

Δun

Figure 3: Local deformation of an interface.

0° 90°
β

σc

(a)

0° 90°
β

σc

(b)

0° 90°
β

σc

(c)

Figure 2: Classification of anisotropy for transversely isotropic rocks (after Ramamurthy [7]): (a) U type; (b) undulatory type; (c) shoulder type.
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where σs updated is the updated shear stress, ks is the tan-
gential stiffness, proportional to kn, and Δus is increment
relative tangential displacement.

Uniformly distributed random Voronoi diagram is used
as mesh to discretize the concerning domain of targeted
rocks. With this kind of mesh, kn and ks can be determined
by macroelastic parameters, that is, elastic modulus E and
Poisson’s ratio v, according to Yao et al. [27]:

r � ks/kn � 4.025]4 − 6.087]3 + 6.022]2 − 3.966v + 1,

E/E0 � −0.6291r
4

+ 1.617r
3 − 1.678r

2
+ 1.174r + 0.5162,

kn �
E0

h1 + h2
,

ks � r · kn,

(14)

where r and E0 are intermediate variables and h1 and h2
denote the distances from the centroids of two neighboring
blocks to their connecting interface.

To simulate the fracturing and damage process of geo
materials, a modified Mohr–Coulomb model is adopted,
as shown in Figure 5. )e maximum allowable shear stress
is computed by the normal stress σn, the cohesion C, the
critical normal stress σn critical, the local frictional angle φ1, and
the local residual frictional angle φ2. )e critical normal stress
σn critical is defined to limit the frictional strengthening effects.
Before rupture, the maximum shear stress is computed by

σsmax � σn tanφ1 + C, σn > σn critical,

σsmax � σn tanφ1 + C, σn ≤ σn critical.
(15)

Shear rupture takes place when σs > σs max, and then the
interaction becomes purely frictional, with a maximum
shear force defined by

σsmax � σn tanφ2, σn > σn critical,

σsmax � σn tanφ2, σn ≤ σn critical.
(16)

In the modified rigid block spring method, structural
planes and virtual cracks are treated with the same failure
criterion but different failure parameters.

3. Mesh Generation

Two main steps are taken to generate Voronoi diagram-
based mesh: point insertion and tessellation. Each step is
described in detail as follows.

3.1. Point Insertion. )e process of point insertion is based
on the concept of point saturation. Point saturation is
achieved by maintaining distance between neighboring
points under a minimum admissible distance lmin. To ex-
plicitly model bedding planes, a multistep insertion pro-
cedure is adopted. Here, we define a segment of boundaries
or bedding planes as a segment and an intersection between
boundaries or bedding planes as a vertex.

3.1.1. Insertion of Points to Define Vertexes. Suppose there is
a vertexV connected by four segments, as shown in Figure 6.
To define this vertex, firstly, find out the minimum angle
between two neighboring segments, the value of which is
assumed to be 2β. )en, draw auxiliary lines which have an
angle of β with respect to each segment. After that, draw
a circle with a radius of 0.5lmin around vertexV. Insert points
at intersections between the circle and all auxiliary lines

Mode I

Mode II

T

C

O

φ1

φ2

σs

σn
σn critical

Figure 5: Failure criterion of interfaces.

V

Pi

β
β

β β β

β
β

Figure 6: Illustration of vertex definition.

kn

1

σn

Δun

σn max

Δun rupture

Figure 4: Normal stress displacement relationship on interfaces.
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around vertex V. )e vertex V is defined by all the inserted
points. An example is also given for illustration of the
process of mesh generation, which is shown in Figure 7.
Shown in Figure 7(b) is the step of definition of all vertexes.

3.1.2. Insertion of Points to Define Segments. Pairs of points
are symmetrically inserted to define each segment. Distances

between each neighboring points on the same side of pre-
existing line are larger than lmin. Shown in Figure 7(c) is the
step of segment definition.

3.1.3. Insertion of Points to the Whole Domain. With the
constraint of lmin, points are sequentially inserted to saturate
the whole domain, as shown in Figure 7(d).

(a) (b)

(c) (d)

(e) (f )

Figure 7: Illustration of mesh generation process.
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3.2. Tessellation. )ere are various methods available for
Voronoi tessellation with a set of points. In the present
study, a sweep line algorithm proposed by Fortune [32] is
used. With points inserted in the previous step, a Voronoi
diagram is generated, as shown in Figure 7(e). After re-
moving line segments outside the boundaries, the mesh we
need for simulation is obtained (Figure 7(f )).

4. Numerical Example

Using artificial rock like materials, Tien et al. [6] conducted
a series of tests in order to study failure modes and strength
anisotropy of interlayered rocks under compression with
different confining pressures. )e artificial rock is formed
from stratified layers made of material A and material B.
)icknesses of layers for the two materials are the same. But
mechanical properties of them are quite different. Model
material A was composed of kaolinite, cement, and water in
ratio of 4 :1 :1.2, while B in ratios of 1 :1 : 0.6, andmechanical
parameters of these two materials are listed in Table 1.

4.1. Calibration of Input Parameters for Material A and
Material B. Input parameters of the two distinct materials
are calibrated independently. )ey are identified through
a trial and error optimization algorithm against the strength
envelops of conventional triaxial compression test. In each
step of calibration, simulation results are compared with
experimental data at all confining pressures. Calibration
progresses until simulation results match well with exper-
imental data on the whole. Shown in Tables 2 and 3 are,
respectively, trial parameters for calibration of material
A and material B. )e corresponding numerical strength
envelops comparing with experimental data are shown in
Figures 8 and 9. )e calibration process is through adjusting
input parameters to gradually approach the experimental
data. )e finally obtained input parameters are listed in
Table 4.

4.2. Microparameters of Layer Interfaces. To determine
microparameters of layer interfaces, sensitivity analysis

on macroresponse was conducted. Seven specimens with
different bedding plane orientations are generated as
shown in Figure 10. )e size of these specimens is
100 cm × 50 cm. )e layer thickness is 10 cm. )e following

Table 1: Macromechanical parameters of materials in Tien et al.’s
experiment [6].

E
(GPa) v

UCS
(MPa)

Frictional
angle (°)

Cohesion
(MPa)

Material A 21.7 0.23 104.2 29 30.7
Material B 11.9 0.21 43.3 25 13.8
UCS: uniaxial compressive strength.

Table 2: Trial input parameters for calibration of material A.

E
(GPa) v tan φ1 tan φ2

C
(MPa)

T
(MPa)

σn critical
(MPa)

Trial 1 21.7 0.23 0.5 0.5 40 12 90
Trial 2 21.7 0.23 0.5 0.45 45 13.5 90
Trial 3 21.7 0.23 0.45 0.4 45 13.5 90
Trial 4 21.7 0.23 0.35 0.3 45 13.5 90

Table 3: Trial input parameters for calibration of material B.

E
(GPa) v tan φ1 tan φ2

C
(MPa)

T
(MPa)

σn critical
(MPa)

Trial 1 11.9 0.21 0.6 0.6 50 15 90
Trial 2 11.9 0.21 0.4 0.3 20 6 45
Trial 3 11.9 0.21 0.35 0.25 20 6 40
Trial 4 11.9 0.21 0.25 0.1 20 6 60
Trial 5 11.9 0.21 0.25 0.1 20 6 80
Trial 6 11.9 0.21 0.3 0.1 18 5.4 60
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Figure 8: Calibration process of interlayered materials.
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Figure 9: Calibration process of interlayered materials.
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expression is used to define the microparameters of layer
interfaces:

Parai � c · ParaA +(1− c)ParaB, (17)

where Para indicates all the microparameters, that is, E, v,
tan φ1, tan φ2, C, T, and σn cr; the subscript index i, A, and
B, respectively, represent layer interface, material A and
material B; and c is a ratio coefficient. Letting c be 0, 0.25,
0.5, 0.75, and 1 and using microparameters listed in Table 2,
compressive strengths of the seven specimens are computed
with the confining pressure of 0MPa and 14MPa. Results of

this numerical experiment are shown in Figures 11 and 12.
From Figure 11, it can be observed that, with the confining
pressure of 0MPa, increase of interface parameters can only
lead to strength increase at α� 15°,30°, and 45°, when c< 0.5.
When c≥ 0.5, varying interface parameters has no effects on
compressive strength at any orientation. From Figure 12, it
can be observed that, with the confining pressure of 14MPa,
compressive strength generally increases as the increase of c

at all orientations apart from α� 0° and α� 90°. Finally, c �

0.5 is chosen as a coefficient for determination of layer
interface parameters, since with which the computed
compressive strengths match much better with experimental

Material A
Material B

(a)

Material A
Material B

(b)

Material A
Material B

(c)

Material A
Material B

(d)

Material A
Material B

(e)

Material A
Material B

(f)

Material A
Material B

(g)

Figure 10: Numerical specimens with structural planes at different orientation: (a) α� 0°; (b) α� 15°; (c) α� 30°; (d) α� 45°; (e) α� 60°;
(f ) α� 75°; (g) α� 90°.
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Figure 11: Uniaxial compressive strength with different micro-
parameters on material interface.
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Figure 12: Compressive strength under the confining pressure of
14MPa with different microparameters on material interface.

Table 4: Calibration results of microparameters.

E (GPa) v tan σn critical tan σn critical C (MPa) T (MPa) σn critical (MPa)
Material A 21.7 0.23 0.35 0.3 45 13.5 90
Material B 11.9 0.21 0.25 0.1 20 6 80
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results than any other value of c considering both the
confining pressure of 0MPa and 14MPa.

4.3. Determination of Layer 8ickness. In order to evaluate
effects of layer thickness on strength anisotropy and failure
modes, three groups of numerical tests are carried out. Each
group has 7 specimens with same layer thickness, but dif-
ferent bedding plane orientation, respectively, 0°, 15°, 30°,
45°, 60°, 75°, and 90°. Layer thicknesses of different groups are
not the same, respectively, 5 cm, 10 cm, and 16.67 cm. Here,
d is used to represent layer thickness. With microparameters
listed in Table 2 and c � 0.5, failure process of these 21
specimens are computed under uniaxial compression.
Uniaxial compressive strengths of these specimens are il-
lustrated in Figure 13. From this figure, it can be observed
that, at α� 0°, 30°, 45°, and 60°, strengths of the group of
d� 5 cm almost coincide with the group of d� 10 cm. At
other orientations, strengths of d� 10 cm are a little lower
than those of d� 5 cm. At α� 0° and 45°, strengths of the
group of d� 16.67 cm are the same as those of the other two
groups. But at other orientations, strengths of this group are
a little lower than those of the other two groups. However,
generally speaking, difference of strength among the three
groups is not quite great. Illustrated in Figure 14 are failure
modes when α� 30° from the three different groups. Shown
in Figure 15 are microcrack distributions after failure for
α� 0°, α� 45°, and α� 90° under triaxial compression with
different confining pressures. Tensile and shear crack are,
respectively, represented by a blue and red line. We can see
that failure modes for different layer thicknesses are almost
the same: tensile splitting across the weak layer. Failure modes
at other orientations also share this point. Consequently, it
can be said that layer thickness has limited influence on both
strength anisotropy and failure modes in some extent. But
from a theoretical viewpoint, to make simulation more
representative, there should be enough gaps between block
size, layer thickness, and specimen size. But for numerical

efficiency, block size should not be too large. Finally, to make
a compromise between representativeness and efficiency,
d� 10 cm is chosen as the layer thickness.

4.4. Anisotropy in Elasticity. )e macroelastic modulus
obtained for specimens with different layer orientations is
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Figure 13: Uniaxial strength of numerical specimens at different
orientations with different layer thickness.
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Figure 14: Failure mode of specimens at α� 30° with different
layer thickness under uniaxial compression: (a) d� 5 cm; (b)
d� 16.67 cm; (c) d� 16.67 cm.
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Figure 15: Macroelastic modulus obtained by numerical modeling.
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illustrated in Figure 15. It can be noted that the peak value of
elastic modulus takes place when α� 0°, and the lowest value
occurs when α� 45°. Elastic property shows an obvious
anisotropic behavior.

4.5. Failure Process Modeling. Failure processes of the 7
specimens illustrated in Figure 10 are simulated under
compression with different confining pressures, respectively,

0MPa, 6MPa, 14MPa, and 35MPa in accordance with Tien
et al.’s experiments [6]. In the simulation, microparameters
listed in Table 2 are employed, c � 0.5, and axial loading is
controlled by displacement.

Shown in Figure 16 are stress-strain curves of different
specimens under uniaxial compression. It can be observed
that strength and deformation behaviors both show obvious
anisotropy. Illustrated in Figure 17 is the comparison of
strength between numerical tests and experimental results at
different orientations and different confining pressures. As
can be seen, strength anisotropy is well produced with the
numerical model, and numerical results generally match
well with experimental results.

Illustrated in Figure 18 are macrofailure modes of the
seven specimens under compression with different con-
fining pressures. From these figures, failure modes under
uniaxial compression can be categorized into three
groups: (1) tensile splitting in the weak material, at
α� 0° and 15°; (2) tensile splitting and sliding along weak
planes, at α� 30°, 45°, and 60°; and (3) tensile splitting
across weak planes, at α� 75° and 90°. )ese failure modes
are basically in line with experimental observations shown
in Figure 19.

With confining pressures, tensile splitting effects are
constrained. As confining pressure increases, failure
modes tend to be dominated by shearing and can be
roughly categorized into two groups: (1) shearing along the
layer interface, at α� 30° and 45° with all confining pres-
sures and at α� 15° with the confining pressure of 6MPa
and 14MPa and (2) shearing across layer interfaces, at
α� 0°, 60°, 75°, and 90° with all confining pressures and at
α� 15° with the confining pressure of 35MPa. Specifically,
at α� 15°, failure modes are in the first group with rela-
tively low confining pressure, but as confining pressure
increases to 35MPa, failure mode becomes shearing across
weak planes, which indicates that effects of weak planes on
the failure mode are weakened by confining pressure.
)ese failure modes are also in line with experimental
observations.

From Figures 17 and 18, it can be observed that the
failure mode is directly linked to strength. At the same
confining pressure, compressive strength for specimens with
a failure mode of shearing sliding along weak planes is
much lower than that of shearing across weak planes. )e
specimen of α� 30° has the lowest compressive strength at all
confining pressures.

4.6. Mesh Dependency Analysis. In order to investigate the
mesh dependency of mechanical strength obtained by the
proposed RBSM model, additional simulations are con-
ducted on two other groups of specimens generated with
different values of bmin, say 0.2 mm and 0.3 mm, re-
spectively. Comparisons of peak deviatoric stress between
three different groups of specimens are illustrated in
Figure 20 for different loading orientations and confining
pressures. As one can see, the differences of strength
between three groups of specimens with different mesh
sizes are quite small, in particular for low confining
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Figure 16: Stress-strain curves for each specimen under uniaxial
compression.
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Figure 18: Failure modes of specimens with different orientations under compression with different confining pressures.
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Figure 19: Continued.
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pressures (0MPa). For the confining pressure of 20MPa,
some larger scatters are observed for the loading orien-
tations between 45° and 75° but remain in an acceptable
range.

5. Conclusions

)e modified rigid block spring method (RBSM) is
employed for simulation of failure process of an artificial
interlayered rock. Rock mass is replaced by the Voronoi
based block system. Microcracks are explicitly modeled
and propagate along block interfaces. A combined cri-
terion is used to take into consideration crack events:
the Mohr–Coulomb criterion is used to detect shearing
failure events and the tensile strength criterion for de-
tection of tensile failure events. Comparison with Tien
et al.’s experimental results [6] leads to the following
conclusions:

(1) )e modified RBSM model has the capacity to de-
scribe anisotropic behaviors of interlayered rocks in
both deformation and compressive strength quali-
tatively and quantitatively.

(2) Using the modified RBSM model, failure modes are
successfully captured under compression with dif-
ferent confining pressures. As confining pressure
increases, effects of structural planes on failure
modes become weakened.

)e present work is based on two-dimensional condi-
tions. In the near future, this model will be extended to
three-dimensional conditions.

Data Availability

)e data used to support the findings of this study are
available from the corresponding author upon request.

(d) (e) (f )

Figure 19: Failure modes for specimens with different layer orientations under uniaxial compression observed in laboratory (from Tien
et al. [6]): (a) α� 45°; (b) α� 30°; (c) α� 15°; (d) α� 90°; (e) α� 75°; (f ) α� 60°.
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Taking the whole surrounding rock of an excavation roadway as the research object, the elastoplastic failure mechanics analysis
of the surrounding rock body of the excavated roadway under three-directional in situ stresses is carried out by using the
knowledge of generalized plane strain problems and unified strength theory, and the equations are derived for the elastic-
plastic zone stress together with the plastic fracture range of the roadway floor surrounding rock under three-directional in situ
stresses. At the same time, by means of the conclusion of mechanical analysis and the results of in situ detection of in situ stress
in the Changcun mining area, the stability of the roadway floor surrounding rock was analyzed. +e analysis reveals the
influence on the stability of the roadway floor surrounding rock between the spatial relationship with the different in situ
stresses and the roadway layout; meanwhile, it calculates the range of the plastic failure zone and the stress value of the #1
roadway floor in the S6 mining area of Changcun mine, which provides a reliable theoretical mechanical reference for research
on roadway floor heave control technology.

1. Introduction

Generally, the single shear strength criterion is used for the
elastic-plastic mechanics solution of roadway surrounding
rocks, such as the Mohr–Coulomb criterion or the Hook–
Brown criterion [1–5]. Although the elastic-plastic failure of
the roadway surrounding rocks can be considered as a plane
strain problem, in the field engineering practice, the roadway
surrounding rock is mostly in the triaxial compression state
because of the distribution of residual stresses, the hinge of the
fractured rock, and the existence of the supporting structure
[6–10]. Owing to the single shear strength criterion, which
considers the maximum principal stress and the minimum
principal stress and completely neglects the influence of the
intermediate principal stress, there is a great difference be-
tween the deformation and the actual situation of the sur-
rounding rock of the plastic zone; in the mechanical analysis,
the stress on the roadway section is only considered and the
effect of axial stress is ignored [11–16]. Recently, many

researchers have focused on studying the influence of the
roadway axial principal stress to the plastic analysis and time-
dependent change in the plastic zone of the deep circular
roadway and hope the results will fit the specific reality better.
For example, Zhao et al. [17–19] studied complex elasto-
viscoplastic behaviors of rock subjected to triaxial stress state
and proposed a new EVP creep model to study time-
dependent change in the plastic zone. In 1985, Yu et al.
[20, 21] put forward a unified strength theory and a double
shear strength theory based on the concept of double shear.
Under the condition of hydrostatic pressure, the elastic-
plastic distribution of the circular roadway obtained by the
unified strength theory is analyzed. Compared with the
Mohr–Coulomb strength theory, the parameters of the road-
way axial stress and strength theory have an impact on the
roadway surrounding rock plastic zone radius, stress distri-
bution, and radial displacement [22–25]. +is paper utilizes
the uniform strength theory as the criteria of plastic failure of
roadway surrounding rock and analyzes the plastic mechanics
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of the surrounding rock of a circular roadway under the
triaxial stress condition [26, 27]. Figure 1 is a flowchart for the
research.

2. The Mechanical Analysis of Plastic Failure
Zone Range and Stress of Roadway Floor
Surrounding Rock under Three-
Directional In Situ Stresses

Assuming that the compressive stress is positive, while the
tensile stress is negative, the unified strength theory can be
expressed as

F � λσ1 −
eσ2 + σ3
1 + e

� σt, σ2 ≤
λσ1 + σ3
1 + λ

 , (1)

F′ �
λ σ1 + eσ2( 

1 + e
− σ3 � σt, σ2 ≥

λσ1 + σ3
1 + λ

 , (2)

where σ1 is the maximum principal stress, σ2 is the in-
termediate principal stress, σ3 is the minimum principal
stress, e is the effect of the intermediate principal stress and
the normal stress acting on the failure surface of thematerial,
λ is the tension and compression ratio of the material, and σt

is the uniaxial tensile strength of the material [28–30].
For rock materials, if (1) and (2) are represented by the

principal stress, rock cohesion C, and rock internal friction
angle φ, they can be written as

F � σ1(1− sinφ)−
eσ2 + σ3
1 + e

(1 + sinφ) � 2C cosφ,

σ2 ≤
σ1 + σ3

2
−
σ1 − σ3

2
sinφ,

F′ �
σ1 + eσ2
1 + e

(1− sinφ)− σ3(1 + sinφ) � 2C cosφ,

σ2 ≥
σ1 + σ3

2
−
σ1 − σ3

2
sinφ.

(3)

2.1. &e Solution of Stress Equation in Plastic Failure Zone of
Roadway Floor Surrounding Rock Based on Unified Strength
&eory. Assuming that the strain of the plastic zone sur-
rounding rock mass satisfies εV � 0, the relationship among
radial stress σp

r , tangential stress σ
p

θ , and axial stress σ
p
z in the

plastic zone can be described by

σp
z �

1
2

σp
r + σp

θ . (4)

In the roadway surrounding rock mass around, tan-
gential stress σp

θ is the largest and radial stress σp
r is the

smallest; according to the brief description of the theory of
uniform strength, we can see that if the three principal
stresses in the plastic zone satisfy σ2 ≥ ((σ1 + σ3)/2)−
((σ1 − σ3)/2)sinφ, then (5) is established:

σp

θ + eσp
z

1 + e
(1− sinφ)− σp

r (1 + sinφ) � 2C cosφ. (5)

Substituting (4) into (5):

σp

θ � Kpσ
p
r + Kc, (6)

where

Kp �
2 + 2 sinφ + 3e sinφ + e

(2 + e)(1− sinφ)
,

Kc �
4C(1 + e) cosφ

(2 + e)(1− sinφ)
.

(7)

In the plastic failure zone, when the roadway sur-
rounding rock is in the ultimate equilibrium stress state, the
stress of the plastic zone is basically unrelated with the
stress of the original rock. +e equivalent floor shape is an
axisymmetric roadway, so the stress distribution of the
plastic fracture zone of the surrounding rock has an axi-
symmetric shape. When the body force is not taken into
account, the axisymmetric equilibrium equation for the
plane strain problem of the plastic zone is expressed as

Analyze the elasto-plastic failure mechanics of the roadway floor
surrounding rock body under three-directional in situ stresses 

Obtain the equations of the elastic plastic zone range and stress of the roadway
floor surrounding rock under three-directional in situ stresses

Analyze the stability of roadway floor surrounding rock by using numeral case
combined with actual mine data by means of the conclusion of mechanical analysis 

Calculate the range of the plastic failure zone range and the stress value
of the #1 roadway floor in the S6 mining area of Changcun mine

Provide a reliable theoretical mechanical reference for research on roadway
floor heave control technology 

Figure 1: +e flowchart for the research.
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r
dσp

r

dr
+ σp

r − σ
p

θ � 0,

τp

rθ � 0.

(8)

Combined with (6), it can be rewritten as

dσp
r

σp
r + Kc/ Kp − 1   

�
Kp − 1 

r
dr. (9)

Using a differential equation, (10) is derived:

ln σp
r +

Kc

Kp − 1 
⎛⎝ ⎞⎠ � Kp − 1  ln r + Q. (10)

According to the boundary condition r � R0, σ
p
r � Pi (Pi

is the support force):

Q �
1

Kp − 1
ln Pi Kp − 1  + Kc − lnR0. (11)

Hence, the following is obtained:

σp
r � Pi +

Kc

Kp − 1 
⎛⎝ ⎞⎠

r

R0
 

Kp−1

−
Kc

Kp − 1 
,

σp

θ � Kp Pi +
Kc

Kp − 1 
⎛⎝ ⎞⎠

r

R0
 

Kp−1

−
Kc

Kp − 1 
,

σp
y1 �

Kp + 1
2

  Pi +
Kc

Kp − 1 
⎛⎝ ⎞⎠

r

R0
 

Kp−1

−
Kc

Kp − 1 
,

τp

rθ � 0.

(12)

2.2. &e Solution of Plastic Failure Zone Range of Roadway
Floor Surrounding Rock. +e calculation form of the plastic
fractured zone S is as follows:

S � rp + f(θ). (13)

In the r � S position, to facilitate the calculation of the
above formula, r−2, r−4, rKp−1, and rKp+1 need to be sim-
plified. +erefore, expanding the polynomial and omitting
the all after three items of polynomials, they are expressed as

r
−2

� S
−2

� r
−2
p − 2f(θ)r

−3
p ,

r
−4

� S
−4

� r
−4
p − 4f(θ)r

−5
p ,

r
Kp+1

� S
Kp+1

� r
Kp+1
p + Kp + 1 f(θ)r

Kp

p ,

r
Kp−1 � S

Kp−1 � r
Kp−1
p + Kp − 1 f(θ)r

Kp−2
p .

(14)

+e stress equations for the plastic fracture zone and the
elastic zone of the roadway floor surrounding rock under
inhomogeneous stress can be described by (14).

+e stress equation of the plastic fracture zone is

σp
r � Pi +

Kc

Kp − 1 
⎛⎝ ⎞⎠

1
R0

 

Kp−1

· r
Kp−1
p + Kp − 1 f(θ)r

Kp−2
p −

Kc

Kp − 1 
,

σp

θ � Kp Pi +
Kc

Kp − 1 
⎛⎝ ⎞⎠

1
R0

 

Kp−1

· r
Kp−1
p + Kp − 1 f(θ)r

Kp−2
p −

Kc

Kp − 1 
,

σp
y �

Kp + 1
2

  Pi +
Kc

Kp − 1 
⎛⎝ ⎞⎠

1
R0

 

Kp−1

· r
Kp−1
p + Kp − 1 f(θ)r

Kp−2
p −

Kc

Kp − 1 
,

τp

rθ � 0.

(15)

+e stress equations of the elastic zone is

σe
r �

Px + Pz

2
1− a r

−2
p − 2f(θ)r

−3
p  

+
Px −Pz

2
cos(2θ) 1− 2b r

−2
p − 2f(θ)r

−3
p 

+ c r
−4
p − 4f(θ)r

−5
p ,

σe
θ �

Px + Pz

2
1 + a r

−2
p − 2f(θ)r

−3
p  

−
Px −Pz

2
cos(2θ) 1 + c r

−4
p − 4f(θ)r

−5
p  ,

σe
y � Py − μb Px −Pz( cos(2θ) r

−2
p − 2f(θ)r

−3
p ,

τe
rθ � τe

θr � −
Px −Pz

2
sin(2θ) 1 + b r

−2
p − 2f(θ)r

−3
p 

− c r
−4
p − 4f(θ)r

−5
p .

(16)

+e tangential stress and radial stress equations are
analyzed in light of the equality of stress continuous con-
ditions, equal stress, and are represented by the formulas
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N
1

R0
 

Kp−1

r
Kp−1
p −

Kc

Kp − 1 
�

Px + Pz

2
1− ar

−2
p ,

KpN
1

R0
 

Kp−1

r
Kp−1
p −

Kc

Kp − 1 
�

Px + Pz

2
1 + ar

−2
p ,

(17)

N
1

R0
 

Kp−1

Kp − 1 f(θ)r
Kp−2
p 

�
Px + Pz

2
2f(θ)ar

−3
p  +

Px −Pz

2
cos(2θ)

· 1− 2b r
−2
p − 2f(θ)r

−3
p  + c r

−4
p − 4f(θ)r

−5
p  ,

KpN
1

R0
 

Kp−1

Kp − 1 f(θ)r
Kp−2
p 

�
Px + Pz

2
−2f(θ)ar

−3
p −

Px −Pz

2
cos(2θ)

· 1 + c r
−4
p − 4f(θ)r

−5
p  ,

(18)

where N � (Pi + (Kc/(Kp − 1))).
When the boundary position is τe

rθ|S � τe
θr|S � τp

rθ|S �

τp

θr|S � 0,

H � 1 + b r
−2
p − 2f(θ)r

−3
p − c r

−4
p − 4f(θ)r

−5
p  � 0. (19)

According to (18), previous formulas are rewritten as

N
1

R0
 

Kp−1

Kp − 1 f(θ)r
Kp−2
p 

�
Px + Pz

2
2f(θ)ar

−3
p  +

Px −Pz

2
cos(2θ)

· 2−H− b r
−2
p − 2f(θ)r

−3
p  ,

KpN
1

R0
 

Kp−1

Kp − 1 f(θ)r
Kp−2
p 

�
Px + Pz

2
−2f(θ)ar

−3
p −

Px −Pz

2
cos(2θ)

· 2−H + b r
−2
p − 2f(θ)r

−3
p  .

(20)

Combining (18)–(20), a new expression is obtained, as
follows:

Kp − 1 
Px + Pz(  + 2 Kc/ Kp − 1   

Kp + 1 
Kp − 1 f(θ) 

� −2f(θ) Px + Pz( 
Px + Pz(  Kp − 1  + 2Kc 

Px + Pz(  Kp + 1 

− Px −Pz( cos(2θ)(2− 2H)rp,

f(θ) �
2 Pz −Px( cos(2θ)rp

Px + Pz(  + 2 Kc/ Kp − 1    Kp − 1 
,

(21)

where rp�R0[((Px+Pz)+2(Kc/(Kp−1)))/(Kp+1)N]1/(Kp−1),
and N, Kp, and Kc are the same as above.

+e equation of plastic fracture zone range S of roadway
floor surrounding rock is expressed as (22) according to (13):

S �
Px + Pz(  + 2 Kc/ Kp − 1   

Kp + 1  Pi + Kc/ Kp − 1   
⎡⎢⎣ ⎤⎥⎦

1/ Kp−1( 

R0

−
2 Px −Pz( cos(2θ)

Px + Pz(  + 2 Kc/ Kp − 1    Kp − 1 

·
Px + Pz(  + 2 Kc/ Kp − 1   

Kp + 1  Pi + Kc/ Kp − 1   
⎡⎢⎣ ⎤⎥⎦

1/ Kp−1( 

R0.

(22)

When the intermediate principal stress is neglected
(i.e., e � 0), the equation is consistent with the Rubinite
equation; when Px � Pz, the equation is consistent with the
Castner equation.

According to the unified strength theory, the equations of
plastic fracture zone range and stress of roadway floor sur-
rounding rock are derived under three-directional in situ
stresses, the influence of middle principal stress is considered,
and the elastoplastic plane strain problem of roadway floor
surrounding rock is studied by using the previous single shear
strength criterion (such as Mohr–Coulomb criterion and
Hook–Brown criterion), so that it is better suited to the
practice. But there are the following shortcomings. It still takes
the prototype roadway as the research object, and assumes that
the surrounding rock is a uniform continuous medium, and
does not consider the discontinuity of the surrounding rock
and the shear effect of the surrounding rock after entering the
plastic state. Many of the formulas obtained are less verified in
the field. +ere is still a certain error in the result.

3. The Stability Numeral Case Analysis of
Roadway Floor Surrounding Rock

Due to the roadway layout and the limitation of its use, it is
inevitable that the roadway’s spatial position and the three-
dimensional principal stress of the in situ stress form a certain
spatial relationship. +e three-dimensional principal stress
magnitude and orientation of the underground rock strata
can be obtained by making use of the geodesic technique as
well as the known conditions of the original rock stress.
Moreover, the stability of the roadway floor is analyzed
according to the different in situ stress environments and the
spatial relationship of the roadway layout. Figure 2 is the
numerical model of the roadway in a random direction.

+e following are the assumed initial conditions: the
three-dimensional principal stress of the in situ stress are
P0x � P0y � P0z � 10 Pa, the roadway rock mass cohesion is
C � 1MPa, the internal friction angle is φ � 30°, the unified
strength theory coefficient is e � 0, the range of the plastic
failure zone of roadway surrounding rock is S, the support
resistance in the unsupported state is 0MPa, and the radius
of the equivalent circular roadway is R0 � 2.5m.
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When the initial in situ stress satisfies P0x>P0y � P0z,
P0x � 20MPa and β � 0°, the three-dimensional stress state
of roadway surrounding rock, the plastic failure zone, and
the plastic failure zone boundary stress distribution with the
increase of α are as shown in Figure 3.

It can be seen from Figure 3 that the horizontal coordinate
of the roadway section and the horizontal stress of the in situ
stress with the change of α, and the stress state of the vertical
stress Pz do not change. However, a stress state transition
between the horizontal stress component Px of the roadway
section and the axial horizontal stress component Py is pro-
duced, which causes a marked stress redistribution of the
roadway floor surrounding rock, and the changes of the floor
surrounding rock is obvious in the plasticity.When the initial in
situ stress satisfies P0x>P0y� P0z,, the horizontal stress com-
ponent Px of the roadway section gradually decreases and
converts intoP0y, and the axial horizontal stress componentPy of
the roadway gradually increases and converts into P0x with the
increase of α. +e plastic fracture distribution of the roadway
floor is significantly reduced, while the plastic fracture de-
formation of the both sides of the surrounding rock is slightly
increased. It is shown that a reduction of the horizontal stress
componentPx of the roadway section and an increase of the axial
horizontal principal stress component Py of the roadway have
the gain effect to the stability of the roadway floor surrounding
rock. If α is close to 0°, the horizontal stress component Px of the
roadway section is basic approaches the maximum stress
component P0x of the in situ stress component; at this time, the
plastic failure distribution of the floor rock mass is the largest,
and the stress distribution of the surrounding rock is the most
severe. Moreover, the most difficult to control is the floor
surrounding rock. +erefore, it is concluded that the horizontal
stress component of the roadway section should be avoided in
accordance with the maximum stress component in the three-
dimensional stress state, and the support intensity of the
roadway floor should be increased when the initial vertical stress
is greater than the maximum vertical stress, so as to guarantee
the safety and stability of the roadway surrounding rock.

When the initial in situ stress satisfies P0x>P0y � P0z,
P0x � 20MPa and α � 0°, the changes in the three-
dimensional stress state of roadway surrounding rock, the
plastic failure zone, and the plastic failure zone boundary
stress distribution as β increases are as shown in Figure 4.

It can be seen from Figure 4 that the change of the in-
clination angle β between the roadway’s axis and the hori-
zontal plane and the stress state of the horizontal stress
component Px of the roadway section do not change; how-
ever, a stress state transition between the roadway vertical
stress component Pz and the roadway axial horizontal stress
component Py is produced, which causes a marked stress re-
distribution on both sides of the roadway surrounding rock, and
the changes in both sides of the roadway surrounding rock are
obvious in the plasticity. When the initial in situ stress satisfies
P0z>P0x� P0y, the roadway vertical stress component Pz
gradually decreases to convert to P0y, and the roadway axial
horizontal stress component Py gradually increases to convert to
P0z as β increases. Although the destruction of the floor rock is
slightly increased, the distribution of plastic fractures in both
sides of the roadway surrounding rock is significantly reduced;

the advantage is that the span of the roadway floor surrounding
rock is obvious reduced. In addition, as the model span de-
creases, the amount of load, the transverse stress and shear stress
in the beam, and the deflection will be significantly reduced; it is
beneficial to the stable bearing of the roadway floor surrounding
rock. +is result indicates that the decrease of the roadway
vertical stress component Pz and the increase of the road-
way horizontal stress component Py make the span of the
roadway floor surrounding rock to reduce. +is phenomenon
presents a gain effect to the stability of roadway floor sur-
rounding rock. If β is close to 0°, the vertical stress component
Pz of the roadway section basically approaches the maximum
stress component P0x of the in situ stress component. Under
these conditions, the plasticity failure zone of the floor sur-
rounding rock is slightly reduced, but the span of the roadway
floor surrounding rock is increased, which may bring about
a drastic change in the stress distribution of floor surrounding
rock. Moreover, the floor heave cannot be effectively controlled,
and the support structure is unstable due to the increase of the
size of the surrounding rock. +erefore, it is also important to
pay attention to the three-dimensional stress state of the in situ
stress to support the inclined roadway, according to the stress
distribution of the surrounding rock and the distribution
characteristics of the plastic fracture, and the spatial position
relationship of the roadway should be combined to guide the
roadway floor heave to ensure the safety and stability of the floor
surrounding rock.

4. The Mechanical Analysis of Plastic Failure
Zone Range and Stress of the #1 Roadway
Floor in the S6 Mining Area of
Changcun Mine

+e test results of the geomechanics and in situ stresses
of the roadway surrounding rock in Changcun mine show

y

z

x
α

2a

P0y

P0x

P0z

θ

σθ

σr

σy

x′

z′

y′

Figure 2:+e numerical model of the roadway in a randomdirection.
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that the three-dimensional principal stress of the in situ stresses
are P0x� 11.31MPa, P0y� 5.92MPa, and P0z� 8.36MPa, the
average compressive strength of the surrounding rock mass

is 6.77MPa (cohesion C � 2.2MPa, internal friction angle
φ� 24°), the included angle of the roadway’s horizontal
plane is α� 6.1°, and the roadway incidence is β� 6°.
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Figure 3:+e three-dimensional stress states and change rules of the stress distribution in the surrounding rock plastic zone and plastic zone
boundary with the increase of α. (a) +ree-dimensional stress state change, (b) plastic failure zone distribution changes, (c) plastic failure
zone boundary radial stress distribution change, (d) plastic failure zone boundary tangential stress distribution change.
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Further, when the unified strength theory coefficient is
e � 0, destruction of the surrounding rock is the most
dangerous. Supposing that the radius of the equivalent
circular roadway is R0 � 3.05m, the plastic failure zone

range S and the stress values of the floor surrounding rock
of the #1 return airway in the S6 mining area of Changcun
mine are calculated according to the previous mechanical
analysis.
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Figure 4: +e three-directional stress states and change rules of the stress distribution in the surrounding rock plastic zone and plastic zone
boundary with the increase of β. (a) +ree-dimensional stress state change, (b) plastic failure zone distribution changes, (c) plastic failure
zone boundary radial stress distribution change, and (d) plastic failure zone boundary tangential stress distribution change.
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4.1. &e Primary Rock Stress Calculation of Floor
Surrounding Rock

Px Pxy Pzz

Pyx Py Pyz

Pzx Pzy Pz

⎡⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

⎤⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦
�

11.31 cos2 6.1° + 5.92 sin2 6.1° (11.31− 5.92)cos 6.1°sin 6.1°cos 6° (11.31− 5.92)cos 6.1°sin 6.1°sin 6°

(11.31− 5.92)cos 6.1°sin 6.1°cos 6° 11.31 sin2 6.1° + 5.92 cos2 6.1°(  cos2 6° + 8.63 sin2 6° 11.31 sin2 6.1° + 5.92 cos2 6.1° − 8.63( cos 6°sin 6°

(11.31− 5.92)cos 6.1°sin 6.1°sin 6° 11.31 sin2 6.1° + 5.92 cos2 6.1° − 8.63( cos 6°sin 6° 13.19 sin2 6.1° + 5.92 cos2 6.1°(  sin2 6° + 8.63 cos2 6°

⎡⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

⎤⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦.

(23)

By calculating, the primary rock stresses are

Px � 11.25MPa,

Pv � 6.01MPa,

Pz � 8.60MPa.

(24)

4.2. &e Solutions of Plastic Failure Zone Range S and Stress
Value of Floor Surrounding Rock. Here,

Kc �
2 × 2.2cos24°

1− sin24°( )
� 6.77,

Kp �
1+ sin24°

1−sin24°( )
� 2.37,

N �
6.77

(2.37−1)
� 4.94,

rp � 3.05×
((11.25+ 8.60) + 2×(6.77/(2.37−1)))

(2.37+ 1) × 4.94
 

1/(2.37−1)

� 4.65m.

(25)

Furthermore,

S �3.05×
((11.25+ 8.06) + 2×(6.77/(2.37−1)))

(2.37+ 1) × 4.94
 

1/(2.37−1)

−
2×(11.25−8.60)cos(2θ)

((11.25+ 8.60) + 2(6.77/(2.37−1)))(2.37−1)
× 3.05

×
((11.25+ 8.60) + 2×(6.77/(2.37−1)))

(2.37+ 1) × 4.94
 

1/(2.37−1)

,

S �3.05 ×
((11.25+ 8.60) + 2×(6.77/(2.37−1)))

(2.37+ 1) × 4.94
 

1/(2.37−1)

−
2×(11.25−8.60)cos(2θ)

((11.25+ 8.60) + 2×(6.77/(2.37−1)))(2.37−1)
× 3.05

×
((11.25+ 8.60) + 2×(6.77/(2.37−1)))

(2.37+ 1) × 4.94
 

1/(2.37−1)

.

σp
r �

6.77
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1
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· 4.652.37−1
+(2.37−1) × 4.652.37−2

f(θ) −
6.77

2.37−1
,

σp

θ � 2.37
6.77

2.37−1
 

1
3.05

 
2.37−1

· 4.652.37−1
+(2.37−1) × 4.652.37−2

f(θ) −
6.77

2.37−1
,

σp
y �

2.37+ 1
2

 
6.77

2.37−1
 

1
3.05

 
2.37−1

· 4.652.37−1
+(2.37−1) × 4.652.37−2

f(θ) −
6.77

2.37−1
.

(26)

When θ � 270°, it can be calculated that the radius of the
plastic fracture zone range is S� 5.26m, the floor failure
depth is 3.51m (the distance from the center of the
equivalent circular roadway to the actual floor is 1.75m), the
boundary radial stress peak value in the floor plastic failure
zone is σp

r � 5.02MPa, the boundary shear stress peak value
in the floor plastic failure zone is σp

θ � 18.65MPa, and the
boundary axial stress peak value in the floor plastic failure
zone is σp

y � 11.86MPa.

5. Conclusions

(1) +is paper takes the excavation roadway overall
surrounding rock as the research object and uses the
generalized plane strain problem and uniform
strength theory to derive for the equations of the
elastic-plastic zone stress together with the plastic
fracture range of the roadway floor surrounding rock
under three-directional in situ stresses.

(2) From the analysis of the influence of the stress en-
vironment to the roadway floor stability, it is con-
cluded that the horizontal stress component of the
roadway section should be avoided in accordance
with the maximum stress component in the three-
dimensional stress state, and the support strength of
the roadway floor should be increased when the
initial vertical stress is greater than the maximum
vertical stress, so as to ensure the safety and stability
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of the roadway floor surrounding rock. It is also
important to pay attention to the three-dimensional
stress state of the in situ stress to support the inclined
roadway, according to the stress distribution of the
surrounding rock and the distribution characteristics
of the plastic fracture, and the spatial position re-
lationship of the roadway should be combined to
guide the roadway floor heave to ensure the safety
and stability of the floor surrounding rock.

(3) From the mechanical analysis, the following con-
clusions are obtained: the range of the plastic failure
zone range of roadway floor rock mass is S� 5.26m,
the depth of the floor plastic failure is 3.51m,
the boundary radial stress peak value in the floor
plastic failure zone is σp

r � 5.02MPa, the boundary
shear stress peak value in the floor plastic failure
zone is σp

θ � 18.65MPa, and the boundary axial
stress peak value in the floor plastic failure zone is
σp

y � 11.86MPa. +e above information provides
a reliable mechanical reference for research on
prevention and control technology of the roadway
bottom drum.
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*is study relied on the treatment and construction process of the corridor hall-type large karst cave of Naqiu Tunnel, and field
tests and numerical simulation were carried out to investigate the stability of surrounding rock and treatment structures during
the tunnel excavation process. From the results of different excavation footages, both the displacement characteristics between
the backfill pile-bearing platform-retaining wall compound treatment structures with surrounding rock and the stress
changes of the initial support were analyzed. Combining with the field tests and simulation results, it can be obtained that
the compound treatment structure under the bias voltage has unequal leftward displacement and settlement. When the
distance to excavation surface gets closer, the bias effect will become greater on the horizontal displacement than on the vertical
displacement. Both the displacement and stress changes tend to be stable after the excavation is completed, which proves that
the treatment structure of the foundation, bearing platform, retaining wall, and lining structure on the steep slope section is
stable and effectively suppresses the effect of the surrounding rock bias voltage. All above conclusions can provide theoretical
basis and construction reference for similar projects.

1. Introduction

With the continuous development of infrastructure and
economic construction in Central China and Western
China, the transportation infrastructure has been developing
rapidly. In the construction of highways and railways in hilly
areas, it is necessary to build tunnels [1, 2]. It should be noted
that karst disasters are frequent in the central and western
regions, and the karst environment is various in different
regions. *e tunnel structure will be affected by both the
natural geological form and artificial excavation, which will
make the construction process more complicated and dif-
ficult [3, 4].

In recent years, research studies on the influence of the
karst cave on tunnel engineering have been carried out.
Mengjun et al. [5] used model tests and numerical simu-
lations to study the influence of the diameter ratio of the
karst cave and tunnel and the relationship between the

spatial position of the karst cave and tunnel geometry on the
displacement, stress, and stability of the surrounding rock.
Based on the karst tunnel project of the high-speed railway
segment, Yangchun and Xiaojun [6] used FLAC3D to
simulate the excavation stability of the tunnel with hori-
zontal karst caves. Yuanhai et al. [7] studied the effect of
karst caves on the stability of the surrounding rock for the
Dayaoshan Tunnel and compared the filling and grouting
reinforcement schemes when tunneling through the karst
caves. Based on the elastic-plastic theory, Xianju and
Mengtao [8] analyzed the stability of the surrounding rock
and support of the karst tunnel using finite element software.
Peiguo and Huajun [9] analyzed the large deformation of the
surrounding rock of tunnels through filled karst caves and
introduced themechanism of the initial arching foot to cause
the overall deformation of the tunnel and proposed the main
treatment measures. Shubin et al. [10] conducted a model
test for the tunnel excavation near the pressure-bearing
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chamber and obtained the stress-strain characteristics of the
key locations in the tunnel excavation process at a certain
cavity size and internal pressure.

*e above research is concentrated on medium and
small karst tunnels. However, the tunnel engineering re-
search for the superlarge corridor hall cave is not yet
thorough. It takes into account the development of a large
cavity invading the tunnel profile, backfill foundation in the
steep slope geological section, complex treatment structure,
and other special factors. *e stability analysis of complex
structures such as pile foundation on steep slope-retaining
wall-primary support and surrounding rock is still a major
problem to be studied. *erefore, the stability of wall rock
and complex treatment structures during the excavation of
extremely large karst tunnels is studied in depth in this
paper through numerical simulation and field testing,
taking the superlarge karst cave in the left line of Naqiu
Tunnel as the engineering background. On the one hand, it
verifies the rationality of the actual design and construc-
tion. On the other hand, it can provide guidance and
theoretical basis for the treatment and excavation of similar
karst tunnels.

2. Engineering Background

Naqiu Tunnel is located in Furong Town, Yongshun
County, Xiangxi, Hunan Province. It is a one-way double-
track tunnel with a total length of 2860m. *e superlarge
karst cave of the corridor hall type is located on the left line
K14 + 350–520. *e cave is 170m long and is basically
coincided with the direction of the tunnel. *e location of
the tunnel and cave is shown in Figure 1(a). *e sur-
rounding rock of the tunnel is composed of micro-
weathered limestone. It is a medium-thick layered structure
and belongs to Class III surrounding rock. Its destruction
form is dominated by falling blocks. *e karst cave is
basically developed and formed, and there are local sur-
rounding rock structures with poor stability. *ey belong
to Grade IV surrounding rocks and may produce small-
scale rockfalls. *e original landform of the karst cave is
shown in Figure 1(b).

According to the detailed geological survey report of
the karst section, three schemes for cave treatment were
put forward: bridge, line change, and backfill. From the
aspects of reasonableness, safety, environmental pro-
tection, easy construction, and low cost, technical
comparisons are considered. Specific backfilling geology
and hydrological conditions are considered as well. Fi-
nally, the backfilling scheme is selected [11, 12], as shown
in Figure 1(a).

For the special steep slope section of K14+385−K14+415,
it is also the focus of this study.*e average height difference
of the cave is 30m, and the width is relatively large. *e
impact of steep slopes on the backfills in different backfill
areas may produce large inhomogeneous deformation over
time and reduce the stability of the backfilling foundation. In
order to avoid the influence of vehicle load and structural
load and bias load of surrounding rock after excavation, the

backfill pile-retaining wall joint treatment scheme was
uniquely adopted on the basis of the backfilling scheme. *e
implementation of this program can enhance the stability of
the foundation. At the same time, it can form an integral
structure with the surrounding rock and tunnel structure to
better play the role of transmission load.*e specific scheme
is as follows.

As one of the supporting structures of the retaining wall
and platform, the pile foundation adopts a 1.5m× 1.2m
rectangular pile structure and is arranged at the steep slope
of the bottom of the cave. *e total number is 9, and the
length of the pile is between 20 and 30m. *e pile body is
applied as a retaining wall, and the layered backfilling of the
hole slag is carried out together. After reaching the elevation
of the pile top, the pile body is poured to form a lower
backfill-piled foundation roadbed; the vertical and hori-
zontal frame girder structure is laid below the C30 concrete
platform, and it is connected with the rock-socketed pile
foundation to form an integral structure.*e C30 reinforced
concrete retaining wall structure is laid on the left side of the
tunnel lining structure to support the bias effect caused by
the cave roof and the irregular surrounding rock excavation.
At the later stage of construction, the small cavity on the
right side of the tunnel lining is filled with C20 concrete
pumping, as shown in Figure 2.

3. Calculation Model and
Theoretical Parameters

As shown in Figure 2(b), the cross section of K14 + 385 is
selected as the study object in this paper. Based on the
backfill pile-retaining wall and initial support joint treat-
ment scheme, the section is modeled and calculated by
FLAC3D. According to the actual situation, the depth of the
tunnel is about 70m.*emodel uses the center of the tunnel
as the origin of coordinates. *e overall model is 120m wide
(x-axis, horizontal), 30m long (z-axis, axial), and 146.27m
high (y-axis, vertically radial). *e left and right model
boundaries are 50m away from the tunnel center con-
struction site. *e computational model is divided into
94080 elements and 99231 nodes. *e mesh is all hexahedral
elements, as shown in Figure 3.

*e Mohr–Coulomb constitutive model is used for the
material of surrounding rock and the backfill, and the elastic
model is used for the pile, bearing platform, and retaining
wall [13, 14]. According to the treatment scheme, geological
survey, and rock mechanics test, the material mechanics
parameters were determined, as shown in Table 1.

*e boundary condition used in this model is the dis-
placement constraint. *e bottom and four sides of the
model are fixed by the normal displacement. *e top surface
uses the free boundary. *e gravity acceleration is 10N/Kg,
and the lateral pressure coefficient is λ� 0.6. *e excavation
process was simulated according to the sequence of the
initial ground stress field→ displacement clearing→ full-
section excavation→ initial support→ next excavation,
which is carried out 10 times by using the “null” model in the
FLAC3D, and the loop footage is 3m.*e results are used to
analyze the stress and strain of the pile foundation, platform,
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retaining wall, surrounding rock, and initial lining structure
under different processes.

4. Calculation Results

4.1. Displacement Analysis of the Pile Foundation. Figure 4
shows the position of the plane pile foundation. According
to the simulation calculation, the displacement of the pile
top under different excavation distances is shown in Fig-
ure 5. A negative value indicates horizontally to the left
(or vertically downward), which is analyzed from the graph:

(1) *e horizontal and vertical displacements of the
three piles are all negative value; it proves that, after
the excavation of the tunnel, there is a bias pressure

from the surrounding rock, which makes the top of
the pile arise leftward horizontal displacement and
vertical settlement.

(2) *e displacement on the left side of the pile top is
slightly larger than that on the right side, the hori-
zontal displacement value of no. 3 pile after the end
of excavation reaches the maximum 1.79mm, the
vertical displacement of the pile foundation is much
smaller than the horizontal displacement, and the
maximum vertical displacement difference between
three pile foundations is 0.05mm. *erefore, the
effect of excavation on the horizontal displacement
of the pile foundation is much greater than that on
the vertical displacement.
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(3) As the excavation progresses, the horizontal dis-
placement of the pile foundation near the excavation
face is larger. As shown in Figure 5(a), the horizontal
displacement of no. 1 pile increased with construc-
tion progresses firstly. As the excavation proceeds,
the leftward displacement of nos. 2 and 3 piles starts
to increase, and when the excavation of the face is
completed, the horizontal displacement of the pile
top reaches its maximum. As shown in Figure 5(b),
the vertical displacement of the three piles increases
quickly in early construction and gradually begins to
reduce after the excavation of 9m, tending to the
fixed value of 0.13mm after the end of the excava-
tion.*e influence scope of overall excavation on the
pile foundation is 9∼10m (Figure 6).

4.2. Displacement Analysis of the Bearing Platform.
Figure 7 shows the layout of the monitoring point of the
bearing platform, where nos. 7 and 9-10 feature points are
located below the retaining wall. According to the simula-
tion results, the displacement of the monitoring point of the

bearing platform is shown in Figure 8, and the negative value
indicates horizontally left (or vertically downward), which is
analyzed from the graph:

(1) *e displacements of nos. 1–11 monitoring points
are all negative value, which means that the bearing
platform has a corresponding displacement under
the superstructure load and surrounding rock bias
pressure. In the later construction, it is necessary to
backfill the left cavity of the bearing platform.

Table 1: Mechanical parameters of surrounding rock and artificial structure material.

Material type Elastic modulus
E (GPa)

Poisson’s
ratio ]

Density ρ
(kg/m3)

Friction
angle φ (°)

Cohesive force
C (MPa)

Tensile/compressive
strength σ (MPa)

Constitutive
model

Surrounding
rock 5.0 0.3 2300 40 1.5 2.5 (tensile) M-C

Initial
support 25.5 0.27 2350 — — 15.4 (compressive) Elastic

Retaining
wall 29.5 0.2 2450 — — 20.1 (compressive) Elastic

Bearing
platform 29.5 0.2 2450 — — 20.1 (compressive) Elastic

Pile 29.5 0.2 2450 — — 20.1 (compressive) Elastic
Backfill 4.0 0.28 2200 35 1.5 2 (tensile) M-C

Karst cave (le�)

Tunnel (right)

Retaining wall foundation and bearing platform

8.8 m

Pile3#Pile1# Pile2#

Figure 4: Position of the pile foundation.

(a) (b)

Figure 3: Numerical analysis model.
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Figure 6: Vertical stress of the pile top. (a) Excavation of 9m. (b) Excavation of 24m.
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(2) *e vertical displacement of the bearing platform is
much smaller than the horizontal displacement, the
horizontal displacement of top nos. 4∼6 monitoring
points is larger than that of bottom nos. 1∼3, and the
horizontal displacements of the monitoring points 4,
7, and 8 in the same section are successively de-
creased. *e maximum horizontal displacement of
the bearing platform is 2.7mm, which appears on the
top right corner in no. 4 point.

(3) After the excavation, the influence of the sur-
rounding rock on the right side on the bearing
platform is more significant than the structure of the
retaining wall. When the distance to excavation
surface gets closer, the horizontal displacement of
the bearing platform will become greater. *e ver-
tical displacement of points 9 to 11 of the bearing
platform increased rapidly during the early stage of
excavation; the displacement peak is reached when
the excavation reaches 9m, and then it began to
gradually decrease and tends to the value of 0.22mm
with construction progress. It can be seen that the
impact of the construction on the vertical dis-
placement of the bearing platform is 9m.

4.3. Analysis of Retaining Wall Stress and Strain

4.3.1. Analysis of Retaining Wall Displacement. Figure 9
shows the layout of the retaining wall feature points.
Nos. 1–3 points are located at the intersection of the
retaining wall and surrounding rock, and nos. 4–6 points
are located at the middle of the right side of the retaining
wall. According to the results of simulation calculation, the
displacement of the monitoring point of the retaining wall
is shown in Figure 10. A negative value indicates that the
displacement is to the left (or vertically downwards), as
analyzed from the figure:

(1) *e displacements of the feature points are all
negative value, which reflecting the excavation
construction produces a bias pressure effect.
Meanwhile, it reflects that the retaining wall will play
a supporting role under the bias of the surrounding
rock.

(2) *e vertical displacement of the retaining wall is less
than the horizontal displacement, the horizontal
displacement of the upper part is less than that of the
middle part of the retaining wall, and the maximum
value is 1.45mm on no. 6 point; the vertical dis-
placement of the left side of the retaining wall is
smaller than that of the right side, and the maximum
value is 0.62mm, which appears at the intersection of
surrounding rock and retaining wall. Meanwhile, the
vertical displacement of the bottom is also less than
that of the other upper points.

(3) As the excavation progresses, the overall horizontal
displacement of the retaining wall also gradually
increases, and the displacement rate of the lower part
is greater than that of the upper part; at the same
excavation section, when the distance to excavation
surface gets smaller, the horizontal displacement of
the retaining wall will become greater, and the peak
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value is reached after the completion of excavation.
*e vertical displacement rapidly increases during
the initial period of excavation and reaches a maxi-
mum at 12m, and then it decreases and tends to
a constant value. It can be seen that the range of
influence of the construction on the vertical dis-
placement of the retaining wall is about 12m.

4.3.2. Stress Analysis of the Retaining Wall. Figure 11 shows
the stress changes of the retaining wall under four working
conditions. Negative values indicate compressive stress, and
positive values indicate tensile stress. *e following can be
seen from the figure:

(1) *e maximum value of vertical compressive stress
appears at the lower right corner of the retaining
wall, with a maximum value of 3MPa. At the same
time, the vertical compressive stress changes from
the initial 0.2MPa to the maximum 0.75MPa at the
top of the retaining wall.

(2) From the view of dynamic construction, the vertical
maximum compressive stress in the lower right
corner of the retaining wall is gradually moved
forward along the excavation direction, and the
stress value also increases as the excavation distance
increases and reaches the peak value when the ex-
cavation is completed.

(3) For the maximum compressive stress of the right
lower corner of the retaining wall, the construction
quality should be strengthened, and the stability of
the connection between the bottom of the retaining
wall and the bearing platform should be maintained.
Meanwhile, for the trend of displacement to the left

karst cave at the retaining wall, it is necessary to
backfill the left karst cave with a backpressure to keep
the overall structure stable after the completion of
the construction.

4.4. Displacement Analysis of Tunnel Surrounding Rock.
Figure 12 shows the displacement change of the surrounding
rock of the tunnel at the excavation section Y� 0, in which
the positive value indicates the horizontal direction to the
right (vertically upward) and the negative value indicates the
horizontal direction to the left (vertically down), as analyzed
from the figure:

(1) After excavation, the horizontal displacement of the
right side wall and right arch of the tunnel appears
convergent to the left with themaximum of 2.56mm.
*e rest of the monitoring points are horizontally
offset to the right, and the maximum rightward
displacement appears in the vault of 2.8mm.

(2) *e vertical displacement of surrounding rock is far
greater than the horizontal displacement, and there
is a large upward displacement of 4.5mm at the right
arch foot of the tunnel. *e vertical displacement of
the rest of the feature points is all settlement, and the
maximum of vertical settlement of 4.6mm appears
in the vault. *e settlement of the right arch waist is
larger than that of the left arch waist, which proves
that the supporting structure of the left retaining
wall plays a key role in suppressing the vertical
displacement.

(3) As the excavation progresses, the vertical and
horizontal displacements of each monitoring point
increase with the increase of excavation distance.
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Figure 10: Displacement of the retaining wall at different excavation distances: (a) horizontal displacement; (b) vertical displacement.
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Figure 11: Vertical stress change of the retaining wall under different working conditions: (a) excavation of 3m; (b) excavation of 12m; (c)
excavation of 21m; (d) excavation of 30m.
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Figure 12: Displacement of surrounding rock of the tunnel under different working conditions: (a) horizontal displacement; (b) vertical
displacement.
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After excavation of 15m, the change rate decreased
and gradually tended to stable. It can be seen that the
range of influence of tunnel excavation on the front
section is 15m.

4.5. Stress Analysis of the Initial Support. Figure 13 shows the
vertical stress of the initial support structure under different
tunneling footage. *e negative value represents the com-
pressive stress, and the positive value represents the tensile
stress, as analyzed from the figure:

(1) During the excavation process, the stress of the initial
lining support gradually increases with the increase
of the excavation distance. *e overall structure is
mainly presented as a compressive stress, and the
maximum compressive stress of 5MPa appears at
the support point on the right wall of the tunnel
and the right arch foot. *e compressive stress value
of the whole support is 1∼5MPa, which is far less
than the ultimate compressive strength of 15.4MPa
of C20 shotcrete, which indicates that the initial
support structure is safe and stable.

(2) From the results of the final stress, it can be seen that
there is a tensile stress of 1 to 2MPa at the right arch

position of the initial support structure, and at the
same time, there is a stress difference between each
section of support, so the quality of the connection
between the supporting structures in each cycle
tunneling footage should be enhanced. Meanwhile,
the quality and thickness of the initial support should
be increased in the stress concentration area of the
right side wall.

5. Field Test Analysis

5.1. StabilityTest andAnalysis of thePileFoundation. *e pile
top strain test adopted the JMZX-215A intelligent embedded
concrete strain gauge, and the strain gauge was placed on the
top of the main reinforcement of the pile to test the concrete
strain at the top of the pile before the pile was poured.
Figure 14 shows the test conditions of no. 2 pile foundation
below the field-retaining wall foundation:

It can be seen from Figure 14 that a negative strain value
was produced at the pile head, indicating that the super-
structure loads and the excavation have produced com-
pressive stress. In 1 to 10 days, small vertical strains of the pile
head were generated due to the concrete pouring of the
bearing platform. *e next 11∼25 days, the vertical strains of
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Figure 13: Vertical stress of tunnel surrounding rock under different excavation distances: (a) excavation of 3m; (b) excavation of 12m;
(c) excavation of 21m; (d) excavation of 30m.
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the pile head increased slowly as the concrete layered pouring
of the retaining wall. And the vertical strain rate of the pile
increased rapidly after 29 days, indicating that the upper
retaining wall structure was affected by the pressure subjected
to the surrounding rocks, and thus, the pressure of the bearing
platform and the pile head was also produced, whichmade the
strain of the pile increase rapidly. At the end of the excavation,
the vertical strain of the pile began to decrease gradually and
became stable with the completion of the construction, in-
dicating that the pile foundation structure was stable.

5.2. Stability Test and Analysis of the Retaining Wall. *e
stress test at the junction of the retaining wall and the
surrounding rock of the karst cave was based on the JMZX-
5010am intelligent pressure cell and the JMDL-3210A single-
point displacement meter. Figure 15(a) shows the test results
of 3 pressure cells in the front, middle, and rear of the top of
the retaining wall, while Figure 15(b) shows the test result of
the horizontal displacement meter in the middle point of the
retaining wall. Information available from Figure 15 is given
below.
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Figure 15: Pressure test of the retaining wall. (a) Relationship between retaining wall pressure and time. (b) Horizontal displacement in the
middle of the retaining wall.
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In Figure 15(a), when the excavation was carried out,
the surrounding rock pressure acting on no. 1 pressure cell
was increased rapidly, and the rate of change reached
0.15MPa/d and increased to 0.27MPa within 2 to 3 days. In
contrast, the pressure change of nos. 2 and 3 pressure cells
was lagging behind, and an obvious increment in the 8th
and 20th days started to generate. *e pressure values of all
the above three pressure cells tended to be stable finally,
indicating that the confining pressure was basically stable
after excavation. In Figure 15(b), the horizontal displace-
ments of the retaining wall increased totally as the exca-
vation distance increased. *e horizontal displacements at
the midpoint of the retaining wall structure during the
initial excavation were small but increased at a rate of
0.25mm/d as the excavation surface was approaching, fi-
nally slowed down, and tended to a stable value in the 18th
day. In summary, the maximum pressure of the retaining
wall of 0.33MPa and the measured leftward horizontal
displacement value of midpoint of 1.25mm are all smaller
than the simulation results. It can be seen that the stress
released by the stress redistribution of the surrounding
rock due to the surface excavation was small.

5.3. Structure Test and Analysis of the Initial Support.
JMZX-5040am dual-mode pressure cells were, respectively,
installed on the tunnel vault, tunnel arch (right), and right
side wall of the K14 + 400 section to test the pressure change
between the surrounding rock and the initial support.

As shown in Figure 16, after the initial support was
constructed, the pressure value of the lining increased with
the following excavation, and the change rate at the char-
acteristic point of the right side wall increased fastest and
reached a maximum value of 0.95MPa. *e pressure of the
tunnel vault acting on the lining structure had the minimum
value of 0.39MPa, which indicated that the right confining
pressure of surrounding rock had great influence on the

right side wall. *e bias pressures of the three measuring
points were far less than the ultimate compressive strength
of the initial lining, so we concluded the lining structure was
stable. Furthermore, the pressure change rate was almost
close to zero in the 28th day, indicating that the deformation
of the surrounding rock was stopped. From the above
analysis, the stability period of surrounding rock in this
tunnel section was inferred in 28∼30 days.

5.4. Displacement Test and Analysis of Surrounding Rock.
*e internal displacement of the surrounding rock test of the
K14 + 385 section was conducted using a JMDL-3210A
single-point displacement meter, and its specifications
were 1.5m, 2.5m, and 3.5m, respectively. *e settlement
test and convergence test of the tunnel vault were performed
with level measurement and a JSS30A aggregator, re-
spectively. As shown in Figure 17, a positive value represents
the displacement of the surrounding rock was biased toward
the inside of the tunnel, and a negative value indicated the
tunnel vault had a settlement and tended to convergence.

(1) Both the internal displacement and convergence of
the surrounding rock had a tendency of coming
toward the inside of the tunnel. *e displacement of
the surrounding rock at internal 1.5m was larger
than that at other two measuring points, which is
1.4mm, while the internal displacement of the
surrounding rock at 3.5m is the smallest, of
0.79mm, which indicates the closer the measuring
point near the loose circle, the bigger the displace-
ment of the measuring point would be, and vice
versa.

(2) *e displacement change rate of surrounding rock
during the initial stage of construction was relatively
large, and the change rate gradually decreases with
the passage of construction time. After the 22nd day,
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Figure 16: Displacement test of surrounding rock. (a) Change in surrounding rock and initial lining pressure of the K14 + 400 section. (b)
Site layout.
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the change of displacement of the whole surrounding
rock was basically zero, which indicated that sur-
rounding rock reached a stable state and the change
period of the surrounding rock displacement in this
section is 22∼25 days.

5.5. Comparison of Field Test and Calculation Simulation.
Comparison between field tests and numerical simulation
results is given in Table 2, and it shows the following:

(1) Compared with the results of field tests and nu-
merical simulations, the stress and strain change laws
of each structure during the excavation stage were
basically the same. *e displacement error was less
than 2mm, and the stress error was less than 1MPa.
*ere is a great agreement between the field test
results and simulation results.

(2) *e strain test results of the pile head were slightly
smaller than the simulation results. Meanwhile, there
was no large offset and settlement in the overall
structure of the site, which proved that the design of
the pile foundation was reasonable and applicable.

(3) *e pressure at the top of the retaining wall on the site
as well as the displacement at the midpoints was
smaller than the simulation results, indicating that the
actual surrounding rock pressure is lower than the
design value. At the same time, according to the on-
site observation, the roof of the karst cave had not
collapsed and become unstable after the treatment
structure construction, which verified that the sup-
porting effect of the backfill pile foundation-bearing
platform-retaining wall-combined supporting struc-
ture was good.

(4) Due to the relative lagging nature of the on-site
support process, the settlement and convergence
of the tunnel vault on-site were larger than the
simulation results by 1 to 2mm. Combined with the
results of the field test and numerical simulation,
there were no large displacement changes; thus, the
stability of the surrounding rock of the superlarge
karst cave was reflected as good from another point
of view.

(5) *ere may be no sufficient contact between the
pressure cell and the surrounding rock, which led to

5 10 15 20 25 30
0.00
0.25
0.50
0.75
1.00
1.25
1.50
1.75
2.00
2.25
2.50
2.75
3.00
3.25
3.50

Site test point (1.5 m)
Site test point (2.5 m)

Site test point (3.5 m)
FEM—horizontal
displacement of right arch

Time (d)

D
isp

la
ce

m
en

t a
fte

r e
xc

av
at

io
n 

(m
m

)

(a)

–6.0
–5.5
–5.0
–4.5
–4.0
–3.5
–3.0
–2.5
–2.0
–1.5
–1.0
–0.5

0.0
0 3 6 9 12 15 18 21 24 27 30

D
isp

la
ce

m
en

t (
m

m
)

Time (d)

FEM—the right side
wall convergence
Field test—the right side
wall convergence

FEM—vault
settlement
Field test—vault
settlement

(b)

Figure 17: Displacement test of surrounding rock. (a) Internal displacement of surrounding rock of the K14 + 385 section. (b) Dome
settlement and peripheral convergence of the K14 + 385 section.

Table 2: Comparison between field test results and numerical simulation results.

Field test results (max) Numerical simulation results (max)
Top pressure value of the pile 2MPa∼2.5MPa 2.5MPa∼3.5MPa
Pressure value between surrounding rock and
retaining wall 0.2MPa∼0.33MPa 0.5MPa∼0.75MPa

Settlement value of the vault 5∼6.5mm 4.6mm
Tunnel convergence value 1.0mm∼1.2mm 0.5mm
Displacement of the surrounding rock of the right
arch 0.79mm∼1.4mm 2.5mm

Initial support pressure value 0.95MPa 1MPa∼5MPa
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the result that both the pressure of the initial support
and the pressure of the surrounding rock were less
than the simulation results. *e maximum sur-
rounding rock pressure stress appeared on the right
wall on the site, which was far less than the ultimate
compressive strength of the design of the support.
Also, the deformation of the arch foot did not appear
in the field, which reflected the supporting effect was
good.

6. Conclusion

Both the characteristics and change laws of stress and strain
of the surrounding rock and treatment structures in the
superlarge karst cave of Naqiu Tunnel were discussed under
different excavation distances situation. *e following
conclusions can be drawn from the comparison between
field tests and numerical simulation:

(1) During the excavation, the top of the pile foundation
produced a larger leftward displacement under the
bias pressure of surrounding rock, which increases
with the excavation distance. *e vertical displace-
ment is less than the horizontal displacement and
gradually decreases after the excavation of 9m. *e
influence scope of overall excavation on the pile
foundation is 9-10m.

(2) *e bearing platform and the retaining wall also
produced a leftward displacement under the bias
pressure. *e effect of excavation on the horizontal
displacement is much larger than that on the vertical
displacement. A large stress concentration appears in
the lower right corner of the retaining wall, and the
stability of the connection between the bottom
structure of the retaining wall and the bearing
platform should be maintained during construction.
At the same time, to ensure the stability of the op-
eration in the future, backfill is needed for the left
karst cave in the later stage of construction.

(3) Compared with the horizontal displacement, the
vertical displacement of the surrounding rock
around the tunnel was greater, and the maximum
vertical settlement of 4.6mm appeared at the tunnel
vault. *e settlement of the tunnel arch (right) was
larger than that of the left arch, and it proved that the
left retaining wall support structure contributed
a restraining effect to the vertical displacement. With
the construction progresses, the horizontal and
vertical displacements became greater with the in-
crease of the excavation distance, and the rate of
change decreased and gradually became stable after
excavation of 15m; it can be referred the influence
scope of the surrounding rock excavation was 15m.

(4) *e maximum compressive stress value of the
supporting structure is far less than its ultimate
compressive strength, and the supporting effect is
proved to be good based on on-site testing and
observation.

(5) *e results of numerical simulation and field tests
proved that the combined treatment structure of
backfill pile foundation-bearing platform-retaining
wall initial lining structure in the steep slope was
stable and reasonable, and it can effectively restrain
the bias pressure effect of surrounding rock, which
can provide theoretical basis and construction ref-
erence for similar projects in the future.
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Laboratory and numerical study tests were conducted to investigate the dynamic indentation characteristics for various spacings
and indentation depths. First, laboratory tests indicate that the increase in the indentation depth first resulted in enlarged groove
volumes, caused by fiercer rock breakages between indentations for a fixed spacing; then, the groove volume slightly increased for
further increase in indentation depth, whereas the increase in spacing restrained rock breakages and resulted in shrunken grooves.
In addition, the numerical study agreed well with laboratory tests that small chips formed at the shallow part of the rock specimen
at the early indentation stage, and then, larger chips formed by the crack propagation at deeper parts of the rock specimens when
the indentation depth increased. With further increase in indentation depth, crushed powders instead of chips formed. Moreover,
the numerical analysis indicates that crack propagation usually leads to the decrease of the indentation force and the dissipation
of the stress concentrations at crack tips, whereas the cessation of crack propagation frequently resulted in the increase of the
indentation force and the stress concentrations at crack tip with the increase in indentation depth.

1. Introduction

Indentations by excavation tools have been widely used to
simulate the rock breakage process that determines the
indentation efficiency. Extensive field, laboratory, and nu-
merical studies indicated that cutting efficiency is affected by
many factors, including geological and machinery factors.
For the effect of geological factors (joint distributions,
confining stresses, and rock property) on cutting efficiency,
first, intermittent discontinuities widely distribute in rock
masses, thus, previous studies proposed that these discon-
tinuities in rock specimens significantly affect the in-
dentation efficiency because these discontinuities affect the
coalescence of the cracks in the rock [1–3]. Gong et al.
indicated that joint spacing significantly affects the rock

breakage mode and further influences the cutting efficiency
[4]. In addition, the laboratory tests by Yin et al. and Liu et al.
denoted that confinements significantly affect crack prop-
agation by indentations, and then further affect the in-
dentation efficiency [5, 6]. Ma et al. proposed in the
numerical study that an optimal confinement appears in the
indentation process for various confinements, based on
various crack propagation degrees [7]. Moreover, rock may
fail in a brittle manner or a ductile manner [8, 9] because of
the promoted crack propagation in rock with high brittle-
ness; Gong and Zhao indicated that cutting efficiency is
affected by the rock brittleness [10].

,e aforementioned studies indicated that indentation
efficiency is significantly determined by the crack propa-
gation caused by indentations. To promote rock breakages in
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target rock, extensive laboratory and numerical studies have
been conducted from a machinery point of view. Besides the
indenter shape and size, the indentation rate, and the loading
sequence, the spacing and penetration (indentation depth)
are the main machinery factors that may affect rock
breakages and cutting efficiency [11–15]. For instance, an
optimal spacing of 76mm was proposed by Gertsch et al. in
a laboratory study where a hard rock was tested [16]. Liu
et al. proposed in the laboratory tests that over, moderate,
and insufficient breakages sequentially occur with the in-
crease in spacing [17]. Moon and Oh proposed that the
optimal spacing-penetration (s/p) ratio is about 10 when the
indentation depth is 5mm [18]. Some other laboratory tests
also proposed similar conclusions based on the collected
chips and the consumed energy [19–22]. In the aforemen-
tioned studies, based on the formed groove volumes or chip
weight and the consumed energy, the optimal s/p ratios were
comprehensively studied. However, the dynamic crack
propagation that may determine the indentation force and
the chip formation for various s/p ratios has hardly been
investigated.

,us, in the present article, a series of indentation tests
on sandstone specimens, using half-sized indenters with
various spacings, was performed to investigate the dynamic
indentation characteristics for various s/p ratios. To further
study the internal crack propagation for various s/p ratios,
a numerical study based on the 2D Particle Flow Code was
conducted. ,e relation between crack stress concentrations
and fluctuations of indentation force was investigated. Fi-
nally, with the laboratory results, the optimal s/p ratios were
also discussed.

2. Laboratory Tests

2.1. Rock Samples and Test Preparation. Figure 1 shows the
sandstone specimens with the main mechanical parameters
in Table 1. ,ese specimens were cuboids with a length,

a width, and a thickness of 25 cm, 25 cm, and 10 cm, re-
spectively. According to previous studies, the size effect is
negligible when the ratio of the plastic zone depth to the
minimum depth of the sample is lower than 1/6. Based on
the equation of the plastic zone depth [5, 6], the plastic zone
depth was 1.9mm, whereas the minimum width of the
sample was 100mm. ,e aforementioned ratio was much
lower than 1/6. ,us, the size effect is negligible in the
present article.

According to the previous measures, applied to simulate
rock breakages in approximately practical conditions
[16, 22], specimens were cast by concrete in a holding mould
before indentations (Figure 1). After a curing process for 20
days, the indenters, containing two half-sized TBM blades
with three spacings of 60mm, 70mm, and 80mm, were
placed under the loading head (Figure 1). In the indentation
process, the indenter was displacement-controlled with
a relative rate of 0.5mm/min proposed by Liu et al. [6]. ,e
indentation force was recorded every few seconds by an
affiliated computer system.,en, the indentation energy can
be obtained by integrating the indentation displacement and
the indentation force. ,e blades were half-sized to ensure
the efficient rock breakages between blades; therefore, larger
indentation depths than those adopted in previous studies
were applied in the present article [6]. ,e corresponding
spacings and indentation depths are listed in Table 2. After

Concrete

Sandstone
specimen

Loading
head

Holding
mould

The half-sized
indenter

containing two
blades

Figure 1: Experimental preparation and the indenter.

Table 1: Main mechanical parameters of the rock samples.

Mechanical
parameters

Density
(g/cm3)

Elastic modulus
(GPa)

Poisson’s
ratio

Uniaixial compression strength
(MPa)

Tensile strength
(MPa)

Friction angle
(°)

Value 2.5 17.1 0.25 29.5 9.2 41.6

Table 2: Spacing and indentation depth in laboratory tests.

Spacing (mm) 60 70 80

Indentation depth (mm)

7 7 7
7.7 7.7 7.7
8 — —
8.3 8.3 8.3
9 — —
— 9.5 9.5
— — 10
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indentations, the chips and crushed rock powder were
collected and weighted. ,en, the groove volumes were
obtained by dividing the total weight of chips and the
powder by the sandstone density.

2.2. Laboratory Results. Groove volumes, influenced by rock
breakages, and indentation energy, determined by the in-
dentation force, are two factors, determining the indentation
efficiency.,us, these two factors are mainly discussed in the
following sections.

2.3. Rock Breakages in Laboratory Tests. Figure 2 depicts the
typical rock breakages when the indentation depths were
7mm, 7.7mm, and 8.3mm for a spacing of 80mm. ,e red
line in Figure 2(a1) depicts the fractured area when the
indentation depth was 7mm, and the green dash lines in-
dicated that many small chips formed at shallow parts of the
indented rock. ,erefore, Figure 2(a2) shows some large
chips and many small chips enclosed in the blue line and the
yellow line, respectively, formed. In addition, rock powders
that may result from crushing were collected. When the
indentation depth increased to 7.7mm, the fracture area

(a1) (a2)

(b1) (b2)

(c1) (c2)

Figure 2: Rock breakages for the spacing of 80mm when the indentation depths were (a1, a2) 7mm, (b1, b2) 7.7mm, and (c1, c2) 8.3mm.
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denoted by the red line increased between the blades
(Figure 2(b1)). Additionally, Figure 2(b2) shows that the
chips also consisted of large chips, small chips, and rock
powders. However, the proportion of the powder may have
increased because of the increased crushing. When the in-
dentation depth further increased to 8.3mm, the breakage
area further increased. ,is increase further contributed to
the formation of the large chips and rock powder. It can be
concluded that chips between indentations consist of large
chips, small chips form at shallow rock, and rock powder
caused by crushing. In addition, with the increase in in-
dentation depth, many large chips form. Simultaneously,
more rock powders form by the promoted crushing. ,us,
rock breakages are promoted with the increase of the in-
dentation depth, and this inference is affirmed by the curves
in Figure 3. It is interesting to note that groove volumes first
significantly increased and subsequently slightly increased
with the increase in indentation depth when the spacings
were 70mm and 80mm.

,e typical rock breakages for increasing spacings, when
the indentation depth was fixed, are depicted in Figure 4.
When the spacing was 60mm, Figure 4(a) shows that fierce
rock breakages occurred and formed many irregular small
chips. When the spacing increased to 70mm, the rock
breakage degree was restrained. However, effective crack
incisions denoted by red lines were observed (Figure 4(b)).
When the spacing further increased to 80mm, rock breakage
degree was further restrained with shrunken fracture area
and less effective crack incisions. Similar phenomena for
increasing spacings were reported by Liu et al. [17].

2.4. Indentation Force and Energy in Laboratory Tests.
Indentation energy, obtained by integrating the indentation
force and the displacement, is the other critical factor that
determines the indentation efficiency. Figure 5 depicts the
typical indentation force-depth curve. At the early

indentation stage, a slight increase of the indentation force,
resulting from the compaction of the rock beneath the
blades, was observed with the increase in indentation depth.
With further increase in indentation depth, the increasing
tendency of the indentation force was accelerated at the
middle indentation stage. ,e rock under the indenters was
highly compacted at the middle indentation stage; thus, the
indentation force for a unit increase in indentation depth is
increased. When the indentation depth increased to about
5.9mm, the first peak point of the indentation force, fol-
lowed by a sudden drop, was observed. After the sudden
drop of the indentation force, relatively moderate increases
and sudden drops of the indentation forces were observed.
In other words, fluctuations of the indentation force oc-
curred. ,ese fluctuations that may relate to the crack
propagation were also observed in previous studies [6]. After
the integration of the indentation force and the indentation
displacement, the consumed energy for various indentation
tests is depicted in Figure 6. ,e fitted curves indicate that
indentation energies approximately increased with the in-
crease in indentation depth. Figure 6 also shows that the
indentation energy increased with the increase in spacing
when the indentation depth was relatively low. ,e less
impair effect on the rock integrity for the longer spacing,
exerted by the adjacent indentation, may properly verify this
phenomenon.

3. Numerical Tests

,e above laboratory tests indicate that rock breakages
between indentations consisted of large chips, small chips at
shallow parts, and crushed powders. In addition, the in-
dentation force fluctuated with the increase in indentation
depth. However, due to the limit on laboratory equipment,
the dynamic chip formation process, hardly reported in
previous studies, has not been properly studied. In addition,
the relation between chip formation and fluctuations of the
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Figure 3: Groove volumes.
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indentation force remains unclear. Moreover, the previous
study showed that the practical cutting condition can be
simplified into the plane strain condition [7]. Corre-
spondingly, the indentation problem can be reasonably
simplified as a 2D plane strain [7]. ,us, a widely used DEM
code, PFC 2D, was applied to discuss the above problems.

In the numerical simulations, the rock breakages, caused by
crack propagation, and the fluctuations of the indentation
forces were discussed.

(a) (b)

(c)

Figure 4: Rock breakages for the indentation depth of 7.7mm when the spacings were (a) 60mm, (b) 70mm, and (c) 80mm.
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3.1. Numerical Model and Preparation. ,e length and
height of the numerical model, consisting of 48530 particles,
were 250mm and 100mm, respectively (Figure 7). In an
actual rock, shear, tensile, and bending stresses are likely to
act on the bonds between particles. ,us, parallel bonds that
are capable of resisting shear, tension, and moment were
installed between particles. Before indentations, a calibration
of the uniaxial compression test was performed according to
the previous calibration of rocks [23]. ,e micro- and
macromechanical parameters are listed in Table 3. According
to the specifications listed in Table 2, three series of in-
dentation tests for the spacings of 60mm, 70mm, and 80mm
were performed. In these simulations, the indenters were also
displacement-controlled with a rate of 0.5mm/min. Previous
studies indicated that the concentrated stresses, leading to
strain concentrations, are responsible for the crack initi-
ation and propagation in rock specimens [24, 25]. ,ere-
fore, to monitor the stress evolution in the indentation
process, 10,000 measure circles with a radius of 1mm were
installed in the specimens (Figure 7). To accurately measure
the stresses, including the horizontal stress, the vertical
stress, and the shear stress, the measure circles overlapped
with adjacent ones. We could characterize the tensile crack
propagation by tracking the positive maximum principle
stress:

σmax �
σh + σv

2
+

�������������

σh − σv
2

 
2

+ τ2


, (1)

where σmax is the maximum principle stress, σh and σv are
the horizontal and vertical stress, and τ is the shear stress.

3.2. Numerical Results

3.2.1. Rock Breakages in Numerical Tests. Rock breakages for
various spacings and indentation depths are listed in Table 4.
,e broken particles are drawn in red by applying a self-
written fish function. When the spacing and indentation
depths were 70mm and 5mm, small chips formed at shallow
surface of the specimen.With further increase in indentation
depth to 7mm, an internal crack connected the adjacent
plastic zones; simultaneously, a larger chip was formed by
this crack connection. When the indentation depth further
increases to 9mm, internal cracks slightly propagated in
the rock; however, the enlarged plastic zones filled with
crushed particles, instead of the crack coalescence causing
chips, were observed. Similar phenomena are observed for
spacings of 60mm and 80mm when the indentation depth
increases.

,e above numerical results agree well with the labo-
ratory tests that rock breakages consisted of large chips,
small chips, and rock powders, and it can be further con-
cluded that small chips form first, and then large chips form
by crack coalescence with the increase in indentation depth.
With further increase in indentation depth, the enlargement
of the plastic zones, resulting in more rock powders in
laboratory tests instead of the effective crack coalescence,
may occur.

Rock breakage areas for various spacings and in-
dentation depths are drawn in Figure 8. For the spacings of
70mm and 80mm, small increases of the breakage areas that
may result from the continuous expansion of the crushed
zones were observed when the indentation depths were

Table 3: Micro- and macrosynthetic parameters.

Microparameters Values Macroparameters Value
Minimum radius (mm) 0.3

Uniaxial compression stress, UCS (MPa) 28.3Rmax/Rmin 1.66
Particle contact modulus (GPa) 9.5
Particle normal/shear stiffness 2.5

Young’s modulus, E (GPa) 2.2Friction coefficient 0.5
Parallel bond modulus (GPa) 19.5
Parallel normal/shear stiffness 2.5

Poisson ratio 0.23Parallel bond normal strength (MPa) 16.7
Parallel bond shear strength (MPa) 17.8

Spacing

250 mm

10
0 

m
m

Overlapping
measure circles

Parallel
bonds

Particles

Figure 7: Numerical model and preparation.
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relatively low. ,en, because of the formation of the large
chips by crack connections, the rock breakage areas sig-
nificantly increased when the indentation depth increased.
With further increases in indentation depth, smaller in-
creases of the breakage area, resulting from the enlargements
of the crushed zones, were observed. A similar small increase
of the breakage area for the spacing of 60mm when the
depth was higher than 6mm was observed. ,us, it can be
concluded that effective breakage occurs when a critical
indentation depth is reached, and then the further increase
in indentation depth may fail to increase the chipping.

3.2.2. Indentation Force and Energy. Indentation force
curves in Figure 9 indicate that the averaged indentation
force rapidly increased at the early indentation stage. ,e
tightly compacted numerical specimen, containing few
pores for the further compaction at the early indentation
stage, may be responsible for the slight difference from the
slightly increased indentation force in laboratory tests. ,is
rapid increase of the indentation force was also observed in
the previous numerical study [26]. When the indentation
depth reached 0.8mm, the first peak point of the indentation
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Table 4: Rock breakages for various spacings and indentation depths.

Spacing is 60mm Spacing is 70mm Spacing is 80mm

Indentation depth is 5mm —

Indentation depth is 6mm

Indentation depth is 8mm

Indentation depth is 9mm

Indentation depth is 10mm — —
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force, P1, was observed on the indentation force curve for
the spacing of 60mm. ,en, with further increase in in-
dentation depth, three bottom points, which were B1, B2,
and B3 and two peak points, which were P2 and P3, were
observed for the indentation depths of 2.4mm, 5.1mm,
7.2mm, 8.1mm, and 8.3mm, respectively. Similar tendencies
of the indentation force were observed for the other spacings.
,us, the above descriptions show that the characteristics of
indentation force agree well with laboratory tests.

,e accumulated indentation energy for various spac-
ings and indentation depths shows that indentation energy
was approximately linear to the indentation depth (Figure 10),
and similar results were obverted in laboratory tests.

4. Discussions

4.1. Relation between Chip Formation and Indentation Force
Characteristics. In the above descriptions, similar chipping
characteristics and fluctuations of indentation forces were
observed in both numerical and laboratory tests. However,
the relation between the chip formation and force fluctu-
ations remains unclear.

,erefore, to further investigate the relation between
indentation force and crack propagation, the crack propa-
gation conditions at these peak and bottom points for the
spacing of 60mm are shown in Figure 11 where tensile
and shear microcracks are depicted in black and red, re-
spectively. Two plastic zones with slightly developed cracks
that may result from the increasing indentation force in
Figure 9 formed beneath indenters when the indentation
depth reached 0.8mm.When the indentation depth increased
to 2.4mm, cracks enclosed by red ellipses in Figure 11(b)
indicate that cracks significantly propagated in the decrease
process of indentation force (Figure 9). ,en, when the
indentation depth further increased to 5.1mm, the inden-
tation force significantly increased. However, limited crack

propagation in Figure 11(c) was observed. With the further
increase in indentation depth to 7.2mm, the decrease of
indentation force in Figure 9 was accompanied with sig-
nificant crack propagation in Figure 11(d). With the crack
propagation in Figures 11(e) and 11(f), and the fluctuations
of the indentation force in Figure 9, it can be concluded that
crack propagation is accompanied with the decrease of
indentation force, whereas the increase of indentation force
hardly causes crack propagation.

,e stress evolution in the indentation process in Figure 12
may relate to the above force fluctuations and crack propa-
gation. At the early indentation stage, shear stress concen-
trations formed beneath the indenters, and simultaneously,
the tensile stress concentration with the maximum tensile
stress of 4.5MPa located at the rim of the plastic zone and
overlapped with the tips of the short cracks (Figure 12(a)).
,en, when the tensile or/and shear stress reached the bearing
capacity (the shear or tensile strength) of the bonds, cracks
initiated and propagated. In the propagation process, both shear
and tensile stress concentrations diminished in Figure 12(b).
Simultaneously, small chips, enclosed in the green rectangle
in Figure 11(b), formed. With the stress concentrations
(Figure 12(a)), it can be inferred that these small chips may
form by both shear failure and tensile failure. ,e magnified
area in Figure 11, where the black and the red microcrack
represent the tensile and the shear failure, verifies that these
chips formed by both shear and tensile stress concentrations.
However, due to the relatively large distance between adjacent
plastic zones, the internal crack, also initiating from the shear
and tensile overlapping zones, failed to connect these plastic
zones. Simultaneously, the crack propagation significantly
impaired the firm contacts between the indenters and the
particles; therefore, the indentation force dramatically decreased.
In addition, the overlaps of the tensile concentration zones
and the crack tips indicate that the positivemaximumprinciple
stress can successfully track the crack propagation.
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With further increase of indentation depth to 5.1mm,
crack propagation ceased, thus, the contacts between the
indenters and the particles were strengthened, leading to the
increase in indentation force. Simultaneously, the shear and

tensile stress concentrations developed because of the in-
crease in indentation force and the cessation of the crack
propagation. ,erefore, obvious tensile concentration zones
with the maximum tensile stress of 4.8MPa formed at the
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Figure 11: Crack propagation at peak and bottom points: (a), (b), (c), (d), (e), and (f ) are the crack propagation conditions at P1, B1, P2, B2,
P3, and B3.
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crack tips (Figure 12(c)). When the tensile and/or shear
stress reached the bearing capacity again, similar cracks
propagation, leading to the large chip formation in deeper
rock and accompanied by the drop of the indentation force
and dissipation of stress concentrations, occurred (Figures 9
and 12(d)). Similar phenomena of crack propagation, in-
dentation force variation, and stress evolution were observed
with further increase in indentation depth.

,us, it can be concluded that shear and tensile stress
concentrations are responsible for both small and large chip
formations. Usually, crack propagation leads to the sharp
force drop and the stress dissipations at crack tips. ,en,
crack propagation ceases when the concentrated stress is not
high enough for crack propagation. ,e cessation of the
crack propagation leads to the rock compaction beneath
the indenters with further increase of indentation depth. In
the compaction process, the indentation force increases and
promotes the stress concentrations around the plastic zones
and the crack tip. When the stress concentrations increase to
a certain degree, cracks propagate. Another cycle, charac-
terized by crack propagation and cessation, indentation
force fluctuations and stress concentrations and dissipations
will be observed with further increase of indentation depth.
In addition, small chips form at shallow parts at the early
indentation stage, then, the accumulation of the internal
cracks forms the large chip. With further increase in in-
dentation depth, the internal crack propagation may fail to
form additional chips. ,is conclusion may verify why the
groove volume slightly increases with the increase in in-
dentation depth that is higher than some values (Figures 3
and 8).

4.2. Indentation Efficiency. ,e specific energy is an efficient
indicator, charactering indentation efficiency. In the present

article, because the numerical study was conducted in
a plane condition, the specific energy can be expressed in two
forms [17]:

SV �
W

V
,

Sa �
W

A
,

(2)

where SV and Sa are the specific energy for laboratory and
numerical studies, respectively, W is the indentation energy,
V is the groove volumes in laboratory tests, and A is the
breakage area in numerical tests.

,e calculated specific energy for various spacings and
indentation depths are drawn in Figure 13. ,e laboratory
results indicate that the specific energy first decreased with
the increase in indentation depth. ,ese decreases denote
that indentation efficiency was promoted by the increased
indentation depth. However, the specific energy sub-
sequently increased with the further increase in indentation
depth when the depth was higher than a critical value. ,e
decrease and increase of the specific energy with the increase
in indentation depth indicate that an optimal indentation
depth for the specific spacing existed. When the spacing
increased from 60mm to 80mm, the optimal indentation
depth increased from about 7.7mm to 9.5mm. ,us, the
optimal spacing-to-indentation (s/p) ratio ranges from 7.8 to
8.4 in the laboratory tests. With the optimal s/p ratios re-
ported in previous studies [14–16], the smaller optimal s/p
ratios in the present article may result from the shrunken
indenter size.

In numerical studies, a similar tendency of the specific
energy was observed when the spacing was 60mm. ,e
optimal s/p ratio was about 10. When the spacing increased
to 70mm and 80mm, an increase in the specific energy
occurred before the decrease. ,ese increases may result
from the limited chipping area of the small chips, and the
increased indentation energy before large chip formation.
When the indentation depth further increased, the large chip
formation led to the decrease of the specific energy (Table 4).
,en, the continuous indentation, consuming much in-
dentation energy and generating few chips, resulted in the
increase of the specific energy. Similarly, for various spacings
in numerical studies, the optimal s/p ratio, ranging from 8.8
to 10, was also slightly lower than those reported. ,e
shrunken indenter size may be responsible for these lower
ratios.

It can be concluded from above analysis that the in-
creased spacing results in the increase of the optimal in-
dentation depth. ,e effective crack connections between
indentations are responsible for the increased indentation
efficiency.

5. Conclusions

To investigate the dynamic indentation characteristics for
various spacings and indentation depths, laboratory and
numerical indentation tests were conducted. ,e results
indicate that small chips formed at the early indentation
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stage. ,en, large chips, resulted from crack coalescence,
formed when the indentation depth was large enough. With
further increase in indentation depth, few chips formed.
,erefore, an optimal indentation depth existed for the
specific spacing. However, the s/p ratio ranged in a limited
scope. In addition, the crack propagation that weakened the
contact between the indenter and the specimen resulted in
the stress dissipations at crack tips and the drop of the
indentation force, whereas the cessation of the crack
propagation led to the stress concentration with the increase
in indentation depth.
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*e macroscopic deformation and failure of engineering rock mass may occur as a result of evolution and breakdown of its
internal microfracture. *erefore, the macroscopic state of rock mass can be obtained from fracture scale of microfracture in real
time. To assess instability and predict macroscopic deformation and failure of engineering rock mass, a time-frequency analysis
technique based on S transform was proposed to investigate microseismic waveform and reveal the correlation between
macroscopic deformation failure and microseismic frequency characteristics of engineering rock mass in combination with
fracture scale. To minimize the influence of external factors on parameters calculated, a significant amount of microseismic data
from three large-scale hydropower projects in southwestern China was collected as the statistical sample. *e analysis of
correlation between fracture scale and frequency characteristics of microseismic events was carried out based on the statistical
sample. Combining with microseismic data and multipoint extensometers in the underground powerhouse of the Houziyan
hydropower station, engineering verification was conducted. *e result shows that the high-frequency components decrease and
microseismic signals display low-frequency characteristic as the fracture scale increases; the microseismic high-frequency
components decreased at first and then increased during the deformation process of surrounding rock mass, and the frequency of
microseismic events shifts from high band to a lower one before deformation.

1. Introduction

*e occurrence and development of rock microfracture
release energy in the form of elastic waves, that is, acoustic
emissions (AEs) or microseismicity (MS). Researches show
that each AE or MS contains abundant seismic source in-
formation.*e analysis of AE/MS can reveal the evolution of
the cracks occurred inside the rock masses and then serve as
the judgment basis for the internal damage of the rock
masses [1–3].

*e analysis methods of AE/MS include the parameters
analysis method and waveform analysis method [4]. Pa-
rameters analysis method analyzes the source characteristics
by statistical parameters of the signals, such as event rate,

number of events, energy rate, and b-value, which are widely
used in the experimental study of AE. Zhang et al. [5] studied
the AE characteristics of rock failure under uniaxial mul-
tilevel loadings by statistical parameters of the signals, such
as AE event rate, number of events, and energy rate. Li et al.
[6] revealed the relationship among number of AE events,
event rate stress, and the time of uniaxial compression
experiment. Li et al. [7] found the changing trend of the
b-value of AEs and their spatial distribution of the fractal
value with stress level in the processes of rock failure under
uniaxial loading.*e researches above have made significant
progresses in the mechanism of rock failure, but these
parameters only describe a single characteristic of the signal,
providing insufficient information about the source
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characteristics and making great casualness in the choice of
parameters [4, 8]. Waveform analysis method uses signal
processing methods to analyze the recorded waveform in
time domain and reveals the seismic source information.
*e AE/MS signal can be defined as an instantaneous
elastic wave [5]. Waveform analysis method can thus reflect
the failure information of rock mass in real time. In the
propagation process, the amplitude and duration of the
waves are uncertain due to the attenuation, superposition,
and interference. However, the frequencies of the waveforms
still keep intrinsic characteristics and uniqueness [9] and are
more stable [10]. Different frequency characteristics can
reflect the different failure processes within the rock mass
[11]. Some scholars have conducted extensive studies on the
frequency characteristics of AE signals of rock. *e indoor
rockburst test of limestone has been conducted by He et al.
[12] to study the frequency characteristics of AE signals
before the occurrence of rockbursts. Lu et al. [13] analyzed
the frequency-spectrum evolvement rule of AE signals in the
entire processes from deformation to fracture by testing the
compound coal-rock samples obtained from the Sanhejian
coal mine. Li et al. [14] studied the AE frequency charac-
teristics of four kinds of rock under seepage and without
seepage by the indoor uniaxial compression experiment.*e
frequency characteristics of signals in earthquake and MS
monitoring are also concerned by researchers. Neuberg et al.
[15] proposed the use of low-frequency earthquakes for
volcanic eruption prediction by studying low-frequency
earthquakes in volcanic earthquakes and their induced
mechanisms. By analyzing the MS monitoring signals prior
to and after rockburst, Lu et al. [16] pointed out that the
frequency spectrum of the picked-up signals changed from
multipeak to single peak before rockburst and the low-
frequency component of signals increased significantly. It
is also suggested that the low-frequency phenomenon can be
used to predict rockburst. *e time-frequency analysis of
rockburst and blasting vibration signals in mine MS mon-
itoring have been conducted by Zhao et al. [17] to identify
the different waveforms. *e researches above mainly focus
on single-frequency characteristics. However, few studies
have been done on seismic source mechanism combining
seismic source parameters and frequency characteristics of
MS events obtained from engineering rock mass.

*e present study adopts the time-frequency analysis
technique based on S transform to process a significant
amount of pickup waveforms of MS events obtained from
three hydropower projects in southwestern China. *e cor-
relation between source fracture scale and frequency char-
acteristics ofMS events was analyzed.*e evolution regularity
of MS signals frequency during the surrounding rock mass
deformation was carried out compared with the results of the
multipoint extensometers in the region of MS events con-
centration. Some reference can be provided for the stability
analysis and hazards prediction of engineering rock mass.

2. Waveform Analysis Method

*e waveform analysis methods such as fast Fourier
transform (FFT) [18], short-time Fourier transform (STFT)

[19], and wavelet transform (WT) [20] are commonly used
in the signals of indoor AE and on-site MS monitoring [4].
FFT is a conversion tool to transform signals from time
domain to frequency domain, but it does not have locali-
zation ability in time domain and cannot accurately describe
the frequency characteristics of nonstationary signals. *e
STFT can analyze the signals in the time-frequency domain
under the selected window function and time width, but its
window width is fixed. *erefore, it is still not able to
overcome the limitation of FFT in the nonstationary signals
analysis, and the choice of window function and analysis
time width plays a significant role on the result of signals
analysis. *e WT is to decompose the signals at different
scales by the selected wavelets function, and it can de-
compose nonstationary signals. However, the WT de-
composes one-dimensional signals into time-scale domains
rather than time-frequency domains, which cannot provide
intuitive time-frequency characteristic. Moreover, the se-
lection of wavelet function and analysis scale has a great
influence on the analysis result, resulting in the limitation of
WT in time-frequency analysis of MS signals.

S transform (ST) is a time-frequency analysis method
proposed by geophysicist Stockwell in 1996 [21]. It can be
defined as

S(τ, f) � 
∞

−∞
h(t)

|f|
���
2π

√ e
− (τ−t)2f2/2( )e

−i2πft
dt, (1)

where τ is the time, which controls the position of the
window function on the time axis, h(t) is the analysis signals,
f is the frequency, and S(τ, f) is the ST-time spectrum
matrix after transformation.

ST can be written in the form of Fourier spectrum H(f ):

S(τ, f) � 
∞

−∞
H(α + f)e

− 2π2α2/f2( )e
i2πατ

dα f≠ 0 (2)

With regard to discrete signals, Fourier spectrum can be
obtained by the following formula:
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  �
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N



N−1
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h[kT]e

−(i2πnk/N)
, (3)

where k� 0, 1, . . ., N− 1 represents discrete time points, N is
the discrete signal length, and T is the sampling time interval.

For discrete signals, assuming f � n/NT, τ � jT, the S
transform of the final discrete signal can be expressed as

S jT,
n

NT
  � 

N−1

m�0
H

m + n

NT
 e

− 2π2m2/n2( )e
(i2πmj/N)

n≠ 0.

(4)

Compared with STFT, ST overcomes the defect of
window time width invariability and can self-adaptively
adjust the analysis time width according to variation of
frequency. ST can provide intuitive time-frequency char-
acteristics without selecting window functions and analysis
scales [19–21]. Owing to these advantages, ST has been
widely used in time-frequency analysis of signals. In the
present study, ST time-frequency analysis technology is
adopted for MS signals waveform analysis, which can
provide a new idea for waveform analysis.
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*e MS signals are transformed by ST as shown
in Figure 1, in which the amplitude is normalized amplitude.
Figure 1(a) shows the time-domain waveform of MS signals.
Figures 1(b) and 1(c) are the time-frequency spectrum and
time-frequency amplitude spectrum of the signals, re-
spectively. *e MS signal frequency parameters have been
marked in Figure 1(b). *e dominant frequency is the
frequency band which high-amplitude part of the time-
frequency distributes, and the center of the dominant fre-
quency band is the center frequency.

3. Correlation between Fracture Scale and
Frequency Characteristics of MS Signals

3.1. Processing of MS Monitoring Data. *e elastic waves
released from rock fractures will suffer from attenuation
due to the complexity of the media in the propagation
processes. *us, there are some deviations in the calcula-
tion of seismic source parameters of single MS event.
However, when the number of statistical samples increases,

the differences caused by such attenuation and manual
handling will be minimized as much as possible [22]. In
order to minimize the influence of attenuation in the
propagation of MS signals, the waveforms with the largest
amplitude channels are selected for waveform analysis.
According to the above reasons, the relationship between
fracture scale and frequency characteristics of picked-up
signals is statistically analyzed based on the abundant MS
data obtained from the left bank slope of the Jinping first-
stage hydropower station during excavation [23] and im-
poundment [24], the underground powerhouse of the
Houziyan hydropower station [25, 26], and the un-
derground powerhouse of the Baihetan hydropower station
[27]. *e numbers of statistical samples for each research
object are shown in Table 1.

3.1.1. Fracture Scale. *e MS monitoring systems produced
by ESG Corporation, Canada, are adopted for each research
object in Table 1. Based on the assumption of ring fault
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Figure 1: Results of MS signals after ST: (a) the time-domain waveform of MS signals, (b) time-frequency spectrum, and (c) time-frequency
amplitude spectrum.

Table 1: Statistical sample of research objects.

Research objects Statistical time (d) Number of MS events
*e left bank slope of the Jinping Excavation 91 300
First-stage project Impoundment 82 172
*e underground powerhouse of the Houziyan project 92 347
*e underground powerhouse of the Baihetan project 51 267
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plane, the source fracture zone is equivalent to a disk with
a radius of r, which represents the rupture scale at the focal
point, namely, seismic source radius [28, 29]. MS moni-
toring system can effectively capture microfractures prior to
macroscope deformation and failure of rock mass. *e
seismic source radius of MS events will show an increasing
trend before the rock mass deformation and failure [30].
*erefore, the variation of seismic source radius can reflect
some characteristics of macroscope deformation and failure
of rock mass. However, the calculation of seismic source
radius may be inaccurate due to attenuation and superpo-
sition of signals and artificial waveform processing, in
particular, when the seismic source radius of MS events in
short-time periods and small areas are selected for predicting
the deformation and failure of rock mass. More stable
frequency parameters of MS signals are used as early
warning indicators in the present study. *e prediction may
be realized through establishing the relationship between
signal frequency and deformation and failure of rock mass
based on the seismic source radius.

*e Madariaga model [29] is used to calculate the seismic
source radius parameters. Field observations at the Strathcona
mine in Canada show that compared to the Brunemodel [28],
the calculated value using the Madariaga model is more
suitable to practical engineering [31]. Its expression is

r0 �
Kcc

2πfc
, (5)

where Kc is a constant determined by the seismic source
model and is a function of the angle between the perpen-
dicular of the fault plane and the source-sensor ray. When
the fault plane is undetermined, Kc � 2.01 for the P wave
andKc � 1.32 for the S wave. c is the velocity of the P wave or
S wave in the seismic source region, and fc is the corner
frequency. Its formula [32] is

fc �
1
2π

�����������


∞
0 V2(f)df


∞
0 D2(f)df




, (6)

where V2(f) and D2(f) are the velocity power spectrum and
displacement power spectrum of the particle, respectively.

3.1.2. Waveform Processing. *e ST time-frequency anal-
ysis technique can convert the one-dimensional signals
into the time-frequency spectrum in the time-frequency
domain and describe the temporal variation rule of the
signal frequency. *e energy of the MS signal is usually
distributed in multiple frequency bands, and the ST

technique can accurately distinguish the frequency com-
ponents contained in the MS pickup signals. For instance,
a MS event and its time-frequency spectrum based on the
ST technique at the left bank slope of the Jinping first-stage
hydropower station during impoundment at 0:30 on
August 29, 2014, are shown in Figures 1(a) and 1(b). *e
four highlighted areas in the time-frequency spectrum
reflect that the waveform mainly contains four frequency
components. *e main frequency ranges of the four re-
gions are calibrated in the time-frequency domain, and the
center frequency of each region are calculated as shown in
Table 2.

*eMS signals of each engineering project in Table 1 are
processed by the abovementioned method. Seven hundred
and ninety-eight, 641, 855, and 495 frequency samples are
obtained for the Jinping first-stage project during excavation
and impoundment, Houziyan project, and Baihetan project,
respectively.

3.2. MS Monitoring Data Analysis. As we know, AE/MS
signals with different fracture scales have different fre-
quency ranges [33]. With regard to natural earthquake,
large-scale deformation and failure occur in large-scale rock
mass under the action of the geological structure. *e fre-
quencies of seismic signals are distributed in low-frequency
bands. Under laboratory conditions, AE frequencies of rock
samples are usually distributed in high-frequency bands.
Ohnaka [34] and Haskell [35] found the relationship be-
tween the frequency of AE signals and its crack length as
follows:

f ∼
1

[T +(c/v)(1−(v/β)cos θ)]
, (7)

where T is the time in which the crack closes, opens, or
slides; c is the length of crack; v is the speed in which the
crack generates; β is the corner frequency of the elastic wave
in which the crack generates; and θ is the angle between the
propagation direction of the signal and the crack surface.
When θ is π/2, (7) can be simplified as

f ∼
1

T +(c/v)
. (8)

It can be found that large-scale crack development will
generate AE signals with low frequency. Meanwhile, Ohnaka
and Mogi [36] analyzed the frequency characteristics of AE
generated by both rocks under uniaxial compression, and
they found that the proportion of low-frequency AE signals
obviously increased when the rock was near destruction.
*ey believed that this was related to the low-frequency

Table 2: Frequency parameters of the MS event in Figure 1(b).

Component Center frequency (Hz)
Dominant frequency

Origin (Hz) Termination (Hz)
No. 1 729 549 989
No. 2 819 679 1009
No. 3 759 599 999
No. 4 749 539 989
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signal generated by the large cracks that occurred in the rock
when rock was adjacent to failure. *e similar AE regu-
larities were also found in many rock [9, 12, 37] and concrete
[38] laboratory tests.

To analyze the frequency characteristics of MS signals
in the engineering rock mass, the center frequencies of MS
signals in Table 1 are selected as the frequency parameters.
A statistical analysis of seismic source radius and center
frequency of MS signals in the projects above is conducted.
*e statistical results are shown in Figure 2. Figure 2(a)
shows that the crack scales of MS events occurred in the left
bank slope of the Jinping project during excavation range
from 2.9 to 7.3m and mainly concentrated between 3.3 and
4.5m. Figure 2(b) shows that the crack scales of MS events
in the left bank slope of the Jinping project during im-
poundment range from 1.9 to 5.2m and concentrate be-
tween 2.2 and 4.4m. Comparing Figures 2(a) and 2(b), it
can be deduced that the deformation of the left bank slope
of the Jinping project during impoundment may be smaller
than that during excavation. Compared with the excavation
period, the frequency of MS signals during impoundment
is distributed in a wider range. Figures 2(c) and 2(d) show
the relationships between source radius and center fre-
quency of MS signals obtained from the Houziyan project
and Baihetan project during the statistical periods, re-
spectively. Compared with slope engineering, the crack
scales of MS events in underground powerhouses have
a wider range. *e source radiuses of MS events in the
Houziyan project range from 2.3 to 38.7m and concentrate

between 3 and 11m. *e source radiuses of MS events in
the Baihetan project range from 4.3 to 39.7m and con-
centrate between 5 and 15m.

Comparing the relationship between source radius and
center frequency of each research object in Figure 2, the
signal frequency has a wider distribution range when the
fracture size of MS events is small in both slope engineering
and underground powerhouse engineering. As the size of the
rupture increases, the range of frequency distribution of MS
signals gradually decreases. *e high-frequency MS signals
also gradually decrease, and the MS signals are characterized
by low-frequency signals. *ese results are consistent with
the phenomena observed in indoor AE tests by Ohnaka and
Mogi [36].

*e results above indicate that the frequency of AE
signals is clearly related to the deformation of rock mass.
Namely, as the fracture scale increases, the high-frequency
component of AE signals decreases and the signals are
characterized by low frequency. *e failure of rock is the
process of initiation, developing, transfixion, and forming
a large-scale fracture of internal microfractures, eventually
leading to macrodeformation and failure [12]. Prior to the
rock failure, rock fracture is characterized by single-
microscale random fractures and AE signals show high-
frequency characteristics. When the rock is adjacent to
failure, the microfractures continuously develop and in-
terpenetrate to form large-scale fractures, and the signal
frequency is characterized by low frequency. *erefore, the
deformation behavior of rock mass with the scope of
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Figure 2: Relationship between source radius and frequency characteristic in each engineering project: (a) Jinping project during ex-
cavation, (b) Jinping project during impoundment, (c) Houziyan project, and (d) Baihetan project.
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interest can be investigated through analyzing the variation
of frequency characteristics of MS events in the selected
period, which will provide some references for stability
evaluation of engineering rock mass.

4. Case Study

4.1. Project Overview. *e Houziyan hydropower station,
located in Kangding County, Ganzi Prefecture in Sichuan
Province, is the ninth cascade hydropower station on up-
stream of the Dadu River. *e underground plant system is
located in the right bank slope. *e dimensions of the main
powerhouse are 219.50m in length, 29.20m in width, and
68.70m in height.*e elevation of the top arch is 1732.225m.
*e underground powerhouse is mainly buried horizontally
at depths of 280 to 510m and vertically at depths of 400 to
660m. It is a typical deep underground powerhouse with
complex lithology and large-scale faults [25, 26].

Due to great depth, high geostress, and complex geologic
structures, the problem of the multicavity effect is prom-
inent. A large amount of rib spalling and rockbursts oc-
curred subject to excavation unloading in the underground
caverns of the Houziyan hydropower station (Figure 3). A
real-time MS monitoring system was thus adopted to assess
the stability of underground caverns during excavation. *e
installations of the MS monitoring system and previous

achievements about the underground powerhouse of the
Houziyan project can be referred to Li et al. [25, 26].

4.2. Correlation between MS Events Accumulation and Sur-
rounding Rock Mass Deformation. Figure 4 shows the ab-
solute displacement curves of the multipoint extensometers
M6

XZ1-2 and M4
CF3-8 installed between omnibus bar caves

#1 and #3 in the downstream of main powerhouse. More
than 10mm displacement of multipoint extensometers
M6

XZ1-2 and M4
CF3-8 occurred on the beginning of De-

cember 2013 and January 2014, respectively. Combined with
the construction dynamic condition, the phenomenon can
be interpreted that the deformation was primarily attributed
by the excavation of layer V and VI of the main powerhouse.
*e excavation exposure is shown in Figure 5.

*e MS activities characteristics of the main power-
house between November 26 and December 14, 2013, and
between December 23 and January 10, 2014, are shown in
Figure 6, respectively, which corresponds to the two stages
of surrounding rock mass deformation in Figure 4(b). It
can be found that MS events concentrated near the region
of multipoint extensometer M4

CF3-8 obviously and showed
great consistence in temporal distribution. *e phenom-
enon demonstrates that MS activity can reflect the vi-
sual deformation measured by multipoint extensometers

(a) (b)

(c) (d)

Figure 3: Rock mass failure photos taken in the underground caverns: (a) spalling of surrounding rock mass at downstream sidewall,
(b) spalling of surrounding rock mass at upstream sidewall, (c) splitting and peeling off of surrounding rock mass in downstream sidewall,
and (d) spalling of surrounding rock mass in the drainage tunnel.
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Figure 5: *e excavation of layer VI (the photo was taken on December 21, 2013).
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Figure 4: Monitoring data of multipoint extensometers: (a) the displacement process curve of M6
XZ1-2 and (b) the displacement process

curve of M4
CF3-8.
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accurately. Namely, the deformation of surrounding rock
mass usually lags behind the concentration of MS events.
*erefore, the variation of MS events can be regarded as the
basis for judging the deformation of surrounding rock
mass.

4.3. Frequency Evolution Characteristics of MS Signals during
Deformation Processes of Surrounding Rock Mass. In the
deformation period of surrounding rock mass above, the MS
events accumulated in surrounding rock mass near multi-
point extensometers are selected as a research object.*eMS

signals are processed based on the ST waveform processing
method, and the frequency variation characteristics during
the deformation processes of multipoint extensometers are
also analyzed. Figure 7 shows temporal distribution regu-
larities of the center frequency of MS events concentrated
near multipoint extensometers, and the displacement pro-
cess curve of multipoint extensometers M4

CF3-8, re-
spectively. From the displacement curve of multipoint
extensometer M4

CF3-8 in Figure 7(b), surrounding rock
mass deformation occurred two times in the selected period,
namely, between November 28 and December 12, 2013, and
between January 2 to 9, 2014, respectively. Figure 7(a) shows
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Figure 6: MS events occurred during the two stages of surrounding rock mass deformation: (a) temporal distribution of MS events between
November 26 and December 14, 2013, (b) spatial distribution of MS events and their corresponding density nephogram between November
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that the high-frequency components of MS signals un-
derwent two ascending phases and three dropping phases
during the selected period. Combined with the results of
surrounding rock mass deformation, the high-frequency
components of center frequencies of MS signals in the
concentrated zone began to decrease on November 28, 2013.
*e results in Section 3.2 show that the decrease of high-
frequency signals indicates the increase of source rupture
scale. Coincidentally, surrounding rock mass began to de-
form on November 28, 2013. Afterwards, several high-
frequency signals appeared, the ratio of high-frequency
components began to increase, but there were still a large
number of high-frequency components missing. Since
December 8, 2013, the high-frequency components of MS
signals in the concentrated zone reduced again and then kept
constant. *e high-frequency components reduced again on
December 31, 2014, which indicated a further increase in the
source rupture scale. Coincidentally, obvious deformation

occurred on January 2, 2014, as shown in Figure 7(b). Since
January 6, 2014, the high-frequency components of MS
signals increased sporadically, and the center frequency
tends to rise. Correspondingly, the displacement curve of
multipoint extensometer flattens out after January 9, 2014.

During the two deformation processes of surrounding
rock mass as shown in Figure 8(b), the high-frequency
components of MS signals all went through the evolu-
tionary process of reducing first and then increasing. *is
indicates that the frequency variation of MS signals corre-
sponds well with surrounding rock mass deformation.
*erefore, the deformation process of surrounding rock
mass can be revealed by analyzing the frequency variation
characteristics of MS signals in the concentrated zone in the
selected period.

*e distribution range of the dominant frequency of MS
signals in the concentrated zone during the two deformation
stages in Figure 6 is equally divided into several bands. *e
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Figure 7: Temporal distribution regularities of the center frequency of MS events (a) and the displacement process curve of multipoint
extensometers M4

CF3-8 (b).

Advances in Civil Engineering 9



percentage of MS signals components in different ranges is
statistically analyzed. *e accumulated variation regularities
of the dominant frequency in the two deformation stages are
obtained as shown in Figures 8 and 9, respectively. It can be
found from Figure 8 that the low-frequency components of
MS signals obviously increased between November 28 and
30, 2013, and the phenomenon of frequency transferring to
low frequency occurred, compared to that between No-
vember 26 and 27, 2013. Correspondingly, an obvious de-
formation of surrounding rock mass appeared during
the selected period as shown in Figure 8(b).*e components
of MS signals were further transferred to lower frequency
band between December 1 and 4, 2013. However, the high-
frequency components of MS signals increased between
December 5 and 14, 2013. Coincidently, the surrounding
rock mass deformation continued to develop on December

5, 2013, and ended on December 12, 2013, as shown in
Figure 7(b). It can be found from Figure 9 that the low-
frequency components of MS signals increased and the high-
frequency components decreased, accompanied by the
frequency changing from high frequency to low frequency.
*is phenomenon occurred during the period between
December 27, 2013, and January 1, 2014, before an obvious
deformation appeared. *e MS signals with low frequency
continued to occur during the period between January 2 and
January 6, 2014. *en, the high-frequency components of MS
signals increased between January 7 and 10, 2014. *ese
phenomena can verify the results of Section 3.2 very well.
Consequently, prior to obvious deformation of surrounding
rock mass, the frequency of MS signals usually shift from high
frequency to low frequency. *e decrease of MS signal fre-
quency in the selected concentrated zone can be thus regarded
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Figure 8: *e accumulative variation of dominant frequency of MS signals: (a) date time: 26/11/2013∼27/11/2013, (b) date time:
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as a precursor for deformation and failure of surrounding
rock mass.

5. Conclusions

(1) Compared with the conventional methods, the
ST method can provide intuitive time-frequency
characteristics without selecting the window func-
tion and analysis scale. Moreover, ST can self-
adaptively adjust the analysis time width according
to the signals and can accurately describe the tem-
poral variation characteristics of nonstationary sig-
nals such as MS signals.

(2) *e correlation between source radius and frequency
characteristics of MS signals is investigated based on
numerous MS data from three large-scale hydropower

projects. *e correlation between fracture scale of rock
mass and frequency of MS signals is also revealed. *e
results demonstrate that high-frequency components of
the MS signal decrease, and the signals are character-
ized by low frequency when the rupture scale increases.

(3) A case study is conducted based on the results of MS
monitoring and multipoint extensometers results
obtained from the underground cavern of the
Houziyan project. *e results demonstrate that the
frequency variation of MS signals corresponds well
with the deformation process of surrounding rock
mass. *e high-frequency component of MS signals
decreases at first and then increases during the de-
formation processes of surrounding rock mass. Prior
to obvious deformation of surrounding rock mass,
the phenomenon of MS signals shifting from high
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Figure 9: *e accumulative variation of dominant frequency of MS signals: (a) date time: 23/12/2013∼26/12/2013, (b) date time:
23/12/2013∼1/1/2014, (c) date time: 23/12/2013∼6/1/2014, and (d) date time: 23/12/2013∼10/1/2014.
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frequency to low frequency usually occurs. *ere-
fore, the decrease of MS signal frequency can be
regarded as a precursor of macroscopic deformation
failure of surrounding rock masses, which can
provide some references for stability evaluation and
macroscopic deformation failure forecasting of
surrounding rock mass.
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Considering the deep mining heat-hazard problem, the concept and academic idea of cold load and storage (CLS) functional
backfill applied on deep mine cooling was put forward. Firstly, according to characteristics of filling mining, a method of cooling
stopes with CLS phase changing backfill which is made from the backfill material with CLS phase change material (PCM) was
proposed. ,e working process, cooling physics, and the economic and safety benefits of CLS phase changing backfill were
produced. Secondly, the theory system of cooling with CLS phase changing backfill was built. ,e theoretical basis of the key
problems involved was investigated and analyzed which concluded heat transfer, fluid mechanics, and backfill mechanics. Lastly,
the technology system of cooling with CLS phase changing backfill was established on the basis of the required technical assistance.
It includes four parts: the backfill material design, the backfill material conveying way design, the stope temperature control
scheme design, and the strength of cemented tailings backfill analysis.,e idea of applying CLS phase changing backfill on cooling
deep mine stopes and its theory and technology systems provide a scientific research and suitable development direction for deep
mine cooling.

1. Introduction

As shallow mineral resources increasingly exhausted, the
deep resource extraction has become normal. ,ere are
more than one hundred fifty 1000m-plus deep metal mines
in the world at present. ,e deepest mines are in South
Africa and Canada. ,ere are 76 deep mines in South Africa
with depth varying from 1524 to 4800m and 32 mines in
China with depth varying from 1000 to 1600m [1]. ,e
original rock temperature increases with depth. ,e average
geothermal gradient is 2.5∼4.0°C/100m [2], even the highest
value is 7°C/100m. Mponeng Gold Mine in South Africa
reached 4000m depth, and its geothermal temperature was
up to 66°C [3]. ,e high geothermal temperature circum-
stance results in low efficiency of mining staff and high
accident rate. According to the research of the influence of
high mining temperature, when working face temperature
raised from 16°C to 32°C, the relative labor efficiencies
decreased 55%, and when this temperature raised from 29°C

to 32°C, the accident rate increased to 68.1% [4]. Meanwhile,
high geothermal temperature also caused other threats, such
as the softening of rock mass and the shortening of
equipment service life and mineral combustion. Heat hazard
has become an important problem which constraints the
exploiting of the deep mine.

Facing heat hazard, there are three common cooling
methods: ventilation, applying natural cold resource, and
manual refrigeration. Increasing ventilation quantity is
a cooling method which has longest history and widest
application. However, it often cannot meet the cooling
demands of deep mine with high temperature because of the
restrains from inlet air temperature and velocity of working
face. If the natural condition allows, applying underground
cool water or storage ice form winter on cooling is an
economic way. He and coworkers [5, 6] proposed the HEMS
cooling system by using mine inflow as the extracted cold
energy resource. It used the refrigeration system to extract
cold from mine inflow and supply to air conditioner
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underground. Bu et al. [7] designed the ice making system
which took advantages of the cold temperature in winter. Ice
was produced in winter and stored in ice storage device and
then used in summer. Shi et al. [8] proposed a spray ice
making system and analyzed the feasibility of this method
applying on mine cooling. Using natural cold energy is an
economic and environmental method, but it had a limited
application range because of the constraints of natural
condition. ,e vast majority of mine adopted the cooling
methods which are similar to the ground cooling. ,ere are
two typical systems: refrigeration equipment set in ground
and underground. ,ough the chiller locations of the two
types are different, there are some similarities. First, the cold
load fluid pipe need to be laid, and the length of this pipe in
the equipment centralized on ground type could be thou-
sand meters. Second, some cooling equipment was set un-
derground, especially the equipment centralized in
underground type. ,e construction and management is
complex, and the heat is difficult to exclude. ,e great in-
vestment of equipment and pipes, the complex construction
and management, and the high running costs are the
common problems in mine cooling engineering.

,e implementation of the mine cooling techniques
effectively mitigates the heat-hazard problem but also leads
to the great increase of investment and energy consumption.
According to some statistics, the power consumption of
mine cooling system is about a quarter of the total mine
power consumption [9]. In order to save energy and reduce
contaminant, innovation of the cooling method based on
exploiting characteristics could be a new way. Ghoreishi-
Madiseh et al. [10] proposed a new method of using backfill
to absorb underground heat to realize temperature control
of stopes and geothermal energy utilization. ,e heat
transfer model of extracting heat from underground by
using the heat exchange pipe laid in backfill was built by
numerical simulation and experimental research. Consid-
ering the cost of investment, this method is suitable for the
case with high geothermal temperature and valuable in
geothermal energy exploitation. For the lower geothermal
temperature cases which are not suitable for geothermal
energy exploitation, adding the cooling function to filling
material and cooling stopes with functional backfill is an
appropriate solution. ,erefore the concept of cold load and
storage (CLS) backfill cooling was proposed in this research.

2. Cold Load and Storage (CLS)
Functional Backfill

2.1.+eConventional Cold Load and StorageMediumUsed in
Mine Cooling. ,e role of cold load and storage medium is
transferring and storing cold from refrigerator to air con-
ditioner. In the conventional mining cooling system, water,
ice, and glycol solution were applied as cold load and storage
medium usually. ,e system using water as coolant pro-
duced low-temperature chilled water by the refrigeration
unit and then was pumped to air cooler exchanging heat
with air. ,e cool wind was transported to working face to
cool stopes. ,e system using ice as coolant produced ice
cube, flake ice, or ice slurry by refrigerator on the ground.

And the ice was transported to the melt pool underground
by wind or water power. When the ice was melt to cold
water, it was surveyed to the working face, applying to air
cooler or spray thrower for cooling stopes. ,e system using
glycol solution as coolant produced low-temperature glycol
solution by refrigerator, and then it was surveyed to heat
exchanger underground to cool the water. ,e cold water
was transported to terminal air cooler for cooling air. All the
above cooling mediums were transported by a series of
independent cooling system. Considering the energy saving
and contaminant reduction, seeking a new coolant medium
which combined with the mining method is a breakthrough
way of mine cooling.

2.2. Basic Contempt of CLS Functional Backfill. Filling
mining is one of the common mining methods. ,e backfill
material was surveyed to gob and formed to backfill as mine
working faces propelled. ,e volume could be hundreds of
thousands of cubic meters. For the deep mine with serious
heat-hazard problem and applying filling method, the huge
backfill could be applied sufficiently as cooling material. By
adding the CLS medium to the backfill material, a new CLS
functional backfill material was created. ,e material was
transported by backfill material survey pipe to gobs, and
the stopes nearby were cooled through ground or wall’s
radiant cooling. ,is new cooling method leaves out the
coolant transportation system and air conditioner ter-
minal units.

2.3. Cooling Process and Period of CLS Functional Backfill.
Taking the upward sublevel filling method as an example, as
Figure 1 shows, when the CLS functional backfill material
was surveyed to gobs, the heat was absorbed from stopes
nearby and above. In the preliminary stage of cooling, the
cooling potential of CLS functional backfill was large and
was named period I (Figure 1(a)). When the cold energy
released a lot to the stope, the cooling potential decreased
and was named period II (Figure 1(b)). When the stope
nearby above was exploited and gob was formatted com-
pletely, the cooling task of CLS backfill accomplished and the
heat transfer between the stope and the backfill finished. As
Figure 1(c) shows, this stage was named period III. ,en the
new gob was filled with CLS backfill material and a new
period of cooling began.

2.4.CLSFunctionalBackfillMaterial. CLS functional backfill
material is based on solid waste of mining, added with some
phase change material (PCM) which has the cold load and
storage ability and some cementitious material.

Sensible heat transfer and latent heat transfer are the two
heat absorption types. ,e latent heat energy produced by
phase change is 5∼14 times of sensible heat under the same
volume condition [11]. PCM is very suitable for choosing as
cold load and storage material by the advantage of its high
cold storage density. CLS functional phase change backfill
was made by mixing the PCM with conventional backfill
material. ,e common PCM for cold storage consists of
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organic and inorganic types (Table 1).,e organic type PCM
mainly includes pure substance (e.g., ice) and eutectic salt
(e.g., Na2SO4·10H2O). It is widely used with mature tech-
nology; however, it has a salient phenomenon of super
cooling and phase separation. ,e inorganic-type PCM
mainly includes single component material (e.g., glycol) and
eutectic mixture (e.g., paraffin oil). It has a wide phase
change temperature range and good chemical properties but
a lower cold storage density. ,e phase change material
which has good performance on thermodynamic property
(suitable phase change temperature, high latent heat, high
heat capacity, and high heat conductivity), chemical prop-
erty (good stability, noncorrosion, nonburning, nontoxic,
and nonpolluting), and economic efficiency (cheap in ma-
terial and charging cold) should be chosen as cold load and
storage material.

,e proportion of CLS functional backfill material
should be determined by the consideration of flow char-
acteristic, rheology property, strength characteristic, and
cold supply capacity.

2.5. Advantages. Comparing with the conventional mine
cooling method, the newmethod of applying CLS functional
backfill on cooling has the following obvious advantages:

(i) No special pipes surveying cold load medium need
to be laid. ,e transportation system of filling slurry
takes the task of surveying cold load medium.

(ii) No air-conditioning equipment in the mine needs
to be arranged. ,e radiant cooling was applied by
the floor or wall of stopes.

(iii) No complex heat transfer between air-conditioning
equipment exists, and the energy efficiency is high.

(iv) For the deposits with spontaneous combustion
property, the whole low-temperature environment
created by CLS functional backfill is beneficial in
decreasing fire probability and enhancing mining
security.

,ese advantages could sharply decrease the investment
and running costs of mining cooling, reduce the con-
struction and management of workload, and lower the fire
probability. ,e CLS functional backfill cooling method has
significant economic benefit and safety effect.

3. Theories of CLS Functional Backfill Cooling

3.1. Heat Transfer. Heat transfer (heat conduction, heat
convection, and radiation) was driven by the temperature
difference between CLS functional backfill and the sur-
roundings. Figure 2 shows the total thermal equilibrium
which consists of six terms of heat: Qf ,l, latent cold produced
by PCM fusion in the CLS functional backfill; Qf ,s, sensible
cold produced by low-temperature CLS functional backfill;
Qcond andQrad, heat conduction and radiation from ore body
to CLS functional backfill; Qconv, heat convection from

Ore body

Stope

Backfill period
I 

Backfill period
III

(a)

Backfill period
II

Ore body

Stope

Backfill period
III

(b)

Ore body

Stope

Backfill period
I 

Backfill period
III 

Backfill period
III 

(c)

Figure 1: Cooling period of CLS backfill applied in upward sublevel filling method. (a) Preliminary period, (b) interim period, and (c) final
period.

Table 1: Conventional cold storage PCM.

Name of PCM Phase change
temperature (°C)

Latent heat of
fusion (kJ/kg) Reference

Ice 0 335 [12]
Na2SO4·10H2O 32 249 [13]
Na2SO4·10H2O
(adding NH4CL)

8 — [14]

Na2HPO4·12H2O 36 265 [13]
CaCl2·6H2O 29∼39 174 [13]
Glycol −13∼−11 187 [15]
Amino ethanol
aqueous solution 6∼9.2 155∼196 [16]

Paraffin oil/water 9.5 157 [17]
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stopes to CLS functional backfill; and Qh, hydration heat
produced by hydration reaction in the CLS functional
backfill.

According to the first law of thermodynamics, the total
thermal equilibrium equation was given:

Qf ,l + Qf ,s � Qcond + Qconv + Qrad + Qh. (1)

With the cold releasing from CLS functional backfill,
PCM fused and the temperature difference between back-
fill and surroundings diminished gradually. At last, the
backfill temperature is consistent with surroundings and
the cooling process finished. So the cooling process is
a special process of cooling capacity decayed gradually. ,e
cooling period and the decaying characteristics are the
critical factors which influences on stope cooling effect.
Equation (1) was taken a the derivative with respect to time
to get (2) which expressed the gradient of releasing cold of
CLS backfill to time.

dQf ,l

dt
+

dQf ,s

dt
�

dQcond

dt
+

dQconv

dt
+

dQrad

dt
+

dQh

dt
. (2)

,e cooling process decaying characteristics of CLS
functional backfill was calculated by studying the laws of
heat transfer terms varying with time. ,e heat absorbed
from surroundings through heat conduction, convection,
and radiation depended on temperature difference between
fillings and surroundings. As the temperature difference
reduced, the heat transfer rate decreased.,e hydration heat
release rate related to the composition, hydration time, and
temperature. According to the different composition, cor-
responding hydration products generated and the hydration
heat released with the progress of hydration reaction. In
particular, the hydration temperature is significant in this
case. Owing to the low temperature of CLS filling slurry, the
hydration reaction was restrained at the preliminary period
obviously.

3.2. Fluid Mechanics

3.2.1. CLS Filling Slurry Transportation. CLS functional
filling slurry composed of waste rock and tailings, PCM
particles (take ice particles for instance following) and water.
,e diameter of solid particles is large, and the volume ratio
is high; therefore, the filling slurry should be regarded as
non-Newton fluid. According to the fluid regime supposed
by Doron and Barnea [18] which researched water and sand
two phase flow, there are three fluid regimes: static bed,
fluidized bed, and fully suspended bed. When the average
velocity of CLS filling slurry is large, strong turbulence flow
effect resulted in a large component of pulse velocity which is
perpendicular to the flow direction. Consequently, the force
acting on the solid particles overcame the gravity of the solid
particles which formed the fully suspended flow regime.
When the flow speed decreased, the turbulence decreased
which results in the phenomenon of waste rock and tailings
flow in the bottom of the pipe and ice particles flow in the
top of the pipes owing to the different densities. ,us the
fluidized bed formed. When the flow speed decreased fur-
ther, the static bed was formed which has the distribution of
the ice particles in the top and the waste rock and tailings in
the bottom (Figure 3).

,e critical velocity and pressure drop researches of CLS
filling slurry depend on the conventional filling slurry and
ice slurry, on account of which the CLS filling slurry
components are the conventional filling slurry and ice slurry
(Table 2). However, the unique flow mechanism charac-
teristics of CLS filling slurry should be noted: (1) ,e flow is
accompanied by phase change which resulted in the gradient
of slurry changed along the path, and therefore, the flow
characteristics changed. (2) ,e hydration speed changed
because of the rising temperature of slurry which absorbed
heat from surroundings and the increasing water ratio
caused by ice melting in the transportation process. So the
gradient of slurry and flow characteristics changed. (3) ,e
diameter of waste rock and tailings changed caused by
hydration and the diameter of ice particles changed by
melting and aggregation influenced the flow characteristics
and even caused the pipe blocking.

In the storage or transportation process of ice, the ice
particle size evolution behavior of nucleation and growth,
aggregation, and fragmentation influenced the diameter of
ice particles to change a lot from tens of to hundreds of
micrometers which influenced the flow and heat transfer
characteristics. Researchers have done a lot of work based on
crystallization kinetic. Hansen et al. [25] indicated that
the ice particle size changed in the ice storage tank even on
the condition of thermal equilibrium. Under the Gibbs–
,omson effect and Ostwald ripening effect, the small ice
particles melt and get smaller, while the big particles grow
and get bigger. Pronk et al. [26, 27] concluded that the
distribution of ice particles changed because of the abrasion,
aggregation, and Ostwald ripening effect. Especially the
Ostwald ripening effect is the main reason of the ice particles
growth. Furthermore, the influences of solution concen-
tration and type on ripening were studied. Kanetoshi
and Ken [28] introduced a set of measurement to detect

Discharged cold (Qf,l + Qf,s)
Conductive heat (Qcond)

Convective heat (Qconv)

Radiant heat (Qrad)

Hydration heat( Qh)
Ore body
Functional backfill
with iced particles
Stope

Figure 2: ,e total thermal equilibrium diagram of CLS phase
change backfill cooling.

4 Advances in Civil Engineering



aggregation by the electrical conductivity difference between
ice and water. ,e experiment results showed that the bigger
clump of ice was formed by aggregating the smaller ice
particles and the low concentration of additives could re-
strain the aggregation. Xu et al. [29] developed the pop-
ulation balance model to study what factors influence the ice
crystal distribution characteristics and its evolution during
the process of ice slurry storage. ,e results indicated that
with the decrease of the mass fraction of the additive so-
lution, the growth rate of ice crystal size decreases.,e lower
IPF and higher dissipation of ice slurry slow the growth of
ice crystal size in ice slurry solution. ,ese researches
established the foundation for the determination of ice
particle diameter.

3.2.2. CLS Backfill Seepage. Some of water which consists of
water in slurry and water changed from ice participated in
hydration and the rest of water became the seepage. ,e
seepage characteristics of CLS backfill is the basis of de-
termination of drainage time, analysis of backfill strength,
and the plan of continuous work. Mao et al. [30] studied the
seepage law of upward sublevel hydraulic backfill. ,e
mathematical model of dewatering time was established on
the parameters of permeability coefficient, specific storage
coefficient, and thickness. ,e dewatering coefficient was
calculated, and the dewatering coefficient curves of different
parameters were obtained. Wu et al. [31] coupled the hy-
draulic equations and thermodynamic equations, applying

COMSOL Multiphysics software and experiments to solve
the seepage problem of cemented tailings backfill. ,e re-
search indicated that with the higher initial temperature and
curing temperature and the higher cement-sand mass ratio,
the water permeability decreased. ,e analysis of initial
temperature has significance for the research of CLS backfill.
With higher temperature, the more hydration products were
generated because hydration was enhanced. ,e hydration
products aggregated in the pore structures, and the pores
were blocked gradually which ended the seepage of backfill.
,erefore, the higher the initial temperature of backfill was,
the higher the compactness of structure was and the lower
the permeability was [31]. In the periods I and II of the CLS
backfill cooling process, the backfill temperature was very
low which restrains the hydration. ,e less hydration
products resulted in little change of the pore structure and
high permeability. While in the period III, the rising tem-
perature of backfill enhanced the hydration, and lots of
hydration heat was generated which raises the temperature
further. ,e lots of hydration products generated and the
pore structure changed a lot which resulted in high per-
meability. So the different seepage characteristics of the CLS
functional backfill are shown in the different periods of
cooling process.

3.3. BackfillMechanics. ,emechanical functions of backfill
support the unsteady surrounding rock of stope and play the
role of artificial pillar in exploiting the large ore body [32].
Many researches of influences of mixture ratio on tensile
strength and compressive strength have been done [33, 34].
It is generally recognized that the factors of the cemented
backfill strength are the cement type and addition material,
filling concentration, tailings chemical composition and
gradation, mixing time, curing age, and condition [35]. In
the case of CLS filling slurry, both the solid properties of ice
and the adhesive of ice surface enhance the strength. ,e
researches of concrete proved this. Suzuki et al. [36] de-
veloped the method of using crushed ice instead of water for
mixing concrete which having the two times of strength than
conventional concrete. Furthermore, by considering the
negative effect of hydration heat, the casting temperature of
concrete was limited by standards of construction. For
example, the upper limit of casting temperature is 18°C [37].
,is limit was set to decrease the thermal stress and the
concrete cracks resulted from nonuniform temperature

Waste
rock

Tailings

Ice particle

Static bedFully suspended bed Fluidized bed

Figure 3: ,ree flow regime of CLS backfill slurry.

Table 2: ,e critical velocity formulas of slurry.

Researchers Formulas Application

Durand
[19, 20] FL

����������
2gD(1− S)

 Filling
slurry, ice
slurry

Knorroz [21] 0.85(0.35 + 1.36
���
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√
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and
Fournasion
[22]
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���������
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Bechtel
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[23]
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distribution of material. However, the low initial tempera-
ture could decrease the strength by retaining hydration. Liu
et al. [38] studied the cementing waste rock strength of
a goldmine in cold region through experiment. It was shown
that the curing temperature had obvious impact on strength.
,e strength increased by rising curing temperature espe-
cially in early age than in later period.

According to the analysis above, in the early age, there
are two different effects of low temperature on CLS backfill
strength, while in the later period, the temperature rises and
its impact fades away.

4. Technical System of CLS Functional
Backfill Cooling

,e implement of CLS functional backfill involves the recipe
of the filling material, transport scheme of filling material,
stope temperature controlling scheme, and strength analysis
of backfill. According to the aspects above, the technology
system of CLS functional backfill was built (Figure 4).

4.1. +e Recipe of the CLS Filling Material. CLS filling ma-
terial is a mixture of waste rock and tailings, PCM with cold
load and storage function, and cemented material. ,e se-
lection of CLS PCM and the optimization of the ratio of
components are the two key issues.

,e selection of CLS PCM is based on the principles of
high cold load density, nonhazardous, stable in chemical
composition, accessible, and low material cost and cold
storage cost. ,e theory analysis of selecting ice as CLS PCM
was discussed above.Whether the other PCMmaterial could
be applied should be analyzed and identified ulteriorly.

,ere are three ways to optimize the ratio of compo-
nents. First, orthogonal experimental design which used
partial experiments instead of overall experiments is the
most common method. It is the main method of factorial
design. Wu et al. [39] applied this method on design of
cemented fillingmaterial and obtained the optimized ratio of

components by range analysis. Second, uniform experiment
design: this method considers how to distribute the design
points evenly within the scope of the experiment in order to
ensure the experiment points have the statistical properties
of uniform distribution. Hu et al. [40] used this method and
got the optimized ratio of filling slurry components. ,ird,
formulation experiment design: this method is a special
mixture experiment design. Yang et al. [41] applied this
method and built a fitting model of the strength with the
ratio of every component for cement-steel slag-mineral slag
ternary material. ,e research of the optimized ratio of CLS
functional backfill material should consider the flow char-
acteristics and mechanics and potential of heat absorption.

4.2. +e Transportation of the CLS Filling Material.
Besides the conventional transportation problems, the pipe
heat preservation and pipe blocking problem in CLS filling
material transportation system should be paid attention to.

In order to decrease the cold loss in the CLS filling
material transportation process, the PCM with suitable
phase change temperature could be selected which changed
the phase only under the temperature condition of goaf.
However, the goaf temperature changes variably with
mining depth, and it is close to transportation temperature.
So this method is hard to realize. ,e feasible method is
retrofitting the heat preservation layer to the filling slurry
pipe. Considering the requirement of fire proofing of mine,
glass wool or rock wool could be used as heat preservation
layer material.

,e pipe blocking problem of CLS filling material is
more serious than conventional filling material because of
the PCM. Taking water, for example, some water in the
slurry may freeze under undercooling condition. ,e waste
rock and tailings in slurry contribute to the phase change
owing to them providing a lot of surface for crystal nu-
cleation. Furthermore, the ice surface melts slightly. When it
contacts with other surface, cementation occurs under
undercooling condition and large size ice particles are

Technical system of CLS functional backfill cooling

Recipe of the CLS filling
material

Transportation of the CLS
filling material

Stope temperature
control scheme

Backfill strength
analysis

PCMselect
Ratio

optimization

Pipe heat
preservation Pipe blocking

PCMratio
determination

Temperature
controlmeasure

Low
temperature PCM ratio

Figure 4: ,e technical system of CLS functional backfill cooling.
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created. To avoid the ice block problem, three intervention
measures should be taken: (1) Optimal design of the slurry
transportation pipe; (2) Initiative melting based on moni-
toring ice block location; and (3) Interior wall of pipe coating
for decreasing interfacial energy and improving flow ca-
pacity of the pipe [42].

4.3. Stope Temperature Control Scheme. By insuring the
stope temperature meets the requirement in a whole period
of stope exploiting, there are two aspects should be paid
attention to. First, the total cooling load should be calculated
according to the cold load condition of stope and total
exploiting time of a layer so that the PCM ratio could be
determined. Second, the influence factors of stope tem-
perature should be analyzed comprehensively to obtain the
temperature field change trend. And the temperature control
scheme was established on the trend.

,e CLS functional backfill cooling involves the backfill
region, ore body region, and stope region. Heat transfers
between three regions. ,e cooling capacity of CLS backfill
decayed which results in cold discharge rate changes in
a cooling period. So, it is need to weaken heat transfer in the
initial stage of a cooling period and enhance heat transfer in
the later stage. For weakening heat transfer, thermal con-
ductivity resistance could be increased through laying
temporary thermal insulation layer on the ground of the
stope at the preliminary period of cooling. For enhancing
heat transfer, the convective heat transfer coefficient be-
tween air and ground of the stope could be increased
through adding local forced heat convection by fans. By
taking this scheme, the stope temperature could be kept
nearly constant.

4.4. Backfill StrengthAnalysis. ,e backfill strength is related
to density, porosity, cementitious material ratio, and so on.
On account of the PCM, the composition proportions of
CLS backfill differs from conventional backfill a lot. And it
would influence the backfill strength. ,ere are two aspects
for analysis of CLS backfill strength: low-temperature in-
fluence and composition proportion of PCM influence.
Analogy, experience formulas, physical simulation, nu-
merical analysis, and probabilistic method could be used on
this research.

5. Conclusions

According to this study, four conclusions are underlined as
follows:

(i) ,e concept of the CLS functional backfill cooling
method was proposed. ,e cooling process and
principle was introduced by taking the upper ward
filling method as an example.

(ii) ,e Conventional mine cooling method was sum-
marized, and the advantages of the CLS backfill
cooling method on investment, running cost, and
safety were listed. A conclusion that this method is

very suitable for high temperature deep mine
cooling was achieved by comparison.

(iii) ,eories of CLS functional backfill cooling were
discussed. Heat transfer, flow mechanics, and
backfill mechanics which involved in this method
were analyzed through the literature research.

(iv) ,e technical system of CLS functional backfill
cooling was built which consists of the recipe and
transportation of the CLS filling material, stope
temperature control scheme, and backfill strength
analysis.

,is research indicated the direction of research and
development of CLS functional backfill cooling.
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In order to figure out the damage characteristics and mechanisms of sandstone under coupled effect of acid erosion and recurrent
freezing-thawing cycles, sulfuric acid is chosen as acid solution, and sandstone, representative stone in Sichuan province, is chosen
as a sample to conduct the freezing-thawing cycling test. In the meantime, chemical component of the solution is also tested and
recorded in the progress of freezing-thawing cycling. +en, the nuclear magnetic resonance (NMR) test and magnetic resonance
images (MRI) test on samples are conducted with the help of the AniMR-150 NMR imaging system. After a series of tests, the
sample’s appearance, dry mass, porosity, T2 spectrum, solution’s pH, solution’s metallic ion concentration, and magnetic
resonance images are obtained and analyzed. +e results show that dry mass loss and porosity grow with F-T cycles increase and
pH value decrease. Montmorillonite, illite, and clay in sandstone react with sulfuric acid solution; as a consequence, K+, Mg2+, Fe3+,
and Al3+ separate out, and the solution’s pH and concentration of K+, Mg2+, Fe3+, and Al3+ increase with F-Tcycles. Acid erosion and
F-T cycling lead to the generation of new micropores and expansion of micropores at the beginning; when the acid solution is
exhausted, new micropores generate under the effect of freezing-thawing cycling, and micropores in samples keep developing and
expanding with the increase of freezing-thawing cycles. Coupled effect of acid corrosion and recurrent freezing-thawing cycling
causes much more serious deterioration to sandstone samples than acid corrosion.

1. Introduction

Freezing-thawing (F-T) cycles occur in many environments.
As a kind of geological weathering, it is widely believed that
the F-Tcycle is the result of phase change between water and
ice contained in materials that are induced by temperature
change [1–3]. Usually, F-T cycles cause negative effects in
real world. For example, F-T cycles are responsible for the
degradation of material of cultural/historical buildings and
monuments [4], the debasement of stability of road and
road/railway tunnel [5], and the occurrence of rock fall [6].
Gradually, F-T cycles are viewed as a source of natural
hazard.

Additionally, the occurrence of F-T cycles is tightly
coupled with chemistry environment, especially acidic water
environment mainly caused by acid rain. Take southwestern
China as an example, some parts of Sichuan province and
Chongqing city, representative area of southwestern China

which goes through seasonal F-T cycles, underwent acidic
rain with an extreme low pH value reaching 3.05 (year 2004)
and 2.79 (year 2012), respectively. +erefore, research on
damage characteristics of rocks subjected to F-T cycles in
acidic water environment is of great importance in engi-
neering and environmental protection area, and it has
gradually become a hot issue of research.

Research on F-T cycles of rocks began in early 20th
century, and rich achievement has been gained. In terms of
damage mechanism of rock subjected to F-T cycles, two
explanations are widely known. One explanation is that ice
crystallization pressure [7–10] is responsible for the induced
flaws and damage in rock material. As pore water is con-
strained in pore network in rock material, once the tem-
perature drops below the freezing point, water crystals into
ice, as a consequence, 9% of volume growth occurs, and this
exerts stress on surface of pore network. Once crystallization
pressure exceeds the tensile strength of rock, flaws and
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damage will occur. Another explanation is that rock damage
caused by F-Tcycles derives from the migration of unfrozen
water in rock material [11]. It is widely known that, in
porous material like rock and concrete, water in large pore
freeze easily, while water in small pore is difficult to freeze, as
long as the pore size is small enough, pore water will remain
unfrozen. It is the migration effect of unfrozen water driven
by capillary pressure [7] and osmotic pressure [12] that
deteriorated rock material. Walbert et al. [11] and Vlahou
and Worster [13] pointed out that the mechanism of
crystallization pressure is applicable to materials with low
permeability, and the mechanism of migration is applicable
to materials with high permeability.

Mechanical and physical properties are connected with
engineering tightly and directly, therefore, most efforts have
been made to study the damage mechanism of rocks sub-
jected to recurrent F-T cycles. Wiman [14] conducted frost
shattering experiments for slate, schist, granite, quartzite,
and gneiss and monitored the sample’s weight and porosity.
Hori and Morihiro [15] studied water freezing and move-
ment in pores by using a micromechanical model and then
predicted the deterioration degree of rock based on these
microscopic processes. To study the deterioration of andesite
in recurrent F-T cycles, Yavuz [16] recorded and contrasted
porosity, density, water absorption, P-wave velocity,
Schmidt hardness, abrasion, and uniaxial compressive
strength of rock specimens after every ten cycles. Taking
limestone as rock samples, Bayram [17] measured uniaxial
strength, tensile strength, flexural strength, impact strength,
modulus of elasticity, porosity, and water absorption as
variability to study the deteriorations of stones. To evaluate
the role of critical degree of saturation in F-T damage,
limestone samples with eight different degrees of saturations
were adopted by Al-Omari et al. [18], and porosity, tensile
strength, ultrasonic pulse velocity, mercury intrusion
porosimetry, and scanning electron microscopy techniques
were employed to analyze the conditions of samples during
the cycles. Results indicated that a saturation of 80–85% is
the critical saturation of limestone in this test. Akin and
Özsan [19] used integrity as indicator to investigate the long-
term performance/durability of yellow travertine against
recurrent F-T cycles. Based on integrity of rock, a decay
function (Mutluturk et al. [20], Ghobadi and Babazadeh
[21]) was proposed and used to predict the long-term du-
rability of rock against F-T cycles. Zhou et al. [22] studied
sandstone’s microscopic damage and dynamic mechanical
properties subjected to recurrent F-T cycles based on NMR
tests and impact loading tests.

In recent years, study on erosion of rocks in different
chemistry environments has also become a forefront of
research in geotechnical engineering. To figure out the ef-
fects of chemical solution on the shear behavior of sand-
stone, Feucht and Logan [23] carried out a test which dealt
sandstone samples with three chemistry solutions (NaCl,
CaCl2, and Na2SO4) and monitored samples’ friction co-
efficient and strength. Feng et al. [24] immersed sandstone
samples of triaxial compression into NaCl, CaCl2, and
NaHCO3 solutions and the Yellow river water to investigate
the mechanisms of damage evolution of sandstone and

proposed a damage model based on the chemical corrosive
influence and CT values. Deng et al. [25] conducted re-
current F-Tcycle experiments under the condition of H2SO4,
NaOH, and NaCl solutions and pure water to investigate the
coupled effect of F-T cycles and chemical solution on
sandstone, and the result showed that NaOH causes stronger
damage to rock samples used in these experiments than
other solutions. By subjecting granite, parent rocks for
nuclear waste storage, to strong acid solutions and strong
alkaline solutions, Han et al. [26] explored the deterioration
and mechanical properties of granite under various chem-
istry environments and found that strong acid solutions may
aggravate chemical damage deterioration in granite while
strong alkaline solutions have braking effect on chemical
damage deterioration in granite. Miao et al. [27] used dis-
tilled water and NaCl solutions as chemistry solution to
investigate granite’s damage effects, aging features, and
mechanisms after subjecting to solutions with different pH
and flow rates.

In the progress of exploring internal structure and
damage of rock material, a series of damage detection
technologies and facilities emerged, among which nuclear
magnetic resonance (NMR), scanning electron microscope
(SEM), and computerized tomography (CT) are three ex-
tensively used damage detection facilities. In a experiment to
investigate long-term performance of yellow travertine
against various environmental factors, Akin and Özsan [19]
employed a scanning electron microscope (SEM) to check
the mineralogical texture of samples. Miao et al. [27] ob-
served the effects of acidic chemical corrosion on micro-
scopic structures of granite by SEM. Feng et al. [24]
monitored experiments on sandstone damage evolution
during triaxial compression with chemical corrosion with
real-time computerized tomography (CT). Tim et al. [10]
studied the pore scale dynamics related to F-T by micro-CT.
With the help of NMR, Zhou et al. [22] obtained parameters
(porosity, T2 distribution, and NMR images) of sandstone
subjected to recurrent F-T cycles, which revealed sandstone
samples’ development of damage. Li et al. [28] researched
the deterioration characteristics of the microscopic structure
of sandstones in freezing-thawing cycles by means of the
NMR test and found that the spatial distribution of sand-
stone pores after freezing-thawing cycles has fractal features
within certain range. Among these damage detection
technologies, SEM could picture internal microstructure of
rock, while the perspective of it is limited strictly which
means it can only give a small and partial view to the surface
of rock. CT can offer a whole and 3D view of rock samples,
but it could only be used in real-time observation and CT
scanning could not reflect the features of microscopic
structure. NMR [28] is a nondestructive detection equip-
ment, and it could detect the rock sample’s porosity and pore
size distribution and show internal pore structure by
magnetic resonance imaging (MRI). NMR is an effective
mean to investigate the microstructure of rock.

Currently, published research studies on the damage
mechanisms of rock under chemical erosion and recurrent
F-T cycles are deficient. However, geotechnical engineering
subjected to the couple effect of these two factors do exist.
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+erefore, sandstone from Sichuan province in China which
suffered from seasonal F-T cycles and extreme acid rainfall
was chosen as the rock sample for the joint disposal of
recurrent F-T cycles and acidic solution soaking, and NMR,
MRI, and other technologies were adopted as detection
technology. +en, the changes of the dry mass, porosity, T2
distribution, MRI results, and chemical component of
sandstone after different F-T cycles were obtained and an-
alyzed to explore how this coupled effect deteriorates the
sandstone in this paper.

2. Materials and Methods

2.1. Rock Samples and Acid Solution. Sandstone used in this
experiment was taken from the north of Sichuan province
which underwent couple effects of seasonal F-T cycles and
acid rainfall. +e sandstone is medium fine; it mainly consists
of quartz and clay minerals, and mineral composition of
sandstone samples are listed in Table 1. All rock samples were
taken from an intact and unweathered sandstone, and there was
no visible joints on it. +e samples were obtained by the water
drilling method, and they were made into standard cylinder
with a diameter of (50±1)mm and height of (100± 1)mm.
+ese samples were selected in accordance with natural po-
rosity (about 10%), and 60 samples were picked in this ex-
periment. Rock samples were set intoO (0 cycles), A (10 cycles),
B (20 cycles), C (30 cycles), D (40 cycles), and E (50 cycles)
groups (six groups); each group included four series, 1
(pH� 2.8), 2 (pH� 4.2), 3 (pH� 5.6), and 4 (pH� 7.0), and
there were three samples for each series. +e mineral com-
ponent and original property of sandstone are listed in
Tables 1 and 2, respectively.

Acid solution in this experiment was made from sulfuric
acid and distilled water to simulate the chemical erosion of
acid rainfall on sandstone. +e pH of the acid solution was
set into 4 levels (pH� 2.8, pH� 4.2, pH� 5.6, and pH� 7.0
(distilled water)), respectively, to monitor the effect of
acidity on sandstone damage.

2.2. Experimental Facilities. Facilities employed in this ex-
periment include the TDS-300 concrete freeze-thaw test
machine, AniMR-150 NMR imaging system, vacuum sat-
uration machine, PL4002 electronic balance with precision
of ±0.01 g, drying box with precision of ±0.1°C, and pHS-3C
pH meter with precision of ±0.01 pH. TDS-300 concrete
freeze-thaw test machine is manufactured by Donghua

Testing Equipment Company, Ltd., Suzhou; it can apply
a temperature range of −40°C to +40°C to rock samples, and
it is an automated machine [25]. +e vacuum saturation
machine and AniMR-150 NMR imaging system are man-
ufactured by Niumag Electric Technology Company, Ltd.,
Shanghai. +e AniMR-150 NMR imaging system contains
two main test systems, namely, nuclear magnetic resonance
(NMR) and magnetic resonance images (MRI) test systems,
and they were often used in other research studies
[22, 25, 28, 29]. Its picture is shown in Figure 1.

2.3. Experimental Methods

2.3.1. Freezing-(awing Cycling Test. Before the recurrent
F-T cycling started, all samples were vacuum saturated for 4
hours with vacuum pressure of 0.1MPa and soaked into
distilled water for 24 hours [28]. Samples of series 1, 2, 3, and
4 were immersed into solutions with pH of 2.8, 4.2, 5.6, and
7.0, respectively. And then, solutions immersed with series
of sandstone samples were placed into the TDS-300 concrete
freeze-thaw test machine for recurrent F-T cycles. In this
test, samples were frozen at -20°C for 4 hours and thawed at
+20°C for 4 hours. All samples were taken out of the TDS-
300 concrete freeze-thaw test machine and acid solution to
observe their change in physical appearance after each 10
F-T cycles, and at the same time, dry mass of samples were
also measured.

2.3.2. NMR and MRI Test. NMR and MRI technology
conduct nondestructive test of inner structure of rock
material based on detecting H-proton of fluid water [29].
+erefore, samples must be saturated in the process of test.
As samples were vacuum saturated for 4 hours with vacuum
pressure of 0.1MPa and soaked into corresponding solu-
tions, rock samples were taken out of solutions and wiped
with wet towel to clear congealed water on the surface before
conducting NMR and MRI tests. +en, they were wrapped
with preservative films instantly to prevent water evapora-
tion in the process of NMR and MRI tests. After that, rock
samples were put into carrying bed of the AniMR-150 NMR
imaging system [25, 28] to conduct NMR andMRI tests.+e
NMR andMRI tests were conducted after each 10 F-Tcycles.
+e changes of porosity, T2 distribution, and MRI of rock

Table 1: Quality percentage of sandstone’s mineral component.

Component Quartz Illite Montmorillonite Clay (mainly
Fe2O3)

Quality (%) 95.1 1.48 2.32 1.1

Table 2: Original physical parameter of sandstone.

Dry density
ρ (g/cm3)

Natural moisture
content (%)

Initial
porosity (%)

2.10 3.08 10.10

Spectrometer system and
radio frequency unit

Industrial personal
computer

Magnet cabinet

Figure 1: AniMR-150 NMR imaging system.
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samples were obtained. It should be noted that porosity in
this NMR test is the ratio of the sample’s moisture content
and the sample’s volume. To avoid the porosity error caused
by deformation spallation of rock samples, the volumetric
method was used to measure the sample’s volume after the
F-T cycling test.

2.3.3. Chemical Component Test. +e chemical component
test indicates the component test of acid solution and the
rock sample. +e acid solution component test in this ex-
periment included the pH test and metallic ion concen-
tration test of acid solution whichmainly containedH+, Na+,
Mg2+, Al3+, and Fe3+.+e rock sample component test which
focused on chemical element measurement was imple-
mented through X-ray diffraction (XRD) analysis and X-ray
fluorescence (XRF) analysis by experimental center of
Changsha Research Institute of Mining and Metallurgy
(China). In this experiment, the pH test and metallic ion
concentration test of acid solution were conducted before
and after each 10 F-T cycles, while the rock sample com-
ponent test was conducted before the rock sample was
treated with acid solution and after the rock sample went
through 40 F-T cycles in acid solution.

3. Results and Discussion

3.1. Samples’Appearance. Acid erosion and coupled effect of
acid erosion and recurrent F-T cycling had caused different
degrees of macroscopic deterioration to sandstone samples.
Figure 2 includes pictures of sandstone samples that are
immersed in solutions with pH of 2.8, 4.2, 5.6, and 7.0 for
a time-span of 40 F-Tcycles, but it should be noted that they

did not undergo any F-T cycles. Figure 2 shows acid cor-
rosion effect on sandstone. By analyzing Figures 2(c) and
2(d), it is not hard to find that sandstone samples had no
evident response to acid solution with pH of 5.6 and pure
water (pH� 7.0) even though they were soaked in corre-
sponding solution for a time-span of 40 F-Tcycles. However,
when the pH of acid solution descended, that is, when acidity
increased, macroscopic deterioration appeared. Figures 2(a)
and 2(b) exhibit appearance of sandstone immersed in acid
solution with pH of 2.8 and 4.2, respectively. +ese two
pictures show that few discrete visible holes induced by acid
corrosion appeared. By contrasting 4 pictures in Figure 2, it
reveals that deterioration of sandstone enhanced with de-
cline of the solution’s pH.

Figure 3 gives pictures of sandstone samples that are
immersed in solutions with pH of 2.8 for 10, 20, 30, and
40 F-T cycles, respectively. Comparing Figure 2(a) with
Figure 3(a), it is easy to find that recurrent F-Tcycling began
causing damage even though rock samples underwent 10
F-T cycles only. As shown in Figure 3, after undergoing 10
F-T cycles, more visible holes appeared in the surface of
samples than those samples immersed in acid solution only.
When number of F-T cycles increased, damage of rock
samples accumulated. After 20 F-T cycles (Figure 3(b)),
more visible holes occurred; some small performative cracks
generated as a result, and even a bit of sandstone layer
around the end of samples peeled off because these areas
have one more free surface and less constraint. After 30 F-T
cycles (Figure 3(c)), visible holes increased, through cracks
increased and extended, and peeling off area expanded than
those samples that suffered 20 F-T cycles, but the peeling off
area was still limited to the end of samples. Big change

Visible hole

(a)

Visible hole

(b) (c) (d)

Figure 2: Figures of rock samples immersed in solution with different pH for a time-span of 40 F-T cycles but did not undergo any F-T
cycles. (a) pH 2.8, (b) pH 4.2, (c) pH 5.6, and (d) pH 7.0.

Visible hole

(a)

Small cracks

Peeling off area

Visible hole

(b)

Visible hole
Small cracks

Peeling off area

(c)

Peeling off area
Expanded cracks

(d)

Figure 3: Figures of rock samples immersed in solution with pH of 2.8 and underwent different F-Tcycles. (a) 10 cycles, (b) 20 cycles, (c) 30
cycles, and (d) 40 cycles.
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appeared after samples underwent 40 F-T cycles, and it is
clearly shown in Figure 3(d) that the sample’s damage ac-
cumulated to certain extent and peeling off was extended to
whole samples. By comparing Figure 2 with Figure 3, it can
be deduced that coupled effect of acid corrosion and re-
current F-T cycling had caused much more serious deteri-
oration to sandstone samples than acid corrosion.

3.2. DryMass. Under the coupled effect of acid erosion and
recurrent F-T cycling, on one hand, soluble components of
samples dissolve in acid solution, on the other hand, some
surface layer of the sample peeled off caused by recurrent
F-T cycling. Both of these damages are related to dry mass
loss, therefore, dry mass loss is another aspect that reflects
damage accumulation. Table 3 records average dry mass of
sandstone before and after these experiments, and Figure 4
reflects changes of average dry mass loss of samples under
coupled effect of acid corrosion and recurrent F-T cycling.

Table 3 and Figure 4 show that dry mass loss increases with
acid corrosion and recurrent F-T cycling.

It is easy to find out that dry mass loss grows expo-
nentially with increasing numbers of F-T cycles when
samples are immersed in certain pH solution. Take those
samples immersed in acid solution with a pH of 2.8 as
example, dry mass loss corresponding to those samples that
underwent 10, 20, 30, and 40 F-T cycles is 0.915%, 1.765%,
2.980%, and 9.740% respectively. +is group of data reveals
that dry mass loss of samples is not serious before 20 F-T
cycles, while they suffer dramatic dry mass loss when F-T
cycles reached 30 and 40, which shows a exponential growth
trend. Dry mass loss grows nearly linear with pH decrease
when samples go through certain F-T cycles. Take those
samples that underwent 30 F-T cycles for example, dry mass
loss corresponding to those samples immersed in acid so-
lution with pH of 2.8, 4.2, 5.6, and 7.0 is 2.980%, 2.770%,
2.265% and 4.925% respectively.

Figure 4 shows that samples’ dry mass loss increase with
solution’s pH decrease and F-T cycle increase, while the
increasing trend of samples’ mass is different. Dry mass loss
grows exponentially with increasing numbers of F-T cycles
while it grows nearly linear with pH decrease. +e difference
indicates that even though both acid corrosion and recurrent
F-T cycling cause damage to sandstone; however, the
damage of recurrent F-T cycling to sandstone is greater
overall.

3.3. Porosity. In this paper, porosity is obtained by the NMR
system. NMR calculated porosity with parameters of the
sample’s moisture content (saturated situation) and the
sample’s volume, so the porosity can reflect cracks and pores
inside the sample; therefore, porosity is an important pa-
rameter that reflects rock damage. Figure 5 shows sand-
stone’s porosity after it suffered different numbers of

Table 3: Average dry mass of sandstone before and after suffering
different pH and F-T cycles.

pH Situation
description

Average mass of dry samples (g)
10

cycles
20

cycles
30

cycles
40

cycles

2.8
Before F-T 385.10 394.46 392.20 394.00
After F-T 381.44 387.4 380.29 355.04

Discrepancy −3.66 −7.06 −11.92 −38.96

4.2
Before F-T 387.20 391.89 394.31 390.62
After F-T 384.87 385.62 383.23 375.59

Discrepancy −2.34 −6.28 −11.08 −25.04

5.6
Before F-T 386.52 388.07 395.07 391.77
After F-T 384.32 383.35 380.37 370.82

Discrepancy −2.2 −4.73 −9.06 −20.9

7.0
Before F-T 386.7 390.66 387.19 392.90
After F-T 385.12 387.6 381.28 373.2

Discrepancy −1.58 −3.06 −5.9 −19.7
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Figure 4: Changes of average dry mass loss of samples versus
solutions’ pH and F-T cycles.
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recurrent F-T cycles in acid solution with different pH. A
group of samples which immersed in acid solution with pH
of 2.8 but did not suffer any F-T cycling is picked as the
control group. In terms of the control group, during the first
time-span of 10 F-T cycles, the porosity increased from
10.00% to 10.52%, whose growth accounts for more than
60% of the total pore growth (0.82%) of the sample. In the
second time-span of 10 F-T cycles, the samples’ porosity
reached their peak and remained the same in the next 2 time-
span of 10 F-T cycles, which indicates that acid corrosion
took effect in first time-span of 20 F-T cycles.

In terms of those samples which suffered couple effect
of acid corrosion and F-Tcycling, a quicker porosity growth
is observed in the first time-span of 20 F-T cycles and then
porosity growth slows down, this also means that acid
corrosion worked in the first time-span of 20 F-T cycles.
However, an obvious difference is that F-T cycling caused
greater damage to samples. Take the group of samples
immersed in acid solution with pH of 2.8 (Figure 5) as an
example, during the first time-span of 10 F-T cycles, the
porosity increased from 10.18% to 14.39%, and their porosity
reached to 18.43% after 40 times of F-T cycles. It means that
coupled effect of F-T cycling and acid erosion causes greater
damage than acid erosion. Comparing the porosity of
samples immersed in solution with different pH, it reveals that
the growth of porosity is positively related to the concen-
tration of the acid solution, which reflected in Figure 5 is
that the lower the solution’s pH is, the bigger the porosity
growth is.

3.4. T2 Spectrum. T2, that is, transverse relaxation time, is
a parameter that represents pore’s size inside rock samples.
Big T2 value represents macropore and small T2 value
represents micropore. Figure 5 presents the T2 distributions
of samples which suffered coupled effect of acid erosion and
recurrent F-T cycles. It is found that there are two peaks in
the spectrum of these specimens. From left to right, the first
spectral peak corresponds to micropores, while the right
peaks represent macropores.+e change rule of T2 spectrum
of sandstone that underwent coupled effect of acid corrosion
and recurrent F-Tcycles can be revealed in two perspectives.

Firstly, from the perspective of F-T cycles, porosity in-
creases with the increase in F-T cycles overall. During the
first time-span of 10 F-Tcycles, the T2 spectrum shifts to the
right as a whole, indicating that new pores continuously
generated and primary pores expanded to a larger size under
the coupled effect of F-T cycling and acid erosion. In the
second time-span of 10 F-Tcycles, left peaks of four pictures
in Figure 6 gain a considerable growth while the right peaks
basically remain the same, which means micropores in-
creased rapidly while macropores had no evident change
during this period. During the third and fourth time-span of
10 F-T cycles, the right peak of the T2 spectrum increases
rapidly while the left peak basically remains the same, in-
dicating that the macropores in the sample developed
rapidly while micropores had no evident change at this stage.

Secondly, from the perspective of pH variation, the dif-
ference of the T2 spectrum between samples immersed in acid

solution with different pH mainly reflects in the first time-
span of 10 F-T cycles. Figure 6 shows a trend of the T2
spectrum in the first time-span of 10 F-Tcycles that the right-
shift value of the left peak increases with the decrease of pH
value. +is demonstrates that the rate of micropore growth
increases with the decrease of the solution’s pH value.

3.5. Solution’s pH and Metallic Ion Concentration. Acid
solution will react with resolved components of sandstone
when sandstone samples were immersed in acid solution.
Figure 7 presents pH change of solutions immersed with
sandstone samples which underwent treatment of various
pH values and F-T cycles. It can be seen from Figure 7 that
these pH values change dramatically within 20 F-T cycles,
and after that pH values are almost unchanged. +e phe-
nomenon demonstrates that acid corrosion mainly hap-
pened at the beginning 20 F-T cycles, and this result is
consistent with the conclusion we got from Section 2.5.
While the line in Figure 7 marked with pH 7.0 which
represents sandstone immersed with pure water shows
a downward trend, that means, , pure water, not like other
solutions, turns to acid solution when sandstone was soaked
in it. As sandstone used in this paper was composed of
quartz, illite, montmorillonite, and clay, the acidification of
pure water was caused by the hydroxyl groups on the crystal
surface of illite and montmorillonite reacted with the OH−
produced by hydrolysis under neutral conditions. Its
chemical reaction is shown as follows:

Al−OH + OH− + H+⟶ Al−O− + H2O + H+
(1)

Figure 8 presents metallic ion concentrations of the
solution with pH of 2.8 after different F-T cycles. +e so-
lution contained 4 metal ions altogether, that is, K+, Mg2+,
Fe3+, and Al3+. As shown in Figure 8, the metallic ion
concentrations increase mainly within the first time-span of
20 F-T cycles, and compared with Figure 7, it can be found
that acid was consumed. Combining the chemical compo-
nent of sandstone and the metallic component of the so-
lution demonstrate the chemical reactions between
sandstone and sulfuric acid solutions as described below:

Kx H2O( 4 Al2−xMgx(  Si4O10 (OH)2 + H2O + H+⟶

K+
+ Mg2+

+ Al2O3 · 2SiO2 · 2H2O + H4SiO4

(2)

K1−x H2O( x Al2 AlSi3O10 (OH)2−x H2O( x  +H2O +H+⟶

K+
+ Al3+

+ Al2O3 · 2SiO2 · 2H2O + H4SiO4

(3)

Al2O3 · 2SiO2 · 2H2O + 6H+
� 2Al3+

+ 2H2SiO3 + 3H2O
(4)

Fe2O3 + 6H+
� 6Fe3+

+ 3H2O (5)

When immersed in sulfuric acid solution, montmoril-
lonite reacted with it, and the reaction equation is shown as

6 Advances in Civil Engineering



(2). Equation (2) shows that K+ andMg2+ are replaced by H+

from montmorillonite, kaolinite, and orthosilicic acid
generated at the same time. Equation (3) shows that K+, Al3+,
kaolinite, and orthosilicic acid generated when sulfuric acid
solution reacted with illite. It is worth noting that kaolinite
do react with sulfuric acid solution only after K+ and Mg2+
are separated from illite and montmorillonite, so (4) gives
another resource of Al3+ and Fe3+ in solution came from clay
in sandstone; when ferric oxide in clay reacts with sulfuric
acid solution, Fe3+ would generate as shown in (5).

In conclusion, when sandstone is immersed in sulfuric
acid solution, soluble components like montmorillonite,
illite, and ferric oxide in clay react with sulfuric acid solution.

As major cements and fillings of sandstone, when these
components dissolve, micropores generate and primary
pores expand. +is explains why the solution’s pH, metallic
ion concentrations, and numbers of micropore rise, and dry
mass of samples decline in the first time-span of 20 F-T
cycles.

3.6. Magnetic Resonance Images (MRI). As energy attenua-
tion characteristic varies with the compositions of rock, the
distribution of different compositions can be detected based
on the difference of attenuation signals. In MRI, the loca-
tions of fluid within rocks are shown as light spots, and the
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Figure 6: T2 spectrum of sandstone that underwent coupled effect of acid corrosion and recurrent F-T cycles. (a–d) Samples immersed in
solution with pH of 2.8, 4.2, 5.6, and 7.0.
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fluid content of samples is reflected by the brightness of light
spots. +e brighter and larger the light spots are, the higher
the fluid content is, which means that the pores are more
abundant and larger [29].

In this study, the MRI imaging was conducted on the
saturated specimens to intuitively show the change of pore

sizes and pore structures after the treatment of acid erosion
and recurrent F-T cycling. Figure 9 gives MRI test result of
sandstone samples immersed in acid solution with pH of 2.8
which underwent different F-T cycles.

As shown in Figure 9, the number and the brightness of
light spot of sandstone samples increase with the increase
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of F-T cycles, which means that pore numbers and pore size
of sandstone samples increase with the increase of F-Tcycles.
As to the saturated sample which suffered 0 F-T cycles, light
spots are mainly distributed around the surface, and some
light spots are scattered inside the sample. After 10 F-T
cycles, it could be found that light spot extends to the inner
of the sample, and some light spots become brighter, which
reveals that new micropores are formed and some micro-
pores expand to a larger size inside the rock. After 20 F-T
cycles, light spots generate continuously and are more in-
tensive; this indicates that more micropores generated
during this period. After 30 F-T cycles, it is obvious that
more brighter light spots occur, and it is worth noting that
the image is not circular anymore, which means that some
part of the surface peeled off from the samples. After 40 F-T
cycles, more pores generate, and the peeling off area on the
sample surface gets bigger.

4. Conclusions

(1) According to the samples’ appearance and MRI, it
can be concluded that sandstone samples which
underwent coupled effect of acid erosion and re-
current F-T cycles are destroyed from outside to
inside. Visible holes and small cracks are formed
firstly on the surface of samples and then developed
inside samples.

(2) Dry mass loss and porosity grow with F-T cycle
increase and pH value decrease. It reveals that de-
terioration of sandstone enhanced with the decrease
of the solution’s pH and increase of F-T cycles. In
addition, it can also be seen that coupled effect of
acid corrosion and recurrent F-T cycling causes
much more serious deterioration to sandstone
samples than acid corrosion.

(3) +e NMR T2 distribution of sandstones is repre-
sented by a two-peak spectrum. +e variation of T2
spectrum shows that acid erosion and F-T cycling
lead to the generation of new micropores and ex-
pansion of micropores at the beginning; when acid
solution is exhausted, new micropores generate
under the effect of F-T cycling, and micropores in
samples keep developing and expanding with the
increase of F-T cycles.

(4) +e solution’s pH and concentration of K+, Mg2+,
Fe3+, and Al3+ increase with the increase of F-Tcycle.
According to the mineral component of the sample
and composition of the solution after reaction, it can
be concluded that montmorillonite, illite, and clay in
sandstone react with sulfuric acid solution, which
consumed H+ of the solution and separated out
corresponding metallic ions.
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Structural plane is a key factor in controlling the stability of rock mass engineering. To study the influence of structural plane
microscopic parameters on direct shear strength, this paper established the direct shear mechanical model of the structural plane
by using the discrete element code PFC2D. From the mesoscopic perspective, the research on the direct shear test for structural
plane has been conducted. (e bonding strength and friction coefficient of the structural plane are investigated, and the effect of
mesoscopic parameters on the shear mechanical behavior of the structural plane has been analyzed. (e results show that the
internal friction angle φ of the structural plane decreases with the increase of particle contact stiffness ratio. However, the change
range of cohesion is small. (e internal friction angle decreases first and then increases with the increase of parallel bond stiffness
ratio. (e influence of particle contact modulus EC on cohesion c is relatively small. (e internal friction angle obtained by the
direct shear test is larger than that obtained by the triaxial compression test. Parallel bond elastic modulus has a stronger impact on
friction angle φ than that on cohesion c. Under the same normal stress conditions, the shear strength of the specimens increases
with particle size. (e shear strength of the specimen gradually decreases with the increase of the particle size ratio.

1. Introduction

(e large-scale existence of structural plane has severely
damaged the continuity and integrity of rock mass, thereby
exerting a profound influence on the strength of the rock
mass. Structural plane is a key factor in controlling the
stability of rock mass engineering [1–5].(e destruction and
damage of jointed rock mass is mainly along the structural
plane. (us, studies on the shear strength, failure mode, and
shear damage of a structural plane are significant. Many
scholars have conducted relevant research [6–12]. Yang et al.
[13] study the relationship between the 3D morphological
characteristics and the peak shear strength through several
tilt tests. Fardin et al. [14] carried out investigations to
understand the effect of scale on the surface roughness of
rock joints. Park and Song [15] have numerically simulated
rock joints and performed an extensive series of the direct
shear tests using the code PFC3D. PFC3D represents that the
interaction of circular particles by the distinct element
method (DEM) can simulate joint movement. Achieving the

specified JRC value for real rock samples and considering the
homogeneity of rocks are difficult because the shear test for
the same roughness cannot be investigated under different
conditions of laboratory tests [16–18]. In recent years, the
application of discrete element numerical methods in geo-
technical engineering has become extensive, and scholars
have used this method to investigate the mechanical
properties of joints [19–25]. Farahmand et al. [26] used
a synthetic rock mass (SRM), model coupling discrete
fracture networks (DFNs), and a discrete element grain-
based model (DEM) to characterize the mechanical prop-
erties of moderately jointed rock masses under confined and
unconfined conditions. Shang et al. [27] present a numerical
investigation of the effects of boundary conditions on the
failure mechanism of incipient rock discontinuities in direct
shear. In this paper, the direct shear mechanical model of the
structural plane is established by using the discrete element
code PFC2D. From the mesoscopic perspective, the research
on the direct shear test for structural plane has been con-
ducted. (e bonding strength and friction coefficient of the
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structural plane are investigated, and the effect of meso-
scopic parameters on the shear mechanical behavior of the
structural plane has been analyzed.

2. Modeling

Numerical simulation of the shear strength test is divided
into two categories, namely, nonlimit and restrictive shear
strength tests.(e nonlimit shear strength test only has shear
stress on the shear surface without the existence of normal
stress. (e restricted shear strength test has normal stress in
addition to the shear stress on the shear plane [28–31]. In
this paper, the restrictive shear strength test is adopted to
apply a specific normal stress on the sample, and the normal
stress is set as 2.5, 5.0, 7.5, 10.0, 12.5, and 15MPa.(e size of
the direct shear test is 100mm× 100mm, and the speed
boundary condition is applied to the upper part of the
model. Results show that the internal friction angle
φ� 20.30° and cohesion c� 9.29MPa.

3. Results and Analysis

3.1. Particle Contact Stiffness Ratio. (e impact of particle
contact stiffness ratio kn/ks on shear strength is shown in
Table 1. (e internal friction angle φ of the structural plane
decreases with the increase of particle contact stiffness ratio
kn/ks. However, the change range of cohesion is small, in-
dicating that particle contact stiffness ratio kn/ks has less
effect on the cohesion.

(e effect of particle contact stiffness ratio on the in-
ternal friction angle is shown in Figure 1. (e normal
stiffness of particles increased gradually with the particle
contact stiffness ratio of kn/ks. In the conventional triaxial
compression simulation test, shear failure is the specimen
failure mode, and the internal friction angle in the shear
strength parameter is approximately the same as that ob-
tained in the direct shear simulation test. However, in the
direct shear simulation experiment, the particle contact
stiffness ratio of kn/ks � 1.45 and kn/ks � 0.5, and the size
differences between internal friction angle is extremely
small, indicating if the normal stiffness is close to the tan-
gential stiffness, then the friction angle will decrease. In the

direct shear test, when the particle contact stiffness ratio
increases gradually, the internal friction angle of the
structure increases gradually. When the particle contact
stiffness ratio of kn/ks � 2.0, the internal friction angle rea-
ches the peak of the specimens, which is φ� 24.56°. For
particle contact stiffness ratio kn/ks � 1.0, the internal friction
angle is also relatively large at φ� 24.28°. (e internal
friction angle of the specimen can be increased when the
contact between particles is equal to the tangential stiffness.
If the normal stiffness of the particle is greater than the
tangential stiffness, then the difference between the normal
and tangential stiffness is less, and the internal friction angle
is less than the internal friction angle when the particle
method is equal to the tangential stiffness. When the normal
stiffness is twice the tangential stiffness, the internal friction
angle is maximized. Particle contact stiffness ratio kn/ks
increases to a certain value. (e particles during normal
stiffness are larger than those during tangential stiffness. A
small internal friction angle can enhance shear strength.
However, the general trend means that the internal friction
angle of the specimens decreases with the increase of the
particle contact stiffness ratio. (e influence of particle
contact stiffness ratio on cohesion is analyzed, as shown in
Figure 2. (e cohesion c of the specimen is less than that of
the conventional triaxial compression simulation test under
the same kn/ks. Under the two test conditions, the cohesion
of the specimen has the same change trend as that of kn/ks,
and the influence of kn/ks on adhesion c is relatively small.

3.2. Parallel Bond Stiffness Ratio. Parallel bond stiffness ratio
is a specific parameter in the simulation of parallel bonding
model, which represents the ratio of the normal stiffness to
the tangential stiffness between two particles. (e shear
strength parameter values of different parallel bond stiffness
ratios are recorded, as shown in Table 2.(e internal friction
angle fluctuates with the increase of parallel bond stiffness
ratio kn/ks. When the particle parallel bond stiffness ratio is

Table 1: Shear strength parameter values of different particle
contact stiffness ratio.

Particle contact
stiffness ratio Friction angle (°) Cohesion (MPa)

0.5 21.16 8.75
1 24.28 8.94
1.45 20.30 9.29
2 24.56 8.73
3 22.73 8.43
4 20.41 8.52
5 19.34 8.49
6 18.62 8.52
7 17.80 8.48
8 18.52 8.25
9 19.49 8.19
10 15.70 8.29 0 2 4 6 8 10
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Figure 1: Influence of particle contact stiffness on friction angle.
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kn/ks � 2, the result of the internal friction angle is less than
kn/ks � 0.5 because the model is a parallel bond model,
which is in accordance with the shear failure model.
Moreover, the particle cementing material between normal
stiffness is large. (e internal friction angle decreases first
and then increases with the increase of parallel bond stiffness
ratio kn/ks. (e reason is that the difference between normal
stiffness and tangential stiffness is increasing, that is, the
increase of difference decreases the stability and strength of
the specimen. (erefore, the internal friction angle is re-
duced appropriately, but not the cohesion. (e internal
friction angle increases with the parallel bond stiffness ratio.
(e reason is that the increase of the stiffness ratio of the
parallel bond causes the rigid contact between particles.
Furthermore, the overall “rigidity” of the experimental
model increases, and its macrodamage gradually becomes
tensile failure. cmax � 9.29MPa is reached when the cohesion
c of the direct shear test model is at the parallel bond stiffness
ratio of kn/ks � 1.45. When kn/ks < 1.45, the cohesion of the
specimen increases and then decreases with kn/ks.

(e influence of parallel bond stiffness on internal friction
angle is analyzed, as shown in Figure 3. In the conventional
triaxial compression test, the internal friction angle increases
with the ratio of parallel bond stiffness. In the direct shear test,
the internal friction angle decreases with the increase of
parallel bond stiffness ratio between particles, and its variation
range is approximately 21%. kn/ks � 6, the internal friction
angle of the conventional triaxial compression simulating test
is φ� 29.22°, and internal friction angle in the direct shear test
is φ� 18.83°. When kn/ks > 3, the internal friction angle of the
specimen decreases gradually in the direct shear test. (e
influence of parallel bond stiffness on cohesion is analyzed, as
shown in Figure 4. In the same parallel bond stiffness ratio, the
cohesion obtained by the direct shear test is less than that of
the conventional triaxial test but with a slight difference.
(e change trend of cohesion in the specimen is similar in
both test conditions, that is, cohesion increases with kn/ks

Table 2: Shear strength parameter values of different parallel bond
stiffness ratios.

Parallel bond stiffness ratio Friction angle (°) Cohesion (MPa)
0.5 22.93 8.35
1 22.20 8.79
1.45 20.30 9.29
2 20.76 9.14
3 23.85 8.79
4 21.55 8.58
5 19.95 8.76
6 18.83 8.48
7 20.71 8.05
8 21.31 7.67
9 20.20 7.63
10 21.80 7.25
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Figure 3: Influence of parallel bond stiffness on friction angle.
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Figure 4: Influence of parallel bond stiffness on cohesion.
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Figure 2: Influence of particle contact stiffness on cohesion.
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and reaches maximum and then decreases gradually at
kn/ks � 2.

3.3. Particle Contact Modulus (EC). EC is the Young’s
modulus between particles, and the shear strength parameter
values under different particle contact moduli are recorded, as
shown in Table 3. In the direct shear test, internal friction angle
and cohesion change due to the change of EC and the large
variation amplitude. (e internal friction angle is increasing
gradually. When EC� 2.8GPa, the internal friction angle of the
specimens suddenly decreased to φ� 20.30°, and cohesion
reached the maximum value of c� 9.29MPa. Although the
internal friction angle decreases, the increased cohesion can
enhance the shear strength of the structural plane. When the
particle contact modulus is small, which is 1≤ EC≤ 2.8GPa, the
change internal friction angle is significant, with a difference of
6.3°. (e particle contact modulus, which strongly influences the
internal friction angle, is relatively small. In actual simulation, EC
should be adjusted constantly tomatch the actual internal friction
angle. If EC is large, then the internal friction angle changes with
it. (e influence of EC on cohesion c is relatively small, with
a difference of 1.79MPabetween themaximumcohesion and the
minimum bond force, and the difference is approximately 19%.
(e friction angle of the maximum and minimum values is
10.74°, with a difference of approximately 35%.

(e influence of EC on friction angle is shown in Figure 5.
(e internal friction angle obtained by the direct shear test
is larger than that obtained by the triaxial compression test.
With the increase of EC, the internal friction angle of the two
experiments shows an increasing trend. (e variation of in-
ternal friction angle in the direct shear test is large, whereas
that in the triaxial compression test is stable. (e influence of
EC on cohesion is analyzed, as shown in Figure 6. Under the
condition of two types of tests, the change trend of cohesion
c is similar, but the cohesion obtained from the triaxial
compression test is greater than that obtained from the direct
shear test. (e law is opposite from the internal friction angle
changing law.

3.4. Parallel BondElasticModulus. (e elastic modulus Ec of
the parallel bond is the Young’s modulus of the bond be-
tween two particles. In the direct shear test, shear strength

parameters φ and cohesion decrease with the increase of the
parallel bond elastic modulus, as shown in Table 4. Parallel
bond elastic modulus has a stronger impact on friction angle
φ than that on cohesion c. (e scope of the change of the
internal friction angle is 5.44° or approximately 22%. (e
variation range of cohesion is 1.11MPa or approximately
11%. Considering that friction angle and cohesion have
a similar change trend with the parallel elastic modulus, the
rule of Coulomb criterion [32–35] shows that larger parallel
bond modulus means smaller internal friction angle and
cohesion and shear strength. (is phenomenon is due to the
increase in the parallel bond elastic modulus, in which the
mechanical properties of the specimens are changed, “ri-
gidity” is enhanced, and shear strength is weakened.

(e influence of the parallel bond elastic modulus on the
internal friction angle is analyzed, as shown in Figure 7. In
the triaxial compression and direct shear tests, the effect of

Table 3: Shear strength parameter values under different particle
contact moduli.

Particle contact modulus
(GPa) Friction angle (°) Cohesion (MPa)

1 19.80 8.33
1.5 26.10 8.37
2 25.17 7.66
2.5 24.23 9.01
2.8 20.30 9.29
3.5 27.02 8.67
4 27.92 7.50
4.5 29.25 8.04
5 30.54 8.06
6 24.7 9.24
7 30.11 8.56 1 2 3 4 5 6 7

18

20

22

24

26

28

30

32

Fr
ic

tio
n 

an
gl

e (
°)

Particle contact modulus (GPa)

Conventional triaxial compression test
Direct shear test 

Figure 5: Influence of particle contact modulus on friction angle.
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Figure 6: Influence of particle contact modulus on cohesion.
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the elastic modulus (Ec) of the parallel bond on the internal
friction angle is much the same. (e internal friction angle
decreases and the internal friction angle of the triaxial
compression test is larger than that of the straight shear test
with the increase of the elastic modulus Ec of the parallel
bond. When the parallel bond elastic modulus is equal to
6GPa, the internal friction angle obtained in the two ex-
periments is approximately equal. (e difference in the
internal friction angle is small under the condition of two
kinds of test along with the increase ofEc whenEc � 7GPa. A
large parallel-bonded elastic modulus can be achieved by
using the internal friction angle from the conventional
triaxial compression test as the actual internal friction angle.
Figure 8 shows the effect of the parallel bond elastic modulus
on cohesion. (e variations of cohesion and internal friction
angle and the influence trend of the adhesive modulus are
roughly the same. In addition, the cohesion obtained under
the two test conditions is approximately the same. Only
when Ec < 2, the difference between the two conditions is
large and the cohesion obtained by the triaxial compression
test is larger than that obtained by the direct shear test.

3.5. Particle Size. According to the numerical simulation test
and studies by other scholars, the size of a particle signifi-
cantly influences the shear strength of the specimen [1].
(erefore, the influence of particle size on shear strength
parameters is discussed. (e minimum particle size is set to
0.20, 0.25, 0.28, 0.4, 0.5, 0.8, 1.0, 1.2, and 1.5mm.(e particle
diameter ratio of the specimen was set to 1.5, and the shear
strength of the specimens with different particle sizes was
obtained under normal stress by controlling the particle size
ratio, as shown in Table 5. Under the same normal stress
conditions, the shear strength of the specimens increases
with particle size. When the particle size was more than
0.8mm, the particle size has less influence on shear strength.
(e effect of particle size on shear strength decreases with
the increase of normal stress. When the minimum particle
size is 0.8mm and 1.5mm, the shear strength is closer to the
increase of the normal stress.

Table 6 shows that in the direct shear test, the influence
of the particle size of a specimen on the friction angle φ is
greater than cohesion c. Cohesion increases with the particle
size, and the range is 2.86MPa or approximately 26%. (e
effect of the particle size of a specimen on internal friction
angle is large, the range is 8.85° or approximately 36%, and
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Figure 7:(e effect of parallel bond elasticmodulus on friction angle.
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Figure 8: Influence of parallel bond elastic modulus on cohesion.

Table 5: Shear strength of different particle size specimens under
normal stress.

Minimum particle
size (mm)

Normal stress (MPa)
2.5 5 7.5 10 12.5 15

0.20 8.64 10.64 12.02 13.04 13.28 14.19
0.25 8.21 11.08 12.01 12.42 13.60 14.51
0.28 9.82 11.25 12.62 12.85 13.96 14.60
0.4 10.00 11.57 12.34 12.48 12.85 14.48
0.5 9.71 10.93 12.20 12.73 13.32 14.28
0.8 10.86 12.39 14.03 15.16 15.67 16.41
1.0 10.81 11.68 12.88 13.90 14.72 15.33
1.2 10.97 12.46 13.04 13.59 13.81 14.88
1.5 11.43 13.06 13.77 15.17 15.40 16.35

Table 4: Shear strength parameters of different parallel bond elastic
moduli.

Parallel bond elastic
modulus (GPa) Friction angle (°) Cohesion (MPa)

1 24.84 9.71
1.5 22.20 9.56
2 20.66 9.51
2.5 21.90 9.10
2.8 20.30 9.29
3.5 20.46 9.04
4 20.46 8.89
4.5 19.54 8.87
5 18.42 8.92
6 19.40 8.63
7 19.44 8.60
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the internal friction angle decreases without obvious regu-
larity. For a minimum particle size of 0.25mm and 1.2mm,
the internal friction angle reaches its maximum and mini-
mum values of φmax � 24.28° and φmin � 15.43°, respectively.

3.6. Particle Size Ratio. (e particle size ratio is the ratio of
the maximum particle size to the minimum particle size.
Controlling the minimum particle size (0.28mm), changing
the particle size ratio of 1.5, 2.0, 2.5, and 3.0, and obtaining
the shear strength of the specimens with different particle
size ratios under normal stress are shown in Table 7. (e
direct shear test is conducted when the normal stress is
2.5MPa, and the shear strength of the specimen gradually
decreases with the increase of the particle size ratio. When
the normal stress exceeds 2.5MPa, the shear strength of the
specimen reaches the maximum when the particle size ratio
is 2.0. (ereafter, the shear strength decreases with the
increase of particle size ratio. (e direct shear test is con-
ducted on a certain particle size ratio, and the shear strength
of the specimen increases continuously with the increase of
normal stress. In summary, although the increase of the
particle size ratio increases the instability of the specimen,
the shear strength of the particle size is highest when the
particle size ratio is 2.0.

(e shear strength parameter values of different particle
size ratios (Table 8) show that in the direct shear test, the
impact of particle size ratio on the cohesion of the specimen
is relatively small. Cohesion decreases with the increase of
the particle size ratio, and the decrease range is 1.11MPa or
approximately 12%, indicating that the increase of particle
size ratio decreases the overall mechanical property of the
specimen. Shear strength is the largest when the particle size
ratio is 2.0 because of the increase in shear strength due to
the increase of the friction angle when the cohesion

decreases. (e overall shear performance of the specimen
decreases with the increase of the particle size ratio mainly
due to the decrease of cohesion.

4. Conclusions

(1) (e internal friction angle φ of the structural plane
decreases with the increase of particle contact stiff-
ness ratio. (e internal friction angle decreases first
and then increases with the increase of parallel bond
stiffness ratio.

(2) In the same parallel bond stiffness ratio kn/ks, the
cohesion obtained by the direct shear test is less than
that of the conventional triaxial test but with a slight
difference. Cohesion increases with kn/ks and rea-
ches maximum and then decreases gradually at
kn/ks � 2.

(3) (e influence of particle contact modulus EC on
cohesion c is relatively small. (e internal friction
angle obtained by the direct shear test is larger than
that obtained by the triaxial compression test. With
the increase of EC, the internal friction angle shows
an increasing trend.

(4) (e shear strength of the specimens increases with
particle size. Cohesion increases with the particle
size. (e shear strength of the specimen gradually
decreases with the increase of the particle size ratio.
(e impact of particle size ratio on the cohesion of
the specimen is relatively small.
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*is study uses a test section of a highway, a study object, to explore the effect of thickness of the gravel base and asphalt layer on
the vertical deformation of the road surface. *e thickness of the asphalt layer and graded gravel base is changed. *e nonlinear
description equation of the relationship between the thickness (h1) of the asphalt layer and the vertical deformation (d1) is
established: d1 � a4(1 bh1

4 ). *e thickness of the asphalt pavement is then determined to reduce vertical deformation. Numerical
calculation shows that the maximum vertical deformation of the foundation is within 8mm, which is less than the 15mm
maximum vertical deformation of the embankment. *is level meets the design requirements.

1. Introduction

Semirigid base asphalt pavement is widely used as the main
structure of highway pavements [1–3]. However, the wide-
spread use of the semirigid base resulted in some problems,
such as the short service life and reduced performance of the
pavement, which will affect the safety of the highway [4–6].*e
early destruction of the semirigid base asphalt pavement is
affected by its structure [7–9]. Temperature and dry shrinkage
tend to cause cracks on the semirigid base [10–12]. Zang et al.
[13] developed a nondestructive FWD-based evaluation model
to evaluate the semirigid base cracking condition.Wu et al. [14]
simulated the interlayer bonding conditions between the
semirigid base layer and the asphalt layer.*us, rainwater easily
enters from the pavement structure into the grassroots base and
soil. *is process is called subgrade softening, which causes
early damage on the asphalt pavement. *e particle material
(graded gravel) between the asphalt surface layer and the
semirigid base, which can be used as the stress dissipation layer,
can effectively reduce the reflection crack of the semirigid
material. Graded gravel is characterized by a certain degree of
compaction of the medium material [15, 16]. Gravel particles
can produce displacement and mutual dislocation and even-
tually achieve vibration compaction under the condition of

traffic load vibration [17–19]. Volume compression in some
gravel materials may cause the pore water pressure to rise due
to dynamic loading, which decreases the material strength.
Kuttah and Arvidsson [20] constructed a trial gravel road and
exposed to various levels of the ground water table. Chang and
Phantachang [21] investigated the effects of gravel content on
the shearing characteristics of gravelly soils. *e graded gravel
base has good drainage performance. *us, increased pore
water pressure and decreased strength are not observed.

In this paper, the numerical simulation methods are used
[22–26], which can simulate the construction of the road. A
testing section of the Jiangxi Highway, China, is used as the
engineering background to explore the effect of thickness of
the bituminous pavement and the graded gravel base on the
vertical deformation of the road surface.*e thicknesses of the
asphalt pavement and grading macadam base are changed.
*e vertical displacements are then studied.

2. Modeling and Parameters

2.1.Modeling. A section of a highway is selected for analysis
(Figure 1). Given that most of road engineering embank-
ments are symmetrical, the FLAC3D [27–31] is used for
modeling analysis in half of the embankments, as shown in
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Figure 2. *e total height of the embankment is 8 m, and
the slope is 1 : 1.5. *e width of the embankment is 25m,
and the width of the upper road is 13m. *e foundation is
equal to the height of the slope, which is 10m, and the
slope to the right is about 1 time the width of the em-
bankment, which is 25m. Table 1 shows the parameters of
the embankment modeling according to the actual data
provided by the project. For the gravel base, the Mohr–
Coulomb criterion [32–34] is used to describe the stress
and strain relation, the cohesion is 0.8MPa, and the
friction angle is 24°.

2.2. Calculation Scheme. *e model range of the embank-
ment is relatively large. *e focus of the study is the vertical
deformation of the embankment under road load. *e action
range is not large because the vehicle load force on the road of
uniformly distributed load is 167 kPa. *e vertical de-
formation of the pavement is largest in the pavement under
load. *erefore, the main part of the study is the road surface.
*is study selects three kinds of pavement forms with different
thicknesses of the asphalt layer and gravel layer. *e main
contents of analysis and parts of the embankment model are
observed.*e selection of the pavement and gravel thickness is
based on three criteria (Figure 3): (1) the thickness of the
asphalt pavement is 0.1m and the gravel base thickness is
0.2m, which is shortened to 10 to 20 types; (2) the thickness of
the asphalt pavement is 0.18m and the gravel base thickness is
0.2m, which is shortened to 18 to 20 types; (3) the thickness of
the asphalt pavement is 0.2m and the gravel base thickness is
0.6m, which is shortened to 20 to 60 types.

Vertical deformation is the vertical deformation of the
pavement. *e distance between the location and em-
bankment center is given as follows:

his id 1 gp zdis 0.0 0.0 0.0 0his id 12 gp zdis 5.7 0.0 0.0
his id 2 gp zdis 2.0 0.0 0.0 0his id 13 gp zdis 6.4 0.0 0.0
his id 3 gp zdis 2.6 0.0 0.0 0his id 14 gp zdis 6.5 0.0 0.0
his id 4 gp zdis 2.7 0.0 0.0 0his id 15 gp zdis 6.6 0.0 0.0
his id 5 gp zdis 2.8 0.0 0.0 0his id 16 gp zdis 6.7 0.0 0.0
his id 6 gp zdis 2.9 0.0 0.0 0his id 17 gp zdis 7.6 0.0 0.0
his id 7 gp zdis 3.6 0.0 0.0 0his id 18 gp zdis 8.5 0.0 0.0
his id 8 gp zdis 4.7 0.0 0.0 0his id 19 gp zdis 8.6 0.0 0.0
his id 9 gp zdis 4.8 0.0 0.0 0his id 20 gp zdis 8.7 0.0 0.0
his id 10 gp zdis 4.9 0.0 0.0 his id 21 gp zdis 8.8 0.0 0.0
his id 11 gp zdis 5.0 0.0 0.0 his id 22 gp zdis 9.5 0.0 0.0

History is divided into two parts, namely, wheel load and
unacted part.

His id 1, 2, 7, 12, 17, and 22 are the unapplied load parts
located in the middle of the load interval between the two
wheels. *e other part of his id is the part of the wheel load.
Each wheel load has two edges and a total of four points in the
center. His id 3, 4, 5, and 6 are the first group. His id 8, 9, 10,
and 11 are the second group. His id 13, 14, 15, and 16 are the
third group. His id 18, 19, 20, and 21 are the fourth group.

*e maximum vertical deformation under load is ana-
lyzed in this study. *e vertical deformation of different
positions is compared, as shown in Figures 4–6. *e four
curves in the upper part are the vertical deformation curves
of the embankments in the corresponding four sets of wheel
loads.*e other part shows the vertical deformation curve of
the embankment with the unapplied load. *e vertical de-
formation of the position under the direct action of vehicle
load is the same as that in engineering practice. *erefore,
the vertical deformation value of the four groups of load is
analyzed as follows. For the 10 to 20 type, the vertical de-
formations of his id 3, 4, 5, and 6 are compared with those of
his id 13, 14, 15, and 16. *e vertical deformation of the two
places was between 6mm and 7mm, and the difference was
not significant. Results are consistent with the 18 to 20 type.

3. Results and Analysis

3.1. Influence ofAsphalt Pavement(ickness onEmbankment.
To study the effect of asphalt pavement thickness on the vertical
deformation of the embankment, the following data are divided
into three categories in accordance with the thickness of the
gravel layer, which is 20, 40, and 60 cm, respectively.

As shown in the calculation in Figure 7, the vertical
deformation of the pavement increases gradually with the
increase of the thickness of the asphalt layer set at 10, 15, 18,
and 20 cm when the gravel base thickness is set at 20 cm.
However, the slope of the curve decreases. *erefore, the
increase of asphalt thickness decreases the influence of vertical
deformation. In addition, the relationship between the thick-
ness (h1) of the asphalt layer and the vertical deformation (d1)
presents nonlinear characteristics. *e relationship between
the two is quantitatively described by the following equation
through the data fitting method:

d1 � a4 1− b
h1
4 , (1)

where a4 and b4 are the undetermined coefficients.
*e fitting correlation coefficient of the four groups is

higher than 0.99, which indicates high correlation. *e
vertical deformation of the pavement in the corresponding
points is small when the thickness of the asphalt layer is
10 cm. *e relative difference of vertical deformation is
comparatively small when the thickness sizes of the asphalt
layer are 15, 18, and 20 cm. *e overall vertical deformation
trend of the road is large in the middle and small on both
sides. *e vertical deformation of the near embankment
center is larger than that of the close shoulder. *e maxi-
mum vertical deformation of the road is at approximately
4.7m from the embankment center.
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Figure 1: Calculation section.
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Previous analysis shows that vertical deformation of the
pavement is the smallest of the four asphalt pavement thickness
schemes when the thickness of the gravel layer is certain and
the thickness of the asphalt pavement is 10 cm. In addition,
the increase of the thickness of the asphalt layer does not
significantly decrease the vertical deformation of the road
pavement. To better understand the influence of asphalt
pavement thickness on the vertical deformation of the pave-
ment, this study analyzes the vertical deformation of the
overall difference of the road surface (Figure 8). When the
thickness of the asphalt surface is 10 cm, the vertical de-
formation of the pavement varies significantly from place to

place although the maximum vertical deformation produced
by the pavement is the smallest. *e asphalt pavement cannot
easily facilitate stress coordination. *e relative vertical de-
formation of the pavement is large, and ruts develop easily,
thereby destroying the asphalt pavement. *e vertical de-
formation of the pavement decreased at asphalt pavement

Table 1: Parameters for the embankment model.

Layer Height (m) Elastic modulus Poisson’s ratio Constitutive model
Asphalt pavement H1� 0.1, 0.15, 0.18, and 0.2 1000MPa 0.3 Elastic
Gravel base H2� 0.20, 0.40, and 0.60 — — Mohr–Coulomb
Embankment fill H3� 8−H1−H2 40MPa 0.27 Elastic
Foundation H4�10 40MPa 0.27 Elastic

Asphelt pavement Gravel base

Figure 3: Road surface composition.

Figure 4: *e vertical deformation for each history point of 10–20
type.

Figure 5: *e vertical deformation for each history point of 18–20
type.

Figure 6: *e vertical deformation for each history point of 20–60
type. (a) *ickness of the asphalt layer with 10 cm. (b) *ickness of
the asphalt layer with 15 cm. (c) *ickness of the asphalt layer with
18 cm. (d) *ickness of the asphalt layer with 20 cm.

13m

8m

10m 10m

25m

12m

50m

Figure 2: Model size in FLAC3D.
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thicknesses of 10, 20, and 40 cm, but the effect is not sig-
nificant. When the thickness of the asphalt surface is 18 or
20 cm, the maximum vertical deformation of the pavement

is slightly increased, but the differences of the vertical de-
formation of the road are relatively small. *e asphalt
pavement coordinates the stress, while the relative vertical
deformation of the pavement decreases. Compared with the
vertical deformation of the asphalt pavement with thicknesses
of 10, 18, and 20 cm, increasing the thickness of the asphalt
pavement can significantly decrease the uneven vertical de-
formation of the pavement.

3.2. Influence ofGravel Base(ickness onEmbankment. When
the thickness of the asphalt pavement is 10 cm (Table 2),
vertical deformation decreases on both sides of the road, and
a trend of decrease after the first increase in the middle of the
road is shown as the gravel base thicknesses of 20, 40, and
60 cm gradually increased. *e vertical deformation of the
pavement is smallest when the thickness of the gravel base
is 60 cm, that is, when the gravel base is the thickest. *e
overall vertical deformation trend of the road is large and
small on both sides. *e vertical deformation of the near
embankment center is larger than that of the close
shoulder.*emaximum vertical deformation of the road is
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Figure 7: Vertical deformation of the road for 20 cm thickness of the gravel base.
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Figure 8: Relationship between the asphalt layer and pavement
with uneven vertical deformation.
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at the direct part of the wheel load approximately 4.7m
from the embankment center.

When the thickness of the asphalt pavement is 15 cm
(Table 3), the vertical deformation of the sides and
the middle section decreases as the gravel base thicknesses of

20, 40, and 60 cm gradually increase, which is different from
10 cm thickness.*e vertical deformation of the pavement in
each group is smallest when the gravel base thickness is
60 cm, that is, when the gravel base is the thickest.

When the thickness of the asphalt pavement is 18 cm
(Table 4), the vertical deformations on both sides of the road
and of the middle two positions show a decreasing trend as
the gravel base thicknesses of 20, 40, and 60 cm gradually
increase.

When the thickness of the asphalt pavement is 20 cm
(Table 5 and Figure 9), the vertical deformation caused by
20, 40, and 60 cm gravel base thicknesses is the same.
Previous analysis shows that the increase of gravel base
thickness can reduce the vertical deformation of the road
when the thickness of the asphalt surface is certain.
*erefore, the method of increasing the gravel base
thickness can be used to reduce the vertical deformation of
the road.

4. Conclusions

(1) *e vertical deformation of the pavement increases
as the thickness of the asphalt layer increases
gradually from 10 cm to 15, 18, and 20 cm, but the
slope of the curve gradually decreases.

(2) Asphalt pavement cannot easily facilitate stress co-
ordination when the relative vertical deformation

Table 2: Vertical deformation for the asphalt pavement thickness of 10 cm.

*ickness of the gravel base (cm) First class Second class *ird class Fourth class
20 6.679 6.921 6.673 5.683
40 6.591 6.944 6.691 5.609
60 6.437 6.700 6.522 5.502

Table 3: Vertical deformation for the asphalt pavement thickness of 15 cm.

*ickness of the gravel base (cm) First class Second class *ird class Fourth class
20 6.915 7.183 6.963 5.868
40 6.812 7.204 6.995 5.85
60 6.750 7.068 6.873 5.85

Table 4: Vertical deformation for the asphalt pavement thickness of 18 cm.

*ickness of the gravel base (cm) First class Second class *ird class Fourth class
20 6.96 7.259 7.046 5.924
40 6.871 7.243 7.010 5.891
60 6.778 7.110 6.900 5.884

Table 5: Vertical deformation for the asphalt pavement thickness of 20 cm.

*ickness of the gravel base (cm) First class Second class *ird class Fourth class
20 6.977 7.263 7.051 5.924
40 6.894 7.247 7.016 5.895
60 6.781 7.114 6.915 5.882
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Figure 9: Vertical deformation for the asphalt pavement thickness
of 20 cm.
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of the pavement is large. Ruts may develop easily,
thereby destroying the asphalt pavement. Compared
with the vertical deformation of the asphalt pave-
ment with thicknesses of 10 cm, 18 cm, and 20 cm,
increasing the thickness of the asphalt pavement can
significantly reduce the uneven vertical deformation
of the pavement.

(3) When the thickness of the asphalt pavement is certain,
the vertical deformation of the pavement decreases
with the increase of the thickness of the gravel base
from 20 cm, 40 cm, and 60 cm. *e vertical de-
formation of the pavement in each group is smallest
when the thickness of the gravel base is 60 cm.
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Macromaterial properties should correspond to the mesoscopic parameters simulated in practical engineering problems. Discrete
element contains a variety of particle models and its corresponding mesoscopic parameters, and the one-to-one relationship
between the mesoscopic parameters and macroscopic parameters is difficult to establish. 'is paper studies the influence of
microscopical characteristic parameters, such as particle contact stiffness ratio, parallel bond stiffness ratio, particle contact
modulus, and parallel bond elastic modulus, on the stress-strain relation in rocks, which shows that (1) 'e range of particle
contact stiffness ratio kn/ks largely varies, but the stress-strain relation curve is relatively small. 'e particle contact stiffness has
less influence on the elastic modulus of the simulated specimens than kn/ks. (2) Before the failure of the specimen, the axial strain
corresponding to the peak compressive strength increases with the increase in the stiffness ratio kn/ks of the parallel bond. (3)'e
particle contact modulus Ec has a great influence on the elastic modulus of sandstone and is characterized by the increase in the
particle contact modulus Ec, corresponding axial strain for the peak compressive strength decreases, and the slope of the stress-
strain relationship curves before damage increases. (4) 'e elastic modulus of the parallel bond greatly influences the uniaxial
compressive strength, and the relationship between them is proportional.

1. Introduction

Determination of the mechanical properties of rock is an
important part of rock engineering design [1–4]. Rock
mechanics parameters are usually obtained by laboratory
tests and numerical analysis. Discrete element is a widely
used numerical method in the study of rock micro- and
macromechanical properties to solve the noncontinuous
medium problem [5–8]. Scholars further used this technique
to slope, mining, rock burst, debris flow, joint, and other
practical projects where it obtained good simulation results
[9–11]. First, macromaterial properties should correspond to
the mesoscopic parameters simulated in practical engi-
neering problems. However, discrete element contains
a variety of particle models and its corresponding meso-
scopic parameters, and the one-to-one relationship between
the mesoscopic parameters and macroscopic parameters is
difficult to establish [12–15]. 'erefore, many scholars

selected different particle bond models for macroscopic
materials and studied the influence of microscopic pa-
rameters on macroproperties of materials [16–18]. For in-
stance, the particles in PFC2D were used to contact the bond
model by Huang and Detournay [19]. Yang et al. [16]
adopted the parallel bond model and studied the effect of the
microscopic parameters on Young’s modulus, Poisson’s
ratio, and uniaxial compressive strength of the adhesive
materials. 'e shear behavior of rock joints is numerically
simulated using the discrete element code PFC2D by
Bahaaddini et al. [17]. However, these studies mainly con-
sider the parameters such as particle bonding strength,
particle friction coefficient, and particle bond strength.
Stiffness properties among mesoscopic particles affect the
force between particles features affecting the macroscopic
appearance of the material [20, 21]. 'ese properties include
parallel bond stiffness ratio, particle contact modulus, and
parallel to the compressive modulus of elasticity [22–24].
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'erefore, the influence of rigidity attribute of the particle on
the macroscopic mechanical characteristics of the material
must be further studied. Based on the considerations men-
tioned above, the use of the particle flow discrete element
numerical simulation method (PFC), the condition of uniaxial
compression, and material microstructures such as rock
strength, stiffness parameters for the influence of the mac-
roscopic mechanical behavior are studied in this paper.

2. Modeling

'e mesoscopic parameters used in this paper are referred to
the work by Bahaaddini et al. [5] and Cundall [25], as shown
in Table 1. Figure 1 shows the numerical stimulation model
with the height of 100mm and diameter of 50mm. 'e

particle minimum diameter Dmin� 0.28mm, the maximum
particle size of the particle isDmax � 0.42mm, and the particle
radius ratio is 1.5, which is randomly generated between the
maximum radius and the minimum radius. Also, the uniform
distribution can be followed. Moreover, embedded Fish
language by the servo control method is used to control the
model of the “wall” movement to realize the uniaxial and
conventional triaxial and the numerical simulation of the
direct shear test [26, 27]. A parallel bond model is used for
particle bonding, and the parallel bonding radius is set to 1.0.
'e results of numerical simulation in this paper are com-
pared with the indoor test results shown in Table 2 to verify
the reliability of the model. In addition, the model used was
42mm in diameter and 82mm in height. Before calculating,
the parameters should be verified [28–30]. Table 2 shows that
the numerical simulation results of this paper are close to

Table 1: Mesoscopic parameters.

Particle microscopic parameters Parallel bonding microscopic parameters
Particle density (kg/m3) 2205 Parallel bond elastic modulus (GPa) 2.8
Particle contact modulus (GPa) 2.8 Normal strength (MPa) 20± 4.5
Friction factor μ 0.6 Shear strength (MPa) 20± 4.5
Particle contact stiffness ratio kn/ks 1.45 Parallel bond stiffness ratio kn/ks 1.45

X

Y

Figure 1: Granular aggregate.

Table 2: Comparison of the simulation model and the results of the
laboratory model.

UCS (MPa) E (GPa) υ
Laboratory results Average value 27.40 4.20 0.20
Numerical results Average value 26.64 4.28 0.17
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Figure 2: 'e stress-strain curves of different particle contact
stiffness ratios are compared.
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those of the laboratory test results. It can be seen that the
compressive strength of the numerical simulation is slightly
less than that of the test results, and the elastic modulus is
slightly larger than the test results, but the difference between
them is very small.

3. Influence of Microscopical
Characteristic Parameters

3.1. Particle Contact Stiffness Ratio. 'e particle contact
stiffness ratio is the ratio of the contact stiffness of particles
to the normal stiffness and tangential stiffness of kn/ks. 'e
following steps should be performed to analyze the influence
of kn/ks on macroscopic mechanical behavior: change the
parameter kn/ks, keep the other microscopic parameters
unchanged, and obtain the stress-strain relation curve as
shown in Figure 2. 'e relationship between the particle
contact stiffness ratio kn/ks and the macroscopic mechanical
behavior of the simulated specimens was also investigated.
Furthermore, the parameters of macroscopic mechanical
properties under different particle contact stiffness ratio
kn/ks simulation tests can be obtained by the numerical
simulation results of discrete element as shown in Table 3.

'e elastic deformation stage occurs before specimen
failure and is the stage where the stress-strain relationship is
in a straight line. However, materials called elastomers cause
the sudden destruction of the simulated specimen with the
deformation properties of rock because the plastic de-
formation stage is not obvious. 'e range of particle contact
stiffness ratio kn/ks largely varies, but the stress-strain re-
lation curve is relatively small. Uniaxial compressive
strength change is small but can be seen when the particle
contact stiffness kn/ks is 1.0. 'e particle contact stiffness
kn/ks for the axial strain can also be seen when the peak
compressive strength and elastic limit range are small and
when the uniaxial compressive strength reaches the maxi-
mum value. 'e slope of the stress-strain relation curve is
relatively small, although the contact stiffness of the particles
is larger than the range of variation. 'e particle contact
stiffness has less influence on the elastic modulus of the
simulated specimens than kn/ks. In general, the effect of
particle contact stiffness on uniaxial compressive strength
and elastic modulus E in the macroscopic mechanical

properties of the simulated specimens is small because the
model used in this paper is a parallel bond model. Fur-
thermore, the macroscopic mechanical properties of the
specimens are mainly related to the microscopic parameters
related to the parallel bonding.

3.2. Parallel Bond Stiffness Ratio. 'e parallel bonding
stiffness ratio kn/ks is a ratio of the normal stiffness kn to the
shear stiffness ks of the two particles when the microscopic
parameters are kept unchanged, and kn/ks are the only ones
changed. Numerical simulation of the uniaxial compression
test is conducted to obtain the stress-strain relation curve of
different parallel bond stiffness ratio kn/ks situations as
shown in Figure 3. 'e parameters of macroscopic me-
chanical properties are obtained based on the numerical
simulation results of discrete elements as shown in Table 4.

Table 3: 'e relationship between the particle contact stiffness ratio and macroscopic mechanical properties.

Particle contact stiffness ratio Modulus of elasticity (GPa) Poisson’s ratio Uniaxial compressive strength (MPa)
0.5 4.39 0.136 27.26
1 4.33 0.147 28.48
1.45 4.22 0.157 27.06
2 4.17 0.166 26.37
3 4.06 0.178 26.80
4 3.99 0.187 26.37
5 3.94 0.193 25.80
6 3.90 0.197 25.59
7 3.87 0.201 25.63
8 3.84 0.203 24.98
9 3.82 0.205 24.84
10 3.81 0.207 24.54
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Figure 3: Stress-strain relation for different parallel bonding
stiffness ratios.
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Before the failure of the specimen, the axial strain
corresponding to the peak compressive strength increases
with the increase in the stiffness ratio kn/ks of the parallel
bond. 'e variation range of axial strain is nearly 4mm, and
the elastic limit becomes smaller with the increase in the
parallel bond stiffness ratio. 'e peak compressive strength
reached a maximum of 28MPa at the time of parallel bond
stiffness ratio 2.0. Conversely, when the parallel bond
stiffness ratio is less than 2.0, the uniaxial compressive
strength increases as the parallel bond stiffness ratio in-
creases. When the increasing parallel bond stiffness ratio is
greater than 2.0, the uniaxial compressive strength has
slowly small increase. When the parallel bond stiffness ratio
is greater than 5.0, the peak compressive strength decreases
significantly. 'is phenomenon is caused by the gradual
increase in the parallel bond stiffness ratio. In addition, the

parallel bond’s normal stiffness is greater than the tangential
stiffness; specimen “rigid” enhanced by plastic deformation
damage to brittle failure mode change gradually become
a rigid body, and the uniaxial compressive strength de-
creases. 'e slope of the stress-strain relation curve before
the sudden failure also decreases with the increase in the
parallel bond stiffness ratio. 'e effect of the parallel bond
stiffness on the elastic modulus of the specimens is relatively
large and inversely proportional to each other. 'is phe-
nomenon is caused by the high rigidity of the parallel bond
between particles. A strong “rigidity” indicates small
“elasticity” and small macroscopic elastic modulus.

3.3. Particle Contact Modulus. 'e particle contact modulus
Ec is the elastic modulus of contact between particles.
Certain deformation occurs when the pellet is affected by the
force. Figure 4 shows the stress-strain of the obtained re-
lation of particle contact modulus Ec. 'e relationship be-
tween the particle contact modulus Ec and the macroscopic
mechanical behavior of the simulated specimens is also
discussed. In addition, Table 5 shows the parameters of
macroscopic mechanical properties under different particle
contact modulus Ec simulation tests obtained by the nu-
merical simulation results of discrete elements.

Figure 4 shows that the particle contact modulus Ec has
a great influence on the stress-strain relation curve. 'e
particle contact modulus Ec has a great influence on the elastic
modulus of sandstone and is characterized by the increase in
the particle contact modulus Ec, corresponding axial strain
for the peak compressive strength decreases, and the slope of
the stress-strain relationship curves before damage in-
creases. 'is phenomenon is also caused by the increase in
the particle contact modulus Ec which increases the elastic
modulus E of macroscopic materials. 'e uniaxial com-
pressive strength has the general increasing trend with the
increasing particle contact modulus Ec, but the amplitude of
increase is relatively small. Hence, the particle contact
modulus Ec minimally affects the uniaxial compressive
strength, and the variation is not evident.

3.4. Parallel Bond Elastic Modulus. 'e elastic modulus of
the parallel bond Ec is the elastic modulus of the material

TABLE 4: Relation between the macromechanical properties with different parallel bonding stiffness ratios.

Parallel bonding stiffness ratio Elastic modulus (GPa) Poisson’s ratio Uniaxial compressive strength (MPa)
0.5 5.20 0.030 23.73
1 4.70 0.107 25.51
1.45 4.22 0.157 27.06
2 3.90 0.190 28.00
3 3.52 0.228 27.49
4 3.26 0.251 26.92
5 3.07 0.268 26.60
6 2.93 0.280 24.97
7 2.81 0.290 24.72
8 2.72 0.297 24.06
9 2.64 0.304 23.73
10 2.57 0.310 23.38
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Figure 4: Stress-strain relation for different particle contact
moduli.
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between two particles in each parallel bond model. Figure 5
shows the stress-strain relation curve. Table 6 shows the
parameters of macroscopic mechanical properties obtained
from the numerical simulation results of discrete elements.

Figure 5 also shows that the parallel bonded elastic
modulus greatly influences the stress-strain curve most
notably with the parallel bond and when the increase in the
elastic modulus and uniaxial compressive strength is large.
'e elastic modulus of the parallel bond greatly influences
the uniaxial compressive strength, and the relationship
between them is proportional. Before the failure of the test
piece, the axial strain and elastic limit corresponding to the
peak compressive strength decrease with the increase in the
elastic modulus of the parallel bond. 'is phenomenon is
caused by the increase in the slope of the stress-strain re-
lation curve, which increases the elastic modulus of the

parallel bond. 'erefore, the elastic modulus of the parallel
bond that greatly influences the elastic modulus E of the
simulated specimens mainly affects the elastic modulus of
the parallel bond.

4. Conclusions

(1) 'e range of the particle contact stiffness ratio kn/ks
largely varies, but the stress-strain relation curve is
relatively small. Uniaxial compressive strength change
is small. 'e slope of the stress-strain relation curve is
relatively small, although the contact stiffness of the
particles is larger than the range of variation. 'e
particle contact stiffness has less influence on the elastic
modulus of the simulated specimens than kn/ks.

(2) Before the failure of the specimen, the axial strain
corresponding to the peak compressive strength
increases with the increase in the stiffness ratio kn/ks
of the parallel bond. Conversely, when the parallel
bond stiffness ratio is less than 2.0, the uniaxial
compressive strength increases as the parallel bond
stiffness ratio increases. When the increasing parallel
bond stiffness ratio is greater than 2.0, the uniaxial
compressive strength has slowly small increase.
When the parallel bond stiffness ratio is greater than
5.0, the peak compressive strength decreases sig-
nificantly. 'e slope of the stress-strain relation

TABLE 5: Relation between the macromechanical properties with different particle contact moduli.

Particle contact modulus GPa) Elastic modulus (GPa) Poisson’s ratio Uniaxial compressive strength (MPa)
1 3.09 0.121 24.85
1.5 3.40 0.130 26.25
2 3.73 0.141 25.95
2.5 4.06 0.149 26.32
2.8 4.22 0.157 27.06
3.5 4.64 0.170 26.81
4 4.89 0.180 27.54
4.5 5.24 0.187 29.15
5 5.49 0.194 27.53
6 6.00 0.207 28.44
7 6.52 0.224 29.86
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Figure 5: Stress-strain relation for different elastic moduli of the
parallel bond.

TABLE 6: Relation between the macromechanical properties with
different elastic moduli of the parallel bond.

Elastic modulus of
the parallel bond
(GPa)

Elastic
modulus
(GPa)

Poisson’s
ratio

Uniaxial
compressive

strength (MPa)
1 2.49 0.238 32.14
1.5 3.02 0.200 30.28
2 3.50 0.178 28.82
2.5 4.02 0.158 27.39
2.8 4.22 0.157 27.06
3.5 4.83 0.146 26.73
4 5.25 0.140 25.37
4.5 5.67 0.135 25.12
5 6.09 0.132 24.61
6 6.92 0.126 22.85
7 7.74 0.123 22.59
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curve before the sudden failure also decreases with
the increase in the parallel bond stiffness ratio.

(3) 'e particle contact modulus Ec has a great influence
on the elastic modulus of sandstone and is charac-
terized by the increase in particle contact modulus Ec,
corresponding axial strain for the peak compressive
strength decreases, and the slope of the stress-strain
relationship curves before damage increases. 'e
uniaxial compressive strength has the general in-
creasing trend with the increasing particle contact
modulus Ec, but the amplitude of increase is relatively
small.

(4) 'e elastic modulus of the parallel bond greatly in-
fluences the uniaxial compressive strength, and the
relationship between them is proportional. Before the
failure of the test piece, the axial strain and elastic limit
corresponding to the peak compressive strength de-
creases with the increase in the elastic modulus of the
parallel bond.
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-e limitation associated with Fourier transform and wavelet analysis that they often fail to produce satisfactory resolution
simultaneously in time and frequency when dealing with nonlinear and nonstationary signals is frequently encountered.
-erefore, this paper aims at using the HHT (Hilbert–Huang transform) method, which is built on the basis of the EMD-
(empirical mode decomposition-) based wavelet threshold denoising technique and the Hilbert transform, to analyze the
blasting vibration signals in a south China lead-zinc mine. -e analysis is conducted in terms of three-dimensional Hilbert
spectrum, marginal spectrum, and instantaneous energy spectrum. -e results indicate that the frequencies of the blasting
vibration signals lie mainly within 0∼200 Hz, which consists of more than 90% of the total signal energy. At the onset of the
blasting, the vibration frequency tends to be low, with the frequency that is less than 50 Hz being dominant. By using
instantaneous energy spectrum, which can reveal the condition of energy release for detonator explosion, the initiation
moments of detonators with 7 time-lag levels are accurately identified. -is accurate identification demonstrates the
superiority of the HHT method in coping with nonlinear and nonstationary signals. Additionally, the HHT method that
is characterized by adaptivity, completeness, strong reconfigurability, and high accuracy provides an opportunity for
reflecting signals’ change features with regard to time domain, frequency domain, and energy irrespective of the limitation
of the Heisenberg uncertainty principle.

1. Introduction

-e blasting technique has been widely applied to engineering
constructions of railway, mining, tunneling, and so on [1, 2].
During blasting, the explosion energy will apply work to
surrounding rock mass, and then, part of them propagates
away in the form of wave [3–5]. Considering that abundant
information about blasting vibration is included in the
blasting vibration wave, the extraction and analysis of the
blasting vibration signals provide effective tools that can be
used in studying the blasting efficiency.

Since Fourier published the theory of heat conduction
analysis in 1822, the Fourier transform has been extensively
used as a tool of analysis in the signal processing field [6, 7].
-is tool transforms signals from the time domain to the

frequency domain and describes the variation of signals in the
frequency domain by using the overall frequency components
that are included in the signals. Because of the inability to
account for the instantaneous variation in some signal fre-
quency, the tool possesses limitations in dealing with non-
linear and nonstationary signals. Under the restriction of the
Heisenberg uncertainty principle [8, 9], this tool also fails to
generate satisfactory resolution simultaneously in time and
frequency [10].

On the contrary, since the introduction of the concept of
wavelet in the 1980s by Morlet, a French geophysicist, the
wavelet analysis theory has begun being gradually estab-
lished [11]. At present, wavelet transform is serving as a tool
that is extensively used in the analysis of nonstationary
signals. In the effort to analyze vibration signals by using the

Hindawi
Advances in Civil Engineering
Volume 2018, Article ID 9207476, 8 pages
https://doi.org/10.1155/2018/9207476

mailto:wangyixian2012@hfut.edu.cn
http://orcid.org/0000-0002-2346-3097
https://doi.org/10.1155/2018/9207476


wavelet technique, Newland [12] extended the engineering
applications of this technique. Based on the usage of Mexican
hat wavelets, Zhou and Adeli [13] developed a method for the
analysis of time-frequency signals in earthquake records.
Suárez andMontejo [14] proposed a wavelet-based procedure
to produce an accelerogram with a response spectrum that
was compatible with the target spectrum. -is proce-
dure contributes to the application of wavelet technique in
the seismic wave analysis. Zhong et al. [15] analyzed the
wavelet packet energy spectra for blasting vibration signals
through utilizing the technique of the wavelet packet
analysis. -ey also investigated the characteristics of at-
tenuation of blasting vibration wave for various explosion
parameters.

However, wavelet transform is still not free from the
Heisenberg uncertainty principle. Under certain scales,
wavelet transform cannot achieve high accuracy at both
time and frequency. In addition, the wavelet basis is dif-
ficult to choose [16].

-e HHTmethod, which was proposed by Huang et al.
[17] in 1998, is a new alternative for dealing with nonlinear
and nonstationary signals. -is method can reveal accurate
time-frequency information for signals. Compared to tra-
ditional methods of signal processing and failure testing
[18–20], the HHT method is more accurate [21–23]. Be-
cause of this, it seems preferable to introduce the HHT
method to the analysis of blasting vibration signals.
Consequently, the objective of this paper is to use the
HHT method to analyze the blasting vibration signals in
a south China lead-zinc mine in terms of three-dimensional
Hilbert spectrum, marginal spectrum, and instantaneous
energy spectrum.

2. Basic Principle

Taking into account the inherent characteristics of signals,
the HHT method decomposes signals into a series of in-
trinsic mode functions (IMFs) using the empirical mode
decomposition (EMD) method. And then, Hilbert trans-
form is applied to these IMF components, leading to the
derivation of energy distribution spectrogram on the time-
frequency plane. -e derived energy distribution spec-
trogram conveys accurately various information with
respect to time, frequency, and energy. It has been well
known that the HHTmethod is mainly composed of EMD
and Hilbert transform.

2.1.3e EMDMethod. -e EMD method hypothesizes that
a signal is a compound signal consisting of different IMFs.
Each of these IMF components must satisfy the following:
(1) over the entire time series, the number of extrema and
zero crossing point must be equal or differ at most by one;
and (2) at any point, the mean value of the envelope
defined by the local maxima and the envelope defined by
the local minima is zero. In this way, any signal can be
decomposed into the addition of a finite number of IMF
components.

-e detailed implementation procedure of EMD can be
summarized as follows:

(1) Firstly, find out all the maximum and the minimum
points for the signal y(t). -ese points are then fitted
by using cubic spline functions to generate two en-
velopes, which are defined, respectively, by themaxima
and the minima. Calculate the mean value of the two
envelopes, a1(t). -e subtraction of a1(t) from the
original series y(t) results in deriving a new series
without low frequency, v1:

y(t)− a1(t) � v1(t). (1)

(2) Repeat Step 1 k times, until v1(t) satisfying the re-
quirement defined for IMF: the derived mean value
approaches to zero. -us, the first IMF component
f1, which represents the highest frequency of signal
y(t), is obtained.

(3) Separate f1(t) from y(t) to derive a signal without
high-frequency component, r1(t):

r1(t) � y(t)−f1(t). (2)

(4) Treat r1(t) as the original data, and repeat the above
steps. -en, the second IMF component f2(t) is
derived. Continue repeating n times, leading to the
derivation of IMF components with a total number
of n. At the end of the repetition, the following
relationship is obtained:

y(t) � 
n

j�1
fj(t) + rn(t), (3)

where rn(t) is the residual function, representing the average
trend of the original signal. Note that the frequency bands
are varied for different IMF components. And the se-
quence of f1(t), f2(t), . . . , fn(t) is ranked in the descending
order.

2.2. Hilbert Transform. For the time series F(t), its Hilbert
transform is

G(t) �
1
π

K 
∞

−∞

F(δ)

t− δ
dδ, (4)

where K is Cauchy’s principal value. When the relationship
of F(t) and G(t) is the complex conjugate, then the fol-
lowing analytic signal is derived:

P(t) � F(t) + iG(t) � a(t)e
iφ(t)

, (5)

where a(t) �
�����������
F2(t) + G2(t)


and φ(t) � arctan(G(t)/F(t)).

Meanwhile, it is requisite to define instantaneous fre-
quency as ω � dφ(t)/dt. -erefore, the Hilbert transform
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provides a specific function which can be used to calculate
the instantaneous frequency and the amplitude.

Applying the Hilbert transform to each of the IMF
components gives rise to the derivation of the Hilbert
spectrum:

H(ω, t) � Re 
n

i�1
ai(t)e

j ωi(t)dt⎛⎝ ⎞⎠, (6)

where Re represents taking the real component. Equation (6)
indicates the distribution of amplitude on the frequency-
time plane. -e time-domain integral of the Hilbert spec-
trum in (6) generates the marginal spectrum H(ω):

H(ω) � 
∞

−∞
H(ω, t)dt. (7)

Furthermore, the instantaneous energy spectrum is
derived through

E(t) � 
ω
H

2
(ω, t)dω. (8)

3. Engineering Background and Data Sources

Field testing of blasting vibration signals was implemented
in the S5#S stope, middle section of SH-455m, a south
China lead-zinc deep mine. -e all-band wave velocity and
the vibration data that were collected during the 4th field
blasting have been chosen to analyze using the HHT
method.

-e plane layout in field is shown in Figure 1, in which
point B represents blasting source, and points 1, 2, and 3 are
three vibration monitoring points (MP). Points 1 and 2
locate, respectively, on two sides of the chamber. Point 3
locates on one side of the roadway. -ese three MPs are
collinear which brings convenience to study the blasting
effect at different distances from the blasting source.

-e Blastmate III manufactured in the USA, a vibration
monitoring instrument as shown in Figure 2, has been used
to monitor the blasting vibration effect and to collect data.
-e detector was selected as the Triaxial Geophone, which
is capable of collecting the radial, the normal, and the
tangential wave velocities in rock mass during blasting. -e
component of the instrument includes microphones, geo-
phone, recorder, microcomputer, and microprinter, which
have various functions such as vibration signal acquisition,
signal analysis and processing, and report printing.-emain
parameters of the instrument are shown in Table 1. (-e
sampling rate of this experiment is 4026.)

-e blasting was triggered by a high-precision milli-
second detonator. -e time lag levels of the detonator and
the corresponding emulsion explosive weight for this
blasting are presented in Table 2.

4. Signal Processing and Analysis

-e preliminary analysis of the collected signal data has been
conducted by applying the Fourier transform. -e
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Figure 1: Schematic showing the plane layout of field monitoring points.
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Figure 2: Blasting vibration data acquisition system.
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comparisons among the three monitoring points in terms of
peak vibration velocities (PVV) and main vibration fre-
quencies (MVF) along different directions are presented in
Table 3. It is suggested from Table 3 that the peak vibration
velocities and the main vibration frequencies in the vertical
direction are almost consistently greater than that in radial
and tangential directions, so the vertical vibration signals
have been selected to analyze based on the HHT method.
For MP 2, its original vibration waveform in the vertical
direction is shown in Figure 3.

Since signal collection is often disturbed by numerous
factors associated with the complex mining environment,
noise signals inevitably exist in the original signals. However,
the noise signals can pollute the original vibration signals,
reducing greatly the accuracy of the signal analysis.
-erefore, denoising before the signal analysis is very
significant.

4.1. EMD-Based Wavelet 3reshold Denoising. -e EMD-
based wavelet threshold denoising technique has been
widely used in the signal denoising area, thanks to the
advantages it possesses [24]. -is technique is characterized
by the multiresolution analysis, good time-frequency

localization, and flexible threshold selection. It can also
detect the transient state of the normal signals. Considering
that the collected vibration signals are composed of low-
frequency blasting vibration signals and high-frequency
noise signals, and that the EMD method is capable of
decomposing the blasting vibration wave into a series of IMF
components that are ranked in descending order of fre-
quency, in this paper, denoising has been conducted for the
high-frequency IMF components using this technique.

-e treatment of the vertical vibration signals at MP 2 by
using the EMD method produces 11 IMF components. -e
waveforms of these IMF components are presented in
Figure 4. It can be seen that the included frequencies are
varied for different IMF components. From IMF1 to IMF10,
the frequency and the amplitude decrease, while the time
period increases. For IMF11, because no complete period
is observed over the entire time-domain and the ampli-
tude is relatively small, this component is the residual
component representing the average trend of the original
signals. It can also be indicated that the EMD method can
analyze directly the signals taking considerably into ac-
count the signal characteristics, while without introducing
any limitations. -is method decomposes adaptively the
signals into IMF components of finite number. And loss
or emitting of IMF components is not omission. Con-
sequently, the advantages of the EMD method, that is,
adaptivity, completeness, and strong reconfigurability, are
demonstrated.

Among all the IMF components, the frequencies of
IMF1, IMF2, and IMF3 are distinctly greater, indicating that
high-frequency noise signals are included in them. Mean-
while, the amplitudes of these three IMFs are relatively
greater than those of other IMF components. -is means
that they are the dominant components that take up most of
the total energy in the original signals. If wavelet-forced
denoising is applied to IMF1, IMF2, and IMF3, then the
valuable information included in the original signals is

Table 1: Parameters of Blastmate-III blast vibration monitoring instrument.

Measuring
range (mm/s)

Resolution
(mm/s)

Precision
(mm/s)

Maximum cable
length (m)

Sampling
rate (Hz)

Recording
duration(s)

254 0.127 0.5 75 1024, 2048,
4096 1∼100

Table 2: Time lag levels of the detonator and the corresponding emulsion explosive weight for this blasting.

Time lag level 1 2 3 4 5 7 8 Total
Weight (kg) 65 45 185 70 145 40 45 595

Table 3: Derived results by applying the Fourier transform.

MP Distance to
explotion center (m)

PVV (mm/s) MVF (Hz)
Tangential Vertical Radial Tangential Vertical Radial

1 40.4 23.7 45.6 17.9 30.0 98.8 2.0
2 43.4 35.3 38.0 26.5 53.3 178 2.0
3 49.8 12.1 24.3 26.9 53.3 53.8 49.5
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Figure 3: Waveform of the original signals.

4 Advances in Civil Engineering



possibly removed whichmay lead to distortion of signals. On
the contrary, the valuable information can be effectively
extracted if the EMD-based wavelet threshold denoising
technique is used. -e detailed procedure of denoising using
this technique is presented below.

Firstly, obtain the removed noise thresholds for IMF1,
IMF2, and IMF3 through the wavelet function. Secondly,
using the db4 wavelet basis function, decomposition of
5 levels is applied to the three IMFs to isolate the high-
frequency coefficients. -irdly, quantitative processing of
the high-frequency coefficients is performed using the
removed-noise thresholds. Fourthly, reconstruct the signal to
complete denoising of the IMF components. Finally, the IMF1,
IMF2, and IMF3 components after denoising are combined
with the remaining 8 IMF components to derive the signals

without noise. -e signals without noise and the removed
noise signals are shown in Figure 5. It can be seen that the
vibration curve of the signals after denoising is smoother, and
the trend of the vibration curve is clearer compared to that of
the original signals.

4.2. Analysis of 3ree-Dimensional Hilbert Spectrum.
Reapply the EMD method to the signals after denoising to
obtain new IMF components. -ese components are then
subjected to the Hilbert transform, leading to the derivation
of three-dimensional Hilbert spectrum, marginal spectrum,
and instantaneous energy spectrum for the signals after
denoising.

Figure 6 shows the derived three-dimensional Hilbert
spectrum, which can reflect visually the instantaneous
characteristics of the vibration signals and reveal clearly the
distribution of signal energy on the frequency-time plane
[25]. In this figure, each of the bars of different colors
represents the normalized instantaneous energy at some
specific frequency and time. It is recognized that the bars
are mainly distributed within the range defined by the time
of 0.2–0.4 s and frequency of 0–200Hz, while the energy
corresponding to frequency greater than 200Hz can be
neglected. -is means that most of the frequencies of the
blasting vibration signals are less than 200Hz. -e pub-
lished studies of blasting vibration signals are mainly
performed through either Fourier transform or wavelet
transform, with mere consideration of the influence of fre-
quency or amplitude while without analyzing the combining
effect of frequency, energy, and vibration duration [26].
However, this defect can be compensated by the introduction
of three-dimensional Hilbert spectrum.

4.3. Analysis of Marginal Spectrum. -e marginal spectrum
is the time-domain integral of the Hilbert spectrum and thus
represents the addition of the amplitude for each of the
frequencies over the time domain [27]. -erefore, marginal
spectrum can reflect the condition of energy concentration
for the frequencies. -e marginal spectrum of the signals is
shown in Figure 7. From this figure, it can be seen that the
energy is mainly located in the low-frequency band where
the frequency is less than 200Hz. In particular, within the
band of 0∼10Hz, the accumulated amplitude is relatively
greater with a maximum of 1043mm/s when compared to
other frequency bands. -e concentration of most of the
energy in this frequency band indicates that the frequency
tends to decay to the low-frequency band (less than 10Hz)
during the blasting process. After reaching 10Hz, the ampli-
tudes for the frequencies drop dramatically and then fluctuate
around 100mm/s. When the frequency becomes greater than
200Hz, the amplitude begins to decay to zero.

For the convenience of quantitative description of the
energy included in different frequency bands, 6 frequency
bands, that is, 0∼50, 50∼100, 100∼200, 200∼300, 300∼400,
and >400Hz, are selected. According to (8), the integrals of
frequency over these frequency bands are performed to
calculate the ratios of energy taken up by these frequency
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Figure 4: IMF components of the original signals.
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bands. To ensure the accuracy of the calculated results, the
data for the three MPs are analyzed parallelly. -e ratios of
energy taken up by these frequency bands are listed in
Table 4. It is indicated from Table 4 that the energy taken up
by the frequency band of 0∼50Hz is the maximum, being
more than 50% of the total energy. -is also means that the
frequency band of 0∼50Hz is the dominant frequency band.
-e ratio of energy taken up by the <200Hz frequency band
reaches 93.1%, which further indicates that the frequency of

the blasting vibration wave is almost totally within the range
of 0∼200Hz.

4.4. Analysis of Instantaneous Energy Spectrum. -e in-
stantaneous energy spectrum can reveal the accumulation
of blasting vibration energy over the time domain and its
variational characteristics. Figure 8 shows the waveform
and the instantaneous energy spectrum of the signals. It can
be seen that the distribution of instantaneous energy agrees
well with the vibration curve. And the peaks of the in-
stantaneous energy are reached when the mutations of
vibration waveform take place. -is further validates the
ability of the HHT method in recognizing signals and its
better resolution. For the instantaneous energy spectrum in
Figure 8, it is indicated that the energy begins to appear at
0.22 s and approximately disappears at 0.45 s, showing that
the blasting vibration at this MP keeps being observable
during this duration. Also, 7 peaks of instantaneous energy
are clearly observed during this duration. -ese peaks,
however, represent the release of energy brought by
emulsion explosive explosion. -erefore, the peaks in the
instantaneous energy spectrum can be used to determine the
initiation instant of time of the detonator and to check if
blasting initiates at the accurate instant of time for each of
the time-lag levels.

-e instant of time corresponding to these 7 peaks are
0.240, 0.266, 0.295, 0.326, 0.353, 0.426, and 0.450 s, which
represent, respectively, the initiation instant of time of
time-lag level 1, 2, 3, 4, 5, 6, 7, and 8. Note that the third
peak is the maximum, indicating that the explosive
quantity for the time-lag level 3 is relatively large. Similarly,
the magnitude of the sixth and the seventh peaks shows that
their explosive quantities are relatively small. -e com-
parison between the theoretical and the measured time lags
for these time lag levels is presented in Table 5, which shows
that the measured time lags are all within the theoretical
ranges of time lag. If an assumption is made that the time-
lag level 1 detonator explodes punctually at an instant of
time 0, then the real initiation instant of time for these
detonators of different time-lag levels can be determined
according to the measured time lags. It can be indicated
that the time-lag level 8 detonator explodes with 15ms
earlier compared to the theoretical initiation instant of
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time. Despite this, the overall blasting effect is compara-
tively satisfactory.

5. Conclusions

Based on the blasting (4 times) vibration data collected from
the S5#S stope, the middle section of SH-455m, a south
China lead-zinc mine, the HHT method has been used to
analyze the blasting vibration waves in terms of time-
frequency and energy characteristics. -e following con-
clusions can be drawn:

(1) -e marginal spectrum shows that the accumulative
amplitude is relatively great in the frequency domain
of less than 10Hz. In this domain, the maximum
amplitude is 1043mm/s. -e fact that most of the
signal energy is concentrated in this frequency

domain indicates a direction to which the frequency
tends to develop when explosion initiates.

(2) Most of the blasting vibration frequencies are con-
centrated within the range of 0∼200Hz. -is range
takes up over 90% of the total energy. Additionally,
in this range, half of the total energy is taken up by
the 0∼50Hz frequency band, demonstrating that the
0∼50Hz frequency band is the dominant frequency
band.

(3) -e calculated initiation instant of time of the det-
onators by recognition of the instantaneous energy
spectrum agrees well with the measured results,
demonstrating the feasibility of using this method in
recognizing delay blasting. Also, good resolution and
excellent recognition capability are validated for the
HHT method in signal processing.

Table 5: -eoretical and practical time lags of the detonators.

Time-lag
level

-eoretical time delay
(ms)

Time-lag
level

-eoretical time-lag interval
(ms)

Practical time-lag interval
(ms)

Practical time delay
(ms)

1 <13 — — — —
2 25± 10 1∼2 2∼35 26 26
3 50± 10 2∼3 5∼45 29 55
4 75± 15 3∼4 0∼50 31 86
5 110± 15 4∼5 5∼65 27 113
7 200± 20 5∼7 55∼125 73 186
8 250± 25 7∼8 5∼95 24 210

Table 4: Ratios of energy taken up by different frequency bands.

MP
Frequency band (Hz)

0∼50 50∼100 100∼200 200∼300 300∼400 >400
1 77.3 6.8 11.4 1.6 0.3 2.6
2 42.8 20.1 27.0 7.1 0.6 2.4
3 43.7 34.1 16.1 2.3 0.9 2.8
Mean 54.6 20.3 18.2 3.7 0.6 2.6
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Rock cutting is an important aspect of the civil engineering, for example, tunnelling. To improve cutting efficiency, it is important
to understand the rock failure (fracture) mechanisms and the influences of cutting parameters on rock fracture behaviour. (is
study identified that the relative position of a pick (rock cutting tool) to the rock surface is critical to the cutting performance of the
pick during rock cutting process. However, the pick tilt angle commonly used by the industries is not sufficient to describe this
relative position. To address this issue, a new angle named “slant angle” is introduced.(e slant angle of a pick is determined by its
tilt angle and the inclination angle of the rock surface. (e calculation of the slant angle is presented. A series of laboratory rock
cutting experiments were conducted to investigate the influence of the slant angle on cutting force and rock fracture pattern, and
two new findings were made: (1) the rotational angle of the groove cut by a tilted pick was possibly different from the tilt angle and
(2) all forces on a pick increased significantly with the increase of the slant angle. (e findings of this study can help improve the
rock cutting efficiency.

1. Introduction

Rock cutting plays an important role in the civil engineering
which involves construction of tunnels [1] and road devel-
opment [2]. Rock cutting performance is a major concern to
the mining and construction industry [3]. Understanding
rock fracture (breaking) behaviour under different cutting
conditions is crucial for enhancing the cutting performance of
excavating machines. Studies on rock failure mechanism have
been used to analyse the rock cutting process [4, 5], although
many studies on rock failures aimed at increasing the safety of
the rock structure (e.g., see [6]). Twomajor factors considered
in the analysis and evaluation of the cutting performance are
forces acting on picks (a type of typically used rock cutting
tool in the mining and construction industry) and rock
fracture (breakout) conditions. Pick forces were often in-
vestigated by rock cutting tests [3, 7]. A pioneer work for
developing a theoretical cutting force model was done by
Evans [8]. Many factors can affect the forces acting on a pick
and rock fracture condition cut by this pick, including rock
characteristics such as rock compressive strength, tensile
strength, and rock fracture behaviour; pick characteristics

such as pick tip material properties and geometry; operational
characteristics such as drum advance speed and drum rota-
tional speed; frictional coefficient between pick cutting tip
and rock surface; and cutting interaction between this pick
and other picks [9–13]. Existing studies have largely focused
on the effect of the attack angle, tilt angle, rake angle, and
clearance angle on the cutting performance of a drum and the
influence of the angle setting sequence on the final values of
tilt and attack angles [14].

(e rock fracture conditions (mainly breakout angle and
direction) and the forces acting on a pick can be affected by
the position of a pick relative to the rock surface, not only in
the cutting plane but also in the normal plane. Cutting plane
in this paper refers to a plane perpendicular to the rotational
axis of the drum if the movement of the drum is parallel to
this plane. Otherwise, this plane is the one formed by the
instantaneous advance direction of the pick due to the drum
advance movement and the instantaneous cutting direction
of the pick due to the drum rotation. However, even in this
case, as the influence of the drum’s movement on the pick’s
cutting direction can generally be ignored, the cutting plane
can also be treated as a plane perpendicular to the rotational
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axis of the drum. Normal plane in this paper refers to
a plane containing the rotational axis of the drum and
perpendicular to the pick cutting direction. Note that, for
a particular pick, the positions of these two planes to its
drum can be fixed by making them to contain the tip of the
pick, but their positions relative to the rock being cut
during a cutting process will still change with the rotation
and movement of the drum. Obviously, the cutting planes
and normal planes of individual picks on a drum are not all
the same. Furthermore, the cutting direction of a pick
rotates during a cutting process, resulting in the rotation of
its cutting plane and normal plane. (e gesture of the pick
and its position relative to the rock surface can influence
the breakout shape, force direction, and magnitude, as well
as the cutting interaction.

Currently, various angles have been used to describe the
relative positions of picks to their drum and rock surface cut
by them and/or evaluate their individual and collective
cutting performance, including the attack angle, clearance
angle, rake angle, tilt angle, and wrap angle. Attack and tilt
angles are defined in two orthogonal planes to determine the
position of the pick axis [12]. Although their definitions are
based on the cutting direction, they do not depend on the
rock surface. On the other hand, clearance angle and rake
angle are defined based on the tip profile and the rock
surface in the cutting plane. (e wrap angle is used to
determine the arrangement of picks on the drum and not
associated with the rock surface. Another angle used is the
inclination angle, which depends on the wrap angle, but it is
defined on the rock surface after cut [10]. (e inclination
angle is also related to the tilt angle. More details about the
inclination angle are given in the next section.

Studies have revealed that the attack angle is a major
factor affecting the forces acting on a pick [15]. Both tilt
angle and inclination angle will also affect the force acting on
a pick [10, 16, 17]. In the course of rock cutting with a drum,
the positions of picks relative to the rock surface play an
important role in the forces acting on the picks and rock
breakout conditions. Forces acting on a pick and the rock
breakout angle generated by this pick can be affected by this
pick’s relative position to the rock surface, not only in its
cutting plane but also in its normal plane. Although
changing the attack angle of a pick changes its relative
position to the rock surface in the cutting plane, changing
the tilt angle of a pick mainly changes its relative position in
the normal plane. However, the tilt angle cannot solely
determine this relative position because it is measured based
on the drum axis rather than the rock surface, which does
not have a fixed relationship with the drum axis.

To address the issue that there is not any parameter to
define the relative position of a pick to the rock surface in the
normal plane, a new parameter named “slant angle” is
proposed and discussed in this paper. A series of laboratory
rock cutting experiments were conducted to investigate the
influence of the slant angle and the tilt angle on the rock
breaking (fracture) behaviour in terms of rock breaking out
angle, groove shape, and direction, as well as the forces on
the cutting tools. No similar experiments have been reported
in existing literature.

2. Concepts of Tilt Angle, InclinationAngle, and
Slant Angle

Tilt angle, inclination angle, and slant angle, which are the
focus of this study, are all defined in the normal plane.

2.1. Tilt Angle. Tilt angle is one of the key parameters that
determine the location and gesture of a pick on a drum. It
has been well defined and widely used in the drum design.
According to Sun and Li [9], the tilt angle of a pick is
typically defined as the angle between its cutting plane and
the projection of the axis of the pick on its normal plane, as
shown in Figure 1.

As one of the key pick arrangement design parameters,
the tilt angle plays a critical role in the cutting performance
of picks and drum. Research has shown that the tilt angle
has a noticeable impact on the force acting on a cutterhead
(drum) [16].(e experimental studies reported byHekimouglu
recently [17] revealed that the tilt angle of picks on road-
headers has an optimal value, which was roughly the half of
rock breakout angle for corner cutting picks.

2.2. Inclination Angle. While the tilt angle is defined rela-
tively to the drum, the inclination angle is defined based on
the rock surface that has been cut by the drum. According to
Hekimoglu and Ozdemir [10], the inclination angle is de-
fined as the angle of the slope of a cutting perimeter which is
an envelope formed by the tips of picks in the same start on
the same normal plane [10] (refer to Figure 2). Figure 2
shows a simulated rock breakout pattern for a simulated
drum design. According to Hekimoglu and Ozdemir [10],
the perimeter is a sloping straight line if these picks are

β

Normal plane

Cutting direction

Cutting plane

Drum rotational 
direction

Tilt angle

Figure 1: Definition of the tilt angle (β).
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evenly distributed and their tilt angles are zero, as shown in
Figure 2. (e inclination angle is actually the angle between
a cutting perimeter and the rotational axis of the drum on
a normal plane. Obviously, the inclination angle could
change with the rotation of the drum. In the following
analysis, the inclination angle on the normal plane which is
parallel to the drum advance direction (i.e., the breakout
plane as defined in [12]) is considered because rock breakout
pattern is defined in this plane [12]. Furthermore, the fol-
lowing formula to calculate an inclination angle given by
Hekimoglu and Ozdemir in [10] is also based on this plane:

tan φI �
θ vn

2πmS
, (1)

where φI is the inclination angle, θ is the angular distance
between two immediate neighbouring picks, S is the line
spacing between these two picks, vn is the advance per
revolution of the drum, and m is the number of starts.

(e maximum depth of cut (DOC) Dmax is given by [11]

Dmax �
vn

m
. (2)

Equation (1) can be rewritten as

tanφI �
Dmaxθ
2πS

. (3)

Equation (1) indicates that the inclination angle in-
creases with the increase in drum advance distance per
revolution. It should be noted that (1) is used only for
a special case: picks are evenly spaced without being tilted.
(e angular differences among picks are equal, and the
calculated inclination angle has the maximum value. It is not

suitable for calculating the inclination angle in other cases,
for example, if picks are tilted. However, the analysis of the
inclination angle in a general case will not be discussed
further in this paper due to the scope of the paper.

Some investigation into the effect of the inclination angle
on the performance of picks has been carried out although
the influence of the tilt angle has not been considered; that is,
existing studies on the effect of the inclination angle was
conducted under the condition that the tilt angle was zero.

2.3. Slant Angle. (e slant angle of a pick is defined as the
angle between the axis of the pick and the normal direction
of the rock surface being cut by the pick (Figure 3).

During a mining process with a cutting drum, the rock
surface is normally curved. In this case, the slant angle is
defined as the angle between the axis of the pick and the line
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Advances in Civil Engineering 3



perpendicular to the cutting perimeter, measured in its
normal plane (Figure 4). Figure 4 shows another simulated
rock breakout pattern for the same simulated drum design as
used for Figure 2, but with a different drum advance distance
per revolution. As mentioned in the previous section, the
inclination angle increases with an increase in drum advance
distance per revolution, which can also be observed by
comparing Figures 2 and 4.

From Figure 4, it can be seen that the slant angle of a pick
is equal to the inclination angle when its tilt angle is zero. In
general, the slant angle of a pick is

φs � β−φI. (4)

When using (4), one should ensure that the definitions of
the directions of the inclination angle, tilt angle, and slant
angle are the same. For example, if a positive inclination
angle goes anticlockwise, both tilt and slant angles should
also be measured anticlockwise. As shown in Figure 4, when
φI is negative, φs is positive and β is zero. Obviously, when φI
is zero, that is, rock surface being cut is parallel to the ro-
tational axis of the drum, the slant angle of a pick is equal to
its tilt angle. However, this is very rare in reality. (e reason
is that the angular distance between two immediate
neighbouring picks θ in a real drum is normally not zero.
According to (1), φI is also generally nonzero (also refer to
Figures 2 and 4). As a result, one can find that the slant angle
of a pick is generally not equal to its tilt angle in reality
according to (4). (is result is further illustrated in Figure 5.

(e above finding is important for optimising drum
design and operation because in current practice, force on
a pick is often obtained from some linear rock cutting ex-
periments. In this type of cutting experiments, when the tilt

angle of a pick is set to zero, its slant angle is also normally
zero. As a consequence, using the force data collected in
these experiments to drum design without consideration of
the influence of the slant angle can cause significant bias in
the estimation of actual forces on picks and the drum in
practice. (e reason is that the slant angle has significant
impact on forces and breakout pattern.

3. Impact of the Slant Angle

A series of rock cutting experiments have been conducted in
CSIRO Rock Cutting Laboratory to investigate the rock
breaking (fracture) behaviour in terms of rock breaking out
angle, groove shape, and direction, as well as the forces on
the cutting tools.
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Figure 5: An example of the same tilt angle but with different slant
angles.

4 Advances in Civil Engineering



3.1. Experimental Rig and Method. Figure 6 shows the ex-
perimental rig used in the tests. It is basically a planer, which
consists of a special tool holder, a pick, a data acquisition
system, and a rock block. A series of special cutting tool
holders were purposely designed and manufactured to gen-
erate different combinations of tilt angles and attack angles.
During each test, the rock block travelled against the pick in
a controlled speed, and the dynamometer of the data acqui-
sition system simultaneously measured three forces acting on
the pick, namely, force in the X direction, force in the Y
direction, and force in the Z direction. (e measured forces
were recorded by a LabVIEW system in a PC.(e X, Y, and Z
directions are defined based on the coordinate system, as
shown in Figure 6: the X axis is horizontal and its positive
direction is opposite to the cutting direction which is toward
the front; the Y axis is horizontal and perpendicular to the
cutting direction with its positive direction pointing to the left;
the Z axis is perpendicular to the XY plane with its positive
direction pointing upward. Further information about this
planer and its data acquisition system can be found in [16].

Test rock was a type of sandstone collected from
Helidon, Australia, with UCS (uniaxial compressive
strength) of 37–40MPa and BTS (Brazilian tensile strength)
of 4.6–4.8MPa.

(e slant angle was measured inside the YZ plane,
starting from the Z-axis. Its positive direction is counter-
clockwise (Figure 6).

In the experiment, the rock surface was trimmed to be
a horizontal plane; that is, it was parallel to the XY plane. A
linear rock cutting with a single pick was adopted in the cutting
tests. In each cut, the track of the pick tip was parallel to the
X-axis. In this case, the inclination angle of the rock surface was
zero, and the slant angle was equal to the tilt angle of the pick.

As the major purpose of this paper is to define the slant
angle and test the hypothesis that the slant angle could

significantly affect rock cutting performance, only the test
results under the conditions shown in Table 1 is considered
in the paper. In Table 1, only the slant angle is a variable.

At least three cuts were conducted for each slant angle.
Note that, in the tests, the slant angles were actually set to −7.5
degrees and −15 degrees, rather than 7.5 degrees and 15
degrees. In order to obtain the forces for a positive slant angle
from the test results obtained based on its corresponding
negative slant angle, the following assumption is made:

If only the direction of a slant angle is reversed, the
forces in X and Z directions will remain the same, and
the absolute value (magnitude) of the force in the Y
direction will also be the same. Only the direction of the
force in the Y direction will be reversed.

�e purposely designed 
tool holder and tilted pick

�e dynamometer of the 
data acquisition system 

Figure 6: Test rig.

Table 1: (e test parameters.

Parameter Value
Slant angle (degree) 0, 7.5, 15, 22.5, 30
Attack angle (degree) 60
Cutting speed (m/s) 2.5
Depth of cut (mm) 12

Figure 7: Grooves cut by a pick at different slant angles.
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(is assumption is reasonable because the rock block
was regarded as homogeneous.

3.2. Test Results and Discussion. Figure 7 shows an example
of grooves cut by a pick at different slant angles (the slant
angle for cutting Groove 16 was different from that for
cutting Grooves 17, 18, and 19). In this figure, Grooves 17,
18, and 19 were cut by the pick set to an attack angle of 60
degrees, a slant angle of 15 degrees, and the DOC of 12mm.
It can be seen that the grooves were skewed; that is, the
bisector of any groove cross-sectional area is not perpen-
dicular to the rock surface in the YZ plane. More impor-
tantly, the rock cutting experiments revealed that although
the grooves were skewed when the pick was tilted, it is likely
that the rotational angle of the bisector of the groove cross-
sectional area was not the same as the tilt angle. (erefore,
assuming that the rotational angle of the bisector of the
groove cross-sectional area is equal to the tilt angle could
result in unacceptable errors. However, the influences of the
slant angle on rock breaking shapes are not further studied
here. (e study on this type of influences will be reported in
a separate paper. In the following analysis, only the impact of
the slant angle on the forces generated during a cutting
process is investigated in more detail.

(e cutting tests revealed that the slant angle affected not
only the rock breakout conditions but also the forces on the pick.
Some examples of the planer displacement and the pick force
data collected from the tests are shown in Figure 8. In Figure 8,

blue continuous lines are the recorded forces and the pink
broken lines are the mean values of the corresponding forces.

As shown in Table 1, the rock cutting tests were carried
out with five different slant angles, and for each slant angle,
the tests were repeated for three times to reduce the random
errors in the test data. In total, 15 cutting experiments were
implemented. Table 2 shows the test results.

(e average values are used to identify the influences of the
slant angle on individual forces. Figure 9 illustrates the average
mean forces in X, Y, and Z directions versus the slant angle. To
make the figures clearer, the original mean force data are not
plotted in these figures. Table 3 summarises theR-squared values
when different models are applied to fit the data in Figure 9.

Figure 9 shows that all the mean forces increased with
the increase of the slant angle, but none of them changed
with the variation of the slant angle in a linear way. From
Figure 9 and Table 3, it can be found that the quadratic
models fit the test results much better than the linear models.
Within the tested range of the slant angles, the relationship
between the forces and the slant angle can be modelled as
follows:

Fx � 0.0035φ2
s + 0.0216φs + 5.905,

Fy � 0.0012φ2
s − 0.0145φs + 0.0805,

Fz � 0.0048φ2
s + 0.0423φs + 5.6818,

(5)

where, Fx, Fy, and Fz are the mean forces in X, Y, and Z
directions, respectively.
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Figure 8: Pick forces during the cutting tests with different slant angles: (a) 0 degrees, (b) −7.5 degrees, (c) −15 degrees, (d) 22.5 degrees, and
(e) 30 degrees.
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It is noted that, in pick force analysis, the forces acting
on a pick during a cutting process are normally divided into
cutting, normal, and lateral forces [2, 13]. (e cutting force
is the force opposite to the cutting direction; the normal
force is the force perpendicular to the cutting direction and

inside the plane formed by the tangent line of the in-
stantaneous cutting tract and the pick axis; and the lateral
force is the force perpendicular to the plane formed by the
cutting and normal forces [2]. (erefore, the cutting force
on the pick is always identical to the force in the

Table 2: (e test results.

Slant angle
(degree)

Mean force in the X
direction (kN)

Average
(kN)

Mean force in the Y
direction (kN)

Average
(kN)

Mean force in the Z
direction (kN)

Average
(kN)

0 −0.071 0.064 6.327 5.628 6.550 5.914
0 0.195 5.421 5.643
0 0.068 5.137 5.547
7.5 0.046 0.084 6.229 6.445 6.082 6.260
7.5 0.008 6.465 6.281
7.5 0.199 6.640 6.418
15 0.103 0.090 7.054 7.180 7.057 6.993
15 0.105 7.212 7.126
15 0.062 7.273 6.796
22.5 0.332 0.357 8.770 9.157 7.520 8.235
22.5 0.399 9.691 9.055
22.5 0.341 9.011 8.129
30 0.704 0.710 11.478 11.234 10.018 9.722
30 0.758 11.399 9.900
30 0.668 10.825 9.249
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Figure 9: Mean forces in the (a) X, (b) Y, and (c) Z directions versus slant angle.
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X direction. When the slant angle is zero, the force in the Y
direction is the lateral force on the pick, and the force in the
Z direction is the normal force on the pick. However, when
the pick is tilted in a cutting process, the force in the Y
direction no longer represents the lateral force, and the
force in the Z direction no longer represents the normal
force (see Figure 10).

In general, the cutting, lateral, and normal forces on
a pick can be calculated from themeasured forces inX,Y and
Z directions using the following equations:

Fc � Fx,

Fl � Fy cosφs −Fz sinφs,

Fn � Fy sinφs + Fz cosφs,

(6)

where, Fc, Fl, and Fn are the cutting, lateral, and normal
forces on the pick, respectively.

Figure 11 depicts the changes of mean lateral force and
mean normal force with the change of the slant angle.

From Figure 9(a), it can be seen that the cutting force
acting on the pick increased significantly with the increase of
the slant angle because the cutting force was the same as the
force in the X direction. Figure 9(a) indicates that with the
increase of the slant angle from 0 degrees to 30 degrees,
the cutting force increased from 5.9 kN to 9.7 kN. From
Figure 11, it can be found that the magnitude of both the
lateral force and the normal force on the pick also increased
significantly with the increase of the slant angle. When the

slant angle increased from 0 degrees to 30 degrees, the lateral
force increased from 0 kN to 5 kN, while the normal force
increased from 5.6 kN to 10 kN. (ese results indicate that
slant angle had a significant influence on the force acting on
a pick in a rock cutting process.

4. Conclusions

A new angle named “slant angle” is introduced to determine
the relative position of a pick to the rock surface to be cut in
the normal plane of the pick. It is the angle between the axis
of the pick and the normal direction of the rock surface; the
slant angle depends on the tilt angle and inclination angle. It
changes with the variation of drum advance per revolution.
It is a better variable than the tilt angle for describing the
relative position of a pick to the rock surface; laboratory rock
cutting experiments were conducted to investigate the in-
fluence of the slant and tilt angles on cutting force and rock
breakage (fracture) behaviour. (e following major findings
were obtained from the experiments:

(i) (e rotational angle of the bisector of the groove
cross-sectional area was likely to be different from
the tilt or slant angle. Assuming that this rotational
angle equals the tilt angle could result in un-
acceptable errors.

Table 3: R-squared values for the fitted models in Figure 9.

Force Linear model Quadratic model
Mean force in the X direction 0.9426 0.9996
Mean force in the Y direction 0.7894 0.9874
Mean force in the Z direction 0.9462 0.9956

Lateral force

Normal force

Force in Y direction

Force in Z direction

β

φs

Figure 10: Relationship between forces in Y and Z directions and
lateral and normal forces in the tests.
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(ii) (e magnitudes of the cutting, lateral, and normal
forces on a pick all increased significantly with
the increase of the slant angle. Assuming that the
magnitudes of these forces are independent from the
tilt or slant angle is unrealistic.

(ese findings are important for the improvement of the
rock cutting efficiency and rock cutting tool life.

Only the slant angle on the normal plane parallel to the
drum advance direction has been considered in this paper.
(e slant angle in more general situations will be studied in
due course.
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Fractured rockmasses, which are widely distributed in the south of China, have an impartible relationship withmud-water inrush.
In order to study the change laws of mud viscosity under different moisture content, flow property, and mechanism of mud-water
inrush in fractured rock masses, a NDJ-8S rotary viscometer and a simulation model are used to carry out a series of experimental
studies. Tests of mud viscosity show that mud viscosity depends on moisture content, and the relationship between viscosity and
moisture content was proposed. Based on mud viscosity results, physical model tests’ results indicated that the process of mud-
water rush can be divided into four stages: that is, the preparation stage of mud-water mixture burst, the seepage period of mud-
water mixture inrush, the nonstable period of mud-water mixture outburst, and the stable period of mud-water mixture outburst.
+e excavation disturbance, high water pressure, and effect of erosion and corrosion of water were identified as key factors which
lead to mud-water inrush in fractured rock masses

1. Introduction

Plenty of underground engineering constructions such as
railway tunnel and coal extractions are threatened by various
kinds of water inrush and mud gushing in China [1–4].
Research methods of theoretical analysis, laboratory ex-
periments, field investigations, and numerical simulations
have always been performed bymany scholars and experts to
discover the mechanisms and influential factors of water
inrush and mud burst in fractured rock masses [5–8]. Ac-
cordingly, numerous prevention and treatment technologies
were proposed. Physical tests and site investigations of mud-
water inrush show that the main factors, related to water-
mud burst, are the supply of water, pressure of water,
geological structure, engineering excavation, and so on
[9–11]. On one hand, the theoretical analysis and numerical
simulations also come up with some effective and practical
ways to prevent and treat mud-water burst disasters [12–14].

On the other hand, for setting risk countermeasure, elim-
inating and reducing the adverse influence of risk, many
ways of risk evaluation and prediction about mud-water
burst in fractured rock masses were raised to disclose po-
tential risk factors [15–18].

In recent years, there have been more than 100 cases of
mud-water burst observed in the southwest mountain, es-
pecially in Karst areas, such as Yunnan, Guizhou, and
Sichuan, causing serious losses of human life and property
and deterioration of construction conditions [19–22]. +e
fractured rock masses in Karst zones as a complex and
widespread geological conditions in China, it is extremely
easy to induce geologic hazard especially mud-water gushing
when the underground engineering goes through it [23–25].
At present, the research on mud-water outburst mechanism
is mainly concentrated on reaction of water-rich area,
damage of floor strata, and prevention and treatment
[26, 27] in addition to some technical solutions for special
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conditions that depended on different engineering back-
grounds. Although many studies on fluid-solid coupling
response in coal mass and fractured rock mass have been
performed, indicating that the permeability characteristics
of coal rock mass are closely related with their mechanical
behavior [28–30], the previous studies did not research mud
viscosity, pressure of mud-water outburst, and flow laws of
mud-water on rock fractures.

Essentially, solid clay cannot flow, only when mixed with
water, it can be converted from solid state into fluid state
with different viscosity; at the same time, under the pressure
of mud-water which exceeds ultimate bearing capacity of
rock pillars between Karst zones and tunnel excavation face,
mud inrush and water outburst accidents are easily ob-
served. So in this paper, the change laws of mud viscosity
under different moisture content have been studied. +e
study establishes a similar material simulation model called
the test device of mud-water burst in confined Karst to
experimentally research the flow characteristics of mud on
channels under different mud-water pressures. +rough
laboratory experiments, the process of mud-water outburst
in Karst areas was performed many times through which we
can deeply understand the comprehension of mud gushing
in Karst areas and understand the improving and enriching
mechanisms of the mud burst in Karst areas.

2. Tests of Mud Viscosity

2.1. Soil Sample and Experiment Equipment. Selected soil in
these tests is widespread in the south of China called red clay;
the amount of montmorillonite is 60–65% which is char-
acterized by easily dispersed and high rate of making mud,
and the chemical equation of montmorillonite is
(Al1.67Mg0.33)[Si4O10][OH]2·nH2O. +e major chemical
components of red clay are SiO2, Al2O3, Fe2O3, CaO, MgO,
and so on, and natural moisture content is 6–10%. Firstly,
the soil sample is dispersed and exposed to sun for 7 days
(Figure 1); during the period of exposure, a wooden stick was
used to crush the clay particles successively and then dried
under the temperature of 105°C–110°C for 24 h, and the
standard soil sieve is used to select three different particle
sizes which are 5–10mm, 2.5∼5mm, and below 2.5mm.
According to the method of earthwork test GB/T50123-
1999, using the digital display measurement instrument of

soil liquid-plastic limit to measure soil moisture content
under liquid and plastic limit stages, the measurement re-
sults are obtained, and these results show that the moisture
content of the plastic limit is 19.8% and liquid limit is 30.2%.
+emeasurement instrument of mud viscosity is the NDJ-8S
rotary viscometer as shown in Figure 2.

2.2. Tests’ Design and Results Discussion. +ree different
kinds of particle size clay are divided into four groups: the
particle size of 5–10mm is short for coarse particle clay,
2.5∼5mm is short for medium particle clay, below 2.5mm is
short for fine particle clay and mixed particle size clay. After
three mud viscosity experiments on each group were con-
ducted, the mean was calculated. Moreover, the beakers and
clay samples of each group were labeled as follows: #1, #2,
and #3 for coarse clay; #4, #5, and #6 for medium clay; #7, #8,
and #9 for fine clay; and #10, #11, and #12 for mixed clay.
According to the national standard GB/T20973-2007, mud
viscosity tests were performed. Table 1 shows the experi-
mental parameter and design of the soil sample.

Based on the tests’ results (Figure 3), the changes of mud
viscosity can be divided into three stages: that is, the mud
viscosity declines rapidly at the stage of ab, the decline is
slow at the stage of bc, and the decline is kept unchanged at
the stage after the point c.

As is shown in Figure 3, when the moisture content is
constant, mud viscosity does not vary with particle size, and
it means that particle size has little ever no influence on mud
viscosity which depends on moisture content completely.

At the stage of ab, the water in the mud is no longer in
the form of combined water, but it is in the form of free and

Figure 1: Clay soil used in the test.

Figure 2: NDJ-8S rotary viscometer.

Table 1: Experimental parameters and design of the soil sample.

Soil sample
Grain composition

5–10mm 2.5∼5mm 2.5∼5mm
Coarse clay 100% — —
Medium clay — 100% —
Fine clay — — 100%
Mixed clay 45% 30% 25%
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gravity water which can dissolve and erode some soluble
bonding material between particles; furthermore, it also has
some physical-chemical effects on clay particles, such as
lubrication and softening. +ese poor effects will make the
spacing increased between particles, and the chance of in-
teraction reduces, bonding force decreases, and the soil
skeleton becomes loose. Meanwhile, at the stage of ab, the
viscosity is extremely sensitive to moisture content.

At the stage of bc, mud was in a state of flux completely;
moreover, the direction and speed of motion of particles
were controlled by water. During the process of mud flow,
there is no drag force between particles, but for those which
cannot dissolve, during the process of flowing, the sorting
phenomenon occurred, which leads to rearrangement and
sedimentation of particles and changes mesostructure and
mechanical properties of particles. It is the sorting phe-
nomenon caused by water that has large effects on the soil
skeleton. But at this stage of bc, mud viscosity is less sensitive
to moisture content than the stage of ab.

At the stage after the point c, the viscosity of the mud is
tending to be the viscosity of pure water 5.46MPa·s, and the
bonding force and the interaction between the particles in
the mud can even be ignored. It is evident that when the
moisture content remains the same, the change of viscosity
does not vary with the particle size.

+e foregoing analysis shows that the mud viscosity does
not depend on the particle size but depends on moisture
content. Meanwhile, the varying tendencies of each viscosity
curve are consistent, no matter how complex the process of
the interactions about water and soil is. For further in-
vestigation of the relationship between the viscosity and
moisture content, the mean method was applied to process
each mud viscosity curve of different particle sizes, and then,
MATLAB software was used to perform data fitting
(Figure 4).

As is shown in Figure 4, at the stage of ab, when the
moisture content is below 45%, viscosity will decline rapidly
from 10462MPa·s to 796MPa·s which is caused by the

increase of moisture content in mud; at the stage of bc, when
the moisture content is 45%–56%, due to the action of the
water, the bonding strength of the mud particle was de-
teriorative, aerosols were increased, and mud fluidity was
enhanced, but with the increase of moisture content in mud,
the rate of decline of viscosity slowed significantly; when the
moisture content was above 56%, viscosity slowed down
extremely as the moisture content of mud increased; finally,
change in viscosity remained unchanged (5.46MPa·s).
Mathematical models of the relationship between moisture
content and viscosity were obtained by fitting experimental
data:

v � 8.19 × 105exp(−(c/6.96))
+ 5.52, (1)

where c is the moisture content and v is the viscosity.

3. Tests of Mud-Water Inrush

3.1. Equipment and Method. A test device of mud-water
inrush through rock fractures was designed to study mud-
water inrush characteristics though rock fractures. +e
skeleton of mud-water inrush through rock fractures is shown
in Figure 5, and the test device of mud-water inrush through
rock fractures is shown in Figure 6. As shown in Figure 5,
the box system in the test device can be divided into three
parts: water tank, mud tank, and upper tank, and the size of
each part, in turn, is 300mm× 300mm× 100mm, 300mm×

300mm × 400mm, and 300mm × 300mm × 800mm, re-
spectively. +e inside of the upper tank was stacked with
cement bricks with the size of 70mm × 70mm × 70mm as
shown in Figure 7. Mud with a moisture content of
19.8%–30.2% was filled between bricks which were piled
up in the upper tank. After mud consolidation, mud and
bricks are formed as a whole. +e space among the bricks
can be considered as rock fractures. +e mud tank was
used to store mud. In this laboratory mud-water outburst
tests, mud with a moisture content of 52% was chosen as
mud-water outburst tests’ material, and the mud-water
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Figure 4: +e curve of mud viscosity under different moisture
content.
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pressure values were set to 0.5, 0.8, 1.0, 1.2, and 1.5MPa,
respectively. At the same time, the mud tank and upper
tank are connected through the porous steel plate. On one

hand, the porous steel plate can bear the load from all
cement bricks which were accumulated in the upper tank;
on the other hand, holes in the porous steel plate can allow
mud stored in the mud tank to pass through and enter into
the upper tank under the water pressure from the water
tank. +ere is a pressure conversion piston between the
mud tank and the water tank. +e pressure regulator
system is made up of an air compressor, a servo pump, and
a stabilizer system. During the process of tests, the water
pressure in the stabilizer system was monitored in real
time by the servo pump; in addition, another important
function of the servo pump is to ensure the presence of
adequate water in the stabilizer system. If the water
pressure in the stabilizer system is below the preset value

Mud tank

Water tank
Switch piston

Upper tank

Cement brick

Channels

Porous steel plate

Box system

Air compressor
Servo pump

Stabilizer systemPressure regulator system

Data capture system

Figure 5: +e skeleton of mud-water inrush through rock fractures.

Figure 6: Test device of mud-water inrush through rock fractures.

Figure 7: Cement bricks with the size of 70mm× 70mm× 70mm.
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which was captured by the servo pump, then the air
compressor works, until the water pressure reaches the
preset value. According to the field investigation of

engineering geological conditions in Karst zones, the mud
with a moisture content of 19.8%–30.2% is used as the
fillings in the mud tank.
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Figure 8: Characteristic curves of mud-water mixture inrush at the mud-water pressures of (a) 0.5, (b) 0.8, (c) 1.0, (d) 1.2, and (e) 1.5MPa.
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Experimental principles can be summarized as follows:
the space among cement bricks (70mm× 70mm× 70mm)
to stack each other (11 rows and 4 columns) was regarded
as the rock fractures. Meanwhile, the space among bricks
was filled with hard plastic clay; cement bricks, which were
stacked upon each other, were used to simulate the rock
skeleton. After the hard plastic mud was consolidated, the
fractured rock mass which was composed of bricks and clay
was formed in the upper tank. +e fracture widths in the
horizontal and vertical directions are about 7mm and
3mm, respectively. +e water tank is connected to the
external stabilizer system; moreover, the pressure and
quantity of water in the external stabilizer system were
provided by the air compressor and servo pump which
were controlled by the computer. Slurry with a moisture
content of 52% in the mud tank could pass through the
porous steel plate into the top box under water pressure;
meanwhile, the physical state of consolidated clay would
change from solid to mobile liquid which can flow through
the fracture.

3.2. Results and Discussion. Based on the observation and
calculation from the physical modeling, the curves of the
quality of mud-water mixture and time under different water
pressures are obtained (Figure 8 and Table 2).

Based on the test results that were described above
(Figure 8), the research results indicate that the changes in
the mud-water mixture inrush can be divided into four
stages: (1) +e preparation stage of mud-water mixture
burst (OA curve segment): at this stage, seepage channels of
mud-water mixture were not formed, and thus, there was
no mud-water mixture collected at the outlet of the test
apparatus. Meanwhile, hard plastic clay, which was filled in
the fissure, developed into soft-plastic and fluid-plastic
states under the effect of washout and erosion of mud-
water mixture gradually. +is kind of the evolution stage of
hard plastic clay from immobility to mobility was named as
the preparation stage of mud-water mixture gushing, and
the duration time of this phase is TOA. +e experiment also
revealed that the greater the augment in mud-water
pressure, the shorter the duration time of the incubation
period. When the pressure increased from 0.5MPa to
1.2MPa, the duration of this stage would decrease from 98s
to 45 s. But when the mud-water pressure increases to
1.5MPa, the incubation stage of mud-water mixture out-
burst fails to be observed, which showed that the hazard of
mud-water inrush with the higher pressure has some
characteristics of suddenness and violence. (2) +e seepage
period of mud-water mixture inrush (AB curve segment):
mud-water inrush moves in fracture, and the seepage
channels of mud-water forms gradually. +e seepage ve-
locity is slow, and the duration time of this phase is TAB;
moreover, with the increase of mud-water pressure, the
duration time of this phase shortens. When the pressure is
increased from 0.5MPa to 1.5MPa, the duration time of
this seepage stage would decrease from 23 s to 5 s. (3) +e
nonstable period of mud-water mixture outburst (BC curve
segment): at this phase, mud-water mixture is continuously

scouring channels and gushing forward to external. +e
velocity of mud-water mixture outburst is constant; in
addition, with the increase of mud-water pressure, the
energy stored in the mud tank and the maximum velocity of
mud-water mixture outburst would be increased. +e ex-
periment showed that when the pressure is increased from
0.5MPa to 1.5MPa, the maximum velocity of mud-water
mixture inrush of this stage would increase from
1.155 ×10−4 m3·s−1 to 3.380×10−4m3·s−1. (4) +e stable
period of mud-water mixture outburst (CD curve seg-
ment): at this stage, the passages of mud-water inrush form,
keeping a near constant velocity of mud-water mixture
inrush. +is stage lasts for a relatively longer time.

4. Conclusions

+is paper conducted a series of mud viscosity experiments
and chose mud-water with a moisture content of 52% as the
tests’ material. +e process of mud-water in rock frac-
tures was simulated. +e research results can be drawn as
follows:

(1) +e mud viscosity does not depend on the particle
size but depends on moisture content. Moreover, the
relationship between moisture content and viscosity
can be represented by the exponential function.

(2) +e process of mud-water inrush can be divided into
four stages: that is, the preparation stage of mud-
water mixture burst, the seepage period of mud-water
mixture inrush, the nonstable period of mud-water
mixture outburst, and the stable period of mud-
water mixture outburst.

(3) +e duration time of the preparation stage and
seepage period is shorter, and the maximum velocity
of mud-water mixture inrush is larger with the in-
crease in mud-water pressure.
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Table 2: Experimental data of mud-water mixture inrush.

Water pressure
(MPa)

TOA
(s)

TAB
(s)

TBC
(s)

Maximum mud-water rate
(m3·s−1)

0.5 98 23 128 1.155×10−4

0.8 69 15 67 0.804×10−4

1 55 10 44 2.090×10−4

1.2 45 9 46 2.953×10−4

1.5 0 5 16 3.380×10−4
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For the 12 May 2008 Mw 7.9 Wenchuan earthquake, two imbricate faults, Beichuan fault and Pengguan fault, have ruptured
simultaneously. Special attention should be paid to the point of 40 km northeast of the epicenter, in which the Xiaoyudong fault
intersects the above two faults, creating a complex fault structure. Surface rupture data from field surveys and previous research of
dynamics studies indicate that an important transformation may take place at the intersection. But, few studies about inversion of
source rupture process have focused on this issue. We establish a multiple-segment, variable-slip, finite-fault model to reproduce the
rupture process and distinguish rupture sequence. Based on the nonnegative least square method and multiple-time-window
approach, the spatial and temporal distribution of slip for three rupture sequences are exhibited, using teleseismic records and
coseismic displacements.*e conformity between synthetic and observed teleseismic records as well as the slip value of the shallowest
subfaults and the coseismic displacements is utilized to calibrate the model. *e results are as follows: (1) *e teleseismic records
inversion alone could not distinguish different rupture sequences. However, in order to make the slip of the Hongkou and Yingxiu
area coincide with the field investigation, only the Beichuan fault has a bilateral rupture on the point of intersection of Xiaoyudong
fault. So the possible rupture sequence is that the earthquake started at the low dip angle part of southern Beichuan fault, and then it
propagated to the Pengguan fault, which caused the rupture of Xiaoyudong fault. *en the southern part of Beichuan fault with high
dip angle is triggered by the Xiaoyudong fault. (2) *e coseismic displacements constraint can control the slip of subfaults near the
surface and has little impact on the deeper subfaults. (3)*emaximum slip on the fault is located near the Yingxiu and Beichuan area;
moreover, the slip is mainly distributed at the shallow region rather than at the deep, which led to serious disasters. Meanwhile,
majority of the aftershocks occur in the periphery of large slip.

1. Introduction

*e May 12th 2008 Mw 7.9 Wenchuan earthquake which
occurred in Wenchuan, China, caused a large number of
casualties and very serious engineering damage. Field surveys
showed that the earthquake ruptured the middle segment of
the Longmenshan fault zone; meanwhile, two rupture spaces
were approximately parallel with the northeastern Beichuan-
Yingxiu fault (abbreviated as BCF) with 240 km surface
rupture and the Guanxian-Jiangyou fault (abbreviated as
PGF) with 70 km surface rupture [1–4]. *e BCF was divided
into two sections with different movements at the point of
Gaochuan [5–9].*e southern part of Gaochuan (southwestern

BCF), the slip on the fault, is mainly thrust, while the northern
part of Gaochuan (northeastern BCF) slip type changes into
strike. *e research of the focal mechanism of aftershocks
showed that aftershocks of the northern segment of the BCF
(northern part of Gaochuan) were characterized by high dip
angles [10].*e width of aftershock distribution in the northern
segment of BCF was obviously narrower than that in the
southern section [11], which indicated the dip angle of the
northern segment to be larger than that of the southern section.

It should be noted that the Xiaoyudong fault (abbrevi-
ated as XYDF) with strike about 325° and length of 6 km [12],
which was a small tear fault almost perpendicular to the PGF
and BCF, located at about 40 km northeast of the epicenter.
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Near the intersection with the XYDF, surface rupture of
PGF and BCF showed obvious dislocation and disconti-
nuity [1, 13] (Figure 1). Surface rupture of PGF and BCF
was 5 km and 7 km apart near the southern part of XYDF,
while near the northern part of XYDF was 7 km and 15 km
apart. Aftershocks along the XYDF demonstrated a left-
lateral and strike-slip; nevertheless, a thrust slip of BCF at
south of Gaochuan, which indicated that an important
transformation may have taken place at the intersection.
According to the result of Wang and Liu-Zeng [14], the
XYDF played a positive role in linking coseismic slip
transfer between the BCF and PGF, which used a quasi-
static stress analysis. *is raises the possibility that rupture
of the XYDF caused bilateral rupture of the BCF. Inversion
of the source rupture process also indicated that the BCF
was initiated at the surface near the intersection of the
XYDF [15, 16] although this view differed from most
previous studies that have dealt with this rupture process
[3–9, 17–23]. *ese research studies presumed a unilateral
rupture. In other words, the rupture sequence of BCF, PGF,
and XYDF has been ignored, which is a valuable research
issue. Furuya et al. [20] used crustal deformation data sets
to develop a fault source model of Wenchuan earthquake,
which considered the XYDF. But the rupture did not in-
volve the time dimension, so the rupture sequence could
not be recognized.

In this paper, we present a three-dimensional (3-D) fault
model combined with an investigation of the aftershock
distribution, seismic reflection profile, and surface rupture
data. Based on teleseismic records as well as coseismic
displacement data, we invert spatiotemporal variation of the
rupture process and analyze possible rupture sequences
between BCF, PGF, and XYDF. Here, two standards of the
judgments are utilized to calibrate the model. One is the
degree of conformity of synthetic and observed teleseismic
records, and the other is the slip value of the near-surface
fault and the coseismic displacements.

2. Fault Rupture Model

Study on seismogenic structure of the Wenchuan earth-
quake showed that from south to north, the dip angles of the
Beichuan fault changed significantly, the dip increased from
deep to shallow in the southwestern BCF, and the north-
eastern section of BCF had a greater dip angle than the
southwestern [1, 6, 24–27]. Based on the above features, a
3-D fault model for theWenchuan earthquake was established
(Figure 2). We parameterize this complex fault using six
planes, one segment for PGF and five for the southwestern and
northeastern BCF. For the southwestern BCF, from deep to
shallow, the faults are labeled as BCF4, BCF3, BCF2, and
BCF1, with dip angle 20°, 33°, 50°, and 65°. Northern BCF is
BCF5 with dip angle 60° [21], and dip angle of PGF is 30°.
BCF4 intersects BCF3 at a depth of 16.6 km, BCF2 intersects
the PGF at a depth of 10 km, and BCF2 intersects BCF1 at
a depth of 5.4 km. *e length of aftershock distribution is
obviously larger than the surface rupture and in the north
and south ends exceed 50 km [6]. *is suggested that there
may be slipping without surface rupture at both ends. In order
to find the possible rupture area in the deep region, the length
of the fault is larger than the surface rupture. *e PGF and
southwest BCF are 132 km, northeast of BCF is 180 km, and
the total length of BCF is 312 km. *e strike of PGF and BCF
is 224° according to the surface rupture direction [1]. *e
hypocenter is 30.986°N, 103.364°E, according to United
States Geological Survey. *e initial rupture point is on the
BCF3 and the depth is 14 km (China earthquake networks
center). *e subfaults are 5 km long and 3 km wide, and total
subfaults are 854 (Table 1).

3. Data

Two different data sets, teleseismic body waves and surface
offsets, are used. *e teleseismic waveform data are from the
Incorporated Research Institutions for Seismology (IRIS)
and are deconvolved from the instrument response, in-
tegrated to obtain displacements. We use the distinct P-wave
displacement observed at 36 stations with epicentral dis-
tances between 30° and 90° (Table 2). *e locations of these
36 stations are shown in Figure 3, and the uniform azimuthal
coverage can limit slip on the fault.*e records are band pass
filtered with a zero-phase third-order Butterworth filter in
the range between 0.02 and 0.5Hz and resembled with a time
step of 0.2 s. *e PP-waves are not used.

Another important data set we used to constrain the slip
is the coseismic displacements. Field investigation shows
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Figure 1: Epicenter of the Wenchuan earthquake (red stars):
surface rupture along the Longmenshan fault zone (red lines). *e
black lines are the surface offsets according to Xu et al. [1, 3, 4] to
limit the slip of near-surface faults. Here, YX, Yingxiu; HK,
Hongkou; DJY, Doujiangyan; LMS, Longmenshan; YJS, Yuejia-
shan; QP, Qingping; GC, Gaochuan; BC, Beichuan; NB, Nanba;
QC, Qingchuan; BL, Bailu; MZ, Mianzhu; HW, Hanwang.
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that surface breaks extend for about 240 km from YX to QC
on BCF and about 70 km from the intersection of XYDF and
PGF to HW on PGF, as the red curve shown in Figure 1.
According to the results of Xu et al. [1, 3, 4], the surface
rupture showed that the slip on the southwestern BCF was
dominated by thrust slip; the northeastern segment is mainly
the strike slip. *e surface rupture of PGF is concentrated in
the region between the intersection of PGF and XYDF and
HW, with mainly dip slip. Since the length of the subfault of
our model is 5 km, more than one observed surface offset
may exist in one subfault, we averaged the measured surface

slip along the 5 km length of each subfault and assigned that
value to the shallowest subfault element. Figure 4 shows the
total slip on BCF and PGF according to the results of Xu et al.
[1, 3, 4]. Table 3 gives the surface offsets of the shallowest
subfaults in our model, where the number 1 subfault is
located at the southwestern tip of PGF, BCF1, and BCF5, and
the numbers 26, 26, and 36 are at the northeastern terminal
of the these faults, respectively. It is advantageous to in-
corporate the surface offset data to constrain slip on the
shallowest area because we know where and how much the
surface slipped [28].

4. Inversion Method

After the earthquake, the slip of the fault plane generates the
seismic waves which are recorded by the stations. In order to
obtain the slip values of the fault plane, the inversionmethod
is usually utilized to achieve this goal. For the inversion, the
input is the observed records. Meanwhile, the output is the
slip vectors of the fault plane. We apply the nonnegative
least-squares inversion method to calculate the slip on the
fault according to Hartzell and Heaton [29]. *e fault plane
is divided into a series of subfaults with the same size. *e
multitime window method can simulate heterogeneity of
amplitude, duration, and direction for slip in the fault, as
well as the rupture velocity. Every subfault can slip in any
time windows, and then a complicated rise time function can
be constructed.We assume a constant rupture velocity; if the
slip occurs in subsequent time windows, it is interpreted as
a lower rupture velocity, otherwise equal to the set value.
Here, the slip is divided into two directions, dip and strike,
and the sum of these two values gives total slip and direction.
In this approach, the inversion function is formed by the
synthetic waveforms (matrix of A), solution vector of slip on
each subfault (matrix of x), and the observed data vector
(matrix of b):

Ax � b. (1)

*e function can be solved by linear least-squares
method, but the result is unstable because matrix of A is
an ill matrix. *is leads to a phenomenon that the matrix of
A or b has a small change, and the results of matrix x show
greater variations. *e problem can be solved by adding
damped and constrained to the above function.

Here C−1d represents a priori data covariance matrix
which is used to set each record in the inversion accounts for
the same weight. *e matrix of M for minimizing moments
is obtained by letting xi � 0. *e smoothing constraints
matrix of S is used to minimize the slip between adjacent

Table 1: Fault parameter.

Segment Dip (°) Length (km) Width (km) Subfaults (length) Subfaults (width) Subfaults Max-deep (km)
PGF 33 132 18.4 26 6 156 10
BCF1 65 132 6 26 2 52 5.4
BCF2 50 132 6 26 2 52 10
BCF3 33 132 12 26 4 104 16.6
BCF4 20 132 15 26 5 130 21.7
BCF5 60 180 30 36 10 360 25.9

Table 2: Locations and epicentral distances of 36 teleseismic
stations.

Stations Lon (°) Lat (°) Distance (km)
DAV 125.58 7.07 3508.50
PALK 80.70 7.27 3529.84
BRVK 70.28 53.06 3627.13
YAK 129.68 62.03 3941.31
ARU 58.56 56.43 4468.31
TIXI 128.87 71.63 4779.07
PET 158.65 53.02 5031.84
DGAR 72.45 −7.41 5376.36
KIV 42.69 43.96 5437.55
OBN 36.57 55.11 5802.02
MBWA 119.73 −21.16 6022.61
KEV 27.00 69.76 6292.29
WAKE 166.65 19.28 6424.96
MSEY 55.48 −4.67 6436.86
WRAB 134.36 −19.93 6529.31
KBS 11.94 78.92 6681.23
ADK −176.68 51.88 6705.00
NWAO 117.24 −32.93 7216.93
CTAO 146.25 −20.09 7269.38
KONO 9.60 59.65 7298.18
MIDW −177.37 28.22 7506.91
KMBO 37.25 −1.13 7823.01
BFO 8.33 48.33 7858.96
ESK −3.21 55.32 8197.06
JOHN −169.53 16.73 8800.59
SFJD −50.62 67.00 8927.27
PAB −4.35 39.54 9225.86
TAU 147.32 −42.91 9325.29
LSZ 28.19 −15.28 9522.14
KIP −158.01 21.42 9584.75
KNTN −171.72 −2.77 9681.36
POHA −155.53 19.76 9901.50
FFC −101.98 54.73 10207.22
AFI −171.78 −13.91 10313.15
COR −123.31 44.59 10398.65
CASY 110.54 −66.28 10795.25
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subfaults as well as adjacent windows for one subfault along
strike and dip direction. *e slip on the peripheral area with
small values is achieved by the Matrix of B.

C−1d A

λ1M

λ2S

λ3B

λ4F

⎡⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣
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0

0

0

D
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. (2)

*e effect ofMatrixF is letting the sum of all time windows
for surface subfaults to equal coseismic displacements (matrix
of D) at corresponding position [28, 30]. Weights λ1, λ2, λ3,
and λ4 control the trade-off between satisfying these constraints

and fitting the data, and the best results are obtained using the
minimum value of waveform misfit, as follows:

misfit �
i  xi(t)−yi(t)( 

2
dt

i  xi(t)2 dt
. (3)

In this expression, xi and yi denote observed and syn-
thetic waveform data.*e Green function is calculated using
the ray theory method with the velocity structure model
Ak135 and the filter band and sampling interval are the same
as records. For Wenchuan earthquake, five isosceles triangle
time windows are used; the duration is 2 s with total rise time
10 s and adjacent subfault with a delay of the same length.
*e dip and strike slip are 90° and 180° according to the rake
angle of this earthquake.
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5. Rupture Sequence

According to the fault model in this paper and previous cor-
responding research results [14–16, 31, 32], in order to analyze
the rupture sequences among BCF, PGF, and XYDF, three
possible cases are used (Figure 5). In Case 1, the rupture was
initiated at the low dip angle part of BCF3, and then it
propagated to deep area BCF4 and to shallow area BCF2 and
PGF. Rupture front propagated through BCF2 and caused the
rupture of BCF1 (process 1). In Case 2, the rupture was initiated
at the lowdip angle part of BCF3, and then it propagated to deep
area BCF4 and to shallow area PGF (process 1). *e XYDF was
triggered by the PGF, and the BCF1was triggered by the XYDF.
*en BCF1 and BCF2 produced bilateral rupture (process 2). In
Case 3, the rupture was initiated at the low dip angle part of
BCF3, then it propagated to deep area BCF4 and to shallow area
BCF2 and BCF1, successively (process 1). In this sequence, the
XYDFwas triggered by the BCF1, and the PGFwas triggered by
the XYDF. *en PGF produced bilateral rupture (process 2).

6. Results

6.1. Rupture Velocity Sensitivity. *e rupture velocity of
Wenchuan earthquake was quite different with the range
2.5∼3.4 km/s [5, 9, 16, 17, 33, 34]. To search the optimal
value, the maximum rupture velocity is 2.0∼3.4 km/s, about
0.6∼1 of the shear-wave velocity in the source region with
interval 0.2 km/s, and the rupture velocity has 8 values. *e
teleseismic waveforms are used to study the rupture history
for the three rupture sequences. *e rupture velocity sen-
sitivity for rupture 1, 2, and 3 is shown in Figure 6.

*e result shows that the change of residual for the three
rupture sequences is similar. *e residual has little change
with velocity less than 3.0 km/s and obviously increases with
velocity greater than 3.0 km/s. *e residuals of 2.2 km/s and
3.0 km/s are smaller. *e slip of the area near Nanba on
BCF5 contributes most to the end of synthetic waveforms
with velocity 2.2 km/s; therefore, the slip near Nanba is very
small, and the value is inconsistent with the observed data.
By contrast, the slip near Nanba contributes to the synthetic
records at about 60 s with large amplitude when the velocity
is 3.0 km/s, so the slip is about 2.0m and in good agreement
with the observed value. Furthermore, the Wenchuan
earthquake has a large rupture scale and complicated rup-
ture process, and the range of rupture velocity may be larger.
In order to simulate the rupture process, the velocity

Table 3: Slip values constraint of shallowest subfaults of BCF and
PGF.

Number
PGF BCF1 BCF5

Strike
(m)

Dip
(m)

Strike
(m)

Dip
(m)

Strike
(m)

Dip
(m)

1 0.10 0.10 1.00 1.00 2.10 2.60
2 0.10 0.10 1.00 1.00 4.33 5.19
3 0.10 0.10 1.00 1.00 2.10 2.60
4 0.10 0.10 1.00 1.00 1.60 2.00
5 0.10 0.10 1.00 1.00 1.20 1.53
6 0.10 0.10 1.00 1.10 2.48 3.52
7 0.10 0.10 0.10 2.29 2.39 6.52
8 0.10 0.10 0.10 1.10 3.18 4.10
9 0.10 0.10 0.10 1.47 1.38 3.68
10 0.10 0.10 4.51 1.70 3.45 2.50
11 0.10 0.10 4.50 6.23 3.00 2.60
12 0.10 0.10 4.30 2.69 2.58 2.70
13 1.00 1.00 0.00 4.58 3.40 4.05
14 1.00 1.00 0.10 2.20 1.70 2.00
15 0.00 2.31 0.10 1.90 0.80 1.00
16 0.10 1.50 2.21 1.73 0.80 0.90
17 0.99 2.75 0.00 5.00 0.90 0.80
18 0.49 1.30 0.10 2.50 1.93 1.50
19 0.00 0.60 0.10 2.00 2.55 2.41
20 0.10 0.10 0.10 1.70 3.50 1.73
21 0.16 1.10 0.00 3.40 3.40 0.54
22 0.00 1.54 0.10 3.10 1.70 0.20
23 2.91 3.52 0.00 2.99 1.00 1.00
24 0.55 1.37 1.47 3.81 1.00 1.00
25 0.00 0.93 0.00 3.36 1.00 1.00
26 0.00 0.49 1.61 3.22 1.00 1.00
27 1.00 1.00
28 1.00 1.00
29 1.00 1.00
30 1.00 1.00
31 1.00 1.00
32 1.00 1.00
33 1.00 1.00
34 1.00 1.00
35 1.00 1.00
36 1.00 1.00
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Figure 5: *ree rupture sequences for the Wenchuan earthquake: (a),
(b), and (c) refer to rupture sequences 1, 2, and 3, while the circles denote
the earliest rupture subfaults, and the arrows denote rupture directions.
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3.0 km/s is set as the highest value. *e residuals with ve-
locity 3.0 km/s of rupture sequence 1, 2, and 3 are 0.271,
0.268, and 0.267, respectively, very close to each other. So,
the teleseismic data alone are not capable of choosing the
best rupture model without additional constraints.*e same
conclusion was obtained by Hartzell et al. [16].

6.2.CoseismicDisplacementsConstraints. Figure 7 shows the
comparison between the surface offsets and inverted slip of
the near-surface fault with velocity 3.0 km/s for three rupture
sequences. On PGF, the inverted slip in the south of BL is
quite small for sequences 1 and 2, which agree well with the
observed value. However, the inverted slip value of sequence 3
is about 2m and the maximum is 3.8m, which is seriously
overestimating the true value. *e reason is that the rupture
process of sequence 3 is different from 1 and 2 on PGF. For
sequence 3, the PGF has a bilateral rupture from the point of
intersection with the XYDF. *en, the south surface area of
PGF has the same initial rupture time with the north area.*e
distance between the two regions is about 50 km, and the far
field Green function is similar. For the teleseismic inversion,
when the Green function, initial rupture time, and the travel
time of seismic phase are close for different area, the slip
cannot be distinguished. So the slip in the northern part of
PGF is transferred to the southern part. *e slip inversions
using teleseismic data only are affected by a trade-off between
rupture timing and slip location [16].*e slip near the surface
area of southern part of PGF contributes to the synthetic
waveforms at about 30 s, so the slip is larger. On the con-
trary, the slip of sequences 1 and 2 for the same area
contributes to the synthetic records at the beginning of
wave packet, so the slip is very small. *ere is a quite large
surface offset between YX and HK areas on BCF. *e result
of sequence 2 is close to the observed value, but the inverted
slip of sequences 1 and 3 is massively underestimated. At

the point near HK with maximum surface offset, the value
of sequence 2 is about 3/4 of the observed data. Never-
theless, the result of sequences 1 and 3 is only 1/7 of the
observed value. *e inversion results of the three sequences
are similar, except the above two regions.

*rough analysis of the difference between inversion
results and coseismic displacements, it is shown that the
surface area of the southern PGF of sequence 3 has a large
slip value and the area fromHK to YX on BCF of sequences 1
and 3 has a small slip value, which are contrary to the
observation. So sequences 1 and 3 are not reasonable. For
these two areas, the result of sequence 2 is in good agreement
with the observation. From the surface offsets, it is con-
sidered that the rupture sequence 2 is in accord with the true
rupture process of Wenchuan earthquake. For the rupture
process of earthquake, the situation which the propagation is
to the reverse direction of rupture is infrequent. However,
the same phenomenon was proved to exist. *e 1984 M6.2
Morgan Hill California earthquake, 1992 Mw 7.3 Landers
earthquake, and 2010Mw 7.2 EIMayor-Cucapuh earthquake
had the same rupture mode [35–37]. *is phenomenon is
coincident with the numerical simulations of the rupture
process [38]. *e complex structure of seismogenic fault
leads to such a rich rupture process.

6.3. Spatiotemporal Variation of the Rupture Process of the
Wenchuan Earthquake. Comparison between observed
teleseismic records and synthetic records of three sequences, as
well as the slip distribution of rupture velocity 3.0 km/s, is
shown in Figure 8. For the three rupture sequences, the slip is
concentrated at 5 areas.*e first, near the initial rupture point,
the area is small but the thrust slip is large. *e second, under
LMS on BCF3 and BCF4, the slip block is large (A1).*e slip is
mainly the thrust slip on BCF3 and the right lateral strike slip
on BCF4.*e third, from YJS to GC on BCF1 and BCF2, there
is a large slip area (A2, A2-1). At the surface area, it is mainly the
right strike slip, while on the bottom area is dominated by the
thrust slip. *e fourth, on BCF5, the slip at surface area near
BC is the large thrust slip (A4).*e fifth, on BCF5 between NB
and QC, the slip is thrust and strike (A5). On the other side,
slip distribution is obviously different for three sequences at
some areas. *e first, on the high dip angle part between HK
and YX of the southwestern BCF, sequences 1 and 3 have no
slip. Nevertheless, for rupture sequence 2, a large slip patch is
located in the region dominated by mainly the thrust slip. *e
second, on PGF, slip distribution is similar for sequences 1 and
2, a large slip patch is located at the bottom of the fault near the
middle area, but nearly no slips exist on the southwestern PGF.
In contrast, for sequence 3, the large slip patch shifts to the
southwestern PGF. *e synthetic records of three rupture
sequences show good agreement with the observed ones.
Because of the close spatial distribution of the faults and the
similar steep takeoff angles, the synthetic teleseismic records
are almost same for the three rupture sequences. *is leads to
the fact that teleseismic data alone cannot distinguish between
different rupture sequences, but by combining the result of far-
field record inversion and the surface offsets, the optimal
rupture scenarios can be distinguished.
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Figure 6: Rupture velocity sensitivity for rupture sequence 1, 2,
and 3. *e velocity is tested from 2.0 to 3.4 km/s. *e preferred
model has a value of 3.0 km/s.
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In order to limit the slip of near-surface subfaults, the
surface offsets are involved in inversion. *e result is
shown in Figure 9, the Figure 9(a) shows the slip distribution,
Figure 9(b) shows the moment rate function for the complete
rupture, Figure 9(c) shows the rupture process snapshots with
4 s interval, and Figure 9(d) shows the comparison of seven-
month aftershock distribution and the projection of the spatial-
slip distribution. Table 4 comprises the parameters of asperities.
*e total seismic moment is 0.950×1021N·m, which is close to
the result of USGS and Harvard CMT solution. *e result
shows that the slip along the southwestern BCF is near the
initial rupture point and encompassing the area between YX
and LMS (asperity A2-2), YJS and GC (asperity A2-1), and the
area under the LMS (asperity A1). *e corresponding moment
is 0.387×1021N·m, accounting for 41% of total seismic mo-
ment. *e slip on PGF is located near Bailu (asperity A3), and
the corresponding moment is 0.115×1021N·m, 12% of the
total value. Generally, the slip on the southwestern BCF and
PGF is dominated by the thrust. For BCF5, the slip is located
near the surface of BC (asperity A4), as well as in the area
between NB and QC (asperity A5). *e moment of BCF5 is
0.446×1021N·m, 47% of total moment.

Our inversion result shows that the slip is mainly dis-
tributed at the depth above 15 km. At the fault plane, there
are 6 asperities, which indicates that the earthquake is
composed of at least 6 subevents. *e slip is mainly
distributed on the BCF, indicating that the BCF is the main
rupture fault. According to the moment rate function and
rupture process snapshot, the whole rupture process about
100 s is divided into 4 stages. 0∼12 s is the first stage, with 3%
of the total seismic moment, corresponding to the slipping
near the initial rupture point. *e second stage, from 12 to
40 s, is the process of concentrating release of energy, cor-
responding to the rupture of southern segment of BCF and
PGF, releasing 50% of the total seismic moment. As shown
in Figure 9(c), at about 12 s, the rupture front arrives at the
area under LMS, and then asperities A1 and A3 begin to
rupture. At 16 s, asperities A2-1 and A2-2 begin to produce
a large slip; meanwhile, there is a bilateral rupture on the
BCF from the point of intersection with the XYDF.*e third
stage, from 40 to 60 s, corresponding to the rupture near BC,

released 18% of the total moment. 60∼88 s is the last stage,
which releases 25% of the total moment, corresponding to
the rupture of the region south of BC. *e outstanding
peculiarity of the moment rate function is that one-half of
the energy is released in the second stage which lasted 28 s,
a short duration for an earthquake of that size. In such
a short period of time, a great deal of energy is released,
causing serious damage.

*rough the analysis of aftershock distribution and slip
region, some useful results are obtained. One is that majority
of the aftershocks occurred in the periphery of large slip. It
shows that most of the stress was released in the area of
asperities so that no aftershocks occurred after the main
shock. *e pattern of aftershock location in relation to the
areas of large slip is coincident with the 1999Mw 7.6 Chi-Chi
earthquake and 2015 Nepal Mw 7.9 earthquake [39, 40].
*ere are seven aftershocks with magnitude greater than 6.0
around the fault. It is remarkable that all the aftershocks
larger than 6.0 occurred near the large slip region. Two
aftershocks were located near the epicenter, and three were
located at the periphery of the northernmost region. *e
other is that the aftershocks tend to be distributed at the area
of the projection of the deep part of the fault. From the
research of Jia et al. [27], the most dense aftershocks were
concentrated from 14 to 16 km. *e result of Tong et al. [8]
and Qi et al. [22] showed the same situation. It is suggested
that for the Wenchuan earthquake, the slip is mainly dis-
tributed at the shallow region, while the aftershocks mainly
occurred in deep regions, which led to fateful disasters.

7. Conclusion

*e rupture process ofWenchuan earthquake is complicated
including an obvious change in slip direction, which sug-
gests that several faults participated in the rupture. Especially
at the area of 40 km northeast of the epicenter, the XYDF
intersects the BCF and PGF, forming complex fault ge-
ometry. *e surface ruptures and results of dynamic studies
indicated that an important transformation might take place
at the intersection. Unfortunately, few research studies about
inversion of source rupture process have focused on this
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issue. So, based on three fault models according to the results
of previous studies, we investigated the possible rupture
sequences of the earthquake from kinetic aspects, using
teleseismic records and coseismic displacements. *e syn-
thetic records and the inversion slip values of shallowest
subfaults are utilized to calibrate themodel. For the synthetic
records, three rupture sequences yielded similar waveforms.
However, the slip values of the shallowest subfaults near
Hongkou area on BCF and southern Bailu area on PGF are
markedly different. By comparing differences of the three
sequences, we obtained that only the high dip angle part of
the BCF is triggered by the XYDF, and then the slip that
corresponds to coseismic displacement will appear between
Yingxiu andHongkou area. So the possible rupture sequence
is that the rupture was initiated at the low dip angle part of
BCF, and then it propagated to shallow area PGF.*e XYDF
was triggered by the PGF, and the high dip angle of BCF was
triggered by the XYDF. *en the high dip angle of BCF
produced bilateral rupture. Hartzell et al. [16] obtained
a similar bilateral rupture on the BCF fault from the point of
intersection with the XYDF to synthesize the second pulse of
near field stations at the southwestern end of the BCF.

*e preferred model features a heterogeneous slip dis-
tribution with a total of 5 mainly discrete asperities along
BCF and one in the PGF. *e main rupture is from Yingxiu
to Qingchuan along the BCF, shorter than the length of
aftershocks, but longer than the mapped surface rupture.

Meanwhile, the slip tends to be distributed in the shallow
region (depth 0–15 km) rather than in the deep. *e results
of the research of Wang et al. (2011) showed that the
maximization of slip in shallow areas was caused by the
accumulation of strain energy left over from past blind
earthquakes that did not rupture the surface. Furthermore,
the inverted slip of shallowest subfaults and the field in-
vestigation are compared. *e following results can be
obtained without the constraint slip near the surface and can
easily be overestimated [30]; the constraint has negligible
impact on the deeper subfaults. *e resolution of the tele-
seismic data is low; in contrast, the strong-motion data with
higher resolution is ideal for determining the direction of
rupture from directivity [16]. Whether the inversion of near
field records can accurately identify the rupture sequence
needs further study.
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A5 5.3 70× 21 3.4 21.5 7.1
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To accurately and intuitively study the influence of microscopic parameters andmechanical responses of the consolidation process
of cemented paste backfill (CPB), a method is proposed for characterizing its geometric and morphological characteristics and its
mechanical response. A set of microstructure parameter software is developed for analyzing the CPB consolidation process, which
quantitatively analyzes the mechanical response of CPBs at a microscopic scale. Based on the fuzzy clustering method, CPB
microscopic pore images are extracted via digital image processing technology. Microscopic CPB pores are extracted from images
via cluster analysis, binarization, and denoising techniques. (en, images are evaluated for porosity, number of pores, average
pore width, fractal dimension, weighted probability entropy, and 11 more indicators to quantitatively analyze pores. (us, the
proposed method forms nonlinear relationships between microstructure parameters and mechanical responses based on a deep
learning TensorFlow framework under different curing times. Results show that the multiparameter predictive mechanical
response at the microscopic scale has a good effect, and the predicted average error is 9.51%.(e accuracy of the proposed method
is higher than that of the traditional method.(erefore, the proposed method provides a newmethod to quantitatively analyze the
mechanical response strength prediction at a microscale.

1. Introduction

Owing to the gradual depletion of mineral resources in the
shallow parts of the Earth, deep mineral resource mining
has become commonplace and increasingly important. (e
strength of the backfill material is critical. Based on the
strength characteristics of cemented paste backfill (CPB) at
high altitudes, Gan Deqing et al., from the North China
University of Science and Technology, analyzed CPB
strength from the macroscopic and microscopic perspec-
tives. By comparing and analyzing CPBs under different
curing conditions, they learned that strengths differ
according to the law of increasing backfill strength [1]. Xin
and Bingwen, from the China University of Mining and
Technology, established a relationship between the CPB’s
macroscopic mechanical properties and the type and
quantity of hydration products of cementitious materials,

using a series of research methods, including X-ray dif-
fractometry, thermogravimetry and differential scanning
calorimetry, and scanning electron microscopy (SEM) [2].
Qinli et al., of Central South University, optimized the CPB
ratio by using a neural network, which took the concen-
tration of slurry and the amount of each component as
input. (e respective slump measures of compression
strength at 7 and 28 days were regarded as output factors,
and the matching experimental data for training and testing
samples were established using a back propagation neural
network prediction model [3]. Jianxin et al. designed
a single-factor, five-level (i.e., CPB strength, solid content,
ratio of lime to sand, curing time, and strength sensitivity
and failure mechanism) experiment, using cement to make
the CPB [4]. Fall et al. studied the effects of curing tem-
peratures for CPB strength [5]. Professor Wenbin et al., at
the China University of Mining and Technology, studied the
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law of stress-strain variation, electrical resistivity, and CPB
temperature during uniaxial compression, analyzing the
precursory characteristics of failure and instability.(ey also
compared the sensitivity and variability of monitoring in-
formation about the same failures, and overcame low
confidence levels, high error rates, and so on, of the pre-
diction method by only considering the variation of one
parameter [6–8]. Sun et al. obtained the multicomponent 3D
structure and porosity value using real-time 3D re-
construction of a CTscan image of a CPB sample, simulating
crack propagation and stress variation of the sample using
the discrete element method [9]. Xiu et al. revealed the
microscopic tailing chemical reaction mechanism and
studied the macroscopic effects of CPB stability by con-
ducting experiments under different tailing mixture ratios
[10]. Liu et al. obtained the basic parameters of pore images,
including porosity and fractal dimension, bymeans of manual
thresholds on a single SEM image. (ey analyzed the re-
lationship between the microscopic structure and the me-
chanical strength of rock [11, 12]. Outllet et al. analyzed the
pore structures of CPB samples using SEM images, estimating
the structural parameters of pores by measuring total po-
rosity, pore size distribution, and pore space curvature [13].
Neural network is used to predict concrete compressive
strength [14, 15]. Momeni et al. predicted uniaxial com-
pressive strength of a rock sample using hybrid particle swarm
optimization [16]. Nicola et al. proposed peak strength and
ultimate strain prediction for FRP-confined square and cir-
cular concrete sections [17]. (erefore, extensive research
exists about mechanical strength prediction in fields, in-
cluding rock mechanics and CPBs. However, there is little
research on the automatic prediction of mechanical responses
in CPB using image processing methods on a microscopic
scale.

(is paper summarizes studies of CPBs at different
curing times and characterizes the geometrical character-
istics and morphological structures of the pore network
based on measuring indexes, such as number of pores, total
area of pores, maximum area of pores, average area of pores,
average length of long axis, porosity, coefficient of unifor-
mity, sorting coefficient, curvature coefficient, fractal di-
mension, and weighted probability entropy, by conducting
indoor microscopic tests and extracting the microscopic
pore images using an image processing technique. (is
paper analyzes the effects of the CPB microscopic param-
eters on the mechanical response strength, using a slurry
concentration of 72% and a cement-sand ratio of 1 : 4 at
different curing times. A visual quantification method is
offered for analyzing the relationship between the pore
structure and the mechanical response of the CPB during
solidification on a microscopic scale.

2. Materials and Test Methods

2.1. Material Components. Tailing is used during testing to
analyze basic performance. (e primary physical properties
of the determination results are shown in Table 1. (e
particle size distribution curve is shown in Figure 1. (e gel
material is common silicate cement, and the test water is
urban tap water. In Figure 1, tailings of d10, d30, and d60 have
grain sizes of 4.96 μm, 10.02 μm, and 32.29 μm, respectively.
(e tailing grain size composition coefficient of uniformity is
6.46. (e optimal gradation of tailing particles complied
with the (abo equation generally ranges from 4 to 6. (e
tailing grain size curve reveals that the test tailing has a low
proportion of coarse particles because of its natural gra-
dation being classified as a relative gap gradation.

2.2. Test Process

2.2.1. Sample Preparation. Four identical samples are fab-
ricated simultaneously, one as standby and the other three as
test samples. As per the experimental design plan sum-
marized in Table 2, the mass of common silicate cement is
computed using the cement-sand ratio. (en, the cement is
weighed. Using the mixture ratio shown in Table 4, the
tailing and cement are weighed and well mixed. (e tap
water is added for proper preparation of samples, giving
a slurry mass ratio of 72%.(e sample is manually stirred for

Table 1: Basic physical properties of tailing.

Sample Proportion
(t/m3)

Bulk
density
(t/m3)

Stacking
density

Porosity
(%)

Loose Dense Loose Dense Loose Dense
Tailings 2.852 1.229 1.545 0.431 0.542 56.92 45.82

0.001 0.01 0.1 10.0001
Incremental grain size (mm)
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Figure 1: Distribution curve for grain sizes of tailings.

Table 2: Test design plan.

Slurry concentration (%) Gelling agent Cement-sand ratio
72 OPC 1 : 4
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5min until the CPB is well mixed. A layer of Vaseline is
applied to the circular cast iron test mold having a diameter
of 50mm and a height of 100mm. (e CPB is loaded in the
test mold in three layers. Each layer is then compacted by
vibration. (e CPB is then allowed to remain still for 24 h
after being loaded. (e surface of the test sample is then
smoothed by scraping, and the mold is removed. (e test
samples are properly labeled and placed in a constant-
temperature, constant-humidity curing box at a tempera-
ture of (20± 1)°C and a humidity of (95± 1) %.

2.2.2. Test of Uniaxial Compressive Strength. Each test
sample is removed and measured for height and diameter
with a Vernier caliper at 3, 7, 14, 28, and 56 days after curing.
A computer-controlled 20 kN pressure machine is used to
apply pressure at a constant rate of 1mm/min until the test
sample fails, as shown in Figure 2. (e data are then collated
to compute the test pieces’ uniaxial compressive strengths,
which are then averaged to obtain the result.

2.3. Preparation of SEM Samples. SEM samples are created
during the research. As a modern detection technology,
a SEM is characterized by high resolution, large magnification
time, wide field-of-view, strong effects of 3D images, and so
on. Consequently, samples are required to be dried and gilded
to obtain a true and clear observation.

(e CPB is selected at different curing times for prep-
aration of the SEM test samples. First, we locate the middle
part of the cement backfill and use a double-sided blade wire
saw coated with Vaseline to cut a 10mm× 10mm× 10mm
roughcast cube with 1.5mm border. A sharp backfill paste
steel knife is then used to cut the blank and create a fresh
cross section, baring a complete natural structural surface.
(is is then cut into a 5mm× 5mm× 5mm block for ob-
servation under the electron microscope. For this, the fresh

surface should be as flat as possible with all disturbance
particles removed by a rubber suction bulb.

3. Extraction of Microscopic Pore Images and
Quantitative Analysis

Authors should discuss the results and how they can be
interpreted in perspective of previous studies and of the
working hypotheses. (e findings and their implications
should be discussed in the broadest context possible. Future
research directions may also be highlighted.

3.1. Extraction of Microscopic Pore Images Based on Fuzzy
Clustering. Fuzzy clustering is a dynamic iterative clustering
algorithm used for segmentation, compression, and recog-
nition of medical images.(us, a SEM pore image is extracted
using fuzzy clustering for the indoor microscopic test, di-
viding it into five classes. (e darkest image adaptively serves
as the pore image, which is then subjected to binarization to
obtain a binary image and to compute the microscopic pa-
rameters of mechanical response. (e principle of the fuzzy
clustering algorithm is the minimization of the target func-
tion, where data and measurement similarities are clustered.
(e target function is shown in the following equation:

Jm � 
N

i�1


C

j�1
u

m
ij xi − cj

�����

�����
2
, 1≤m≤∞, (1)

where m is the real number greater than 1, um
ij is the degree

of membership of xi in j, xi is the d-dimensional data of
the ith measurement value, cj is the center of clustering
of the jth class, and ‖∗‖ represents the similarity of any
measurement vector to the clustering center.

(e steps of the fuzzy clustering algorithm are as follows:

Step 1. Initialize the membership matrix, U � [uij], U(0):
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Step 2. Compute the weight clustering central vector, cj:

cj �


N
i�1 um

ij xi


N
i�1 um

ij

. (3)

Step 3. Update the membership matrix, U(k), Uk+1. Stop
iteration if ‖Uk+1 −U(k)‖< ε; otherwise, return to Step 2.

(is experiment uses five SEM images having the different
CPB curing times mentioned above. (e pore images are
extracted using fuzzy clustering. (e SEM images are divided
into five clusters (i.e. “bright,” “fairly bright,” “fairly dark,”
“dark,” and “darkest”). (e darkest extracted image selected
from the clustering is the pore image. (e parameters of the
specific clustering algorithm are m � 2; j � 5; cj is the jth
cluster center; xi is the gray value of the gray level image; and ε
is the iterative error. (e fuzzy clustering method is used for
classification, as shown in Figure 3. (e figure presents the
SEM image of the CPB at 56 d after curing age. Figure 3(a) is

Figure 2: Uniaxial compressive strength test of cemented tailings
backfill.
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the original image, and Figures 3(b)–3(f) are the five states of
the clustering image. In Figure 3(f), the image objectively
reflects the distribution of pores on a microscopic scale. (us,
it serves as the pore image.

3.1.1. Extraction of Pore Images. As can be seen from
Figure 3(f), there are various point regions. To extract the
accurate pore region, small regions of less than 40 pixels are
removed as noise during software processing. (e
remaining regions are then used as inverted binary pore
images. (e tiny image connection points are thus removed
morphologically. Figure 4 presents the binary image with
the miscellaneous point regions removed. (e SEM images
are presented with pores after 3, 7, 14, 28, and 56 days of
curing time.

3.2. Quantitative Analysis of Pore Parameters. (e pore
images are extracted from the SEM CPB image to quanti-
tatively describe the mechanical response and microscopic

pore characteristics (e.g., distribution, quantity, direction,
and size). (e microscopic parameters include the region
number, total region area, average length, pore porosity,
uniformity coefficient, curvature coefficient, sorting co-
efficient, fractal dimension, weighted probability entropy,
maximum region area, and average region area. As per the
morphological and geometrical characteristics of the binary
images, the followingmicroscopic CPB indexes are proposed
for the quantitative pore analysis:

(1) Region number reflects the number and sizes of
pores on the image.

(2) Total region area is the sum of the total areas of all
pores.

(3) Average length is the Feret diameter, which is used to
define the length of a region.

(4) Pore porosity reflects the integrity of CPB pores and
is the ratio of the pore region to the total image area.
It is a 2D parameter indirectly reflecting the changes
of the pore ratio in 3D space.

(a) (b)

(c) (d)

(e) (f)

Figure 3: Clustering result of the pore image for CPB, based on fuzzy clustering. (a) Original image. (b) Bright. (c) Fairly bright. (d) Fairly
dark. (e) Dark. (f) Darkest.
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(5) Uniformity coefficient, Cu, is the ratio of d60 to d10:

Cu �
d60

d10
, (4)

where d10 is the diameter of the corresponding pore
image block when the cumulative area is 10%. d60 is

the diameter of the corresponding pore image block
when the cumulative area is 60%.

(6) (e curvature coefficient reflects whether the cu-
mulative curve for the diameter of the pore image
block is continuous:

Cc �
d2
30

d60 ∗ d10( 
, (5)

where d10 and d60 are equal to the uniformity co-
efficient, Cu. d30 is the diameter of the corresponding
pore image block when the cumulative area is 30%.

(7) Sorting coefficient, Sc, is used to sort the pore image
blocks in descending order by area. When the size of
the pore area is uniform, the values, P25 and P75, are
very similar. (us, Sc is closer to 1, the other is larger
than 1:

Sc �
p25

p75
, (6)

where d25 and d75 reflect the diameters of the pore
image block corresponding to the cumulative pore
areas of 25% and 75%, respectively.

(8) (e fractal dimension of porosity [17] is the quan-
titative index used to describe the CPB size distri-
bution. It directly reflects the changing pore shape.
(e cumulative number of pores smaller than a cer-
tain pore, r, where N(≤ r), is used to describe pore
shape distribution characteristics. Both have good
power function correspondences. N(≤ r)∝ r−Dc and
N(≥ r) � M−N(≤ r), where M is the total number
of pores and a constant, N(≥ r), represents the
number of pores with a diameter larger than a certain
pore diameter. When M is fixed, N(≤ r) and N(≥ r)

have a constant correspondence relationship. (us,
the relationship, N(r)∝ r−Dc , is also considered to
be true. Dc is defined as the fractal dimension of
porosity. For specific computation, the pore diameter,
r, serves as the abscissa, corresponding to the number
of pores having a diameter larger than N(r). (e
correspondence relationship is determined using the
double logarithmic coordinate system. (e negative
value of curvature of the stable straight portion serves
as the fractal dimension of porosity. (e computation
formula is

Dc �
−lim lnN(r)

ln r
. (7)

A larger fractal dimension of porosity, Dc, leads to
a lower level of pore homogenization and a larger
difference of size among pores.
In our experiment, the pore image was divided into
small square grids. r of each grid is 1, 3, 5, 7, and so
on.(emaximum value of r is a quarter of the image
width. N(r) denotes the number of pores in a square
grid corresponding to r.

(9) Weighted probability entropy is a quantitative pa-
rameter reflecting the regularity of structural units.

(a) (b)

(c) (d)

(e) (f)

(g) (h)

(i) (j)

Figure 4: SEM images and corresponding binary pore images after
different curing times. (a) Original image (3 d); (b) binary image of
pores. (c) Original image (7 d); (d) binary image of pores. (e)
Original image (14 d); (f) binary image of pores. (g) Original image
(28 d); (h) binary image of pores. (i) Original image (56 d); (j)
binary image of pores.
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It describes the overall CPB arrangement of pores
at a microscopic scale. For the distribution in each
small region, the computational formula of proba-
bility entropy, hm, is

hm � −
n

i�1
pi logn pi, (8)

where pi is the frequency of a structural body in
a certain directional region, n is the interval of the
orientation angles in the arrangement direction of
structural units, and the value of hm is between
0 and 1. A larger hm leads to a more disordered
arrangement of pores and lower regularity, and vice
versa. In the experiment, given that n � 36, every 10°
is a sector.(emidpoint of the long axis of each pore
is selected as the coordinate of the original point,
with a horizontal x-axis and a vertical y-axis.
Owing to the size of each area block being different
across the whole region, the contribution rate is also
different. (us, a new parameter is defined as the
weighted probability entropy. All regional blocks on
the pore image are subject to normalization, as shown
in the following equation:

ai �
si


N−1
i�0 si

, (9)

where there are N image blocks on the pore image, si

represents the area of the ith region, and ai represents
the rate of contribution of the ith region following
normalization and is regarded as the weighted value.
(e final weighted probability entropy is

Hm � 
N−1

i�0
aihmi, (10)

where hmi represents the probability entropy of the
ith region and Hm represents the overall probability
entropy of the pore image.

4. Analysis of Microscopic Parameters and
Mechanical Responses of Pores

TensorFlow is a deep learning framework developed by
Google. In the experimental stage, a TensorFlow frame-
work is established to predict the mechanical strength based
on multiple microscopic parameters. First, a TensorFlow
framework is established. Second, multiple microscopic
parameters are computed. Finally, the TensorFlow network
is trained and tested to predict the mechanical CPB strength.

4.1. Construction of the TensorFlowNetwork. (e framework
comprises a basic neural network structure, an input layer,
a hidden layer, and an output layer. As shown in Figure 5,
the TensorFlow structure is established during the training
stage. (e network structure comprises 11 input nodes, 10
hidden nodes, and one output node.(e output nodes are 11
microscopic parameters, and one output node is the me-
chanical response strength.

(e network includes input layer, hidden layer, and
output layer. A part of the code is given below:

Defined hidden layer:

weights_l1�tf.Variable(tf.random_normal([11,10]))
Biases_l1�tf.Variable(tf.zeros([11,10]))
wx_plust_b_l1�tf.matmul(x,weights_l1)+biases_l1
l1�tf.nn.tanh(wx_plust_b_l1)

Defined output layer:

weights_l2�tf.Variable(tf.random_normal([10,1]))
Biases_l2�tf.Variable(tf.zeros([1,1]))
wx_plust_b_l2�tf.matmul(l1,weights_l2)+biases_l2
prediction�tf.nn.tanh(wx_plust_b_l2)

Loss function:

Loss�tf.reduce_mean(tf.square(y-prediction))

Defined loss function expression:

MAE(y, y ) �
1

nsample


n

i�1
yi − yi( 

2
. (11)

4.2. Computation of Microscopic Parameters. (e nonlinear
relationship between the microscopic parameters and the
mechanical response is described in this section.

(1) Digital processing software is used to analyze the
CPB’s SEM and to obtain relevant microscopic pa-
rameters, as shown in Table 3. (e table presents 11
2D microscopic parameters.

(2) (e maximum value, xmax, and the minimum value,
xmin, of each parameterwere obtained in the sample and
processed via the dimensionless method.(e parameter
ranges are 0.1∼1.1, and the equation is as follows:

xt �
x− xmin

xmax − xmin
+ 0.1. (12)

Figure 6 represents the uniaxial compressive strength of
the CPB at 3, 7, 14, 28, and 56 days after curing. (e uniaxial
compressive strength increases with the period because both
share a positive correlation.

4.3. Prediction Model. A prediction mode having 11 nodes
and 11 microscopic parameters for the input layer is built in
this experiment. (e hidden layer has 10 nodes. (e output
layer has 1 node (i.e., mechanical response). (e microscopic
parameters are extracted from the pore image at 3, 7, 14, 28,
and 56 days after model creation. 10 sets are used for each
pore image.(ere are 50 training sample sets. Each sample set
comprises 11 microscopic parameters. 20 prediction sample
sets are used in the test stage after completion of TensorFlow
network training. (e mechanical response strength of the
prediction samples and the test response are compared.
Table 4 presents a comparison between the mechanical re-
sponse and test strength of the prediction samples and the test
of a sample set. Furthermore, two parameters are subject to
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error analysis. (e predicted strength, sp, and the actual
strength, sf , are subject to accuracy analysis:

a �


N
i�1 spi − sf i






N
i�1 sf i

∗ 100%. (13)

An error function is defined as follows:

e � sp − sf



. (14)

(e analysis of the 40 sets of error statistics is shown in
Table 5. (e error statistical index is an average value of
error, minimum and maximum of error, standard deviation
of error, and accuracy. (e average value of error is
0.0867mPa, minimum value is 0.021, maximum value is
0.203, standard deviation is 0.0786, and error is 9.51%. (e
proposed method is compared with the traditional back
propagation (BP) network for precision prediction [17]. (e
error is 21.95% by the traditional BP network.

Input layer

1. Region number

2. Total region area

3. Maximum region area

4. Average region area

5. Average length

6. Pore porosity

7. Uniformity coefficient

8. Sorting coefficient

9. Curvature coefficient

10. Fractal dimension

11. Wighted probability
entropy

Hidden layer Output layer

Figure 5: (ree-layer TensorFlow structure.

Table 3: Microscopic parameters.

Number Microparameters
Curing time

3 d 7 d 14 d 28 d 56 d
1 Image area 1228800 1228800 1228800 1228800 1228800
2 Region number 150 101 146 116 109
3 Total region area 78938 76767 55399 54249 49731
4 Maximum region area 9575 14595 7619 5852 5228
5 Average region area 526.25 760.07 379.45 467.66 456.25
6 Average length 33.03 41.29 29.64 32.35 33.4
7 Porosity 0.0642 0.0625 0.0451 0.0441 0.0405
8 Uniformity coefficient 1.531558 1.753211 1.520978 1.563739 1.536875
9 Sorting coefficient 1.324088 1.201636 1.526259 1.375541 1.333298
10 Curvature coefficient 1.082975 1.394743 0.969289 1.046084 1.071773
11 Fractal dimension 1.2178 1.274 1.2157 0.2606 1.2752
12 Weighted probability entropy 0.9778 0.9557 1.6391 0.9591 0.9541
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5. Conclusion

(is paper established computer vision intelligent recog-
nition of digital pore images as per the geometrical char-
acteristics and morphological structure of the CPB and
proposed a series of measurement indexes (i.e., region
number, total region area, average length, pore porosity,
uniformity coefficient, curvature coefficient, sorting co-
efficient, fractal dimension, weighted probability entropy,
maximum region area, and average region area) for the
quantitative analysis. (is process reduced the human error
and objectively reflected the CPB’s microscopic structure.
Google’s TensorFlow deep learning architecture was used to
establish the nonlinear relationship between 11 microscopic
parameters and CPB’s mechanical response. To effectively
represent the orientation of the pores, the concept of
weighted probability entropy was proposed, as were the
contribution rates of different image regions. (is digital
image processing technique provided an effective method
for the quantitative analysis of CPB pores, which achieved
a good quantitative pore result. (e method can predict the
approximate strength of the cemented paste backfill based

on the microscopic parameters obtained by processing the
SEM image. (e predicted average error is 9.51%. (e ac-
curacy of the proposed method is higher than that of the
traditional method. A 2D image analysis technique is further
developed for CPB, thus allowing more accurate and
comprehensive analyses of CPB. By using this simple
method, the microscopic structure of CPB is objectively
characterized without rich and professional background and
experience, which does not require a lot of manpower,
material, and financial resources and guide the experiment
process effectively.
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*e shear behavior of concrete blocks reinforced by fully grouted bolts with different diameters was studied in this paper. More
than 90 intact cubic samples (100mm× 100mm× 100mm) with bolts ranging from 2mm to 5mm in diameter were tested at
a constant stain rate of 0.5mm/min. An oblique shear apparatus, which could simultaneously apply shear and normal force on
tested samples at three slope angles (53°, 58°, and 63°) of a predetermined shear plane, was employed. *e results indicate that the
bolt has no evident influence on the shear behavior of intact concrete blocks at the prepeak shear strength stage. *e bolt could
significantly reduce the shear strength drop in the peak shear strength of the concrete block and contribute to reserving the
residual shear strength of concrete blocks, especially at steep slope angles of the shear failure plane. *e shear resistance provided
by the bolt to the concrete block at the residual shear slip stage has a positive relationship with the diameter.*e bolt with a larger
diameter inflected in the vicinity of the shear failure plane of concrete block at the postpeak shear strength stage; additional normal
force and direct shear resistance could still be persistently provided. Two empirical equations of the apparent cohesion and
apparent internal angle of the bolted concrete block were obtained by linear regression considering rb, which is the ratio of the
cross-sectional area of the bolt to that of the bolted concrete block.

1. Introduction

Rock bolts have been widely used in civil engineering,
mining, and slope stability control engineering for many
years. Many valuable studies on the reinforcing mechanisms
of rock bolts have been carried out, primarily on three as-
pects including (1) strengthening the effect of the bolt on
a single joint [1–6], (2) the working mode of bolts under
axial or horizontal loads [7–11], and (3) the apparent shear
or compression mechanical behavior of bolted rocks
[12–14].

Initially, these studies mainly concentrated on the in-
fluence of bolting or joint parameters (inclination, pre-
tensioning load, diameter of bolt, and rock type) on the
mechanical behavior of joints, such as stiffness, shear re-
sistance, and bolt failure. Bjurström [1] conducted research
on the direct shear test on fully bonded rock bolts embedded
in blocks of granite. It indicated that the pre-tension load,

friction of joints, and inclination of bolts could stiffen the
shear surface. Azuar [15] studied the strengthening me-
chanics of resin-grouted bolts embedded in concrete by
laboratory tests. It was concluded that the maximum con-
tribution of a rock bolt to the shear resistance of a joint
depended on the inclination of the bolt. Hibino and
Motojima [16] carried out shear tests with ungrouted 2mm
diameter bolts in concrete blocks and found that the pre-
tension load of the bolt reduced the shear displacement but
did not influence the shear resistance of bolted concrete
blocks. Dight [17] studied the shear resistance of bolted
joints using various materials, including gypsum, basalt, and
steel, and revealed that the bolts were loaded by a combi-
nation of shear and tension stresses. Egger and Fernandez
[18] studied the influence of the inclination of bolts to the
shear resistance and stiffness of bolted joints. *e results
indicated that the optimum angle of bolt inclination with
respect to the joint was 30° to 60°, and shear displacements at
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failure were minimal for bolt inclinations between 40° and
50°. Egger and Zabuski [19] carried out shear tests on bolted
concrete blocks without an external normal force. It was
found that bolts worked as an additional resistance against
shear failure along joints and made entire rock mass become
stronger and deform less. *e stiffening effect of inclined
bolts on joints has been widely approved. Pellet and Egger
[20] noted that bolts installed perpendicular to a joint plane
allowed the greatest displacement along the joint before
failure. Indraratna et al. [5] studied the shear behavior of
bolted and nonbolted joints containing infill material under
constant normal stiffness conditions. *e results show that
bolting contributed to increasing the strength and stiffness of
the joint composite, except at large normal stress levels and
at high infill thicknesses.

One the other hand, the shear resistance of rock bolts
and cable bolts has attracted the attention of increasingly
more researchers. Stillborg [21] studied the shear perfor-
mance of fully grouted cable bolts with a single shear test
device. It was found that the shear strength of the inclined
cable bolt was more than that of the perpendicular ones. Aziz
et al. [22] conducted shear tests of bolted concrete blocks
reinforced with fully grouted rock bolts with a small scale
double shear assembly. Grasselli [6] studied the mechanical
responses of untensioned fully grouted rebar and frictional
Swellex bolts subjected to double shear tests with unconfined
concrete blocks. Jalalifar and Aziz [23, 24] studied the
bending behavior of the rebar bolts in concrete blocks with
the double shear test method. It was found that the applied
axial load on the bolt had a significant effect on the location
of the hinge points in different strength concrete, particu-
larly at low strengths. Aziz et al. [25] studied the shear
strength properties of plain and spirally profiled cable bolts
with a double shear testing apparatus. *e results showed
that spiral profiles of the outer wires weakened both the
tensile and shearing strength.

*e studies concentrating on bolts and joints have
improved our understanding of the working mode of bolts
and the strengthening mechanism of bolts on joints.
However, for most engineering projects, quantitative pa-
rameters, such as the cohesion and internal friction angle of
bolted rocks, are more significant than qualitative conclu-
sions. Some scholars have treated bolted rock masses as
a composite material and studied overall strength behavior
of bolted rock with or without joints, which is more practical
for supporting the scheme design, theory analysis, and
numerical simulation of engineering projects. To quantify
the influence of bolting parameters on the increase of the
shear resistance of joints, Spang and Egger [26] conducted
60 laboratory shear tests on different kinds of rocks with
8mm diameter steel bolts. It was concluded that higher
reinforcement resistance was obtained in weaker blocks of
rock and that the difference in shear strength between rough
and very smooth surfaces may be as high as 50%. Hou and
Gou [12] implemented physical simulation experiments of
bolted concrete blocks and concluded that bolts increased
the mechanical parameters of rock, such as the elastic
modulus, peak strength, postpeak strength, cohesion, and
internal friction angle. Meng et al. [13] studied the

compression bearing behavior of bolted rock, such as ma-
terial blocks (500mm× 500mm× 500mm), with a true
triaxial compression strength test system. It was concluded
that the development of fractures was significantly influ-
enced by bolt tension load and that the compression zone of
the bolt plate in a block presented a tube-like shape. Jing
et al. [14] conducted large-scale model experiments of bolted
rock-like material blocks with prefabricated fractures and
found that the peak strength and elastic modulus increased
nonlinearly with the increased bolt number for the same
joint angle.

Studies showing the strengthening effect of bolts on
a rock mass or joint in the current state-of-the-art have been
conducted using either a direct shear test or compression
test. *e load condition in these tests is different from the
elastic boundary condition of a rock mass on a slope. *e
rock mass in the ultimate state of slipping on a slope bears
both shear force and normal force, which are split from the
vertical gravitational force of a potential slip rock mass. If an
additional load, such as a vehicle load or construction load,
was applied on the potential slip rock mass, joints inside the
rock mass would connect with each other to form a large-
scale slip plane, which would result in a landslide disaster
(Figure 1). As the component of vertical load, the shear force
and normal force on the shear plane are proportionally
increased during loading, which is different from the loading
conditions in ordinary direct shear tests conducted in the
laboratory.

In addition, the intact rock between discrete shear planes
plays an important role in resisting the complete connection
of slipping failure plane, which is critical for preventing
slope failure. *e reinforcing mechanism of bolted intact
rock deserves more attention than only bolted joints.

To determine the quantitative influencing effect of bolts on
rock, more than 90 bolted and nonbolted concrete blocks were
tested by an oblique shear test apparatus, which applied in-
creasing shear force and normal force proportionally and
simultaneously until the test sample reached the failure point.

2. Experimental Setup

2.1. Oblique Shear Test Apparatus. *e shear test apparatus
is composed of two stiff plates, bearing balls, and two dies

Bolt

Figure 1: Bolts used in slope stability-controlling engineering.
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with a gear (Figure 2). *e bearing balls set between stiff
plates and the dies setup could reduce the friction effect
when horizontal displacement develops during the shear
test.*e two dies setup with gear can afford different oblique
angles, which can make different combinations of normal
and shear forces from a given vertical load. First, the oblique
angle will be set by rotating the gear during the shear test
process; then, a cubic specimen with or without bolts is
placed between the two dies setups. When F (vertical load)
was applied by servocontrol compression machine, the two
components of normal and shearing force were applied
perpendicularly to and along the shear failure plane, re-
spectively and simultaneously, which is the same as the slope
with a potential failure plane and bearing a vertical load from
construction and vehicles.

*e normal force (N) and shear force (T) acting on the
predetermined shear plane are determined by following
equations:

N � F cos c,

T � F sin c,
(1)

where c is the slope angle of the predetermined shear plane,
as shown in Figure 2.

*e corresponding normal stress and shear stress are
defined as

σn �
F cos c

ab
,

τ �
F sin c

ab
,

(2)

where σn is the normal stress applied on the shear plane, τ is
the shear stress applied on the shear plane, a is the width of
the shear plane, and b is the length of the shear plane.

For three different oblique angles (53°, 58°, and 63°),
three levels of normal force were applied to concrete

samples.*ree groups of a combination of normal stress and
shear stress could be obtained. *en, by fitting these points
plotted on the σn∼τ diagram, the Mohr envelope could be
constructed, and subsequently, the apparent friction angle
(φ) and apparent cohesion (c) could be determined
(Figure 3).

2.2. Sample Preparation. *e test concrete blocks in this
study were composed of cement, quartz sand, and water. To
obtain the maximum mechanical stability and homogeneity
of the test samples, pure quartz sand (Figure 4) with three
different grain sizes was employed. *e size of quartz sand is
shown in Table 1. *e water: cement: quartz sand ratio was
set to 1 : 2.18 : 2.18. Four kinds of bolts with diameters of
2mm, 3mm, 4mm, and 5mm were used in this study. To
simulate rebar bolts and achieve a better anchoring effect
[27], the bolts used in tests were threaded rods with lengths
of 9.6mm.*emechanical parameters of bolts are illustrated
in Table 2.

When preparing the test samples, cement and quartz
sand were weighed and completely stirred before mixing
with water to ensure the homogeneity of the test sample.
Second, concrete mortar was poured in the standard con-
crete molds (100mm× 100mm× 100mm) and the bolt was
fixed. *ird, the standard concrete mold with concrete
mortar and bolt was vibrated to remove air bubbles, which
may result in the deviation of the mechanical properties of
samples. Subsequently, the concrete samples were left for 24
hours to be stripped and then to cure for 15 days at
a constant temperature of 35°. Finally, 102 concrete block
samples were prepared (Figure 5).

*e uniaxial compression tests of concrete blocks
without bolts were conducted, and the test samples showed
a consistent uniaxial compressive strength of approximately
33MPa.

2.3. Laboratory Testing. More than 90 bolted and nonbolted
concrete block samples were tested. A loading strain rate of
0.5mm/min was maintained during all shear tests. *e
laboratory tests were conducted in two steps. First, no bolt

N

F

Bolt

γ

T

Figure 2: Oblique shear strength test device.
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Figure 3: Mohr envelope from oblique shear test.
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samples were tested at different slope angles of the pre-
determined shear plane, ranging from 53° to 63°. Next,
samples with bolts of different section areas were tested at
the same slope angle condition. *us, the influence of bolt
diameter on the overall shear behavior, especially prepeak
deformation, peak shear strength, residual shear strength,
and dilation of concrete blocks, could be quantified. A
typical shear test sample failure is shown in Figure 6.

3. Results and Discussion

3.1. Influence of Bolt on Shear Behavior at the Prepeak Stage.
Figure 7 illustrates the shear strength profile of the rein-
forced concrete blocks with different bolts under different
shear plane angles. *e shear strength curves for bolts with
different diameters overlap with each other at the same shear
plane angle, which indicates that the bolt diameter has no

evident influence on prepeak shear behavior of reinforced
concrete blocks with untensioned grouted bolts.

*e average shear stiffness values of the bolted concrete
blocks are 148.12 kN/mm, 150.42 kN/mm, and 170.95 kN/mm
for shear plane angles of 63°, 58°, and 53°, respectively. *e
shear stiffness increases with the increasing shear plane angle,
especially when the shear plane angle exceeds 58°. *e average
peak shear strengths are 184.40 kN, 216.17 kN, and 263.47 kN
at shear plane angles of 63°, 58°, and 53°, respectively. In
conclusion, the normal force has a significant effect on the
prepeak shear behavior (including shear stiffness and peak
shear strength) of bolted and nonbolted concrete blocks.

3.2. Influence of Bolt on Shear Behavior at the Postpeak
Strength Stage. As shown in Figure 7, it is evident that there
is a sudden drop in the shear behavior curve after peak shear
strength, especially with small-diameter bolts and low

(a) (b) (c)

Figure 4: Pure quartz sand used in test samples. (a) 20∼40 μ, (b) 40∼70 μ, and (c) 70∼140 μ.

Table 1: Different sizes of quartz sand used in experiment.

Grain size
Quartz sand

Coarse sand Medium sand Fine sand
Mesh number 20–40 40–70 70–140
Mean grain size (mm) >0.5 0.5–0.35 0.35–0.25

Table 2: Mechanical parameters of bolt.

Diameter
(mm)

Elastic
modulus
(GPa)

Yield
strength
(MPa)

Ultimate tensile strength
(MPa)

2, 3, 4, 5 200 300 404

Figure 5: Concrete block samples used for shear tests.

(a)

(b)

Figure 6: Shear failure of the test sample. (a) Beginning of shear
slip; (b) complete failure of the test sample.
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confining pressure (i.e., when the shear plane angle is greater
than 58°). For higher normal force or larger-diameter bolts,
there is a gentle falling slope of the shear strength curve. *e
sudden collapse of rock in slope engineering could cause
serious casualties; the resistance provided by bolts at the
postpeak stage discussed above is satisfactory. To quantify
such contribution of the bolt to the shear resistance of the
test samples, the percentage drop of shear strength after the
peak point is presented in Figure 8.

As illustrated in Figure 8, nonbolted concrete blocks have
the largest drop of shear strength at all levels of normal stress.
*e residual shear strength approximates zero, especially when
shear plane angle is 63°. *e drop in shear strength increases
with an increase in the shear plane angle, which indicates that
normal force has a significant effect on the postpeak shear

behavior of the tested samples. It is also observed that the
percentage drop in shear strength decreases with an increase in
the bolt diameter. As expected, the contribution of bolts to the
postpeak shear behavior of the bolted samples is more sig-
nificant as the bolt diameter increases, verifying the favorable
effect of bolts on jointed rocks [12].

At the high slope angle of the shear plane, the differences
in the percentage drops in the shear strength between
samples with different diameters of bolts are 15%∼20%,
which is more evident than that at the low slope angle of the
shear plane.*is indicates that normal force has reduced the
influence of bolts on the postpeak shear behavior of rein-
forced samples. *e discontinuities developed in slopes are
always nonplanar, which will result in dilation during shear
slip processes. Bolts could passively provide additional
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Figure 7: Shear strength profile of bolted concrete blocks with different slope angles of the shear plane ranging from 63° to 53°. (a) c � 63°;
(b) c � 58°; (c) c � 53°.
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normal force due to the dilation effect, which is important
for the stability control of slopes and more critical for those
with abrupt discontinuities.

3.3. Influence of Bolt on Residual Shear Strength Stage.
Figure 9 shows the residual shear strength envelopes plotted
for test samples with bolts of different diameters. It is clear that
the residual shear strength envelopes of the test samples are
basically linear and do not overlap with each other due to the
differences in the bolt diameter. When a bolt diameter is small
(no more than 2mm), the residual shear strength envelope of
the bolted concrete block overlaps with that of the nonbolted
sample. *e differences in the ratio of residual shear stress to
normal stress between bolted concrete blocks increase with

any increase in the bolts’ diameter. In conclusion, the bolt
would provide significant shear resistance of rock at the re-
sidual shear slip stage only when the diameter of the bolt
exceeds a critical value.

Figure 10 shows the failure of bolts after the shear test. *e
bolt with the small diameter, limited tension strength, and
stiffness would break in the vicinity of the shear plane, while the
bolt with the large diameter just deflected and formed a hinge
shape. When the diameter of the bolt is 2mm, the bolt is
broken up under the combined effect of the shear load and
tension load and could not continue to provide shear resistance
to the failed concrete block. *e concrete block with the failed
bolt exhibited the same shear behavior as the nonbolted
samples. Although the bolt with a larger diameter inflected in
the vicinity of the shear failure plane of concrete block at the
postpeak shear strength stage, additional normal force and
direct shear resistance could still be persistently provided,
which maintained residual shear strength of slipping blocks.

To obtain a more quantitative conclusion of the rein-
forcing mechanism of the bolt, a dimensionless notation of
rb was defined as the ratio of the cross-sectional area of the
bolt to the area of the shear failure plane, which is expressed
by following equation:

rb �
Ab

Ar
× 100%, (3)

where Ab � cross-sectional area of the bolt and Ar � area of
the shear failure plane.
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Figure 8: Variation of percentage drop of shear strength of
concrete block after peak point with different bolt diameters.
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Figure 10: Failure of bolts. (a) Diameter of bolt� 2mm; (b) di-
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*e relationship between the basic mechanical param-
eters (apparent cohesion and apparent internal friction
angle) of bolted concrete blocks in the residual shear
strength stage and rb is shown in Figure 11.

As shown from Figure 11, although the residual shear
strength of the bolted concrete blocks increases with any
increase in the diameter of the bolt, two components of the
residual shear resistance show the opposite trend with rb. An
empirical model of apparent cohesion, expressed as the ratio
of residual shear stress to normal stress, could be obtained by
linear regression, which is expressed as

c � 6.8rb + 0.025. (4)

*e corresponding empirical model of the apparent
internal friction angle could be expressed as

φ � −15.22rb + 52.43 (5)

*e reinforcing effect of rock bolts in current studies of
stability analysis of slope and underground engineering is
always simplified due to the complexity of the interaction

mechanisms between bolts and rock.*e failure of the bolt is
determined by the tension strength of the rod, the shear
strength of the grout, or the cohesion between the rod, grout,
and host rock in numerical models and theoretical analysis,
which result in the difficulty of calculations and the deviation
from realistic conditions. Equations (4) and (5) could
provide a direct reference for determining the shear re-
sistance of a bolted rock mass, which would make the de-
termination of reinforcing the effect of the bolt in
a numerical simulation or theoretical analysis more simple
and quantitative.

4. Conclusions

(1) *e bolt has no evident influence on the prepeak
shear behavior (shear stiffness and peak shear
strength) of intact concrete blocks.

(2) *e percentage drop in the peak shear strength of
a concrete block after failure significantly decreases
with an increase in bolt diameter, verifying the
satisfying performance of the bolt on the residual
shear strength of the bolted concrete block.

(3) As a component of the vertical load perpendicular to
the shear plane, normal force increases with the de-
crease in the slope angle of the shear plane and has
a significant effect on the shear behavior of the con-
crete block, especially the residual shear strength.

(4) At a high slope angle of the shear plane, the differences
in the percentage drop in shear strength between
samples with different diameters of bolts are 15%∼
20%, which is more evident than that at the low slope
angle of shear plane, indicating the effectiveness of the
bolt in the stability control of slopes with steep
fractures.

(5) Bolts would provide significant shear resistance of
rock at the residual shear slip stage only when the
diameter of the bolt exceeds a critical value. Al-
though the bolt with a larger diameter inflected in the
vicinity of the shear failure plane of concrete block at
the postpeak shear strength stage, additional normal
force and direct shear resistance could still be per-
sistently provided, which maintained residual shear
strength of slipping blocks.

(6) *e empirical equations of apparent cohesion and the
apparent internal angle of the bolted concrete block
were obtained by linear regression: c � 6.8rb + 0.025;
φ � −15.22rb + 52.43.
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High temperature and thermal environment can influence the mechanical properties of building materials worked in the civil
engineering, for example, concrete, building rock, and steel. (is paper examines standard cylindrical building marble specimens
(Φ50×100mm) that were treated with high temperatures in two different thermal environments: vacuum (VE) and airiness (AE).
Uniaxial compression tests were also carried out on those specimens after heat treatment to study the effect that the thermal
environment has on mechanical behaviors. With an increase in temperature, the mechanical behavior of marble in this study
indicates a critical temperature of 600°C. Both the peak stress and elasticity modulus were larger for the VE than they were for the
AE. (e thermal environment has an obvious influence on the mechanical properties, especially at temperatures of 450∼750°C.
(e failure mode of marble specimens under uniaxial compression is mainly affected by the thermal environment at 600°C.

1. Introduction

In the civil engineering, the high-temperature disaster be-
comes more and more frequent, such as building and tunnel
fire. (ermal damage can lead to changes in the physical and
mechanical behaviors and to variations in the mineral
composition and microstructure of building materials [1, 2].
(e problem of thermal damage has also been observed in
other projects, such as underground coal gasification, geo-
thermal resource mining, and the deep storage of high-level
nuclear wastes [3–5]. How the physical and mechanical
behaviors of building materials are affected by high tem-
peratures has become a hot topic.

Rock (e.g., sandstone, marble, and granite), as the sig-
nificant building material, is widely used in the civil engi-
neering [6, 7]. In the past few years, numerous, significant,
experimental studies were conducted to quantify the effect of
thermal damage on rock. Semicircular bending (CSTSCB)
specimens of certain Indian rocks, including Manoharpur
sandstone, Bellary dolerite, and Dholpur sandstone, were
subjected to the three-point bending test by Mahanta et al.
[8], who studied the effects of thermal treatment on mode I

fracture toughness. (e influence of temperature and rock
type on the stress-strain curve, peak strength, and elastic
modulus was investigated by Zhang et al. [9], who conducted
MTS 815 uniaxial compression tests on marble, limestone,
and sandstone specimens at high temperatures (ranging
from room temperature to 800°C). Yin et al. [10] conducted
an experimental comparison of the mechanical properties of
granite after high-temperature treatment and under a high
temperature. (eir results show that, for granite under
a high temperature, the peak stress is lower, the peak strain is
greater, and the elastic modulus is smaller compared with
that observed after high-temperature treatment. (e change
laws for the fracture toughness and tensile strength of rock
samples that had experienced rapid thermal cooling under
different temperatures and cyclic thermal cooling treat-
ments, respectively, were obtained by Kim et al. [11].
Gonzalez-Gomez et al. [12] investigated the change features
of the physical properties (including sample color, mass loss,
chemical composition, and porosity) of four limestones
that were extracted from the Yucatan Peninsula (Mexico)
and subjected to different high temperatures. (e triaxial
compressive behaviors of coarse marble specimens after
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high-temperature treatment (ranging from 20 to 600°C)
under different confining pressures (ranging from 0 to
40MPa) were studied by Yao et al. [13], who proposed an
empirical model of the negative exponential type that de-
scribed the peak strength well. Liu et al. [14] obtained the
change laws of fracture toughness, splitting tensile strength,
and elastic modulus for rocks after high-temperature treat-
ment, based on a splitting tensile test conducted on flattened
Brazilian disc specimens.

In the civil engineering, the mechanical behaviors of
building rock are also affected by the thermal environment
in the process of fire disaster [15–17]. Existing studies in-
volving the heat treatment of rock indicate that the effect on
the thermal environment is limited. In this study, heat
treatments were applied to building marble specimens within
two different thermal environments: vacuum and airiness.
After the heat treatment, uniaxial compression tests were
conducted to determine the effect that the thermal envi-
ronment has on the physical and mechanical properties of the
specimens.

2. Experimental Work

(e building marble material used in this study is from
a quarry in the southeast region of Linyi City, Shandong
Province of China. In its natural state, the marble is white in
color and does not have a macroscopic texture. (e average
density of this marble is 2.83 g/cm3, with the main mineral

compositions of calcite, dolomite, and quartz. In accordance
with the ISRM and the laboratory’s strict processing re-
quirements, standard cylindrical specimens with a diameter
of 50mm and a height of 100mm were prepared for this
experimental project. (e maximum deviation in the speci-
men height was ±0.3mm, and the maximum nonparallelism
between ends was ±0.05mm.

Heat treatment of the marble specimens was accom-
plished using an MXQ1700 box-type furnace produced by
Shanghai Micro-X Furnace Co. Ltd. of China. In the heat
treatment for the VE (Figure 1), air was eliminated from the
furnace chamber using an air pump until the pressure in the
chamber was below an atmospheric pressure of 0.04MPa (an
approximate vacuum environment, namely, VE). Next, the
marble specimens were heated to a designated temperature
at a rate of 5°C per minute, which was maintained for 2
hours. Finally, the marble specimens in this environment
were passively cooled to room temperature. When the heat
treatment for the airiness environment (namely, AE) was
implemented, both the inlet and outlet valves of the furnace
chamber were turned on to allow air to enter the chamber
freely and slowly. (e processes for the heating and cooling
treatments were same as those implemented for the VE. In
this study, there were six designated heating temperatures
T: 200, 300, 450, 600, 750, and 900°C.

After the heat treatment, the marble specimens were
subjected to a uniaxial compression test using an MTS815.2
rock mechanics servocontrolled testing system. Displacement

Heating method 

Furnace chamber

Below atmospheric pressure 0.04 MPa

Marble specimens

(a)

Heating method 

Marble specimens

Air

(b)

Figure 1: Heating method and the prepared marble specimens after heat treatment. (a) Vacuum environment. (b) Airiness environment.
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Figure 2: Axial stress-strain curves of marble specimens under uniaxial compression: (a) 25, (b) 300, (c) 600, and (d) 900°C.
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Figure 3: Effect of temperature on the mechanical parameters of marble specimens: (a) peak stress and (b) elasticity modulus.
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loading at a loading rate of 3.0×10−3mmper second was used
in the test. Vaseline was evenly smeared on both ends of the
specimens to eliminate the effects of end friction on the
testing result. (e marble specimens in their natural state
(25°C) that had not undergone the heat treatment were also
tested.

3. Result Analysis

3.1. Mechanical Parameters. Figure 2 provides the axial
stress-strain curves of marble specimens under uniaxial
compression. Figure 3 shows the effect of temperature on the
peak stress and elasticity modulus. In the natural state, the
average values of peak stress and elasticity modulus are
80.69MPa and 20.05GPa, with the dispersion coefficients
(namely, the ratio of standard deviation to average value) of
0.03 and 0.13, respectively. With an increase in temperature,

the peak stress and elasticity modulus decrease gradually,
and this process can be divided into two stages from 600°C.

3.1.1. First Stage. At 200–600°C, both the peak stress and
elasticity modulus present a slowly decreasing trend with
a small extent. As the temperature rises from 200 to 600°C, the
peak stress and elasticity modulus decrease from 81.42MPa
and 19.95GPa to 74.08MPa and 14.44GPa for the VE, with
the reduction extents of 9.01% and 27.62%, respectively, and
from 79.80MPa and 19.66GPa to 65.77MPa and 12.23GPa
for the AE, with the reduction extents of 17.58% and 37.79%,
respectively. (e extent of change of the elasticity modulus is
slightly larger than that of the peak stress.

3.1.2. Second Stage. At 600–900°C, the peak stress and
elasticity modulus decrease sharply. As the temperature is

0 200 400 600 800 1000
0

50

100

150

200

250

300

600 °C

Dynamic compressive strength
Dynamic tensile strength

Temperature (°C)

D
yn

am
ic

 co
m

pr
es

siv
e s

tr
en

gt
h 

(M
Pa

)

2

4

6

8

10

12

14

D
yn

am
ic

 te
ns

ile
 st

re
ng

th
 (M

Pa
)

(a)

0 200 400 600 800 1000
0

20

40

60

80

100

Co
m

pr
es

siv
e s

tr
en

gt
h 

(M
Pa

)

Temperature (°C)

Mugla Milas
marble
Afyon Tigerskin
marble

Afyon Gray
marble
Afyon White
marble

(b)

0 200 400 600 800 1000

40

60

80

Fourth
stageThird

stage
Second stage

First stage

Second
stage

First stage

Compressive strength
Tensile strength

Temperature (°C)

Co
m

pr
es

siv
e s

tr
en

gt
h 

(M
Pa

)

0

2

4

6

8
Te

ns
ile

 st
re

ng
th

 (M
Pa

)

(c)

0 200 400 600 800
0

50

100

150

700 °C
Pe

ak
 st

re
ng

th
 (M

Pa
)

Temperature (°C)

(d)

Figure 4: Variations of mechanical parameters of rocks with temperature: (a) dynamic compressive strength and dynamic tensile strength
of marble [18], (b) compressive strength of marble [19], (c) compressive strength and tensile strength of Linyi sandstone [20, 21], and
(d) peak strength of limestone [9].
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raised from 600 to 900°C, the reduction extent of peak stress
is 61.96% for the VE and 63.52% for the AE, respectively, and
that of the elasticity modulus is 80.54% for the VE and
82.58% for the AE, respectively.

Figure 3 indicates a critical temperature of 600°C for the
marble in this study, with obvious differences in mechanical
properties at temperatures above or below the critical tem-
perature. Figure 4 presents the variations of mechanical
parameters of rocks with temperature in other literatures.
Wu et al. [18] investigated the variations of dynamic com-
pressive strength and dynamic tensile strength of marble
specimens, which present the same law found in this study.
Ozguven and Ozcelik [19] show the change curves of com-
pressive strength of four types ofmarble, with different critical
temperatures. Zhang and Lu [20, 21] investigated the varia-
tions of compressive strength and tensile strength of Linyi
sandstone with the temperature. (e study of Zhang et al. [9]
presents a critical temperature of 700°C for the peak strength
of limestone. From Figures 3 and 4, it is clear that the change
trend and critical temperature of the mechanical parameters
of rocks might be influenced by the stress state, lithology,
and mineral grain size owing to a complicated geological
process.

Figure 3 also shows the differences in the mechanical
parameters of two different thermal environments (Δ). (e
peak stress and elasticity modulus of the marble specimen,
after heat treatment, in the AE are each less than that for the
VE. Δ of peak stress is between 1.62 and 8.31MPa and that of

elasticity modulus is between 0.29 and 2.21GPa. Both the
peak stress and elasticity modulus reveal a uniform phe-
nomenon: the mechanical parameters of the marble speci-
mens are obviously affected by the thermal environment
particularly at temperatures of 450∼750°C.

3.2. Ultimate Failure Mode. After heat treatment, there are
four typical modes of failure in marble specimens under
uniaxial compression: tensile, tensile-shear, shear, and
smash failure (Figure 5).

(i) Tensile failure:(is failure mode is most common in
hard or brittle rock. When there is one or more
splitting, fracture planes on the specimen run in the
same direction as the axial loading.

(a) (b)

(c) (d)

Figure 5: Four failure modes of marble specimens after heat treatment under uniaxial compression: (a) tensile failure, (b) tensile-shear
failure, (c) shear failure, and (d) smash failure.

Table 1: Effect of temperature and thermal environment on the
failure modes of marble specimens.

T (°C) VE AE
25 Tensile failure —
200 Tensile failure Tensile failure
300 Tensile-shear failure Tensile-shear failure
450 Tensile-shear failure Tensile-shear failure
600 Tensile-shear failure Shear failure
750 Shear failure Shear failure
900 Smash failure Smash failure
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(ii) Tensile-shear failure: It occurs when there are both
tensile and shear failure. (e tensile and shear
fracture planes could intersect or be independent of
one another.

(iii) Shear failure: One or more shear planes occur on the
specimen, and the shear plane is located at an angle
in the direction of axial loading. (e shear failure in
this paper has some difference from the conven-
tional shear failure, in that a few secondary tensile
cracks are also observed. However, rock failure
mainly depends on the shear failure.

(iv) Smash failure: After testing, specimen can present
smash failure. Many powders are observed from the
fractured blocks. (e extent of failure in the spec-
imen is extremely serious.

Table 1 shows the effect of temperature and thermal
environment on the failure mode of the marble specimens
under uniaxial compression. Marble specimens in a natural
state (25°C) undergo tensile failure. With an increase in
temperature, the failure mode changes gradually from
tensile to tensile-shear, tensile-shear to shear, and then shear
to smash failure. At T� 200°C, all of the specimens after heat

treatment in the two thermal environments experienced
tensile failure. When the temperature is between 300 and
450°C, all marble specimens experience tensile-shear failure.
However, when T� 600°C, the thermal environment has an
apparent effect upon the failure mode: tensile-shear failure
occurs in the VE and shear failure occurs in the AE. When
the temperature is 750 and 900°C, shear failure and smash
failure, respectively, occur in both thermal environments.

4. Discussion

In this discussion, density and microscopic feature of marble
before and after heat treatment are investigated. Figure 6
shows the effect of temperature on ρa/ρb of marble, where
ρb and ρa are defined as the densities of marble before and
after heat treatment, respectively. With an increase in
temperature, ρa/ρb decreases gradually, which also presents
a critical temperature of 600°C, similar to the mechanical
parameters.

Figure 6 also presents the difference of density in dif-
ferent thermal environments, particularly at temperatures of
750∼900°C. (is phenomenon can be verified by the mi-
croscopic feature, as shown in Figure 7. As T� 900°C, the
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Figure 6: Effect of temperature on ρa/ρb of marble.
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Figure 7: Microscopic features of marble specimens: (a) 25°C, (b) 900°C (VE), and (c) 900°C (AE).
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primary minerals in the marble present thermal de-
composition (such as CaCO3→CaO + CO2). For the AE,
gases from mineral thermal decomposition are continually
replaced by air. And the extent of the thermal decomposition
is more violent. In contrast, for the VE, gases from mineral
thermal decomposition are absorbed on the surface of the
specimen.(is could restrain the thermal decomposition and
lead to a reverse reaction. (erefore, mineral thermal de-
composition for the AE is more serious than that for the VE.

(e nuclear magnetic resonance (NMR) tests were also
conducted on the marble specimens (at 25, 450, and 750°C,
resp.). T2 curves and magnetic resonance imaging (MRI) are
shown in Figure 8. (e T2 curve of specimens in the natural
state presents a three-peak feature. (e peak points are
resulted at T2 � 0.23, 5.17, and 126.04ms, with the signal
amplitudes of 61.40, 113.13, and 159.64, respectively. (e
MRI image also shows homogeneity of the marble in this
study. (e T2 curves of marble after 450°C heat treatment
also present a three-peak feature, while the results of T2
curve and MRI image have no significant difference between
that for the VE and AE. At 750°C, MRI image displays
a more serious damage for the AE than for the VE. For the
VE, as the temperature increases from 25 to 750°C, the T2

curve trend transforms from a three-peak feature to an
approximate single-peak feature with the gradual degrada-
tion of the first two peaks. While at 750°C for the AE, the T2
curve shows an approximate two-peak feature, with the
signal amplitudes of 1798.08 and 1437.67 at T2 � 0.52 and
33.70, respectively.

5. Conclusion

In this study, building marble after heat treatment with two
different thermal environments was subjected to a uniaxial
compression test. (eir mechanical properties were mea-
sured, and the following conclusions can be drawn:

(1) With an increase in temperature, the mechanical
parameters (peak stress and elasticity modulus) of
marble specimens decrease gradually in this study,
with a critical temperature of 600°C.

(2) (e ultimate failure mode of marble specimens
changes from tensile to tensile-shear to shear to
smash failure with the increase of temperature. (e
failure mode presents a different feature between the
AE and VE at the temperature of 600°C.

MRI

0

50

100

150

200
Si

gn
al

 am
pl

itu
de

0.1 1 10 100 1000 100000.01
Relaxation time T2 (ms)

(a)

AE

VE

VE AE
MRI

0

200

400

600

800

Si
gn

al
 am

pl
itu

de

0.1 1 10 100 1000 100000.01
Relaxation time T2 (ms)

(b)

AE

VE

MRI
VE AE

0

500

1000

1500

2000

2500

Si
gn

al
 am

pl
itu

de

0.1 1 10 100 1000 100000.01
Relaxation time T2 (ms)

(c)

Figure 8: T2 curves and MRI images obtained by NMR: (a) 25, (b) 450, and (c) 750°C.
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(3) (e thermal environment has an obvious influence
on the mechanical behaviors of marble specimens
under uniaxial compression, especially at 450∼750°C.
(is effect of thermal environment on other rocks
needs a further investigation.
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Mudstone is a natural type of geological material, which has different ways of mechanical response between natural state and dry-
wet cycles. According to the complex damage theory of geological materials, rock masses can be considered as a composite
material consisting of the structure phase and damage phase. ,e essence of the damage of rock masses is a damage evolution
process, during which the deformation energy of the structure phase converts into dissipation energy of the damage phase, and the
energy dissipation from phase transformation promotes the structure phase to change into the damage phase. In this study,
a customized model test container and a novel test method are applied to study the decay rate of mudstone under different
temperatures and over multiple dry-wet cycles.,e decay rate and the damage variable are connected with each other and applied
to the damage constitutive equation based on the energy principle to set up the damage evolution equation under the coupled
action of dry-wet cycles and loads. Comparison of the proposed model with test results in a literature identifies the rationality of
the established model and properly reflects the damage evolution of mudstone.

1. Introduction

Mudstone is a natural type of geological material. Its me-
chanical responses vary under the action of natural state and
dry-wet cycles [1]. After multiple dry-wet cycles, mudstone is
easy to weather and disintegrate. For example, the water level
variation of reservoir bank for a long time and the un-
derground water variation caused by rainfall and pumping
may lead to slope failure or ground subsidence. ,erefore,
researches on the physical and mechanical characteristics of
mudstone under the action of dry-wet cycles increase grad-
ually. Cantón et al. [2] found that the number of dry-wet
cycles had the strongest influence on weathering. Guo et al.
[3] studied the effect of alternation of heat and water on the
slaking phenomenon of redbeds and concluded that the
disintegration of mudstone was the result of the compre-
hensive action of wetting, heating, and loading. Qi et al. [4]
concluded that the main mechanisms of slaking of red strata
mudstone were water absorption, dehydration shrinkage
during drying, and mineral dissolution. Even so, currently

there are few researches about the damage of mudstone under
the action of dry-wet cycles and the damage constitutive
model under the coupled action of dry-wet cycles and loads.

Damage evolution of rock is an important issue in the
study of rock mass damage mechanics [5–9]. ,e rock
material is anisotropic, in which there are microcracks and
macroscopic defects such as cracks, bubbles, cavities, and
joints. Crack propagation makes the rock material presents
complex stress-strain relations under stress, and the con-
tinuum damage mechanics, which focuses on studying the
continuous deterioration of these defects, is the basic theory
to solve this problem [10]. In the continuum damage me-
chanics, rock masses are regarded as a complex [11–15],
which is a composite material consisting of the structure
phase and damage phase. With effective bearing area of the
structure phase as the basis of the definition of the damage
variable, the decrease of the effective bearing area is the
damage evolution process of materials; namely, the damage
variable can be defined as a ratio of the area of the damage
phase to the original area of a cross section area. Zhou and
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Liu [16] obtained the reasonable synthetic mode of stress and
strain for a complex theory of geomaterial damage based on
the basic concept of continuum mechanics, provided the
simplified formulas of the synthetic mode of stress and strain
for isotropic damage, and put forward a constitutive model
for isotropic damage of geomaterial. Zhou et al. [17] con-
nected the damage variable with cross section areas of the
structure phase and damage phase, defined the external force
damage power as damage dissipation energy, and in-
troduced it into the soil energy balance equation. Finally,
a damage evolution equation is derived based on the energy
consumption under the conditions of structural damage.

,e damage of rock masses is the process of energy
dissipation [18–20], and rock damage after dry-wet cycles
also can be regarded as the process of energy dissipation.
However, at present, there are few researches about the
damage evolution and damage constitutive equation of rock
masses under the action of dry-wet cycles. Zhu and Zhou
[21] analyzed the forming mechanism of the dissipative
structure during the softening process of saturated soft rocks
based on the dissipative structure theory. Chen et al. [22] set
up damage evolution equation of granite based on the
principle of energy dissipation by the uniaxial compression
test under multiple dry-wet cycles. According to the irre-
versible thermodynamics theory, the work done by the
external force partly changes into phase transformation
damage dissipation energy due to the transformation from
the structure phase to the damage phase. ,ere is also
a certain energy relationship during the process of dry-wet
cycles, and a deeper understanding of the damage charac-
teristics of rock masses under the action dry-wet cycles can
be realized by analyzing the energy change law of rock
damage. ,erefore, a customized model test container and
a novel test method are applied to conduct the dry-wet cycle
test on mudstone in Chongqing, and the change law of the
decay rate under different temperatures and over multiple
dry-wet cycles is obtained. According to the experimental
results and damage evolution equation based on the energy
principle, the damage evolution equation under the coupled
action of dry-wet cycles and loads is set up. By comparing the
test results from a literature with the proposed model, it

shows that the model can properly reflect the damage
evolution of mudstone. Finally, the effect of the number of
dry-wet cycles on damage is analyzed.

2. Dry-Wet Cycle Test

2.1. Test Process. ,e experimental materials selected are
typical mudstone from the mudstone layers of the Suining
Group (its lithostratigraphic unit is marked by J3s), which is
located in the Jinfeng district of Chongqing, southwesternChina
(29°30′46.05″N, 106°18′55.03″E). A total of 9 samples from the
same type of mudstone were subjected to nine treatments. To
ensure homogeneity, the samples for each treatment were
selected from the same mudstone block. And they were cut
into similar-sized cubes (180mm× 180mm× 180mm)with an
electric saw and drilled through to make to a 15mm diameter
borehole with an electric drill, which was the channel of inlet
water and drainage from the centre of the top surface to the
bottom surface [23].

,e customized testing device, as shown in Figure 1,
includes a container, a thermostat-controlled heating panel,
and a water supply and drainage unit.,e sample is placed in
the container, and lateral restraints for the sample are
provided by tightening the nuts of the activity steel plate.,e
heating panel connects in series with a temperature con-
troller, a thermocouple, and a relay, which can control the
temperature and maintain a constant temperature.

,e dry-wet cycle test is conducted by using the heating
plate to heat the sample and by using the top-down drilling
hole to maintain water supply and drainage. ,e test process
is as follows: heating for 24 h at 60°C→water exposure for
8 h→ heating for 24 h at 60°C→water exposure for 8 h. ,e
period of each cycle is 32 h and so forth.

,e temperature is kept constant for drying treatment,
involving five subtreatments, at 60°C, 90°C, 105°C, 120°C,
and 180°C, respectively. ,ree dry-wet cycles are conducted
at each temperature. Besides, keeping the heating temper-
ature at 60°C, five dry-wet cycles are conducted, that is, 3, 6,
9, 12, and 15, respectively.

After dry-wet cycles, the decay rate of rock was calcu-
lated as follows [24]:
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Figure 1: Container used in experiments. (a) Front view. (b) Top view.
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DR �
Wini −Wrem

Wini
× 100%, (1)

where DR� decay rate (%), Wini � initial weight of a sample
(grams), and Wrem �weight of the largest remaining frag-
ment of a sample (grams).

2.2. Test Results. ,e effect of constant temperature on the
decay rate of rock is shown in Table 1. When the number of
dry-wet cycles is equal, the higher temperature the rocks
experience, the higher the decay rate.

In Table 1, α(T) is the temperature influence coefficient;
ifT � 90°C, α(T) � 1; then, whenT � 105°C, α(T) � 25.8/21.1�

1.22. By this analogy,α(T) is obtained inTable 1.,e relationship
between α(T) and temperatures is fitted by a function as follows:

α(T) � 4.23−
3.23

1 + e0.22(T−111.98)
. (2)

,e effect of the number of dry-wet cycles on the decay
rate is shown in Table 2. When the heating temperature is
equal, the decay rate increases with the increase of the
number of dry-wet cycles. If the number of dry-wet cycles
continuously increases, the decay rate will increase to over
90% until the sample is completely broken.

,e relationship between the decay rate and the number
of dry-wet cycles in Table 2 is fitted by a function as follows:

DRn �
90

1 + e−0.3(n−13.7)
. (3)

3. Damage Evolution Equation of Dry-
Wet Cycles

3.1. Framework of Damage Evolution Equation. ,e whole
evolution process during dry-wet cycles has inseparable
connection with its surroundings, including energy, mate-
rials, and information exchange. During dry-wet cycles, the
complex mechanism of the action between water and rock is
stored in the whole system in the form of energy, which
embodies the communication between rock and its sur-
roundings [21]. ,e research on the law of energy trans-
formation in the process of rock damage is helpful for
getting a deeper understanding of the damage of rockmasses
under the action of dry-wet cycles.

,e area of the representative volume element of a rock
unit is A, and the density is ρ. ,e rock unit is composed of
the structure phase element and damage phase element.
Under a certain stress state, the area of the structure phase
element is An and that of the damage phase element is Ad.
During the process of dry-wet cycles, the damage of the
structure phase leads to the release of elastic energy. When
the structure phase element changes into the damage phase
element, the strain increment produced by the structure
phase is dεn and stress is σn.

,ere is a certain relationship between the decay rate
(DR) defined in this paper and the damage variable (D).
Taking the unit thickness of the rock element, according to
the classical continuum damage mechanics, the damage
variable is defined as

D �
Ad

A
� 1−

An

A
� 1−

Anρ
Aρ

� 1−
Mrem

Mini
� DR. (4)

,erefore, (3) can be expressed as

Dn �
90

1 + e−0.3(n−13.7)
. (5)

Equation (5) is the effect of the number of dry-wet cycles
on the decay rate at a certain temperature. Introducing the
temperature influence coefficient α(T) into (5) can lead to
the result of

DN � α(T)Dn. (6)

,e damage increment based on the energy principle is
as follows [17]:

dD �
1
2Ω

(1−D)σndεn. (7)

,e combined action between dry-wet cycles and loads
accelerates the total damage and shows obvious nonlinear
characteristics. Dry-wet cycles can lead to local damage
inside rock masses, but the slippage and dislocation between
rock grains under the action of loads can limit the action of
pore water in the rock masses to some extent, showing that
the total damage will weaken under the coupling effect of
dry-wet cycles and loads. ,erefore, total damage increment
under the coupling effect of dry-wet cycles and loads can be
expressed as [25]

dDm � dD + dDN −dDdDN, (8)

where dDdDN is the coupling phase.
Substituting (6) into (8) leads to the result of

dDm � dD + d α(T)Dn −dDd α(T)Dn . (9)

,at is,

dDm � dD + d α(T)Dn (1−dD). (10)

,at is,

dDm � dD +
zα(T)

zT
Dn +

zDn

zn
α(T) (1− dD). (11)

Introducing (2), (5), and (7) into (11) leads to

Table 1: Effect of constant temperature on rock decay rates (%).

Temperature (°C) 60 90 105 120 180
Number of dry-wet cycles 3 3 3 3 3
Decay rate (%) 0 21.1 25.8 89 89.2
α(T) — 1 1.22 4.22 4.23

Table 2: Effect of the number of dry-wet cycles on rock decay
rates (%).

Number of dry-wet cycles 3 6 9 12 15
Temperature (°C) 60 60 60 60 60
Decay rate (%) 0 9.6 16.2 25.6 60.7
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dDm �
1
2Ω

(1−D)σndεn

+
⎧⎨

⎩
64.8e0.22(T−111.98)

1 + e0.22(T−111.98) 
2 1 + e−0.3(n−13.7) 

dT

+
27e−0.3(n−13.7) 1 + 4.23e0.22(T−111.98) 

1 + e−0.3(n−13.7) 
2 1 + e0.22(T−111.98) 

dn
⎫⎬

⎭

× 1−
1
2Ω

(1−D)σndεn .

(12)

Equation (12) shows that the total damage under the
coupling effect of dry-wet cycles and loads changes along
with the temperature, the number of dry-wet cycles, and the
strain, reflecting the mutually coupled and effected char-
acteristics of the temperature, the number of dry-wet cycles,
and the strain to the damage expansion of materials and
properly revealing the damage mechanics and damage ex-
tension law during dry-wet cycles.

3.2. Constitutive Relation of the Structure Phase. ,e struc-
ture phase is characterized by the elastic state and can be
described with the linear elastic model, which is the general
Hooke’s law. ,ere are principal stresses σ1, σ2, and σ3 in the
principal stress space, which satisfy the relationship of
σ1 ≥ σ2 ≥ σ3, and the stress increment can be expressed as

dσ1 � α1dε1 + α2 dε2 + dε3( ,

dσ2 � α1dε2 + α2 dε3 + dε1( ,

dσ3 � α1dε3 + α2 dε1 + dε2( ,

(13)

where α1 � K + 4G/3 and α2 � K− 2G/3, in which K is the
bulk modulus and G is the shear modulus.

3.3. Constitutive Relation of the Damage Phase. ,e damage
phase possesses the elastic-plastic energy dissipationmechanism,
and the elastic-plastic model can be used to describe its stress-
strain relationship. In most cases, the relationship between the
residual strength and confining pressure is linear, which can be
described by the Mohr–Coulomb condition. Applying the
difference between the total strain increment and plastic strain
increment to represent the elastic strain increment can obtain

dσ1 � α1dε1 + α2 dε2 + dε3( − dλ α1 − α2Nφ ,

dσ2 � α1dε2 + α2 dε3 + dε1( − dλα2 1−Nφ ,

dσ3 � α1dε3 + α2 dε1 + dε2( − dλ α2 − α1Nφ ,

(14)

where dλ is a nonnegative proportion coefficient and
Nφ � (1 + sinφ)/(1− sinφ).

4. Numerical Implementation of the
Coupled Model

By using the damage constitutive calculation program de-
veloped by FLAC3D, simulations of triaxial compression
tests are performed, and the numerical results have been
compared with the experimental results in a published lit-
erature [26]. ,e test process in the published article is
introduced as follows.

Mudstone with relatively good integrity and uniformity
is chosen as the research object. ,e average density of
mudstone is 2.14 g/cm3, the natural compressive strength
with a small variation range is from 2.948MPa to 3.108MPa,
and the moisture content is 5.1%∼7.68%. Mudstone is
processed into cylinders with 75mm diameter and 150mm
height. ,e test scheme is as follows:

(1) Based on the buried depth and in situ stresses of
mudstone, confining pressures of the triaxial com-
pression test are 0MPa, 1MPa, 1.5MPa, 2.0MPa,
and 2.5MPa, respectively.

(2) Keep confining pressures constant throughout the
test and apply displacement control with a rate of
0.5mm/min to control the test until the sample is broken.

(3) Record the whole stress-strain curves under different
confining pressures in real time.

,e complete stress-strain curve is shown in Figure 2.

4.1. Parameter Determination of the Structure Phase. When
ignoring the bearing capacity of damage parts such as
microdefects, the intact rock shows an elastic damage energy
dissipation mechanism and reflects its elastic state before
damage. In the initial state, the material is all composed of the
structure phase; in this case, the elastic modulus and Poisson’s
ratio of the structure phase can be considered approximately
as the elastic parameters of the intact rock in the initial state.
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Figure 2: Complete stress-strain curve under different confining pressures [26].
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According to the published article [26], the relationship
between the elastic modulus and confining pressures is
shown in Table 3. Based on (15), the bulk modulus and shear
modulus under different confining pressures can be calcu-
lated, as shown in Table 3:

K �
E

3(1− 2μ)
,

G �
E

2(1 + μ)
.

(15)

In the process of axial compression, the energy absorbed
by the rock material is the work done by the tester to the
sample. When the sample deforms under the effect of con-
fining pressures, the work is also done by confining pressures
to the sample. In the conventional triaxial compression ex-
periment, the work is done by the sample in the form of
circumferential expansion to the hydraulic oil in the triaxial
pressure cylinder, so the actual energy absorbed by rock
materials is less than the work done by the tester to the sample
in the process of axial compression. ,erefore, the actual
absorbed energy in the test is

K �  σ1 dε1 + 2 σ3 dε3, (16)

where the unit of K is MJ/m3, which is equivalent to the unit
of stress MPa, and ε1 and ε3 are the axial strain and cir-
cumferential strain, respectively. ,e circumferential strain
is negative, and according to Poisson’s ratio effect, it obtains

μ � −
ε3
ε1

. (17)

According to Figure 2, the relationship between the dis-
sipation energy and the confining pressure can be calculated
based on (16), as shown in Table 4.

4.2. Parameter Determination of the Damage Phase. After
the complete damage of the structure phase, the rock material
turns into a deformation stage of residual strength, and the
damage phase bears all the bearing capacity. ,e damage
phase of mudstone shows an elastic-plastic energy dissipation
mechanism, and the stress-stain relationship of the damage
phase can be described by the elastic-plastic model. ,e
Mohr–Coulomb criterion can be applied to describe the linear
relationship between residual strength and confining pressure.
,e damage phase reflects the stress-strain relationship of the

residual strength, so the cohesion and internal friction angle of
the damage phase can be obtained by using the regression
analysis of experimental data of the residual strength. ,e
elastic modulus and Poisson’s ratio of the damage phase can be
obtained approximately by using the parameters of class VI
surrounding rock.

,e residual strength under different confining pressures
based on the experimental results is shown in Figure 3. Because
there is no stress decrease to determine the peak strength in
Figure 2, the approximate constant stress with the increase of
strain is defined as the maximum stress σ1. ,e test results
show that the residual strength is linearly related to the con-
fining pressure. According to the Mohr–Coulomb criterion,
the maximum principal stress of materials can be expressed as
σ1 � σ3N + σc, in which N and σc are

N �
(1 + sinϕ)

(1− sinϕ)
� tan2 45° +

ϕ
2

 ,

σc �
2C cos ϕ

(1− sinϕ)
.

(18)

According to the test results in Figure 3, the fitting
equation is σ1 � 4.5493σ3 + 2.4794. Based on (18), the
strength parameter of the damage phase is C � 0.581MPa and
φ� 39.76°. Assume that the elastic parameters of the damage

Table 4: Dissipation energy under different confining pressures.

Confining pressure (MPa) 0 1 1.5 2 2.5
Dissipation energy (MJ/m3) 0.018316 0.053002 0.157756 0.200708 0.218957
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Figure 3: Residual strength under different confining pressures.

Table 3: Bulk modulus and shear modulus under different confining pressures.

Confining pressure (MPa) 0 1 1.5 2 2.5
Elastic modulus E (GPa) 0.48 0.89 0.91 1.38 1.59
Poisson’s ratio 0.3 0.3 0.3 0.3 0.3
Bulk modulus K (GPa) 0.40 0.74 0.76 1.15 1.33
Shear modulus G (GPa) 0.18 0.34 0.35 0.53 0.61
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phase are approximately equal to those of class VI surrounding
rock; namely, the bulk modulus is Kn � 0.17GPa and the shear
modulus is Gn � 0.04GPa.

All the parameters of the model are listed in Table 5.

4.3. Numerical Simulations for Triaxial Tests. ,e model
dimension is in agreement with that of the published article
[26], in which the sample is a cylinder with 75mm diameter
and 150mm height. ,e model is divided into 1024 units, as
shown in Figure 4. Vertical constraints are imposed at the
bottom of the model, and a velocity of 0.5mm/min is im-
posed on the top.

By introducing the parameters in Table 5 to the damage
constitutive calculation program developed by the FLAC3D,
simulations of triaxial compression tests are performed,
and the numerical results are compared with experimental
results in the published article [26].,e confining pressures
σ3 are 0MPa, 1MPa, 1.5MPa, 2MPa, and 2.5MPa, re-
spectively. Because the dry-wet cycle test is not involved in
the article [26], the temperature T � 25°C and the number
of dry-wet cycles n � 0 are chosen as the parameters in the
numerical simulation. ,e test results and numerical re-
sults under different confining pressures are shown in
Figure 5. In the whole simulation process, there is no
decrease of stress, which is consistent with the test results.
With the increase of confining pressure, the load the
damage phase bears increases gradually under the action of
confining pressures; thus, there is no obvious decrease of
the ultimate bearing capacity after the structure phase
element breaks and transforms into the damage phase el-
ement, which shows a state of strain hardening, and the re-
sidual strength is the peak strength. ,erefore, the damage
model proposed in this paper can better simulate the char-
acteristics of mudstone materials.

4.4. Effect of the Number of Dry-Wet Cycles. In the dry-wet
cycle test, with the increase of the number of dry-wet cycles, the
decay rate of mudstone increases, but the elastic modulus, co-
hesion, and internal friction angle decrease. As shown in Tables 6
and 7, the elastic modulus, cohesion, and internal friction angle
under different dry-wet cycles at 105°C are obtained based on
[27, 28] and parameters in this paper.

,e stress-strain curves and the damage variables with
different numbers of dry-wet cycles are shown in Figures 6
and 7. With the increase of the number of dry-wet cycles, the
peak deviatoric stress decreases, and the damage develops
quickly and early. With the increase of confining pressures,
the variation of the peak deviatoric stress and the damage
development increases.

5. Conclusion

According to the experimental results of dry-wet cycles and
the damage evolution equation under the conditions of
structural damage energy dissipation, the damage evolution
equation under the coupled action of dry-wet cycles and
loads is set up. ,e numerical results are compared with the
test results in a published article, which proves the accuracy
and validity of the model. ,e main conclusions can be
drawn as follows:

(1) According to the complex damage theory of geo-
technical materials, rock masses can be considered as
a composite material constituting the structure phase
and damage phase. Damage occurs after the elastic
deformation energy stored in the internal structure
element increases and becomes higher than the
critical value. With the continual expansion of the
damage phase, the strain energy density dissipated by
the material unit increases until the element is
completely broken.

(2) According to the effects of temperatures and the
number of dry-wet cycles on decay rate, combined
with the damage evolution equation based on the
energy principle, the damage evolution equation
under the coupled action of dry-wet cycles and loads

Table 5: Material properties of the model.

Bulk modulus
K (GPa)

Shear modulus
G (GPa) Cohesion (MPa) Internal friction

angle (°)
Dissipation

energy (MJ/m3)
Structure phase Table 3 — — Table 4
Damage phase 0.17 0.04 0.581 39.76 —

Figure 4: Numerical model.
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Figure 5: Numerical results and experimental results under different confining pressures: (a) σ3 � 0MPa, (b) σ3 � 1MPa, (c) σ3 � 1.5MPa,
(d) σ3 � 2MPa, and (e) σ3 � 2.5MPa.
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Table 6: Strength parameters under different dry-wet cycles at 105°C.

Number of dry-wet cycles 3 6 9 12 15
Cohesion (MPa) 0.273 0.168 0.157 0.139 0.122
Internal friction angle (°) 28.07 24.06 23.31 22.84 22.65

Table 7: Elastic parameters under different dry-wet cycles at 105°C.

Number of dry-wet cycles 3 6 9 12 15

Confining pressure (0MPa)

Elastic modulus E (GPa) 0.120 0.112 0.109 0.106 0103
Poisson’s ratio 0.3 0.3 0.3 0.3 0.3

Bulk modulus K (GPa) 0.100 0.094 0.091 0.088 0.085
Shear modulus G (GPa) 0.046 0.043 0.042 0.041 0.039

Confining pressure (2MPa)

Elastic modulus E (GPa) 0.345 0.323 0.313 0.304 0.295
Poisson’s ratio 0.3 0.3 0.3 0.3 0.3

Bulk modulus K (GPa) 0.288 0.269 0.261 0.253 0.246
Shear modulus G (GPa) 0.133 0.124 0.120 0.117 0.113
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Figure 6: Stress-strain curve under different dry-wet cycles: (a) σ3 � 0MPa and (b) σ3 � 2MPa.
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Figure 7: Damage variable under different dry-wet cycles: (a) σ3 � 0MPa and (b) σ3 � 2MPa.
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is set up through analyzing the energy of classical
units. Comparison of the proposed model with test
results in a literature identifies the rationality of the
established model.

(3) In this model, the structure phase shows as an elastic
state, and the damage phase shows as an elastic-
plastic state; therefore, the linear elastic model and
the Mohr–Coulomb model are used to study the
stress-strain relationship of the structure phase and
the damage phase, respectively. Using the damage
constitutive calculation program developed by the
FLAC3D, simulations of triaxial compression tests
are performed, and the effect of the number of dry-
wet cycles on damage is analyzed. ,e results rep-
resent that the model can properly reflect the damage
evolution of mudstone.
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Flaw is a key factor influencing failure behavior of a fractured specimen. In the present study, rectangular-flawed specimens were
prepared using sandstone to investigate the effect of flaw on failure behavior of rock. Open flaw and cylindrical hole were
simultaneously precut within rock specimens using high-pressure water jet cutting technology. Five series of specimens including
intact, single-hole-alone, two-hole-alone, single-hole and two-flaw, and two-hole and single-flaw blocks were prepared. Uniaxial
compressive tests using a rigid servo control instrument were carried out to investigate the fracture processes of these flawed
specimens. It is observed that during loading, internal stress always intensively distributed at both sidewalls of open hole,
especially at midpoint of sidewalls, so rock crumb flaking was firstly observed among all sandstone specimens containing single
hole or two holes. Cracking around open hole is associated with the flaw inclination angle which was observed in Series III and V.
Crack easily initiated at the tips of flaw with inclination angles of 0°, 30°, and 60° but hard for 90° in Series III and V. Rock burst was
the major failure mode among most tested specimens, which generally induced new cracks and finally created crater shape.
Additionally, due to extrusion between blocks, new shear or tensile cracks were generated and the rock specimen surface spalled.
Eventually, four typical failure processes including rock crumb flaking, crack initiation and propagation, rock burst, and second
rupture, were summarized.

1. Introduction

It is well known that rock mass is discontinuous and in-
homogeneous due to numerous joints, cleavages, beddings,
and faults presented within it. /e increasing number of
engineering practice, such as mining, tunneling, and hydraulic
power station, has fueled growing research interests on
fractured rock mass. Understanding the mechanical behavior
of fractured rock mass is the key to ensure engineering safety
and efficiency. Since the mechanical behavior of rock mass is

controlled by rock discontinuities, rock engineering prac-
titioners have been attempting to relate rock mechanics to
rock joints via theoretical analysis, experimental testing and
numerical simulation [1–7]. Among the published reports,
experimental investigation was probably the widely used
method.

Researchers have used many rock-like materials, such as
gypsum, cement, and PMMA (polymethyl meth acrylate), to
study the mechanical behavior of fractured rock [8–10]. /e
advantage of using rock-like materials is that the number
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and geometry of flaws, open or closed, could be easily
premanufactured, and therefore, the fractured rock prop-
erties could be quantitatively analyzed. Research has found
that the axial strength of a rock specimen was closely related
to flaw length and flaw inclination angle, and a number of
relationships reveal that uniaxial compressive strength
(UCS) of rock decreases with increasing flaw length.
However, no complete consensus is achieved on the re-
lationships between UCS and flaw inclination. In Liu’s study
[11], specimens with flaws parallel to the loading direction
showed minimum UCS, while those with flaws perpendic-
ular to the loading exhibited the maximum. However, an-
other study, reported by Yang and Jing [12], showed that
a minimum UCS was obtained when flaw inclines 45° to the
loading direction, while a maximum UCS was obtained with
flaw inclined 90° to the loading direction. Generally, the
maximumUCS is found with flaw inclined 90° to the loading
direction, but the minimum UCS was obtained with flaw
inclined at various angles. In fact, rock strength is influenced
by several factors, such as material type, flaw geometry,
sample dimension, and even testing method [13–15].

In the past studies of fracture characteristics of real rock
or rock-like materials containing flaws, to better and clearly
view crack development, high-speed camera was often used
to record cracking process [16]. Flaw configurations affect
not only rock strength but also cracking pattern, so many
experimental studies were performed to identify crack ini-
tiation or coalescence type [17–27]. It has been found that for
fractured rock subjected to compressive loading, crack
initiates first around flaw tips, and tensile crack was mostly
observed. Cracking process was directly related to the failure
mode. For decades, many failure modes have been identified
and summarized, such as stepped failure, shear failure,
cleavage, and so on [14, 28].

In the studies mentioned above, internal defect within
the tested specimen was set as two-dimensional open flaw,
which cannot represent real status of flaw in natural rock. So
researchers have carried out studies to investigate the effect
of three-dimensional flaw on rock fracture, which can be
referred to Adams and Sines [29], Germanovich et al. [30],
andDyskin et al. [31]. Circular openings scarcely exist within
natural rock mass, but excavation may create circular cav-
ities including laneway, tunnel, and culvert. To model stress
change and failure behavior around opening created by
engineering construction, experimental and numerical ap-
proaches were widely used. In experimental studies, cylin-
drical cavity was usually precut and researchers mainly
focused on failure characteristics around openings [32–39].
Zhao et al. [40] used acoustic emission technology to in-
vestigate cracking process around open hole. Li et al. [41]
found a blast-induced pit of a single-hole sandstone spec-
imen under uniaxial loading and crater volume was related
to impact load. Zhao et al. [38] used experimental and
numerical methods to study failure characteristics of rock-
like materials with an open hole and found that peak
strength was related to sample width and hole diameter. In
field test, the excavation-damaged zone was adjacent to
underground opening, two zones including damaged and
disturbed zones were identified, which was considered as

a result of redistribution of stresses [42, 43]. Generally, the
physical model was mostly employed, but sometimes it is
unable to evaluate internal stress distribution according to
current techniques, so the numerical method was used to
assist physical studies. In the numerical studies of cracking
process, a distinct element method, particle flow code, was
widely used to simulate crack initiation and propagation of
single flaw or multiflaw specimens under uniaxial or biaxial
compression loading [7, 44, 45]. Using particle flow code
approach, circular opening was created within the in-
termittently jointed model, and it was found that the dip
angle of joint greatly impacts fracture behavior around
opening [46, 47]. Using rock failure process analysis ap-
proach, horseshoe-shaped opening was created, and the
failure process and stress change around opening were
obtained [48, 49]. In numerical simulation, internal stress
evolution around flaw and opening can be well recorded,
and fracture process can be modeled.

Previous studies indicate that joint significantly impacts
fracture characteristics of jointed rock containing hole and
joint. To further understand the influence of joint on failure
behavior of a hole-containing model, a combination of open
flaw and circular hole was designed to premanufacture in
rectangular rock samples. Experimental and numerical
approaches were employed to investigate the failure process
of rock specimens containing both flaw and hole under
uniaxial compressive loading. /e study aims to investigate
the interaction between hole and flaw location and the in-
fluence of the inclination angle of flaw around hole on
cracking process, which contributes to good understanding
of influence of flaw location and orientation on damaged
zones of circular openings in rock mechanics.

2. Sample Preparation and Testing Method

2.1. SamplePreparation. In the present study, sandstone was
chosen to prepare cuboid specimens containing precasted
holes and flaws. /e specimen dimensions were
100mm× 100mm× 30mm (height× length×width). In the
present study, five series of experimental specimens were
prepared as listed in Table 1./e cuboid intact blocks named
Series I (Figure 1(a)) were firstly prepared. /e two sample
ends were grinded off to become smooth using two parallel
grinding wheels. Afterwards, the intact specimens were
further made into fractured specimens. High-pressure water
jet cutting technology was used to produce open flaw and/or
hole in Series I specimens. As shown in Figure 1(b), the
Series II specimen contains one single hole at the specimen
center which is coincided with circle center of open hole and
origin of the coordinates. Figure 1(c) shows the Series III
specimen, which contains a single hole and two flaws lo-
cating at both sides of open hole, and the flaw midpoint was
fixed on x-axis and 30mm away from the specimen center.
/e specimen containing two open holes is named Series IV,
as shown in Figure 1(d). /e circle centers of the two open
holes were fixed on x-axis with spacing 20mm away from the
specimen center. On the basis of Series IV, flawed specimens
having two holes and one single flaw were further prepared,
named Series V as shown in Figure 1(e). One single flaw is
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created between two holes while the flaw midpoint is co-
incided with the specimen center. Note that radius (r) of all
open holes and flaw length (L) are both 10mm as shown in
Figure 1. /e thickness of all flaws is about 2mm. /e in-
ternal faces of flaws and circular openings are smooth. /e
flaw inclination angle, α, changed by rotating along its
midpoint in anticlockwise direction at an interval of 30° from
0° to 90°, and therefore, there would be four inclination cases
for each fractured specimen with one or two flaws. In order
to make the discussion clear in the following section, name
of each edge of open hole is defined in Figure 1(f).

2.2. Testing Method. For the purpose of viewing failure
process and measuring compressive strength, destructive
tests of the rock specimen were conducted on a rigid servo
control machine. Figure 2 shows the testing system. /e
loading instrument basement was fixed on the ground, and
the upper loading platen with a high stiffness moves along
two columns under hydraulic pressure while lower platen
remained stationary. Two ends of the specimen were daubed
with lubricant to decrease end effect. While loading, axial
stress and displacement were recorded by a computer sys-
tem./e failure process was recorded by a camera located in
front of the testing specimen. Testing on the intact speci-
mens shows that average compressive strength is 85.35MPa,
elastic modulus is 34.87GPa, and Poisson’s ratio is 0.2195.

3. Failure Characteristics

3.1. Failure of Single-Hole-Alone and Two-Hole-Alone
Specimens. As illustrated in Figure 3(a), no obvious crack
initiation was observed in the early loading phase. When
axial stress was close to the peak value, crack initiated and
rapidly developed across the specimen, and simultaneously,
axial stress dropped approximately vertically. Due to
openings within the rock specimen (Figures 3(b) and 3(c)),
stress concentrates at both sidewalls of the open hole in the
SHWF specimen. Rock crumb flaking shown in Figure 3(d)
was first observed during loading. At the moment of
complete failure, the rock fragment ejected and huge sonic
generated, which was called rock burst in this study. /e
cracks shown in Figure 3(b) were momentarily generated
because of instantaneous rock burst. For the THWF

specimen, internal stress distribution was different from that
of the SHWF specimen under compressive loading. Simi-
larly, stress concentration still occurred at both sides of open
hole, but internal stress superposition occurred between two
holes, and therefore, the maximum internal stress was lo-
cated between two holes. So rock crumb flaking was first
observed at internal sidewalls of two openings. Identically,
rock burst occurred at maximum stress location, that is, the
ligament zone between two holes. Rock burst resulted in
surface rock ejection and another four cracks as shown in
Figure 4(c). For high-strength brittle materials, as axial strain
increased, elastic strain energy accumulated at stress con-
centrated zone. When external loading exceeded intrinsic
strength of materials, elastic strain energy suddenly released
companying with rock fragment ejection and huge sonic. So
the failure process of SHWF and THSF specimens obviously
differs from that of the intact one in the condition of uniaxial
compression.

3.2. Failure of SHTF Specimens. Flaw geometry is a key
factor influencing failure behavior and strength of the fractured
specimens. Figure 4 shows the failure process of the SHTF-
0 specimen under uniaxial compression. /e stress-strain
curve is shown to relate failure status with the corresponding
axial stress level as shown in Figure 4(a). Obviously, when
the flaw inclination angle was 0°, flaw and hole dramatically
reduced the net section area bearing compressive stress, and
the minimum section area across hole center was 60% of
overall horizontal section area. During loading, the SHTF-
0 specimen also experienced internal stress concentration.
When axial stress approached 60% of peak axial stress, rock
crumb flaked off from sidewall and fell to bottom of cy-
lindrical hole as seen from Figure 4(b). /e two zero-degree
flaws were located within the stress concentration zone, and
hence, internal stress around open hole was redisturbed.
When the axial stress level was more than 70% of peak
strength, cracks started initiating. Crack initiation at flaw
tips shown in Figure 4(c) indicates that stress redistribution
occurs around open flaw. Actually, tensile stress concen-
trated at flaw tip, so tensile cracks were generated. Also,
another tensile crack occurred at right flaw tip. At the
moment of peak strength, the ligament zones connecting
flaw tip and hole side edge were crushed, but no

Table 1: Arrangement of specimens.

Series Specimen type α (°) Sample ID
I Intact specimen (Figure 1(a)) — —
II Single-hole specimen without flaw (Figure 1(b)) — SHWF

III Single-hole and two-flaw specimen (Figure 1(c))

0 SHTF-0
30 SHTF-30
60 SHTF-60
90 SHTF-90

IV Two-hole specimen without flaw (Figure 1(d)) — THWF

V Two-hole and single-flaw specimen (Figure 1(e))

0 THSF-0
30 THSF-30
60 THSF-60
90 THSF-90
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instantaneous burst occurred. Due to extrusion between
upper and lower blocks after peak stress, surface rock spalled
at the ligament zone (Figure 4(d)).

Figure 5 shows the failure process of the SHTF-30
specimen under uniaxial compression. Similarly, when the
axial stress level was about 60% of peak strength, rock crumb
flaking at sidewalls was first observed (Figures 5(a) and 5(b)).
And then, like SHTF-0 specimen, tensile cracks initiated at

flaw tips as shown in Figure 5(c) and then propagated to-
wards top and bottom ends of the specimen. It also indicates
that for 30° inclination angle, internal stress still would
concentrate at flaw tip and further creates cracks. Contin-
uous loading brought about increase in axial strain and
elastic strain energy accumulation. At the moment of elastic
strain energy releasing with huge sonic as illustrated in
Figure 5(d), rock fragments ejected out. Parts of fragments
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Figure 1: Schematic diagrams of fractured rock specimens: (a) Series I; (b) Series II; (c) Series III; (d) Series IV; (e) Series V; (f) illustration of
hole edges.
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Figure 3: Photographs of final failure for (a) intact specimen, (b) specimen containing single hole only, (c) specimen containing two holes
only, and (d) rock crumb flaking.
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were crushed into sand grain and flied out./e phenomenon
was also regarded as rock burst. At that moment, axial stress
reached peak and then sharply dropped. Some fragments
flied away several meters. Occurrence of rock burst meant
that the specimen completely failed. In addition, intensive
rock burst also generated cracks which was called burst-
induced crack in the present study. In Figure 5(e), cracks
around right flaw were induced by rock burst.

Figure 6 shows the failure process of the SHTF-60
specimen under uniaxial compression. For the SHTF-60
specimen, combing the stress-strain curve (Figure 6(a),
when the axial stress level was more than 60% of peak one, at
first failure phase, rock crumb flaking still occurred at
midpoint of hole side edge (Figure 6(b)). It was obviously
observed that surface crack initiated at side edge and
propagated towards adjacent flaw tip, but the crack merely
developed on surface at the stress level of 80% of peak
strength (Figure 6(c)), which then lead surface rock ejecting
towards free face. And finally two craters were generated
between hole and flaws at peak stress. After generation of
crater shape, due to unequal fall of block above hole, a shear
crack formed at the upper right corner as shown in Figure 6(d).

For the time being, the ligament zone between hole and flaws
did not run through the thickness and still can bear loading. As
loading continued after peak stress, more intense surface
spalling was observed, which caused surface rock eject again.
/is failure was called second rupture shown in Figure 6(e).
Second rupture occurred because stress concentrated at the
ligament zone again.

Figure 7 shows the failure process of the SHTF-90 spec-
imen under uniaxial compression. For the SHTF-90 specimen,
the early failure phase was analogous to that of the other SHTF
specimens. In the early failure phase of SHTF specimens at the
stress level of 60% of peak stress (Figure 7(a)), rock crumb
flaking first occurred at internal stress-concentrated locations
as shown in Figure 7(b), but finally no crack created around
open hole until occurrence of rock burst (Figure 7(c)). Also,
rock burst directly resulted in the sharp decrease in axial stress.
Rock burst caused surface rock around circular openings to
spall and generated several burst-induced cracks as shown in
Figure 7(d). From the overall failure of the SHTF-90 specimen,
90° flaws scarcely affected the failure mode.

In the process of compressive loading, failure occurring
at hole sidewalls may be observed on front face or opposite
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face. When α� 0°, tensile crack initiated at flaw tips. It is
well known that tensile strength of rock is much lower of
its compressive strength. /e generated tensile crack
extended along loading direction. In fact, it is quite short
from observable crack initiation to specimen complete
failure, so high-velocity camera was usually used to record
failure process. When α� 30°, the failure process is similar
to that of the SHTF specimen with α� 30°. By comparing
four different inclined cases of SHTF specimens, it can be
found that crack easily initiated at tips of 0° and 30° flaws.
Surface cracking process was observed for the SHTF-60

specimen; surface spallingwas easily observed for SHTF-60 and
-90 specimens; and crater shape was created after rock burst.

3.3. Failure of Fractured Specimen with Two Holes. According
to failure of the THWF specimen, it is known that the in-
ternal stress concentration zone is located between two
holes, which leads to surface rock spalling. Compared with
the THWF specimen in uniaxial compression, existence of
midflaw would further disturb stress distribution between
two holes. /e inclination angle of midflaw changed from
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0° to 90°, which results in a substantial reduction in section
area across circle centers./e net section area was 50% of the
specimen section area for 0° flaw and 60% for 90° flaw. /e
distance between flaw tip and adjacent hole edge ranges from
5mm for 0° flaw to 9mm for 90° flaw. Failure process of

THSF-30 was basically similar to that of THSF-60, so only
one failure case of THSF-60 was shown. For THSF speci-
mens, in the loading process, rock crumb flaking also oc-
curred at midpoint of sidewalls. /is was analogous to that
for all hole-containing specimens.
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For the THSF-0 specimen, as seen from the curve in
Figure 8(a), when the axial stress was over 60% of peak stress,
rock crumb mainly flaked off at internal sidewalls, and then
the ligament zones were fast crushed at outer sidewalls at
peak stress (Figures 8(b) and 8(c)). Before peak stress, crack
never initiated and propagated. /e ligament length was
5mm only, so it crushed easily. /e flaw gap became narrow
which indicated that the upper block fell down when liga-
ment rock was crushed as shown in Figure 8(d). In the case
of the THSF-0 specimen, no rock burst occurred. Obviously,
one fragment ejected out at the falling phase of the stress-
strain curve.

For the THSF-60 specimen, as usual, as presented on the
stress-strain curve in Figure 9(a), rock crumb was first
observed at sidewalls (Figure 9(b)). Next, cracks initiated at
midpoint of internal sidewalls and then were trying to
propagate towards adjacent flaw tip before peak stress. Due
to stress concentration at ligament zones, slight rock burst
occurred between two holes relative to the burst phenom-
enon observed in SHTF specimens. Rock burst resulted in
crack coalescence as seen in Figure 9(c). Once crack con-
nected the flaw tip to sidewall, the specimen was completely

destructive. At the moment of crack coalescence, upper rock
block declined, so a shear crack was generated in the upper
left specimen. Upper block squeezed left block in the falling
process, which resulted in a tensile crack located in left-lower
corner (can be seen in Figures 9(c) and 9(d)). As loading
continued after peak stress, the ligament zones connecting
two holes were crushed and another tensile crack was
generated in the upper right corner. Compared with failure
process of the Series IV specimen, obviously, the midflaw
inclination angle significantly influenced failure behaviors of
THSF specimens. Because the ligament was quite short, it
was easily crushed. Ligament crush may result in slight
increase in axial stress in the residual stage.

For the THSF-90 specimen, rock crumb flaked off at hole
side edge, at the stress level like THSF-60 (Figure 10(a)),
which can be observed on the opposite side of viewing face as
shown in Figure 10(b). Before peak axial stress, no crack
initiated around 90° flaw. Actually, crack was hardly gen-
erated around 90° flaw, as shown by SHTF-90 in Figure 7. As
analyzed in the failure process of the THWF specimen,
internal stress intensively distributed within the area be-
tween two holes. As illustrated in Figure 10(b), rock block
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located at both sides of 90° flaw, which can be regarded as
rock pillars, subjected to internal concentrated stress.
/erefore, the surface rock fragment at the stress-
concentrated zone ejected out at failure moment compa-
nying with new crack generation at the peak stress level, and
then the first crater was generated as shown in Figure 10(c).
As loading continued, rock block on top of holes fell, which
resulted in right-upper tensile crack. And extrusion between
upper and lower blocks brought about surface fragment
spalling (Figure 10(d)). Consequently, a second crater was
formed as shown in Figure 10(e). /e second crater was
much bigger than the first one.

For THSF-30 and -60 specimens, an obvious cracking
process was observed, but for THSF-90, no crack was
generated around 90° flaw, but a crater was created. Basically,
due to unequal fall of the upper block, a tensile crack at the
upper right corner was generated for 30°, 60°, and 90°
specimens. For 0°, 30°, and 60° specimens, a shear crack was
generated at the left upper block, and a tensile crack was
generated in right lower because of extrusion. Eventually,
circles became small after specimen failure due to axial
compression.

4. Discussions

Open flaws and circular holes within rock specimens can be
considered as defects. Existence of these defects may change
internal stress distribution within rock specimens under
loading. In this study, flaw location, flaw number, and in-
clination angle were changed to investigate the effect of these
factors on cracking process. Some differences and similar-
ities can be identified in the failure process of various flawed
specimens. According to the analysis of the failure process of
all specimens, the following four typical failure stages were
summarized.

4.1. First Failure Stage: Rock Crumb Flaking. Rock crumb
flaking was firstly observed in the whole failure process of all
holey specimens, Rock crumb flaking was firstly observed in
the whole failure process of all holey specimens. It merely
occurred at midpoint of sidewalls of both single-hole and
two-hole specimens, but did not occur at top edge or bottom
edge of open holes, and even around open flaw. /is failure
phenomenon was regarded as the first failure stage. Outlet
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Figure 8: Final failure of the THSF-0 specimen: (a) stress-strain curve of THSF-0; (b) rock crumb flaking; (c) ligament crush; (d) complete
failure.
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stress concentration in elasticity theory can be used to ac-
count for rock crumb flaking that occurred at certain lo-
cation. Under uniaxial compression, the maximum internal
stress concentrated at sidewalls. So the zone that maximum
stress located was coincided with the site where rock crumb
flaked off. As a matter of fact, in rock tunnel engineering
under high geostress, rock fragments still flaked off from
inwalls, which is often regarded as a precursor of rock burst.
Note that rock crumb flakingmentioned in the present study
was observed under uniaxial compressive loading.

4.2. Second Failure Stage: Crack Initiation and
Propagation. Nomatter whether flaws were existed or not, in
the early loading phase, rock crumb flaked off at internal stress
concentrated locations, which indicated that the flaw
arranged outside of open hole hardly changed maximum
stress location. Actually, failure around open hole was also
associated with the height-to-length ratio, diameter-to-length
ratio, and specimen width. When flaw was located within the
stress concentrated zone, during loading, stress concentration
also occurred at flaw tips, which was indicated by crack
initiation at flaw tip. But obviously, crack initiation around

open flaw was later than rock crumb flaking around circular
hole. When two flaws were located on both sides of hole,
tensile crack initiating at flaw tip can be observed except the
SHTF-90 specimen. For the SHTF-60 specimen, crack firstly
initiated at flaw tip, then propagated towards hole side edge,
and finally coalesced on surface. Basically, no crack initiated
around open hole. In addition, at the moment that the
specimen completely failed, that is, rock burst, several cracks
were generated, such as SHTF-30, -60, and -90.Moreover, due
to extrusion between rock fragments, new shear or tensile
cracks were generated, which mainly occurred after peak
strength, such as THSF-0, -30, and -60 specimens.

4.3. =ird Failure Stage: Rock Burst. Excavation in natural
rock masses under high geostress may result in rock burst,
Excavation in natural rock masses under high geostress may
result in rock burst. Rock fragments often eject out. As
described previously, rock burst was basically observed in all
specimens except intact block, SHTF-0 and THSF-0 speci-
mens. Rock burst mainly occurred at the stress-concentrated
zone because arrangements of flaw and hole were various for
all hole-existent specimens, and the maximum internal
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Figure 9: Failure process of the THSF-60 specimen: (a) stress-strain curve of THSF-60; (b) rock crumb flaking; (c) rock burst; (d) ligament crush.
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stress for each series of specimens was various. So the in-
tensive degree of burst was various. Generally, rock burst
occurred around open hole, and rock blastedmore intensively
for single-hole-existent-only specimens. For instance, rock
fragments ejected out as shown in Figure 3.

4.4. Fourth Failure Stage: Second Rupture. /e axial stress of
most tested specimens reached peak strength at the moment
of rock burst, but after peak strength, the ligament zone of
some specimens was still able to bear loading to some degree
as loading continued. In this situation, rock within the
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Figure 10: Failure process of the THSF-90 specimen: (a) stress-strain curve of THSF-90; (b) rock crumb flaking; (c) burst-induced crater;
(d) surface rock spalling; (e) complete failure.
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ligament zone may be further crushed which was called
second rupture. Rock burst and burst-induced crack was
regarded as first rupture. Obviously, as shown in the failure
figures, second rupture just was observed in several speci-
mens, which mainly occurred in the tests of SHTF-60 and
THSF specimens, especially for SHTF-60 and THSF-90 as
shown in Figures 5(e) and 10(e), respectively. Sometimes,
rock burst created a small crater and second rupture created
a bigger one. For THSF-0, -30, and -60 specimens, ligament
rock was crushed in second rupture. Second rupture may
slightly increase axial stress after peak strength because of
resistance from ligament rock. Second rupture was observed
only in case that continuous loading was applied after first
rupture.

/e experienced failure stages for all hole-and-flaw-
containing specimens were summarized. As shown in Table 2,
the first stage was essential for all hole-existent specimens re-
gardless of existence of flaw and flaw location arranged in the
present study. /e second failure stage was mainly observed for
the flaw inclination angle of 0° or 30° in the case of SHTF
specimens. Additionally, in the loading process of THSF-30, -60,
and SHTF-60 specimens, it also can be observed. Note that it did
not occur when the flaw inclination angle was 90°. /e third
failure stage was commonly observed which disabled holey
specimens. /e fourth failure stage only occurred in a few
specimens. In addition, surface rock spalling phenomenon was
observed in most specimens during loading. It mainly occurred
at stress concentration zones, inducing by rock burst or extrusion
between rock blocks.

High-compressive stress concentrates at hole side edges,
and tensile stress may concentrate at top and bottom edges.
Stress magnitude is directly related to the applied external
loading. Concentrated tensile stress is much smaller than
concentrated compressive stress around hole. As stated above,
different combinations of hole and flaw may experience
various failure stages. For SHWF and THWF specimens,
rupture merely occurred at sidewalls, and the two cases ex-
perienced failure at Stage I and II only, that is, rock crumb
flaking and rock burst. On the basis of hole-containing-only
specimens, premanufactured flaw may disturb internal stress
distribution which may be different from that of SHWF and
THWF specimens under external loading. Stress distribution
depended on flaw arrangement. In the case of THSF speci-
mens, failure at sidewalls of two holes is similar to that of
single-hole case. Failure around midflaw is related to the flaw
inclination angle and ligament.

For brittle materials, according to Griffith [50], stress
concentrates at flaw tip. When strain energy accumulates to
some degree, which exceeds tensile strength of brittle ma-
terial, crack initiates at flaw tip and then propagates along the
direction perpendicular to maximum tensile stress at tip. It
well explains that crack often initiates at flaw tip as observed
in Figures 4 and 5. Open hole greatly changes internal stress
distribution relative to intact specimen, top flaw is located at
nonstress concentration area, and during compressive load-
ing, top flaw scarcely forms stress concentration at flaw tip.
For SHTF specimens, two open flaws were located at stress
concentration area, flaw resulted in stress redistribution
relative to the SHTF specimen, and flaw tip formed stress

concentration, so visible cracks were generated at flaw tips
during loading. For THSF specimens, middle flaw was also
located in the stress concentration area of two holes. Flaw also
formed stress concentration at tips, so cracks initiated and
propagated for THSF-30 and -60. Due to short ligament
between inner edge and flaw tip for THSF-0, ligament was
directly crushed, so no crack initiated. When α� 90°, crack
never initiated due to the small angle between flaw inclination
angle and maximum principal stress at flaw tip. So among the
tested cases, flaw located in stress concentration dramatically
influenced failure process, especially failure Stage II.

As known, friction effect exists on the interface between the
platen and sample end. It affects the stress distribution in
sample under compressive loading. Generally, painting lubri-
cant or adding plastic plate between the sample end and platen
is used to decrease friction effect. If the stiffness of the added
plate is smaller than that of the rock sample, tensile stress may
be induced. Certainly, complete avoiding end effect is quite hard
except that the platen stiffness is equal to rock sample stiffness.
In the current test, lubricant was used to decrease friction effect,
and the painted lubricant is thin. Furthermore, the sample ends
are smoothly machined. In the duration of whole loading, no
tensile failure phenomenon was observed around sample ends.
So it can be regarded as that tensile stress hardly occurs at
sample ends. Even though tensile stress was induced close to the
sample end, it was small and could not destruct the sample.

5. Conclusions

In a sandstone specimen, open flaws and cylindrical holes
were created using high-pressure water jet cutting technology.
/rough changing the relative location and number of flaws and
holes, various flawed specimens were made. Uniaxial com-
pressive tests were performed to investigate the failure process of
flawed and holey specimens. /e following conclusions can be
established from the presented results in this study:

(1) For hole-existent specimens without flaw, rock
crumb flaking was firstly occurred at sidewalls, and
its failure was blast-induced and usually created
crater at stress-concentrated zone. Under uniaxial
compression, open hole remarkably disturbed in-
ternal stress distribution, especially at sidewalls of
hole, which resulted in rock crumb flaking.

(2) Rock burst was the major failure mode and generally
observed but not in the intact block, SHTF-0 and
THTF-0 specimens. Occurrence of rock burst, which

Table 2: Category of experienced failure stages.

Stage I Stage II Stage III Stage IV

SHTF

0 ★ ★ ☆ ☆
30 ★ ★ ★ ☆
60 ★ ★ ★ ★
90 ★ ☆ ★ ☆

THSF

0 ★ ☆ ☆ ★
30 ★ ★ ★ ★
60 ★ ★ ★ ★
90 ★ ☆ ★ ★

Note. ★� experienced; ☆�Non-experienced.
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usually companied with huge sonic, generated crater
around open hole and made rock fragment eject out.

(3) In the series of SHTF specimens under uniaxial
compression, rock crumb flaking was firstly observed
in the process of loading. For SHTF-0 and -30
specimens, tensile cracks initiated at flaw tips, which
was not observed for SHTF-60 and -90 specimens.
Rock burst occurred except for the SHTF-0 speci-
men, which generated crater for SHTF-60 and -90
specimens. Some new shear or tensile cracks were
induced by rock burst or rock fragment extrusion.

(4) In the case of THSF specimens under uniaxial com-
pression, stress concentrationmainly occurred between
two open holes, and secondarily at outer sidewalls. Rock
crumb flaking was firstly observed at internal sidewalls
and then outer sidewalls. For the THSF-0 specimen,
ligament zones between internal sidewall and adjacent
flaw tip were easily crushed. For THSF-30 and -60
specimens, crack initiated at internal sidewall and
propagated and finally connected sidewall and adjacent
flaw tip, which did not occur for the 90° specimen. For
THSF-90 specimens, slight rock burst occurred at the
ligament zone and generated a small crater, but
eventually a big crater was created due to extrusion
between upper and lower blocks after first crater
generation. Some tensile and shear cracks were gen-
erated for THSF specimens during upper block decline.
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-e influence of acid solution and immersion time on the physicomechanical properties of sandstone is investigated. Uniaxial
compression tests on sandstone samples are conducted to determine the variations of relative mass, deformation, and strength
characteristics of sandstone subjected to different pH sulfuric acid corrosion values. -e changes of pH and Mg2+ and Ca2+

concentration of immersion solutions are monitored during soaking.-e corrosion mechanism of sandstone attacked by the acid
solution is discussed with the results of SEM tests. Based on the nondestructive CT scanning test, the damage variables of acid-
corroded sandstone are deduced, and the damage degree of sandstone is quantitatively analyzed. -e results indicate that the
deformation characteristics of sandstone samples under acid attack are characterized by the softening of rock, and the softening
degree gradually increases with the increase of the acidity and the soaking time.-e peak strength of sandstone samples declines as
soaking time extends. -e chemical effects lead to a large amount of dissolution of the rock mineral assemblage, resulting in the
large-scale development of the pores inside the rock, which changes the macroscopic mechanical properties.-e damage variables
of acid corrosion sandstone based on CTnumbers are deduced, and the quantitative relationship between damage variables and
immersion time is established, which provides a basis for constructing a damage constitutive model of sandstone in the
acidic environment.

1. Introduction

With the deterioration of environmental pollution, acid
deposition has a serious impact on human activities. Acid
rain, one of the main products of acid deposition, has
various influences on the physical, chemical, and mechanical
properties of rock materials. -e deterioration of rock
properties caused by acid rock interaction is a slow chemical
process, which leads to the change of the mineral compo-
sition, microstructure, and mechanical properties of rock,
resulting in poor engineering effects.

In recent years, many achievements have been made in
the research on the influence of acidic environment on the
physical and mechanical properties of rocks. Chen et al. [1]
had carried out microscopic mechanical tests on the uniaxial
compression fracture process of rocks under chemical

corrosion, discussed the corrosion effect of different chemical
solutions on uniaxial compression strength of rocks, and
analyzed the microfracture characteristics and corrosion
mechanism of rock under chemical etching. By simulating the
indoor corrosion test under acidic environment, Huo et al.
[2, 3] studied the degradation of physicomechanical prop-
erties and established the constitutive model of acid-corroded
sandstone and sandstone-like materials. Xu et al. [4] and Li
et al. [5] had carried out shear strength tests of sandstones
subjected to different water chemical solution erosion. -e
mechanism of chemical damage of sandstone was discussed,
and the relationship between porosity and shear strength was
established. -e influence of hydrochemical corrosion on the
sandstone destruction, crack opening, and expansion di-
rection was obtained. Chen et al. [6], Ding et al. [7], Han et al.
[8], and Gao et al. [9] had performed the physical and
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mechanical tests on the chemical corrosion and freeze-thaw
cycles of granite, limestone, sandstone, and red sandstone,
respectively. Physical and mechanical damage laws of rock
under the combined action of the freeze-thaw cycle and water
chemical solution were analyzed.Wang et al. [10, 11] andHan
et al. [12] had studied the effect of chemical solution soaking
onmechanical properties of sandstone by uniaxial and triaxial
compression tests. -ey found that the mechanical properties
of sandstone decrease obviously after chemical corrosion, and
it is closely related to the change of porosity. -e conclusion
was drawn that the elastic modulus and compressive strength
decrease with the increase of immersion time and acidity.
-rough a series of core tests, He and Guo [13] studied the
failure of rock strength affected by different acid solutions
from macroscopic and microscopic perspectives. Zhang [14]
had investigated the macro- and mesodamage characteristics
of argillaceous sandstone under dry-wet cycles in acidic
condition. -e influence of dry-wet cycles and the acid so-
lution on the mechanical parameters of argillaceous sand-
stone was analyzed. Ding et al. [15] had studied the
mechanical damage characteristics and chemical dissolution
behaviour of limestone under different chemical solutions. A
time-dependent corrosion equation of uniaxial compressive
strength of limestone was developed under various chemical
solutions. Chemical dynamic erosion equations of limestone
were developed. Xie et al. [16] had carried out conventional
triaxial and rheological tests on natural limestone and che-
mically etched porous limestone, respectively. -ey analyzed
the effects of chemical corrosion on the pore-changing and
aged mechanical properties of limestone. Currently, the study
of microscopic damage to rock by CT nondestructive testing
technology is gradually emerging [17, 18]. Yang et al. [19]
applied the CT detection technique for the study of rock
damage characteristics, established a mathematical model of
CT number distribution in damaged rock, and deduced a
formula for expressing the rock damage variables by CT
numbers. Liu et al. [20, 21] used the digital image processing
technique to analyze the CT images of rocks under different
temperatures, achieved the pseudocolour enhancement and
histogram analysis of the frozen rock CT images, and com-
pleted the digital representation of the frozen rock ice content,
frozen water content, and damage information. -rough the
full-section CTscanning test of three sandstone with different
initial microstructure, Fu et al. [22] investigated the evolution
mechanism of the microscopic damage of the rock samples
under the action of the wet-dry cycles and obtained the
damage evolution equation of sandstone.

Reviewing the literature, the current research results
mainly focus on the influence of chemical solution on
macroscopic mechanical properties of rocks, lacking re-
searches on the influence of accelerated corrosion on rock
physicomechanical properties for a long time, and the rock
damage analysis based on CTdigital image processing is still
rare. Against this background, in this paper, the common
sandstone in water conservancy and civil engineering is
taken as the research object. Based on the uniaxial com-
pression test, the macroscopic mechanical properties of
sandstone under acidic environment are systematically
studied.-e mechanism of acid rock interaction is discussed

by SEM tests and the change of Mg2+ and Ca2+ concen-
tration of immersion solutions.-e damage variables of acid
corrosion sandstone based on CTnumbers are deduced, and
the quantitative relationship between damage variables and
immersion time is established, which provides a basis for
constructing the damage constitutive model of sandstone in
the acidic environment.

2. Experimental Program

2.1. Materials. -e sandstone specimens used in the tests
were sampled from the water conservancy project in Shanxi
Province, China, where the sandstone samples have high
homogeneity and integrity. -e X-ray diffraction test iden-
tified that the name of the sandstone is green-grey fine-
grained calcareous feldspar sandstone. Table 1 summarizes
the main features. Figure 1 shows the microstructure of the
sandstone sample.

-e sample was processed into a cylinder with a diameter
of 50mm and a height of 100mm, and the basic dimensions
and machining accuracy were in line with Standard for Tests
Method of Engineering Rock Masses [23]. Before the test,
the samples were sonic tested. -e specimens with a large
difference in wave velocity were excluded, and the sandstone
samples were grouped according to the longitudinal wave
velocity. A total of 28 sandstone specimens were selected and
divided into three groups. Grouping and soaking of the
sandstone samples are shown in Table 2.

Table 1: Debris components and contents.

Cutting composition Content (%)
Quartz 58
Feldspar 11
Calcite 5
Mica 3
Chlorite 1
Siliceous cuttings 6
Limestone cuttings 2
Cement 7
Clay 3
Heavy minerals Occasionally

Quartz

Debris

Feldspar

Mica
Carbonate

Figure 1: Microscope image of the sandstone sample.
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2.2. Test Methods. In this paper, pH� 1 and 3 sulfuric acid
solutions (H2SO4) were used to simulate the acidic envi-
ronment. -e sandstone specimens were immersed and
etched at room temperature and atmospheric pressure. -e
experiment was divided into six phases, every 30 days for one
phase. To observe the significant changes of the corroded
sandstone samples in a relatively short period, the immer-
sion solution was renewed every 30 days during the test (no
change of the type and pH of the replacement solution).
Before soaking in the solutions, the samples were photo-
graphed, and the initial mass of the samples was weighed
(Figure 2). -en, the samples were placed in the configured
two kinds of solution. A reagent bottle with a volume of 3 L
was used to avoid evaporation. -e pH and ion concen-
tration of Mg2+ and Ca2+ of the solution and the mass of the
samples were measured periodically. Uniaxial compression
strength following GB/T50266-2013 [23] of the specimens
after being subjected to acid attack was tested at 30, 90, and
180 days. SEM and CTscanning tests were conducted on the
sandstone samples at the same time.

2.3. Test Apparatus. -e pH test equipment and ion con-
centration test equipment used in the experiment are Leica
PHS-3C and Metrohm 792 Basic IC, respectively. -e
weighing instrument is electronic balance JA12002 with a
dividing value of 0.01 g. -e oven is WGL-30B with a
temperature range of room temperature plus 5∼300°C. -e
uniaxial compression tests were conducted in a LETRY
electrohydraulic rock pressure testing machine (Figure 2).
-e maximum axial load was 1500 kN. Japan JSM-7500F
electron microscope equipment (Figure 3) was used to
obtain SEM images of the samples. Philips Brilliance 16
spiral CT machine (Figure 4) was used to obtain the CT
images of the samples.

3. Results and Discussion

3.1. Change Law of pH Values of the Soaking Solution.
-e variation curves of the pH values of the soaking solution
in different stages are shown in Figures 5(a) and 5(b). It is
observed in the figures that the pH values of the soaking
solution show an increasing trend first and then tend to be
stable with the lengthening of soaking time. -e acidity of
the soaking solution becomes balanced gradually in the
process of rock being acidified. -e pH value of the soaking
solution increased rapidly in the initial soaking period
(0∼15 d), which increased to 2.85 and 4.22 at the first stage
for sulfuric acid solutions with pH� 1 and 3, respectively,
indicating that the chemical reaction between the samples
and acid solution is fierce during the first 15 days of im-
mersion. With the increase of immersion time and length-
ening of the infiltration path, the pH value of the solution
increased gradually and then tended to be stable, indicating
that sulfuric acid had visible time effect on the chemical
corrosion of sandstone. For the different acid soaking

Table 2: Debris components and contents.

Group number Immersion state Sample number Wave velocity range (m/s) Mass range (g)
1 Natural #1∼4 2467∼2775 529.67∼534.8
2 pH� 1 H2SO4 #5∼16 2416∼2477 523.93∼533.08
3 pH� 3 H2SO4 #17∼28 2941∼2973 522.69∼528.92

Figure 2: Uniaxial compression test.
Figure 3: SEM test.

Figure 4: CT test.
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solution, the change law of pH in each stage is the same. It can
be seen from the growth of the pH value that the smaller the
pH value of the initial solution (the stronger the acidity), the
more severe the chemical reaction of acid rock, the greater the
change in the pH value.

3.2. Change Law of Masses of Sandstone Samples. During
soaking, the samples were taken out from the solution every
10 days, and the surface water of the samples was wiped off
with a cotton cloth, and then the samples were left in the air
for 5 minutes to ensure that the liquid is volatilized and
dried. -ey were weighed in an electronic scale and the
values were recorded; after that, they were kept in an oven
for drying (24 h, 105°C), and then they were taken out and
weighed. -e mass of some of the samples is shown in
Table 3.

To analyze the variation of sample mass quantitatively,
mass change rate of the acid-corroded sandstone sample is
defined as follows:

M �
M0 −Mt

M0
× 100%,

W �
Mts −M0

M0
× 100%,

(1)

where M and W are the mass change rates of the dry samples
and wet samples, respectively; M0, Mt, and Mts are the
weight of the samples in natural, weight of the dry samples
after soaking for t days, and weight of the wet samples after
soaking for t days, respectively.

-e variation curves of the relative mass change rate of
the sandstone samples before and after drying are shown in
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Figure 5: Variation curves of the pH values of sulfuric acid solution with time: (a) pH� 1 and (b) pH� 3.

Table 3: Mass change of the sandstone samples soaked in acid solution.

T (days) 0 30 60 90 120 150 180

pH� 1 H2SO4

Sample #6 m (wet) 529.60 539.42 538.36 537.42 536.62 536.09 535.54
m (dry) 528.32 527.28 526.29 525.52 524.96 524.52

Sample #11 m (wet) 530.25 540.04 539.07 538.12 537.27 536.79 536.13
m (dry) 529.01 527.87 526.96 526.09 525.56 525.17

Sample #15 m (wet) 532.42 542.33 541.17 540.23 539.48 538.89 538.45
m (dry) 531.10 530.13 529.06 528.38 527.79 527.30
W (%) 0.241 0.438 0.625 0.771 0.876 0.959
M (%) 1.854 1.654 1.476 1.325 1.225 1.121

pH� 3 H2SO4

Sample #18 m (wet) 530.34 538.93 538.24 537.58 537.02 536.48 536.01
m (dry) 529.45 528.82 528.13 527.54 526.98 526.58

Sample #22 m (wet) 531.16 539.73 539.05 538.46 537.91 537.26 536.98
m (dry) 530.23 529.70 528.94 528.27 527.75 527.41

Sample #26 m (wet) 532.48 541.13 540.43 539.69 539.12 538.68 538.03
m (dry) 531.63 530.89 530.26 529.74 529.14 528.68
W (%) 0.167 0.286 0.416 0.527 0.633 0.708
M (%) 1.619 1.489 1.365 1.259 1.157 1.069
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Figures 6(a) and 6(b). As observed in the figures, the relative
mass change rate of the samples soaked in different pH
solutions shows different changing rules with prolonging the
soaking time. -e relative mass change rate of the wet
samples soaked in the sulfuric acid solution with pH� 1 and
3 increases rapidly at the initial soaking time (0∼15 d) and
then decreases gradually with the increase of soaking time
(Figure 6(a)). -is shows that the diffusion of the solution is
dominant during the initial reaction of acid rock reaction,
and the mass of the sample increases due to water ab-
sorption. With the samples gradually saturated, the chemical
corrosion plays a dominant role. -e sandstone mineral
components are hydrolyzed and dissolved, and the mass of
the samples decreases. However, the relative mass change
rate of the dry samples shows an increasing trend with the
extension of soaking time (Figure 6(b)), and the smaller the
pH, the greater the mass change rate of the dry samples. -is
means that the concentration of H+ in the soaking solution is
the main factor that determines the chemical reaction rate.
-e higher the concentration of H+, the more the mineral
components of the sample dissolved and the greater the
mass loss.

In the first three soaking stages (0∼90 d), the mass
change rate of the dry samples increases significantly during
the first 15 days of each stage (30 d) and then gradually slows
down (Figure 6(b)). -emass change rate of the wet samples
decreases significantly during the first 15 days of each stage
and then slows down gradually (Figure 6(a)). In the last three
soaking stages (90∼180 d), the mass change rate of samples
tends to be stable gradually. Experimental observation
showed that a large number of bubbles generated in sulfuric
acid solution with pH� 1 after 15 days of each soaking stage,
and then floccule is gradually generated around the samples.
However, only some bubbles formed in pH� 3 sulfuric acid
solution, and no floccule is produced (Figure 7). -e above

analysis shows that the acid rock reaction is severe at each
early stage (the first 15 days) and then tends to be stable over
time.

3.3. Analysis of Mechanical Properties of Sandstone in the
Acidic Environment

3.3.1. Influence of Acidic Environment on Deformation
Characteristics of Sandstone. -e sandstone samples were
taken out after 30, 90, and 180 days of immersion in the
acid solution for the uniaxial compression test.-e tests are
performed under a displacement-controlled mode with the
loading rate set at 0.002mm/s. -e test results and stress-
strain curves are shown in Table 4 and Figure 8, re-
spectively. As can be seen from Figure 8, the stress-strain
curve of sandstone can be divided into the following four
stages: compaction stage, elastic stage, plastic stage, and
failure stage.

(1) Compaction Stage. As can be seen from Figure 8 that the
concave length of the natural specimen is short and the degree
of deformation is small, it enters the elastic phase quickly.
However, the compression stage of the sample attacked by
acid solution increases obviously. Under the same immersion
time, the compaction stage of the acid-corroded sandstone
samples increased obviously, and the degree of depression
gradually increased with the decrease of the pH values of
the soaking solution. Under the same soaking solution, the
compaction stage of the sample increased obviously, and
the compaction point strain increased significantly with the
soaking time prolonging. It shows that with the increase of
acidity of the soaking solution and the prolongation of im-
mersion time, the pore development in sandstone becomes
more significant due to the dissolution of mineral particles,
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Figure 6: Mass change rate curves of the sandstone samples in different pH solutions: (a) wet samples and (b) dry samples.
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and the compaction stage of the stress-strain curve is more
obvious.

(2) Elastic Stage. With the increase of axial pressure, the rock
samples enter the elastic stage from the compaction stage. At
this stage, the slope of the straight line segment is the elastic
modulus E, and the smaller the E value, the more obvious
the softening phenomenon of the rock sample subjected to
acid corrosion. As can be seen from Table 4, the elastic
modulus of the acid corrosion sandstone samples decreases
to varying degrees compared with the natural state samples.
-e elastic modulus of the sandstone sample changes ob-
viously under the action of different pH solutions, and the
smaller the pH value of the solution, the larger the elastic
modulus change. After soaking for 180 days, the elastic
modulus of the sandstone samples subjected to acid solu-
tions decreased significantly. -e average value of the elastic
modulus of the samples under the action of the sulfuric acid
solution with pH� 3 reduced from 17.83 to 3.36GPa,

decreased by 74.17%. -e average value of the elastic
modulus of the samples subjected to the sulfuric acid solution
with pH� 1 lowered from 17.83 to 4.61GPa, decreased by
81.17%. -e above analysis shows that the enhancement of
acidity and the extension of soaking time will make the
chemical reaction of acid and rock more thoroughly, and the
softening effect of acid corrosion is more apparent.

(3) Plastic Stage. As can be seen from Figure 8, the plastic
deformation stage of the sample is not obvious. -e peak
point strain of the plastic deformation stage reflects the
deformation amount when the sandstone is damaged, and
the greater the deformation, the greater the degree of
softening of the sandstone by acid corrosion.-e axial strain
value of the peak point of the sandstone samples corroded by
acid solution can be seen from Table 4. Figures 9(a) and 9(b)
show the change rule of the axial strain of the peak point of
the samples with the pH value of the soaking solution and
soaking time, respectively. As can be seen from Figure 9(a)

pH = 1 H2SO4

Dense bubbles

(a)

pH = 1 H2SO4

Floccule

(b)

pH = 1 H2SO4

Dense bubbles

(c)

Figure 7: Experimental phenomenon of the samples in different pH solutions after soaking for 15 days.

Table 4: Uniaxial compressive test results of the sandstone samples subjected to acid corrosion.

Sample
state

Soak
solution

Peak
intensity, σc

(MPa)

(σn − σc)/σn × 100%
(%)

Axial strain at
peak point, εc

(10−3)

(εc − εn)/εn × 100%
(%)

Elastic
modulus, E

(GPa)

(En −E)/En × 100%
(%)

Natural 88.25 4.03 17.83

Soaking
for 30 days

pH� 1
H2SO4

58.14 34.12 5.38 33.50 12.42 30.37

pH� 3
H2SO4

61.29 30.55 5.09 26.30 13.55 24.03

Soaking
for 90 days

pH� 1
H2SO4

47.06 46.67 13.01 222.83 8.49 52.37

pH� 3
H2SO4

57.67 34.65 10.63 163.77 10.82 39.30

Soaking
for 180
days

pH� 1
H2SO4

34.28 61.16 21.02 421.59 3.36 81.17

pH� 3
H2SO4

54.39 38.37 13.17 226.80 4.61 74.17
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and Table 4, the axial strain of the peak point of the samples
increases gradually with the increase of the acidity of the
chemical solution at the same soaking time. As can be seen
from Figure 9(b) and Table 4, the axial strain of the peak
point of the rock sample corroded by acid also tends to
increase with the immersion time. After 180 days of soaking,
the peak point strain of the sample in the sulfuric acid solution
with pH� 1 and 3 was multiplied by 5.216 and 3.268 times,
respectively, than that of the sample in the natural state.

As can be seen from Figure 9 and Table 4, with the
increase of acidity and immersion time, the uniaxial
compressive strength of the acid-corroded sandstone speci-
men decreases, and the axial strain of the peak point in-
creases. -is indicates that the deformation characteristics
of the sandstone samples under acid attack are charac-
terized by the softening of rock, and the softening degree
gradually increases with the increase of the acidity and the
soaking time.

(4) Destruction Phase. Because of the strong brittleness of the
sandstone samples, the destruction of the sandstone samples
was often accompanied by a crisp sound, and the stress
dropped rapidly after the failure of the samples, so the
postpeak stage has not been obtained.

3.3.2. Influence of Acidic Environment on Strength Charac-
teristics of Sandstone. As can be seen from Table 4, the peak
strength of the samples in the natural state is the largest,
which is 88.25MPa, and the peak strength of the samples
decreases after the acid attack. After soaking for 30, 90, and
180 days, the peak strength of the sandstone samples sub-
jected to sulfuric acid solution with pH� 1 decreased by
34.12%, 46.67%, and 61.16%, respectively, and the peak
strength of the sandstone samples subjected to sulfuric acid
solution with pH� 3 decreased by 30.55%, 34.65%, and
38.37%, respectively. -e analysis shows that the peak
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Figure 8: Uniaxial compressive stress-strain curves for the sandstone samples attacked by acid solutions for different soaking days: (a) 30
days, (b) 90 days, and (c) 180 days.
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strength of the sandstone samples decreases with the in-
crease of immersion time and solution acidity, and the
degradation effect of peak strength is more obvious in a
strong acid solution.

4. Study on Acid Corrosion
Mechanism of Sandstone

4.1. Chemical Reaction Mechanism of Acid and Sandstone
Samples. -e change of macroscopic mechanical properties
of the sandstone samples subjected to the acid solution is the
result of the change of internal microstructure. At the initial
stage of soaking, the chemical reaction between acid and
rocks is mainly the ion exchange between H+ and mineral
components, which lead to the replacement of the cations of
mineral crystals and the dissolution and deterioration of
mineral components. With the depletion of H+, the chemical
reaction between the acid and rock gradually transforms into
mineral hydrolysis, and the reaction rate slows down. -e
solubility of clay mineral in the acidic solution will also be
greatly increased. Feldspar solubility in the acidic solution
will greatly increase, and the solubility increases with the
decrease of pH. -e corrosion degree of calcite, dolomite,
and other carbonate minerals increased significantly at
normal pressure and temperature. -e dissolution reaction
equation is as follows:

CaMg CO3( 2(Dolomite) + 4H+→Ca2+
+ Mg2+

+ H2O + CO2↑
(2)

CaCO3(Calcite) + 2H+→Ca2+
+ H2O + CO2↑ (3)

It can be seen from the above reaction mechanism that
the chemical reaction between sulfuric acid and sandstone
samples produces cations such as Ca2+ and Mg2+. To analyze

the dissolution rate of Mg2+ and Ca2+ in the soaking solution
quantitatively, which is defined as the ratio of the variation of
cation concentration and corrosion time after every ten days
of immersion, the following formula is used:

A �
Ct −C0

Δt
· V, (4)

where C0 is the initial concentration of cation (mg/L), Ct is
the concentration of cation after soaking t days (mg/L), V is
the volume of the soaking solution (L), and Δt is the time
difference before and after corrosion reaction (d).

As observed in Figure 10, the dissolution rates of Mg2+
and Ca2+ in two soaking sssolutions showed large change at
the initial soaking stage (0∼15 days) and then gradually
decreased with the increase of soaking time. Under the same
conditions, the smaller the pH value of the soaking solution,
the higher the rate of cation dissolution. For example, the
maximum dissolution rate of Ca2+ in the sulfuric acid so-
lution with pH� 1 is 8.07mg/d, which is 1.36 times that of
the sulfuric acid solution with pH� 3. -e dissolution rates
of Mg2+ and Ca2+ in two different solutions at each soaking
stage (30 days) were the same. -e dissolution rate of cation
in the initial immersion stage was higher and then decreased
gradually. Moreover, in the same soaking solution and
immersion stage, the dissolution rate of Ca2+ is larger than
Mg2+, which is the result of reaction of calcite and other
calcium fillings with the acid solution.

4.2. Microstructure Changes of Sandstone Samples before and
after Acid Attack. -e acid-corroded sandstone samples
were magnified 2000 times by scanning electron microscopy
(SEM). -e SEM images of the samples attacked by sulfuric
acid solution (pH� 3 and 1) and the SEM images of natural
sandstone samples are shown in Figures 11 and 12.
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Figure 9: Relationships between axial peak strains of samples and (a) pH of solutions and (b) immersion time.
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As can be seen from Figures 11(a) and 12(a), in the
natural state, the mineral crystals of sandstone are mostly
irregular flake-like or lump-like, and the mineral particles
are disorderly distributed without apparent directionality.
-e mineral particles are in point-like or linear contact with
each other, and the pores and fissures of the sample are
developed.-e SEM images of the sandstone samples soaked
in the pH� 3 sulfuric acid solution for 30 days (Figure 11(b))
show that the surface of the mineral crystal becomes rough
due to the dissolution. -e interlayer cementing materials of
the sandstone samples are dissolved, and the lamellar
crystals are decomposed after the acid attack. When soaked

for 90 days (Figure 11(c)), the surface of the mineral crystals
becomes rougher, the original large-size crystal particles in
the form of flakes and blocks no longer exist, and the dis-
solution holes appear on the surface of the crystals, which
make the rock pores increase. Compared with the pH� 3
sulfuric acid solution, the SEM images of the sandstone
samples attacked by the pH� 1 sulfuric acid solution (Fig-
ures 12(b) and 12(c)) show that the microstructure change
is more visible. Especially after soaking for 90 days (Figure
12(c)), the dissolution degree of mineral particles is severe,
the cementation degree between particles is worse, the initial
microcracks are fully developed, and the penetration of
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Figure 10: Cation dissolution rate diagram of soaking solution. Dissolution rate of Mg2+ in H2SO4 solution at (a) pH� 1 and (b) pH� 3.
Dissolution rate of Ca2+ in H2SO4 solution at (c) pH� 1 and (d) pH� 3.
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Figure 11: SEM images of the sandstone samples attacked by pH� 3 H2SO4 solution. (a) Natural sandstone sample. Sandstone samples
soaked in sulfuric acid solution at pH� 3 for (b) 30 days and (c) 90 days.
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Figure 12: SEM images of the sandstone samples attacked by pH� 1 H2SO4 solution. (a) Natural sandstone sample. Soaking in pH� 1
sulfuric acid solution for (b) 30 days and (c) 90 days.
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many small holes increases the connectivity of the porosity
of the specimen, thus forming a loose granular skeleton
structure.

-e above analysis shows that after the sandstone
samples are corroded by sulfuric acid, the mineral aggregates
and cement of the samples are dissolved and destroyed, the
particle size of mineral particles decreases, and the sec-
ondary pores and fissures of the samples develop obviously.

-is results in changes in the mechanical properties of the
sandstone samples.

5. Quantitative Calculation of Acid-Corroded
Sandstone Damage

Figure 13 shows the CT scanning images of the middle layer
of the sandstone samples in different stages immersed in two

(a) (b)

(c) (d)

(e) (f)

(g) (h)

Figure 13: CT images of the middle layer of the sandstone specimens subjected to sulfuric acid solution with different pH values for different
stages. (a) pH� 3 H2SO4 (0 day), (b) pH� 3 H2SO4 (30 days), (c) pH� 3 H2SO4 (90 days), (d) pH� 3 H2SO4 (180 days), (e) pH� 1 H2SO4
(0 day), (f) pH� 1 H2SO4 (30 days), (g) pH� 1 H2SO4 (90 days), and (h) pH� 1 H2SO4 (180 days).
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different pH solutions. It can be seen from Figure 13 that the
damage of the sandstone samples is obviously different when
immersed in the sulfuric acid solution at different pH values
for different periods of time, and the smaller the pH value of
the solution, the more serious the acid corrosion of the
sandstone samples. -e middle layer CT scanning images of
the sandstone specimen in different soaking stages (0, 30, 90,
and 180 days) of the pH� 1 sulfuric acid solution are se-
lected. -e CT value frequency distribution curves of the
samples are obtained by MATLAB based on the CT his-
togram technique, which is shown in Figure 14. As can be
seen from Figure 14, the peak shape of the frequency curve of
the CT value of the natural sandstone specimen showed
a unimodal distribution, which begins to appear a bimodal
distribution after 30 days of being acid-etched. With the
extension of the etching time, the second peak increases
gradually, and the peak difference gradually decreases.

Indicating that the damage of sandstone is not only the
original damage caused by material defect after acid cor-
rosion but also hollow damage caused by dissolution of
mineral particles. With the extension of corrosion time,
these damages become more and more dominant.

-e damage variable, as a measure of the damage degree
of the rock, indicates the decrease of the effective bearing
area of the rock sample due to the defects such as micro-
cracks in the process of corrosion damage. -e initial
damage characteristics of sandstone are the unimodal dis-
tribution [19] of CT numbers (Figure 14(a)). After being
acid-etched, the distribution of the CT number is bimodal
distribution (Figures 14(b)–14(d)). -e damage variable
formula based on the bimodal distribution of CT numbers
has been deduced [19].-en, the following assumptions [24]
are deduced to derive the formula of rock material damage
variables based on the bimodal distribution of CTnumbers:
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Figure 14: CTnumber distribution diagram of the sandstone specimens attacked by sulfuric acid solution (pH� 1) for (a) 0 day, (b) 30 days,
(c) 90 days, and (d) 180 days.
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(1) -e damage in the rock appears as holes, and the
holes are distributed randomly in the rock.

(2) -e area of one single hole in that CTresolution unit
is approximately equal, and v0 is used as the area of
the hole.

(3) -e number of voids is independent of each other in
mutually intersecting areas.

(4) -e probability that there are h holes in the body-
centred T domain is only related to t, not related to
T, and not constant to 1.

(5) -ere are only a limited number of holes in the finite
area T, that is, 

∞
k�0 ph(t) � 1.

(6) -e probability of appearing for one hole in the area t

is the higher order infinitesimal about T, that is,
limt→ 0(1−P0(t)−P1(t))/t � 0.

For the rock material whose CT frequency curve is
unimodal distribution, supposing the area of CT resolution
unit is t, the probability that the number n of holes in the
area t is k can be proved by the assumptions (2)–(5):

P(n � k) � e
−λt(λt)k

k!
, (5)

where λ is the mathematical expectation of the number of
holes per unit area.

If the density of nondestructive rock material is ρ0 and
the number of holes in the resolution unit is n, the average
density distribution in the resolution unit can be written as
follows:

ρ � ρ0 1− n
v0
v

 . (6)

For different resolution units, the distribution in (6) is
given by (5), and the expectation and variance of formula (6)
are obtained as follows:

E(ρ) � ρ0 1− λv0( ,

D(ρ) � ρ20
v20
t
λ,

(7)

where the E(ρ) and D(ρ) represent mathematical expec-
tation and variance, respectively, and the above two for-
mulas can be used to solve the problem of void area v0 and
void density λ as follows:

v0 �
D(ρ)t

ρ0 ρ0 −E(ρ)( 
,

λ �
ρ0 −E(ρ)( 

2

D(ρ)t
.

(8)

For v0 and λ within the unit area only, the damage
variable on the corresponding scan section is as follows:

D �
S− S1

S
�

S2

S
�

Av0λt

S
, (9)

where S is the cross-sectional area of rock scanning, S1 is the
effective area of the scanning section, S2 is the defect area of
the scanning section damage, A is that number of resolution
units in the scan section, and t is the area of the resolution
unit.

If the resolution of the CT device is w, then t � w2 and
A � S/w2, and D can be obtained as follows:

D � λv0 � 1−
E(ρ)

ρ0
. (10)

-ere are two types of damage in rock materials with the
bimodal distribution of CT numbers: damage caused by
material defects (characteristic distribution parameters are
λ1 and v01) and void damage caused by dissolution of
mineral particles (characteristic distribution parameters are
λ2 and v02). -e damage variable based on the bimodal
distribution of CT numbers can be written as follows:

D �
1
2

D1 + D2(  � 1−
E ρ1(  + E ρ2( 

2ρ0
. (11)

-e relationship between CTnumber and rock density is
known from [19] as follows:

ρ �
1000 + H

1000 + Hr
ρr, (12)

where H is the CTnumber of the damaged sandstone, Hr is
the CT number of the sandstone matrix material, and ρr is
the density of the sandstone matrix material.

Equations (11) and (12) can solve the damage variables of
the scanned cross section of acid-eroded sandstone based on
the CTnumber. -e calculated damage variables at different
corrosion stages of the middle scanning layer of the sand-
stone samples attacked by the sulfuric acid solution with
pH� 3 and 1 are shown in Table 5. It can be seen from
Table 5 that the chemical damage of the sandstone samples
in different soaking stages is different. With the increase of
acidity and corrosion time, the damage variable of the
sandstone samples shows an increasing trend, and the
stronger the acidity, the bigger the increase of the damage
variable.

Table 5: Damage variables of the intermediate scanning layer of the
sandstone samples at different time intervals in different solutions.

Solution type Soaking time (days) Damage variable (D)

pH� 3 H2SO4

30 0.1596
60 0.2189
90 0.2703
120 0.3112
150 0.3475
180 0.3698

pH� 1 H2SO4

30 0.2032
60 0.3098
90 0.3792
120 0.4207
150 0.4813
180 0.5372
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Fitting the damage variables can obtain the relationship
between the damage variable of acid-corroded sandstone
and the soaking time (Figure 15):

pH � 3 H2SO4: D(t) � 0.032t0.48 R2 � 0.942( ,

pH � 1 H2SO4: D(t) � 0.036t0.52 R2 � 0.968( .
(13)

-erefore, the damage variables of acid-corroded
sandstone can be expressed as

D(t) � αt
β
, (14)

where α and β are the chemical influence coefficients, which
are related to the type of acid and the pH value.

6. Conclusions

Based on the results of this study, the following conclusions
can be drawn:

(1) Under the acidic environment, the pH value of the
immersion solution and the mass change of the
sandstone samples have phased characteristics. -e
pH value of the solution increased rapidly at the
initial stage of each immersion phase (15 days) and
tended to be stable gradually with the prolongation
of soaking time. -e mass change rate of the wet
sandstone samples increased rapidly in the first 15
days of soaking and then gradually decreased and
stabilized. -e mass change rate of the dry sandstone
samples shows a tendency of increase during the
entire corrosion stage, and its growth rate gradually
decreased and stabilized.

(2) With the prolongation of immersion time and the
increase of solution acidity, the compaction phase of
the sandstone samples became longer, the elastic

phase became shorter, the axial strain of the peak
point increases, and the softening degree of the
sandstone samples enhances gradually. Compared
with the natural state, the acidic environment has an
apparent effect on the mechanical deterioration of
sandstone. -e peak intensity of sandstone after
attacking 180 days by the sulfuric acid solution with
pH� 1 and 3 decreased by 61.16% and 38.37%,
respectively.

(3) -e action of the acid solution can not only dissolve
interlayer cement of sandstone but also dissolve and
decompose the large-size mineral aggregates, which
leads to the large-scale development of the pores in
the rock and changes its macroscopic mechanical
properties.

(4) Based on the bimodal distribution of CT value
histogram, the damage variables of sandstone in the
acidic environment are deduced. -e quantitative
relationship between damage variable and corrosion
time is established, which provides a basis for con-
structing the damage constitutive model of sand-
stone subjected to acid corrosion.
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Destress drilling method is one of the commonly used methods for mitigating rock bursts, especially in coal mining. To better
understand the influences of drilling arrangements on the destress effect is beneficial for rock burst mitigation. 2is study first
introduced the rock burst mitigation mechanism of the destress drilling method and then numerically investigated the influences
of drilling arrangements on the mechanical properties of coal models through uniaxial compression tests. Based on the test results,
the energy evolution (i.e., the energy dissipation and bursting energy indexes) influenced by different drilling arrangements was
analyzed. When the drilling diameter, the number of drilling holes in one row, or the number of drilling rows increases, the
bearing capacity of specimens nonlinearly decreases, but the energy dissipation index increases. In addition, the drilling diameter
or the number of drilling holes in one row affects the failure mode weakly, which is different from that of the number of drilling
rows. Consequently, the bursting energy index decreases as increasing the drilling diameter or the number of drilling holes in one
row, but as increasing the number of drilling rows, the variation law of bursting energy index is not obvious. At last, the
influencing mechanism of drilling arrangement on the rock burst prevention mechanism of the destress drilling method was
discussed and revealed.

1. Introduction

With the worldwide economic and social development, the
shallow mineral resources are gradually depleted, and the
depth of mining or tunnelling is deeper and deeper [1–4].
Rock burst has become one of the serious dynamic disasters
in deep exploitation [5–10]. According to the statistics, there
were more than 140 coal mines threatened by rock bursts in
China [11]. Fortunately, scholars have achieved a series of
significant achievements related to rock bursts in mechanisms,
monitoring, and warning techniques, and preventing and
controlling techniques [12, 13]. Despite decades of researches,

some aspects still need to be improved, and its control remains
a critical research point.

2e commonly used mitigation methods include destress
blasting performed in coal seams and compete rock layers,
water infusion of coal seam, and destress drilling [14, 15].
Among these methods, the destress drilling method also has
become popular due to its convenient construction in China
[11, 16], and scholars have done lots of work related to destress
drilling. Regarding the experimental and numerical researches,
Liu et al. [11] studied the relief mechanism of destress dril-
ling for rock burst prevention through laboratory tests and
proposed a method for determining the drilling parameters;
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Jia et al. [17] researched the destress mechanism of large-
diameter drilling by laboratory and numerical studies; and Liu
et al. [18], Li et al. [19], and Yi et al. [20] numerically researched
the diameter, space, and length of the drilling hole on the
destress effect. Regarding the theoretical and field researches,
Zhu et al. [16] proposed an energy dissipation index method
for determining drilling parameters, and Song et al. [21] and
Ma et al. [22] researched the collaborative control of destress
drilling and roadway support.

Above researches mainly focus on the destress mechanism
and on the destress effect by comparing parameters, but the
drilling arrangement also has an essential influence on the
destress effect of the drilling method. However, there are few
literatures trying to reveal the influences of drilling arrange-
ments on the destress effect of the drilling method system-
atically. 2erefore, this paper first introduced the rock burst
mitigation mechanism of destress drilling performed in coal
seams. 2en, we numerically investigated the influences of
various drilling arrangements, including the drilling diameter,
the number of drilling holes in one row, and the number of
drilling rows, on the mechanical properties of coal models.
Based on the test results, the energy evolution influenced by
various drilling arrangements and their influencing mecha-
nisms on the destress effect of the drilling method were an-
alyzed and discussed. 2is study can provide a basic reference
for understanding the influences of drilling arrangements on
the destress effect of drilling method.

2. Rock Burst Mitigation Mechanism of
Destress Drilling Method

As one of the widely usedmethods for mitigating rock bursts
in China, the destress drilling method is that drilling
boreholes with large-diameters in the stress or possible stress
concentration areas in coal seams. When drilling boreholes
in the stress concentration area, X-shape areas of plastic
deformation will form around these holes [23]. If the density
of drilling boreholes is high enough, these plastic areas will
be connected each other and thus a larger destressed area
will form, leading to the transfer of high stress concentration

area into the deep coal wall, as shown in Figure 1. Generally
speaking, the destress drilling method mainly functions
through stopping the formation or mitigating the stress
concentration of high stress concentration areas [11]. When
it is used for premitigating stress concentration, its pre-
vention mechanism of rock bursts is changing the me-
chanical parameters of coal/rock and decreasing its ability of
strain energy accumulation; when it is used for preventing
rock bursts, its prevention mechanism is dissipating the
accumulated strain energy and increasing the resistant force.

3. Numerical Investigation of Influences of
Drilling Arrangements on the Mechanical
Behavior of Coal Models

3.1. Discrete Element Model

3.1.1. Microbond Model. In PFC2D, there are two kinds of
failuremodes between particles, that is, the shear failure and the
tension failure. It has two different bondmodels—contact bond
model (CBM) and parallel bondmodel (PBM)—generally used
for simulating granular materials and compact materials,
respectively. 2ere are two advantages for the PBM: first,
parallel bonds can transmit both forces and moments
between particles; second, bond breakage can lead to im-
mediate decrease in macrostiffness. 2us, the PBM can be
more realistic for simulating rock materials because the bonds
can break in either tension or shearing as the stiffness reduces
[24]. In this paper, we chose the PBM to carry out the numerical
simulation.

3.1.2. Numerical Specimens with VariousDrilling Arrangements
and Simulation Procedure. 2e height and width of numerical
specimen were 100mm and 50mm, respectively [25]. 2e
numerical specimen was discretized into 11,693 particles. 2e
particle size followed a uniform distribution varying from 0.3
to 0.4mm.2e density was about 1600 kg/m3. After generating
the specimen, we established coal models with various dril-
ling arrangements by deleting ball particles. 2e drilling ar-
rangement mainly includes three parameters, that is, drilling
diameter, number of drilling holes in one row, and number of
drilling rows. Since this paper mainly researches the influences
of drilling arrangements on the destress effect in detail, three
kinds of test schemes were designed; that is, scheme I con-
sidering the influence of drilling diameter, scheme II con-
sidering the influence of the number of drilling holes in one
row, and scheme III considering the influence of the number
of drilling rows, as shown in Figure 2. In scheme I, the
numbers of drilling holes and drilling rows are all set to 1 while
the drilling diameter varied from 3 to 10mm, as shown in
Figure 2(a); in scheme II, the number of drilling rows and the
drilling diameter are set to 1 and 3mm, respectively, while the
number of drilling holes in one row varied from 1 to 4, as
shown in Figure 2(b); in scheme III, the number of drilling
holes and the drilling diameter are set to 3 and 3mm, re-
spectively, while the number of drilling rows varied from 1 to
4, as shown in Figure 2(c). Detailed description of test schemes
is listed in Table 1.
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Figure 1: Sketch of destress drilling in coal seam.
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An external displacement was applied on the top of the
specimen in the axial direction.2e loading rate must be low
for ensuring that the specimen remained in a quasistatic
state throughout the simulation process. Zhang and Wong
[26] researched the influence of loading rate on the me-
chanical behavior of specimens containing prefissures,
which showed that the crack initiation stress, and uniaxial
compressive strength remained steady when the loading rate
increased from 0.005m/s to 0.08m/s. 2erefore, the loading
rate of 0.05m/s was chosen in this numerical simulation, and
the loading was applied until the failure occurred.

3.2. Confirmation for Microparameters of Rock-Like Material

3.2.1. Confirming Method for Microparameters. Determining
the microparameters for numerical simulation is difficult by
experiment, but it is essential to establish a correlation
between the macrobehavior and microparameters for vali-
dating the particle properties used in numerical specimens.
2e macrobehavior includes the stress-strain curve, peak
stress, elastic modulus, and failure mode [27–29]. 2e trial
and error method was used in confirming the micro-
parameters. 2e macrobehavior of coal material obtained by
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Figure 2: Schematic diagram of test schemes. (a) Specimens with different drilling diameters. (b) Specimens with different numbers of
drilling holes. (c) Specimens with different numbers of drilling rows.
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experiment was used to calibrate the microparameters. After
each trial, the macroscopic results obtained by the numerical
simulation were used to compare with the experimental
results. 2is process was repeated until the numerical results
were similar to the experimental results.

2e microparameters used in the PFC2D model are listed
in Table 2. 2e elastic modulus of the particle is 0.45GPa. 2e
ratio of normal to shear stiffness of the particle and the parallel
bond is 2.5. 2e particle friction is 0.5. 2e values of parallel-
bond normal strength (σn) and parallel-bond shear strength
(τn) are 10.5MPa and 8.75MPa, respectively.

3.2.2. Calibration of Microparameters by Experimental
Results. 2ecomparison between experimental and numerical
stress-strain curves under uniaxial compression is shown in
Figure 3. It can be seen that both the numerical curve and
the experimental curve include elastic deformation stage,
crack initiation and growth stages, and unstable failure
stage. However, the experiment specimen also has the stage

of compaction and nonlinear deformation at low stress
levels, which are not observed in the numerical specimen.
2is is because the experimental specimen contains primary
cracks, pores, and voids.

2e comparison of mechanical parameters between the
experimental results and the numerical results is listed in
Table 3. In Table 3, σc is defined as the uniaxial compressive
strength, and E refers to the slope of the linear part of the
stress-strain curve. In accordance with Table 3, it shows
clearly that the simulated peak stress and elastic modulus are
almost equal to those obtained by the experiment.

2e comparison between the experimental and nu-
merical failure modes is depicted in Figure 4. Figure 4 il-
lustrates that the failure mode of rock-like specimen is axial
splitting under numerical simulation, which is similar to that
obtained by experiment. 2e comparisons shown in Figures
3 and 4 calibrate the rightness and reasonability of micro-
parameters used in Table 2.

3.3. Numerical Results

3.3.1. Overall Stress-Strain Curves. Stress-strain curves of
specimens with different drilling arrangements under uni-
axial compression are shown in Figure 5. In accordance with
Figure 5, we can conclude that the compression strength of
specimens decreases gradually as increasing the drilling
diameters, the number of drilling holes in one row, or the
number of drilling rows, which will be analyzed in detail in
the following sections.

Table 4 lists the mechanical properties of specimens with
different drilling arrangements, that is, the uniaxial compressive

Table 2: Microparameters used in the PFC2D model.

Microparameters Values
Elastic modulus of the particle, Ec (GPa) 0.45
Parallel-bond radius multiplier 1.0
Ratio of normal to shear stiffness of the particle, kn/ks 2.5
Ratio of normal to shear stiffness of the parallel bond,
kn/ks

2.5

Particle friction coefficient, μ 0.5
Parallel-bond normal strength, σn (MPa) 8.75
Parallel-bond shear strength, τn (MPa) 10.5
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Figure 3: Comparison between experimental and numerical stress-
strain curves of coal under uniaxial compression.

Table 3: Comparison between the experimental and numerical
mechanical parameters.

Mechanical
parameters

Experimental
results

Numerical
results

σc (MPa) 11.32 11.57
E (GPa) 0.74 0.70

Figure 4: Comparison between experimental and numerical failure
modes of coal under uniaxial compression test. 2e black and red
dots represent the tensile microcrack and shear microcrack,
respectively.

Table 1: Test schemes.

Test scheme RD (mm) NH NR

I 3, 5, 8, 10 1 1
II 3 1, 2, 3, 4 1
III 3 3 1, 2, 3, 4
Note. RD, NH, and NR are the drilling diameter, the number of drilling holes
in one row, and the number of drilling rows, respectively.
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strength (σc), the elastic modulus (E), and the peak axial strain
(ε1max) corresponding to the strain at peak stress. In accordance
with the numerical results listed in Table 4, generally, the de-
formation and strength behaviors of specimens are found
depending on the drilling arrangement.

3.3.2. Influences of Drilling Arrangements on the Strength and
Deformation Parameters. Figure 6 shows the influence of the
drilling diameter on the mechanical properties of specimens.
From Figure 6, it can be seen that the elastic modulus remains
stable with the increase of drilling diameter. 2e uniaxial
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Figure 5: Stress-strain curves of specimens with different drilling arrangements under uniaxial compression. (a) Different drilling di-
ameters. (b) Different numbers of drilling holes. (c) Different numbers of drilling rows.

Table 4: Mechanical properties of specimens with different drilling arrangements.

Test scheme RD (mm) NH NR σc (MPa) E (GPa) ε1max (10−2)

I

3

1 1

11.48 0.66 1.7863
5 11.17 0.65 1.7551
8 9.89 0.64 1.5766
10 8.64 0.63 1.3926

II 3

1

1

11.48 0.66 1.7863
2 11.41 0.65 1.7804
3 11.01 0.65 1.6993
4 10.46 0.64 1.651

III 3 3

1 11.01 0.65 1.6993
2 10.63 0.64 1.6833
3 9.91 0.63 1.5857
4 9.63 0.62 1.5785
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compressive strength and peak strain, however, show
a different trend. Both of the two parameters decrease
gradually with the increase of drilling diameter. For example,
when the drilling diameter increases from 3 to 10mm, the
uniaxial compressive strength and peak strain vary from
11.48 to 8.64MPa and from 1.7863 to 1.3926 ×10−2, re-
spectively. In addition, the decreasing percentage of
uniaxial compressive strength is 0.78–25.32% compared
with the intact specimen.

Figure 7 shows the influence of number of drilling holes in
one row on the mechanical properties of specimens. From
Figure 7, it can be seen that the elastic modulus remains stable
with the increase of number of drilling holes in one row, whose
variation law is similar to the influence of drilling diameter. In
contrast, the uniaxial compressive strength and peak strain
remain steady first and then decrease gradually as increasing
the number of drilling holes in one row. When the number of
drilling holes increases from 1 to 2, the uniaxial compressive
strength and peak strain vary from 11.48 to 11.41MPa and
1.7863 to 1.7804×10−2, but when the number increases from 2
to 4, these two parameters decrease from 11.41 to 10.46MPa
and from 1.7804 to 1.6510×10−2, respectively. Compared with
the intact specimen, the decreasing percentage of uniaxial
compressive strength is only 0.78–9.59%, which is far lesser
than the cause of increasing the drilling diameter.

Figure 8 shows the influence of number of drilling rows
on the mechanical properties of specimens. From Figure 8, it
can be seen that the deformation parameters, that is, the
elastic modulus and peak strain, are not obviously influ-
enced by the number of drilling rows. But, the uniaxial
compressive strength decreases gradually with the increase
of number of drilling rows. For example, as the number of
drilling rows increases from 1 to 4, the uniaxial compressive
strength decreases from 11.01 to 9.63MPa. Compared with
the intact specimen, the decreasing percentage of the uni-
axial compressive strength is only 4.84–16.77%.

3.3.3. Influences of Drilling Arrangements on Failure
Modes. Figure 9 gives the failure modes of specimens with
various drilling arrangements. Figures 9(a) and 9(b) clearly
show that the influence of drilling diameter or number of
drilling holes in one row on the failuremode of specimens is not
obvious. For specimens with different drilling diameters, shear
failure accompanied with splitting failure is the main failure
mode and the shear zone just propagates across the drilling hole,
but for specimens with different numbers of drilling holes in
one row, splitting failure accompanied with shear failure is the
main failure mode. However, the number of drilling rows
influences the failure mode of specimens greatly, as shown in
Figure 9(c).When the number of drilling rows is 1 or 3, splitting
failure is the main failure mode, but when the number of
drilling rows is 2 or 4, shear failure is the main failure mode.

4. Influences of Drilling Arrangements on the
Energy Evolution

4.1. Energy Parameters. Although scholars have proposed
many indexes for evaluating the bursting liability of coal seam,
there are little researches related to the bursting liability
evaluation of destressed coal seam. Zhu et al. [16] put forward
a new index, that is, dissipation energy index (XE), to improve
this issue. 2is index is used in this section to analyze the
influences of drilling arrangements on the energy evolution of
specimens before peak stress. XE is the ratio of the released
accumulative strain energy after destressing (ΔS) to the ac-
cumulated strain energy before destressing (S1), as shown in
Figure 10(a). XE is calculated in the following equation:
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XE �
ΔS
ΔS + S1( 

× 100%. (1)

Besides using the above index, the bursting energy index
(KE) also is used to study the influences of drilling ar-
rangements on the energy evolution. As shown in Figure 10(b),
KE refers to the ratio of the accumulative strain energy before
peak stress (FS) to the released energy after peak stress (FX)
under uniaxial compression condition [30, 31]. 2is index
considers the energy transformation during the deformation

and failure processes of rock or coal specimens. KE is cal-
culated in the following equation:

KE �
FS

FX
. (2)

4.2. Influences of Drilling Arrangements. Employing (1) and
(2), the dissipation energy and bursting energy indexes of
specimens with different drilling arrangements are determined

3 mm 5 mm 8 mm 10 mm

(a)

1 2 3 4

(b)

1 2 3 4

(c)

Figure 9: Failure modes of specimens with various drilling arrangements. (a) Different drilling diameters. (b) Different numbers of drilling
holes in one row. (c) Different numbers of drilling rows.
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and summarized in Table 5. Figure 11 depicts the energy
evolution curves of these specimens with various drilling
arrangements.

As shown in Figures 11(a) and 11(b), influences of drilling
diameter or the number of drilling holes in one row on the
energy evolution law are similar. As increasing the drilling
diameter or number of drilling holes in one row, the energy
dissipation index increases nonlinearly. When the drilling
diameter and number of drilling holes increase from 3 to 5mm
and from 1 to 2, respectively, their corresponding variations of
energy dissipation index are only 1.01–3.35% and 1.01–2.51%.
But when the drilling diameter and number of drilling holes
increase from 8 to 10mm and from 3 to 4, the corresponding
variations reach about 24.35–41.93% and 10.12–14.89%, re-
spectively. However, the bursting energy index first decreases
slowly and then rapidly as increasing the drilling diameter or
number of drilling holes in one row, which shows an opposite
trend comparedwith the energy dissipation index. For example,
when the drilling diameter varies from 3 to 8mm, the bursting
energy index decreases from 9.13 to 7.17, but when the drilling
diameter is 10mm, this index is only 4.00; when the number of
drilling holes in one row increases from 1 to 4, the bursting
energy index varies from 9.13 to 7.74.2is phenomenon reveals
that increasing the drilling diameter for the destress drilling
method might be more effective than increasing the number of
drilling holes in one row.

Although the energy dissipation index also increases as
increasing the number of drilling rows, the variation law of

bursting energy index is not obvious, as shown in Figure 11(c).
When the number of drilling rows increases from 1 to 4, the
energy dissipation index varies from 10.12% to 26.17%, but the
bursting energy index first increases from 8.76 to 11.93 and
decreases to 4.89 and then increases to 10.17. 2is phenom-
enon is very interesting. Perhaps there are two reasons caus-
ing this result. First, as increasing the number of defects of
specimens, its bearing capacity will be weakened, certainly
causing the decrease of ability of strain energy accumulation.
Second, the influence of the number of drilling rows on the
failure modes is more serious than that of the drilling diameter
or number of drilling holes in one row, but the energy
consumed by the failure of specimens varies greatly depending
on the failure modes. For example, when the number of
drilling rows is 2, the failure mode is shear failure and the
bursting energy index is high. 2is result shows that choosing
a proper drilling arrangement is essential for mitigating rock
bursts; that is, if the drilling arrangement that leads to the
energy consumed by the coal failure is small, rock bursts might
occur.

5. Discussions

As introduced in Section 2, the prevention mechanism of
destress drilling performed in coal seam is given in Figure 1.
We can explain the influence of drilling arrangements on
the prevention mechanism of the drilling method based on
the above results. Overall, the strain accumulation ability of
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Figure 10: Sketch of the calculations of XE and KE. (a) Calculation of XE. (b) Calculation of KE.

Table 5: Energy indexes of specimens with different drilling arrangements.

Test scheme RD (mm) NH NR XE (%) FS (MJ/mm3) FX (MJ/mm3) KE

I

3

1 1

1.01 0.1023 0.0112 9.13
5 3.35 0.0953 0.0121 7.87
8 24.35 0.0787 0.0110 7.17
10 41.93 0.0600 0.0150 4.00

II 3

1

1

1.01 0.1023 0.0112 9.13
2 2.51 0.1008 0.0112 9.00
3 10.12 0.0929 0.0106 8.76
4 14.89 0.0890 0.0115 7.74

III 3 3

1 10.12 0.0929 0.0106 8.76
2 13.36 0.0895 0.0075 11.93
3 23.71 0.0788 0.0161 4.89
4 26.17 0.0763 0.0075 10.17
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coal seam decreases nonlinearly with the increase of the
number or area of defects, but its decreasing degree varies
greatly depending on the drilling arrangement. In addition,
the drilling arrangement also influences the consumed

energy of coal failure through affecting the failure mode,
especially for the number of drilling rows.

In aspect of the influences of drilling diameter and
number of drilling holes in one row, their influencing
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Figure 11: Energy evolution curves of specimens with various drilling arrangements. (a) Different drilling diameters. (b) Different numbers
of drilling holes in one row. (c) Different numbers of drilling rows.
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Figure 12: Sketch of the influencing mechanism of drilling arrangement on the prevention mechanism of destress drilling method.
(a) Different drilling diameters and numbers of drilling holes in one row. (b) Different numbers of drilling rows.
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mechanisms are similar. Although the strain accumulation
ability of coal decreases with the increase of drilling diameter
or number of drilling holes in one row, the failure mode of
coal almost remains stable. 2at means the variation of
consumed energy of coal failure is small according to the
least energy principle of dynamic failure of rock mass
[32–34]. 2at is to say, the influencing mechanism of in-
creasing the drilling diameter or number of drilling holes in
one row mainly is to decrease the energy accumulation
ability of coal without affecting the consumed energy of coal
failure, as shown in Figure 12(a). 2erefore, the bursting
liability of coal seam can be weakened. However, the
influencing mechanism of number of drilling rows shows
a difference in the consumed energy of coal failure through
affecting the failure mode. As increasing the number of
drilling rows, if the coal failure consumes lesser energy than
before, the bursting energy index may increase, and vice
versa.2is result is mainly influenced by the failure mode, as
shown in Figure 12(b). So far, Figure 12 gives the influencing
mechanism of drilling arrangement on the prevention
mechanism of destress drilling method.

6. Conclusions

In this study, the rock burst mitigation mechanism of the
destress drilling method performed in coal seam was first
introduced. 2en, a systematic numerical simulation by
PFC2Dwas conducted to research themechanical properties
of coal models with various drilling arrangements under
uniaxial compression tests.2e following conclusions can be
summarized:

(1) 2e drilling arrangement mainly influences the
bearing capacity of coal models. 2e uniaxial com-
pressive strength increases nonlinearly with the in-
crease of the drilling diameter, number of drilling
holes in one row, or number of drilling rows. Among
the three factors, the influencing degree in order
from strong to weak is the drilling diameter, number
of drilling holes in one row, and number of drilling
rows. Compared with intact specimens, their de-
creasing percentages of uniaxial compressive strength
are 0.78–25.31%, 4.84–16.78%, and 0.78–9.59%, re-
spectively. However, the elastic modulus remains
stable as increasing the number of these defects. 2is
phenomenon might be caused by that materials are
homogeneous and defects could only decrease the
structural bearing capacity in simulating process.

(2) For specimens with different drilling diameters,
shear failure accompanied with splitting failure is the
main failure mode, but for specimens with different
numbers of drilling holes in one row, splitting
failure accompanied with shear failure is the main
failure mode. However, it might be splitting or
shear failure for specimens with different numbers
of drilling rows.

(3) 2e energy dissipation index increases nonlinearly
with the increase of drilling diameter or number of
drilling holes in one row, but the bursting energy

index shows an opposite variation law, which de-
creases slowly and then rapidly. In addition, the
energy dissipation index increases linearly as in-
creasing the number of drilling rows, but the vari-
ation law of bursting energy index is not obvious due
to the influence of different failure modes.

(4) 2e influencing mechanism of drilling diameter or
number of drilling holes in one row on the pre-
vention mechanism of the destress drilling method is
to decrease the energy accumulation ability of coal
without affecting the consumed energy of coal fail-
ure, as shown in Figure 12(a). However, the number
of drilling rows influences not only the energy ac-
cumulation ability, but also the consumed energy of
coal failure, as shown in Figure 12(b). As increasing
the number of drilling rows, if the coal failure
consumes lesser energy than before, the bursting
energy index might increase, and vice versa.

Although the analysis results above all were obtained by
numerical simulation, it still reveals some variation laws
about the influences of various drilling arrangements on the
mechanical properties and failure mechanisms of specimens.
We all know that the homogeneity of rock or rock-like
materials is often hard to be controlled, but in the PFC2D
numerical simulation process, the material is homogeneous.
2us, we can study the influences of drilling arrangements
without influences of other factors, especially material dif-
ferences. 2erefore, the results obtained in this paper can
also provide a reference for understanding the influencing
mechanism of drilling arrangement on the rock burst
mitigation mechanism of the destress drilling method. Of
course, we will continue to do laboratory tests in the future
to enrich the research and prove the viewpoint in this
paper.
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Based on the triaxial test, the elasto-perfectly plastic strain-softening damage model (EPSDM) is proposed as a new four-stage
constitutive model. Compared with traditional models, such as the elasto-brittle-plastic model (EBM), elasto-strain-softening model
(ESM), elasto-perfectly plastic model (EPM), and elasto-peak plastic-brittle plastic model (EPBM), this model incorporates both the
plastic bearing capacity and strain-softening characteristics of rockmass. Moreover, a new closed-form solution of the circular tunnel
is presented for the stress and displacement distribution, and a plastic shear strain increment is introduced to define the critical
condition where the strain-softening zone begins to occur.+e new analysis solution obtained in this paper is a series of results rather
than one specific solution; hence, it is suitable for a wide range of rock masses and engineering structures. +e numerical simulation
has been used to verify the correctness of the EPSDM. +e parametric studies are also conducted to investigate the effects of
supporting resistance, residual cohesion, dilation angle, strain-softening coefficient, plastic shear strain increment, and yield pa-
rameter on the result. It is shown that when the supporting resistance is fully released, both the post-peak failure radii and surface
displacement could be summarized as EBM>EPBM>ESM>EPSDM>EPM; the dilation angle in the damage zone had the highest
influence on the surface displacement, whereas the dilation angle in the perfectly plastic zone had the lowest influence; the strain-
softening coefficient had themost significant effect on the damage zone radii; the EPSDM is recommended as the optimummodel for
support design and stability evaluation of the circular tunnel excavated in the perfectly plastic strain-softening rock mass.

1. Introduction

Although the plane strain of circular holes is a relatively simple
problem, it can provide effective theoretical basis for the support
parameter design and stability evaluation of surrounding rock in
underground engineering.+erefore, it has beenwidely applied
in the tunnel, coal mine shaft construction, oil extraction, coal
gas penetration, and other projects.

In the early stage, the elastoplastic analysis of the circular
tunnel was first proposed by Fenner and then corrected by
Kastner. However, both of them regarded the rock mass as
a perfectly elastoplastic material. In recent years, a series of
studies have been carried out by using the linear Mohr–
Coulomb (M-C) criterion, nonlinear Hoek–Brown (H-B)
criterion, and the generalized Hoek–Brown (GHB) criterion

with the associated and nonassociated flow rule. However,
the influence of intermediate principal stress on the sur-
rounding rock state was ignored [1–11]. A large number of
studies have shown that rock strength is not only related to
its own characteristics but also closely related to its stress
state [12–14]. In practice, the shallow rock mass is still in the
triaxial stress state under the effect of the supporting
structure after tunnel excavation. +en, the yield strength of
rock mass increased due to the influence of intermediate
principal stress, which in turn would affect the stress and
deformation of surrounding rock. +erefore, intermediate
principal stress is crucial for tunnel design [15, 16]. +e
unified strength theory (UST) not only considers the impact
of all stress components on material yield failure under
different stress states but also is applicable to a variety of
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material mediums at good accuracy. +us, it was chosen as
the failure criterion of the rock material [17–24].

It is known that the elastoplastic analysis problems of
surrounding rock are mainly dependent on the constitutive
relations of rock mass. As a natural geological body, the rock
material is easily affected by internal fissures, joints, com-
ponents, and external environment.+erefore, its constitutive
relation is extremely complicated. As shown in Figure 1, the
elasto-brittle-plastic model (EBM), elasto-strain-softening
model (ESM), and elasto-perfectly plastic model (EPM) were
usually used to research this problem [1, 4–10, 22, 25–30].
However, based on the geotechnical quality, Hoek and Brown
pointed out that the EBMwas applied only to the poor-quality
rock mass, while EPM and ESM were suitable for the high-
quality and average-quality rock masses, respectively [31].
+en, Zhang et al. [11] and Jiang et al.’s [32, 33] experiment
showed that a plastic bearing zone before brittle failure for the
rock material under high confining pressures could exist.
+us, the elasto-peak plastic-brittle plastic model (EPBM)was
presented (Figure 1(d)) and applied to the Jinping II hy-
dropower station engineering. Nevertheless, when the con-
fining pressures were 5MPa and 40MPa in Zhang’s triaxial
test, the brittle rock material showed obvious strain-softening
characteristics from the peak plastic state to the brittle plastic
state. +erefore, it may not be reasonable to simplify the
EPBM. As shown in Figure 2, a large number of rock masses
firstly showed the strain-softening characteristics after the
peak plastic zone and then entered the residual flow stage.
+erefore, according to the total stress-strain curve, the
elasto-perfectly plastic strain-softening damage model
(EPSDM) was proposed in this paper and then applied to the
engineering practice. Actually, the EPSDM includes all the
features of the EPM, EBM, ESM, and EPBM and can be
transformed into the above four models under certain con-
ditions. Hence, it can be regarded as a unified constitutive
model.

Based on the triaxial test, the elasto-perfectly plastic
strain-softening damage model (EPSDM) is proposed as
a new four-stage constitutive model. +en, a new closed-
form solution of the circular opening is deduced based on
UST and EPSDM, and a plastic shear strain increment is
introduced to determine the critical condition that the
strain-softening zone begins to develop. +e correctness of
the solution has been verified by making a comparative
analysis of Pan’s numerical simulation results [23]. Finally,
the effect of the parameters is also discussed.

2. Problem Description

2.1. )e Establishment of EPSDM. Figure 3 shows a circular
tunnel being excavated in a unified, continuous, isotropic
UST rock mass subjected to a hydrostatic pressure (σ0) at
infinity boundary and a supporting resistance (pin) at inner
radius (a). As pin gradually reduces, the rock mass begins to
enter the perfectly plastic stage (“AB”) when the maximum
and the minimum principal stresses satisfy the initial yield
conditions. +is stage is not an infinite extension whose
range should be restricted by some factors. Assuming the
plastic shear strain increment of the perfectly plastic zone
reaches a certain value, the rock mass will begin to enter the
strain-softening stage (“BC”) where the rock mass cohesion
gradually decreases. Until a residual value is reached, the
rock mass starts to enter the damage stage and finally
achieves a equilibrium state under the supporting resistance.
Meanwhile, the radii of the perfectly plastic zone, strain-
softening zone, and damage zone are denoted as Rp, Rs, and
Rc, respectively.

2.2. Unified Strength)eory (UST). Based on the twin shear
yield criterion, the unified strength theory is established by
considering the influence of all the stress components and
intermediate principal stress on the material yield failure
[19–22, 24]. +e UST is a series of yield criteria and failure
criteria, which can be adopted for most materials. In geo-
technical engineering, the cohesion (c) and the internal
friction angle (φ) are usually used to represent this yield
theory. In general, the compressive stress is positive and the
tensile stress is negative. +erefore, the UST yield function
can be expressed as follows [24]:

when σ2 ≤ ((σ1 + σ3)/2)− ((σ1 − σ3)/2)sinφ,

F �
1− sinφ
1 + sinφ

σ1 −
bσ2 + σ3
1 + b

�
2c cosφ
1 + sinφ

. (1)

When σ2 ≥ ((σ1 + σ3)/2)− ((σ1 − σ3)/2)sinφ,

F′ �
1− sinφ

(1 + b)(1 + sinφ)
σ1 + bσ2( − σ3 �

2c cosφ
1 + sinφ

, (2)

where F and F′ represent the yield function; σ1, σ2, and σ3
represent the maximum, intermediate, and minimum
principal stresses, respectively; b represents the yield pa-
rameter related to the intermediate principal stress, which
can reflect the effect of the intermediate principal shear
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Figure 1: Previous research model.
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stress and the positive stress on the yield failure of the rock
material, and 0≤ b≤ 1. When b � 0, UST translates into the
M-C strength criterion; when b � 1, UST translates into the

general twin shear strength (GTSS) criterion; when
0< b< 1, UST translates into a series of other ordered new
strength criteria.

0.0 1.0 2.0
ε1 (%)

3.0 4.0

20

40

60

o

10

30

50
σ 1

–
σ 3

 (M
Pa

)

σ3 = 18.82 MPa

σ3 = 12.46 MPa

σ3 = 5.32 MPa

Silty mudstone

(a)

σ3 = 1.28 MPa

0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 1.6 1.8 2.0 2.2 2.4

10

20

30

40

50

σ3 = 2.35 MPa
σ3 = 0 MPa

Silty mudstone

o

σ3 = 3.50 MPa

ε1 (%)

σ 1
–
σ 3

 (M
Pa

)

(b)

ε1 (%)
0.0 0.5 1.0 1.5 2.0 2.5 3.0 3.5

50

100

150

200

250

σ3 = 10 MPa

σ3 = 20 MPa

σ3 = 30 MPa

Marble

o

σ 1
–
σ 3

 (M
Pa

)

(c)

Figure 2: Total stress-strain curve of rock mass in the local area of China: (a) Yangzhuang coal mine in Henan Province; (b) Wushan area of
Chongqing; (c) Ya’an area of Sichuan.
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Under axisymmetric plane strain conditions, the re-
lationship among three principal stresses is generally
expressed as the parameter n [15, 22]:

σ2 �
n σ1 + σ3( 

2
. (3)

For rock materials, n generally satisfies 2]≤ n≤ 1. When
n→ 1, σ2 becomes closer to the average of maximum and
minimum principal stresses; ] is Poisson’s ratio. In order to
simplify the calculation, we take n � 1. σ2 ≥ ((σ1 + σ3)/2)−
((σ1 − σ3)/2)sinφ can be judged by substituting σ2 � (σ1 +

σ3)/2 into (1) or (2). +erefore, UST can be rewritten as

σ1 � Npσ3 + σc, (4)

where Np � (2 + b + (2 + 3b)sin φ)/((2 + b)(1− sinφ)) and
σc � (4(1 + b)c cosφ)/((2 + b)(1− sinφ)).

For axisymmetric plane strain problems, when pin < σ0,
the circumferential and radial stresses are, respectively, the
maximum and minimum principal stresses. In other words,
σ1 � σθ and σ3 � σr, and substituting them into (4), the UST
can be rewritten as

σθ � Npσr + σc for perfectly plastic stage, (5)

σθ � Npσr + σc εp1(  for strain softening stage, (6)

σθ � Npσr + σRc for damage stage, (7)

where σRc � (4(1 + b)cr cosφ)/((2 + b)(1− sinφ)); σc(ε
p
1)

and εp1 represent the compressive strength and the maximum
principal strain in the strain-softening zone, respectively; cr
represents residual cohesion. It should be noted that this
paper assumes that the strain-softening process of rock mass
is only related to the cohesion attenuation, which is in-
dependent of the internal friction angle.

2.3.DefinitionofDilatancyCoefficient. As a natural geological
body, manymicrocracks exist in the rockmaterial, whichmake
its post-peak stage appear nonlinear and dilatant, and then, the
volume will also change. It is generally believed that the plastic
deformation satisfies the nonassociated flow rule, determined
by the plastic potential function [8, 10, 11, 22]. +e plastic
potential function f and the yield function F′ have the same
expression form. +erefore, this paper assumes that the plastic
potential function is as follows:

f σθi, σri(  � σθi − ηiσri, (8)

where ηi � (2 + b + (2 + 3b)sinψi)/((2 + b)(1− sinψi)), in
which ψi represents the dilation angle in the “i” zone.

According to the plastic potential theory, the relation-
ship between stress and strain increment is satisfied:

dεpij � dλ
zf

zσij

, (9)

where dεpij and σij represent the plastic strain increment and
stress tensor, respectively, and dλ represents the nonnegative
proportional constant. From (8) and (9), the plastic principal
strain increment can be obtained as

dεpθi
� dλ

zf

zσθi

� dλ,

dεpri � dλ
zf

zσri
� −ηi dλ.

(10)

+e dilatancy coefficient of the post-peak failure zone can
be determined by the ratio of the minimum plastic principal
strain increment to the maximum plastic principal strain
increment. +en, the relationship between the plastic prin-
ciple strain and the dilatancy coefficient is obtained as follows:

εpri + ηiε
p
θi � 0, (11)

where εri and εθi are, respectively, the radial and tangential
strain.

3. Analytical Solution of EPSDM

3.1.)eBasicEquation. +e equilibrium differential equation
for the axisymmetric plane strain problem in the “i” zone can
be expressed as (ignoring the body force of rock mass)

dσri
dr

+
σri − σθi

r
� 0. (12)

+e geometric equation, based on the small deformation
assumption, can be denoted as

εri �
duri

dr
,

εθi �
uri

r
,

(13)

where uri is the radial displacement of surrounding rock.+e
stress boundary conditions can be described as

σre � σ0, (r→∞)

σre � σrp, r � Rp 

σrp � σrs, r � Rs( 

σrs � σrc, r � Rc( 

σrs � pin, (r � a)

. (14)

3.2. Stresses and Displacement in the Elastic Zone. Based on
the elasticity theory, the stress function for the axisymmetric
plane strain problem in the elastic zone can be expressed as

Φ � A ln r + Br
2
, (15)

where A and B are the unknown constants. +e radial and
tangential stresses are then given by

σre �
1
r

dϕ
dr

�
A

r2
+ 2B, (16)

σθe �
d2ϕ
dr2

� −
A

r2
+ 2B. (17)

Substituting the boundary conditions σre � σ0 at r→∞
and σre � σRp

at r � Rp into (5), where σRp
is the radial stress

on the interface between the elastic zone and the perfectly
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plastic zone, the specific expressions of (16) and (17) can be
obtained as

σre � σ0 + σRp
− σ0 

R2
p

r2
, (18)

σθe � σ0 − σRp
− σ0 

R2
p

r2
. (19)

+e radial and tangential stresses in the elastic zone
should satisfy (5) at r � Rp. +us, σRp

can be deduced by
substituting (18) and (19) into (5):

σRp
�
2σ0 − σc
1 + Np

. (20)

According to the small deformation theory, the dis-
placement and strain can also be expressed as follows [28]:

ure � A0
R2
p

r
,

εre � −A0
R2
p

r2
,

εθe � A0
R2
p

r2
,

(21)

where A0 � (1 + ])(σ0 − σRp
)/E. When r � Rp, the displace-

ment on the interface is

uRp
� A0Rp. (22)

3.3. Stresses and Displacement in the Perfectly Plastic
Zone. Combined with the boundary condition σrp � σRp

at
r � Rp, the stresses in the perfectly plastic zone can be
derived by substituting (5) into (12):

σrp �
2σ0 1−Np − 2σc

1−N2
p

r

Rp
 

Np−1

+
σc

1−Np
,

σθp � Np
2σ0 1−Np − 2σc

1−N2
p

r

Rp
 

Np−1

+
σc

1−Np
.

(23)

+en, the radial contact stress (σRs
) on the interface

between the perfectly plastic zone and the strain-softening
zone can be easily obtained by substituting r � Rs into (23):

σRs
�
2σ0 1−Np − 2σc

1−N2
p

Rs

Rp
 

Np−1

+
σc

1−Np
. (24)

Substituting (13) into (11), the differential equation of
the radial displacement in the perfectly plastic zone should
be given as

durp

dr
+ ηp

urp

r
� 0. (25)

Solving (25), the displacement and strain can be deduced
by considering the boundary condition urp � uRp

at r � Rp:

urp � A0R
1+ηp
p r
−ηp ,

εrp � −A0ηpR
1+ηp
p r
−ηp−1,

εθp � A0R
1+ηp

p r
−ηp−1.

(26)

When σ0 ≥pin, the tangential strain is the maximum
principal strain. Consequently, the displacement and
maximum principal strain on the interface of the perfectly
plastic strain-softening zone can be obtained by substituting
r � Rs into (26) as follows:

uRs
� A0R

1+ηp
p R
−ηp
s , (27)

εPeaks � A0R
1+ηp
p R
−ηp−1
s . (28)

3.4. Stresses and Displacement in the Strain-Softening
Zone. Based on the calculation method of the perfectly
plastic zone, combined with the boundary condition urs �

uRs
at r � Rs, we can easily get the expressions of the dis-

placement and strain in the strain-softening zone:

urs � A0R
1+ηp
p R

ηs−ηp
s r
−ηs ,

εrs � −A0ηsR
1+ηp
p R

ηs−ηp
s r
−ηs−1,

εθs � A0R
1+ηp
p R

ηs−ηp
s r
−ηs−1.

(29)

According to (29), the radial displacement on the in-
terface between the strain-softening zone and the damage
zone can also be obtained easily:

uRc
� A0R

1+ηp
p R

ηs−ηp
s R

−ηs
c . (30)

In the strain-softening zone, it is assumed that the
strength attenuation of rock mass is only related to cohesion
(c). +en, the compressive strength at any point can be
expressed as

σc εp1(  � σc − β(1 + ]) σ0 − σRp
  εθs(r)− εPeaks , (31)

where β � tan θ/E, which can be defined as a strain-
softening coefficient. tan θmay be called the strain-softening
modulus, which can be determined by the slope of the “BC”
segment in Figure 3. E is Young’s modulus, which can be
determined by the slope of the “OA” segment.+erefore, the
parameter β can be determined by the ratio of the slope of
the “BC” segment to the slope of the “OA” segment in Figure
3. Introducing (28) and (29) into (31), it can be rewritten as

σc � σc − β(1 + ]) σ0 − σRp
 R

1+ηp
p R
−ηp−1
s

Rs

r
 

1+ηs
− 1 .

(32)

Combined with the boundary condition σrs � σRs
at

r � Rs, the stresses in the strain-softening zone can be de-
rived by substituting (32) and (6) into the equilibrium
equation (12):
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σrs �
2σ0 1−Np − 2σc

1−N2
p

Rp

r
 

1−Np

+
σc

1−Np
+
β(1 + ]) σ0 − σRp

 

ηs + Np

Rp

Rs
 

1+ηp Rs

r
 

1+ηs
−

Rs

r
 

1−Np

 

+
β(1 + ]) σ0 − σRp

 

1−Np

Rp

Rs
 

1+ηp
1−

Rs

r
 

1−Np

 ,

σθs � Np
⎧⎨

⎩

2σ0 1−Np − 2σc
1−N2

p

Rp

r
 

1−Np

+
σc

1−Np
+
β(1 + ]) σ0 − σRp

 

ηs + Np

Rp

Rs
 

1+ηp Rs

r
 

1+ηs
−

Rs

r
 

1−Np

 

+
β(1 + ]) σ0 − σRp

 

1−Np

Rp

Rs
 

1+ηp
1−

Rs

r
 

1−Np

 
⎫⎬

⎭ + σc − β(1 + ]) σ0 − σRp
 

Rp

Rs
 

1+ηp Rs

r
 

1+ηs
− 1 .

(33)

3.5. Stresses and Displacement in the Damage
Zone. Introducing (7) into the equilibrium equation (12),
the stresses in the damage zone can be solved by considering
the boundary condition σrc � pin at r � a:

σrc �
1−Np pin − σRc

1−Np

r

a
 

Np−1
+

σRc
1−Np

,

σθc � Np
1−Np pin − σRc

1−Np

r

a
 

Np−1
+

σRc
1−Np

.

(34)

As shown in (29), combined with the boundary con-
dition (urc)r�Rc

� uRc
, the displacement and strain in the

damage zone can also be expressed as

urc � A0R
1+ηp
p R

ηs−ηp
s R

ηc−ηs
c r
−ηc ,

εrc � −ηcA0R
1+ηp
p R

ηs−ηp
s R

ηc−ηs
c r
−ηc−1,

εθc � A0R
1+ηp
p R

ηs−ηp
s R

ηc−ηs
c r
−ηc−1.

(35a)

According to (35a), when r � a, the surface displacement
of surrounding rock is as follows:

u0 � A0R
1+ηp
p R

ηs−ηp
s R

ηc−ηs
c a
−ηc . (35b)

3.6. )e Radius of the Post-Peak Failure Zone (Rp, Rs, and
Rc). In order to obtain the closed solution of the stresses and
deformation of the EPSDM, the post-peak failure zone radii
(Rc, Rs, and Rp) should be firstly determined. According to
the relationship among Rp, Rs, and Rc, the EPSDM can be
converted to the following 5 cases including its original form.

Case 1. From (32), when β � 0 and σc � σc � σRc , the
post-peak failure radii satisfy the relation a � Rc � Rs <Rp,
and then, the surrounding rock only consists of the elastic
zone and the perfectly plastic zone. +erefore, the EPSDM’s
solution can be converted to the EPM’s result. Combining
with (23) and the stress boundary condition (σrp)r�a � pin,
the perfectly plastic zone radius Rp can be obtained:

Rp � a
pin − σc 1−Np  

2σ0 1−Np − 2σc  1−N2
p 

⎛⎝ ⎞⎠

1/ 1−Np( )

. (36)

Case 2. When a<Rc <Rs <Rp, in order to get the closed
solution of Rp, Rs, and Rc, it is required to establish three
linear independent equations to solve the problem. According
to the stress contact condition (σrs)r�Rc

� (σrc)r�Rc
, one of

the relationships can be established by combining with (33)
and (34):

2σ0 1−Np − 2σc
1−N2

p

Rp

Rc
 

1−Np

+
σc

1−Np
+
β(1 + ]) σ0 − σRp

 

ηs + Np

Rp

Rs
 

1+ηp Rs

Rc
 

1+ηs
1−

Rs

Rc
 

−ηs−Np

⎡⎣ ⎤⎦

+
β(1 + ]) σ0 − σRp

 

1−Np

Rp

Rs
 

1+ηp
1−

Rs

Rc
 

1−Np

⎡⎣ ⎤⎦−
1−Np pin − σRc

1−Np

Rc

a
 

Np−1
−

σRc
1−Np

� 0.

(37)

+en, the slope of the line “BC” in the strain-softening
zone can be expressed as

tan θ �
σc − σRc
εRc − εPeaks

�
σc − σRc

A0 Rp/Rs 
1+ηp

Rs/Rc( 
1+ηs − 1 

.

(38)

Apart from (37) and (38), a new condition is still needed
to make the EPSDM form a closed solution. It is generally
believed that the extension of the perfectly plastic zone is not
infinite and will be restricted by other conditions. Zhang
et al. [11] consider that when the plastic shear strain or the
equivalent plastic shear strain reaches a critical value, the

6 Advances in Civil Engineering



rock mass begins to enter the damage zone; Wei et al. and
Jiang et al. [32, 33] believe that another relationship between
Rp and Rc may be established by the radial strain continuous
condition (εrc)r�Rc

� (εrp)r�Rc
. In this paper, it is assumed

that when the plastic shear stress increment Δc∗ between the
yield points “A” and “B” (Figure 3) reaches a certain value,
the rock mass starts to enter the strain-softening state.
Accordingly, the other relationship among Rp, Rs, and Rc
can be expressed as

Δc∗ � c
∗
s − c
∗
p � εθp − εrp 

r�Rs
− εθp − εrp 

r�Rp
, (39)

where c∗s and c∗p represent the plastic shear strain at points “B”
and “A,” respectively. As shown in Figure 3, in the triaxial test,
the maximum and minimum principal strain of rock mass
can be easily obtained, and then, c∗s � εPeaks − εPeakss and c∗p �

εPeakp − εPeakpp . In addition, εPeakss and εPeakpp represent the mini-
mum principal strain at the points “B” and “A,” respectively.

Substituting (26) into (41), it can be rewritten as

Rp �
Δc∗

A0 1 + ηp 
+ 1⎡⎢⎣ ⎤⎥⎦

1/ 1+ηp( 

Rs � TRs, (40)

where T � [(Δc∗/(A0(1 + ηp))) + 1]1/(1+ηp).
Substituting (40) into (38), the following expression can

also be obtained:

Rs �
σc − σRc

β(1 + ]) σ0 − σRp
 T1+ηp

+ 1
⎛⎜⎜⎜⎜⎜⎜⎜⎜⎝

⎞⎟⎟⎟⎟⎟⎟⎟⎟⎠

1/ 1+ηs( )

Rc � tRc,

(41)

where t � ((σc − σRc )/(β(1 + v)(σ0 − σRp
)T1+ηp))1/(1+ηs).

Substituting (40) and (41) into (37), the damage
zone radius is expressed as

Rc � a
⎧⎨

⎩
⎡⎣ 2σ0 1−Np − 2σc  1−N

2
p  T

1−Np − β(1 + ]) σ0 − σRp
   ηs + Np   + β(1 + ]) σ0 − σRp

   1−Np   T
1+ηp t

1−Np

+ β(1 + ]) σ0 − σRp
   ηs + Np  t

1+ηs + β(1 + ]) σ0 − σRp
   1−Np   T

1+ηp + σc − σ
R
c  1−Np  ⎤⎦

× 1−Np pin − σ
R
c  1−Np  

−1⎫⎬

⎭

1/ Np−1( )

. (42)

Subsequently, the radii Rs and Rp can also be obtained by
substituting (42) into (41) and (40), respectively.

Case 3. From (40), when Δc∗ � 0, the limit of T is
equal to one. +en, the post-peak failure radii satisfy
the relation a<Rc <Rs � Rp, and the surrounding rock

is composed of the elastic zone, strain-softening zone,
and damage zone. +erefore, the EPSDM’s solution is
converted to the ESM’s result. Combining with (41)
and (42), the radius expression of Rc and Rs can be
deduced:

Rc � a

δ1 σc − σ
R
c  β(1 + ]) σ0 − σRp

    + 1 
1−Np( )/ 1+ηs( )

+ β(1 + ]) σ0 − σRp
   ηs + Np   σc − σ

R
c  β(1 + ]) σ0 − σRp

    + 1  + δ2

1−Np pin − σRc  1−Np 

⎡⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

⎤⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

1/ Np−1( )

,

Rs � a
σc − σRc

β(1 + ]) σ0 − σRp
 

+ 1⎛⎜⎜⎜⎜⎜⎜⎜⎜⎝
⎞⎟⎟⎟⎟⎟⎟⎟⎟⎠

1/ 1+ηs( )
δ1 σc − σ

R
c β(1 + ]) σ0 − σRp

   + 1 
1−Np( )/ 1+ηs( )

+ β(1 + ]) σ0 − σRp
   ηs + Np   σc − σ

R
c  β(1 + ]) σ0 − σRp

    + 1  + δ2

1−Np pin − σRc  1−Np 

⎡⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

⎤⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

1/ Np−1( )

,

(43)

where δ1 �((2σ0(1−Np)− 2σc)/(1−N2
p))−((β(1 + ])(σ0 −

σRp
))/(ηs + Np))−((β(1 + ])(σ0 − σRp

))/(1−Np)) and δ2 �

(σc − σRc + β(1 + ])(σ0 − σRp
))/(1−Np).

Case 4. From (41), when β→∞, the limit of t is equal to
one.+en, the post-peak failure zone radii satisfy the relation

a<Rc � Rs <Rp, and the surrounding rock is parted into
three zones: the elastic zone, perfectly plastic zone, and
damage zone. +erefore, the EPSDM’s solution is converted
to the EPBM’s result. Combining with (40) and (42), the
post-peak failure radii Rp and Rc can be obtained as follows:
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Rc � a

2σ0 1−Np − 2σc  1−N
2
p  T

1−Np 

+ σc − σ
R
c  1−Np  

1−Np pin − σRc  1−Np 

⎡⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

⎤⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

1/ Np−1( )

,

Rp � aT

2σ0 1−Np − 2σc  1−N
2
p  T

1−Np 

+ σc − σ
R
c  1−Np  

1−Np pin − σRc  1−Np 

⎡⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

⎤⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

1/ Np−1( )

.

(44)

Case 5. When Δc∗ � 0 and β→∞, the limit of T and t is
equal to one. +en, the post-peak failure radii satisfy the
relation a<Rs � Rc � Rp, and the surrounding rock only
includes the elastic zone and damage zone. +erefore, the
EPSDM’s solution is converted to the EBM’s result.
According to (42), the damage zone radius Rc will be given as

Rc � a
2σ0 − σc − 1 + Np σRc  1−Np  

1 + Np  1−Np pin − σRc   1−Np 

⎧⎨

⎩

⎫⎬

⎭

1/ Np−1( )

.

(45)

4. Comparative Analysis

4.1. Transformation Relationship between EPSDM and the
Other Models. Compared with the traditional solution, the
influences of intermediate principal stress and the dilatancy
coefficient on the surrounding rock state are considered.+e
solutions based on M-C and GTSS yield criteria can be
generated from the new closed-form solution using b � 0
and b � 1.0, respectively. In addition, compared with the
traditional EBM, EPM, ESM, and EPBM, the EPSDM in-
cludes all the features of the above models. When β � 0, the
model is transformed into the EPM. When Δc∗ � 0 and
β→∞, the model is transformed into the EBM. Only when
Δc∗ � 0, the model is transformed into the ESM. Only when
β→∞, the model is transformed into the EPBM.+erefore,
the EPSDM has more extensive practicality and theoretical
values than other models.

Detournay [1], Xu and Yu [15], and Li et al. [28] all
studied the same issue, but Detournay’s solution based on
the M-C yield criterion neglected the influence of in-
termediate principal stress, whereas the solutions by Xu and
Li neglected the influence of rock dilatancy on the radial
displacement. +erefore, the solution may have a large
deviation between the calculation results and the practical
situation. +is paper takes account of the intermediate
principal stress and the dilation. When b � 0, ηc � ηs �

ηp � 1.0, and Δc∗ � 0, the EPSDM’s solution is Li et al.’s
solution [28]. When β � 0 and ηc � ηs � ηp � 1.0, the
EPSDM’s solution is Xu and Yu’s result [15]. +erefore, the
solutions by Xu and Li are all special cases of this paper.

4.2. Validation of Model Correctness. Based on the elasto-
perfectly plastic constitutive model, Pan et al. [23] in-
troduced the UST into the finite element program ABAQUS
and then researched the stress distribution of surrounding
rock in the deep circular tunnel with b � 0, 0.5, and 1.0.
+e simulated rock material and model geometry parame-
ters are shown in Table 1. To satisfy the numerical simu-
lation conditions, the calculation uses the associated flow
law (ψi � φi), β � 0, and ηi � (1 + sinψi)/(1− sinψi). +e
comparison between the calculation and simulation results
is shown in Figure 4.

It can be seen from Figure 4 that the stress distribution
around the circular tunnel is basically consistent with the
Pan’s numerical simulation results (b � 0, 0.5, and 1.0).
+erefore, it confirms the correctness of the stress solution.

5. Example Study

5.1. Case I: Stress and Deformation Evolution Law of the
EPSDM. +e stresses and deformation are the important
basis for evaluating the stability of surrounding rock and the
reliability of support design. In order to study the evolution
law of stresses and displacement under different constitutive
models, the mechanical and geometrical parameters of soft
rock are shown in Table 2, which is available by Ogawa and
Lo [2]. In addition, b � 0, Δc∗ � 2.5 × 10−5, and β � 2.5.

+e stress distribution of the EPSDM under different
critical support resistance is shown in Figure 5. As shown in
Table 3 and Figure 5, it can be seen that when pin/σ0 ≥ 0.200,
the rock mass only consists of the elastic zone. When
0.152≤pin/σ0 < 0.200, the perfectly plastic zone begins to
occur, and then, the rock mass is composed of the elastic zone
and the perfectly plastic zone. While 0.028≤pin/σ0 < 0.152,
the strain-softening zone is gradually formed and the rock
mass is composed of three parts: the elastic zone, perfectly
plastic zone, and strain-softening zone. Once pin/σ0 < 0.028,
the damaged zone begins to develop and the rock mass finally
displays four zones: elastic zone, perfectly plastic zone, strain-
softening zone, and damage zone.

Figures 6 and 7 illustrate the influence of support re-
sistance on the post-peak failure radii (Rp, Rs, and Rc) and
surface displacement. In addition, when pin � 0, the post-
peak failure radii and surface displacement are as shown in

Table 1: Geometrical and physical parameters of the circular
tunnel.

Parameters Values from Pan’s
research [23]

Radius of the opening, a (m) 10
Initial stress, σ0 (MPa) 30
Internal pressure, pin (MPa) 0
Young’s modulus, E (MPa) 2000
Dilation coefficient, ηi 3.0
Poisson’s ratio, ] 0.3
Initial cohesion, c (MPa) 6
Residual cohesion, cr (MPa) 6
Strain-softening factor, β (MPa) 0
Internal friction angle, φ (°) 30
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Table 4. From the above two figures, it can be seen that once
the support resistance satisfies 0.152≤pin/σ0 < 0.200, the
calculated results based on the EPSDM are the same as
those of the EPM and EPBM. However, once the plastic
shear strain increment is larger than the critical plastic
shear strain increment, Δc∗ � 2.5 × 10−5, and then, the
strain-softening zone begins to develop. When the residual
cohesion reaches a residual value, pin/σ0 � 0.028 and the
rock mass begins to enter the damage stage. As the support
resistance is completely released, then Rp/a � 1.165 for the
EPM; Rp/a � 1.602 for the EBM; Rp/a � 1.418 and Rc/a �

1.218 for the ESM; Rp/a � 1.540 and Rc/a � 1.492 for the
EPBM; and Rp/a � 1.165, Rs/a � 1.295, and Rc/a � 1.122
for the EPSDM. In addition, the dimensionless radial
displacement 2u0G/[a(σ0 − σRp

)] of the EPM, EBM, ESM,
EPBM, and EPSDM is 1.357, 2.565, 2.010, 2.371, and 1.786,
respectively.

Compared with the ESM and EPBM, the EPSDM rep-
resents the influence of the plastic bearing properties and

strain-softening characteristics on the surrounding rock
state. In fact, most of the fractured and jointed rocks are
prone to strain-softening characteristics after perfectly
plastic. +erefore, in the deep underground engineering, the
design of support parameters by using this paper’s EPSDM
may be more reasonable.
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Figure 4: Contrast of stress distribution.

Table 2: Geometrical andmechanical parameters by Ogawa and Lo
[2].

Parameters Values
Radius of the opening, a (m) 1
Initial stress, σ0 (MPa) 1
Young’s modulus, E (MPa) 5000
Dilation angle, ψi 0
Poisson’s ratio, ] 0.2
Initial cohesion, c (MPa) 0.276
Residual cohesion, cr (MPa) 0.055
Internal friction angle, φ (°) 35
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Figure 5: Stress distribution law of the EPSDM under different critical support resistance.

Table 3: Critical support resistance (pin/σ0).

State Elasto-perfectly plastic Perfectly plastic strain softening Strain-softening damage
Value 0.200 0.152 0.028
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Figure 6: +e influence of support resistance on the post-peak failure radii.
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5.2. Case II: Parameter Analysis of EPSDM. A case of tunnel
excavation in coal mine was used to study the influence of
rock mass parameters on the post-peak failure radii and
surface displacement. +e typical rock mass parameters of
the haulage roadway by Tang Kou coal mine in China were
utilized. +e haulage roadway is buried at about 1028m
underground, and the vertical stress and horizontal stress are
23.77MPa and 23.04MPa, respectively.+erefore, the in situ
stress σ0 is 23.4MPa. +e excavation radius a is 3.0m,
Young’s modulus E is 30.0MPa, Poisson’s ratio ] is 0.25,
strain-softening coefficient β is 1.25, initial internal friction
angle φ is 30°, and initial cohesion c and residual cohesion cR
are 5.85MPa and 2.0MPa, respectively. +e plastic shear
strain increment Δc∗ is 0.0001. In addition, the yield pa-
rameter b is zero, and the initial dilation angle are all
ψp � ψs � ψc � 15°.

5.2.1. )e Influence of Residual Cohesion. Figures 8 and 9
indicate the effect of residual cohesion on the post-peak
failure radii and surface displacement. With the continuous
increase of the residual cohesion, the post-peak failure radii
and surface displacement depict a nonlinear decrease
characteristic. For instance, when cr transforms from
1.0MPa to 1.6MPa, the dimensionless radii Rp/a, Rs/a, and
Rc/a decrease by 0.222, 0.217, and 0.159, with reduction of
11.78%, 11.74%, and 10.25%, respectively; the surface dis-
placement decreases by 1.1mm, with reduction of 28.21%.

+e above data show that the residual cohesion has an
important influence on the surrounding rock state, espe-
cially for the extremely broken rock mass.

In addition, as shown in Figure 9, it can be seen that the
surface displacement gradually increases with the increase of
the dilatancy angle. +is is mainly because the larger the
dilatancy angle is, the higher the dilatancy coefficient is and
the greater the volume expansion of surrounding rock is.
Meanwhile, the influence of the dilatancy angle in the
damage zone on the surface displacement is the most sig-
nificant, whereas the dilatancy angle in the perfectly plastic
zone has the lowest influence.
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Figure 9: +e values of u0 under different cr and ψi.
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Figure 7: +e influence of support resistance on the surface
displacement.

Table 4:+e post-peak failure radii and surface displacement when
pin � 0.

Model Transformation Rp/a Rs/a Rc/a
2u0G/

[a(σ0 − σRp
)]

EPM a � Rc � Rs <Rp 1.165 1.000 1.000 1.357
EPSDM a<Rc <Rs <Rp 1.336 1.295 1.122 1.786
ESM a<Rc <Rs � Rp 1.418 1.418 1.218 2.010
EPBM a<Rc � Rs <Rp 1.540 1.492 1.492 2.371
EBM a<Rc � Rs � Rp 1.602 1.602 1.602 2.565
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5.2.2. )e Influence of Plastic Shear Strain Increment. +e
effect of plastic shear strain increment on the post-peak
failure radii and surface displacement is presented in Figures
10 and 11, respectively. As Δc∗ gradually increases, the
dimensionless radii Rp/a, Rs/a, and Rc/a and the dis-
placement u0/a all present the approximate linear decrease
characteristics. Compared with Rp/a and Rc/a, the reduction
rate of Rs/a is the largest. For example, when Δc∗ increases
from 0.0001 to 0.0005, Rp/a, Rs/a, and Rc/a are, respectively,
reduced to 5.72%, 11.92%, and 10.08%; u0/a is reduced to
16.67%.+e above data show that Δc∗ has a crucial influence
on the post-peak failure radii and surface displacement. +e
plastic bearing capacity of rock mass gradually increases
with the increasing Δc∗. As a result, the supporting re-
sistance to maintain the stability of surrounding rock
gradually decreases.

5.2.3. )e Influence of Strain-Softening Coefficient. Figures
12 and 13 indicate the effect of strain-softening coefficient on
the post-peak failure radii and surface displacement, re-
spectively. It can be seen that the change of β exerts im-
portant effects on Rp, Rs, Rc, and u0. As β increases, the
dimensionless radii Rp/a, Rs/a, and Rc/a and the dis-
placement u0/a all increase. For instance, β increases from
2/3 to 2 and Rp/a, Rs/a, Rc/a, and u0/a increase by 0.133,
0.130, 0.300, and 0.0005, respectively. Nevertheless, β in-
creases from 2 to 10/3 and Rp/a, Rs/a, Rc/a, and u0/a only
increase by 0.026, 0.026, 0.077, and 0.0002, respectively. +e
above data also show that the strain-softening coefficient has
the most significant influence on the damage zone radii.

5.2.4. )e Influence of the Yield Parameter b. +e influences
of the yield parameter b on the post-peak failure radii and
surface displacement are displayed in Table 5. It can be seen
that the change of the parameter b exerts important effects

on Rp, Rs, Rc, and u0. As b increases, the dimensionless
radii Rp/a, Rs/a, and Rc/a and the displacement u0/a all
decrease. For instance, b increases from 0.2 to 0.8 and Rp/a,
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Figure 10: +e values of Rp, Rs, and Rc under different Δc∗.
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Rs/a, Rc/a, and u0/a, respectively, decrease by 0.205, 0.197,
0.175, and 0.0005. Moreover, as shown in Figure 14, it is
indicated that the parameter b has important influences on
the stress distribution of surrounding rock as well. As pa-
rameter b gradually decreases, the maximum circumferential
stress σθ gradually keeps a decreasing change and transfers to
the deep rock mass. +erefore, the design of the support
scheme should take into account the parameter b.

6. Conclusion

Taking into account the plastic bearing capacity of strain-
softening rock mass, a new four-stage constitutive model
was proposed. Meanwhile, a plastic shear strain increment
was introduced to determine the critical condition where the
strain-softening zone begins to develop. +en, based on the
unified strength theory and four-stage constitutive model,
a new closed-form solution of the circular opening was
proposed. Compared with the numerical simulation results,
the validity of the solution has been verified and several
conclusions could therefore be drawn:

(1) As the supporting resistance is fully released, both
the post-peak failure radii and surface displacement
could be summarized as EBM>EPBM>ESM>
EPSDM>EPM. Meanwhile, once the plastic shear
strain increment is zero, the calculated results of the

EPSDM could be converted to the ESM’s solution.
Similarly, when strain-softening coefficient was zero
or was large enough, the EPSDM turned to the EPM
and EPBM, respectively. As the plastic shear strain
increment was zero and the strain-softening co-
efficient was large enough, the calculated results of
the EPSDM was found to be in accordance with the
closed-form solution of the EBM.

(2) Compared with the above four models, the EPSDM
reflects all the features of them, which represent the
influence of the plastic bearing properties and strain-
softening coefficient on the surrounding rock state.
+erefore, the design of support parameters by using
the EPSDMmay be more reasonable for the perfectly
plastic strain-softening rock mass.

(3) +e residual cohesion, plastic shear strain increment,
and yield parameter b are negatively correlated with
the post-peak failure radii and surface displacement;
however, the dilatancy angle and strain-softening
coefficient are positively correlated. On the other
hand, it was also clear that the dilatancy angle in the
damage zone had the highest influence on the surface
displacement, whereas the dilatancy angle in the
perfectly plastic zone had the lowest influence. +e
strain-softening coefficient had the most significant
influence on the damage zone radii. In conclusion,
the research can provide an important theoretical
basis for the design and stability analysis of the
circular tunnel excavated in the perfectly plastic
strain-softening rock mass.
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+e rock slopes with tunnels appear widely in the actual project, but there is no executable basis for the seismic stability
calculation of the rock slope with tunnel. According to the upper bound theorem of plastic limit analysis and pseudostatic
method, the upper bound solution of the safety factor of the rock slope with tunnel was rigorously derived under earthquake
loading. +is upper solution takes into account the design parameters of the slope and the tunnel, the horizontal and vertical
seismic loads, and the physical and mechanical parameters of the rock mass. Comparing the calculated results with the existing
results, the validity of the proposed method was verified. +e sensitivity and influence of different parameters on the seismic
stability of the slope were analyzed. +e results show that the three factors such as the horizontal seismic force coefficient, the
slope height, and the internal friction angle are the three key factors that influence the sensitivity of the safety factor and have
a great effect on it.

1. Introduction

In 2017, the Jiuzhaigou earthquake with a moment mag-
nitude of 7.0 triggered a large number of slope failures in
Sichuan Province, China. +e earthquake-induced slope
failures led to serious damage to the highway and tunnel
system. +e stability of rock and soil slope [1, 2] under
earthquake has become a hot research topic at present [3–5].
Based on the quasi-static method, the limit equilibrium
analysis and upper bound approach of limit analysis have
been widely utilized to evaluate the seismic stability of the
slope. Deng et al. [6] applied the limit equilibriummethod to
analyze the stability of the slope under earthquake con-
sidering three kinds of the slip surface (line, circular, and
arbitrary curves). Lu et al. [7] extended Newmark’s method
to three dimensions and proposed a new method for
evaluating the seismic permanent displacement of 3D slope.
Liang and Knappett [8] presented an improved Newmark
sliding block procedure for predicting the seismic slip of
a vegetated slope. Although the limit equilibrium analysis is
simple and has certain accuracy, the solution obtained by the

limit equilibrium method is not the upper or lower limit of
the real solution, which has some limitations in theory [9].
+e upper bound method of limit analysis has made great
progress in slope engineering [10] since Chen [11] introduced
the plastic limit analysis into the stability analysis of the soil
slope. Zhao et al. [12] applied the upper bound limit analysis
theorem and the shear strength reduction technique to define
the safety factor and corresponding critical failure mechanism
of a layered soft-rock slope. Liu et al. [13] presented a new
approach for determining the factor of safety and the corre-
sponding critical slip surface of a layered rock slope under
seismic excitations, which were obtained by the limit equi-
librium method and pseudostatic approach. A 3D rotational
mechanism was adopted by He et al. [14] to analyze seismic
displacement of slopes reinforced with piles using limit analysis
theory and Newmark’s analytical procedure. Ausilio et al.
[15, 16] used the kinematic approach of limit analysis to
analyze the seismic stability of slopes reinforced with
geosynthetics and slopes reinforced with piles, respectively.

However, most of the published works of slope limit
analysis were mainly concentrated at the research of a slope
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without tunnel. Few scholars have carried out theoretical
research on the slope with tunnel [17]. +e rock slope with
tunnel, as a composed slope structure, may have a complex
interaction between the tunnel and slope. +e stability cal-
culation theory under natural or earthquake condition is far
from keeping pace with the engineering construction of the
slope with tunnel. In the present study, the failure mechanism
of the rock slope with tunnel is constructed, and the upper
bound solution of the safety factor of the rock slope is deduced
based on the upper bound limit analysis theorem and the
pseudostatic approach. In addition, the solutions presented in
this study are compared with those obtained by the pseu-
dostatic approach. +e effects of physical and mechanical
parameters [18, 19] of the rock slope and design parameters of
the tunnel slope with tunnel are investigated.

2. Upper Bound Theorem of Plastic
Limit Analysis

+e upper bound theorem of plastic limit analysis is a useful
method in the stability limit analysis, which has attracted
extensive attention to solving geotechnical problems [20–
22]. In the stability analysis of the rock and soil slope, it is
necessary to understand the damage load of rock and soil
when it begins to produce unrestricted plastic flow; it is not
necessary to know the change process of stress and strain
with the external load.+e upper limit theorem of the plastic
limit analysis assumes that the rock mass moves in the form
of a rigid plastic body during failure. It is required that the
rate of work of force on the slope surface and the physical
force is not greater than the energy dissipation in the per-
missible velocity field for arbitrary maneuver admissible
damage mechanism, which means that the external rate of
work is not greater than the internal energy dissipation rate.
+e external rate of work generally includes the rate of work
induced by the rock mass, the pore water pressure, the slope
overload, and the seismic load. +e internal energy dissi-
pation rate includes the internal dissipated rate of the failure
surface and the rate of work induced by the resistance of the
supporting structure.

2.1. Basic Assumptions. In the stability analysis of the system
of the tunnel and slope, in order to simplify the research
object, the rock and soil mass and the tunnel structure are
usually treated separately as two separate structures, which is
called a structured method [23]. +e pseudostatic method
[24] is often used to analyze the dynamic effect of earthquake
in engineering practice.

Based on the relevant research results [25, 26], the
following basic assumptions are made for the convenience of
analysis. (1) +e rock mass of the slope is considered to be
soft rock which is homogeneous and isotropic. (2) +e
tunnel surrounding rock is regarded as an ideal elastomeric
body following the Mohr–Coulomb yield criterion. (3) +e
failure surface is a log-spiral failure surface passing through
the slope toe and tunnel. (4)+e stability analysis of the slope
with tunnel is simplified as a plane strain problem. (5) +e
tunnel is simplified as a circular cross section for calculation.

+e vertical surrounding rock pressure acting on the tunnel
vault is simplified as a linear uniform load q, and the
horizontal surrounding rock pressure acting on the side wall
is simplified as a linear uniform load e. (6)+e shear strength
parameters of the rock material do not change with the
action of the earthquake, and the quasi-static method is used
to analyze the seismic effect.

2.2. Failure Mechanism. Constructing reasonable failure
mode is the premise and key of upper bound limit analysis.
+e strength reduction analysis module of MIDAS GTS/NX
was used to simulate the failure mode of the slope with tunnel.
+e elasticity modulus E of rock mass was 0.6GPa, the co-
hesion c was 0.15MPa, the internal frictional angle φ was 20°,
and the rock unit weight c was 19 kN·m−3. +e equivalent
plastic strain is a measure to analyze the comprehensive
deformation state of the material under the condition of
complex stress compared with uniaxial tension. Figure 1
shows the equivalent strain distribution of the slope with
tunnel. +e sliding surface of the slope passes through the left
sidewall and the right spandrel of the tunnel from the slope
toe and extends upward to the top of the slope. It is similar to
themost unfavorable position of the goaf in the slope, which is
proposed by the literature [27]. When the geometric center of
the goaf lies on the sliding belt, the stability of the slope is
much lower than that of the geometric center of the goaf
which lies in the interior of the sliding belt or lies in the
outside of the sliding belt. Referring to related literatures [28],
the log-spiral failure surface is consistent with the actual
failure surface; the failure mode of kinematically permissible
velocity field is close to the actual failure mode, so the log-
spiral failure mechanism is used in this paper.

In order to make the log spiral as far as possible passing
through the geometric center of the tunnel, the log-spiral
failure mechanism used in this paper is illustrated in Figure 2,
where the failure surface passes through the left sidewall
point C and the right spandrel point B of the tunnel. R is the
tunnel radius. +e horizontal and vertical distances from
point O′ to point D are d1 and d2, respectively. +e area
ABCDA′A is regarded as a rigid plastic body, which rotates
about the rotation center O with angular velocityΩ relative
to the static material below the log-spiral surface AD.
+erefore, the surface AD is the velocity discontinuity
surface of the failure mechanism studied in this paper. As
shown in Figure 2, r0 and θ0 are the length and angle of the
baseline OA, respectively; rh and θh are the length and angle
of the baseline OD, respectively; rB and θB are the length
and angle of the beeline OB, respectively; rC and θC are the
length and angle of the beeline OC, respectively. +e height
of the overall failure mechanism is H. +e vertical distance
from the top of the slope to the right spandrel point B of the
tunnel is α3H. +e vertical distance from point B to point C
is α2H. +e vertical distance from the left sidewall point C
to the slope toe point D is α1H, where α1, α2, and α3 are the
height coefficients which can be determined by (3). +e
length of the beeline A′A is L. +e failure mechanism is
determined by θ0, θh, and β. BCT is an intersection area of the
tunnel and the sliding surface.
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+e equation of the log-spiral curve can be expressed as

r(θ) � r0 · exp θ− θ0(  · tanφ , (1)

where φ is the included angle between the strain velocity
vector V at any point on the sliding surface and the slip line
at that point, that is, the internal friction angle of the sur-
rounding rock. r and θ are the length and angle of the
connecting line between a point on the sliding surface and
point O, respectively. +e length of the baseline OD can be
expressed as

rh � r0 · exp θh − θ0(  · tanφ ,
(2)

r
2

+ rh cos θh + d1 
2

+ rh sin θh − d2 
2

− 2r

����������������������������

rh cos θh + d1 
2

+ rh sin θh −d2 
2



· cos θ − arctan
rh sin θh −d2

rh cos θh + d1
  � R

2
,

rh � r0 · exp θh − θ0(  · tanφ .

(3)

According to the geometric relationship in Figure 2, we
obtain

H � rh sin θh − r0 sin θ0, (4)
H

r0
� sin θh exp θh − θ0(  tanφ − sin θ0, (5)

L � r0 cos θ0 − rh cos θh −H cot β, (6)
L

r0
� cos θ0 − cos θh exp θh − θ0(  tanφ − cot β

H

r0
. (7)

3. Calculation of Energy Consumption

+e external force includes the gravity of rock mass and
seismic load. +e internal force includes the resisting force
required by the lining to balance the pressure of the sur-
rounding rock and the adhesion force on the sliding surface.
According to the upper bound limit analysis, the rate of
the external force in the strain velocity field can be expressed
as W

•

� W
•

s + W
•

kh
+ W

•

kv
, where W

•

s is the rate of the rock
mass gravity; W

•

kh
and W

•

kv
are the rate of the horizontal and

vertical seismic inertia force, respectively; kh and kv are
the horizontal and vertical seismic force coefficients, re-
spectively. +e rate of internal energy dissipation can be
expressed as W

•

int � W
•

T + W
•

c, where W
•

T is the rate of lining
resistance and W

•

c is the energy dissipation rate on the ve-
locity discontinuity surface.

3.1. Rate of External Force

3.1.1. Rate of Rock Mass Gravity. It is very difficult to cal-
culate the rate of the rock mass gravity directly from the area
ABCDA′A by integration. Firstly, the rock mass gravity rate of
each area is obtained by the indirect method. +en, the rock
mass gravity rate of the areaABCDA′A is calculated by simple
algebraic summation, which can be expressed as

W
•

soil � W
•

1 −W
•

2 −W
•

3 −W
•

4

� cr
3
0Ω · f1 −f2 −f3 −f4( ,

(8)
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Figure 2: Log-spiral failure mechanisms of the slope with tunnel.
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Figure 1: Equivalent effective strain distribution of the slope with tunnel.
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where W
•

1, W
•

2, W
•

3, and W
•

4 are the rock mass gravity rates
done by areas OAD, OAA′, OA′D, and BCT, respectively; f1,
f2, f3, and f4 are the functions of (θh, θ0) and c is the unit
weight of rock mass. Figure 3 shows the detailed calculation
of the function f.

Because the intersection area of the tunnel and the
sliding surface is smaller relative to the overall rotation area,
the intersection area is simplified as trapezoid to solve the
rock mass gravity rate of the area BCC′B′. +e function f1∼f4
can be written as

f1 �
1

3 1 + 9 tan 2 φ 
 3 tanφ cos θh + sin θh 

· exp 3 θh − θ0(  tanφ − 3 tanφ cos θ0 − sin θ0,

(9)
f2 �

1
6

L

r0
2 cos θ0 −

L

r0
  sin θ0, (10)

f3 � exp θh − θ0(  tanφ  ·
1
2

·
H

r0
·
sin θh + β( 

sin β
·

1
3

H

r0
cot β +

2
3
exp θh − θ0(  tanφ  · cos θh , (11)

f4 �
1
2

H

r0
 

3

·
2 R + d2( 

H
− 2α1 − α2  ·

1
H

�������������������

R2 − α1H + α2H−d2( 
2



+

��������������

R2 − d2 − α1H( 
2



  

×
⎧⎨

⎩

�������������������

R2 − α1H + α2H− d2( 
2



+

��������������

R2 − d2 − α1H( 
2



  · 3R + 3d2 − 3α1H− 2α2H( 

·
1
3H

·
1

2R + 2d2 − 2α1H− α2H( 
+

d1

H
+ exp θh − θ0(  tanφ  · cos θh −

��������������

R2 − d2 − α1H( 
2



H

⎫⎬

⎭.

(12)

3.1.2. Rate of Seismic Inertia Force. +e rate done by seismic
inertia force includes the horizontal seismic inertia rate W

•

kh
and vertical seismic inertia rate W

•

kv
. +e rate done by seismic

inertia force of each region is calculated first, and then, the
superposition calculation is carried out. W

•

kh
and W

•

kv
can be

expressed as

W
•

kh
� kh · cr

3
0Ω · f5 −f6 −f7 −f8( , (13)

W
•

kv
� kv · cr

3
0Ω · f1 −f2 −f3 −f4( , (14)

where f1, f2, f3, and f4 are the same as above and f5, f6, f7,
and f8 are the functions of (θh, θ0). +e function f5∼f8 can
be written as

f5 �
1

3 1 + 9 tan2φ 
 3 tanφ sin θh − cos θh 

· exp 3 θh − θ0(  tanφ − 3 tanφ sin θ0 + cos θ0,

(15)
f6 �

1
3

L

r0
sin 2 θ0, (16)

f7 � exp θh − θ0(  tanφ  ·
1
6

·
H

r0
·
sin θh + β( 

sin β

· 2 exp θh − θ0(  tanφ  sin θh −
H

r0
 ,

(17)

f8 �
1
2

·
H

r0
 

3

·
2 R + d2( 

H
− 2α1 − α2  ·

1
H

�������������������

R2 − α1H + α2H−d2( 
2



+

��������������

R2 − d2 − α1H( 
2



  

·  R + d2 − α1H( 
2

+ R + d2 − α1H− α2H(  · R + d2 − α1H(  + R + d2 − α1H− α2H( 
2

 

·
1
3H

·
1

2R + 2d2 − 2α1H− α2H( 
−

d2 + R

H
+ exp θh − θ0(  tanφ  sin θh.

(18)

+e sum of the external force rate can be expressed as

W
•

� cr
3
0Ω · 1− kv(  · F1 + kh · F2 , (19)

where

F1 � f1 −f2 −f3 −f4, (20)
F2 � f5 −f6 −f7 −f8. (21)

3.2. Rate of Internal Energy Dissipation

3.2.1. Rate of Energy Dissipation on the Velocity Discontinuity
Surface. When the plastic failure occurs in the slope, it can
be considered that there is no rate dissipation in the rigid
plastic area of ABCDA′A, and the local deformation is
basically the same. +e energy dissipation rate on the ve-
locity discontinuity surface can be calculated as
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Figure 3: Detailed calculations of functions f1 (a), f2 (b), f3 (c), and f4 (d).
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W
•

c � 
θh

θ0
c · Vcosφ ·

rdθ
cosφ

� cr
2
0Ω · f9, (22)

where c is the cohesion of rock mass and f9 is the function of
(θh, θ0), as shown below. Other parameters are the same as
above.

f9 �
1

2 tanφ
· exp 2 θh − θ0(  tanφ − 1 . (23)

3.2.2. Rate of Lining Resistance. Because the log-spiral
failure surface passes through the tunnel, the vertical and
horizontal surrounding rock pressure above the log-spiral
surface is only considered. +e force on the lining structure
can be seen as the surrounding rock pressure. Because the
lining structure prevents the damage of surrounding rock,
the rate of lining resistance is equal to the rate of sur-
rounding rock pressure, and the symbol is opposite, as
shown in Figure 4. It is assumed that the exerting point of
vertical surrounding rock pressure is at the midpoint of the
horizontal distance between B′ and C′ and of horizontal
surrounding rock pressure is at the midpoint between BB′
and CC′. Hm is the buried depth of the tunnel, and Ht is the
tunnel height.

+e rates done by vertical and horizontal lining resistance
are W

•

h and W
•

v, respectively, which can be expressed as

W
•

h � Fh · r0 ·Ω · f10, (24)
W

•

v � Fvlr0Ω · f11 −Fvrr0Ω · f12, (25)

where Fh is the horizontal surrounding rock pressure; Fvl and
Fvr are the vertical rock pressure on the left and right sides of
the tunnel, respectively; f10, f11, and f12 are the functions of
(θh, θ0), which can be expressed as

f10 � −
H

r0
·

⎧⎨

⎩

�������������������

R2 − α1H + α2H−d2( 
2



2H
+

d1

H

+ exp θh − θ0(  tanφ −

��������������

R2 − d2 − α1H( 
2



2H

⎫⎬

⎭,

(26)
f11 �

H

r0
· exp θh − θ0(  tanφ −

α1
2
−

R

2H
−

d2

2H
 , (27)

f12 �
H

r0
· exp θh − θ0(  tanφ −

α1
2
−
α2
2
−

R

2H
−

d2

2H
 .

(28)

+e sum of the rate of lining resistance can be
expressed as

W
•

T � W
•

h + W
•

v � r0Ω · h Fhf10 + Fvlf11 −Fvrf12( .

(29)

+us, the sum of the internal energy dissipation can be
expressed as

Wint
•

� W
•

c + W
•

T � cr
2
0Ω · f9

+ r0Ω · h Fhf10 + Fvlf11 −Fvrf12( .
(30)

When the external rate is equal to the internal energy
dissipation rate, the upper bound solution of the stability
coefficient of the slope with tunnel can be obtained as
W

•

� W
•

int.

4. Calculation Results and Influencing
Factor Analysis

4.1. Comparison of Calculation Results. +e slope stability
coefficient calculated by this paper is compared with the
result of the limit equilibrium method [6, 29] to verify the
validity of the proposed method. According to the upper
bound theorem of limit analysis, the safety factor of slope
stability can be expressed as

Fs �
W

•

int

W
• . (31)

Substituting (19) and (30) into (31), (31) becomes

Fs �
c′H · H/r0( 

−1
· f9 + Fhf10 + Fvlf11 −Fvrf12

cH2 1− kv(  · F1 + kh · F2  · H/r0( 
−2 . (32)

Because Fs is a function of θ0, θh, and β and the right side
of the above equation implies a reduction factor Fs, the
function Fs � Fs(θ0, θh, β) has a minimal upper bound when
θ0, θh, and β satisfy the following conditions:

e

B

C

B′

β
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q
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Figure 4: Assumed distribution of surrounding rock pressure.
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zFs

zθ0
� 0,

zFs

zθh

� 0,

zFs

zβ
� 0.

(33)

In order to avoid lengthy calculation, the semigraphical
method [30] is used to solve (33). Substituting obtained θ0,
θh, and β into (33), the minimum safety factor of slope
stability can be obtained.+e sequential quadratic optimized
iterative method [31] is used to verify the results.

In addition, the safety factor Fs shouldmeet the following
constraint conditions:

0< θ0 < θh < π

H

r0
> 0,

L

r0
> 0

R2 tan β cos β
R + d2 cos β

<d1 <H cot β + R

0<d2 <R + α1H.

(34)

Table 1 shows the comparison of the seismic safety factor
calculated by various methods. From the calculation results
of Table 1, the results obtained in this study are close to the
results obtained by the simplified Bishop’s method. +e
safety factors of the present study are smaller than those
calculated by the simplified Bishop’s method. +e good
agreements show that the proposed method for calculating
seismic stability of the slope is an effective method.

4.2. Sensitivity Analysis of Seismic Stability Factor. +e main
factors affecting the seismic stability of the slope include the
design parameters of the slope and the tunnel, physical and
mechanical parameters of the rock mass of the slope, and
horizontal and vertical seismic loads. In order to simplify
the analysis, seven influencing factors of the slope with
tunnel are selected for analysis, including the slope height
H, the slope angle β, the distance of the slope toe from the
tunnel d1, the tunnel radius R, the horizontal seismic force
coefficient kh, the cohesion of rock mass c, and the internal

friction angle φ. According to the experience of engineering
design, each factor takes three levels for orthogonal
analysis, which represent high, medium, and low levels of
each factor, as shown in Table 2. +ey are arranged in the
L27 orthogonal table, as shown in Table 3. +e interaction
between factors is not considered.+e vertical seismic force
coefficient kv is 2/3 times kh. Other factors, such as c � 20

Table 1: Stability coefficients under different rock mass parameters.

Case kh (g) kv (g) c (kN/m3) c (kPa) φ (°) H (m) β (°)
Fs

+is work Simplified Bishop’s method [32]
1 0.1 0.03 20 50 20 15.5 45 2.63 2.71
2 0.2 0.13 25 55 25 15.5 45 2.07 2.14
3 0.4 0.4 20 60 30 16 50 1.40 1.49
4 0.6 0.4 25 65 35 16 50 1.01 1.12

Table 2: Table of the orthogonal test scheme.

Factor H (m) β (°) d1 (m) R (m) c (kPa) φ (°) kh (g)
Level 1 14 40 9 5 50 20 0.1
Level 2 15 45 12 6 60 25 0.2
Level 3 16 50 15 7 70 30 0.4

Table 3: Table of the orthogonal test.

Number H (m) β (°) d1 (m) R (m) c (kPa) kh (g) φ (°) Fs
1 14 40 9 5 50 0.1 20 4.52
2 14 40 9 5 60 0.2 25 6.45
3 14 40 9 5 70 0.4 30 9.99
4 14 45 12 6 50 0.1 25 9.92
5 14 45 12 6 60 0.2 30 8.62
6 14 45 12 6 70 0.4 20 1.73
7 14 50 15 7 50 0.1 30 5.79
8 14 50 15 7 60 0.2 20 2.76
9 14 50 15 7 70 0.4 25 1.99
10 15 40 12 7 50 0.2 20 3.65
11 15 40 12 7 60 0.4 25 4.14
12 15 40 12 7 70 0.1 30 3.43
13 15 45 15 5 50 0.2 25 2.31
14 15 45 15 5 60 0.4 30 2.22
15 15 45 15 5 70 0.1 20 4.03
16 15 50 9 6 50 0.2 30 8.07
17 15 50 9 6 60 0.4 20 1.19
18 15 50 9 6 70 0.1 25 9.31
19 16 40 15 6 50 0.4 20 1.14
20 16 40 15 6 60 0.1 25 5.48
21 16 40 15 6 70 0.2 30 2.74
22 16 45 9 7 50 0.4 25 1.82
23 16 45 9 7 60 0.1 30 7.08
24 16 45 9 7 70 0.2 20 3.10
25 16 50 12 5 50 0.4 30 1.10
26 16 50 12 5 60 0.1 20 2.55
27 16 50 12 5 70 0.2 25 2.46
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kN·m−3, φ� 25°, α1 �0.1, α2 � 0.2, α3 � 0.7, and d2 � 4m, are
used for calculations. Because each factor of each level
corresponds to nine groups of tests, the average value of Fs
corresponding to these nine groups of tests is taken as the
critical value of the safety factor. +e sensitivity of the
factor to the safety factor of the slope can be obtained, as
shown in Table 4.

+e greater the range, the greater the sensitivity of the
test results to this factor. From Table 4, the sensitivities of the
abovementioned seven influencing factors are as follows:
kh>H>φ> β> c>R> d1. +e safety factor is more sensitive
to the horizontal seismic force coefficient kh and the slope
heightH. +e main reason is that the change of the height of
the slope greatly changes the whole shape of the slope: as the
height of the slope increases, the slope angle will increase and
the stability of the slope will be lowered. In this study, the
pseudostatic method is used to simplify the seismic action,
and then, the pseudostatic force is applied to the research
object, so the sensitivities of the horizontal seismic force
coefficient and the slope height are larger. +e empty space
in the tunnel is small relative to the entire sliding body, so the
sensitivities of the main design parameters of the tunnel are
smaller.

4.3. 6e Influence of Factors on Safety Factor. +e control
variable method was used to study the influence of the slope
height H on the safety factor. +e main parameters of the
slope are as follows: β � 45°, c � 20 kN·m−3, c� 70 kPa,
φ � 20°, α1 �0.1, α2 � 0.2, α3 � 0.7, kh � 0.4 g, kv � 0.267 g,
d2 � 4m, d1 �9m, and R� 6m. Figure 5 shows the change
trend of the safety factor with the slope height. +e safety

factor presents a significant nonlinear decreasing trend with
the increase of the slope height.

+e slope height is taken as H� 15m when calculating,
and the other parameters are the same as above. Figure 6
shows the change trend of the safety factor with the slope
angle.+e safety factor decreases with increasing slope angle,
and it presents nonlinearity.

+e slope height is taken as H� 15m when calculating,
and the other parameters are the same as above. Figure 7
shows the change trend of the safety factor with the distance
of the slope toe from the tunnel. +e safety factor decreases
with increasing the distance of the slope toe from the tunnel,
and it presents approximate linearity. +e influence of the
tunnel on the stability of the slope is related to the position of
the tunnel relative to the position of the sliding surface. +e
increase of the distance of the slope toe from the tunnel may
decrease the strength of the sliding belt.+e antislide force of
the corresponding sliding surface will decrease, and the
safety factor of the slope will decrease.

+e parameters are the same as above. Figure 8 shows the
change trend of the safety factor with the tunnel radius. +e

Table 4: Range of the orthogonal test.

Factor H (m) β (°) d1 (m) R (m) c (kPa) kh (g) φ (°)
Level 1 5.75 4.62 3.16 3.96 3.26 5.79 3.74
Level 2 4.26 4.54 4.18 5.36 4.50 4.46 4.88
Level 3 3.05 2.92 4.73 3.75 4.91 2.81 5.45
Range 2.70 1.70 1.57 1.61 1.65 2.98 1.71
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Figure 5: Effect of the slope height H on safety factor Fs.
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Figure 6: Effect of the slope angle β on safety factor Fs.

9 10 11 12 13 14 15 16 17
0

1

2

3

4

d1 (m)

F s

Figure 7: Effect of the distance of the slope toe from the tunnel d1
on safety factor Fs.
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safety factor increases with increasing tunnel radius, and it
presents nonlinearity. +e increase of the tunnel radius may
decrease the mass of the sliding zone; the glide force of the
corresponding sliding surface will decrease, and the safety
factor of the slope will increase.

+e parameters are the same as above. Figure 9 shows the
change trend of the safety factor with the cohesion. +e
safety factor increases with increasing cohesion, and it
presents linearity.

+e parameters are the same as above. Figure 10 shows
the change trend of the safety factor with the horizontal
seismic force coefficient. +e safety factor decreases with
increasing horizontal seismic force coefficient, and it pres-
ents obvious nonlinearity.

+e parameters are the same as above. Figure 11 shows
the change trend of the safety factor with the internal friction
angle. +e safety factor increases with increasing internal
friction angle, and it presents obvious nonlinearity.

Some parameters, such as the height of the slope H, the
internal friction angle φ, and the horizontal seismic force
coefficient kh, have a great effect on the safety factor; this may
be because these parameters are related to the overall system
of the slope. Others have a little effect on the safety factor,
and the reason may be that these factors are only related to
the tunnel and sliding surface inside the slope.

5. Conclusions

Based on the upper bound theorem of plastic limit analysis
and the pseudostatic method, the seismic stability of the
slope with tunnel was analyzed by defining the safety factor.
+e sensitivity analysis of the influence factors of the safety
factor was carried out by the orthogonal analysis method,
and the influence degree of these factors was analyzed. +e
main conclusions are as follows:

(1) A logarithmic spiral failure mechanism was estab-
lished for the slope with tunnel. +e upper bound
solution of the safety factor of the slope with tunnel
was obtained by calculating the external work rate
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Figure 8: Effect of the tunnel radius R on safety factor Fs.
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Figure 9: Effect of the cohesion c on safety factor Fs.
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Figure 11: Effect of the internal friction angle φ on safety factor Fs.
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and the internal energy dissipation rate. +e upper
bound solution takes into account the tunnel loca-
tion, buried depth of the tunnel, resistance of the
lining structure, seismic inertia force coefficient,
cohesion and internal friction angle of rock mass,
and other factors. +e consistency of the results
between the present study and the existing research
shows that the present solutions are feasible.

(2) +e sensibility sequence of influence factors of the
seismic safety factor is listed as follows: horizontal
seismic force coefficient kh, slope height H, internal
friction angle φ, slope angle β, cohesion of rockmass c,
tunnel radius R, and the distance of the slope toe from
the tunnel d1. Among them, the sensitivities of the
horizontal seismic force coefficient kh and the slope
heightH are larger, while the sensitivities of the tunnel
radius R and the distance of the slope toe from the
tunnel d1 are smaller.

(3) +e slope angle β, the tunnel radius R, the cohesion c,
and the distance of the slope toe from the tunnel d1
have little effect on the safety factor, while the slope
height H, the horizontal seismic force coefficient kh,
and the internal friction angle φ have a great effect on
the safety factor.

(4) +is paper assumes that the log-spiral failure surface
passes through the foot of the slope and passes
through the tunnel. Such assumptions are not ap-
propriate in situations where the slope angle is very
small or the log-spiral surface does not pass through
the tunnel. +e influence of the bias tunnel is not
considered when calculating the surrounding rock
pressure, which affects the calculation results to
a certain extent. +e seismic stability of the slope
with tunnel requires a comprehensive research.
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In order to build the post-peak strain softeningmodel of rock, the evolution laws of rock parameters (m, s) were obtained by using
the evolutionary mode of piecewise linear function regarding the maximum principle stress. Based on the nonlinear Hoek–Brown
criterion, the analytical relationship of the rock strength parameters (m, s), cohesion (c), and friction angle (φ) has been
developed by theoretical derivation. According to the analysis on the four different types of rock, it is found that, within the range
from 0 to σ3min, the peak hardness of the rock becomes smaller as the confining pressure increases and the degree of rock
fragmentation decreases as well. (e post-peak stress-strain curves obtained from the developed softening model are in good
agreement with the laboratory test results under different confining pressures. In conclusion, the analytical method is reasonable,
and it can predict the post-peak mechanical behaviour of rock well, which provides a new thought for the rock-
softening simulation.

1. Introduction

It is well known that the rock material is one type of het-
erogeneous brittle material with complex mechanical
properties, which is significantly different from the metal
material. In terms of post-peak strain softening character-
istics, it is impossible to describe by the classical strength
theory [1]. Many researchers have studied from different
aspects regarding the post-peak strain softening behaviour.
Rummel and Fairhurst [2] were one of the earliest re-
searchers to study the general capabilities of post-peak
compression tests of the rock. Tutluoglu et al. [3] gath-
ered a lot of data related to the postfailure part of the stress-
strain curve to study the relationship between prefailure and
postfailure mechanical properties of the rock material. But
the confining pressure on the post-peak mechanical be-
haviour of rock was not considered. Furthermore, the
laboratory tests [4–8] show that the confining pressure
greatly affected the post-peak mechanical behaviour of rock.
Meng et al. [9] proposed a new evaluation method based on
the magnitude and velocity of the post-peak stress drop,
which accurately accounts for the influence of the confining

pressure on strain softening. Alejano and Alonso [10]
proposed a conveniently simple formulation of the dilatancy
angle, which is capable of representing the rock sample’s
strain softening behaviour in compressive tests. Walton et al.
[11] performed a series of uniaxial and triaxial tests and
studied post-peak behaviour about the strength, deform-
ability, and dilatancy at low confinement. Fang and Harrison
[12] utilized the concept of a degradation index to describe
the variation in degradation that rock exhibits when it is
subjected to various confining pressures. Zhao et al. [13]
established evolution laws of the strength parameters of soft
mudstone at the post-peak stage by considering stiffness
degradation. By introducing the concept of generalized
friction angle and generalized cohesion, Lu et al. [14]
constructed the post-peak computing model combined with
FLAC code. Leontiev and Huacasi [15] and Filho and
Leontiev [16] have conducted research from different angles
on the post-peak mechanics of rock.

In order to study the post-peak strain softening me-
chanical properties of rock, the mechanical models de-
scribed above are based on the Mohr–Coulomb criterion.
However, the extent of rock damage was not studied in
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their studies. It is seldom to establish the post-peak strain
softening model based on the Hoek–Brown criterion. Tan
et al. [17] considered degradation and expansion behaviour
of the rock constructing the post-peak strain softening
model based on the Hoek–Brown criterion. (e rock pa-
rameters (m, s) in the Hoek–Brown criterion reflect the
failure condition of rock reasonably. In this paper,
piecewise linear function was used to obtain the evolution
of rock strength parameters (m, s). Accordingly, the ana-
lytical relationships among rock strength parameters
(m, s), friction angle (φ), and cohesion (c) were developed,
and a new post-peak strain softening model was proposed.
(e verification with laboratory test results shows that the
analytical model is reasonable to predict the post-peak rock
behaviour.

2. Simplification of Strain Softening Process

Figure 1 shows a series of stress-strain curves of Hawkesbury
sandstone specimens under different confining pressures
[18]. It can be observed that the rock failure is a staged
development process. With the increase of confining pres-
sure, the rock post-peak strain softening behaviour is
gradually transformed into ideal elastic-plastic behaviour. In
order to process the main deformation and failure char-
acteristics more informative in mathematics [19, 20], Figure
1 has been simplified to Figure 2. In Figure 2, the dash line
indicates the stress-strain curve obtained by the experiment
and the solid line represents the ideal stress-strain curve.(e
strain softening model is typically divided into three stages:
pre-peak elastic deformation stage, post-peak strain soft-
ening stage, and residual stage.

3. Analysis of the Rock Parameters of the
Hoek–Brown Criterion and the Post-Peak
Constitutive Model

In the post-peak deformation stage, the development of
strain softening is induced by the change of the rock strength
parameters [12–14].

3.1. Strength Criterion. According to the Hoek–Brown cri-
terion [21],

σ1 � σ3 +

����������������

m(η)σ3σci + s(η)σ2ci


, (1)

where σ1 is the effective major principal stress, σ3 is the
effective minor principal stress, η is the strain softening
parameter, and σci is the uniaxial compressive strength of
intact rock. m and s are rock strength parameters; s rep-
resents the degree of fragmentation of rock ranging from 0.0
to 1.0. For unfractured rock mass (i.e., rock), s � 1.0. m

represents the hardness of rock ranging from 0.0000001 to
25. For intact hard rock, m � 2.5.

3.2. Strain Softening Parameters. (ere are usually two
methods for selecting strain softening parameters. (e first
one is based on the increment method:

_c �

������������������
2
3

_εp
1 _εp

1 + _εp
2 _εp

2 + _εp
3 _εp

3 



, (2)

wherein _εp
i (i � 1, 2, 3) represents the changing rate of the ith

principal plastic strain.
In another method, the strain softening parameter is

considered as a function of the internal variable. (e major
principal strain ε1, the major principal plastic strain ε1p, the
plastic shear strain c1, and the equivalent plastic shear strain
c2 are frequently used in this method:

c1 � ε1p − ε3p,

c2 �

������������������
2
3

εp
1 ε

p
1 + εp

2 ε
p
2 + εp

3 ε
p
3 



.

(3)

As the rock parameters (m, s) vary with the increase
of the major principal strain, the major principal strain ε1
from the above method is used as the softening pa-
rameter in this paper, which leads to ease of analytical
calculation.
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Figure 1: Complete stress-strain curves of Hawkesbury sandstone
specimens under different confining stresses [18].
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3.3. Analysis of Rock Strength Parameters (m, s) and the Post-
Peak Constitutive Model. (e relationship between post-
peak strength parameters and strain softening parameter,
namely, the evolution of strength parameters, can be ob-
tained by the laboratory experiment and numerical simu-
lation. For simplicity, the mentioned relationship is often
assumed as the form of a piecewise linear function [22–25],
which can be expressed as

η(c) �
ηp − ηp − ηr 

c

c∗
, cp < c< c∗

ηr, c≥ c∗,

⎧⎪⎨

⎪⎩
(4)

where η, ηp, and ηr represent the strength parameter,
strength parameter at the peak, and strength parameter at
the starting point of the residual stage, respectively; cp and
c∗ are the critical softening parameter at the peak and
strength parameter at the starting point of the residual stage,
as shown in Figure 3.

According to (4), the evolution of rock strength pa-
rameters (m, s) can be obtained:

m(ε) �
mp − ε1 − εr( 

mp −mr

εr − εp
, εp < ε< εr

mr, ε≥ εr,

⎧⎪⎨

⎪⎩
(5)

s(ε) �
sp − ε1 − εr( 

sp − sr

εr − εp
, εp < ε< εr

sr, ε≥ εr,

⎧⎪⎨

⎪⎩
(6)

where mp and sp are the peak values of m and s; mr and sr
are the peak residual values of m and s; and εp and εr are the
major principal strain values at the peak and at the starting
point of the residual stage, respectively.

By substituting (5) and (6) into (1), the integration in
(1) may be carried out analytically, and the post-peak
strain softening constitutive model can be obtained
accordingly.

4. Analytical Study of Hoek–Brown Parameters

Before calculation by (5) and (6), the strength parameters (m, s)

at the peak and the starting point of the residual stage should be
determined. In rock engineering, strength parameters (m, s)

are generally determined by Geological Strength Index (GSI).
However, it is difficult to use such amethod to indicate strength
parameters for rock specimens. (erefore, the paper proposes
to use theMohr–Coulomb strength criterion to obtain strength
parameters (c,φ) at the peak and at the starting point of the
residual stage under different confining pressures. (e strength
parameters (m, s) can be obtained via the relationship between
themselves and the strength parameters (c,φ) afterwards.

4.1. Strength Parameters (c,φ) at the Peak and the Starting
Point of the Residual Stage. Cohesion c and friction angle φ at
the peak and the starting point of the residual stage under
different confining pressures are various [26].(epaper assumes
that any point in the post-peak stage is satisfied with the
Mohr–Coulomb ultimate failure condition during the elastic
unloading process. In this case, the unloading path L is parallel
with the secant M at the peak, as shown in Figure 4. (e same
plastic shear strain (εps), under different confining pressures
and the same unloading path, corresponds to a series of different
ultimate stress states: (σ1′, σ3′), (σ1″, σ3″), and (σ1‴, σ3‴). By using
the above method, the groups of different ultimate stress at the
peak and the starting point of the residual stage can be obtained
and displayed as Mohr stress circles in Figure 5. According to
several Mohr stress circles, the envelope can be drawn.(us, the
corresponding cohesion c and friction angle φ at the peak and
the starting point of the residual stage under different confining
pressures can be obtained by analysis of the Mohr strength
straight lines through the tangent points of envelopes.
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Figure 3: Variation of the strength parameter η in the whole stress-
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4.2. Analytical Derivation. Uniaxial compressive strength of
rock mass may be expressed as [27]

σcm �
�
s

√
σci. (7)

Uniaxial tensile strength of rock mass may be written
as [12]

σtm �
1
2
σci m−

�������
m2 + 4s

√
 . (8)

By combining with the Mohr–Coulomb criterion, co-
hesion c and friction angle φ can be obtained [28]:

c �
1
2

��������
−σcm · σtm

√
, (9)

φ � tan−1
σcm + σtm

2 ���������−σcm · σtm
√ . (10)

By combining (7)–(10), the relationship among m, s, σci,
c, and φ can be obtained:

c
2

�
1
8

�
s

√
σ2ci

�������
m2 + 4s

√
−m , (11)

tan2φ �
2

�
s

√
+ m−

�������
m2 + 4s

√
(  

2

8
�
s

√ �������
m2 + 4s

√
−m( 

. (12)

Equations (11) and (12) can be modified to the following
equations:

c
2

�
1
8

ABσ2ci, (13)

tan2φ �
[2B−A]2

8AB
, (14)

where

A �
�������
m2 + 4s

√
−m, (15)

B �
�
s

√
. (16)

By combining (13)–(16), the following results can be
expressed:

A �
4c

σci

���������

tan2 φ + 1


− tanφ , (17)

B �
2c

σci

���������

tan2 φ + 1


+ tanφ . (18)

Substituting (17) and (18) into (15) and (16), the following
equations are obtained:

s �
4c2

σ2ci

���������

tan2 φ + 1


+ tanφ 
2
, (19)

m �
8c

σci
tanφ ·

���������

tan2 φ + 1


·

���������

tan2 φ + 1


+ tanφ . (20)

After substituting the strength parameters (c, φ) at the
peak and the starting point of the residual stage into (19) and
(20), the rock strength parameters (s, m) at the peak and
the starting point of the residual stage can be calculated
accordingly.

Equations (19) and (20) show that the rock strength
parameters (s, m) are related to the uniaxial compressive
strength of intact rock σci, friction angle φ, and cohesion c,
which can be expressed as

s � f σci, c,φ( ,

m � f σci, c, ϕ( .
(21)

In terms of several groups of (σ1, σ3) under different
confining pressures, σci is calculated [10]:

σci �

����������������������������

 y

n
−

 xy− (  x  yn

 x2 − (  x
2
n 

⎧⎪⎪⎨

⎪⎪⎩

⎫⎪⎪⎬

⎪⎪⎭

 x

n





, (22)

where x � σ3, y � (σ1 − σ3)
2, and n is the number of groups

of data.

5. Verification and Discussion

5.1. Application of the Developed Analytical Method. In order
to verify the developed post-peak strain softening model, the
triaxial compression test results of the Hawkesbury sandstone
[18] were used.(e strength parameters (c,φ) at the peak and
the starting point of the residual stage for the Hawkesbury
sandstone were calculated via the above analytical method,
and the results are shown in Table 1. According to (22), σci of
the Hawkesbury sandstone is 21.21MPa.

Substituting the data in Table 1 into (19) and (20), the
corresponding rock strength parameters (m, s) at the peak
and the starting point of the residual stage are obtained and
listed in Table 2.

It can be observed from Table 2 that the rock strength
parameter s is greater than 1.0, which is contradicted with
the defined range of s (from 0 to 1.0). (e reason is that the
cohesion c and the friction angle φ are obtained based on the
Mohr–Coulomb strength criterion. (ere is a maximum
limit of confining pressure (σ3max) for linear fitting between
the Mohr–Coulomb criterion and Hoek–Brown criterion
[29], as shown in Figure 6.

Mohr’s
strength
envelope

σO

τ

τ = c′ + σ tan φ′
τ = c″ + σ tan φ″ τ = c‴ + σ tan φ‴

σ1′ σ2″ σ3‴ σ1′ σ2″ σ3‴

Figure 5: Mohr diagram for the tested specimens at the same
plastic shear strain εps under different confining pressures [9].
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In terms of the upper limit of the maximum confining
pressure (σ3max) obtained in rock engineering, it is mainly
influenced by the engineering experience and classification.
It is suggested in this paper that the value of the maximum
confining pressure (σ3max) can be reached when the strength
parameter (s) value is equal to 1.0. In this elastic state, the
rock specimen is in peak strength under the confining
pressure. Furthermore, the internal structure of the speci-
men is unfractured; therefore, Hoek–Brown and Mohr–
Coulomb criteria could be used to fit its stress-strain curve.

On the contrary, once this upper limit of the maximum
confining pressure is exceeded, it is unmeaningful to use the
Hoek–Brown criterion or Mohr–Coulomb criterion since
the calculated results display deviation from the real ones. In
other words, it is no necessary to define a value to s.

As indicated in Tables 1 and 2, the cohesion and friction
angle at the peak and the starting point of the residual stage
change with the confining pressure. It may be concluded that
cohesion (c) and friction angle (φ) are a function of the
confining pressure σ3. By conducting secondary fitting of c,
ϕ, and σ3 in Table 1, the fitting result is shown in Figures 7
and 8, and the fitting functions are

cp σ3(  � −0.01σ23 + 0.77σ3 + 3.67, R
2

� 0.95, (23)

φp σ3(  � 0.04σ23 − 2.23σ3 + 36.75, R
2

� 0.98, (24)

Table 1: Data of the Hawkesbury sandstone in triaxial compression tests.

Confining pressure (MPa)
At the peak At the starting point of the residual stage

εp (10−3) cp (Mpa) φp (°) εr (10
−3) cr (Mpa) φr (°)

2 5.5 5.66 31.9 6.3 0.79 32.7
5 6.5 6.46 27.4 8.0 1.74 28.7
8 7.7 10.28 19.2 9.0 4.89 21.5
12 8.8 12.19 14.2 10.0 7.05 15.3
18 12.3 14.17 9.6 13 8.61 9.9

Table 2: Rock strength parameters (m, s) at the peak position and at the starting residual stage.

Confining pressure (MPa)
At the peak At the starting point of the

residual stage Sp/Sr
εp (10−3) mp sp εr (10

−3) mr sr

2 5.5 1.99 0.46 6.3 0.29 0.01 48.00
5 6.5 1.65 0.50 8.0 0.49 0.04 13.09
8 7.7 1.42 0.93 9.0 0.98 0.33 4.06
12 8.8 1.09 0.99 10.0 0.70 0.38 2.87
18 12.3 0.77 1.25 13.0 0.48 0.47 —
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cr σ3(  � −0.02σ23 + 0.89σ3 − 1.39, R
2

� 0.95, (25)

φr σ3(  � −0.02σ23 − 1.88σ3 + 36.90, R
2

� 0.96. (26)

Substituting (23) and (24) into (19), the maximum
confining pressure σ3max is calculated to be 12.1MPa when
s � 1 in (19).

It can be found from Table 2 that when the specimen
reaches the peak strength, mp(2 MPa)>mp(5 MPa)>
mp(8 MPa)>mp(12 MPa) and sp(2 MPa)< sp(5 MPa)<
sp(8 MPa)< sp(12 MPa).

Within a certain range of confining pressure and in-
creasing confining pressure at the peak, mp becomes smaller
while sp becomes greater. It can be concluded that the in-
crease of confining pressure results in smaller hardness at the
peak and better rock quality. With the increase of confining
pressure, rock develops gradually from brittle to ductile,
which results in increased plasticity, reduced brittleness, and
reduced hardness. It is interesting to note that as a result of
the increase of confining pressure, the internal extent of the
damage becomes smaller and the fragmentation influences
less when the rock reaches the peak.

By substituting the corresponding values of m andp for
the confining pressures of 2, 5, 8, and 12MPa into (5) and
(6), the analytical results of such two equations can be
obtained and substituted into (1). (us, the post-peak strain
softening model of the Hawkesbury sandstone can be
established. Figure 9 displays the comparison between the
whole stress-strain curves of numerical simulation and
triaxial compression tests for the Hawkesbury sandstone.

5.2. Discussion of Results. In order to verify the analytical
results, the same analytical method was carried out with
laboratory results of the representative rock types: Indiana
limestone [26], Tennessee marble [7], and Hegang granite
[7]. Table 3 presents the axial strains and the rock parameters

(m, s) of different rock types corresponding to the peak
strength and residual strength.(e values of Sp/Sr are related
to different confining pressures. Figures 9–11 illustrate the
comparison chart between the numerical simulation and
experimental data for the Hawkesbury sandstone, Tennessee
marble, and Hegang granite, respectively.

As can be seen from Figures 9–12, numerical simulation
is consistent with experimental data trends within a certain
range of confining pressure, and the numerical simulation
value agrees well with actual experimental values, especially
for peak strength and residual strength. It indicates that the
post-peak strain softening model established in the paper is
reasonable, and it can accurately describe the mechanical
post-peak behaviour of rock.

For better understanding of the post-peak softening
characteristics and the degree of fragmentation and the
degree of brittleness of rock, the brittleness index is pro-
posed for Sp/Sr. Figure 13 illustrates the relationship among
Sp/Sr, confining pressure, and rock type.

As the confining pressure decreases, Sp/Sr gradually
decreases and tends to become stable finally. In other words,
as the confining pressure increases, the rock gradually de-
velops brittleness to ductility. Influenced by the confining
pressure, the performance of brittleness of different types of
rock is varying. (e results also show that the reaction of the
Hawkesbury sandstone is the most violent, followed by the
Hegang granite and Tennessee marble.

6. Conclusion

A reasonable post-peak strain softening model plays an
important role in the analysis of rock behaviour. Based on
the nonlinear Hoek–Brown criterion, a post-peak strain
softening model was proposed in this paper, and the con-
clusions are listed below:
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Figure 8: Relationship of c or φ changing with confining pressure
at the starting point of the residual stage.
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Figure 9: Comparison between Hawkesbury sandstone triaxial
compression test data and numerical simulation curves.
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(1) Based on the Hoek–Brown criterion, the maximum
principal strain ε1 was selected as the softening
parameter. (e piecewise linear function was used to
evaluate the rock strength parameters (m, s), and the
post-peak strain softening model was obtained
accordingly.

(2) By theoretical derivation, the analytical relation of
parameters (m, s), cohesion (c), and friction angle
(φ) is determined. (e cohesion (c) and friction
angle (φ) under different confining pressures can
be obtained regarding any points of the post-peak
stage. (is developed relationship helps to es-
tablish a nonlinear post-peak strain softening
model.

(3) (e laboratory test results of the Hawkesbury
sandstone show that with the increase of confining
pressure, the rock hardness in peak strength becomes
smaller. However, the degree of rock fragmentation
in peak strength becomes lower within the range of

confining pressure from 0 to σ3min. When the rock
strength parameter (s) reaches 1, the upper limit of
the confining pressure σ3max for best fitting between
the Hoek–Brown criterion and Mohr–Coulomb
criterion can be obtained.

(4) (e analytical results of the developed strain soft-
ening model have been verified with laboratory re-
sults of the Hawkesbury sandstone, Indiana
limestone, Tennessee marble, and Hegang granite.
(e results of the analytical method and laboratory
tests are in good agreement, and it is concluded that
the proposed model can predict the post-peak me-
chanical properties of the rock accurately.

(5) Different types of rock may have different values of
Sp/Sr. (e value of Sp/Sr is related to the influence of
the confining pressure on the brittleness of rock. As
the confining pressure increases, the value of Sp/Sr
obtained from the same rock type becomes small,
which results in the weakened brittleness.

Table 3: Rock strength parameters (m, s) of different rock types at the peak position and at the starting point of the residual stage.

Rock type Confining pressure (MPa) εp (10−3) mp sp εr (10
−3) mr sr Sp/Sr

Indiana limestone

2 3.4 7.67 0.47 5.5 1.17 0.03 16.94
4 4.2 3.81 0.71 6.3 1.25 0.05 16.60
8 5.0 2.86 0.86 8.1 2.15 0.19 4.79
12 5.9 2.70 0.98 8.0 2.25 0.40 2.52

Tennessee marble

3 2.4 4.1 0.84 3.2 2.54 0.12 7.00
7 2.8 4.0 0.85 3.8 2.50 0.15 5.67
14 3.2 3.9 0.92 4.9 2.42 0.22 4.18
21 3.5 3.2 1.00 6.0 1.80 0.31 3.23

Hegang granite

2 4.2 18.83 0.37 5.6 2.36 0.02 24.18
5 5.5 14.44 0.44 8.8 2.45 0.02 19.82
10 6.7 13.50 0.64 12.6 2.53 0.09 7.29
15 7.5 11.99 0.98 20.0 2.95 0.15 6.63

ε (%)

2 MPa simulation curve
4 MPa simulation curve
8 MPa simulation curve
12 MPa simulation curve

2 MPa experimental data
4 MPa experimental data
8 MPa experimental data
12 MPa experimental data
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Figure 10: Comparison between Indiana limestone triaxial com-
pression test data and numerical simulation curves.

ε (%)

3.45 MPa simulation curve
6.9 MPa simulation curve
13.8 MPa simulation curve
20.7 MPa simulation curve

3.45 MPa experimental data
6.9 MPa experimental data
13.8 MPa experimental data
20.7 MPa experimental data

σ 1
–

σ 3
 (M

pa
)

0
0.0 0.2 0.4 0.6

100

200

300

Figure 11: Comparison between Tennessee marble triaxial com-
pression test data and numerical simulation curves.

Advances in Civil Engineering 7



Conflicts of Interest

(e authors declare that they have no conflicts of interest.

Acknowledgments

(e authors would like to acknowledge the financial support
from the National Natural Science Foundation of China
(51174228 and 11772358).

References

[1] M. S. Diederichs, “Manuel rochamedal recipient rock fracture
and collapse under low confinement conditions,” Rock

Mechanics and Rock Engineering, vol. 36, no. 5, pp. 339–381,
2003.

[2] F. Rummel and C. Fairhurst, “Determination of the post-
failure behavior of brittle rock using a servo-controlled testing
machine,” Rock Mechanics, vol. 2, no. 4, pp. 189–204, 1970.

[3] L. Tutluoglu, I. FeridOge, and C. Karpuz, “Relationship be-
tween pre-failure and post-failure mechanical properties of
rock material of different origin,” Rock Mechanics and Rock
Engineering, vol. 48, no. 1, pp. 121–141, 2015.

[4] R. P. Tiwari and K. S. Rao, “Post failure behaviour of a rock
mass under the influence of triaxial and true triaxial con-
finement,” Engineering Geology, vol. 84, no. 3, pp. 112–129,
2006.

[5] L. Cui, J. J. Zheng, R. J. Zhang, and Y. K. Dong, “Elasto-plastic
analysis of a circular opening in rock mass with confining
stress-dependent strain-softening behaviour,” Tunnelling and
Underground Space Technology, vol. 50, no. 1, pp. 94–108,
2015.

[6] S. Wang, H. Zheng, C. Li, and X. Ge, “A finite element
implementation of strain-softening rock mass,” International
Journal of Rock Mechanics and Mining Sciences, vol. 48, no. 1,
pp. 67–76, 2011.

[7] H. Lin, W. Xiong, and Q. X. Yan, “(ree-dimensional effect of
tensile strength in the standard Brazilian test considering
contact length,” Geotechnical Testing Journal, vol. 39, no. 1,
pp. 137–143, 2016.

[8] J. Liu, P. Cao, and D. Y. Han, “(e influence of confining
stress on optimum spacing of TBM cutters for cutting
granite,” International Journal of Rock Mechanics and Mining
Sciences, vol. 88, pp. 165–174, 2016.

[9] F. Meng, H. Zhou, C. Zhang, R. Xu, and J. Lu, “Evaluation
methodology of brittleness of rock based on post-peak
stress–strain curves,” Rock Mechanics and Rock Engineer-
ing, vol. 48, no. 5, pp. 1787–1805, 2015.

[10] L. R. Alejano and E. Alonso, “Considerations of the dilatancy
angle in rocks and rock masses,” International Journal of Rock
Mechanics and Mining Sciences, vol. 42, no. 4, pp. 481–507,
2006.
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Tunnelling processes lead to stress changes surrounding an underground opening resulting in the disturbance and potential
damage of the surrounding ground. Especially, when it comes to hard rocks at great depths, the rockmass is more likely to respond
in a brittle manner during the excavation. Continuum numerical modelling and discontinuum techniques have been employed in
order to capture the complex nature of fracture initiation and propagation at low-confinement conditions surrounding an
underground opening. In the present study, the hybrid finite-discrete element method (FDEM) is used and compared to
techniques using the finite element method (FEM), in order to investigate the efficiency of these methods in simulating brittle
fracturing. +e numerical models are calibrated based on data and observations from the Underground Research Laboratory
(URL) Test Tunnel, located inManitoba, Canada. Following the comparison of these models, additional analyses are performed by
integrating discrete fracture network (DFN) geometries in order to examine the effect of the explicit simulation of joints in brittle
rockmasses. +e results show that in both cases, the FDEMmethod is more capable of capturing the highly damaged zone (HDZ)
and the excavation damaged zone (EDZ) compared to results of continuum numerical techniques in such excavations.

1. Introduction

Significant changes in the stress regime and material
properties of a rockmass are the result of the construction of
underground openings [1]. Induced stresses because of an
excavation and subsequent stress redistributions result in
damage, fracturing, desaturation, and so on, hence leading
to the creation of a zone around the underground opening
that the rockmass is disturbed with properties (strength,
deformability, permeability, etc.) that differ from the original
material properties [2]. Understanding the geomaterial re-
sponse under such conditions is critical to the design and
construction of an underground project, especially at great
depths. +erefore, assessment of the damaged zone around
an excavation is of great significance in evaluating the effects
on the support requirements and the underground opening
stability.

+e damage zone surrounding an underground opening
is comprised of different subzones depending on the in-
tensity of the induced damage, but these zones are usually
referred to collectively as the excavation damage zone
(EDZ). +e intensity of the damage usually depends on
the distance of an examined point of the rockmass from
the excavation, with the increase in distance resulting in the
decrease in the influence of the excavation to the sur-
rounding rock [3]. By disregarding rockmass damage as-
sociated with the constructionmethod employed, as it can be
eliminated by taking necessary precautions [4, 5], damage
associated with stress changes, the excavation geometrical
features, preexistent joints within the rockmass, and so on
can be evaluated based on fracture coalescence [6] and
divided into the highly damaged zone (HDZ), the excavation
damage zone (EDZ), and the excavation influence zone
(EIZ) [3].
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Given the specific requirements of a project, numerical
modelling can be utilized in order to provide a better insight
of the rockmass response during the excavation and assist in
the geotechnical and geological design. Especially, regard-
ing the numerical simulation of rock fracturing, this has
been the focus of interest for various researchers [7–14].
However, the conducted numerical modelling is only as
good as the applied input parameters and assumptions that
are integrated into the model, which is required to be able to
simulate the expected rockmass behaviour under specific
conditions. Within this paper, the short-term mechanical
response of an underground excavation within a hard,
highly interlocked rockmass is examined by employing two
different numerical techniques, the finite element method
(FEM) and the hybrid finite-discrete element method
(FDEM). For the developed FEM models, the constitutive
assumptions adopted include the use of the Hoek–Brown
criterion [15] and the damage initiation-spalling limit
(DISL) model as proposed by Diederichs [16], while for the
developed FDEM model, the finite-discrete element method
as proposed by Munjiza [17] is adopted. Furthermore, two
different scenarios including a “fracture-free” and a frac-
tured model are utilized by integrating a discrete fracture
network (DFN) within the numerical models. For the
properties of the intact rock, the well-established case of the
Atomic Energy of Canada Limited’s (AECL) Underground
Research Laboratory (URL) [18] is used in order to examine
the mechanical response of the geomaterial during the ex-
cavation. Based on the obtained numerical results, it is
shown that continuum techniques can capture brittle failure
in hard rockmasses at some extent, by making appropriate
modifications in the constitutive assumptions. However,
certain aspects such as the clear distinction between the
highly damaged zone (HDZ) (collapsed material) and the
excavation damage zone (EDZ) (fractured material that
maintains its structural integrity and does not collapse) are
not captured by continuum approaches adequately. On the
contrary, the FDEM method appears to be a better fit for
simulating brittle fracturing, as it is capable of capturing the
complex phenomena associated with brittle failure in hard
rock excavations in low-confinement environments.

2. Short-Term Mechanical Response of Hard
Rockmasses and Constitutive
Assumptions for Continuum Codes

Instability of underground openings occurs as a result of
gravity-driven fallouts which are controlled by the rockmass
structure or are stress driven as the rockmass strength is
exceeded. In both cases, the rockmass behaviour is con-
trolled by two major factors including the in situ stress
regime and the rockmass degree of fracturing [19]. Common
assumptions within the engineering design include full
persistence of joints. However, at great depths, nonpersistent
jointing environments away from zones where tectonic
processes take place (faulting, shear zones, folding, etc.) are
more likely to be encountered. +erefore, the presence of
rock bridges and the existent joints are the two contributing

factors controlling the behaviour of massive and/or rock-
masses with nonpersistent joints.

For cases in which stress driven rockmass failure is
expected to occur, constitutive models that are based on the
shear strength of the examined materials are commonly
applied. However, their ability to capture the behaviour of
massive or moderately fractured rockmasses around un-
derground excavations has been proven to be limited. As
documented in the literature, damage within hard rocks is
the result of extensile fracturing parallel to the direction of
the maximum principal stress σ1, as a result of exceeding the
tensile strength of the rock [16, 19–21].+is results in a lower
overall rockmass strength observed in situ, which cannot be
predicted by shear failure-based criteria which consistently
overestimate the rockmass strength in the numerical models;
hence, shear failure based-criteria are not appropriate to use
in such cases and other techniques need to be employed.

+e Hoek–Brown failure criterion [22] (1) is best suited
for rockmasses which can be described as ductile (elastic-
perfectly plastic) or rockmasses exhibiting strain weakening
(postyield strength decreases) [3].

σ1 � σ3 + σci mb
σ3
σci

+ s 

a

, (1)

where σ1 and σ3 are the major and minor principal stresses,
respectively, σci is the unconfined compressive strength of
the intact rock, and mb is the reduced value of the material
constant for the intact rock mi according to the following:

mb � mi exp
GSI− 100
28− 14D

 , (2)

where GSI is the Geological Strength Index [23] and D is
a factor which depends on the degree of the ground dis-
turbance to which the rockmass has been subjected to blast
damage and stress relaxation.

s and α are constants for the rockmass given by the
following equations:

s � exp
GSI− 100
9− 3D

 ,

α �
1
2

+
1
6

e
−GSI/15 − e

−20/3
 .

(3)

For underground excavations, such conditions arise for
shallow openings, and therefore low confinement conditions
(as long as structurally driven failures such as wedge failures,
unravelling, etc. are not expected), or deep openings for
which the rockmass strength is relatively lower to the in situ
stress regime (e.g., squeezing ground conditions). However,
as previously mentioned, for brittle rockmasses with non-
persistent joints and of high strength under high stresses, the
Hoek–Brown criterion is not appropriate to use.

Brittle damage as a result of induced stresses during an
excavation is commonly simulated by employing a cohesion
weakening and friction mobilization approach [19, 24–27],
with this approach being used for massive and moderately
jointed rocks. Diederichs [16] developed the DISL method in
order to capture the response of brittle rockmasses by using
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the generalized Hoek–Brown criterion [22] as a base by
using (1). +is modified approach utilizes the peak and
residual strength envelopes of the Hoek–Brown criterion,
based on the parameters listed in Table 1, in order to
simulate brittle fracturing within conventional and com-
monly available numerical packages. +e method involves
the damage initiation as representation of an elevated co-
hesion and low friction, transitioning to the spalling limit
which is represented by cohesion loss and friction mobili-
zation, in order to capture the brittle behaviour of the
rockmass at low confinement environments around an
underground opening as the tunnel advances. In Figure 1,
the Hoek–Brown and DISL strength envelopes are
demonstrated.

In this study, the Hoek–Brown criterion and the DISL
method are used within the FEM numerical software RS2
[28], in order to be compared to the developed FDEMmodel
as described in the following sections.

3. The Finite-Discrete Element Method

+e finite-discrete element method (FDEM) [17, 29–31] is
a numerical technique that combines the finite element

method with a smeared crack model in order to capture the
behaviour of systems that involve discontinuum mechanics
under complex deformation, rotation, interaction, and
fracturing conditions [32]. +e method is based on the
discretization of the medium domain into 3-noded, tri-
angular elements that form the mesh. +e constant strain
triangular elements that comprise themesh are connected by
4-node cohesive elements which are employed in order to
simulate the nonlinear material behaviour ahead of the crack
tip due to interlocking and microcracking [33]. +e as-
signment of these cohesive elements between the edges of
the adjacent triangular elastic elements allows for the ini-
tiation and propagation of fractures once their tensile strength
(opening—Mode I), their shear strength (sliding—Mode II),
or both (mixed mode—Mode I-II) are exceeded, depending
on the stress and deformation state of the medium. +e main
advantage of this type of simulation is that the potential
fracturing paths do not need to be determined a priori. On the
contrary, the trajectories of the fractures are controlled by the
paths of the induced stresses imposed by the loading condi-
tions. +e fracture trajectories though depend on the mesh
topology, a limitation that can be overcome as long as the
selected element size is small enough so that the fracture
patterns can be considered independent of the mesh config-
uration [34–36].

Prior to the occurrence of any fracturing, and as long as
the strength of the cohesive elements is not exceeded, in
order to maintain the elastic response of the material, an
artificial stiffness for the cohesive elements is introduced
in the simulated system by using normal, tangential, and
fracture penalty coefficients [13, 17]. Regarding the strength
of the cohesive elements, this is defined by their tensile and
shear strengths as previouslymentioned.+e tensile strength
of the cohesive elements is controlled by the peak tensile
strength ft and the fracture energy in tension GI. In a similar
fashion, the shear strength is controlled by the peak shear
strength fs and the fracture energy in shear GII. +e peak
shear strength is expressed as the friction coefficient μ, the
cohesion c, and the normal stress σn, as show in (4) [37]:

fs � c + σnμ. (4)

Once the cohesive elements reach their peak strength in
Mode I or Mode II, they yield and energy is dissipated
through the assigned fracture energy values depending on
the failure mode of the cohesive element. Once the fracture
energy is depleted, the cohesive element breaks and is re-
moved from the simulation. +e forces that act on the nodes
of the triangular elements govern the motion of the finite
elements according to (5) [17]:

Table 1: +e equations for determining the DISL model input parameters after [16]. +e parameters α, s, and m shown here are defined as
material constants based on the crack initiation (CI) stress, the unconfined compressive strength (UCS), and the tensile strength (T) of the
rock. +e subscripts s and r stand for the peak and residual values, respectively (adopted from [3]).

Modelling method
Peak Residual

Input parameter Value/equation Input parameter Value/equation

DISL
αp 0.25 αr 0.75
sp (CI/UCS)1/αp sr 0.001
mp sp(UCS/|T|) mr 6–12
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Figure 1: Schematic of the Hoek–Brown criterion strength en-
velope and the composite strength envelope of the DISL model [16]
(modified after [17]).
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M€u + fint � fext, (5)

where M is the nodal mass matrix, €u is the nodal dis-
placement vector, fint are the internal nodal forces as a result
of the deformation of the constant strain elements, and fext
are the external nodal forces that are generated by the
imposed external loads, cohesive bonding forces because of
the deformation of the unbroken cohesive elements, and
contact forces due to the interaction of the broken cohesive
elements. +e motion equations of the system are solved by
an explicit time integration scheme. Once a cohesive element
breaks, the two previously connected triangular elements,
referred as the contactor and target elements, respectively,
interact with one another along the fracture based on the
penalty function method [31]:

fc � 
Γc

n φc −φt(  dΓc, (6)

where fc is the contact force, n is the outward unit normal to
the penetration boundary Γc, and φc and φt are the potential
functions for the contactor and target elements, respectively.

As described in the previous section, the primary form of
damage of hard rock materials is that of extensile fracturing
because of defects and flaws within the geomaterial
[21, 38, 39]. +e progressive failure of hard rock materials
under the low confinement conditions that are encountered
around an excavation boundary can be captured from an
FDEM model with crack initiation and propagation ex-
plicitly according to the nonlinear-elastic fracture mechanics
principles [40, 41].

For the purposes of this study, in order to capture the
brittle behaviour of hard rock excavations at great depths,
the FDEMmodel was developed in the 2D FDEM numerical
code Irazu [42], as described in the following sections.

4. Geological Conditions

In order to study the brittle behaviour of a hard rockmass
during the excavation of an underground opening, the
material properties of the Lac du Bonnet (LdB) granite and
information collected from the case study of the URL Test
Tunnel, located in Pinawa, Manitoba, Canada were used
[18]. +e URL Test Tunnel was excavated at a depth of 420m
comprising of a circular cross section of a 3.5m diameter
within the LdB granite in a virtually fracture-free envi-
ronment [43]. Overall, the LdB granite at that depth and

within the vicinity of the tunnel can be assumed as a hard,
massive, brittle rockmass that is homogeneous and isotropic.
Based on data obtained from laboratory testing on intact
specimens [44], the mechanical properties of the intact LdB
Granite are listed in Table 2. Additionally, the stresses
measured in situ at the URL Test Tunnel [43], as shown in
Table 3, were used for the FEM and FDEM models in this
study.

5. Numerical Model Setup

5.1. Geometry, Mesh Configuration, and Excavation
Sequence. +e geometry of both the FEM and FDEMmodels
that were developed follow the geometrical characteristics of
the URL Test Tunnel. In Figure 2, it can be seen that both
models are comprised of a 60m× 60m master domain, with
the FEMmodel having a smaller 15m× 15mdomain in which
the employed mesh is finer. +e size of the outer domain was
selected as such so that potential boundary effects would be
avoided [45]. In a similar fashion, the FDEM model is also
comprised of smaller subdomains with elements varying in
size per domain in order to optimize the computational cost
without compromising the accuracy of the obtained results.
+e subdomain close to the vicinity of the excavation consists
of approximately 0.03m elements in order to secure that the
potential fracture patterns would be independent of the mesh
topology, as previously mentioned. +e specifics of the
models are listed in Table 4. +e equations of motion for the
discretized system were integrated with a time step of
6.1× 10−8 s for the intact model and 4.2×10−8 s for the
fractured model in order to ensure numerical stability for the
explicit solver of the code.

Regarding the simulation of the tunnel advancement, the
induced three-dimensional (3D) effects on the rockmass are
simulated by applying the excavation-induced stresses as
a distributed load on the excavation boundary for the FEM
models, and the face replacement method [45] for the FDEM
models. For the FEM models, after the initialization of the
geostatic stresses, the excavation material is removed and
substituted with a uniform load applied on the tunnel
boundary. +is load is gradually reduced to zero in order to
cause the destressing effect of the tunnel excavation. For the
FDEM models, the advancement of the tunnel involves the
replacement of the material within the excavation boundary
with unstressed, elastic material during each step, hence
leading to the “softening” of the tunnel core and the tunnel
circumference to converge. +e stability of the numerical
analyses conducted both with the FEM and the FDEM
models was secured by employing a relatively large number
of steps. For the FEM models, the simulation process
was comprised of twenty stages in order to simulate the

Table 2: Experimental values (average value and range) of the
mechanical properties of the intact Lac du Bonnet granite [44].

Mechanical property Value
Young’s modulus E (GPa) 69.0± 5.8
Poisson’s ratio ] 0.22± 0.04
Unconfined compressive strength (UCS) (MPa) 213± 20
Crack initiation stress (CI) (MPa) 90
Crack damage stress (CD) (MPa) 172
Tensile strength σt (MPa) 9.3± 1.3
Cohesion c (MPa) 30
Friction angle φ (°) 59

Table 3: Stress field conditions applied in the FDEMmodel in Irazu
(negative values denote compression).

Stress component σ (MPa)
σxx −58.0
σyy −13.0
τxy −9.2
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advancement of the excavation face, and at each stage, the
induced stresses were decreased by 5% until no load was
applied on the excavation boundary. For the FDEM models,
a large number of steps was employed in order to secure the
equilibrium at the establishment of the geostatic stress stage
(600,000 steps), the elimination of dynamic effects during
the advancing excavation face (2,200,000 steps), and the
subsequent complete removal of the material within the
excavation boundary (700,000 steps).

5.2. Field Stresses and Boundary Conditions. +e field stresses
assigned to the tunnel models replicate the in situ stress
conditions encountered during the excavation of the URL
Test Tunnel [43]. For the purposes of this study, only the in-
plane stresses were used for the FDEM models since the
adopted cohesive elements do not account for the influence
of the out-of-plane stress on fracture nucleation and growth.
On the contrary, the FEM models were assigned an out-of-
plane stress of the same magnitude as the recorded in-
termediate principal stress σ2 in the URL Test Tunnel, which
was 45MPa. +e effect of gravitational forces and gravity-
induced stress gradients were not taken into consideration in
the numerical model, and a uniform constant stress field was
assigned instead (deep tunnel assumption). Regarding the
far-field boundary conditions, displacements are fixed in the
horizontal and vertical directions for both the FDEM and
FEMmodels. Additionally, for the case of the FDEMmodel,

an absorbing boundary condition was employed in order to
minimize dynamic oscillations.

5.3. Mechanical Input Parameters, Model Calibration, and
Discrete Fracture Networks

5.3.1. Deformability Parameters. In order to determine the
deformability parameters that are required for the numerical
analysis, the properties of the LdB granite and the in situ
rockmass conditions at the URL were assessed. Since the
rockmass within the tunnel was virtually free of fractures, it can
be assumed that deformability properties (Young’smodulusErm
and Poisson’s ratio ]rm) of the rockmass may be approximately
the same as these of the intact rock. For the conducted FEM
analyses, the modulus and Poisson’s ratio values of the intact
LdB granite, as listed in Table 1, were used directly into RS2.

However, for the FDEM model these values cannot be
used directly, as the overall stiffness of the system is affected by
the employed penalty coefficients [36]. +erefore, the selected
modulus and Poisson’s ratio values need to be adjusted
properly. In order to overcome this, a numerical model of an
unconfined compressive strength (UCS) test is used in order to
calibrate the required deformability parameters and penalty
coefficients so that the modulus and Poisson’s ratio of the LdB
granite can be obtained. In Figures 3 and 4, the UCS model
configuration and the obtained stress-strain curves are illus-
trated, respectively. A viscous damping factor is introduced
into the model in order to minimize numerical oscillations in
the linear part of the stress-strain curves. As observed, before
any fracturing occurs, the specimen has a linear-elastic re-
sponse with the model behaviour governed by the 3-node
elastic triangular elements, as long as the strength of the
cohesive elements is not exceeded.+e established parameters
are listed in Table 5.

5.3.2. Strength Parameters. For the FEM models, there are
two major assumptions in order to simulate the strength of

Rockmass
Tunnel core

60.0 m

60
.0

 m

3.5 m

Nominal element size 3 cm

σ1 = 60 MPa

σ3 = 11 MPa

Figure 2: Tunnel model configuration created in Irazu (left) and in RS2 (right). +e geometrical characteristics of the excavation and the
applied geostatic stresses correspond to the ones recorded and monitored at the URL Test Tunnel.

Table 4: Model configuration specifications. +e intact model
configurations (FEM and FDEM) and the fractured model con-
figurations (FEM-DFN and FDEM-DFN) are listed.

Model Element size∗ (m) Number of elements
FEM 0.40 12,838
FEM-DFN 0.40 21,484
FDEM 0.03 674,407
FDEM-DFN 0.05 233,453
∗Size assigned to the elements in the high-resolution area.

Advances in Civil Engineering 5



the rockmass. +e first assumption is that the rockmass is
going to behave according to the Hoek–Brown criterion for
a geological strength index (GSI) [23] value of 80 (massive

rockmass with no or sparse fractures and moderate to good
quality discontinuity surfaces) and a UCS value equal to
200MPa, which falls within the range of the UCS of the LdB
granite, as listed in Table 1. +e second assumption is that the
rockmass is expected to behave according to the DISL model,
as it was described in Section 2, with the UCS of the intact rock
being in this case as well 200MPa, and the rest of the pa-
rameters of themodifiedHoek–Brown adopted from [16].+e
complete set of parameters used is shown in Table 5.

For the FDEMmodels, once the deformability parameters
have been established, the strength properties of the cohesive
elements need to be determined in order to replicate the field
conditions and failure mechanisms observed in field. It has to
be noted that for the FDEM method, no constitutive model is
required, and the fracturing occurring depends solely on the
strength parameters of the cohesive elements. In order to
achieve an agreement between field and model observa-
tions, a trial-and-error calibration process was employed. In
Figure 5, the formation of the “v-shaped” notch observed in
situ and the spalling processes simulated in the FDEMmodel
are illustrated. +e established strength parameters of the
cohesive elements are listed in Table 5. In Figure 6, a complete
flowchart of the calibration methodology employed is dem-
onstrated based on [46].

5.3.3. Discrete Fracture Networks. For the purposes of this
study, two types of models were developed within RS2 and
Irazu. +e first type of model was created in order to
simulate the fracture conditions encountered at the URL
Test Tunnel; hence, no fractures are present [43]. +e second
type of model was assigned a discrete fracture network
comprised of one subvertical (mean dip 80°) and one sub-
horizontal (mean dip 10°) joint sets. +e number of the
generated fractures is determined by determining two ad-
ditional parameters: (a) the areal fracture intensity P21,
defined as the sum of fracture trace lengths divided by the
mapping area [47] and (b) the mean trace length of the
fracture traces. +e input parameters for the generation of
the employed DFN geometries used for both the FEM and
FDEM models are listed in Table 6. +e generated DFN
geometries were installed within the high-resolution areas of
all the models, as described in Section 5.1. Additionally, the
fractures are assumed to have a purely frictional behaviour
in order to simplify the conducted analyses and the in-
terpretation of the obtained results. It has to be noted that
these values have been selected arbitrarily in order to in-
vestigate the effect of the rockmass structure within the FEM
and FDEM models, on the development of the fracturing
mechanisms, and the extent of the damage based on each
numerical method.

6. Results and Discussion

6.1. Intact Models. In order to assess the impact of the se-
lection of the numerical method on the rockmass response
and whether or not it captures the in situ rockmass be-
haviour, based on the field observations from the URL Test
Tunnel, initially the extent of the potential damage on the

7.
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Figure 3: Unconfined compressive strength (UCS) test for the
calibration of the FDEM elastic microparameters based on the
deformability properties of the LdB granite. (a) +e initial UCS
configuration and (b) the UCS specimen at its postpeak condition.
Black fractures indicate failure in tension (Mode I), and yellow
fractures indicate failure in shear (Mode II).
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Figure 4: Axial stress-axial strain and axial stress-lateral strain
curves obtained from UCS testing of the calibrated FDEM model.
Recording of stress-strain results ceased once the peak strength was
achieved, as the UCS numerical model is used only for the cali-
bration of the elastic parameters of the model.
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rockmass due to the excavation is examined for the models
that do not have a DFN assigned to them. In the FEM
models, the extent of the damage is initially assessed by
identifying the yielded elements around the excavation
circumference. Regarding the FDEM model, the numerical
results are assessed based on the material that collapses as
a result of the fracturing processes taking place. +e yielded
elements for the FEMmodels are illustrated in Figures 7 and
8. +e collapsed material within the FDEM model is
highlighted in Figure 9.

In Figures (7a), 8(a), and 9(a), results obtained for the
same amount of deconfinement (40% decrease of the initial
stress state) show that all numerical models still have
a linear-elastic behaviour, as no fracturing has occurred yet.
Based on the major principal stress contours, the magnitude
of the monitored stresses is approximately the same, as

expected, as the models are still in a prepeak state. However,
as further destressing is taking place with the advancement
of the face, yielding and fracturing occur. By recording the
extent of damage based on the criteria above, in Figure 10,
the damage profiles are compared for the fracture-free
models between one another and the actual damage pro-
file from the URL Test Tunnel. As it can be observed, the
damage profile resulting from the FEM model using the
DISL approach resembles the damage profile obtained from
the FDEMmodel. Furthermore, both of them show that they
are able to provide a reasonable estimate of the highly
damaged area. However, the model using the conventional
Hoek–Brown criterion is not able to capture the failure
mechanism in a realistic manner.

As discussed in the previous sections, the excavation
response of a brittle rockmass cannot be captured by

Table 5: Input material parameters for all numerical models.

Model type Parameter Value
FEM-Hoek–Brown (peak and residual values are the
same) UCS (MPa) 200

Young’s modulus E (GPa) 69
Poisson’s ratio ] 0.22

GSI 80
α 0.50093
s 0.10837

mb 15.6653
DFN parameters (joints are assumed purely
frictional) Friction angle φ (°) 35

Normal stiffness kn (GPa/m) 690
Shear stiffness ks (GPa/m) 69

FEM-DISL (subscripts p and r denote peak and
residual values) UCS (MPa) 200

Young’s modulus E (GPa) 69
Poisson’s ratio ] 0.22

αp 0.25
sp 0.033
mp 1
αr 0.75
sr 0
mr 9

DFN parameters (joints are assumed purely
frictional) Friction angle φ (°) 35

Normal stiffness kn (GPa/m) 690
Shear stiffness ks (GPa/m) 69

FDEM Young’s modulus E (GPa) 65
Poisson’s ratio ] 0.18

Viscous damping factor 1.0
Normal contact penalty pn (GPa·m) 650

Tangential contact penalty pt (GPa/m) 650
Fracture penalty pf (GPa) 650

Friction coefficient μ 1.7
Cohesion c (MPa) 50

Tensile strength ft (MPa) 10
Mode I fracture energy GI (N/m) 300
Mode II fracture energy GII (N/m) 1900

DFN parameters (joints are assumed as purely
frictional) Discontinuity friction coefficient μf 0.7

Normal contact penalty pn (GPa·m) 650
Tangential contact penalty pt (GPa/m) 650

Fracture penalty pf (GPa) 50
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conventional shear failure criteria since the failure mecha-
nism is not controlled by the shear strength of the rockmass.
More specifically, in Figure 10, it is shown that at the lo-
cations in which field observations suggest material collapse,
the numerical model using the Hoek–Brown criterion shows
the lowest extent of damage based on the recorded yielded
elements. Furthermore, the shape of the damage extent is
completely different from the estimations of the other two

numerical models and the collapsed material monitored in
situ. More specifically, it resembles more a “butterfly” shape
than the characteristic “v-shaped notch.”+is is attributed to
the application of the Hoek–Brown criterion which essen-
tially predicts a higher rockmass strength than that of the
actual rockmass strength in situ. +is higher strength allows
the rockmass to withstand the high compressive stresses that
manifest at the crown and floor of the excavation due to the

(a)

17°

σ3 = 11 MPa

σ1 = 60 MPa

~1
.2

6R

1.75 m

(b)

Figure 5: (a) Photograph of URL Test Tunnel (after [16] modified from [24]) showing the damage profile observed in situ. (b) Damage
profile from the FDEM model (highlighted black) after the completion of the numerical analysis.
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Poisson’s ratio v-high strength micro-
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the elastic response of the model.

Determine the
deformability

microproperties

Determine the Young’s modulus E,
Poisson’s ratio v, penalty parameters pn, pt, pf
in order to obtain the macroscopic modulus
Erm and macroscopic Poisson’s ratio vrm
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Tunnel model configuration in order to
determine the strength micro-parameters

based on the obseved URL excavation
damage profile
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Figure 6: Calibration process employed for determining the required input parameters in the FDEM model. +e microscopic Young’s
modulus E and Poisson’s ratio ] refer to the elastic constants of the triangular elements (E and ] at element scale). +e macroscopic values
refer to the Young’s modulus and Poisson’s ratio obtained from the UCS testing in Figures 2 and 3 (Erm and ]rm at 7.5m height specimen
scale). For more information, the reader is referred to [46].
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tunnel advancement. +is results in zero stress release at
these locations, and it promotes failure at the sidewalls of the
excavation which are under a tensile regime.

On the contrary, the DISL model efficiently captures the
shape of the highly damaged zone (HDZ) and is able to
simulate the brittle response of the rockmass based on the
modified parameters of the Hoek–Brown criterion. Fur-
thermore, the model predicts tensile failure at the sidewalls
of the excavation. While in situ, no tensile cracks were
observed, acoustic emission events [49] suggest tensile
microcracking around the area that the elements are yielding
(Figures 8 and 10). A similar observation can be done within
the FDEM model as shown in Figures 9 and 10.

+e DISL approach is able to capture the brittle response
of the rockmass based on the instantaneous cohesion-
weakening frictional strengthening model with the Hoek–
Brown parameters. +is method is relatively simpler than
other approaches such as the one proposed by Hajiabdol-
majid et al. [27] in which the cohesive strength reduction
and frictional strength mobilization reach their post-peak
values depending on the magnitude of the accumulated
plastic strain. However, the DISL approach does not come
without some limitations. As observed in Figure 10, while
the FEMmodel using the DISL approach captures the highly
damaged zone (i.e., the collapsed material as a result of the
brittle fracturing), the rockmass beyond that area behaves
elastically as no more elements are yielding past that extent.
Microseismic events (MS) [49], however, suggest that stress-
induced damage because of the excavation is extending
beyond the highly damaged zone. In FEM models, the el-
ements are assigned a constitutive model in order to sim-
ulate the material failure. As a result of this, the HDZ is
captured quite well with the DISL approach which provides
a good constitutive assumption for simulating brittle frac-
turing based on the yielding of the elements. However,
beyond that yielded material area, the yielded elements
cannot be used as a precursor of the damage, and other
measured quantities (volumetric strain and principal stress
concentrations) need to be assessed in order to evaluate the
damage extent [3] and the captured fracturing processes. As
observed in Figure 11, a distinction has been made for the
FEM-DISL model between the HDZ and EDZ based on
the major principal stress. By comparing the results with the
recorded MS events, it is shown that the potential EDZ
extent is underestimated as the proper mechanics of stress

redistribution due to fracturing are not adequately captured.
+e FDEM approach, on the other hand, allows for the direct
distinction between HDZ and EDZ, and it is more capable of
capturing fracturing microprocesses as it allows for fracture
propagation and interaction while the overall material
maintains its structural integrity. As shown in Figures 9 and
10, this excavation-damaged zone (EDZ) can be captured by
the calibrated FDEM model, hence overcoming the limi-
tations of the FEM-DISL model. Furthermore, as observed
in Figure 9, the collapsed material fails as a result of extensile
fracturing (red lines) due to exceeding the tensile strength of
the rock close to the excavation boundary where the con-
finement is low. +erefore, the developed FDEM model and
the FDEM method show that are mechanisms capable of
simulating the actual failure in order to replicate the in situ
conditions.

+e accurate simulation of the physical phenomena
taking place and resulting in brittle fracturing under high
stresses is of great importance, as they affect the design
process and the selection of the appropriate temporary
support measures. In Figure 12, a monitoring line starting at
the crown of the excavation and going into the rockmass for
a length of 2.25m is shown. In Figures 11 and 13, stress
measurements taken along this line highlight the difference
between each model and field stress measurements con-
ducted at the URL Test Tunnel (SM-5 stress cell) [50] and
their subsequent implications in the design process. It can be
observed that despite the fact that the in situ measured
stresses are not in a very good agreement with the numerical
results in terms of the absolute values and location, the
FDEM model is capturing the possible stress conditions at
the URL Test Tunnel. More specifically, in Figures 11 and 13,
the principal stresses σ1 and σ3 which were recorded from
the numerical models are higher than the stresses recorded
at the SM-5 stress cell of the URL Test Tunnel. However, that
stress measurement point was located in the disturbed zone
around the excavation. +e numerical results from the
FDEM model show that the highly damaged zone along the
monitored line extends up to 25 cm from the excavation
boundary (blue dashed line). Within that range, the stresses
monitored are zero, since the material is collapsing. Beyond
that distance (blue box), however, a great fluctuation in the
recorded stresses can be observed as themonitoring line now
lies within the excavation damaged zone. +e occurred
fracturing results in a nonsmooth stress distribution along
the line, with some points close to the SM-5 stress cell re-
cording similar stress magnitude values. Of course, the exact
same location is not the one monitored, a factor that also
contributes in not obtaining the exact same value. On the
contrary, from the FEM models, a distinction between the
HDZ and the EDZ cannot be made instantaneously based on
the extent of the yielded elements. In this case, as previously
mentioned, the principal stress components were examined
in order to determine the extent of the HDZ and EDZ, as
suggested in [3].+emodel using the Hoek–Brown criterion
predicts a significantly smaller area affected by the exca-
vation, along the monitoring line. Furthermore, the stresses
beyond that distance correspond to these obtained from the
material with a linear-elastic behaviour; from acoustic

Table 6: Input parameters for the generation of the discrete
fracture network (DFN) geometries.

Joint set DFN parameters Value

1

Mean dip (°) 80
Mean length (m) 1.0
Std. Dev. (m) 0.5
Intensity P2∗ 1

2

Mean dip (°) 10
Mean length (m) 1.0
Std. Dev. (m) 0.5
Intensity P2∗ 1

∗P2� (sum of lengths)/area.
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emission events [49], it is clear that the rockmass is damaged
even beyond the collapsed material. For the FEM model in
which the DISL approach was applied, according to the
major principal stress measurements (change in the slope of
the curve in Figure 11), it is shown that the estimated HDZ
extent (red dashed line) is approximately the same as the one
measured in the FDEM model (blue dashed line). However,
the estimated extent of the EDZ is less than the one predicted
from the FDEMmodel, which is more in agreement with the
field observations. Furthermore, it fails to replicate the stress
conditions which are monitored by the SM-5 stress cell.
+erefore, the conducted stress measurements clearly show
the merits of the creation of a more advanced numerical

model in order to simulate such rockmass and stress con-
ditions and promote a more efficient support design.

6.2. FracturedModels. In the previous section, the FEM and
FDEMmodels were used in order to replicate the conditions
of the URL Test Tunnel for the virtually “fracture-free” LdB
granite, based on the use of different constitutive assump-
tions for the FEMmodels and the employment of the FDEM
method. By assuming that the material parameters used in
the previous section were representative of the intact
rockmass, the same models were modified in order to in-
clude structure explicitly simulated within them. In order to

Sigma 1
min (stage): 35.02 MPa

max (stage): 103.06 MPa

R =
1.7

5 m
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(a)
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max (stage): 142.32 MPaShear
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(b)

Figure 7: Major principal stress σ1 contours of the intact FEMmodel using the Hoek–Brown criterion (GSI� 80). (a) Elastic response of the
model at 60% of the induced stresses (tunnel advancing) and (b) final model state after the completion of the excavation. Yielded elements in
shear (×) and in tension (○) are plotted.
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achieve this, DFN geometry was assigned to each of the
numerical models. Because the internal DFN generators
incorporated within the Irazu and RS2 codes were used,
while the initial DFN parameters were the same for both
(Table 6), the exact same geometry was not able to be created
for both codes. However, after generating a number of dif-
ferent geometries, two were selected, one in Irazu and one in
RS2, with similar joint patterns in order to obtain comparable
results.

In Figures 14–16 the high-resolution area of the nu-
merical models containing the DFN geometries are illus-
trated. In the FEM model cases (Figures 14 and 15), the

yielding elements, as in the previous section, are used in
order to assess the stress-induced damage due to the tunnel
advancement. Within the FDEM model (Figure 16), the
excavation damage zone is divided into two separate groups
including (a) the material collapsing because of the spalling
processes (HDZ) and (b) the damaged rockmass that still
maintains its structural integrity due to the confining
stresses (EDZ). In all three different cases, it becomes evident
that the explicit simulation of joints within the numerical
models affects the stress-induced damage. +ese disconti-
nuity elements act both as stress barriers and stress con-
centrators, and the length and orientation of the rockmass
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Figure 8: Major principal stress σ1 contours of the intact FEMmodel using the DISL approach [16]. (a) Elastic response of the model at 60%
of the induced stresses (tunnel advancing), and (b) final model state after the completion of the excavation. Yielded elements in shear (×) and
in tension (○) are plotted. Yielded elements in tension at the crown and floor of the excavation are the result of extensile fracturing.
Numerical results are consistent with the results by [16].
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joints control both the shape and extent of the stress-induced
damage.

More specifically, in Figure 17, the different damage
profiles are compared to one another, and they are also
compared to the excavation damage profiles obtained from
the intact models, as discussed in the previous section. As it
can be seen, the fractured models are strongly influenced by
the explicit integration of the DFN geometries within the
numerical models in all three cases. In the case of the FEM
models (Figures 17(a) and 17(b)) which have the same
fracture pattern, it can be observed that similar damage
profiles are obtained, both in terms of magnitude and shape.
+e joints highlighted in Figures 14 and 15 control the
inflicted damage to the rockmass (yielded elements) around
the excavation. However, the use of a different constitutive
approach in these two models results in a larger damage
extent at the crown and floor of the excavation when the

DISL approach is employed. On the contrary, when the
conventional Hoek–Brown criterion is employed, the crown
and floor damage appear to be minimal. In Figures 14 and
15, it can be seen that at the crown and floor of the tunnel,
two relatively big areas are fracture free. +erefore, the
rockmass behaviour in these two particular regions is
controlled by the presence of these rock bridges (intact parts
of rock), and the selection of the constitutive model for the
rockmass simulation affects how the material is going to fail.
More particularly, the DISL approach is promoting the
brittle rockmass failure, as in the case of the intact model. On
the contrary, the Hoek–Brown criterion overestimates the
rockmass strength resulting in minimal damage at the crown
and floor of the excavation.

As discussed in the previous section, the FDEM method
can capture the behaviour of brittle rockmasses by simulating
the extensile fracturing that is taking place, once the tensile

R =
1.7

5 m

σ1 (Pa)

(a)

σ1 (Pa)

(b)

Figure 9: Major principal stress σ1 contours of the intact FDEM model. (a) Elastic response of the model at 60% of the induced stresses
(tunnel advancing), and (b) final model state after the completion of the excavation. Cohesive elements failing in tension (Mode I fractures)
are coloured red, and cohesive elements failing in shear (Mode II fractures) are coloured yellow.
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strength of the intact rockmass is exceeded, and hence forming
fractures that propagate along the direction of the major
principal stresses σ1. As a result of this, the damage profiles
between the FDEM and FEM-DISL models have similarities
due to their capability of simulating the brittle response of the
excavation as the face advances. As observed in Figures 17(b)
and 17(c), the damage inflicted on the rockmass at the crown
and the floor of the excavation due to brittle failure, where
intact parts of rock are present, is captured in both models.
However, in the FDEM model, a clearer distinction between
the HDZ and the EDZ can be made as result of the complete
simulation of fracture initiation and growth.

Following the comparison between the fractured models
with one another, each intact model is also compared to its
corresponding fractured model in order to investigate both
the impact of the constitutive model and the employed
fracture pattern. In sparsely to moderately jointed rock-
masses, the material behaviour is governed by the existence
of intact rock parts between the joints present. In this study,
joint structure was explicitly simulated, and therefore the
behaviour of the medium and the damage extent due to the

excavation are controlled by both the constitutive assumptions
of the intact rock (rock bridges) and the overall geometry of the
joint system. In Figure 17(a), it can be observed that the applied
DFN geometry influences the damage profile at some extent,
especially in areas that the fracture intensity is higher. How-
ever, in areas where the influence of the structure is not that
significant (excavation crown and floor), the damage extent is
similar in both models due to the higher strength predicted by
the Hoek–Brown criterion. +e overall shape of the damage
profiles though is not significantly different between the two
analyses as the overall rockmass behaviour is dictated by the
employed constitutive model that promotes yielding towards
specific directions because of the rockmass shear strength,
hence decreasing the impact of the preexistent joints.

In the FEM-DISL model, however, that is not the case.
As observed in Figure 17(b), by taking into account the
brittle response of the intact material, through the appli-
cation of the DISL approach, results in significantly different
damage profile for the intact and fractured model. Since the
constitutive model of the intact rock promotes brittle failure,
this leads to the accumulation of damage at the intact rock
parts located at the roof and floor of the tunnel in both cases.
However, the presence of structure within the rockmass in
the fractured model governs the propagation of the yielded
elements. +e subhorizontal and subvertical joints close to

Hoek–Brown
DISL
FDEM-HDZ

MS events
AE events

FDEM-EDZ

R =
1.75 m

Figure 10: Damage profiles obtained from each intact numerical
model (DFN geometries are not integrated in the models): purple
continuous line—FEM Hoek–Brown model, red dashed line—FEM-
DISLmodel, blue dotted line—collapsedmaterial of the FDEMmodel
(HDZ), blue dash-dotted line—damaged (fractured) material of the
FDEMmodel (EDZ). In Figure 8, it can be observed that the collapsed
material is detaching from the rockmass. On the contrary, the
damaged material fractures but maintains its integrity and does not
collapse. +e results are compared to the actual damaged profile as
observed at theURLTest Tunnel [48], and acoustic emission (AE) and
microseismic (MS) events are also plotted for comparison [49].
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Figure 11: Major principal stresses σ1 monitored along the line
(AB) (Figure 12) for the intact FEM Hoek–Brown model (purple
line), the intact FEM-DISL model (red line), and the intact FDEM
model (blue line). In situ stress measurements (stress cell SM-5) are
plotted for comparison [50]. +e purple hatched area indicates the
extent of the damaged zone (yielded elements) for the FEM
Hoek–Brownmodel along line (AB).+e red hatched area indicates
the extent of the damaged zone (yielded elements) for the FEM-
DISL model along line (AB). +e blue hatched area indicates the
extent of the damaged zone (failure of cohesive elements) for the
FDEM model along line (AB). +e blue dashed line indicates
the ending point of the collapsed material and the starting point of
the damaged zone in the FDEM model. +e red dashed line in-
dicates the ending point of the HDZ and the starting point of the
EDZ in the FEM-DISL model. +e red continuous line indicates the
ending point of the EDZ in the FEM-DISL model.
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the excavation act as stress barriers and stress elevators at
specific locations, hence shaping the formed damaged zone.
+is becomes more evident at the sidewalls of the excava-
tion. In the intact model, the high horizontal stress leads to

a high bending moment at the sidewalls, hence resulting in
tensile failure due to bending. However, in the fractured
model, that is not happening. +e rockmass structure leads
to a redistribution of the induced stresses in a way that this
bending effect is not influencing significantly the excavation.
On the contrary, it results in accumulation of damage at the
upper and lower half of the tunnel.

A similar observation can be made for the FDEM model
(Figure 17(c)). +e effect of the preexistent joints in this case
becomes evident on both the collapsed material (HDZ) and
the damaged material (EDZ). As seen, the collapsed material
in the case of the intact model (blue dotted line) is dictated
by the applied anisotropic stress regime, with the formation
of the notch following the general direction of the geostatic
minor principal stress σ3. On the contrary, for the fractured
model, the notch formation (black continuous line) is
influenced by the occurring extensile fracturing but at the
crown is also controlled by a strong subhorizontal joint. +is
joint redirects the induced stresses and makes the notch to
form to the right. +at is not the case though for the floor of
the excavation (black continuous line). In both models,
a large area of intact rock can be seen. +erefore, the stress-
induced fracturing is mainly the result of spalling, hence
leading to similar HDZ profiles for the excavation floor.
Regarding the EDZ, the influence of the DFN geometry is
stronger. In the intact model, the EDZ follows the general
direction of the HDZ. However, the damaged material is
contained at the upper and lower parts around the exca-
vation (blue dash-dot line), with minor tensile fracturing
occurring at the sidewalls (blue dotted line) because of
bending. In the fractured model, the preexistent joints result
in a wider area around the excavation to be damaged (black
dashed line). In Figure 16, the rockmass structure con-
trolling the EDZ (white lines) creates specific blocks of intact
material that restrain the stress-induced cracks. More spe-
cifically, strong subhorizontal joints at the crown guide
fracture propagation to the right of the excavation, and the

2.25 m
 

A

B

A

B
1

Figure 12: Monitoring line along the Y axis placed at the crown of the tunnel within the intact FDEM (left) and FEM (right) models for
monitoring the principal stresses. +e symbols (A) and (B) indicate the starting and ending point of the monitoring line, respectively. +e
obtained stress results are shown in Figures 11 and 13 for the major and minor principal stresses, respectively. (Left) Cohesive elements
failing in tension (Mode I fractures) are coloured red, and cohesive elements failing in shear (Mode II fractures) are coloured yellow. (Right)
Yielded elements in shear (×) and in tension (○) are plotted.
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Figure 13: Minor principal stresses σ3 monitored along the line (AB)
(Figure 12) for the intact FEM Hoek–Brown model (purple line), the
intact FEM-DISL model (red line), and the intact FDEMmodel (blue
line). In situ stress measurements (stress cell SM-5) are plotted for
comparison [50]. +e purple hatched area indicates the extent of the
damaged zone (yielded elements) for the FEM Hoek–Brown model
along line (AB). +e red hatched area indicates the extent of the
damaged zone (yielded elements) for the FEM-DISLmodel along line
(AB).+e blue hatched area indicates the extent of the damaged zone
(failure of cohesive elements) for the FDEM model along line (AB).
+e blue dashed line indicates the ending point of the collapsed
material and the starting point of the damaged zone in the FDEM.+e
red dashed line indicates the ending point of the HDZ and the starting
point of the EDZ in the FEM-DISL model. +e red continuous line
indicates the ending point of the EDZ in the FEM-DISL model.
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subvertical joints at this location act as constraints for the
propagating cracks. For the excavation floor, fracturing is
intensified due to the presence of some joints, but the
damage of the material is mainly controlled by spalling due
to the presence of rock bridges. Finally, the sidewalls are not
imposed to significant damage due to the stress redistribution.
However, it is evident that preexistent subvertical joints in-
teract with one another resulting in the coalescence of adjacent
discontinuities.

7. Conclusions

+e numerical modelling of hard rockmasses has been
attempted by employing different numerical techniques,

including the use of continuum- and discontinuum-based
approaches. In the present study, the numerical codes RS2
and Irazu were used in order to perform the numerical
simulations using the FEM and the FDEM methods, re-
spectively. +e FEM models simulating the fracture-free
rockmass were based on data obtained from the URL Test
Tunnel for the LdB granite and relevant research that has
been done on that specific site. Furthermore, the intact
FDEM model was calibrated in order to replicate the failure
mechanism observed at the URL Test Tunnel.

Once the intact numerical models were established, DFN
geometries were integrated into them in order to investigate
the impact of joints on the rockmass behaviour during an
excavation when different constitutive assumptions are made

R = 1.75 m

Sigma 1
min (stage): –0.36 MPa

max (stage): 151.43 MPa Shear
Tension

Figure 14: Major principal stress σ1 contours of the fractured FEMmodel using the Hoek–Brown criterion (GSI� 80). Yielded elements in
shear (×) and in tension (○) are plotted. +e dashed black line indicates the damage profile based on the recorded yielded elements. White
lines indicate the contributing joints to the obtained damage profile.

R = 1.75 m

Sigma 1
min (stage): 0.02 MPa

max (stage): 223.67 MPa Shear
Tension

Figure 15: Major principal stress σ1 contours of the fractured FEMmodel using the DISL approach [16]. Yielded elements in shear (×) and
in tension (○) are plotted. +e dashed black line indicates the damage profile based on the recorded yielded elements. White lines indicate
the contributing joints to the obtained damage profile.
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and the joints are explicitly simulated. For the FEM models
using the conventional Hoek–Brown criterion, for a GSI� 80,
it was shown that the estimated damage profile does not
correspond to the field observations for the intact model.
Furthermore, the addition of joints does change the shape and
the extent of the damage profile; however, it does not result in
significant changes to the overall rockmass behaviour. +e
rockmass constitutive model in this case appears to be the
main contributing factor in the rockmass response. However,
this does not lead to a realistic damage profile. +e FEM
models using the DISL approach have the capability of
capturing the brittle response of the rockmass when
a continuum technique is employed. For the intact model,
the URL field observations are replicated to an extent, and

the simulation of the physical processes taking place is
more accurate than using the conventional Hoek–Brown
criterion. However, HDZ and EDZ cannot be distin-
guished directly and additional processing is required. On
the other hand, the intact FDEM model is capable of
simulating the extensile fracturing occurring during
spalling, and a clear distinction between the HDZ and the
EDZ can be made. While both the FEM-DISL model and
the FDEM model provide similar predictions of the HDZ,
the EDZ predicted by the FDEM model is in a better
agreement with field observations, as the numerical results are
more consistent with AE and MS data from the URL Test
Tunnel. Additionally, in situ stress measurements correspond
better with stress measurements from the FDEM model.
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Figure 16: Major principal stress σ1 contours of the fractured FDEM model. Cohesive elements failing in tension (Mode I fractures) are
coloured red, and cohesive elements failing in shear (Mode II fractures) are coloured yellow. +e dashed black line indicates the damage
profile based on the monitored fractures. +e continuous black line indicates the collapsed material. White lines indicate the contributing
joints to the obtained damage profile.
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Figure 17: Comparison between damage profiles for (a) the FEMHoek–Brown intact (purple continuous line) and fractured (black dashed line)
models, (b) the FEM-DISL intact (red dashed line) and fractured (black dashed line) models, and (c) the FDEM intact (blue dotted line-collapsed
material and blue dash-dotted line-damaged material) and fractured (black continuous line-collapsed material and black dashed line-damaged
material) models.
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Once joints are added in the FEM-DISL and the FDEM
models, it can be observed that similar damage profiles are
obtained, since both the effect of the intact rock and the
rockmass structure can be adequately captured. However,
again the distinction between the HDZ and the EDZ is
clearer in the FDEM model where the effect of preexistent
joints on the rockmass response is more profound. +is
highlights the merits of such an advanced numerical tech-
nique which has the potential of assisting greatly in the
design of an efficient support system for such rockmasses, as
the stress and damage state of the material surrounding an
excavation can be more realistically captured.
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and M. Olsson, Äspö Hard Rock Laboratory: Studies of Factors
>at Affect and Controls the Excavation Damage/Disturbed
Zone. SKB Report R-09–17, Swedish Nuclear Fuel and Waste
Management Co., Stockholm, Sweden, 2009.

[6] P. Bossart, P. M. Meier, A. Moeri, T. Trick, and J. C. Mayor,
“Geological and hydraulic characterisation of the excavation
disturbed zone in the opalinus clay of the mont terri rock
laboratory,” Engineering Geology, vol. 66, no. 1-2, pp. 19–38,
2002.

[7] D. O. Potyondy and P. A. Cundall, “A bonded-particle model
for rock,” International Journal of RockMechanics andMining
Sciences, vol. 41, no. 8, pp. 1329–1364, 2004.

[8] M. Christianson, M. Board, and D. Rigby, “UDEC simulation
of triaxial testing of lithophysal tuff,” in Proceedings of the 41st
US Symposium on Rock Mechanics (USRMS), American Rock
Mechanics Association, Golden, CO, USA, June 2006.

[9] N. Cho, C. D. Martin, and D. C. Sego, “A clumped particle
model for rock,” International Journal of Rock Mechanics and
Mining Sciences, vol. 44, no. 7, pp. 997–1010, 2007.

[10] D. Mas Ivars, D. O. Potyondy, M. Pierce, and P. A. Cundall,
“+e smooth-joint contact model,” in Proceedings of the 8th
World Congress Computational Mechanics-5th European
Congress on Computation Mechanics and Applied Science and
Engineering, Venice, Italy, June–July 2008.

[11] T. Kazerani and J. Zhao, “Micromechanical parameters in
bonded particle method for modelling of brittle material
failure,” International Journal for Numerical and Analytical
Methods in Geomechanics, vol. 34, no. 18, pp. 1877–1895, 2010.

[12] D.O. Potyondy, “A flat-jointed bonded –particlematerial for hard
rock,” inProceedings of the 46thUSRockMechanics/Geomechanics
Symposium, American Rock Mechanics Association, Chicago, IL,
USA, June 2012.

[13] O. K. Mahabadi, Investigating the Influence of Micro-Scale
Heterogeneity and Microstructure on the Failure and Me-
chanical Behaviour of Geomaterials, Ph.D. thesis, University
of Toronto, Toronto, ON, Canada, 2012.

[14] K. Farahmand, I. Vazaios, M. S. Diederichs, and
N. Vlachopoulos, “Investigating the scale-dependency of the
geometrical and mechanical properties of a moderately
jointed rock using a synthetic rock mass (SRM) approach,”
Computers and Geotechnics, vol. 95, pp. 162–179, 2017.

[15] E. Hoek and E. T. Brown, “Practical estimates of rock mass
strength,” International Journal of Rock Mechanics and
Mining Sciences, vol. 34, no. 8, pp. 1165–1186, 1997.

[16] M. S. Diederichs, “+e 2003 Canadian geotechnical collo-
quium: mechanistic interpretation and practical application
of damage and spalling prediction criteria for deep tunnelling,”
Canadian Geotechnical Journal, vol. 44, no. 9, pp. 1082–1116,
2007.

[17] A. Munjiza, >e Combined Finite-Discrete Element Method,
John Wiley & Sons Ltd., Chichester, UK, 2004.

[18] N. A. Chandler, “Twenty years of underground research at
Canada’s URL,” in Proceedings of the WM’ 03 Conference,
Tucson, AZ, USA, February 2003.

[19] M. S. Diederichs, “Manuel Rocha medal recipient rock fracture
and collapse under low confinement conditions,” Rock Me-
chanics and Rock Engineering, vol. 36, no. 5, pp. 339–381, 2003.

[20] E. Hoek, “Brittle failure of rock,” in Rock Mechanics in En-
gineering Practice, K. G. Stagg and O. C. Zienkewicz, Eds.,
pp. 99–124, John Wiley & Sons, London, UK, 1968.

[21] T. R. Stacey, “A simple extension strain criterion for fracture
of brittle rock,” International Journal of Rock Mechanics and
Mining Sciences and Geomechanics Abstracts, vol. 18, no. 6,
pp. 469–474, 1981.

[22] E. Hoek, C. Carranza-Torres, and B. Corkum, “Hoek-Brown
failure criterion-2002 edition,” in Proceedings of the 5th North
American Rock Mechanics Symposium and 17th Tunneling
Association of Canada Conference (NARMS-TAC 2002),
pp. 267–271, Toronto, ON, Canada, July 2002.

[23] E. Hoek and P. Marinos, “GSI: a geological friendly tool for
rock mass strength estimation,” in Proceedings of the In-
ternational Conference on Geotechnical and Geological Engi-
neering (GeoEng 2000), pp. 1422–1446, Melbourne, VIC,
Australia, November 2000.

[24] C. D. Martin, “+e 17th Canadian geotechnical colloquium: the
effect of cohesion loss and stress path on brittle rock strength,”
Canadian Geotechnical Journal, vol. 34, pp. 698–725, 1997.

[25] P. K. Kaiser, M. S. Diederichs, C. D. Martin, J. Sharpe, and
W. Steiner, “Invited keynote lecture: underground works in hard
rock tunnelling and mining,” in Proceedings of the International

Advances in Civil Engineering 17



Conference on Geotechnical and Geological Engineering (GeoEng
2000), pp. 841–926, Technomic Publishing Co.,Melbourne, VIC,
Australia, November 2000.

[26] M. Diederichs, Instability of Hard Rockmasses: >e Role of
Tensile Damage and Relaxation, Ph.D. thesis, University of
Waterloo, Waterloo, ON, Canada, 2000.

[27] V. Hajiabdolmajid, P. K. Kaiser, and C. D. Martin, “Modelling
brittle failure of rock,” International Journal of Rock Me-
chanics and Mining Sciences, vol. 39, no. 6, pp. 731–741, 2002.

[28] Rocscience Inc., RS2–Phase 2 Version 9.010 64 bit, Rocscience
Inc., Toronto, ON, Canada, 2015, http://www.RocScience.cosm.

[29] A. Munjiza, D. R. J. Owen, and N. Bicanic, “A combined finite-
discrete element method in transient dynamics of fracturing
solids,” Engineering Computations, vol. 12, pp. 145–174, 1995.

[30] A. Munjiza, K. R. F. Andrews, and J. K. White, “Combined
single and smeared crack model in combined finite-discrete
element analysis,” International Journal for Numerical
Methods in Engineering, vol. 44, pp. 41–57, 1999.

[31] A. Munjiza and K. R. F. Andrews, “Penalty function method for
combined finite-discrete element systems comprising large
number of separate bodies,” International Journal for Numerical
Methods in Engineering, vol. 49, pp. 1377–1396, 2000.

[32] Q. Lei, J. P. Latham, J. Xiang, and C. F. Tsang, “Role of natural
fractures in damage evolution around tunnel excavation frac-
tured rocks,” Engineering Geology, vol. 231, pp. 100–113, 2017.

[33] J. F. Labuz, S. P. Shah, and C. H. Dowding, “Experimental
analysis of crack propagation in granite,” International
Journal of Rock Mechanics and Mining Sciences and Geo-
mechanics Abstracts, vol. 22, no. 2, pp. 85–98, 1985.

[34] F. Q. Gao and D. Stead, “+e application of a modified
Voronoi logic to brittle fracture modelling at the laboratory
and field scale,” International Journal of Rock Mechanics and
Mining Sciences, vol. 68, pp. 1–14, 2014.

[35] K. Farahmand and M. S. Diederichs, “A calibrated synthetic
rock mass (SRM)model for simulating crack growth in granitic
rock considering grain scale heterogeneity of polycrystalline
rock,” inProceedings of the 49thUSRockMechanics/Geomechanics
Symposium, American Rock Mechanics Association, San
Francisco, CA, USA, June–July 2015.

[36] B. S. A. Tatone and G. Grasselli, “A calibration procedure for
two-dimensional laboratory-scale hybrid finite-discrete ele-
ment simulations,” International Journal of Rock Mechanics
and Mining Sciences, vol. 75, pp. 56–72, 2015.

[37] A. Lisjak, Investigating the Influence of Mechanical Anisotropy
on the Fracturing Behaviour of Brittle Clay Shales with Ap-
plication to Deep Geological Repositories, Ph.D. thesis, Uni-
versity of Toronto, Toronto, ON, Canada, 2013.

[38] A. A. Griffith, “+e phenomena of rupture and flow in solids,”
Philosophical Transactions of the Royal Society A:Mathematical,
Physical and Engineering Sciences, vol. 221, pp. 163–198, 1921.

[39] L. R. Myer, J. M. Kemeny, Z. Zheng, R. Suarez, R. T. Ewy, and
N. G. W. Cook, “Extensile cracking in porous rock under
differential compressive stress,” Applied Mechanics Reviews,
vol. 45, no. 8, pp. 263–280, 1992.

[40] D. S. Dugdale, “Yielding of steel sheets containing slits,”
Journal of the Mechanics and Physics of Solids, vol. 8, no. 2,
pp. 100–104, 1960.

[41] G. I. Barenblatt, “+e mathematical theory of equilibrium
cracks in brittle fracture,” Advances in Applied Mechanics,
vol. 7, pp. 55–129, 1962.

[42] Geomechanica Inc., Irazu 2DGeomechanical Simulation Software,
Version 3.0, Geomechanica Inc., Toronto, ON, Canada, 2017.

[43] C. D. Martin, R. S. Read, and J. B. Martino, “Observations of
brittle failure around a circular test tunnel,” International

Journal of Rock Mechanics and Mining Sciences, vol. 34, no. 7,
pp. 1065–1073, 1997.

[44] C. D. Martin, >e Strength of Massive Lac du Bonnet Granite
Around Underground Openings, Ph.D. thesis, University of
Manitoba, Winnipeg, MB, Canada, 1994.

[45] N. Vlachopoulos and M. S. Diederichs, “Appropriate uses and
practical limitations of 2D numerical analysis of tunnels and
tunnel support response,” Geotechnical and Geological En-
gineering, vol. 32, no. 2, pp. 469–488, 2014.

[46] I. Vazaios and N. Vlachopoulos, “+e evolution of the ex-
cavation damage zone of tunnels in brittle rockmasses using
a FEM/DEM approach,” in Proceedings of the 70th Canadian
Geotechnical Conference (GeoOttawa 2017), Ottawa, ON,
Canada, October 2017.

[47] W. S. Dershowitz and H. H. Herda, “Interpretation of fracture
spacing and intensity,” in Proceedings of the 33th US Sympo-
sium on Rock Mechanics (USRMS), American Rock Mechanics
Association, Santa Fe, NM, USA, June 1992.

[48] C. D.Martin and P. K. Kaiser,Mine-by Experiment Committee
Report, Phase 1: Excavation Response Summary and Impli-
cations, AECL Report, AECL-11382, Atomic Energy of Canada
Limited, Chalk River, ON, Canada, 1996.

[49] M. Cai, P. K. Kaiser, and C. D. Martin, “Quantification of rock
mass damage in underground excavations from microseismic
event monitoring,” International Journal of Rock Mechanics
and Mining Sciences, vol. 38, no. 8, pp. 1135–1145, 2001.

[50] V. Falmagne, Quantification of Rock Mass Degradation Using
Micro-Seismic Monitoring and Applications for Mine Design,
Ph.D. thesis, Queen’s University, Kingston, ON, Canada, 2001.

18 Advances in Civil Engineering

http://www.RocScience.cosm


Research Article
Study on the Interaction of Collinear Cracks and Wing Cracks
and Cracking Behavior of Rock under Uniaxial Compression

Chaolin Wang,1,2 Yu Zhao ,1,3 Yanlin Zhao ,4 and Wen Wan4

1School of Civil Engineering, Chongqing University, Chongqing 400045, China
2Key Laboratory of Geotechnical Engineering Stability Control and Health Monitoring of Hunan Province,
Hunan University of Science and Technology, Xiangtan, Hunan 411201, China
3Key Laboratory of New Technology for Construction of Cities in Mountain Area, Ministry of Education,
Chongqing University, Chongqing 400030, China
4School of Resource, Environment and Safety Engineering, Hunan University of Science and Technology, Xiangtan,
Hunan 411201, China

Correspondence should be addressed to Yu Zhao; zytyut1@126.com

Received 3 October 2017; Accepted 15 March 2018; Published 3 April 2018

Academic Editor: Robert Černý
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-is paper investigates the crack interaction, initiation, and propagation rules of rock-like materials containing two collinear
cracks. Based on the Kachanov method, the formulations for stress intensity factors (SIFs) of two collinear cracks and two winged
cracks are derived, respectively. -e influences of bridge ligament and crack length on the crack interaction are analyzed
theoretically. -e results show that the propagation of a long crack is independent of crack interaction when d≥ a2 and the same
rule applies for a short crack when d≥ a1. With the growth of wing cracks, the SIF of wings first remarkably decreases and then it
tends toward a steady value. Subsequently, the propagation of collinear cracks and cracking processes under uniaxial compression
are analyzed experimentally and numerically. Both the experimental results and simulation results demonstrate that shear cracks
tend to initiate and propagate at higher inclination angle. -e crack coalescence is affected by the inclination angle of bridge
ligament. For increasing the inclination angle, the crack coalescence varies from wing crack failure to shear crack coalescence. As
bridge ligament increases, the crack coalescence varies from shear crack coalescence to shear-wing crack coalescence and then to
wing crack failure.

1. Introduction

Rock and rock-like materials usually contain a number of
cracks, which affect the physical properties and influence the
failure patterns of the rockmaterial. Cracks will interact with
each other, and the cracking behavior of rock materials
critically depends on the crack interaction [1]. In order to
improve the understanding of fracture mechanism of brittle
materials with multiple cracks, abundant theoretical and
experimental studies have been conducted on rock materials
containing two cracks [2–4].

-e effect of the crack interaction on the failure behavior
of material has received significant attentions in recent years
and various methods have been developed for the analyses,

including singular integral equation method [5–7], Kachanov
method [8, 9], and modified Kachanov method [1, 10].
Lekesiz et al. [11] investigated the effect of crack interactions
on the SIF for a periodic array of coplanar penny-shaped
cracks using Kachanov’s approximate method. Kastratović
et al. [12] presented an approximate procedure for stress
intensity factors determination in case of multiple cracks and
was verified by comparison with the simulation results.
Jogdand and Murthy [13] suggested a simple and efficient
method for simultaneous estimation of the mixed-mode SIF
and T-stresses using finite element computations. Although
considerable progresses have been made for stress intensity
factors determination of multiple cracks, to accurately de-
scribe the effect of the crack interaction on the failure
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behavior ofmaterial is an issue that is not completely resolved,
especially for unequal collinear cracks and winged cracks.
Usually, for curvilinear winged cracks the crack-crack in-
teraction problem is solved numerically [14]. Although a lot of
wing crack models were proposed to determine the SIF
[15–18], few of these models took consideration of the in-
teraction of wing cracks.

-e interaction of cracks can significantly accelerate the
speed of rock failure. -e previous work provides a good
understanding of the effect of interaction on mechanical
properties. -e experimental studies on rock-like materials
containing cracks indicate that the geometry of the preex-
isting cracks, such as crack inclination angle, bridge ligament
angle, and crack aperture have a strong influence on strength
[2, 4, 19], coalescence behavior [3, 20–22], and fatigue life of
the structural component [23, 24]. To obtain a more
comprehensive understanding of the mechanics, further
experimental and numerical studies should be performed.
-e present paper is restricted to models containing only
two collinear cracks.

In this paper, the SIF of two unequal collinear cracks is
first derived using the Kachanov method, and then the
formulation of determining the SIF of two winged inter-
acting cracks is developed. Subsequently, crack propagation
and coalescence are investigated experimentally and nu-
merically. At last, the influences of inclination angle and
bridge ligament on cracking are explored.

2. Interaction of Unequal Collinear Cracks

2.1. Kachanov Method. Let us consider an infinite plate
containing two cracks and lying at the angle βi(i � 1, 2) to
the horizontal plane. -e coordinate figure is described in
Figure 1. One can resolve the traction p∞i loaded on crack
faces into two components, σ∞ni and σ

∞
ti . For open cracks, the

traction p∞i is

p∞i �
−σ∞ni

−σ∞ti
  � −

σ∞ 1 + cos 2βi( 

2

σ∞ sin 2βi

2

⎧⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎩

⎫⎪⎪⎪⎪⎬

⎪⎪⎪⎪⎭

(i � 1, 2). (1)

For close cracks, the traction p∞i is

p∞i �
−σ∞ni

−σ∞ti
 

� −
σ∞ 1 + cos 2βi( 

σ∞ sin 2βi

2
− μσ∞ 1 + cos 2βi( 

⎧⎪⎪⎨

⎪⎪⎩

⎫⎪⎪⎬

⎪⎪⎭
(i � 1, 2),

(2)

where μ is the coefficient of friction.
Based on the superposition principle, the problem can be

replaced by a superposition of 2 subproblems and each
contains one crack but is loaded by pseudotractions pi(ξi)

[1]. Kachanov decomposed the pseudotractions into two
components: average component and varying component,

and the resultant force of the varying component is zero [9].
Hence, pi(ξi) can be expressed as

pi ξi(  �
σni ξi( 

σti ξi( 
  � p∞i + Δpij ξi(  (i � 1, 2), (3)

where the unknown crack interaction stresses Δpij(ξi) are
the traction on the ith crack due to interaction with the jth
crack.

Δpij ξi(  �
Δσni ξi( 

Δσti ξi( 
  �

fnn
ij fnt

ij

ftn
ij ftt

ij

⎡⎢⎣ ⎤⎥⎦
〈σnj ξi( 〉

〈σtj ξi( 〉
⎧⎨

⎩

⎫⎬

⎭, (4)

where Δσni(ξi) and Δσti(ξi) are normal and shear stresses on
the ith crack induced by the traction of the jth crack;
Æσnj(ξi)æ and Æσtj(ξi)æ denote the average normal and shear
stresses on the ith crack; fnn

ij , fnt
ij , f

tn
ij , and ftt

ij are interaction
coefficients, and their explicit forms are given in [8].

Taking the averages for (3), we obtain

〈pi ξi( 〉 �
〈σnj ξi( 〉

〈σtj ξi( 〉
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⎩
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⎭
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ij

Λtn
ij Λ
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⎩

⎫⎬

⎭,

(5)

where Λnn
ij , Λ

nt
ij , Λ

tn
ij , and Λ

tt
ij are transmission factors due to

unit intensity tractions. On solving (5), we have the average
tractions Æσnj(ξi)æ and Æσtj(ξi)æ. -erefore, the pseudo-
tractions can be determined by combining (3) and (4). Once
the pseudotractions are known, the stress intensity factor
(SIF) in this phase can be determined according to [14].

KI ± ai( 

KII ± ai( 
 � −

1
���πai

√ 
ai

−ai

������
ai ± ξi

ai ∓ ξi


σni ξi( 

σti ξi( 
  dξi. (6)

2.2. Example of the Kachanov Method: Unequal Collinear
Cracks. Figure 2 shows two unequal collinear cracks, lying
at the angle β to the horizontal plane. For this configuration,
values of fnt

ij and ftn
ij for collinear cracks are zero, and the

rest of the coefficients are computed as

ξ1

ξ 2

Crack 1

Crack 2

σ∞

σ∞

β1

β2

Figure 1: An infinite plate containing two cracks under uniaxial
compression.
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fnn
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-e transmission factors can be computed by
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Substituting (8) and (9) in (5), we can obtain the average
tractions and finally get the pseudotractions. Note that for
sliding close cracks, σni(ξi) is equal to zero. Combination
with (6), the explicit forms of inner tip SIFs in unequal
collinear cracks subject to compression loads are given as

KII(−k) �
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(11)

-e normalized stress intensity factor (K/K0, where K0
refers to a single crack solution under the given load) is
shown in Figure 3, using (10) and (11). Obviously, the
mutual effect of cracks is sensitive to the separation distance

(hereafter denoted “bridge ligament”) of two cracks. With
bridge ligament increases, the SIF of crack tips decreases,
indicating the drop of mutual effect. -e mutal effect is
assumed to be negligible for K/K0 < 1.05 [25]. It is found

x
y c

–b

–k
ko

Crack 1

Crack 2

σ∞

σ∞

ξ 1

ξ 2

Figure 2: An infinite plate containing two unequal collinear cracks.
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Figure 3: Relation of the normalized SIF and d/a1 for two unequal
collinear cracks (a1 � 2a2, β � 45°).
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Figure 4: Relation of the normalized SIF and crack length for two
unequal collinear cracks (a1 � d � 10mm, β � 45°).
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that the propagation of a long crack is independent of crack
interaction when d≥ a2, and the same rule applies for a short
crack when d≥ a1.

Figure 4 shows the curve of the normalized SIF versus
the crack length. -e figure clearly indicates that the SIF of
four tips are larger than the value of a single crack due to the

2a 2aβ β

θl

l l eq

l eq 2l

KI

σ∞

σ∞

σ∞ σ∞

σ∞ σ∞

= +

Figure 5: Computation of the SIF at the wing crack tip by using the superposition technique [17].
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B
C

D Part 1 Part 2 Part 3 Part 4

σ∞

σ∞ σ∞ σ∞ σ∞ σ∞

σ∞ σ∞ σ∞ σ∞

= + + +

Figure 6: Computation of the SIF for the interacted wing crack tip by using the superposition technique.
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Figure 7: Relation of the normalized SIF and wing crack length
(a1 � a2, β � 45°, θ � 70.5°).
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Figure 8: Relation of the normalized SIF and preexisting crack
inclination angle (a1 � a2, l/a1 � 0.5, θ � 70.5°).
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crack-crack interaction, and the effect of crack interaction
on outer tips is smaller than that on inner tips. Note that the
SIFs of outer tips and inner tips are equal to each other for

a1 � a2. As the length of crack 2 (hereafter denoted “short
crack”) decreases, the SIF of inner and outer tips at crack 1
(hereafter denoted “long crack”) decreases, but increases for

(a)

W

W W

W

(b)

(c)

W
W

W
S

S

S

S

(d)

(e)

W

S

S

S

(f)

Figure 9: Comparison of numerical results and experimental results for two equal collinear cracks with varied inclination angles
(a1 � a2 � 20mm, d � 40mm; W � wing crack; S � shear crack). (a) Simulation results for β � 25°. (b) Experimental results for β � 25°.
(c) Simulation results for β � 45°. (d) Experimental results for β � 45°. (f) Experimental results for β � 75°. (f) Experimental results for β � 75°.

Table 1: Material properties of the specimens.

Type Crack inclination
angle (°)

Crack length
(mm)

Bridge ligament
(mm)

UCS
(MPa)

Poisson’s
ratio

Density
(g/cm3)

Elastic modulus
(GPa)

Specimens with collinear cracks
25° 20 40 15.2

0.23 2.11 2.4545° 20 40 19.8
75° 20 40 20.7

Intact specimen — — — 24.8
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the short crack. -is demonstrates that the decrease in short
crack length weakens the influence of crack interaction on
the long crack.When the length of the short crack is less than
bridge ligament, KII/KII0 < 1.05, interaction between cracks
becomes dispensable.

3. Determination of SIF for Two Interacting
Wing Cracks

Consider a problem of two collinear cracks with equal length
(i.e., b � c, shown in Figure 2) in a plate subjected to
compression loads. Previous studies illustrated that the
initial cracking was in accordance with mode-I under
compression-shear stresses [3, 26]. -e crack slides when
shear stress exceeds the fractional resistance. Consequently,
stress-induced wing cracks generate (Figure 5(a)). -e
evolution of the SIF at the tip of the wing crack has been
studied quantitatively by a number of researchers. Although
most of them proposed their own winged crack models
[15–18], few of these models took consideration of the in-
teraction of wing cracks. In this section, we try to develop
a computation of the SIF at the tip of interacted wing cracks.

In order to calculate an approximate KI value, Baud
replaced the winged crack with two components [17]: (1) an
equivalent single straight crack of length 2(a + leq); (2)
a straight wing crack of length 2l (Figure 5). Using this
method, we decompose the interacted winged cracks into
four parts (shown in Figure 6). -erefore, the SIF KΙ(A) at
the outer wing tip of the crack can be expressed as

KΙ(A) � K
(1)
Ι (A) + K

(2)
Ι (A) + K

(3)
Ι (A) + K

(4)
Ι (A), (12)

where K
(i)
Ι (A) is the SIF at the outer wing tip of the upper

crack in the ith part (i � 1, 2, 3, 4), which can be calculated
using the Kachanov method discussed in Section 2.1. Note
that for sliding close crack K

(i)
Ι (A) � 0 (i.e., K

(2)
Ι (A) � 0,

K
(4)
Ι (A) � 0). Similarly, KΙ(B), KΙ(C) and KΙ(D) can also

be obtained.
Figure 7 presents the relationship between the nor-

malized SIF of crack tip and the length of wing crack l

obtained from (12). As the length of the wing crack increases,
the SIF of four tips first remarkably decreases when l/a1 < 2
and then it tends toward a steady value for l/a1 > 2. Figure 8
presents the relationship between the normalized SIF of
crack tips and the crack inclination angle β. It illustrates that
the SIF first experiences a rush climb and then suffers a rapid
drop with the increase of β. -e mutual effect on the SIF of
inner tips is stronger than that of outer tips, but this effect
diminishes as the wing crack grows.

4. Experimental and Numerical Tests for
Crack Propagation

4.1. Experimental Tests. In this section, crack propagation
processes under uniaxial compression are analyzed exper-
imentally and numerically. -e experimental material is
a mixture of ordinary Portland cement, sand, and water at
a ratio of 26 : 25 :10 by weight. -e specimens, with di-
mensions 200mm high, 150mm wide, and around 30mm
thick, contain a pair of collinear cracks. -e crack geometry
is characterized by crack length, bridge ligament, and crack
inclination angle. Specifically, in this test, both the crack
lengths are set to 20mm, the bridge ligament is set to two
times of crack length, and the crack inclination angles are
set to 25°, 45°, and 75°, respectively. A digital camera is
employed to capture the instants of crack initiation during
the whole loading process. -e material properties of the
specimens are given in Table 1.

-e test results show an increase of uniaxial compressive
strength (UCS) with the crack inclination angle (Table 1).
Such trend is in qualitative agreement with the experimental
results in [2, 21]. Figure 9 shows the experimental results of
collinear crack propagation. It reveals that the crack
propagates from the tip of the crack, and the initiation of the
shear crack depends on the inclination of the preexisting
crack. For shallowly inclined cracks (small inclination an-
gle), only wing cracks are observed (Figure 9(a)). According
to (1) and (2), a smaller inclination angle leads to a lower
shear stress on the crack. As a consequence, the shear stress
is not sufficient enough to trigger shear cracks, but induces
wing cracks and drives their propagation.

4.2. Numerical Analysis. With reference to the experimental
observation of crack initiation, numerical analysis was
carried out to simulate the cracking processes by means of
the two-dimensional finite element code RFPA. -e ele-
ment’s random strength and elastic modulus are spatially
distributed according to a Weibull parameter m [27], which
is set to 5 in this paper. A state of plane strain is assumed, and
a Coulomb criterion envelope with a tensile cutoff is adopted
so that the elements may fail in a shear or tensile mode [28].
-e numerical tests are conducted under constant dis-
placement rate (0.002mm/step) in the vertical direction to
produce a compression loading. To mimic the laboratory

Numerical
Experimental

60

80

100

120

140

160

θ 
(°
)

30 40 50 60 70 8020
β (°)

Figure 10: Relation of the inclination angle and the initiation
angle.
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Figure 11: Continued.
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configuration, the model size and crack geometric parameters
are set consistent with experimental condition. -e mesh size
is set as 150× 200� 30,000, and the values of Young’s modulus,
Poisson’s ratio, density, and USC are listed in Table 1. -e
simulation proceeds in two parts: failure simulation of equal
collinear cracks (a1 � a2 � 20mm) to compare with exper-
imental date and failure simulation of unequal collinear
cracks (a1 � 2a2 � 20mm) to validate the theory proposed
in Section 2.2.

Figure 9 illustrates the damage evolution and failure
processes of equal collinear cracks with varied inclination
angles from 25° to 75°. Comparing the numerical cracking
processes and experimental ones, it is found that the pre-
diction of finite element method is faultlessly consistent with
the experimental processes. Both the experimental results
and the present numerical results reveal that the crack in-
clination angle has a great influence on crack coalescence
patterns. For increasing inclination angle, the crack co-
alescence varies from wing crack coalescence to shear crack
coalescence. Subsequently, the crack initiation angle θ is
directlymeasured from the crack trajectory diagrams. Figure 10
summarizes the experimental and numerical value of θ. -e
figure reveals a positive correlation between θ and β, which is
consistent with previous studies in [29, 30].

Figure 11 shows the failure processes of unequal col-
linear cracks with varied ligament length d. -e figure il-
lustrates that wing cracks initiate and propagate first from
the inner crack tips at low ligament length value (Figure
11(a)). -is can be explained with the calculation results
shown in Figure 3. It indicates that crack-crack interaction
has a stronger effect on inner tips than the one on outer tips
when d< a2, and for d> a1 the mutual effect on crack tips
becomes dispensable, which is not sufficient enough to
induce a discrepant cracking between inner tips and outer
tips. -e simulation results also reveal that the crack in-
teraction may change the type of crack coalescence. For
bridge ligament less than the length of the short crack 2a2,
wing and shear cracks have been observed, so that the shear
crack coalescence pattern develops afterwards (Figures 11(a)

and 11(b)). For d � 2a1, a shear crack from the inner tip of
the long crack coalesces with a wing crack from the outer tip
of the short crack, namely shear-wing crack coalescence. For
higher bridge ligament (d> 2a1), wing cracks first initiate at
the tip of the long crack and then the failure occurs because
wing cracks develops at the edge of the specimen (Figures 11(d)
and 11(e)). In general, the crack coalescence varies from shear
crack coalescence to shear-wing crack coalescence and then
to the wing crack failure patterns with the increase of bridge
ligament.

5. Conclusions

(1) -e formulation for the SIF of two unequal collinear
cracks under compressive stress states is derived
through the Kachanov method. -e theoretical
analysis shows that the short crack has little influence
on the propagation of the long crack when the bridge
ligament exceeds the short crack length. Moreover,
the mutual effects between the two cracks become
dispensable when the bridge ligament exceeds the
long crack length.

(2) A computing method for the SIF of two winged
cracks is introduced. -e calculation results show
that the SIF first experiences a rush climb and then
suffers a rapid drop with the increase of β. -e
mutual effect on the SIF of inner tips is stronger than
that of outer tips, but this effect diminishes as the
wing crack grows.

(3) It is observed experimentally that the crack in-
clination angle shows a positive correlation of uni-
axial compressive strength and crack initiation angle,
respectively. It also demonstrates that the crack in-
clination angle has a significant influence on crack
coalescence patterns.

(4) -e simulation results indicate that the bridge lig-
ament may change the crack coalescence pattern. For
increasing the bridge ligament, the crack coalescence

(e)

Figure 11: Simulation results of two unequal collinear cracks with varied bridge ligament (a1 � 2a2 � 20mm, β � 45°). (a) d� 5mm, shear
crack coalescence. (b) d� 10mm, wing crack coalescence. (c) d� 20mm, shear-wing crack coalescence. (d) c� 30mm, wing crack failure.
(e) d� 40mm, wing crack failure.
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varies from shear crack coalescence to shear-wing
crack coalescence and then to the wing crack failure
patterns.
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An abandoned open pit was used as a tailing pond for a concentrating mill, with the height of the water surface subject to cyclic
fluctuation. /e effects of drying and wetting cycles on the mechanical parameters of pit rock were tested. Interactions of the
hydrochemical environment, due to the dissolution of tailings, and drying and wetting cycles caused degradation of mechanical
properties in the rock. It was found that uniaxial compressive strength and elastic modulus decreased as the number of dry/wet cycles
increased. /e quantitative relationship between the mechanical parameters and the number of dry/wet cycles was indicated by an
exponential function. In addition to uniaxial testing, cohesion and the internal friction angle were determined through triaxial testing.
/e shear strength index deteriorated under the drying and wetting cycles. /e hydrochemical environment also negatively affected the
mechanical parameters. Potential effects between drying andwetting cycles and slope displacement were analyzed by on-sitemonitoring.
/e results show that the displacement increased because of the drying and wetting cycles, whichmay lead to sudden failure of the slope.

1. Introduction

Altered rock emerged in the process of gold mineralization
due to volcanic hydrothermals in earth’s deep interior. An
abandoned open pit conducted as a tailing pond for
a concentrating mill was studied. Tailing ponds are im-
portant facilities for storing tailings and clarified water. /e
water level in the tailing ponds was affected by abandoned
tailing emissions and clarified water extraction [1–5]. /e
negative influence on the stability of the open pit slope was
caused by drying and wetting cycles on the altered rock.
Many valuable achievements about the influence of drying
and wetting cycles to various rocks have been studied by
domestic and foreign researchers. Liu and Deng et al. [6, 7]
examined the deterioration laws of sandstone under water-
rock interaction, including the changes of compressive
strength and rheological properties; Hua et al. [8] studied the
fracture toughness of sandstone subjected to cyclic wetting
and drying; the swelling behavior of volcanic rocks or

mudstone and stabilized expansive soils has been studied by
Vergara et al., Doostmohammadi et al., and Rao et al., re-
spectively [9–11]; the effects of acid rain on the mechanical
properties and the stability of reservoir slope slump under
the condition of acid rain were examined by Liu et al.
[12–14]; Zhao et al. [15] have investigated the change laws of
tensile strength of sandstone with low clay mineral content;
Liu et al. [16] have studied the crack growth mechanism,
especially subcritical crack under water-rock interaction;
and Saleh-Mbemba et al. [17] examined the water retention
of tailings behavior. As for altered rock, the hydrome-
chanical properties of altered rock have been analyzed by
Wang et al. [18], and Kohno et al. and Chen et al. [19, 20]
have studied the relations between point load strength index
and UCS (uniaxial compressive strength) of hydrothermally
altered soft rock.

However, at present, investigations on the influence of
drying and wetting cycles on the mechanical properties of
altered rock are deficient. /e purpose of this paper is to
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Figure 1: Open pit panorama.

Table 1: List of the geological characteristics of the rock engineering.

Sample Texture and structure Alteration, crashing ratio
Beresitization granoclastic Granite blast fragmentation massive structures Sericite-heavier, fragmentation level heavy
Beresitization granite Granite blast texture block structure Sericite-lighter, fragmentation level light

Table 2: /e analysis of solution pH in groundwater.

Sample
Anions (mg/L) Cations (mg/L)

pH
Cl− SO4

2− HCO3
− Na+ Ca2+ Mg2+ Fe3+ K+

Sy-1 13955.09 1910.85 266.11 7693.67 877.41 433.46 225.11 100.41 7.05
Sy-2 11462.34 1581.51 121.47 6236.54 926.54 956.65 372.46 151.24 7.14
Sy-3 15874.53 2047.81 158.03 8203.55 699.03 576.41 207.58 139.42 6.11
Sy-4 16469.54 1142.50 103.55 5779.03 955.68 395.45 469.57 121.41 5.84
Sy-5 19821.47 2237.41 236.47 9476.53 474.57 672.47 201.17 169.85 5.31
Sy-6 21400.51 2478.56 369.58 10034.12 399.85 525.17 187.49 99.47 4.55
Sy-7 18477.16 1569.44 294.87 8966.52 541.21 469.54 233.51 106.17 6.21
Sy-8 20414.52 1966.72 306.22 9794.12 472.34 983.27 200.03 101.17 5.01

Figure 2: Preparation of rock samples.
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perform laboratory tests to explore the effects on the strength
and discuss the quantitative relationships between the me-
chanical parameters and the number of cycles./is paper also
provides a theoretical basis for the analysis of the stability of
open pit slopes subjected to water-rock interaction.

2. Engineering Geology and
Experimental Methods

2.1. Engineering Geology. One of the largest opencast gold
mines in China, the Cangshang gold mine, lies in Yantai City,
Shandong province. A panorama of the pit is shown in Figure 1.

/e gold deposits at the San Shandao–Canshang fault
zone and is a typical altered rock gold deposit. Beresitization
granoclastic and beresitization granite are the typical altered

rocks. /e engineering characteristics of these rocks are
shown in Table 1.

2.2. Hydrochemical Environment. Samples of pit water and
groundwater were acquired. Hydrochemical results are
shown in Table 2. /e main anions in the aqueous solution
are Cl−, SO4

2−, and HCO3−, and the main cations are Na+,
Ca2+, Mg2+, Fe3+, and K+. /e aqueous solution was sig-
nificantly acidic.

2.3. Experimental Methods

2.3.1. Experiment Preparation. Specimens of altered rock
were obtained from the slope of the Cangshang pit. Standard

Test of
rock

moisture
content

Drying
and

wetting
cycles

N = 0

Uniaxial compression test

Triaxial compression test

Site
sampling

N = 1 N = 5

N = 8 N = 15 N = 20

pH = 2 pH = 4 pH = 7

σ = 2 MPa σ = 5 MPa σ = 9 MPa

Number of cycles

pH values

Confining pressure

2 × 2 = 4 6 × 3 = 18 6 × 3 × 3 = 54

The total number of rock samples is 76

Figure 3: Test design.

Rock samples

Immerse time 6 hNatural state Immerse time 12 h Immerse time 24 h Immerse time 48 h

Drying

Oven

Temperature: 105~110°C

Time: 12 hours

Cooling Weighing

Dryer Balance

Figure 4: Test procedure of the moisture content.
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cylindrical samples (50mm diameter× 100mm length) were
obtained through core drilling and sawing, and ends of the
samples were ground to flatness of less than 0.05mm. Figure 2
shows the preparation of rock samples.

To simulate the acidic conditions of the tailing bank
slope, hydrogen chloride solutions with other chemical
reagents were prepared with the pH values of 2, 4, and 7 in
the laboratory./e rock samples were subjected to 1, 5, 8, 15,
and 20 drying and wetting cycles in different hydrochemical
environments. /e test design is shown in Figure 3.

/e hydrochloric acid solutions were used to simulate acidic
environments with the pH values of 2 and 4. Distilled water was
used to simulate the neutral environment. To avoid the vola-
tilization of the liquid in the test, the pH of the solution was
measured once per hour to ensure that the solution pH is stable.

2.3.2. Test of Rock Moisture Content. /e test procedure for
the rock moisture content is shown in Figure 4. /e

immersion time in the experiment was determined by
measuring the moisture content for different immersion
time (0, 6, 12, 24, and 48 h).

Drying and cooling were repeated until the specimen
had constant weight; that is, the relative difference between
two weights over 12 h was less than 0.1%. /e moisture
content of different immersion conditions was computed
according to the following equation:

ω �
M1

M2
− 1  × 100%, (1)

where ω is the moisture content, M1 is the sample mass
before drying, and M2 is the sample mass after drying.

/e results of the moisture content test are shown in
Figure 5. /e moisture content of rock increased by
0.03%–0.04% after immersion for 48 h compared with that
of immersion for 24 h, and the moisture content tended to
be saturated after immersion for 24 hours. A drying and

(a) (b)

Figure 6: Sample and test equipment of compression.
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Figure 7: /e fitting relationship between mechanics parameters and cycles. (a) Beresitization granoclastic. (b) Beresitization granite.

Table 3: Uniaxial compression test of the altered rock.

Rock Cycles
Peak strength (MPa) Elastic modulus (GPa)

2 4 7 2 4 7

Beresitization granoclastic

0 69.53 69.53 69.53 16.75 16.75 16.75
1 62.74 63.51 65.21 13.47 14.13 15.22
5 58.79 59.13 61.43 11.03 12.27 13.41
8 54.02 55.39 57.47 9.78 10.17 11.48
15 50.34 51.77 53.23 8.96 9.46 10.22
20 46.21 48.97 50.12 6.55 7.47 8.94

Beresitization granite

0 50.67 50.67 50.67 16.66 16.66 16.66
1 40.96 43.21 45.37 11.78 13.11 14.04
5 37.19 39.23 41.08 9.02 10.85 12.34
8 35.22 37.43 39.88 7.11 8.74 10.09
15 33.47 35.13 37.57 5.85 7.66 9.56
20 31.52 33.46 35.69 4.32 5.34 7.14
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wetting cycle consisted of freely submerging the specimen in
water until it was saturated, then placing it into a 105°C oven
for 12 hours, and then cooling it to room temperature.

3. Results and Analysis

3.1. Uniaxial Compression Test. An RLJW-2000 computer-
controlled rock servo triaxial and shearing compression
testing machine was used to test the cylindrical samples
(Figures 6 and 7).

Strength and elastic modulus of altered rock were ob-
tained through uniaxial compression tests, and the test
results are shown in Table 3.

As the number of drying and wetting cycles increased,
the values of peak strength and elastic modulus gradually
decreased. After one dry/wet cycle at pH� 2, the values of
peak strength and elastic modulus of beresitization grano-
clastic and beresitization granite decreased by 10.15%,
19.58% and 19.16%, 21.31%, respectively. After 20 cycles, the
peak strength and elastic modulus decreased to 66.46%,
39.11% and 62.21%, 25.93%, respectively, of natural rock.
Both beresitization granoclastic and beresitization granite
presented the most serious damage at pH� 2 and 20 drying
and wetting cycles.

/e values of peak strength and elastic modulus were
fitted by a curve. /e fitting results are shown in Table 4.

y � a exp
−n
b

  + c, (2)

where a, b, and c are fitting parameters and n is the number
of drying and wetting cycles.

3.2. Triaxial Compression Test. Triaxial compression tests
with different confining pressures (2MPa, 5MPa, and
9MPa) were performed under various water chemistry
conditions (pH� 2, 4, and 7) and several drying and wetting
cycles (0, 1, 5, 8, 15, and 20). First, the specimen was
compressed axially to 0.2 kN to bring it into close contact
with the bearing plate. /en, the axial pressure value, the
deformation value, and the confining pressure value of the
rock specimen were set to zero. /e specimen was loaded at
1.5MPa/s lateral pressure. /e confining pressure varied by
less than ±2% of the initial value. /en, axial loading was
applied with a rate of 0.2mm/min until the rock failed.

According to the triaxial compression test results and the
Mohr–Coulomb criterion [17], the Mohr circle and its
envelope at different stress states were plotted to obtain the
cohesion and internal friction angle [18]. /e test results are
shown in Table 5.

/e values of cohesion and internal friction angle de-
creased as the number of drying and wetting cycles in-
creased. Relationship between cohesion, internal friction
angle, and number of dry/wet cycles was fitted by the ex-
ponential curve, as shown in Figure 8. Table 6 shows
equations of the fitting curves in Figure 8 and their R2 values.
Under the same pH conditions, the cohesion and internal
friction angle of both rocks decreased as the number of

Table 4: /e fitting expression between mechanics parameters and cycles.

Rock pH Peak strength (MPa) R2 Elastic modulus (GPa) R2

Beresitization granoclastic
2 y � 23.51 exp(−n/9.71) + 44.09 0.936 y � 8.79 exp(−n/6.39) + 7.08 0.900
4 y � 20.03 exp(−n/8.06) + 47.93 0.954 y � 8.71 exp(−n/7.82) + 7.37 0.928
7 y � 22.37 exp(−n/12.35) + 46.05 0.975 y � 8.45 exp(−n/9.98) + 8.00 0.978

Beresitization granite
2 y � 16.28 exp(−n/1.27) + 34.17 0.887 y � 10.61 exp(−n/4.64) + 4.92 0.913
4 y � 14.53 exp(−n/3.94) + 34.49 0.898 y � 10.31 exp(−n/7.37) + 5.38 0.918
7 y � 13.08 exp(−n/4.97) + 36.37 0.930 y � 9.09 exp(−n/8.89) + 6.85 0.909

Table 5: Triaxial compression data.

Rock Cycles
Cohesion (MPa) Internal friction angle (°)

Different pH values Different pH values
2 4 7 2 4 7

Beresitization granoclastic

0 13.35 13.35 13.35 27.26 27.26 27.26
1 10.17 11.56 12.39 23.56 25.12 26.66
5 7.02 7.94 9.54 22.53 23.17 24.22
8 5.56 6.55 8.62 21.46 22.15 23.79
15 4.64 5.47 6.44 19.45 20.27 21.33
20 3.01 3.66 4.06 17.69 18.27 19.51

Beresitization granite

0 9.19 9.19 9.19 50.01 50.01 50.01
1 6.94 8.03 8.51 45.02 46.34 47.89
5 5.56 6.96 7.01 41.78 43.96 45.02
8 3.12 5.02 5.94 40.68 42.04 43.19
15 2.10 2.91 3.59 38.57 40.11 42.01
20 1.67 2.00 2.81 37.94 39.57 41.34
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wet-dry cycles increased. Specifically, cohesion of beresiti-
zation granoclastic decreased from 13.35MPa to 3.01MPa,
a reduction of about 77.45%. /e internal friction angle

decreased from 27.26° to 17.69°, and the reduction was about
37.11%. /e cohesion of beresitization granite decreased
from 9.19MPa to 1.67MPa, with a reduction of about
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Figure 8: /e fitting relationship between shear strength parameters and cycles. (a) Beresitization granoclastic. (b) Beresitization granite.

Table 6: /e fitting expression between mechanics parameters and cycles.

Rock pH Peak strength (MPa) R2 Elastic modulus (GPa) R2

Beresitization granoclastic
2 y � 9.20 exp(−n/5.00) + 3.53 0.952 y � 9.52 exp (−n/11.39) + 16.45 0.859
4 y � 9.31 exp(−n/6.50) + 3.80 0.954 y � 10.34 exp(−n/13.79) + 16.23 0.951
7 y � 13.45 exp(−n/19.25)− 0.34 0.975 y � 14.89 exp(−n/28.84) + 12.23 0.983

Beresitization granite
2 y � 7.49 exp(−n/6.84) + 1.24 0.996 y � 10.57 exp(−n/4.09) + 38.37 0.922
4 y � 10.91 exp(−n/19.06)− 1.92 0.979 y � 9.77 exp(−n/5.89) + 39.3 0.946
7 y � 10.68 exp(−n/21.74)− 1.56 0.930 y � 8.48 exp(−n/5.71) + 41.23 0.989
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(a) (b)

Figure 9: Monitoring equipment and monitoring points. (a) GPS monitoring. (b) Water level monitoring equipment.
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Figure 10: Relationship between slope displacement and water level change. (a) Monitoring points 1, 2, and 3. (b) Monitoring points 4, 5, and 6.
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81.83%. /e internal friction angle decreased from 50.01° to
37.94°, a reduction of about 24.14%. /erefore, the drying and
wetting cycles caused a greater degree of damage to beresi-
tization granite. Overall, drying and wetting cycles signifi-
cantly affect the cohesion and internal friction angle.

4. Slope Displacement On-Site Monitoring

/e effect of drying and wetting cycles on the rock cohesion
and internal friction angle is significant, which may lead to
slope failure in the pit. /e change of water level in the tailing
reservoir and surface displacement were monitored to analyze
the influence of water level on the slope displacement. GPS
displacement detection and a YCY-3-type water level monitor
were used, as shown in Figure 9.

Six monitoring points were set including MP-1, MP-2,
MP-3, MP-4, MP-5, and MP-6. /e displacement changes
at the monitoring points are similar, as shown in Figure 10.
From May 2016 to December 2016, the slope displacement
gradually grew with the continuous increase of tailing water
level. /e maximum displacement value was 79.35mm. From
December 2016 to October 2017, the water level in the tailing
pond fluctuated, resulting in long-term wetting and drying
cycles of the slope rock. /e trend of slope displacement
fluctuation was basically consistent with that of water level,
indicating that the wetting and drying cycles increased the
slope slip to a certain extent.

5. Conclusion

In this paper, laboratory tests and on-site monitoring were
used to analyze the impact of drying and wetting cycles on
rock strength and slope stability. /e following conclusions
are drawn:

/e water level of the tailing reservoir will have
a weakening effect on the rock strength of the slope. In the
laboratory, the effect of water level that rises and falls to rock
was simulated by the test of drying and wetting cycles. /e
rock compressive strength, elastic modulus, cohesion, and
internal friction angle were analyzed. As the number of
wetting and drying cycles and the acidity increased, the rock
strength decreased. An exponential function predicted the
decrease of strength as a function of n. /e results show that
the change of water level weakens rock strength.

Based on the laboratory analysis of rock subjected to
wetting and drying cycles and site monitoring results of slope
displacement, the slope displacement increased suddenly with
the rise and fall of the tailings pond, indicating that the wetting
and drying cycles negatively affect slope stability.
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*e solid-gas coupling model for mining coal-rock mass deformation and pressure relief gas flow in protection layer mining is the
key to determine deformation of coal-rock mass and migration law of pressure relief gas of protection layer mining in outburst
coal seams. Based on the physical coupling process between coal-rock mass deformation and pressure-relief gas migration, the
coupling variable of mining coal-rock mass, a part of governing equations of gas seepage field and deformation field in mining
coal-rock mass, is introduced. *en, a new solid-gas coupling mathematical model reflecting the coupling effects of gas
adsorption/desorption, gas pressure, and coal-rock mass deformation on the mining coal-rock mass deformation and pressure
relief gas flow is established combined with the corresponding definite conditions. It lays a theoretical foundation for the
numerical calculation of the deformation of mining coal-rock mass and the migration law of gas under pressure relief in the
outburst coal seam group.

1. Basic Hypothesis

After mining protection seam, the initial rock stress balance is
broken and the coal-rock mass deforms, which destroys the
dynamic balance of original gas adsorption and desorption,
and part of gas desorbs and diffuses to the mining fissure and
gas pressure reduces, whichmakes the coal-rockmass pressure
state changed; namely, deformation of mining coal-rock mass
and flow of pressure relief gas are amultiphysical field coupling
process. *erefore, the establishment of a solid-gas coupling
mathematical model which can describe the deformation of
mining coal-rockmass and pressure relief gas flow is the key to
study the deformation of coal-rockmass and themigration law
of gas under pressure relief in protection layer mining.

Due to the solid-gas coupling effect of coal-rock mass
deformation and pressure relief gas flow are complicated,
which involves seepage mechanics, rock mechanics, elastic-
plastic mechanics and many other subjects [1–5]. *e

existing research results found that seepage pressure affects
the stress field; moreover, the stress field in surrounding
rock results in the change of permeability of rock masses
[3, 5]. Based on the previous studies [1–5], the following
hypotheses are introduced:

(1) *e solid-gas coupling system consists of both solid
phase (coal-rock mass) and gas phase.

(2) *e solid skeleton deformation of coal-rock mass is
small, which can be regarded as homogeneous and
isotropic linear elastic medium; the coal seam gas can
be regarded as an ideal gas, and its flow process can
be regarded as approximately isothermal process,
which obeys the Darcy seepage law.

(3) *e coal seam is saturated by single-phase gas, and
the original gas pressure is uniformly distributed; gas
content in coal seam follows the modified Langmuir
equation.
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(4) *e effective stress of coal-rock mass skeleton
follows the modified Terzaghi effective stress
principle.

2. Control Equations of Deformation Field of
Mining Coal-Rock Mass

*e control equations of displacement and stress fields of
mining coal-rock mass deformation are mainly composed of
constitutive equation, geometric equation, and equilibrium
equation.

2.1. Constitutive Equation. For the single-phase saturated
linear elastic porous media, the effective stress σii

′ (tension is
positive), the pore pressure p (compression is positive), and
the total stress σij follow the modified Terzaghi effective
stress principle [6, 7]:

E �∑
m

i�1
Si, (1)

where δij is the Kronecker symbol (when i� j, δij � 1, and
when i≠ j, δij � 0) and α (α≤ 1) is the Biot coefficient, whose
value depends on the compressibility of coal-rock mass and
is calculated as follows:

α � 1−
K

Ks

, (2)

where K is the bulk modulus of coal-rock mass skeleton (Pa)
and Ks is the matrix bulk modulus of coal-rock mass (Pa).

Previous studies have shown that [8, 9] adsorption/desorption
will cause the bulk strain of coal matrix, and it can be calculated
combined with the generalized Hooke’s law:

σij
′ � 2Gεij +

2Gv

1− 2v
εkkδij −Kεsδij, (3)

where v is the Poisson’s ratio of drainage, G is the shear
modulus (Pa), and εs is the matrix bulk strain caused by coal
adsorption/desorption; the experimental results show that
the relationship between εs and p meets the Langmuir type
curve [8, 9]:

εs � εL

p

p + pL

, (4)

where εL is the bulk strain constant when the pore pressure is
infinite and pL is the pore pressure when the bulk strain is
0.5εL (Pa).

2.2. Geometric Equation. Assuming that the deformation of
coal-rock mass is small, the geometric equation is [10]

εij �
1
2

ui,j + uj,i , (5)

where ui is the displacement in the i direction.

2.3. Equilibrium Equation. According to the virtual dis-
placement principle of elastic mechanics, the momentum

equation of coal-rock mass skeleton under quasi-static
condition is [11]


Ω
δεijσij dV−

Ω
fiδui dV−

S
fiδui dS � 0, (6)

where fi and fi are the boundary surface force and the bulk
force of the skeleton, δui and δεij are the coordination of
virtual displacement variation and virtual strain variation,
and Ω and S are the regions occupied by solid skeleton and
the known boundary of stress.

It can be obtained according to (5) and the symmetry of
strain tensor [12]:

δεij � δ
1
2

ui,j + uj,i   � δui,j. (7)

Substituting (1) into (6), we get


Ω
δεij σij
′ − αpδij dV−

Ω
fiδui dV−

S
fiδui dS � 0.

(8)

According to the Green-Gauss formula, the first item on
the left of (8) is


Ω
δui,j σ ij
′ − αpδij dV �

S
δui σ ij
′ − αpδij nj dS

−
Ω

σ ij,j
′ − αpjδij δui dV.

(9)

*e equilibrium equation of porous medium of coal-
rock mass can be obtained by (8) and (9):

σ ij
′ − αpj + fi � 0. (10)

Connecting the constitutive equation (3), the geometric
equation (5), and the equilibrium equation (10), the gov-
erning equations which take the solid-gas coupling de-
formation field under the effect of coal adsorption/desorption
deformation, stress, and pore pressure into account can be
obtained:

Gui,jj +
G

1− 2v
uj,ji − αpi −Kεs,i + fi � 0. (11)

3. Governing Equation of Gas Flow in Mining
Coal-Rock Mass

*e governing equation of gas flow in coal-rock mass
combines the continuity equation, state equation, gas
content equation, and Darcy law of motion and eliminates
some variables to deduct differential equations. Migration
morphology of gas is closely related to the pore structure, but
the pore structure of coal seam is complicated; when
studying migration law of gas, people are often based on
different types of gas diffusion or the primary and secondary
roles of seepage to simplify the pore structure of coal seam
into pure diffusion pore medium model, pure permeability
fracture medium model, and pore-fissure dual-medium
model with coexistence of diffusion and permeation. *e
pore-fissure dual-medium model has been accepted and
used by many scholars, and it assumes gas migration in coal
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seam is a continuous process in two steps: diffusion and
permeation are a cascade process that the gas diffuses from
the matrix to the fissure in the form of diffusion and then
flows through the fissures into the tunnel or borehole in the
form of the Darcy seepage.

*e continuity equation of gas diffusion motion is as
follows [13, 14]:

zC

zt
� −∇mc −Qs, (12)

where mc is the mass diffusion flux (kg/(m2·t)), Qs is the
exchange mass source of the pore system flowing to the
fracture system (kg/(m3·s)), and C is the quality of adsorbed
gas in unit bulk coal:

C � ρgaρc

VLp

p + pL

, (13)

where ρga is the gas density under the standard state (kg/m
3),

ρc is density of coal-rock mass (kg/m3), and VL is the
Langmuir bulk constant (kg/m3).

According to the law of mass conservation, the conti-
nuity equation of gas seepage in fracture can be obtained
[13–15]:

z ρgϕ 

zt
� −∇ · ρgqg  + Qs,

(14)

where ρg is the gas density (kg/m3), ϕ is the porosity of coal-
rock mass, and qg is the velocity of gas seepage (m/s).

*e gas flow is divided into two open systems: diffusion
and seepage. In fact, there is a coupling effect between gas
diffusion and seepage, and the adsorption and desorption of
gas only change in the state of matter, and it does not cause
the change of gas quality in representative bulk units.
*erefore, in order to facilitate the analysis and solution, the
mass conservation equation of gas flow can be obtained by
adding (12) and (14):

z ρgϕ 

zt
+

zC

zt
+ ∇ · ρgqg + mc  � 0. (15)

For low permeability coal-rock mass, it can be assumed
that the gas is desorbed and diffused into the fracture from the
matrix instantaneously, and (15) can be further simplified:

zm

zt
+ ∇ · ρgqg  � 0. (16)

In (16), m � ρgϕ + ρgaρc(VLp/p + pL), the first item on
the right shows the free gas content in the coal-rock mass,
and the second item represents the adsorbed gas content in
the coal.

*e coal gas, whose flow process could be assumed to be
isothermal, is considered as the actual gas, and then the state
equation of the gas can be obtained:

ρg �
Mg

RT
p, (17)

where Mg is the molar mass of gas, R is the universal gas
constant, and T is the absolute temperature.

*e outward coal-rock mass gas flow from the coal seam
crack accord with the Darcy seepage law:

qg � −
k

μ
· ∇p, (18)

where k is the permeability of the coal seam, μ is the dynamic
viscosity of gas (Pa·s), and ∇p is the gas pressure gradient
(Pa/m).

Substituting (17) and (18) into (16), we get

ϕ +
ρcpaVLpL

p + pL( 
2

⎡⎣ ⎤⎦
zp

zt
+ p

zϕ
zt
−∇ ·

k

μ
p∇p  � 0, (19)

where pa is the standard atmospheric pressure (Pa). In (19),
the permeability k depends on the porosity of coal ϕ, and the
porosity of coal ϕ is a function of the volumetric strain εv of
coal-rock mass and the volumetric strain εs of matrix.
*erefore, (11) and (19) are connected by the porosity of coal
ϕ and physical parameters of permeability k.

4. The Structure of Solid-Gas Coupling
Mathematical Model for Coal-Rock Mass
Deformation and Pressure Relief Gas Flow in
Protection Seam Mining

4.1. Solid-Gas Coupling Variables in Mining Coal-Rock
Mass. Traditional classical percolation mechanics holds
that in the pore pressure change process, the solid skeleton of
porous media does not produce any elastic-plastic de-
formation, so the porosity of porous media ϕ is a constant.
However, under the effect of surrounding rock stress and gas
pressure, the solid skeleton of coal will deform in different
degrees, which will cause the change of effective stress and
lead to the dynamic change of porosity and permeability of
coal-rock mass. When it comes to the deformation of coal-
rock mass in protection layer mining and the solid-gas
coupling of pressure relief gas flow, the dynamic changes
of porosity, permeability, and other parameters of coal-rock
mass must be taken into account. So, it is necessary to es-
tablish the theoretical calculation model for the dynamic
changes of the basic physical parameters such as porosity
and permeability of coal-rock mass.

4.1.1. Dynamic Variation Model of Coal-Rock Mass
Porosity. *e bulkV of porous medium in coal-rock mass is
composed of the bulk of solid phase Vs and the bulk of pore
volume Vp, namely, V�Vs+Vp. *e definition of porosity is
ϕ � Vp/V, and the bulk strain εv of coal-rock mass can be
obtained by (11) [16, 17]:

εv �
ΔV
V

� −
1
K

(σ−αp) + εs, (20)

ΔVp

Vp

� −
1

Kp

(σ−βp) + εs, (21)

where σ � −σkk/3, β � 1−Kp/Ks, and Kp is the module of
pore bulk.

It is assumed that the strain caused by coal adsorption is
equal to the amount of pore variation. Without considering
the adsorption effect of gas, the bulk change of porous media
meets the equivalent law of Betti-Maxwell:
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zV

zp
 

σ
�

zVp

zσ
 

p

, (22)

and therefore,

Kp �
ϕ
α

K. (23)

*en, deducted from the definition of porosity
ΔV
V

�
ΔVs

Vs

+
Δϕ
1− ϕ

, (24)

ΔVp

Vp

�
ΔVs

Vs

+
Δϕ

ϕ(1− ϕ)
. (25)

Connecting (20), (21), (24) and (25), we get

Δϕ � ϕ
1
K
−

1
Kp

 (σ−p). (26)

Substituting (20) and (23) into (26), we get

Δϕ � (α− ϕ) εv +
p

Ks

− εs . (27)

When the pore pressure of coal-rock mass is p0, the
initial porosity is ϕ0, and the initial bulk strain is 0; then, the
porosity can be expressed as

ϕ �
1

1 + S
1 + S0( ϕ0 + α S− S0(  . (28)

In formula (28), S � εv + p/Ks − εs and S0 � p0/Ks − εLp0/

(p0 + pL).

4.1.2. Dynamic Change Model of Coal-Rock Mass
Permeability. Permeability, a physical parameter reflecting
the difficult degree of gas flow in coal seam, is important for
studying coupling process between deformation of mining
coal-rock mass and gas flow. *e relationship between the
permeability of coal seam and the bulk strain of coal can be
deduced by the Kozeny-Carman equation:

k

k0
�

1
1 + εv

ϕ
ϕ0

 

3

. (29)

Neglecting the bulk deformation of coal, (29) can be
simplified as

k

k0
�

ϕ
ϕ0

 

3

. (30)

Connecting (28) and (30), we get

k

k0
�

1
1 + S

1 + S0(  +
α
ϕ0

S− S0(   

3

. (31)

4.2. Solid-Gas Coupling Mathematical Model of Mining Coal
Deformation and Pressure Relief Gas Flow. According to the
antecedent, (11) is the control equation of mining coal de-
formation; substituting (4) into (11), we get

Gui,jj +
G

1− 2v
uj,ji − αpi −

KεLpL

p + pL( 
2pi + fi � 0. (32)

It can be obtained from (28):

zϕ
zt

�
α− ϕ
1 + S

zεv

zt
+

1
Ks

zp

zt
−

εLpL

p + pL( 
2

zp

zt
⎡⎣ ⎤⎦. (33)

Substituting (33) into (19), the control equation of the
pressure relief gas of the mining coal can be obtained:

ϕ +
ρcpaVLpL

p + pL( 
2 +

(α−ϕ)p

(1 + S)Ks

−
(α− ϕ)εLpLp

(1 + S) p + pL( 
2

⎡⎣ ⎤⎦
zp

zt

−∇ ·
k

μ
p∇p  � −

(α−ϕ)p

(1 + S)

zεv

zt
.

(34)

Formulas (32) and (34) constitute a gas-solid coupling
mathematical model of coal seam deformation and pressure
relief gas flow in protection seam mining.

4.3. Solid-Gas Coupling Mathematical Model of Rock Mass
Deformation and Pressure Relief Gas Flow in Protective
Seam Mining. When the rock mass is affected by mining,
deformation and cracks occur, the change of rock porosity
will lead to the change of permeability, and the pressure
relief gas will flow under the effect of gas pressure gradient.
*e flow of gas in the mining rock mass is different from that
of themining coal, mainly in the absence of adsorption of the
rock mass on the gas. *erefore, there is no need to consider
the deformation of bulk expansion caused by the gas dif-
fusion process and gas adsorption/desorption, so it is nec-
essary to modify the solid-gas coupling mathematical model
of mining coal deformation and pressure relief gas flow.

To sum up, the governing equation of mining rock mass
deformation can be expressed as

Gui,jj +
G

1− 2v
uj,ji − αpi + fi � 0. (35)

Similarly, the control equation of pressure relief gas of
mining coal can be expressed as

ϕ +
(α−ϕ)p

1 + S1( Ks

 
zp

zt
−∇ ·

k

μ
p∇p  � −

(α−ϕ)p

1 + S1( 

zεv

zt
,

(36)

where S1 � εv + p/Ks.

4.4. Definite Conditions. *e control equations (32) and
(34–36) constitute the complicated solid-gas coupling
mathematical model of the mining coal-rock mass de-
formation and the pressure relief gas flow. For a particular
solution, additional conditions must be added, that is, initial
conditions and boundary conditions. Definite conditions of
the model include the boundary conditions of the de-
formation field of the mining coal-rock mass and the initial
conditions and boundary conditions of the gas seepage
[17–22].
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4.4.1. Boundary Conditions of Mining Coal-Rock Mass
Deformation Field. *e first kind of boundary condition:
the surface force of the solid skeleton of the coal-rock mass is
known as

σij · nj � fi(x, y, z, t), t ∈ [0, +∞). (37)

*e second kind of boundary condition: the surface dis-
placement of the solid skeleton of the coal-rockmass is known as

ui(x, y, z, t) � gi(x, y, z, t), t ∈ [0, +∞), (38)

where nj is the unit normal vector of the surface solid
skeleton of coal-rock mass and gi and fi are the known
surface displacement functions and known surface stress
distribution functions.

4.4.2. Initial Conditions and Boundary Conditions of Gas
Seepage

(1) Initial Conditions of Gas Seepage
p(x, y, z) t�0

 � p(x, y, z),

q(x, y, z) t�0
 � q(x, y, z).

(39)

(2) Boundary Conditions of Gas Seepage. *e first kind of
boundary condition (the Dirichlet condition):

p(x, y, z, t) � p(x, y, z, t), t ∈ [0, +∞). (40)

*e second kind of boundary condition (the Neumann
condition):

zp(x, y, z, t)

zn
� Q(x, y, z, t), t ∈ [0, +∞). (41)

*e third kind of boundary condition (equal flow at the
interface):

K
zp

zn

1
� K′

zp′

zn′

2
, (42)

where p and Q are the distribution function and the fluid
flow function of the pressure p and time t at the point (x, y, z)
of the outer boundary, respectively, and q is the initial flow
value at the outer boundary.

5. Conclusions

*e solid-gas coupling effect of coal-rock mass deformation
and pressure relief gas flow in protective layer mining is very
complicated, involving rock mechanics, seepage mechanics,
elastic mechanics, and other subjects. Based on the existing
research results, the seepage control equation of mining coal-
rock mass and the control equation of deformation field are
established including solid-gas coupling variable of mining
coal-rock mass, namely, the dynamic change equation of coal-
rock mass porosity and permeability. According to the cou-
pling equations, the corresponding definite conditions are put
forward, and the solid-gas couplingmathematical model of the
deformation of coal-rock mass and pressure relief gas flow in
the protection layer mining are built.*e details are as follows:

(1) *e control equations (32) and (35) of the coal-rock
mass deformation in protection layer mining that
contain the coupling term which reflects the pore gas
pressure and gas adsorption/desorption effect is
established, which can only be solved by connecting
with the governing equations of gas seepage field.

(2) *e governing equations (34) and (36) of the flow field
of the pressure relief gas flow in the mining coal-rock
mass that include the coupling term reflecting the
effect of coal-rock mass deformation is established,
and it is necessary to connect with the control equation
of mining coal-rock deformation field to be solved.

(3) *e combination of the solid-gas coupling control
equation of mining coal-rock mass deformation and
pressure relief gas flow with definite conditions is
established, which constitute the solid-gas coupling
mathematical model of coal-rock mass deformation
and pressure relief gas flow, and it lays a foundation
for numerical simulation research of coal-rock mass
deformation and pressure relief gas flow law in
following protection layer mining. Numerical sim-
ulations research will be showed in other papers.
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.e digital image correlation method (DICM) has been applied to similar material simulation experiments for rock-like materials,
to overcome the weakness of traditional measurements, for example, data discontinuous. In this paper, the movement and
fracturing process of the overlying strata during excavation are observed and studied, and the distributions of stress, strain, and
deformation in the overlying strata are obtained based on similar material simulation..e DICM is applied to improve the testing
method and to optimize the discontinuity of testing points; of course, the difference of rock deformation in the overlying strata
during excavation is considered. Full-field deformation and strain are analyzed by the DICM. To verify the accuracy of the DICM,
results obtained from the DICM, numerical simulation and similar material simulation, are compared. .e DICM can reflect the
characteristics of locality and randomness of rock-like materials more real than numerical simulation, and comparing with similar
material simulation, it can directly reproduce the movement and fracturing process of the overlying strata during full-field
excavation. It shows that, the DICM is entirely feasible to using in the large scale full-field deformation measurement on complex
rock structure, and it is of theoretical importance for testing for rock-like materials.

1. Introduction

Currently, geotechnical engineering, such as tunneling ex-
cavation, landslide treatment, and mining, develops rapidly.
For rock-like materials, testing techniques and methods
become increasingly important. Similar material simulation
is one of the traditional deformationmeasurements for rock-
like materials, but it still has some difficulties, for instance,
the obtained data are discontinuous, because we cannot ar-
range too many testing sensors, otherwise they will affect the
stability of the structure.

At present, optical full-field measurement methods, such
as digital image correlation method (DICM), are increasingly
used in experimental mechanics, especially in the field of
testing rock-like materials. .e DICM can measure the de-
formation field on the surface of rock mass when the external
factors change. It has the advantages of full-field, noncontact,
and relatively simple operation. .e DICM needs testing
points on the surface of the model, which we can arrange as

more as we want, and fortunately, the arrangement has nearly
no effect on the structure’s stability so that the DICM is
probably a more appropriate choice for rock-like materials’
measurements.

.e DICM, which was picked up by Yamaguchi [1],
Peters and Ranson [2], and Peters et al. [3] in the early 1980s,
is promising in using for full-field deformation measure of
materials and structures, and its applications are the con-
cerns of the majority of scholars, especially in the field of
geotechnical engineering.

In recent years, many scholars studied the deformation,
crack propagation, damage, and failure process of rock-like
materials in plates by the DICM [4–14]. Zhao et al. [4] used
the DIC technique to test the deformation field of the rock
material plate with the size of 25×13×1.1mm containing
microcracks and found that the deformation varied in
different areas separated by subcracks, which implied the
effect of crack opening and closing in rock. Hao et al. [5, 6]
described the deformation localization during the fracturing
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process of rock material specimens with the dimensions of
20×16× 40mm based on DIC and found that the size of the
localized zone decreased from the sample size at peak load to
an eventual value. Yang et al. [7] and Yang and Jing [8]
analyzed the fracture coalescence behavior of rock, tested
rectangular prismatic sandstone specimens with the di-
mensions of 80×160× 30mm, containing three fissures
under uniaxial compression, and discussed the strain field
evolution and law of crack propagation by DIC. Zhao et al.
[9] researched failure process of rock-like materials with the
dimensions of 100×100×10mm with an open-hole im-
perfection by numerical and DIC investigations. Ma et al.
[10] tested the failure process of granite plate with the di-
mensions of 60× 20×120mm containing a hole at its center
under uniaxial compression by 3D-DIC. Gao et al. [11, 12]
applied the DICM in dynamic notched semicircular bend
tests of brittle material plate with the diameter of 25mm and
considered that the optical method of DIC provided much
more information on the fracture propagation process.
Ma et al. [13, 14] used DIC to study the damage of a rock
Brazilian disc with the diameter of 20.35mm and height
of 6.5mm and showed that the failure process of the disc
specimen in the Brazilian test was not simple crack propa-
gation under tensile load, but a complicated damage evolution
procedure.

.e DICM was also used to test rock-like material cyl-
inders [15–18] and blocks [19–28] in small scales. Dautriat
et al. [15, 16] observed the deformation field evolution of
limestone cylinders under different scales in compression
experiment by the DICM. Cheng et al. [17] carried out the
uniaxial compression tests on a series of composite rock
specimens with different dip angles, whose diameter was
150mm and height was 500mm, and found that the speci-
mens had obvious plastic deformation during loading and the
brittleness of the specimens gradually increased during the
loading process. Hedan et al. [18] analyzed deformation
mechanisms induced by desiccation in Tournemire argillite
specimens with a height of 200mm and a diameter of 78mm
using the DICM.

Li et al. [19] combined the digital image processing
technology and RFPA-DIP to establish a numerical model of
flawed granite with the dimensions of 100×100mm, which
reflected the real mesoscale behaviors of material accurately,
and studied the influences of diverse mineral particle
structures and flaws on the mesofracture behaviors. Yang
et al. [20, 21] presented an experimental study on the delayed
behavior of unsaturated argillaceous rocks with the di-
mensions of 24× 36mm, including shrinkage, swelling, and
creep, by DIC techniques and measured the very low strain
rate of the argillaceous rocks at various scales under uniaxial
compression and various environmental conditions. Wang
et al. [22–24] measured shear bands of sand specimens with
different water contents under constant strain rate based on
the DICM. Zinsmeister et al. [25] studied the mechanical
evolution of an altered limestone by theDICM (2Dand 3D) and
observed a transition from brittle to ductile failure mech-
anisms with the alteration level. To compare and discuss
the values of strains and crack apertures associated with
desiccation cracks measured in Tournemire clay rock at

different scales (micrometer to decimeter), Fauchille et al.
[26–28] used the DICM to research the relationships be-
tween desiccation cracking behavior and microstructure of
the Tournemire clay rock.

Some scholars improved the DICM based on rock-like
material tests in small scales [29–33]. Chen et al. [29] pre-
sented a two-dimensional digital image based on the nu-
merical modeling method for heterogeneous geomaterials.
Yue [30] presented that the digital image processing method
could be used as a measurement tool to construct a digital
representation for the actual spatial distribution of the dif-
ferent materials and components in geomaterial samples,
which was further proceeded to automatically generatemeshes
or grids for numerical analysis. Bornert et al. [31] studied
deformation and failure of clay rock under different humidity
and discussed various error regimes, including the dependence
of the uncertainty with the parameters of the algorithms.
Nguyen et al. [32] analyzed the fracture evolution from in-
clined flaws (cuts) in a soft rock deformed under plane-strain
uniaxial compression by high-resolution digital photographs
and developed the extended DICM to allow automatic tracing
of discontinuities and their quantification in terms of the
displacement jumps along their length. Valle et al. [33] used an
improved DIC procedure to perform an evaluation of the
displacement where multiple cracks presented and applied in
argillite rock to validate the efficiency and the robustness.
Chen et al. [34] used 3D-DIC to elucidate the effect of ag-
gregate size and volume on the nonuniform strain distribution
in concrete. Su et al. [35] studied the stress-strain relationship
and cohesion model parameters in concrete- and mortar-
bonded composite specimens from the interface displace-
ment and distribution of strain.

References [4–35] show that the DICM is satisfactory in
small deformation measurement for rock-like materials’
experiments.

Currently, a few scholars focused on the application of
DICM on large-scale tests [36–38]. Mao et al. [36, 37]
proposed the digital target marker image correlationmethod
for improving the measurement efficiency of model dis-
placement, recorded the different displacement phase im-
ages of model, used the correlation searching to confirm the
marker coordinates, and obtained the displacements of
markers. Guo et al. [38] applied the DICM to measure
displacement of the measured points in similar material
simulation experiment. However, testing target markers on
the surface of the similar material simulation models in the
studies of Mao et al. and Guo et al. [36–38] were arranged
uniformly, which ignored the difference of rock deformation
in the overlying strata during excavation.

For rock-like materials, similar material simulation ex-
periment is a kind of testing technology of very common and
wide-range application for large-scale experiments. In this
paper, the DICM is applied in similar material simulation
experiment to test movement and deformation of the overlying
strata during excavation; testing points’ arrangement is opti-
mally designed considering the difference of rock deformation
in the overlying strata during excavation; and the accuracy of
DICM is verified by comparing results obtained from the
DICM, similar material simulation and numerical simulation.
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2. Similar Material Simulation Experiment

2.1. Similar Material Simulation Prototype. .is simulation
model in this paper originates from no. 1 borehole of the VI
strata in a coal field in North China. Based on the strata
histogram, there are 40 strata in this borehole histogram, and
the total strata thickness is 132m except topsoil. .e pa-
rameters of coal rock materials of each stratum, such as
lithology, stratum thickness, compressive strength, and
density, are listed in Table 1. .e coal rock materials of the
prototype are simulated by sand, gypsum, calcium car-
bonate, and water, and the match is also listed in Table 1.

Obviously, no. 37 stratum is coal, with a wholly mining
height of 5m, which will be excavated; nos. 38∼40 strata are
floors, and nos. 1∼36 strata are roofs, among which, no. 28
stratum (medium-grained sandstone) is the thin overlying
hard rock, nos. 29∼35 strata are the overlying soft rock, and
no. 36 stratum (medium-grained sandstone) with a height of
23.6m is the thick overlying hard rock.

2.2. Similar Conditions

2.2.1. Geometrical Similarity. .e geometrically similar rate
of the simulation model is

Table 1: Parameters of coal rock materials and the similar material simulation match.

Number Lithology Stratum
thickness (m)

Compressive
strength (MPa)

Density
(kg/m3)

Sand
(kg)

Gypsum
(kg)

Calcium
carbonate (kg)

Water
(kg)

1 Shale 2.20 32.50 2.35×103 14.60 1.20 1.20 2.30
2 Interbedded shale sandstone 2.00 25.10 2.30×103 12.70 1.00 1.10 2.00
3 Shale 1.30 32.40 2.34×103 8.20 0.70 0.70 1.30
4 Laminated sandstone 1.70 36.60 2.28×103 10.70 1.10 0.90 1.70
5 Medium-grained sandstone 4.20 27.10 2.40×103 25.80 2.00 2.20 4.20
6 Laminated sandstone 3.40 39.30 2.41× 103 21.20 2.00 1.80 3.40
7 Medium-grained sandstone 2.70 35.10 2.35×103 13.10 1.70 1.70 2.80
8 Interbedded shale sandstone 2.00 20.10 2.39×103 12.70 1.00 1.20 2.00
9 Shale 2.50 35.40 2.28×103 12.70 1.10 1.10 2.50
10 Interbedded shale sandstone 1.70 24.40 2.34×103 10.80 1.00 0.90 1.70

11 Middle-grained sandstone
intercalated with shale 2.00 35.10 2.32×103 13.90 1.10 1.30 2.00

12 Medium-grained sandstone 2.00 23.90 2.42×103 12.70 1.10 1.10 2.00
13 Laminated sandstone 1.50 32.10 2.30×103 8.90 0.70 0.70 1.40
14 Interbedded shale sandstone 1.80 39.40 2.41× 103 11.40 1.20 0.90 1.80
15 Medium-grained sandstone 2.20 29.40 2.52×103 15.20 1.30 1.30 2.70
16 Shale 3.60 30.30 2.3×103 23.50 1.90 1.90 3.70
17 Interbedded shale sandstone 2.00 34.50 2.17×103 14.60 1.2 1.20 2.30
18 Shale 2.50 35.40 2.28×103 12.70 1.10 1.10 2.50
19 Medium-grained sandstone 2.00 34.50 2.17×103 12.70 1.10 1.00 2.00
20 Shale 4.00 25.50 2.60×103 25.30 2.00 2.20 4.00

21 Middle-grained sandstone
intercalated with shale 2.00 43.80 2.42×103 12.70 1.00 1.20 2.00

22 Interbedded shale sandstone 1.70 29.50 2.52×103 10.80 1.00 0.90 1.70
23 Shale 4.50 32.30 2.38×103 28.5 2.30 2.50 4.50
24 Medium-grained sandstone 0.80 35.20 2.35×103 5.10 0.40 0.40 0.80
25 Sandstone 0.90 36.80 2.36×103 5.70 0.60 0.40 0.90
26 Laminated sandstone 0.80 48.10 2.32×103 5.10 0.40 0.40 0.80
27 Interbedded shale sandstone 5.30 32.40 2.34×103 33.60 2.80 2.80 5.30

28 Medium-grained sandstone (the
thin overlying hard rock) 2.00 29.40 2.36×103 12.70 1.10 1.00 2.00

29 Shale 4.00 43.20 2.44×103 25.30 2.00 2.20 4.00
30 Laminated sandstone 3.60 43.90 2.36×103 22.80 2.00 1.80 3.60
31 Medium-grained sandstone 1.10 21.50 2.28×103 7.00 0.60 0.60 1.10
32 Shale 1.30 36.60 2.28×103 8.20 0.70 0.70 1.30
33 Laminated sandstone 2.00 27.10 2.4×103 12.70 1.10 1.10 2.00
34 Medium-grained sandstone 9.10 20.00 2.3×103 57.60 4.40 5.20 9.10
35 Laminated sandstone 2.00 24.40 2.34×103 12.70 1.00 1.20 2.00

36 Medium-grained sandstone (the
thick overlying hard rock) 23.60 35.50 2.28×103 152.50 11.00 11.00 23.90

37 Coal (excavated) 5.00 14.00 1.48×103 32.30 2.30 2.30 5.10

38 Middle-grained sandstone
intercalated with shale 2.00 39.50 2.39×103 12.70 10.00 1.20 2.00

39 Interbedded shale sandstone 7.00 25.10 2.40×103 44.40 3.70 3.70 7.10
40 Medium-grained sandstone 6.00 43.70 2.42×103 38.00 3.20 3.20 6.10
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CL �
Lp

Lm
� 100, (1)

where CL is the geometrically similar rate and Lp and Lm are
the length of prototype and the similar material simulation
model, respectively.

2.2.2. Material Similarity. Based on the densities of coal
rock materials of strata in the prototype and the similar
material, the material similar rate is

Cρ �
ρp
ρm

� 1.7, (2)

where Cρ is the material similar rate and ρp and ρm are the
density of prototype and the similar material simulation
model, respectively.

.eoretically, the stress similar rate is

Cσ �
σp
σm

�
Lp

Lm
·

cp

cm
�

Lp

Lm
·
ρp
ρm

� CL · Cρ � 170, (3)

where Cσ is the stress similar rate and σp, σm, cp, and cm are,
respectively, the stress and the weight of prototype and the
similar material simulation model.

Further, because strain is dimensionless and εp � εm, the
elastic modulus similar rate is

CE �
Ep

Em
�

σpεp
σmεm

�
σp
σm

� 170, (4)

where CE is the elastic modulus similar rate and Ep, Em, εp,
and εm are, respectively, the elastic modulus and the strain of
prototype and the similar material simulation model.

2.2.3. Dynamic Similarity. .e dynamic similarity and ex-
ternal force similarity require all the forces between the
prototype and model to be similar and satisfy the following
formulas

Cm �
mp

mm
� Cρ · C

3
L � 1.7 × 106,

CF �
Fp

Fm
� C

3
L · Cc � 1.7 × 106,

(5)

where Cm is the mass similar rate, CF is the force similar rate,
and Fp and Fm are the force of prototype and the similar
material simulation model, respectively.

Because the Poisson ratio is dimensionless, the Poisson
ratio of materials in the similar material simulation model
must keep the same with that of the prototype.

2.3.ModelManufactureandTestingSensorArrangement. Based
on [39–42], the height-width rate of the simulation model is
appropriately 5∼8. Taking into account the plane-strain
problem, the height-width rate of this model is set as 6.6.
Considering the width of the model frame is 200mm, the
simulation model is manufactured with the dimensions of
2500×1320× 200mm (Figure 1).

During the similar material simulation experiment, the
excavation distance of the coal stratum is 1900mm, exca-
vation space and excavation height are 50mm, and it will be
excavated all height at one time. A 300mm coal pillar will
remain before the open cut, and another 300mm coal pillar
is left at the end of goaf (Figure 2).

When the similar material simulation model is manu-
factured, the weight of excepted topsoil is acting as the
additional uniform load on the top of this simulation model,
and displacement sensors and pressure sensors are arranged
as seen in Figure 2. Four pressure sensors (nos. 1 to 4) are
buried every 400mm in the overlying soft rock, 60mm near
the thick overlying hard rock; no. 5 is buried above the open
cut, 200mm away from the coal stratum; and the other six
pressure sensors (nos. 6 to 11) are buried every 200mm near
the position of the initial fracture in the thick overlying hard
rock, 100mm above the coal stratum. Seven displace sensors
(nos. 1 to 7) are buried every 300mm in a row in the thin
overlying hard rock, nos. 8 to 14 are arranged in a row in the
overlying soft rock, and nos. 15 to 21 are arranged in a row in
the middle of the thick overlying hard rock, and the three
rows are distanced every 240mm. To keep the stability of the
model’s structure, sensors cannot be arranged any more.

3. The Results and Analysis of the Similar
Material Simulation

Size unit in the similar material simulation model is mil-
limeter (mm), but results in this paper are analyzed as a
practical project so that the size of the model will exaggerate,
as well as the excavation of the coal stratum and deformation
of the overlying strata. .e units of the excavation and
deformation appeared in this part are meter (m).

3.1. Failure Forms of Overlying Strata and Fracture Devel-
opment Characteristics. Once the coal stratum is excavated,
the overlying strata fracture gradually, and caving zones,
fracture zones, and bend subsidence zones are found in the
overlying strata. .e failure forms of overlying strata and
crack development characteristics in this similar material
simulation model are shown in Figure 3.

As the coal stratum is excavated to 120m (Figure 3(a)),
a longitudinal crack about 12m height clearly appears in the
thick overlying hard rock, and it tilts to the back of workface.
An approximately 45° crack appears above the open cut,
which runs through the thick overlying hard rock. At the

The overlying hard rock
Coal

The overlying soft rock The colour point

The thin hard rock

Figure 1: .e manufactured similar material simulation model.
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same time, a separation appears approximately 36m above
goaf.

When workface is pushed onto 130m (Figure 3(b)), the
roof, including the thick overlying hard rock and part of the
overlying soft rock, caves suddenly with obvious phenom-
enon of dynamic pressure. .e caved roof has a height of
approximately 66m. A big separation appears between the
caved roof and the thin overlying hard rock, and a spanned
40m simply supported rock beam is formed..e goaf is almost

compacted by the caved roof, and the collapsed rock blocks
occlude each other at the open cut, forming a three-hinged
rock arch.

With the excavation continuing to 165m (Figure 3(c)),
the first periodic weighting happens, and the periodic
weighting distance is approximately 35m. Due to the good
integrity and continuity of the heave roof (including the
thick overlying hard rock and soft rock), the roof fractures
and wholly caves, accompanying with obvious dynamic

Additional uniform load

12345

12 11 10 9 8

7 6

19 18 17 16 15

14 13

2021
1 2 3 4

11109876

5

Pressure sensor
Displace sensor

�e overlying so� rock

�e thick overlying hard rock

Floor

Coal
Coal pillar

300 mm
Coal pillar

300 mm

�e thin overlying hard rock

�e excavation distance 1900 mm

Line 1

Line 2

Line 3
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pressure. .e fracturing line locates behind workface, which
is approximately 45° to goaf, as well as the crack at the open
cut which runs through the whole roof. .e three-hinged
rock arch caves, and the separation is compacted.

Combining Figures 3(b) and 3(c), we can find that the
overlying strata are controlled by the thick overlying hard
rock because the thick overlying hard rock and the overlying
strata move synchronously before and after fracturing. So
that, whether or not the thick overlying hard rock fractures
has direct effect on the fracture of the overlying strata.

3.2. Distribution Rules of Stress in Overlying Strata. .e
distribution rules of stress in the overlying strata during
excavation are tested by pressure sensors (Figure 4). Due to
excavation, advancing support pressure appears in front of
the coal wall round the workface, especially the area ap-
proximately 30m in front of the workface, which is affected
by excavation most violently, and the advancing support
pressure there increases to the peak value till the first pe-
riodic weighting happens. .e peak value of the advancing

support pressure usually appears at about 10 to 20m away
from coal wall. As the roof is caved, the advancing support
pressure decreases gradually. With the excavation con-
tinuing, the vertical stress in the roof increases gradually till
the next peak value. Because of the loose of the rock strata
structure after excavation, the measured stress at some po-
sition has little difference with the actual observation.

3.3. Movement Rules of the Overlying Strata. .e overlying
strata movement rules are tested by displace sensors. Figure 5
shows the varying rules of the overlying strata’s subsidence
at some position during excavation. .e subsiding process of
the overlying strata is divided into several stages. In the first
stage (Figure 5(a)), the overlying strata keep stable during
excavation; the second stage and the third stage are shown in
Figures 5(a) and 5(b); in the second stage, with the excava-
tion continuing, the overlying strata’s subsidence increase
gradually, and the stratum close to coal stratum has larger
subsidence; in the third stage, when the first periodic
weighting happens, the immediate roof caves suddenly, and
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the overlying strata’s subsidence increase rapidly; in the fourth
stage (Figure 5(c)), with the excavation continuing, the goaf is
compacted wholly, and the overlying strata’s subsidence be-
come stable.

.e displace sensor nos. 1 to 7, nos. 8 to 14, and nos. 15 to
21 in the overlying hard rock are seemed as the testing line 1,
2, and 3, respectively. .e varying curves of the overlying
strata’s subsidence tested by the three testing lines during
excavation are showed in Figure 6.

With the excavation continuing to 60m (Figure 6(a)),
the overlying strata subside simultaneously at a slow speed
and form a little and similar subsidence.

When the excavation continues to 130m (Figure 6(b)),
the roof caves, the subsidence of the thick overlying hard
rock and soft rock increases suddenly and simultaneously,
but the increments of these two subsidence are different, which
shows that the thick overlying hard rock and soft rock fracture

simultaneously, a separation appears between them, and an-
other separation appears under the thin overlying hard rock
resulting from the thin overlying hard rock bending.

When the coal stratum is excavated 160m (Figure 6(c)),
before the first periodic weighting, the thin overlying hard
rock, the overlying soft rock, and thick overlying hard rock
subside suddenly, and the goaf is compacted by the overlying
hard rock.

As workface is pushed onto 190m (Figure 6(d)), after the
first periodic weighting, the thick overlying hard rock and
the soft rock subside rapidly and simultaneously.

3.4. Deficiencies of the Similar Material Simulation. Usually,
in similar material simulation experiments, testing points
(sensors) are arranged and buried before experiments, so the
arrangement needs to be designed, which takes time and
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troubles. Based on the measured data collected by sensors,
the stress and deformation of these points are obtained, but
these data are scattered points and discontinuous. If more
sensors are buried in the model, those sensors will probably
have influence on the stability of the model’s structure
during excavation. So that, obtaining data of every point we
want continuously and easily is what we are pursuing.

4. Testing and Analysis of DICM

Size unit in the similar material simulation model is mil-
limeter (mm), but results in this paper are analyzed as
a practical project so that the size of the model will exag-
gerate, as well as the excavation of the coal stratum and
deformation of the overlying strata. .e units of the exca-
vation and deformation appeared in this part are meter (m).

4.1. Testing Point Arrangement on the Similar Simulation
Model. Depending on the requirement of the DICM, the
control reference points are arranged on the surface of the
similar material simulation model because the image co-
ordinates and model coordinates need to be corresponded
when the images are analyzed by software. In this model, we
choose the lower left quarter of the model as the coordinate
origin and choose the horizontally lower boundary and the
vertically left boundary as the X axis and Y axis, respectively;
select these points, such as (−32.5mm, 1161mm), (1248mm,
1160mm), (2548.5mm, 1160mm), (2551.6mm, 0mm),
(1261.1mm, 0mm), and (−32.5mm, 0mm), as the control
reference points (Figure 7).

In order to enhance the correlation between sequences of
photographs and to contrast with the colour of similar ma-
terial simulation model, rows of colour points are arranged
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every 200mm on the surface of the model. Considering the
difference of rock deformation in the overlying strata during
excavation, four rows are arranged every 50mm in the thick
overlying hard rock and other rows are arranged every
100mm in the roof except the thick overlying hard rock
(Figure 7).

4.2. DICM Testing System. .e DICM testing system is
composed of charge-coupled device (CCD) camera, lights,
computer, and the image acquisition system (Figure 8).

.e experimental procedures of DICM are as follows:
firstly, using the stable lights to get uniform illumination on

the model plane; secondly, adjusting the CCD camera’s
position to make the optical axis perpendicular to the model
surface; thirdly, choosing appropriate field of view to ensure
clear imaging of the model; fourthly, determining optical
path; finally, recording the surface image of the model
during excavation by the DDC camera.

4.3.%ePrinciple ofDICM. After the simulation experiment,
photos are analyzed in order to obtain the deformation
and strain. In this process, the key is how to match the two
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photos before and after deformation. First of all, defining the
image before and after deformation as the base image and
the target one, respectively (Figure 9); secondly, to trace the
motion trajectory of the point P in the base image, taking
a subset f from P as a center and searching a most matched
subset g in the target image..e point Q corresponding with
g in the target image is the location of P after deformation.
.e coordinate difference between two points is the dis-
placement of the point P.

According to the correlation principle of statistics,
a correlation function C, which is used to express the
matching degree of the two images before and after de-
formation, is established as follows:

C �
 [(f−f) · (g−g)]

 (f−f)2 ·  (g−g)2 
1/2. (6)

Generally, when C � 1, the two images match each other
exactly; while when C � 0, the two images are uncorrelated.

4.4.%e Analysis by DICM. As the excavation is carried out,
photos are taken by the CCD camera, the recorded photos
will be analyzed in order by the software GeoDIC, and the
curves and figures of deformation and strain fields of the
overlying strata are obtained by PostViewer, the result vi-
sualization postprocessing system. Sizes in this part are
exaggerated by 1000 times, and the units of the excavation
and deformation are meter.

4.4.1. Strain Field Analysis of the Overlying Strata. .e vertical
strain in the similar material simulation model distributes

as Figure 10. An arched failure zone is formed before
fracturing, it enlarges upwards, and then the failure zones
distribute as layerswith the excavation continuing (Figure 10(a)).
.e arches fracture continuously with the excavation going
on. Tensile damage occurs at the lower surface of the thick
overlying hard rock where cracks appear. Before the first
weighting, the vertical strain distributes as arched layers.When
the excavation is going on, the overlying strata cave periodi-
cally; after the periodic weighting, the vertical strain still dis-
tributes in layers (Figures 10(b)–10(d)).

.e shearing strain distribution in the similar material
simulation model is shown in Figure 11, the open cut and
workface are forced by shearing force, and the shearing effect
becomes more and more obvious with the excavation
continuing. Shearing strain distributes in arched symmet-
rically, and shearing damage occurs at the open cut and
workface (Figure 11(a)). .e shearing strain closing to the
ends of goaf is larger, and the shearing strain at the two ends
are in the opposite directions. With the excavation con-
tinuing, the roof caves, shearing failure zones fracture, and
the overlying yet unfractured shearing zones are still dis-
tributed as an arch, even though the periodic weighting
happens (Figures 11(b)–11(d)).

4.4.2. Deformation Field Analysis of the Overlying Strata. .e
vertical displacement in the similar material simulation
model distributes as Figure 12, which totally increases grad-
ually with the excavation continuing. .e deformation
distributes in arch before roof caving (Figure 12(a)). With
the excavation continuing, the first weighting happens
and the roof caves; meantime, the deformation increases
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Figure 10: .e distribution of vertical strain during excavation. .e coal stratum is excavated to (a) 120m, (b) 130m, (c) 165m, and
(d) 190m.
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rapidly, and the caved roof has compacted on the floor
(Figure 12(b)). When excavation is going on (Figures 12(c)
and 12(d)), the first periodic weighting and second periodic
weighting happen, the roof fractures and caves periodically,
and the vertical deformation behind workface increases

quickly. During periodic weightings, the maximal de-
formation appears far away from the coal stratum, the roof
compacts on the floor, relatively speaking, the deformation
in the thick overlying hard rock and those closed strata
have smaller increments, and strata which are far away
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Figure 11: .e distribution of shearing strain during excavation. .e coal stratum is excavated to (a) 120m, (b) 130m, (c) 165m, and (d)
190m.
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from the excavated coal stratum have larger deformation
increments.

Twenty testing points are chosen to analyze the de-
formation field of the overlying strata, buried in a line, 1.5m
above the excavated coal stratum. .e vertical deformation
of these points during excavation is collected and curves are
drawn as in Figure 13.

With the excavation continuing to 120m, the roof
subsides, but it has not fractured (Figure 13(a)). .e sub-
sidence of the roof starting from the open cut first increases
then decreases, which is the same with the deflection curve of
beam under pressure. .e maximal subsidence is approxi-
mately 1.391m, appearing at the middle of the roof and
approximately 42m away from the open cut. .e subsiding
speed is slow and almost equal, and there is nearly no
subsidence in the roof about 110m away from the open cut.

.e first weighting happens when the coal stratum is
excavated 130m, and the subsidence increases obviously
(Figure 13(b)). .e maximal subsidence appears at the range
of about 40m to 87m away from the open cut, and the peak
value is approximately 5m and is equal to the thickness of
the excavated coal stratum, which means the caved roof has

compacted on the floor. It has nearly no subsidence about
130m away from the open cut.

When the first periodic weighting happens, the maximal
subsidence appears about 40m to 135m away from the open
cut, and the peak value is also 5m (Figure 13(c)). Comparing
with Figure 13(b), the caved and compacted roof adds 48m.
.e subsidence of the roof increases at the range of 100m to
140m away from the open cut, and there is nearly no
subsidence in the roof about 150m away from the open cut.

As workface is pushed onto 190m, the second periodic
weighting happens, and the maximal subsidence is ap-
proximately 5m, appearing from 40m to about 170m away
from the open cut (Figure 13(d)). Comparingwith Figure 13(b),
the subsidence of the roof at the range of 140m to 190m away
from the open cut increases; especially, the subsiding speed
increases rapidly at the range of 150m to 170m away from the
open cut, and it has nearly no subsidence in the roof about
200m away from the open cut.

4.5. Accuracy Analysis. In order to verify the accuracy of the
DICM in the similar material simulation experiments, we
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Figure 13: .e vertical deformation of the test points during excavation. .e coal stratum is excavated to (a) 120m, (b) 130m, (c) 165m,
and (d) 190m.
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make a comparative analysis on the subsidence of 7 points in
a row, 36m away from the excavated coal stratum in the
thick overlying hard rock, when the workface is pushed onto
120m. Results are obtained and tested by the DICM, nu-
merical simulation, and the displace sensors in the similar
material simulation model.

.e obtained subsiding lines are shown and compared in
Figure 14. It is found that the result of the DICM is in
accordance with the testing results obtained by numerical
simulation and similar material simulation, whichmeans the
DICM used in the large scale full-field deformation mea-
surement on complex rock structure is entirely feasible.

5. Conclusions

.e no. 1 borehole of the VI strata in a coal field in North
China is simulated by similar material simulation experi-
ment, and the DICM is introduced in this test to study the
fracturing rule, stress field, and deformation field on roof
with good unity..e failure forms of the overlying strata and
the fracture development characteristics are observed and
studied. .e distribution of stress, strain, and deformation
in the overlying strata are tested and analyzed. .e accuracy
of the DICM is verified. .e following conclusions are
obtained:

(1) Based on the similar material simulation experiment,
the movement of the overlying strata during exca-
vation is observed. .e thick overlying hard rock
fractures with obvious dynamic pressure. An un-
stable three-hinged rock arch is formed as the caved
thick overlying hard rock interlocked with each other
at the open cut and workface. Due to the good in-
tegrity and continuity of the thick roof, it fractures
and caves in a hole when periodic weightings hap-
pen. .e overlying strata are controlled by the thick
overlying hard rock because the thick overlying hard
rock and the overlying strata move synchronously
before and after fracturing. So that, whether the thick

overlying hard rock fractures or not has a direct
effect on the fracture of the overlying strata.

(2) Based on the DICM, the distributions of strain and
deformation of the overlying strata during excava-
tion are obtained, and the influence on the overlying
strata’s fracture and movement is analyzed. An
arched failure zone forms before fracturing, it en-
larges upwards, and the failure zones distribute as
layers with the excavation continuing. .e arches
fracture continuously with the excavation going on.
Tensile damage occurs at the lower surface of the
thick overlying hard rock where cracks appear, and
shearing damage appears at the open cut and
workface. .e thick overlying hard rock has the
maximal subsidence and the fastest subsiding speed.

(3) DICM used in the large-scale full-field deformation
measurement on complex rock structure is in ac-
cordance with the testing results obtained by nu-
merical simulation and similar material simulation
and is entirely feasible. .e DICM directly re-
produces the movement and fracturing process of
the overlying strata during excavation. It overcomes
the weakness of similar material simulation exper-
iments, and it reflects the characteristics of locality
and randomness of rock-like materials more real
than numerical simulation.
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Mechanical parameters of the rock are important for the design of geotechnical, mining engineering, and petroleum reservoir
projects. Many researches have suggested that the mechanical variables of rock specimens, such as compressive strength and
elastic modulus, do not have a single fixed value. Uncertainty in the basic mechanical variables of the rock material can sig-
nificantly affect the structural performance and safety. In this study, a series of compression experiments with acoustic emission
have been performed on rock specimens. (e damage evolution characteristics of the rock in the process of loading were studied,
and the macromechanical behaviors were obtained at the same time. Distribution characteristics of the strength and elastic
modulus as random variables are illustrated, and the statistical damage model is presented by the authors to formulate analytical
constitutive relations for deformation behavior. (e comparisons between predicted results and experimental data show that the
statistical damage constitutive model could well reproduce the deformation process of rock materials.

1. Introduction

Mechanical property of the rock is important for the
design of geotechnical, mining engineering, and petro-
leum reservoir projects. A large number of experiments
suggested that the mechanical variables of rock speci-
mens, such as compressive strength and elastic modulus,
do not have a single fixed value [1–4]. (e measured
mechanical parameters for a given rock usually show
a large scatter characteristic. (ere is no way of predicting
exactly what the values of these parameters are. Un-
certainty in the basic mechanical variables of the rock
material can significantly affect the structural perfor-
mance and safety. Understanding this variation, or un-
certainty, in the design and analysis of geotechnical
engineering requires the use of structural reliability-based
design and assessment methodologies [5]. Specimens with
the same nominal material parameters and tested under
the same environmental conditions may exhibit different
behaviors with diversified strength and should be analyzed

by a distribution function [6]. Hence, regarding these me-
chanical parameters as random variables, the statistical
mechanical approach, which has been applied successfully to
deal with the mechanical behavior of the rock, becomes
a quite attractive tool for investigating deformation pro-
cesses and failure mechanism of the geomaterial [7–9]. In
fact, the diversity of mechanical behavior for specific sam-
ples is usually attributed to the heterogeneity of the material
at the mesoscopic level. (e most important aspect of the
engineering material is its microstructure, which contains
many randomly distributed microcracks. (e rock material
is initially statistically homogeneous but becomes hetero-
geneous due to the propagation and clustering of micro-
cracks [10]. However, the effect of mesoscopic heterogeneity
on macroscopic failure is still not clear. Furthermore,
considering that mechanical variables of the rock material
exhibit great uncertainty, it is unreasonable to take some
deterministic values as the mechanic parameters, and the
reliability analysis of the mechanical variable for the rock
material is necessary.
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In this paper, a series of acoustic emission (AE) ex-
periments with uniaxial compression have been performed,
and the macromechanic properties and microdamage evo-
lution have been investigated. Distributions of the strength
and elastic modulus as random variables are illustrated by
several samples of rock specimens, respectively. (e normal,
logarithmic-normal, and Weibull distributions are used to
describe the statistical characteristics. (e damage me-
chanics is introduced to deal with the deformation char-
acteristic of sandstone.

2. Experiments

(e tests were performed with MTS815, and the acoustic
emission testing system was illustrated in Figure 1. (e
sandstone specimens were prepared with the dimension of
the cylindrical specimen 50×100mm. (e AE detection
model PCI-2 of the DISP series manufactured by PAC was
employed to detect AE signals from the specimens. (e AE
sensors were attached to the outer wall of the rock specimen
for good signal detection. Data logging was controlled by
a computer during testing. After the specimen was placed on
the fixed lower head of the testing machine, the compressive
load was applied to the specimens until failure with the strain
rate of 1.5×10−5/s. (e upper moving head was brought
down until it just touched the specimen.

(e stress-strain curves of rocks are shown in Figure 2.
From Figure 2, it can be seen that the shapes of stress-strain
curves are similar in the process of loading. (e stress-strain
curve can be approximately divided into four typical stages:
(1) the compaction stage: the stress-strain curve of the
sample shows the downward concave and the initial non-
linear deformation at low stress levels. At the initial process
of loading, the pores, voids, and microcracks of the rock
sample are compacted with the increase of compression
strain; (2) the linear elastic stage: after the initial compaction,
stress increases approximately linearly with the further in-
crease of axial strain, and there is little residual strain in this
stage; (3) the crack propagation stage: at this stage, the slope
of the stress-strain curve gradually decreases with the further
increase of axial strain, the evolution of damage during
compression loading causes a small amount of residual
deformation, and the rigidity of the rock sample reduces;
(4) the failure stage: when the microcrack develops to
a certain extent, the macroscopic crack in the rock sample
comes out rapidly and the stress-strain curves shows a rapid
drop in the postpeak region, and the failure behavior of the
rock presents an obvious brittle failure characteristic under

uniaxial compression conditions. From Figure 2, it can also
be seen that the stress-strain curves are significantly different
from each other under the same compression conditions.
Specimens with the same nominal material parameters and
environmental conditions exhibit different behaviors with
diversified strength and should be analyzed by a distribution
function. It is necessary to adopt the probabilistic approach
to study the mechanical behaviors, which takes the dis-
creteness of mechanical parameters into account.

Acoustic emission data were analyzed to describe the
damage evolution.(ese correlations are illustrated in Figure 3.
Test results show that the rock emits a small number of AE
events before entering the failure stage. AE activity gradually
increases with the increase of strain. It is shown that this AE
parameter is a reasonable indicator for damage occurring
within the rock specimen, except for a short time delay. (e
stress and strain lag behind AE activity. In the compaction
stage, a few events appear suggesting that little damage of the
rock happens. (e elastic stage, corresponding to a linear
variation of strain with stress, exhibits a slow increase of AE
activity. As the strain increases to a critical value, the AE
activity increases rapidly [11]. (e regularities of AE activities
are different in the loading process for different failure types.
(e strenuous activity interval of the AE activities is narrow in
the failure stage under the condition of tensile failure; for the
shear failure, the strenuous activity interval of the AE activities
becomes wide.

3. Probability Distribution Characteristics of
the Rock Material

(e variations of mechanical parameters of rocks are very
large; it is unsafe and unreasonable for engineering design to
use the average strength. In this study, the reliability of the
mechanical variables, such as strength and elastic modulus,
was investigated and discussed. (e cumulative probabilistic
distribution of data with N number of samples was calculated
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Figure 1: Collected and analyzed system of the acoustic emission.
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Figure 2: (e stress-strain curves of sandstone under uniaxial
compression.
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by ranking the data from the lowest value to the highest value
using (1). (e probability of the specimen is given by [12]

P
i

f �
i− 0.5

N
, (1)

where i is the ranking of the data.
As it is customary for brittle materials, the strength data

are interpreted statistically by assuming that specimen
strength obeys a probability density function. In this section,
we briefly describe different probabilistic models considered
here andmention the estimation procedures of the unknown
parameters from a given sample dataset. (e performance of
the models was then compared by matching the calibrated
models with the individual test results.

3.1.NormalDistribution. (e probability density function of
a normal distribution is given as follows [13]:

f(x) �
1
���
2π

√
σ

e
(x−μ)2/2σ2

, (2)

where x is the value of the continuous random variable.
(e cumulative distribution function for the normal

distribution is given as follows:

F(x) �
1
���
2π

√
σ


x

−∞
e

(x−μ)2/2σ2
dt. (3)

Maximum-likelihood estimation is a method of esti-
mating the parameters of a statistical model. When applied
to a dataset and given a statistical model, maximum-
likelihood estimation provides estimates for the model’s
parameters. For normal distribution, the likelihood for the
whole sample is given as follows:

L � 
n

i�1

1
���
2π

√
σ

e
− xi−μ( )

2
/2σ2( 

�
1
���
2π

√ 

n 1
σ2

 
n/2

e
− 1/2σ2( )∑n

i�1 xi−μ( )
2

.

(4)

Taking log, the log-likelihood is given as follows:

ln L � n ln
1
���
2π

√ −
n

2
ln σ2 −

1
2σ2
∑
n

i�1
xi − μ( 

2
. (5)

To find the critical points of the log-likelihood function,
set the first derivative with respect to each equal to zero. In
differentiating (5), note that
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Figure 3: Acoustic emission characteristics for different failure types: (a) acoustic emission for tensile failure, (b) acoustic emission for
combination failure, and (c) acoustic emission for shear failure.
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zln L

zμ
�

1
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∑
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i�1
xi − μ( , (6)
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2σ2
+

1
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2
. (7)

(e maximum-likelihood estimates for μ and σ can be
found by setting (6) and (7) equal to zero, and solving for
each, μ and σ can be obtained as follows:

μ �
1
n
∑
n

i�1
xi,

σ2 �
1
n
∑
n

i�1
xi − μ( 

2
.

(8)

3.2. Logarithmic-NormalDistribution. In probability theory,
a log-normal distribution is a continuous probability dis-
tribution of a random variable whose logarithm is normally
distributed.(e probability density function of a log-normal
distribution is given as follows [14]:

f(x) �

1
���
2π

√
σx

e
− (lnx−μ)2/2σ2( ) (x> 0)

0 (x≤ 0).
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(9)

(e cumulative distribution function for the normal
distribution is given as follows:

F(x) �
1
���
2π

√
σ


x

−∞
e
− (lnt−μ)2/2σ2( ) 1

t
dt. (10)

For determining the maximum-likelihood estimators of
the log-normal distribution parameters μ and σ, we can use
the same procedure as used in the normal distribution.
(erefore, using the same indices to denote distributions, we
can write the log-likelihood function as follows:

L � 
n
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σxi
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�
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(11)

Now taking log, the log likelihood is obtained as follows:

ln L � −n ln(
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2π

√
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By differentiating (12), we have
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Using the formulas of the normal distribution
maximum-likelihood parameter method, we deduce that, for
the log-normal distribution, it holds that

μ �
1
n
∑
n

i�1
ln xi,

σ2 �
1
n
∑
n

i�1
ln xi − μ( 

2
.

(14)

3.3.Weibull Distribution. (eWeibull distribution is one of
the most widely used lifetime distributions in reliability
engineering. It is a versatile distribution that can take on the
characteristics of other types of distributions. (e proba-
bility density function of the Weibull distribution is given as
follows [15]:

f(x) �

k

λ
x− θ
λ
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e
−(x−θ/λ)k

(x≥ 0)

0 (x< 0),
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(15)

where k is the shape parameter, λ is the scale parameter of
the distribution, and θ is the location parameter of the
distribution.

(e cumulative distribution function for the Weibull
distribution is

F(x) � 1− e
−(x−θ/λ)k

. (16)

Considering the Weibull distribution given in (15), the
likelihood function will be

L � 
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f xi(  � 

n
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e
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. (17)

On taking the logarithms of (17), we obtain the esti-
mating equation as follows:

lnL � 
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In differentiating (18) with respect to λ, k, and θ in turn,
we have
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(19)

(e parameters λ, k, and θ can be accomplished by the
use of iterative procedures. Figures 4 and 5 show the the-
oretical distribution relationships together with the test
results for comparison. It can be seen that the normal and
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logarithmic-normal distribution models are very similar,
but neither of these models matches with the test results
better than the Weibull distribution model. To analyze
exactly the precision of the three kinds of probability
distributions, the maximum difference between the ex-
perimental and theoretical data for the three distributions
is presented in Table 1. From Table 1, it can be seen that the
maximum differences of the strength between the theo-
retical results and experimental data are different, and their
values are 0.192, 0.146, and 0.116, respectively. (e maxi-
mum differences of the elastic modulus are 0.138, 0.146,
and 0.053, respectively. (e Weibull distribution has less
difference between the experimental data and theoretical
results either in strength or elastic modules. It can be

concluded that the probability distribution law is satisfied
slightly better by the Weibull distribution rather than the
other distributions.

In order to ensure safety and save cost in engineering
construction, the choice of strength design is important. In
statistics, a confidence interval is a type of an interval es-
timate of the population parameter and is used to indicate
the reliability of an estimate. (e confidence levels for the
sandstone are listed in Table 2. It can be seen that when the
uniaxial compressive strength is taken as 61.50MPa, the safe
reliability is 90%, and when the strength is taken as
57.38MPa, the undamaged probability is 95%. A confidence
level of 95% means that there is a probability of at least 95%
that the result is reliable.

4. Damage Constitutive Model of Rocks

So far, a variety of constitutive models for brittle or ductile
materials have also been developed and implemented within
the damage mechanic framework incorporating statistical
variations [16–18]. (e statistical damage model presented
by the authors in the previous article is used to formulate
analytical constitutive relations for deformation behavior.
Based on the linear damage mechanics [19], the stress-strain
relation for the rock under uniaxial conditions can be
expressed as follows:

ε �
σ
E

�
σ

E(1−D)
, (20)

where σ is the stress applied to a damaged material, σ is the
stress acting on the undamaged material, E denotes Young’s
modulus of the undamaged material, and D is a damage
variable which takes a value between 0 and 1 corresponding to
intact and fully damaged states, respectively. Equation (20)
can be rewritten as
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Figure 4: Probability distribution characteristic of the strength
under compression.
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Table 1: Maximum differences between experimental and theo-
retical distributions.

Probability distribution Elastic modulus Strength
Normal distribution 0.138 0.192
Logarithmic-normal distribution 0.146 0.205
Weibull distribution 0.053 0.116

Table 2: Confidence levels for the strength and elastic modulus of
sandstone.

Confidence Elastic modulus
(GPa)

Strength
(MPa)

0.90 15.32 +∞ 61.50 +∞
0.95 14.82 +∞ 57.38 +∞
0.99 13.59 +∞ 51.20 +∞
Normal distribution 0.138 0.192
Logarithmic-normal distribution 0.146 0.205
Weibull distribution 0.053 0.116
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σ � Eε(1−D). (21)

In probability theory and statistics, let N denote the
number of total mesoscopic elements and Nt denote the
number of failed mesoscopic elements. (e damage variable
D can be directly defined as

D �
Nt(ε)

N
. (22)

(e Weibull distribution is one of the most important
continuous probability distributions. It was first introduced
to study the issue of structural strength and life data analysis
and has been successfully applied to the mechanical failures
of geomaterials [20–22]. In this study, it is confirmed by
experiment that the Weibull distribution is also valid. After
the strain is regarded as a random variable, the following
probability density function is used to describe the meso-
scopic element failure behavior:

f(x) �
β
η

ε − ε0
η

 

β−1

exp −
ε − ε0
η

 

β
⎡⎣ ⎤⎦, ε≥ ε0( , (23)

where ε0 is the threshold strain for the damage element;
ε0 � 0 for sandstone in this study; η is the mean value; and
β is the shape parameter.

When the axial strain reaches the value of ε, the number
of damaged elements Nt may be written as follows:

Nt(ε) � 
ε

0
Nf(x)dx. (24)

Substituting (23) and (24) into (22), we have

D �
Nt(ε)

N
� 1− exp −

ε − ε0
η

 

β
⎡⎣ ⎤⎦. (25)

(en, substituting (25) into (21), the following formula
can be obtained:

σ � Eε exp −
ε − ε0
η

 

β
⎡⎣ ⎤⎦. (26)

In order to demonstrate the rationality and accuracy of
the statistical damage constitutive model proposed in this
paper, some typical experimental curves are selected and
compared with the theoretical model. (e statistical distri-
bution parameters in the constitutive model can be obtained
by using the back analysis method. From Figure 6, we find
that the theoretical curves almost coincide with the experi-
mental curves, which implies that the statistical damage
constitutive model deduced in this paper could well describe
the whole stress-strain process of the sandstone rock.

5. Conclusions

In this paper, the statistical mechanic behavior of the rock is
investigated through a series of uniaxial compression ex-
periments with acoustic emission.(e following conclusions
can be obtained.

(e stress-strain curve can be approximately divided into
four typical stages: the compaction stage, the linear elastic stage,
the crack propagation stage, and the failure stage. A few events
appear suggesting that a little damage of the rock happens in
the compaction and elastic stages. As the strain increases to
a critical value, the AE activity increases rapidly, and then, AE
activity decreases with the further increase of strain.

(e mechanical parameters were regressed with the
Weibull distribution, normal distribution, and log-normal
distribution models. (e results show that the Weibull
distribution can more closely reflect the strength and elastic
modulus distribution laws of the rock under uniaxial
compression conditions.

A stochastic damage constitutive model for the rock was
developed based on the continuous damage and probability
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Figure 6: Comparisons of experimental and theoretical results. (a) Specimen number 10. (b) Specimen number 20.
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theories. Comparing theoretical results of the model with
experimental data, it is found that the stress-strain re-
lationship could be well described by the damage consti-
tutive model.
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Hydraulic fracturing is one of the most important factors affecting the safety of earth and rockfill dam. In this paper, the extended
finite element method (XFEM) is used to simulate the hydraulic fracturing behavior in an actual high earth and rockfill dam. +e
possibility of hydraulic fracturing occurrence is analyzed, and the critical crack length is obtained when hydraulic fracturing
occurs.+en, the crack propagation path and length is obtained by inserting initial crack of different lengths at different elevation.
+e results indicate that hydraulic fracturing will not occur without the permeable weak surface (initial crack). +e critical initial
crack length required for hydraulic fracturing is 5.3m of the calculation model in this paper. +e propagation length decreases
with the increase of elevation, and the average propagation length decreases from 9.4m to 3.4m. Furthermore, it is proved that the
direction of crack propagation has a certain angle with the horizontal plane toward the downstream. Considering the up-narrow
and down-wide type of the core wall, the possibility of hydraulic fracturing to penetrate the core is extremely high when the upper
part of the core wall reaches the critical crack length.

1. Introduction

In recent years, with the needs of hydropower construction,
hydropower energy development is increasing rapidly in
China. +erefore, many high earth and rockfill dams have
been designed or under construction, such as the Changhe
(240m in height) in Sichuan province, Shiziping (136m in
height) in Hebei province, and Nuozhadu (261.5m in
height) in Yunnan province. In addition, a number of super
high (up to 300m in height) earth and rockfill dam have
been built, such as Lianghekou (295m in height) in Shanxi
province and Shuangjiangkou (322m in height) in Guizhou
province. With the rapid development of earth and rockfill
dam, many accidents have occurred. Although no devas-
tating disaster is caused by the accidents, safety operation of
the dam is seriously affected. Consequently, many re-
searchers have gradually paid attention to the safety design
of high earth and rockfill dams.

Hydraulic fracturing is one of the most important factors
affecting the safety of earth and rockfill dam. A series of
studies have been carried out to simulate hydraulic frac-
turing. Ng and Small [1] presented a method of predicting
hydraulic fracturing by using special joint elements that
allow fluid flow and fracture to be modeled. Secchi and
Schrefler [2] proposed a cohesive fracture model to simulate
crack propagation of a concrete dam, which needs mesh
updating of the crack tip. Barani and Khoei [3] presented
a 3D cohesive crack propagationmethod in saturated porous
media. By using double-nodded zero-thickness cohesive
interface elements, the fracture behavior was simulated.
Wang et al. [4] thought that the mechanism of hydraulic
fracturing can be explained by fracture mechanics, and the
crack propagation may follow any of mode I, mode II, and
mixed mode I-II. Liu et al. [5] presented a stabilized ex-
tended finite element formulation to simulate the hydraulic
fracturing process in an elastoplastic medium. +e fracture
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propagation process was governed by a cohesive fracture
model. Li et al. [6] used the smeared cracking theory to
simulate the process of hydraulic fracturing in a certain earth
and rockfill dams. Tang et al. [7–9] gave different mechanical
parameters to different material units by using a certain
statistical distribution. +us, the crack propagation can be
simulated. In general, the existing simulation methods re-
quire specific means, like grid refinement and estimate the
position and direction of the fracture or set cohesive ele-
ment, which result in the large calculating quantity and
complex simulation process.

In 1999, Belytschko and Black [10] and Moës et al. [11]
presented the extended finite element method (XFEM). +e
unique advantages of simulating crack propagation in ho-
mogenous material such as rock and concrete materials have
been demonstrated [12]. By using the XFEM, the crack is
allowed to pass through the element; thus, cracks with
complex shapes can be calculated in regular mesh without
remeshing. Because of these advantages, the XFEM has been
considered as a more accurate and efficient method in many
areas, such as dynamic crack propagation, shear zone evo-
lution, andmultiphase flow. Yet, no researchers have used the
XFEM to simulate crack problem in earth and rockfill dam
engineering. In theory, it is possible to simulate hydraulic
fracturing in earth and rockfill dam by using the XFEM.

In this paper, the XFEM is used to simulate the hydraulic
fracturing in an actual high earth and rockfill dam. +e
possibility of hydraulic fracturing occurrence is analyzed,
and the critical crack length is obtained when hydraulic
fracturing occurs. +en, the crack propagation path and
length is analyzed by inserting different length initial cracks
at different elevation. Furthermore, based on the results, the
possibility of crack penetration upstream and downstream
of the core is analyzed. Related research achievements are of
great significance for the prevention and control of hydraulic
fracturing in actual earth and rockfill dam construction.

2. The Mechanism of Hydraulic Fracturing

A number of researchers did somemeaningful works toward
the mechanism of hydraulic fracturing in the core of earth
and rockfill dam [13]. +e “water wedging” action has been
approved by many engineers, which means that the core is
not completely homogeneous and there exists different
planes of weakness during the construction of the dam.
+us, the “permeable weak surfaces/bodies” occur at the
upstream surface of the core as can be seen by ABC area in
Figure 1. +e permeability of these weak areas is higher than
that of the soil around these weakens which allows water to
enter into these weak areas rapidly as the reservoir water
level rises. Consequently, there exists a directional water
pressure on the AC surface and a downward water pressure
on the BC surface as shown in Figure 1. If the water pressure
is large enough and the core wall has poor anticrack ability,

cracks may occur at the point C. Furthermore, the entry of
high-pressure water will cause crack propagation, which will
result in hydraulic fracturing.

3. Simulation Method of XFEM

3.1. Displacement Mode. Based on the partition of the unity
method, the XFEM displacement formula can be derived by
introducing an additional function which reflects the local
characteristic of the crack on the basis of the conventional
FEM displacement mode.

+e displacement formula can be expressed as

u � 
i�∈s

NI(x) uI + H(x)αI√√√√√√
I∈Sh

+ 
4

i�1

ψi(x)b
i
I

√√√√√√√√
I∈Sc

⎡⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

⎤⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦
, (1)

where uI is the nodal displacement vector, αI is the nodal
enriched degree of freedom vector for crack penetration
elements, H(x) is the jump function which represents the
gap between the crack surfaces, bi

I is the nodal enriched
degree of freedom vector for crack tip elements, and ψi(x) is
the crack tip functions which represent the crack tip sin-
gularity. +e jump function H(x) for a general crack is
defined as

H(x) � sign(ψ(x)) �
1, ψ(x)> 0

−1, ψ(x)< 0.
 (2)

+e crack tip enrichment function for an isotropic elastic
material is
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2
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Figure 1: Sketch diagram of hydraulic fracturing in the earth and
rockfill dam.
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3.2. 5e Application of Water Pressure. +e hydrostatic
pressure in the crack is applied on the crack surface as a facial
pressure. As the crack expands and propagates continuously,
the upstream pressure water penetrates into the crack tip
slowly. +erefore, the hydrostatic pressure needs to be
updated with the propagation of the crack in real time. In
this paper, to simplify the problem, it is assumed that the
water pressure is evenly distributed on the surface of the
crack and the application of water pressure is carried out for
each crack segment. According to the hydrostatic water
pressure at different elevations, the water pressure is applied
on the nodes with additional degrees of freedom (DOFs) in
the crack segments.

3.3. Critical Water Pressure Inducing Hydraulic Fracturing.
Investigators carried out a great deal of works on hy-

draulic fracturing criterion. An elastic-plastic solution to
fracture initiation pressure is derived based on the
Mohr–Coulomb shear failure criterion and the theory of
cavity expansion, which can be given by [14] the following
equation:

ua �
σ2 + σ3

2
1 +

sinφ
2η

  ±
σ2 − σ3

4
M +

c cosφ
η

, (4)

where η � (ra/rc)
2 and M � 3η + (2/η)− 3η sinφ+

7 sinφ− 1.

Actually, critical water pressure pf is the minimum value
of ua. Based on the theory of expansion of a hollow cylinder
in finite length, the radius of elastic-plastic zone boundary is
obtained as follows [15]:

rc

ra

�
rc/rb( 

2
+ 1 +(2/α) [Y +(α− 1)p]

(2 +(2/(α− 1))) Y +(α− 1)p0 
⎛⎝ ⎞⎠

α/(α−1)

, (5)

where Y � (2c cosφ)/(1− sinφ), α � (1 + sinϕ)/(1− sinϕ),
c is the cohesion, φ is the internal friction angle, ra and rb are
internal and external radii of the hollow cylinder, re-
spectively, rc is the radius of the plastic zone, p0 is the radial
stress of the external boundary, and p is the water pressure
applying on the internal surface of cavity.

3.4. Damage Evolution Criterion. +e damage evolution is
determined by the definition of damage variable D. +e
expression of the normal and tangential stress components
affected by the damage can be defined as

tn �
(1−D)Tn, Tn ≥ 0

Tn, Tn < 0,


ts � (1−D)Ts,

tt � (1−D)Tt,

(6)

where D is the damage variable, which represents the average
damage value between the two cracks and varies between
0 and 1, tn, ts, and tt are the normal stress component and
two tangential stress components, respectively, Tn is the
normal stress component of the unit, and Ts and Tt are the
first and second tangential stress components of the unit,
respectively.

4. Simulation of Hydraulic Fracturing in Earth
and Rockfill Dam

4.1.Mesh, ConstitutiveModel, andParameters. To obtain the
length of crack propagation accurately, the local mesh re-
finement method is conducted at different elevation of the
initial crack.+e average length of the element is about 0.5m
after refined. Figure 2 shows the schematic diagram of the
mesh with an initial crack at 1/5 height of the core wall.

+e bottom of the model is constrained in three di-
rections, while the sides of the model are constrained in the
horizontal direction. +e vertical direction is free to allow
the settlement of themodel. To simulate the construction of the
dam, the load applied on the model is divided into ten stages.

Quadrilateral plane strain elements are used in the mesh,
and a small number of triangular elements are used for
transition. In addition, the reduced integration method is
used in the XFEM enrichment area, and the convergence is
controlled by the hourglass. Differently, the full integration
method is used in other areas, which is similar to the
conventional finite element method.

+e Duncan–Chang E-v nonlinear constitutive model is
used in this paper. +e constitutive parameters are shown in
Table 1. +e fracture energy is 4.8 N/m and the tensile
strength is 47 kPa of the core material obtained from uniaxial
tensile test.

4.2. Research Framework and Scheme. Firstly, the possibility
of hydraulic fracturing occurrence without initial crack in
the core is analyzed by comparing the water pressure on the
upstreamwith the calculated values pf using (4).+e criteria
can be implemented in the XFEM platform automatically

1: core wall
2: rockfill 

3: overburden
4: grout compartment 

1
22

3 34

Figure 2: Schematic diagram of mesh generation (1/5 dam height).
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though compiling subroutine UMAT. +en, apply “per-
meable weak surfaces” (assumed as initial cracks) of different
lengths at different elevations in the core. Similarly, (4) is
used to determine the occurrence of hydraulic fracturing. If
the calculated critical water pressure is less than the water
pressure at the crack tip, then the new crack is determined to
appear. +e propagation of the initial crack is determined by
whether the accumulated energy of the crack propagation is
more than the fracture energy of the core material. +us, the
critical crack length under the full reservoir water level can
be obtained by establishing the relationship between the
initial crack length and the reservoir water level when the
hydraulic fracturing occurs. Finally, according to the initial
cracks of different lengths at different elevation, the crack
propagation path and length are studied by increasing the
critical water level to the full reservoir water level gradually.

+e calculation scheme is shown in Table 2, in which the
reservoir water level is applied in two stages. If the water level
is less than the maximum reservoir water level (697m), then
the water pressure on the crack surface is equal to the

pressure on the surface of the core at the same elevation. If
the water level is greater than the reservoir water level, the
water pressure on the surface of the core wall is the max-
imum reservoir water level while the water level on the crack
surface is applied according to the actual water level. +e
main purpose of this method is to research the critical length
of initial crack under full water level.

4.3. Analysis of Calculated Results

4.3.1. 5e Possibility of Hydraulic Fracturing Occurrence.
Figure 3 shows the relationship between the initial frac-
turing pressure pf (calculated from formula (4)) and the
hydrostatic pressure at the elevation where the initial crack
locates. It can be seen that the initial fracturing pres-
sure calculated at each elevation is greater than the hy-
drostatic pressure at its corresponding elevation. +e result

Table 1: Constitutive parameters of the materials in the earth and rockfill dam.

Number Material type ρ (g/cm3) φ0 (°) Δφ (°) c (kPa)
Duncan–Chang E-v model

Rf K n G F D
1 Core 2.07 29.2 — 96 0.81 420 0.41 0.43 0.088 1.5
2 Rockfill 2.37 52.9 8.6 0 0.79 1352 0.38 0.30 0.13 8.6
3 Overburden 1.45 48 7 — 0.80 1100 0.34 0.33 0.010 4
4 Grout compartment 1.4 38 — 5 0.78 1500 0.23 0.34 0.010 4

Table 2: Calculation schemes of hydraulic fracturing.

Number Elevation of initial
crack (m)

Width of the core wall at
certain elevation (m)

Length of initial
crack (m)

Reservoir water
level (m)

1 507 97.4 2–12 575–697, 697–1000
2 577 62.3 2–12 630–697, 697–930
3 649 28.6 2–12 685–697, 697–910
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Figure 3: Relation curves of the initial fracturing pressure versus
elevation.
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indicates that hydraulic fracturing will not occur in the
earth and rockfill dam in this paper without permeable
weak surfaces.

As the reservoir water level rises, the pressure water
enters into the crack; thus, “water wedge effect” appears [16].
+e water pressure on the crack surface increases with the
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Figure 5: Crack propagation nephogram at 507m elevation. (a) Initial crack with a length of 6m. (b) Initial crack with a length of 8m.
(c) Initial crack with a length of 10m.
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Figure 6: Crack propagation nephogram at 577m elevation. (a) Initial crack with a length of 6m. (b) Initial crack with a length of 8m.
(c) Initial crack with a length of 10m.
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increasing water level. Consequently, hydraulic fracturing is
likely to occur.+e larger the length of the initial crack and the
water pressure is, the stronger the water wedge effect is. In
other words, there exists a critical length of the initial crack for
an earth and rockfill dam under the normal water level.

To obtain the critical length of the initial crack, the
relationship between the length of initial crack and the water
level required for the propagation of the initial crack is
established in Figure 4.

It can be seen that under the condition of full reservoir
water level, the critical length of the initial crack required for
hydraulic fracturing is 5.3m, 5.9m, and 7.9m at the ele-
vation of 507m, 577m, and 649m, respectively. +e results
illustrate that the minimum length of the initial crack re-
quired for hydraulic fracturing is 5.3m. Since the water
pressure on the bottom is the largest, the possibility of
hydraulic fracturing occurrence at the bottom of the core
wall is greater than that of the upper part.

4.3.2. Analysis of the Crack Propagation. In the dam engi-
neering, it is meaningful to analyze the path and length of the
crack propagation when hydraulic fracturing happens under
extreme conditions. Figures 5–7 show the nephogram of crack
propagation with different lengths of initial crack at different
elevation. XFEMSTATUS is a variable to describe crack
propagation and changes between 0 and 1 and 1 represents
that the crack is completely open. Considering the ratio of the
crack to the whole dam is small, local areas of nephograms are
given in order to show the propagation of the cracks clearly.

It is obvious that, under the constant driving of water
pressure, the crack propagates to the inner part of core
continuously. +e larger the length of initial crack is, the
longer the crack propagation will be. +e direction of crack
propagation changes from the horizontal direction to the
upstream slowly.+e reason is that the water pressure on the
lower part of the core is larger than that of the upper part,
which leads the core has a tendency to deflect.

With the increase of initial crack elevation, the length of crack
propagation tends to decrease. For the reason that, the water
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Figure 7: Crack propagation nephogram at 649m elevation. (a) Initial crack with a length of 8m. (b) Initial crack with a length of 10m.
(c) Initial crack with a length of 12m.
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Figure 8: Relation curves of reservoir water level versus length of
crack propagation at an elevation of 507m.
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pressure is decreasing as the elevation grows, when the initial
crack is located at 4/5 height of the dam (elevation of 649m), the
propagation length is merely 5mwith a 12m length initial crack.

+e relation curves between the length of crack prop-
agation and reservoir water level at 507m elevation are
shown in Figure 8. +e reservoir water level is increased to
the full reservoir level (697m) gradually. Obviously, the
crack propagation length and the reservoir water level have
a linear relationship. +e longer the length of initial crack,
the greater the degree of crack propagation is. When the
initial crack length is 10m, the crack propagation reaches
a maximum value, 14.7m, which accounts for 15% of the

width of the core wall. +erefore, the crack propagation is
not enough to penetrate the core wall.

Figures 9 and 10 show the relation curves of the length of
crack propagation versus the reservoir water level at the
initial crack elevation of 577m and 649m. +e reservoir
water level required for the crack propagation is relatively
close to the full reservoir water level, and the change of water
pressure is relatively small. +erefore, the crack propagation
length is longer than that in the lower part of the core wall.
However, it is noteworthy that the width of the core wall
decreases with the increasing elevation, which is merely
28.6m at the elevation of 649m. +e critical length of crack
is 7.9m, which accounts for 27.6% of the core width.

As a consequent, although the occurrence probability of
hydraulic fracturing at the bottom of the core wall is larger,
the possibility of hydraulic fracturing to penetrate the up-
stream and downstream is extremely high when the upper
part of the core wall reaches the critical crack length.

5. Conclusions

On the basis of the research on the possibility of hydraulic
fracturing occurrence in the earth and rockfill dam, the
hydraulic fracturing behavior is simulated by using the
extended finite element method.

(1) For the calculation model in this paper, hydraulic
fracturing will not occur without the permeable weak
surface (initial crack), and the critical initial crack
length required for hydraulic fracturing is 5.3m.

(2) +e propagation length of hydraulic fracturing de-
creases with the increase of elevation, and the average
propagation length decreases from 9.4m to 3.4m.

(3) After the water level gradually increased to full
reservoir level, there is no crack penetration through
the core wall of all calculation schemes.+e direction
of crack propagation has a certain angle with the
horizontal plane toward the downstream.

(4) Considering the up-narrow and down-wide types of
the core wall, although the occurrence probability of
hydraulic fracturing at the bottom of the core wall is
larger, the possibility of hydraulic fracturing to
penetrate the core is extremely high when the upper
part of the core wall reaches the critical crack length.
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A set of systematic experimental methods, including 3D accuracy scanning and identification of discontinuous surface topography,
physical model construction, and laboratory direct shear experiment under different directions and normal stresses, was proposed to
research the influence of discontinuity roughness on strength and deformation of discontinuity. During physical model construction
of discontinuity, three types of discontinuity and rough natural rock joint surfacemodels were constructed andmoulded.Meanwhile,
many influence factors of discontinuity surface topography, such as asperity inclination angle (AIA), asperity height (AH), normal
stress (NS), and shear direction (SD), were considered during the direct shear experiment. On the basis of the experimental results, it
can be found that there were two types of failure modes under different loading conditions, which were named “failure by shearing
through the asperities” and “failure by sliding over the asperities”. *e obvious stress concentration phenomenon, climbing, and
cutting effects appeared in the process of the direct shear experiment. In addition, the accurate identification of surface topography of
natural rough rock joint surface was carried out using three-dimensional sensing system (3DSS) and self-programming software
before and after the experiment.*e subsamples with the same surface topography as the original samples weremoulded using a self-
developed instrument.*en, themechanical behavior of the original samples and subsamples for the natural rough rock joint surface
under different shear directions and normal stresses was studied. *e results show that the shear displacement under different shear
directions and normal stresses is very large before it reaches the failure state. And the residual strength of the original samples is
higher than that of the subsamples. In addition, failure modes of the subsamples are main failure by shearing through the asperities
due to the significant difference between peak shear strength and residual strength.*e failuremodes for parts of the original samples
are failure by sliding over the asperities. *e change ratio of area for the discontinuity after the experiment depends on surface
topography, strength of heave on the surface of discontinuity, and particle size of minerals on the surface of discontinuity.

1. Introduction

Rock mass discontinuity plays a major role in the defor-
mation and failure of rock mass projects. *e destruction of
many rock engineering projects is related to the strength of
rock mass discontinuity. In the past research, discontinuity
is often assumed as a smooth and straight plane without
considering the characteristics of its uneven surface, leading
to underestimation of its shear strength. *e natural
roughness of rock mass discontinuity has the characteristics
of anisotropy and nonhomogeneity, particularly the an-
isotropy that has an impact on the shear strength of dis-
continuity. However, shear strength of discontinuity may be
overestimated considering the surface character of discon-
tinuity. For example, Barton’s JRC-JCS shear strength

criterion is found that it sometimes tends to overestimate
the shear strength of natural joints with less matched
surfaces [1]. *erefore, research on the shear strength of
discontinuity concerning its surface topography is very
significant during stability analysis and evaluation of rock
mass engineering.

*e characteristics of discontinuity, which are closely
related to the failure behavior of rock mass, are often studied
from the angle of strength and deformation. Many exper-
imental and theoretical researches show that mechanical
properties of discontinuity are related not only to the
components and texture of rock mass and discontinuous
combination characterizations but also to the roughness of
discontinuity which is a main factor affecting strength and
deformation of discontinuity [2–4]. *e two parameters joint

Hindawi
Advances in Civil Engineering
Volume 2018, Article ID 7358205, 20 pages
https://doi.org/10.1155/2018/7358205

mailto:ssrfish@hhu.edu.cn
http://orcid.org/0000-0002-2039-2086
http://orcid.org/0000-0002-6850-1114
https://doi.org/10.1155/2018/7358205


roughness coefficient (JRC) and joint matching coefficient
(JMC) are often used to characterize discontinuity. In order to
study the relationship between strength or deformation and
surface topography of discontinuity, the identification of
surface characteristics of discontinuity is vital. At present, the
way of measuring surface topography is mainly based on
mechanical and optical methods. Kulatilake et al. [5] have used
the line scaling method, variogram method, spectral method,
and roughness-length method to accurately measure joint
surface roughness. Develi et al. [6] have used a new device to
measure surface topography of discontinuity. Feng et al. [7]
and Fardin et al. [8] have researched rock joint surface
roughness using noncontact measurement techniques in the
field. Compared with the mechanical method, the optical
method is widely used to identify uneven surface due to its
noncontact measurement which has some advantages such as
high precision and nondestructive testing. In the aspects of
assessment of joint roughness, some works [9–14] were con-
ducted from the angle of fractal geometry. In these works,
assessment and estimation of joint roughness are carried out
based on the relationship between fractal dimension and
surface topography of discontinuity. In addition, many re-
searchers [15–19] have adopted different methodologies to
assess or estimate joint roughness from the angle of quantity.
*e strength theories of discontinuity have been studied by
many researchers. Barton [20] has conducted a number of
research works and proposed an experiential formula con-
sidering the relationship between climbing or shear dilation
and normal stress. And this formula is usually used under
lower normal stress. Grasselli et al. [21] have proposed the
Grasselli model which considers 3D roughness on the surface
of discontinuity using a number of optical tests and direct shear
tests. Riquelme et al. [22] have carried out the discontinuity
spacing analysis in rockmass using 3Dpoint clouds. Concerning
the anisotropy of discontinuity, Koyama et al. [23] have analyzed
the change process of surface wearing of discontinuity in the
process of the direct shear experiment andnumerical simulation.
Jiang et al. [24] have studied the relationship between surface
roughness and mechanical properties of rock joints.

Previous studies have shown that most of the past rel-
evant studies lack systematic experimental research. And,
interpretation of the mechanisms of discontinuity failure
with different roughness degrees has not been conducted, for
example, shear failure under different loading, failure of
heave on the surface of discontinuity, influence of micro-
structure topography on macroshear strength, and so on. In
order to research the influence of anisotropy and surface
topography of discontinuity on shear strength, four different
models such as roughness type I model, roughness type II
model, roughness type III model, and natural rough rock
joint surface model were used to study mechanical behavior
and the shear failure mechanism of discontinuity under
different normal stresses and shear directions.

2. Materials and Experimental Methods

Because of the complexity of surface topography and poor
repeatability for discontinuity experiment, discontinuity is
often constructed by some rock-like materials, such as

concrete, gypsum, and so on. In order to research the in-
fluence of surface topography on strength and deformation
of discontinuity, some influence factors such as asperity
inclination angle, asperity height, and asperity shape are
considered in the process of mould construction. According
to these influence factors, roughness type I model, roughness
type II model, roughness type III model, and natural rough
rock joint surface model were constructed so as to research
failure mechanism of discontinuity under different normal
stresses and shear directions, particularly for the effect of
anisotropy on strength of discontinuity.

2.1. Mould Design

2.1.1. Roughness Type I, Roughness Type II, and Roughness
Type III Models

(1) Design of Mould Patterns. In the process of mould design,
four types of asperity inclination angles and asperity heights
are considered.*e size of steel mould is 300× 200×100mm,
and its error (precision) is <0.1mm. *e asperity inclination
angles include 10°, 20°, 30°, and 45°, respectively. *e asperity
heights include 2mm, 3mm, 4mm, and 5mm, respectively.
*e roughness type I and roughness type II models belong to
similar types of model. *e shape of discontinuity for
roughness type III model is designed with a combination of
two continuous and different asperity heights. *e types of
combinations include 5-2mm, 5-3mm, 5-4mm, and 5-5mm.
Four moulds for three types of models are manufactured
according to different angles or different asperity heights.
Figure 1 shows parts of the basic shapes of three types of
models.

(2) Sample Preparation. For natural rock mass discontinuity,
the heaves on the surface of discontinuity have the same
strength with rock mass under the condition of nonfilling.
However, it is very difficult to guarantee that there is only
a small difference in strength for the heaves and rock mass.
*erefore, in order to decrease the differences for heaves and
rock mass, selection of the materials, such as sand, cement,
water, epoxy, and binder, is very vital. To avoid significant
difference in the mechanical properties for both of them, the
particle size of sand is controlled between 0.25mm and
0.35mm. *e cement and other materials have the same
type. Meanwhile, to decrease difference among mould
samples, all samples in this experiment are constructed by
using the same mould, same mix proportion, and same
curing condition and period. *e cement is ordinary
Portland cement with number 42.5R, and the water cement
ratio is 0.45 and the curing period is 28–30 days under moist
conditions. *e precast samples are processed into experi-
mental samples with the diameter being 50mm and height
being 50mm. All experimental samples must meet the re-
quirement that the inclination error for the top and bottom
surface of the sample is <3°. Figure 2 shows three different
types of precast samples with different types of models and
one original sample with even shear face which is used to
conduct experiments concerning epoxy and binder.
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Figure 1: Roughness types. (a) Roughness type I model; (b) roughness type II model; (c) roughness type III model.

(a) (b) (c) (d)

Figure 2: *e precast model with different types of discontinuity and natural rough rock joint surface model. (a) Roughness type I model;
(b) roughness type II model; (c) roughness type III model; (d) natural rough rock joint surface model.
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2.1.2. Natural Rough Rock Joint Surface Model

(1) Design of Mould Patterns. When the anisotropy of dis-
continuity is researched, the direct shear experiment will be
conducted from five different shear directions. An original
sample cannot meet the requirement of shear experiments.
*erefore, many subsamples which have the same roughness
as the original samples need to be remoulded. In order to
guarantee the precision of the subsamples, a mould, which is
used to remould the subsamples based on the original
samples, is designed. Figure 3 shows the structure of the
mould. It can be found from Figure 3 that the inner diameter
of the mould is 50mm. Two parts of the original sample are
placed separately at the both ends of the device.*e length of
the precast sample is about 100mm, which will be cut into
two parts and the length of every parts is about 25mm. *e
isolated layer is placed between the steel mould and sample
in order to avoid bonding of the concrete and steel mould.
Two lock lantern rings are placed outside the steel mould so
as to lock tightly two parts of separate steel moulds when the
precast of the sample has been finished.

(2) Sample Preparation. Some rock cores with diameter
being 72mm are obtained from the Lukou airport station of
the Nanjing subway.*e lithology of the original samples for
the natural rough rock joint surface model is andesite. *e
physical-mechanical properties of sites are similar to the
concrete. Eight original samples (no. A1 to A8) with di-
ameter being 50mm and height being 50mm are prepared
by drilling, cutting, and wearing methods based on the rock
cores with diameter being 72mm.*e surface topography of
every original sample was scanned using a new noncontact
device named “three-dimensional sensing system” (3DSS).
*e scanning and identification of discontinuity can be seen
from Figure 4.

*e 3DSS can scan complex surface topography of every
object from the angle of three dimensions by using the optical
technique, computer digital imaging technique, and phase
measurement technique.Many digital images will be projected
on the object when the grating projection device begins to
scan. Two vidicons will simultaneously collect the corre-
sponding image and then decode and calculate the phase of
the image. *ree-dimensional coordination of the public

zone for the collected image will be calculated utilizing
matching technique and triangular scanning principal.
*e accuracy of scanning can reach 0.03mm, which can
completely meet the requirement of accuracy identification
of discontinuity.

*e scanning of discontinuous surface topography can be
divided into two phases, which are before and after the ex-
periment, so as to compare and identify roughness changes of
the original samples. In order to analyze quantificationally the
area changes before and after the experiment, accuracy iden-
tification and reconstruction of surface topography become
a necessary process. According to the scanning results of
different discontinuity surface topography, a computer pro-
gram based on the Delaunay triangular mesh subdivision
method are compiled in this paper and used to calculate the
surface areas of different discontinuities. Figure 5 shows the
reconstruction map utilizing the computer program based on
the scanning results of discontinuity surface topography.

For reconstruction of the subsamples, the mould shown
in Figure 3 is used. First, butter is applied uniformly in the
wall of the steel tube, and wax paper is usedto cover the
butter. Second, the lower sample is placed at the bottom of
the steel tube and is locked using lantern ring. *irdly,
precast concrete which has the same requirement with
roughness type I model, roughness type II model, and
roughness type III model are poured in the steel tube. *e
thickness of concrete in the steel tube is about 100mm.
Finally, the upper sample in the steel tube is closed to the
precast concrete with some pressure, and then the next
lantern ring is use to lock the steel tube. To avoid non-
uniformity of the concrete in the steel tube, the sample will
be turned upside down before solidification and is placed
horizontally during curing period. After curing period,
concrete samples will be taken out from the mould. *e
discontinuity face should be cleaned completely before it is
used to manufacture the next sample. *e surface
topography should not be damaged during the process of
cleaning. Eight sets of the subsamples with diameter
being 50mm and height being 50mm are prepared by the
same manufacturing method. Figure 6(a) shows the com-
parison between the original samples and subsamples, and
Figure 6(b) shows eight sets of the subsamples for natural
rough rock joint surfaces. On the basis of Figure 6(a), it can
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Figure 3: Structure of the mould for the natural rough rock joint surface model.
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Figure 5: Reconstruction of surface topography of discontinuity for the natural rough rock joint surface model (sample B5). (a) Sample No.
B5; (b) preprocess of the upper surface; (c) preprocess of the lower surface; (d) 3D reconstruction of the upper surface; (e) 3D reconstruction
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be found that the uniformity between the original sample
and subsample is very good. It indicates that the method
used to remould the subsamples is appropriate for this
experiment.

2.2. Experimental Procedures. *e direct shear experiment is
used for roughness type I, roughness type II, and roughness
type III models. Aiming at roughness type I, roughness type
II, and roughness type III models, four normal stresses with
value being 0.51MPa, 1.02MPa, 2.04MPa, and 3.06MPa and
four shear directions with value being 10°, 20°, 30°, and 45° are
considered in the process of the direct shear experiment. For
the natural rough rock joint surface model, three normal
stresses with value being 0.51MPa, 1.02MPa, and 2.04MPa
and four shear directions with value being 0°, 10°, 20°, and 30°
are considered in the process of the experiment. Figure 7
shows the definition method of shear direction.

Procedures of the direct shear experiment are listed as
follows:

(1) Confirmation of the area of shear surface: the di-
ameter and height of the sample are measured and
recorded. At the same time, surface topography of
discontinuity is taken photo and described.

(2) Inspection of the direct shear instrument: in order to
guarantee veracity of experimental results, all parts
of direct shear instrument will be inspected before
the experiment. Meanwhile, trial experiment must be
conducted by using a standard sample.

(3) Layout of the sample: due to consideration of an-
isotropy of discontinuity, every sample will be
marked a remarkable line at the lateral of the sample
which is used to define shear direction. Initial normal
stress will be exerted on the sample.

(4) Layout of the displacement measurement instrument:
in order to measure an accurate displacement, three
measurement instruments will be placed on the
normal direction and shear direction, respectively.

(5) Loading method: under condition of certain nor-
mal pressure, shear stress will be applied with
a loading speed of 0.5–1.0 kN per second and 10–
15-step loading. Vertical deformation, horizontal

displacement, and shear force will be obtained
when the deformation of the sample tends to be in
a stable state for every grade load.

(6) ASTM criterion: three to five samples in each group
were tested to obtain the average value.

(7) Recording and saving of data: the sample will be
taken out from shear box, and failure surface will be
taken photo and described.

3. Analysis on Experimental Results

3.1. Failure Modes and Analysis on Influence Factors of
Discontinuity. Failuremodes of rockmass aremainly fracture
along discontinuity due to its anisotropy and non-
homogeneity. Based on the curves of shear stress and shear
displacement (Figure 8), it can be found that there are two
types of failure models generally. One is failure by sliding over
the asperities in which the discontinuity with jagged shape is
not completely cut off from the bottom of heave and its failure
is along the top section of heave, the other is failure by shearing
through the asperities in which the heave on the surface of
discontinuity is cut off from the bottom section of the heave
and its failure surface presents an approximate plane.

According to Figure 8, when the normal stress and
roughness degree of discontinuity are quite significant, the
failure mode of discontinuity mainly presents failure by
shearing through the asperities in which the curve of shear
strength and shear displacement will present a peak point
and then decrease and present a residual stage. *e curve of
shear failure is divided into three stages, such as climbing

(a) (b)

Figure 6: Subsamples of natural rough rock joint surfaces. (a) Comparison between original samples and subsamples; (b) parts of
subsamples.

Normal stress

θ

Shear direction

Figure 7: Shear direction of discontinuity.
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stage (OC), cutting stage (CD), and sliding stage (DE). *e
curve of failure by sliding over the asperities is divided into
two stages, such as climbing stage (OA) and sliding stage
(AB).*erefore, based on the typical curves of shear strength
and shear displacement for two failure modes, the failure of
discontinuity presents brittle character when the heaves on
the surface of discontinuity are completely cut off from their
bottoms, while it presents ductile character when the
roughness of discontinuity is decreased due to the shear
process.

*rough observing the failure surface of different types
of discontinuity after the laboratory experiment under
different loading, it can be found that parts of the surface
which is at the rear location along the shear direction are
very easy to damage compared with the front one of dis-
continuity (Figure 9).

Most of samples present similar failure characteristics. In
addition to the reason which failure mode is related to the
strength, surface topography, normal stress, and shear di-
rection of discontinuity, a dominant reason is the own
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Figure 8: *e curve of two failure modes of discontinuity.
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Figure 9: Failure modes of discontinuities based on laboratory experimental results. (a) Failure by sliding over the asperities; (b) failure by
shearing through the asperities.
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Figure 10: *e influence of direct shear experiment on failure modes of discontinuity. (a) Initial state; (b) stress redistribution; (c) stress
concentration.
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Figure 11: Continued.

8 Advances in Civil Engineering



drawbacks of the direct shear instrument. Combined with
the experimental results, the failure mechanisms of dis-
continuity are obtained in the process of the direct shear
experiment. In the initial stage, the normal pressure is exerted
uniformly on the upper surface of the sample (Figure 10(a)).
However, the normal pressure cannot maintain uniform
state in the process of the experiment because the action
point of normal pressure for the upper shear box and lower
shear box cannot maintain uniform, which can lead to
nonuniform stress distribution (Figure 10(b)). *e rear
stress of discontinuity along the shear direction is larger than
that of the front of discontinuity which can make the rear
part of discontinuity damage easily in the process of the
experiment firstly. Under the normal stress influence, shear
stress on the surface of discontinuity is not also distributed
unequally (Figure 10(c), and the force state of the lower
shear box is shown in Figure 10(c)). In the initial stage of
shear experiment, stress concentration immediately begins
to appear at the rear edge of shear box along the shear
direction. And this phenomenon will follow the experi-
mental process. *e scope of stress distribution is shown in
Figure 10(c).*emaximum value of stress appears at the “A”
point in Figure 10(c).

3.2. Roughness Type I Model and Roughness Type II Model

3.2.1. Failure Modes of Discontinuity with Jagged Shape for
Type I. Figure 11 shows the relation between peak shear
stress and shear displacement. *e failure modes of dis-
continuities include brittle failure and ductile or plastic
failure under different normal stresses and shear directions.
Most of the failure modes are failure by shearing through the
asperities. According to the experimental results shown in
Figure 11, in addition to the asperity inclination angle and
shear direction, the normal stress is a domain influence
factor to failure modes of discontinuities. Most of the failure
modes for the samples are failure by shearing through the
asperities, and the difference in the strength between peak

value and residual value is quite significant. Under the
normal stress being 2.04MPa, failure by sliding over the
asperities of discontinuity appears in parts of the samples.
*e difference in the strength between peak value and re-
sidual value is small. It is about 0.08–0.94MPa. Additionally,
the failure mode of discontinuity is main failure by shearing
through the asperities when the asperity inclination angle is
significant and the normal stress is high. As far as most of the
samples are concerned, the maximum differences in the
value between peak strength and residual strength will be
obtained when the normal stress is 3.06MPa and the shear
direction is 0°. It can also be found in Figure 11 that the
residual strengths for most of the samples are far smaller
than those of the peak strength. It indicates that the
roughness of discontinuity play a vital role to the strength of
discontinuity.

Figure 12 shows the relationship between shear di-
rections as well as normal stresses and peak shear strengths
under different asperity inclination angles. According to
Figure 12, peak shear strength increases gradually with an
increase in the asperity inclination angle under deterministic
shear direction. However, the maximum shear strength
appears when the shear direction is 45°. *e stress con-
centration phenomenon appears when the asperity in-
clination angle is 45° and the shear direction is 30°. *e peak
shear strength decreases gradually with an increase in the
shear direction.*e change degree of the peak shear strength
becomes small when the shear direction is more than 30°. To
sum up, the peak shear strength is affected obviously by
anisotropy of discontinuity. *e whole trends of the curve of
peak shear strengths and shear directions are decreasing.
And the trends of the curves of peak shear strengths and
asperity inclination angles are increasing. *e difference of
the peak shear strength is small when the asperity inclination
angle is less than 30°. *e larger asperity inclination angle is,
the faster is the decrease ratio of peak shear strength. When
the asperity inclination angle is less than 30°, the peak shear
strength of sample with the shear direction 10° to 30°
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Figure 11: Relation between shear strengths and displacements for the discontinuities with type I. (a) AIA� 10° and NS� 2.04MPa;
(b) AIA� 10° and SD� 0°; (c) AIA� 20° and NS� 2.04MPa; (d) AIA� 20° and SD� 0°; (e) AIA� 30° and NS� 2.04MPa; (f) AIA� 30° and
SD� 0°; (g) AIA� 45° and NS� 2.04MPa; (h) AIA� 45° and SD� 0°; (i) NS� 0.51MPa and SD� 0°; (j) NS� 1.02MPa and SD� 0°;
(k) NS� 2.04MPa and SD� 0°; (l) NS� 3.06MPa and SD� 0°.
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decreases fastest.*e change ratio of peak shear strength will
become small when the shear direction is more than 30° for
different asperity inclination angles. For different shear
directions, the peak shear strengths have small difference
when the asperity inclination angle is less than 30°.

Figure 13 shows the relationship between peak shear
strengths and asperity inclination angles under different
normal stresses. Peak shear strength increases gradually with
normal stress and asperity inclination angle increases totally.
*e remarkable changes take place when the normal stress is
more than 1.02MPa. However, the difference in peak shear
strength becomes small when the normal stress is less
than 1.02, and asperity inclination angles are less than 30°.
*e main reason is that close integration of discontinuity
under small norm stress will cause failure by sliding over the
asperities of discontinuity. Meanwhile, under lower asperity

inclination angle (such as 10° and 20°), the shear strength of
the discontinuity does not show an obvious increasing trend
with an increase in normal stress. With the increase in
normal stress, the increasing ratio will become large except
the asperity inclination angle being more than 30° and
normal stress being 0.51MPa.

3.2.2. Failure Modes of Discontinuities with Type II. Figure 14
shows the relationship between shear strengths and shear
displacements of discontinuities with type II. According to
Figure 14, the failure modes are failure by shearing through
the asperities under different normal stresses and shear di-
rections. *e difference in the value between peak strength
and residual strength, which is from 1.45MPa through
8.62MPa, is very significant for all the samples. *e curve of
stress and deformation represents an obvious peak value and
the residual strength is very small, and those of parts of the
samples are near to zero. Based on the experimental results, it
can be concluded that the asperity height plays an important
role in the failure of discontinuity compared with type I.
Another change rule that can be found from Figure 14 is
that the peak shear strength will decrease quickly after it
reaches the peak value. When the asperity height is less than
4.0mm, the difference values in shear displacements between
the increasing stage and decreasing stage are smaller than
those of type I. However, when the asperity height is 8mm,
the D-value is remarkably greater than that of discontinuity
with others asperity heights. It indicates the roughness of
discontinuity is very vital to peak shear strength. Based on the
curve of peak shear strength and shear displacement, after
heaves on the surface of discontinuities have been cut, the
shear strengths of discontinuities will decrease obviously.

*e relationship between peak shear strength and shear
direction as well as normal stress under different asperity
heights is drawn in Figure 15. According to Figure 15, as far
as the discontinuities with deterministic shape are con-
cerned, the shape of the curve presents decreasing trend with
an increase in the shear direction. Under the normal stress of

5

6

7

8

9

10

11

Asperity inclination angle (°)

Normal stress

Pe
ak

 sh
ea

r s
tre

ng
th

 (M
Pa

)

10 20 30 40

3.06 MPa
2.04 MPa

1.02 MPa
0.51 MPa

Figure 13: Relationship between peak shear strengths and asperity
inclination angles under different normal stresses.

11

10

9

8

7

6

5
0.5 1.0 1.5

AIA
10º
20º

30º
45º

2.0 2.5 3.0
Normal stress (MPa)

Pe
ak

 sh
ea

r s
tre

ng
th

 (M
Pa

)

3.5

(a)

10

9

8

7

6

5

4

0 10

AIA
10º
20º

30º
45º

20 30 40
Shear direction (°)

Pe
ak

 sh
ea

r s
tre

ng
th

 (M
Pa

)

50

(b)

Figure 12: Relationship between shear directions as well as normal stresses and peak shear strengths. (a) Different normal stresses (SD� 0°);
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2.04MPa, the influence of shear direction on the shear
strength is significant for the same asperity height. Only
when the asperity height is >4mm and the shear direction is
20°∼30°, the peak shear strength shows a sudden decrease.
Under the same shear direction, the influence of asperity
height on peak shear strength is obviously the same. *e
curve presents increasing trend when the asperity height is

2 cm or 8 cm. *e shear strength is significant when the
asperity height is from 6mm to 8mm.*e change extent will
reach the maximum value when the shear direction is 20°.
Especially for the asperity height with 8mm, the peak shear
strength emerges a maximum value. *is phenomenon can
be explained that the asperity height with 8 cm cannot be
damaged easily due to the overheight of the heave on the
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Figure 14: Shear strengths and displacements of discontinuity for type II. (a) AH� 2mm and SD� 0°; (b) AH� 2mm and NS� 2.04MPa;
(c) AH� 4mm and SD� 0°; (d) AH� 4mm and NS� 2.04MPa; (e) AH� 6mm and SD� 0°; (f) AH� 6mm and NS� 2.04MPa; (g)
AH� 8mm and SD� 0°; (h) AH� 8mm and NS� 2.04MPa.
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surface of discontinuity under certain normal stress. Under
the deterministic shear direction and normal stress, the peak
shear strength of discontinuity increases gradually with an
increase in the asperity height. Under the lower normal
stress with its value being from 0.51MPa through 1.02MPa,
the shear strength presents small change. However, when the
value of normal stress is from 2.04MPa through 3.06MPa,
the shear strength will increase obviously.

Figure 16 shows the relationship between peak shear
strengths and asperity heights under different normal stresses.
It can be seen from Figure 16 that the peak shear strength with
the asperity height being 8mm is greater than that of other
asperity heights.*e larger the normal stress is, the greater the
peak shear strength is. *erefore, it can be concluded that the
normal stress plays a dominate role to increase the peak shear
strength because the significant normal stress will cause close
integration of the heaves on the surface of discontinuity which
increases the peak shear strength of discontinuity. However,
under lower normal stress, the change of peak shear strength
is not very remarkable which is can be caused by wearing
action on the surface of discontinuity in the process of the
shear experiment.

3.3. Roughness Type III Model. *e experimental results and
shear strength as well as shear displacement curves are shown
in Figure 17. *e failure modes of quasi-3D discontinuity are
main failure by shearing through the asperities under different
normal stresses and shear directions. *e difference in shear
strength between peak value and residual value, which is from
1.69MPa through 7.44MPa, is very significant.

According to Figure 17, parts of the samples emerge
significant displacements before shear stresses increase with
shear displacement. *at is to say, the small shear strength
presents large displacement. It indicates that the slide along

the discontinuity occurs when the shear load exerts on the
sample. In addition, displacements of some samples are very
small between the failure point and initial point except the
asperity height being 5-2mm.

Figure 18(a) shows the relationship between asperity
heights and peak shear strengths under different normal
stresses. Under lower normal stress being less than 1.0MPa,
peak shear strength changes intensely for different asperity
heights. When the normal stress is higher and asperity
heights are 5-3 cm and 5-4 cm, the changes of peak shear
strength are small. However, when the asperity heights are
5-4 cm and 5-5 cm, the peak shear strength presents sig-
nificant changes, especially for the asperity height being
5-5 cm. For the different asperity heights, the peak shear
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Figure 15: Relationship between shear direction as well as normal stress and peak shear strength. (a) Different normal stresses (SD� 0°);
(b) different asperity heights (NS� 2.04MPa).
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strength increases with an increase in normal stress. *e
main reason is that the heave on the surface of discontinuity
will not be easily damaged and fractured due to significant
normal stress which can integrate closely compared to the
other asperity heights. Figure 18(b) shows the relationship
between shear directions and peak shear strengths under
different asperity heights. *e peak shear strength decreases
with an increase in the angle of shear direction.*e peak shear

strength of discontinuity with asperity heights being 5-4 cm
and 5-5 cm is greater than that of discontinuity with asperity
heights being 5-2 cm and 5-3 cm. For the same shear di-
rection, the peak shear strength of discontinuity increases
with an increase in the asperity inclination angle. *e
differences in peak shear strength have small changes when
the asperity inclination angle is <20° and the asperity
heights are 5-2 cm and 5-3 cm. For all the asperity heights,

0

2

4

6

8

10

0 2 4 6 8 10
Shear displacement (mm)

Sh
ea

r s
tre

ss
 (M

Pa
)

12 14 16 18

Normal stress
0.51 MPa
1.02 MPa

2.04 kPa
3.06 kPa

(a)

0

2

4

6

8

10

Shear displacement (mm)

Sh
ea

r s
tre

ss
 (M

Pa
)

0 1 2 3 4 5 6 7 8

Normal stress
0.51 MPa
1.02 MPa

2.04 kPa
3.06 kPa

(b)

0

2

4

6

8

10

Shear displacement (mm)

Sh
ea

r s
tre

ss
 (M

Pa
)

0 2 4 6 8 10 12 14 16

Shear direction
0º
10º
20º

30º
45º

(c)

0

2

4

6

8

10

Shear displacement (mm)

Sh
ea

r s
tre

ss
 (M

Pa
)

0 1 2 3 4 5 6 7 8

Shear direction
0º
10º
20º

30º
45º

(d)

0

2

4

6

8

10

Shear displacement (mm)

Sh
ea

r s
tre

ss
 (M

Pa
)

0 2 4 6 8 10 12 14 16 18

AH
5-2 mm
5-4 mm

(e)

0

2

4

6

8

10

Shear displacement (mm)

Sh
ea

r s
tre

ss
 (M

Pa
)

0 2 4 6 8 10 12 14 16

AH
5-2 mm
5-4 mm

(f)

0

2

4

6

8

10

Shear displacement (mm)

Sh
ea

r s
tre

ss
 (M

Pa
)

0 2 4 6 8 10 12 14 16

AH
5-2 mm
5-4 mm

(g)

Figure 17: Shear strength and shear displacement of the quasi-3D discontinuity. (a) AH� 5-2mm and SD� 0°; (b) AH� 5-2mm and
NS� 2.04MPa; (c) AH� 5-4mm and SD� 0°; (d) AH� 5-4mm and NS� 2.04MPa; (e) NS� 0.51MPa and SD� 0°; (f) NS� 1.02MPa and
SD� 0°; (g) NS� 2.04MPa and SD� 0°.
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the peak shear strength will decrease when the shear di-
rection is 45°. *e experimental results are in accordance
with that of the theory.

Figure 19 shows the τ-σ curve of the quasi-3D dis-
continuity under different asperity heights. *e change
trends of shear stress and normal stress increase totally.*e
increasing trend of the peak shear strength is high when the
normal stress is <1.02. *ere is small change for asperity
heights being 5-3 cm and 5-4 cm. *e peak shear strength
increases obviously when the asperity heights are 5-2 cm
and 5-5 cm. *e reason why the shear strength increases
quickly for both of them is that significant difference makes
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Figure 18: Relationship between shear directions as well as asperity heights and peak shear strengths. (a) Different asperity heights
(NS� 2.04MPa); (b) different normal stresses (SD� 0°).
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Table 1: Peak shear strengths of natural rough rock joint surfaces
under different normal stresses and shear directions.

Number of
discontinuity

Shear
direction, θ (°)

Normal stress, σ (MPa)
0.51 1.02 2.04

A1

0 2.18 3.19 5.45
10 2.19 4.30 6.27
20 8.60 12.99 16.00
30 8.00 10.64 12.25

A2

0 10.71 12.84 14.30
10 12.04 14.32 15.07
20 10.41 12.31 15.21
30 11.28 13.19 15.62

A3

0 6.28 8.20 10.32
10 14.27 16.74 17.29
20 8.06 12.56 17.30
30 5.81 12.31 16.34

A4

0 12.68 14.89 16.26
10 8.75 13.39 17.28
20 6.02 9.03 14.11
30 9.06 12.02 17.80

A5

0 2.06 4.26 7.50
10 6.12 8.99 12.74
20 3.67 6.81 9.00
30 7.92 10.74 15.32

A6

0 11.38 12.69 15.24
10 10.92 13.2 16.41
20 9.82 11.94 13.79
30 9.64 12.36 17.96

A7

0 7.04 10.85 12.02
10 10.01 14.48 16.68
20 11.75 14.39 16.66
30 9.74 14.03 18.36

A8

0 5.12 7.04 8.73
10 3.21 4.22 6.38
20 3.05 4.15 5.52
30 4.68 5.85 6.38
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discontinuity integrate closely and causes the strength
increase obviously.

3.4. Natural Rough Rock Joint Surface Model. In the exper-
imental process of natural rough rock joint surfaces, eight
original site samples of discontinuity and eight sets of
concrete subsamples, which every set of the subsamples
includes thirty-six samples, are selected to conduct the direct
shear experiment. *e influence factors include shear di-
rection and normal stress. *e shear directions include 0°,
10°, 20°, and 30°, respectively, and the normal stresses include
0.51MPa, 1.02MPa, and 2.04MPa, respectively. *ree
samples are used to conduct the direct shear experiment
under the same shear direction and normal stress. *e every
value in Table 1 is obtained by getting the average value of
the results based on three samples. Table 1 shows peak shear
strengths of natural rough rock joint surfaces under different
shear directions and normal stresses.

3.4.1. 6e Influence of Shear Direction on Peak Shear
Strength of Natural Rough Rock Joint Surfaces. According
to Table 1 and Figure 20, the influence of shear direction on
peak shear strength is very significant, especially for the
samples A1, A3, A4, and A5.When the shear direction is 20°,
the changes of peak shear strength are remarkable. *e
samples A2, A6, and A8 have small changes for the peak
shear strength. For the same sample, under different normal
stresses, the change of peak shear strength is very remarkable
due to anisotropy and nonhomogeneity of discontinuity.
From Figure 20(d), the sample A8 has small differences with
peak shear strength when the shear directions change from
10° to 30°. *e reason is that the surface of discontinuity is
more level than that of other discontinuities, and the an-
isotropy and nonhomogeneity of the discontinuity are not
obvious. At the same time, the anisotropy of discontinuities can
easily be found in Figure 20 because of their different change
laws for different shear directions and the same sample.
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Figure 20: Relationship between peak shear strengths and shear directions for the subsamples of natural rough rock joint surfaces. (a) A1
and A2; (b) A3 and A4; (c) A5 and A6; (d) A7 and A8.
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3.4.2. Analysis on Shear Failure Mechanism of Natural Rough
Rock Joint Surface

(1) Subsamples of Natural Rough Rock Joint Surface.
Figure 21 shows the shear strengths and shear displace-
ments of subsamples for natural rough rock joint surfaces
taking the sample A4 as an example. According to Figure
21, the failure modes of the subsamples for natural rough
rock joint surfaces are main failure by shearing through
the asperities, which is brittle failure, under different
normal stresses and shear directions. To the sample with
failure by shearing through the asperities, the differences
in shear strength between peak value and residual value
are about from 4.0MPa to 14.0MPa. From the experi-
mental results, the failure mode of discontinuity depends
on normal stress to a large extent. *ese capabilities
demonstrate that the anisotropy of discontinuity is
a crucial factor to its shear strength and failure mode. *e
deformation law for the sample A4 is completely different.
*e shear displacement of different shear directions and
normal stresses is very significant before it reaches the
failure state. Another different characteristic is that the
residual strength of the original samples is higher than
that of the subsamples.

(2) Original Samples of Natural Rough Rock Joint Surfaces.
Table 2 shows the failure modes and shear strengths of the
original samples under experimental conditions. According
to Table 2, the failure modes of discontinuity with same
normal stress are similar. *erefore, normal stress plays an
important role for the failure mode of natural rough rock
joint surfaces. Under the influence of anisotropy of dis-
continuity, the failure model might appear failure by sliding
over the asperities when the normal stress is higher for the
original samples. In the process of the experiment for the
original samples, the difference in the value between peak
shear strength and residual strength is 0.49–0.72MPa for
failure by sliding over the asperities and 1.33–3.96MPa for
shear failure. For the peak shear strength, the difference in
shear strength between the original samples and subsamples
is from 1.6% to 17.45%.*e change ratio of residual strength
for the original samples and subsamples is greater than that
of peak shear strength. It can be concluded that the failure
mode of the subsamples is main failure by shearing through
the asperities due to the significant difference between peak
shear strength and residual strength, while the failure mode
for parts of the original samples is failure by sliding over the
asperities. *is is potentially caused by properties of ma-
terials which strength of concrete is less than that of the site.
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Figure 21: Shear strengths and displacements of the subsamples with natural rough rock joint surface model (A4). (a) NS� 0.51MPa;
(b) NS� 1.02MPa; (c) NS� 2.04MPa; (d) SD� 0° and SD� 10°; (e) SD� 20° and SD� 30°.

16 Advances in Civil Engineering



Figure 22 shows the roughness surfaces of samples be-
fore and after the experiment. Figure 23 shows the re-
lationship between shear strengths and displacements of the
original samples for natural rough rock joint surfaces. *e
peak shear strengths of the original samples are far greater
than those of the subsamples. *e failure mode is closely
related to normal stress and surface topography of dis-
continuity. *e peak shear strength of sample A2 is twice
that of sample A3 in the direct shear experiment. It can be
explained that the holding-on state between the upper
discontinuity and the lower discontinuity is rearranged after
the first peak shear strength appears. *e heaves on the
upper surface of discontinuity keep a tight grip on that of the
lower surface of discontinuity which causes the peak shear
strength increasing. Meanwhile, the shear strength of the
other discontinuities will either slightly decrease or be ap-
proximately constant, which makes the failure mode of
discontinuity become failure by sliding over the asperities.

Table 3 shows the area of natural rough rock joint
surfaces before and after the experiment. According to Table
3, the surface area of the discontinuity decreases obviously
due to the direct shear experiment. *e change ratio for the
area of the upper discontinuity is less than that of the lower
discontinuity. It can be concluded that the lower disconti-
nuity can easily wear under the influence of the normal
stress. Not every discontinuity will be decreased for its
surface area after the experiment. Sometimes, it can be
increased, for example, the upper surface of the samples A2
and A3. As seen from the samples after the experiment, the
surface topography of discontinuity becomes more complex.
*e reason that caused this phenomenon is dilatancy effect
appearing between upper discontinuity and lower discon-
tinuity in the process of the experiment. Hard mineral
particles roll in the shear zone which causes more complex
surface topography of discontinuity. *erefore, the change
ratio of area for the discontinuity depends on surface

Figure 22: Roughness surfaces of the samples before and after the experiment.

Table 2: Comparison of failure modes and shear strengths between the original samples and subsamples.

Discontinuity Normal stress,
σ (MPa)

Peak shear strength, τp (MPa) Residual strength, τr (MPa) τp-τr (MPa) Failure mode
A B C A B C A B A B

A1 2.04 (10°) 7.47 6.27 16.1% 6.75 2.17 67.9% 0.72 4.10 Wear Shear
A2 1.02 (10°) 14.56 14.32 1.6% 10.60 3.43 67.6% 3.96 10.89 Shear Shear
A3 0.51 (0°) 9.24 8.20 11.3% 7.91 6.22 21.4% 1.33 1.98 Shear Shear
A4 2.04 (10°) 14.57 13.39 8.1% 12.89 5.58 56.7% 1.68 7.81 Shear Shear
A5 0.51 (10°) 6.38 6.12 4.1% 5.89 3.66 37.9% 0.49 2.46 Wear Shear
A6 0.51 (30°) 9.88 9.64 2.4% 6.35 5.03 20.8% 3.53 4.61 Shear Wear
A7 0.51 (0°) 8.52 7.04 17.4% 4.80 3.95 17.7% 3.72 3.09 Shear Shear
A8 2.04 (0°) 10.41 8.73 16.1% 7.76 2.10 72.9% 2.65 6.63 Shear Shear
Note: A� original sample; B� subsample; C� change ratio.
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topography, strength of heave on the surface of disconti-
nuity, and particle size of minerals on the surface of
discontinuity.

4. Discussions

(1) *e change trend of peak shear strength for
roughness types I and II was similar during model
experiments. However, the amplitude of variation
for roughness type II was bigger than that of
roughness type I. Under different shear directions,
the change trend of peak shear strength for rough-
ness types I and II presented “W” shape and the
amplitude of variation was similar. *e change trend
of peak shear strength had good coherence to ex-
perimental data under different asperity inclination
angles and asperity heights. Compared with
roughness types I and II, the change trend of peak
shear strength for roughness type III increased first
and then decreased with an increase in the normal
stress. *e peak strength increased with an increase
in the asperity height. *e amplitude of variation
grew by accretion as shear direction.

(2) *e experimental results of the natural rough rock
joint surface model showed that the peak shear

strength of natural rock joint presented different
change trends with an increase in the normal stress.
For roughness types I, II, and III, the change law of
shear strength under different shear directions and
normal stresses had obvious variations. In addition,
anisotropy of natural joint surface had stronger
influence on shear strength of discontinuity than
those of aforementioned three types.

(3) Roughness types I, II, and III and natural joint had
similar failure modes. However, due to stress con-
centration at the edge of the samples, the area of
discontinuity after the experiment was bigger than
that before the experiment for natural joint.

5. Conclusions

Rock mass discontinuity plays an important role in the
deformation and failure of rock mass. In this study, aiming
at the influences of discontinuity roughness on the strength
parameters, the model construction and laboratory exper-
iments are conducted based on many factors, such as as-
perity inclination angle and asperity height. *e effects of
discontinuity roughness on the mechanical effect of shearing
strength are researched. At the same time, the relationship
between multidirection shear strength and three-dimensional
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Figure 23: *e curve of shear strengths and displacements of the original samples for the natural rough rock joint surface model.
(a) NS� 2.04; (b) NS� 0.51; (c) NS� 1.02.

Table 3: Areas of natural rough rock joint surface models before and after the experiment.

Discontinuity
Area of the upper discontinuity (mm2) Area of the lower discontinuity (mm2)

Before test After test Change ratio Before test After test Change ratio
A1 2091.36 2022.53 3.29% 2072.69 2018.78 2.60%
A2 2013.01 2013.01 0.00% 2156.83 2015.93 6.53%
A3 2028.24 2034.52 −0.31% 2178.09 2031.96 6.71%
A4 2149.91 1987.12 7.57% 2153.99 1984.53 7.87%
A5 2037.10 2033.22 0.19% 2030.56 2005.09 1.25%
A6 2240.31 2107.97 5.91% 2165.84 2114.88 2.35%
A7 2075.97 2048.28 1.33% 2146.45 2043.26 4.81%
A8 2065.07 2033.19 1.54% 2064.80 2035.32 1.43%
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roughness from different shear directions and normal stresses
are researched by means of the modeling experiment. *e
following conclusions can be drawn for the conducted
researches:

(1) Standard steel mould and quasi-3D steel mould
of discontinuity are designed and manufactured.
*e modeling samples of two types of discontinuity
are constructed by concrete. *e mechanical be-
havior of discontinuity samples with different as-
perity inclination angles and asperity heights are
researched under different shear directions and
normal stresses. According to the surface failure
topography of different types of discontinuity after
the experiment, the shear failure mechanism
combined with the corresponding curve of shear
stress and shear displacement is studied. It can
be found that there are two failure types which
are named “failure by shearing through the as-
perities” and “failure by sliding over the asperities”
in discontinuity under different loads, and obvious
stress concentration, climbing, and cutting effects
appear in the discontinuity in the process of the
direct shear experiment.

(2) *e discontinuity samples are formed from the rock
core in the Lukou airport station of Nanjing City,
China. *eir 3D roughness is identified based on
three-dimensional sensing system (3DSS). *e area
of natural rough rock joint surfaces is calculated by
self-programming software. Finally, the mechanical
behavior of the original samples and subsamples of
true-3D discontinuity under different shear di-
rections and normal stresses are researched, and at
the same time, the failure mechanism of natural
rough rock joint surfaces after the experiment is
analyzed. *e results show that the residual
strength of the original samples is higher than that
of the subsamples. In addition, the failure mode of
the subsample is main failure by shearing through
the asperities due to the significant difference
between peak shear strength and residual strength,
while the failure mode for parts of the original
samples is failure by sliding over the asperities. *e
change ratio of area for the discontinuity after
experiment depends on surface topography,
strength of heave on the surface of discontinuity,
and particle size of minerals on the surface of
discontinuity.
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Triaxial rheological tests are performed onmudstones collected from the soft interlayer in the,ree Gorges Reservoir Area. In the
tests, both dry and saturated conditions are considered, and a complete rheological process is then observed. Based on such
laboratory observations of stress-strain, a four-element rheological constitutive model is developed, which is composed of (i) the
Hook element, (ii) the Kelvin element, (iii) the viscoelastic-plastic body, and (iv) the nonlinear viscous body (HKCVmodel). ,e
HKCVmodel adopts the one-dimensional and three-dimensional equations that are derived.,e rheological parameters required
are identified, allowing the successful development of the HKCV model. A comparison with the laboratory test observations and
the existing model estimates shows that the estimates of the HKCV model are relatively consistent with the observations of the
triaxial rheological test. ,e HKCV model better characterizes the rheological process than the three existing models. However,
the HKCV model has the limitation of requiring more parameters than the existing models.

1. Introduction

Many rocks involve moisture [1]. Moisture has multiple
effects on a rock, such as softening and lubrication [2, 3].
Moisture-dependent rheological deformation is found in
many rock masses [4, 5], where the long-term effect of
moisture aggravates the rheological properties of rocks [6],
causes changes in the physical properties and microstructure
of rocks, and, in turn, results in rock strength reduction or
damage [7, 8]. A significant example of this effect is that of
the rock mass in the ,ree Gorges Reservoir Area [9].
According to incomplete statistics, approximately 69% of the
reservoir area suffered rockslide hazard during the im-
poundment of the ,ree Gorges Reservoir [10, 11], which is
closely related to the rheological effect under water-rock
interaction of the mudstone formation.

Rheological mechanical characteristics have attracted
extensive research. For instance, Lipponen et al. [12] studied

the effect of water on the long-term stability of the tunnel
surrounding the rock. Okubo et al. [13] performed a long-
term creep test on aqueous tuff. A triaxial creep experiment
was conducted on limestone under saturated condition [14].
A creep constitutive model was proposed to describe the
deterioration of the hydraulic properties of sandstone [15].
,e mechanism of creep damage under water-rock in-
teraction of red-bed soft rock was also clarified [11]. Despite
numerous rheological constitutive models for multiple types
of rock [15, 16, 17], a special model for mudstone, con-
sidering moisture content, is still required.

,is paper aims to develop a new rheological constitutive
model of mudstone, which allows the incorporation of the
effect of moisture. First, the laboratory triaxial rheological
tests are conducted on the mudstone specimens collected
from the interlayer in the ,ree Gorges Reservoir Area. Both
dry and saturated conditions are considered. Based on these
test observations of stress-strain, a rheological constitutive
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model, namely, the HKCV model, is then developed. Finally,
the developed model estimates are compared with the lab-
oratory test observations and the existing model estimates.

2. Test Equipment and Method

2.1.TestEquipment. ,e triaxial rheological test equipment is
a rock triaxial rheometer (Figure 1), which consists of (1)
a control system, (2) an oil source, (3) an axial pressure
system, (4) a confining pressure system, (5) a seepage system,
(6) a temperature system, and (7) sensors.,e sensors include
those for measuring (a) deformation, (b) load, (c) pressure,
and (d) temperature. For the axial and lateral deformation, we
used LVDT and ring deformation sensors, respectively.

2.2. Test Method. Mudstone specimens used for the rheo-
logical tests were collected from the soft interlayer in the
Majiagou landslide in the ,ree Gorges Reservoir Area,
China. Standard sizes with diameters of 50mm and lengths
of 100mm were prepared.

Complete saturation is accomplished by means of vac-
uum saturation equipment, using the following procedure:

(i) Dry the rock specimens for 12 hours (h) in a dryer,
and then cool down naturally

(ii) Saturate the specimens in a sealed container, using
distilled water

(iii) Use a vacuum pump to extract air from the con-
tainer in order to create a vacuum

(iv) Maintain the negative air pressure of 0.1MPa for 24 h.

Although the degree of saturation was not measured in
the current work, much previous literature, such as [18, 19],
has experimentally proven that such a saturation method
allows complete saturation.

,e seepage system at the bottom of the triaxial cell
controls the maintenance of the saturated condition of rock
specimens during tests. ,e confining pressure used in the
rheological tests is 3MPa, which is close to the in situ
pressure of the rock. Axial load is applied level by level,
according to the results of the conventional triaxial com-
pression tests (Table 1). If the deformation rate is no more
than 0.001mm/24 h for 72 h, then the rheological de-
formation is recognized to be stable, and the next level of
axial load can be applied.

2.3. Test Results. Strain-time curves for the whole process of
rheological deformation are obtained from the tests, as
shown in Figure 2 (for dry condition) and Figure 3 (for
saturated condition).

,e following findings are drawn from Figures 2 and 3:

(1) Each time the axial load is applied, the instantaneous
elastic strain is produced.

(2) Under low axial load, the axial strain rate begins to
decrease, and after a short time, the strain levels off.

(3) Under high axial load, the axial strain experiences
continuous accumulation, and the strain rate is
greater than zero. Once the strain accumulation ex-
ceeds a critical value, mudstone rapidly enters the
accelerated rheological stage, until rheological failure.

Interestingly, the volumetric strain appeared to increase
at the beginning of the 10MPa pressure application. As is
well known, volumetric strain occurs as a result of two
opposite factors: (a) radial expansion, which contributes to
the increase of volumetric strain, and (b) axial shrink, which
contributes to the decrease of volumetric strain. A possible
reason for such volumetric strain increase is that the con-
tribution of radial expansion exceeds that of axial shrink.

(a)

Switches
of the
control
system

Screen

Computer host

Operating
panel

Triaxial
cell

Axial
pressure
system

Struts

(b)

Figure 1: Triaxial rheological instrument. (a) Photograph. (b) Schematic diagram.

Table 1: Level of axial load.

Condition Density
(g/cm3)

Longitudinal wave
velocity (m/s)

Axial load (MPa)
First stage Second stage ,ird stage Fourth stage Fifth stage Sixth stage

Dry 2.47 2931 10 20 30 35 40 45
Saturated 2.71 2986 10 20 30 35 40 45
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Consequently, the volumetric strain, as an overall measure of
deformation, increased.

Figures 4 and 5 show the axial strain and strain rate over
time, for dry and saturated conditions, respectively. ,ey
are obtained after the application of the last level of axial
load (45MPa). As shown in Figures 4 and 5, before final
failure, the mudstone experiences three typical rheological
stages, namely: (1) a decelerated rheological stage, (2)
a stable rheological stage, and (3) an accelerated rheological
stage. During the decelerated rheological stage, the strain
continuously accumulates, and the accumulation gradually
increases, but the strain increase rate reduces continuously,
that is, ε> 0, _ε> 0, and €ε< 0. During the stable rheological

stage, the strain continuously accumulates over time, but the
strain increase rate is constant, that is, ε> 0, _ε> 0, and €ε � 0.
During the accelerated rheological stage, the strain develops
rapidly, and the strain increase rate shows a trend of increase,
that is, ε> 0, _ε> 0, and €ε> 0. Since tP, microcracks and pores
in the rock specimens propagate, converge, and get con-
nected, leading to final failure at the time point of tF.

Table 2 lists the increment values of total strain (com-
prising instantaneous strain and rheological strain) under
each level of axial load. As shown in this table, under the
same level of axial load, both the values of total axial and
circumferential strains of saturated mudstone are greater
than those of dry mudstone.,e total cumulative axial strain
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Figure 2: Strain of mudstone over time (under dry condition).
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Figure 3: Strain of mudstone over time (under saturated condition).
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of saturated mudstone before failure is 0.143, 168% larger
than that of dry mudstone, which is 0.085. ,e total cu-
mulative circumferential strain of saturated mudstone
before failure is 0.409, 371% larger than that of dry mud-
stone, which is 0.110. ,e total cumulative volumetric
strain of saturated mudstone before failure is 0.675,
503% larger than that of dry mudstone, which is 0.134. An
interpretation for such phenomena is that water seepage
through the microcracks of saturated mudstone softens the
mudstone, thus reducing the mudstone strength and rela-
tively increasing the total strain of the mudstone in each
direction. Comparison with previous literature such as [20]

shows that the different sampling positions or loading
methods would produce different test results.

Figure 6 shows Δε1/Δε2 and Δε1/Δεv against axial load, for
both dry and saturated conditions. As axial load increases, the
increase rates of circumferential and volumetric strains
gradually exceed the increase rate of axial strain, and eventually
the rock deformation shifts to volumetric expansion from
volumetric compression. Under the same level of axial load,
the saturated mudstone undergoes higher circumferential and
volumetric strains than in the dry condition, suggesting that
mudstone under the long-term effect of water is prone to more
significant circumferential and volumetric expansions.
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3. The Developed HKCV Rheological
Constitutive Model

Previous rheological constitutive models for rocks fall into
three major categories: (1) empirical models, (2) rheological
models based on damage mechanism, and (3) element
models. ,e element models describe the elastic, plastic,
viscoelastic, viscoplastic, and other rheological mechanical
characteristics of rock and soil by combining the Hookean
solid (H), Newtonian fluid (N), St. Venant solid (S), and so on.

Generally, elasticity, plasticity, viscoelasticity, and visco-
plasticity coexist in soft rocks such as mudstone [21]. As
revealed in Figures 2 and 3, the mudstone has instantaneous
elastic strain at the beginning of shear stress application,
suggesting that the rheological element model for mudstone
contains an independent elastic element. After instantaneous
deformation, their strain gradually increases and gradually
levels off under low axial load, suggesting that the constitutive
model for mudstone should contain a viscous element which
is combined with the elastic element. Under high axial load,
the strain increases continually, suggesting that the rheo-
logical model for mudstone should contain a plastic element.
During the accelerated rheological stage, the strain accelerates
and shows a nonlinear feature, suggesting that the model
should contain a nonlinear viscous element.

Based on the above analysis, a rheological element
combination model consisting of the Hook element, the
Kelvin element, the viscoelastic-plastic body, and the non-
linear viscous body connected in series (referred to as HKCV
model) is proposed. It is used as the rheological model for
the mudstone to describe the nonlinear viscoelastic-plastic
feature (Figure 7). In this model, a nonlinear Newtonian
fluid is introduced as the element of the nonlinear viscous

body, which is necessary for accurate description of the
accelerated rheological stage.

,e constitutive equation for Newtonian fluid is written as

ε �
σ

η(t)
, (1)

where η(t) is a time function of viscosity coefficient η.
Let η(t) � η3(t− a)2, where η3 is the initial viscosity

coefficient during the accelerated rheological deformation.
a is the characteristic value determined by fitting the rhe-
ological test curve. ,en, η is expressed as

η(t) � η3(t− a)
2

�
η3(t− a)2

t20
, (2)

where t0 is the unit reference time, which is set to 1.
Accordingly, the constitutive equation for the element of

the nonlinear viscous body in the HKCVmodel is rewritten as
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Figure 6: Ratio of strain against axial load.

E1

ε1 ε2

η1 η2 η3

ε3 ε4

εP
σs

E2 E3

Figure 7: HKCVmodel. E1 is the instantaneous elastic modulus. E2
and E3 are the viscoelastic moduli. η1, η2, and η3 are the viscoelastic
coefficients. ε1, ε2, ε3, and ε4 are the strains corresponding to the
rheological bodies. σS is the yield stress of rock. εP is the strain value
at the boundary point between the stable rheological stage and the
accelerated rheological stage.
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ε(t) �

0, if ε< εP
σ

η3(t− a)2/t20
�

σ
η3(t− a)2

, if ε≥ εP.

⎧⎪⎪⎨

⎪⎪⎩
(3)

3.1. One-Dimensional Rheological Equation for HKCV
Model. ,ree cases are involved:

(1) If σ < σs and ε< εP, keeping σ � σ0 � constant, and
carrying out Laplace and inverse Laplace transforms,
then the rheological equation for the HKCVmodel is
obtained as follows:

ε(t) �
σ0
E1

+
σ0
E2

1− e
− E2/η1( )t

 . (4)

(2) If σ0 ≥ σs and ε< εP, then the rheological equation for
the HKCV model is

ε(t) �
σ0
E1

+
σ0
E2

1− e
− E2/η1( )t

  +
σ0 − σS

E3
1− e
− E3/η2( )t

 .

(5)

(2) If σ0 ≥ σs and ε≥ εP, then the rheological equation for
the HKCV model is

ε(t) �
σ0
E1

+
σ0
E2

1− e
− E2/η1( )t

 

+
σ0 − σS

E3
1− e
− E3/η2( )t

  +
σ0(t− a)−2

η3
.

(6)

3.2. =ree-Dimensional Rheological Equation for HKCV
Model. In a three-dimensional stress state, let the spherical
stress tensor in rocks be σm, the deviatoric stress tensor be
Sij, the Kronecker symbol be δij, the spherical strain tensor
be εm, the deviatoric strain tensor be eij, the shear modulus
of rocks be G, and the bulk modulus be K. Assuming that the
bulk modulus keeps constant in the rheological process and
is equal to the bulk modulus K during elastic deformation,
the rheological equation for the HKCV model in a three-
dimensional stress state can be obtained, as formulated
below:

εij �

Sij 0
2G1

+
σmδij

3K
+

Sij 0
2G2

1− e
− G2/η1( )t

 , if Sij 0< σs, εij < εP

Sij 0
2G1

+
Sij 0
2G2

1− e
− G2/η1( )t

  +
σmδij

3K
+

Sij 0− σS
2G3

1− e
− G3/η2( )t

 , if Sij 0≥ σS, εij < εP

Sij 0
2G1

+
Sij 0
2G2

1− e
− G2/η1( )t

  +
σmδij

3K
+

Sij 0− σS
2G3

1− e
− G3/η2( )t

  +
Sij 0

2η3(t− a)2
, if Sij 0≥ σS, εij ≥ εP.

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎩

(7)

4. Comparisonwith theObservation of Test and
the Estimates of Existing Models

In the test, the rheological stress state under triaxial com-
pression is σ2 � σ3 and keeps constant. Each level of load σ1

is also constant after application. Hence, the rheological
equation for the HKCV model in this situation can be re-
written as follows:

ε11 �

σ1 + 2σ3
9K

+
σ1 − σ3
3G1

+
σ1 − σ3
3G2

1− e
− G2/η1( )t

 , if σ1− σ3( < σS

σ1 + 2σ3
9K

+
σ1 − σ3
3G1

+
σ1 − σ3
3G2

1− e
− G2/η1( )t

  +
σ1 − σ3 − σS

3G3
1− e
− G3/η2( )t

 , if σ1 − σ3( ≥ σS, ε< εP

σ1 + 2σ3
9K

+
σ1 − σ3
3G1

+
σ1 − σ3
3G2

1− e
− G2/η1( )t

  +
σ1 − σ3 − σS

3G3
1− e
− G3/η2( )t

  +
σ1 − σ3

3η3(t− a)2
, if σ1 − σ3( ≥ σS, ε≥ εP.

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎩

(8)
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Table 3: Rheological parameters required for the HKCV model.

Condition Axial load (MPa) G1 (GPa) G2 (GPa) G3 (GPa) η1 (GPa·h) η2 (GPa·h) η3 (GPa·h) a
Dry 45 2.36 77.22 30.353 5.42 3.79 285.27 2.43
Saturated 45 1.70 13.12 444.04 2.64 2.01 91.13 40.8
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Figure 9: Comparison between test value and model values (under saturated condition, σ1 � 35MPa).
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,e triaxial rheological test curves of the mudstone
under dry and saturated conditions were processed with the
Boltzmann superposition principle. ,e results of parameter
identification are shown in Table 3.

Take the axial strain-time curves of dry and saturated
mudstone after the application of the last level of axial load as
an example. ,e HKCV model was compared with the H-K
three-componentmodel [22, 23], the Burgers model [24, 25],
the seven-element model [5, 26], and the test observation
(Figures 8 and 9). Comparison between the HKCV model
estimate and the test observation shows that theHKCVmodel
estimate is relatively consistent with the triaxial rheological
test observation, demonstrating that the proposed HKCV
model allows accurate description for the rheological process
of the mudstone. Comparison between the HKCV model
estimate and the three existing models shows that the HKCV
model fits the test observation better than the three existing
models, revealing more accurate description. However, it
should be noted that the HKCV model has the limitation of
requiring more parameters than the three existing models.

5. Conclusion

,e developed HKCV model of mudstone closely matches
the laboratory triaxial rheological test observations. ,e
HKCV model better characterizes the rheological process of
mudstone than the three existing models, namely, the three-
parameter model, the Burgers model, and the seven-element
model. However, the HKCV model has the limitation of
requiring more parameters than the existing models.
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In order to obtain the seismic internal force response laws of a shallow-bias tunnel with a small clear distance, the reliability of the
numerical simulation is verified by the shaking table model test. 0e parameter sensitivity of the tunnel is studied by using
MIDAS-NX finite element software. 0e effects of seismic wave peak (0.1 g, 0.2 g, 0.3 g, 0.4 g, 0.5 g, and 0.6 g), existing slope angle
(30°, 45°, 60°, and 90°), clear distance (1.0D, 1.5D, 2.0D, and 3.0D), and excitation mode (X direction, Z direction, XY direction,
and XYZ direction) on the internal force response law of the tunnel are studied, respectively. 0e results show that (1) the shear
force gradually increases with the increasing of seismic peak. 0e amplification is different with different measuring points. (2)
Under different existing slope-angle conditions, the variation trend of shear force of the tunnel is similar, but the shear force is
different.0e existing slope has significant effect on the shear force response of the tunnel, and the degree is different with different
slope angles. (3) Under the conditions of 1.5D and 2.0D, the shear force response of the tunnel is stronger, but the response of
other conditions is relatively weak. 0e tunnel with 1.5D to 2.0D clear distance should be avoided. Different excitation modes
have a significant effect on the shear force response of the tunnel. (4) Under the same excitation mode, the different excitation
directions also have a significant effect on the shear force response. (5) 0e shear force response of the tunnel crosssection shows
nonlinear variation trend. 0e shear force response is strongest at the arch shoulder and arch foot of the tunnel. 0e research
results provide a useful reference for the design of antishock and vibration resistance of the tunnel.

1. Introduction

Tunnels have been important components of the trans-
portation in mountain areas, which is beneficial to optimize
the direction of the line and save construction cost. Pre-
viously, many scholars believed that the earthquake-resistant
behavior of tunnels were stronger than that of aboveground
buildings. After the earthquake observation, however, it is
found that under the action of strong ground motion, tunnels
may be subjected to extensive deformation or even collapse
[1–4].0e surrounding rock has various pattern fractures, and
a series of morphological changes occur in an earthquake
[5–8]. Moreover, the dynamic response of tunnel structure is
highly distinct from that of superstructure [9–11].

0e dynamic response of underground structures (e.g.,
tunnels, culverts, underground stations, and underground
reservoir structure) against earthquake has been a subject

of intense study by the study methods of experiment
[12–26] and numerical simulation [27–35] during recent
years. From the above scholars’ results, the study on
seismic response of underground has achieved rich results.
0e research, however, mainly focuses on the dynamic
response of the tunnel conventional type and underground
structures.

0e study, currently, on seismic force response of the
new type tunnel (shallow-bias tunnel with a small distance)
has a few been studied by scholars. 0e seismic force re-
sponse of the new type tunnel is significantly different from
that of the tunnel conventional type.0e numerical methods
(e.g., FEM, FDM, and BEM), as the most popular approaches,
have been used to study the dynamic response of tunnels. A
few experimental studies have been reported the acceleration
response of the tunnel. Based on the comparison between
the shaking table test and the numerical method, the results
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obtained by the numerical method were credible and rea-
sonable.0is study aims to perform a systematic experimental
work followed bymeans of an extended numerical parametric
study to elaborate some dimensions of the problem. 0e
effects of various parameters, including seismic wave peak
(0.1 g, 0.2 g, 0.3 g, 0.4 g, 0.5 g, and 0.6 g), seismic wave exci-
tation mode (X direction, Z direction, XZ direction, and XYZ
direction), clear distance (1.0D, 1.5D, 2.0D, and 3.0D), and
existing slope angle (30°, 45°, 60°, and 90°) on the seismic force
response, were investigated in the present study.

2. Numerical Simulation

2.1. Eigenvalue Analysis. In order to calculate the mode
shape and the natural period of undamped free vibration in
MIDAS-NX, the characteristic equation is as follows:

KΦn � ω2
nMΦn, (1)

where K is the stiffness matrix of the structure,M is the mass
matrix of the structure, ω2

n is the eigenvalue of the n mode,
and Φn is the mode vector of the n mode.

Eigenvalue analysis, also known as free vibration anal-
ysis, is used to analyze the inherent dynamic characteristics
of structures. By eigenvalue analysis, the main dynamic
characteristics, such as mode shape, natural vibration pe-
riod, and vibration mode participation coefficient, are de-
termined by the structure quality and stiffness.

In the calculation, the load and damping in the equation
of motion of the SDOF system are assumed to be 0. 0en the
equation degenerates into free vibration equation, which is
as follows:

m€u + c _u + ku � p(t),

m€u + ku � 0,
(2)

where u is the displacement induced by vibration. If u �

A cosωt (A is related to the initial displacement constant),
(2) can be changed into the following formula:

−mω2
+ k A cosωt. (3)

0e conditions of (2) are that the item in parentheses is 0.
So the eigenvalues are as follows:

ω2
�

k

m
,

ω �

��

k

m



,

f �
ω
2π

,

T �
1
f

,

(4)

whereω2 is the eigenvalue,ω is the proper circular frequencies,T
is the natural period, and f is the natural frequency.

0e vibration mode participation coefficient is calculated
by the ratio of response between the mode shape and all in-
volved vibration modes. 0e calculation formula is as follows:

τm �
∑Miφim

∑Miφ2
im

, (5)

where M is the order of the mode shapes, τm is the mode
participation coefficient, Mi is the quality of i nodes, and φim

is the m order vibration vector of i node position.
In order to ensure that the earthquake mainly contains

enough vibration, modal effective massM is greater than the
sum of all the effective mass of 90% general provisions in the
seismic design code.

Mm �
∑φimMi 

∑φ2
imMi

, (6)

where Mm is the effective mass of various modes.

2.2. Computation Damping. 0e Rayleigh damping type is
used in the numerical simulation. In order to reduce the
uncertainty of stiffness damping in the high modes, the sum
of both mass proportional damping and stiffness damping is
used as the damping matrix.

0e proportional damping matrix C adopts the formula
proposed by Caughey:

C � M ∑
N−1

j�0
aj M

−1
K 

j⎧⎨

⎩

⎫⎬

⎭, (7)

where j and N are the nodal degrees of freedom. M−1K can be
calculated by the free vibration formula of the undamped system:

M y  + K y  � 0, (8)

y  � u{ }e
iax

. (9)

Substituting formula (9) in (8), the following formula
can be obtained:

−ω2
M + K  u{ } � 0{ }. (10)

In M−1K � ω2, ω2 is equivalent to the number of modes,
and it is expressed by ω2

s .
Substituting M−1K in formula (7) and multiplying (7) by

us 
T andus onboth sides, the following formula canbeobtained:

us 
T
C us  � Cs � ∑

N−1

j�0
ajω

2j
s us 

T
M us  � ∑

N−1

j�0
ajω

2j
s Ms.

(11)

0e damping constant hs of the s order vibration mode is
expressed by the following formulas (12) and (13):

Cs � 2hsωsMs, (12)

hs �
Cs

2ωsMs

�
1
2ωs

∑ajω
2j
s

�
1
2

a0

ωs

+ a1ωs + a2ω
3
s + · · · + aN−1ω

2N−3
 ,

s � 1−N.

(13)

0edamping constant of themass ratio and stiffness type
is shown in the following formulas (14) and (15), respectively.
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0e Rayleigh damping matrix is shown in the following
formula (16).

Mass proportion type:

hs �
a0

2ωs

,

C � a0M.

(14)

Stiffness proportional type:

hs �
a1ωs

2
,

C � a0M.

(15)

Rayleigh type:

hs �
a1ωs

2
,

C � a0M.

(16)

2.3. Time History Analysis. 0e structural dynamic time
history analysis refers to the process of calculating the
structural response (displacement, velocity, internal force,
etc.) at any moment, when the structure is subjected to
dynamic loads. 0e dynamic equilibrium equation is used in
the dynamic time history analysis of MIDAS-NX, which is as
follows:

[M] €u(t) +[C] _u(t) +[K]u(t) � p(t), (17)

where [M] is the mass matrix, [C] is the damping matrix,
[K] is the stiffness matrix, p(t) is the dynamic loading, €u(t)

is the relative acceleration, _u(t) is the relative velocity, and
u(t) is the relative displacement.

0e modal superposition method for structural dynamic
analysis is used to carry out dynamic time history analysis in
MIDAS-NX. 0e mode superposition method means that
the displacement of the structure is solved by a linear
combination of orthogonal displacement vectors. 0is
method is better for linear dynamic analysis of large
structures. 0e premise of using this method is that the
damping matrix can be represented by a linear combination
of the mass matrix and the stiffness matrix.

0e mode superposition method is one of the most
widely used methods of structural analysis program. But
in nonlinear dynamic analysis, this method has some
limitations. In order to make up for this shortcoming, the
nonlinear characteristics of stiffness and damping can be
taken into account in MIDAS-NX. In nonlinear dynamic
time history analysis, the direct integration method is
adopted. 0e direct integral method is a method of time
as the integral parameter solution of the dynamic equi-
librium equation. Analysis of dynamic time history using
the Newmark method with better convergence
in MIDAS-NX is performed. 0e basic integral method is
as follows:

_ut+Δt � _ut + (1− δ)€ut + δt+Δt
€u Δt, (18)

ut+Δt � ut + _utΔt +
1
2
− α €ut + α€ut+Δt Δt2, (19)

€ut+Δt can be obtained from (19). It is substituted in formula
(18), and _ut+Δt is calculated to obtain the relationship be-
tween displacement, velocity, and acceleration of the current
stage and that of the last stage as follows:

€ut+Δt � f ut+Δt, ut, _ut, €ut( ,

_ut+Δt � f ut+Δt, ut, _ut, €ut( ,
(20)

[M]€ut+Δt[C] _ut+Δt +[K]ut+Δt � p
t+Δt

. (21)

Substituting formula (20) in formula (21), the present
displacement can be obtained. 0e present velocity and ac-
celeration can be obtained by present and last displacements:

[K] + a0[M] + a1[C] ut+Δt

� pt+Δt +[M] a0ut + a2 _ut + a3€ut( 

+[C] a1ut + a4 _ut + a5€ut( ,

(22)

[ K]ut+Δt � pt+Δt, (23)

[ K] � [K] + a0[M] + a1[C],

pt+Δt � pt+Δt +[M] a0ut + a2 _ut + a3€ut( 

+[C] a1ut + a4 _ut + a5€ut( 

€ut+Δt � a0 ut+Δt − ut( − a2 _ut − a3€ut,

€ut+Δt � _ut + a6€ut + a7€ut+Δt,

(24)

where a0 � 1/αΔt2, a1 � δ/αΔt, a2 � 1/αΔt, a3 � 1/2α− 1,

a4 � δ/α− 1, a5 � Δt/2(δ/α− 2), a6 �Δt(1− δ), a7 �δΔt, and
α and β are the integral parameters of Newmark (α � 0.5,

β � 0.25). Δt is the integral time interval.
Midas-NX analysis software based on finite element

theory can transform differential equations into linear al-
gebraic equations to solve problems. It is applicable to
anisotropic, nonlinear, and heterogeneous materials and has
an effective applicability for complex boundary conditions.
It can better reveal the dynamic response law of tunnel under
earthquake loading. In this paper, Midas-NX finite element
software is used to analyze the nonlinear dynamic response
of the tunnel. In order to reduce the boundary effect in
numerical simulation, the model size is more than 5 times
the diameter of the tunnel. 0erefore, the length, width, and
height of the numerical model are 60m, 40m, and 55m,
respectively.

Lysmer and Kuhlemeyer [36] showed that for accurate
representation of wave transmission through a model, the
element size Δl must be smaller than approximately 1/10 to
1/8 of the wavelength associated with the highest frequency
component of the input wave:

Δl ≤
λ
10

to
λ
8
, (25)

where λ is the wavelength of the propagated wave in themodel.
According to the calculation results, the total number of

nodes and units in the numerical calculationmodel are 9,548
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and 42,539, respectively. In the numerical simulation, the
surrounding rock and the lining are simulated by a solid
element, and the elastic-plastic constitutive model and
Mohr-Coulomb yield criterion are used. In the computa-
tional model, the free field boundary and Rayleigh damping
are used, and the critical damping ratio of 5% is considered.
0e specific calculation model is shown in Figure 1.

0e Darui artificial wave is used as the loading wave. 0e
time history curve of acceleration of the Darui artificial wave
and its Fourier spectrum are shown in Figure 2. Five mea-
suring points are respectively located at the arch foot, arch
shoulder, and vault of each lining inside the double hole. LF
and RF refer to the left arch foot and right arch foot, re-
spectively. LS and RS refer to the left arch shoulder and right
arch shoulder, respectively. VA refers to vault. 0e number of
measuring points is 1∼5 and 6∼10 in the left hole and right
hole, respectively.0e detailed measuring points are shown in
Figure 3. 0e physical and mechanical parameters of the
surrounding rock and lining model are given in Table 1.

3. Analysis of Calculation Results

3.1. Verification of Shaking Table Test. In order to verify the
reliability of numerical simulation, a series of large-scale
shaking table physical model tests have been carried out at
the National Engineering Laboratory of the high-speed
railway construction technology in Central South University
(Figure 4). In the model test, the static and dynamic pa-
rameters of the model and prototype must satisfy the
similarity relation. 0e factors such as the size of the shaking
table, the relevant parameters of the test instrument, the
carrying capacity, and the model boundary effect are
comprehensively considered. Finally, the geometric simi-
larity ratio of the model is 1 :10; the acceleration similarity
ratio is 1 :1; and the density similarity ratio is 1 :1. Other
main similarity constants can be deduced from similarity
theory and dimensional analysis.

0e rigid model box was used in the shaking table test,
which was made of a steel plate, section steel, and plexiglass
material (Figure 4). In order to eliminate the boundary effect
of the model box, the middle sand and crushed stone were
used as the friction boundary at the bottom of the model
box. 0e polystyrene foam was pasted on the inner wall of
the model box. A layer of PVC film was pasted on the
polystyrene foam board at the left and right sides of the
model box. 0e boundary of the model was dealt within
literature [37, 38].

0e lining model was made of microconcrete which was
similar to the physical properties of concrete. Steel bar is
simulated with a galvanized iron wire. According to the
similarity constant, the lining thickness is determined to be
4 cm. After several times of proportioning test, the optimum
lining model material ratio is 1 : 6.9 : 1.3 (cement : sand :
water). 0e compressive strength of lining is converted to
5MPa in accordance with the stress similitude ratio. 0e
surrounding rock of the tunnel is divided into three layers.
0e first layer is weakly weathered rock; second layer is weak
rock; and third layer is hard rock. 0e mixed proportion
of similar materials from top to bottom is 1 : 6.30 : 1.17

(cement : sand :water) of M7.5 mortar, 1 : 7.25 :1.35 (cement :
sand : water) of M5 mortar, and 1: 5.58 :1.04 (cement : sand :
water) of M10 mortar, respectively. 0e buried depth of the
tunnel is 0.9m; the clear width of the tunnel is 0.7m; and
thickness of the middle partition wall is 0.4m.

0e acceleration sensor was used to record the response
of the measuring point in the shaking table test. 0e type,
range, and sensitivity were 1221L-002, 1221L-002, ±20m·s−2,
and 2000mv/g, respectively. 0e location and number of
measuring points in shaking table test is the same as that in
numerical simulation. One measuring point was used as the
reference point, which was located at the shaking table, and
the number is 11.

0e reliability of numerical simulation is verified by the
acceleration response of the tunnel. 0e 0.4 g Darui artificial
wave (DR-XZ) curves of the shaking table test and numerical
simulation are shown in Figure 5. In the 0.4 g condition, the
acceleration response peak of each measuring point in
horizontal and vertical directions is shown in Table 2.

As shown in Figure 4, the time history curves of the
shaking table test and numerical simulation are similar,
indicating that the numerical simulation is in good agreement
with the shaking table test. As shown in Table 2, the accel-
eration response peak value obtained by vertical simulation
calculation is basically consistent with the peak value obtained
by the shaking table test. 0e error is within the reasonable
range. 0e results show that the shaking table test results are
reasonable and the numerical simulation results are reliable.

3.2. Analysis of Tunnel Shear Force with Different Slope
Angles. In this paper, shear force is taken as an index to
investigate the difference of dynamic response of the tunnel
under different existing slope-angle conditions (30°, 45°, 60°,
and 90°). Numerical calculation results show the variation
trends of shear force, which are shown in Figure 6.

As shown in Figure 6(a), the shear force at the arch foot
and vault of the tunnel is smaller, while the shear force at the
arch shoulder is larger. 0e overall variation trend of each
hole presents an “M” shape. At the same measuring point,

Le� hole
Right hole

Z
Y

X

Existing slope

Figure 1: Numerical calculation model.
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the shear force varies greatly with different loading peaks.
0e shear force increases with the increase of the seismic
wave peak. Under the seismic wave peak of 0.1 g, the
maximum of shear force at arch shoulder is 30 kN. Under the
seismic wave peak of 0.6 g, the maximum of shear force at
spandrel is 210 kN, which increases by 6 times. 0erefore
seismic wave peak has a significant influence on the shear
force of the tunnel crosssection. 0e shear forces at both left
arch shoulder and right arch shoulder are the same in the left
hole, and the result is 180 kN.0e arch shoulders of the right
hole have different shear force. 0e result of the left arch
shoulder is 140 kN, but the result of the right arch shoulder is
210 kN. And the difference is 70 kN. 0e reason is that the
upper rock layer of the left hole is thick and has good stability,
and it is far away from the existing slope and is less affected
by the existing slope. 0e right hole is close to the existing

slope, and the slope has a great influence on the seismic
force response of the right tunnel under the earthquake
dynamic action. 0e right arch shoulder of the right hole
is close to the existing slope, and the upper rock layer has
poor stability.

By comparing Figures 6(a)–6(d), it can be seen that the
variation trend of shear force of the tunnel crosssection is
similar under different existing slope-angle conditions, but
the shear strength is different. It can be seen that the existing
slope angle never changes the seismic force response char-
acteristics of the tunnel but only affects the response intensity
of the seismic force. With the increase of the existing slope
angle, the difference of shear force between the two arches
gradually increases in the left hole. 0e difference of shear
force between the two arches gradually decreases in the right
hole. When the existing slope angle is 90°, the shear strength
of the left hole is the same as that of the right hole. 0e
variation trend presents symmetrical distribution. It can be
seen that the existing slope has significant influence on the
seismic force response of the tunnel.0e degree of influence is
different under different existing slope angles. In actual en-
gineering practice, the influence of the existing slope angle on
the dynamic stability of the tunnel should be fully considered.

3.3. Analysis of Tunnel Shear Force with Different Clear
Distances. In this paper, shear force is taken as an index to
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Figure 2: (a) 0e time history curve of acceleration of the Darui artificial wave and (b) its Fourier spectrum.

Table 1: Physical and mechanical parameters of the surrounding
rock and lining model.

Materials E
(MPa) μ Φ

(°)
C

(kPa)
c

(kN·m−3)
Weakly weathered
rock 600 0.25 39 70 23

Weak rock 130 0.3 27 20 20
Hard rock 1890 0.3 50 150 25
Lining 3450 0.167 — — 24
E, elastic modulus; μ, Poisson ratio; Φ, internal friction angle; C, cohesion;
c, bulk density.

Figure 4: Shaking table test.
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Figure 3: Measuring points.
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investigate the difference of seismic force response of the
tunnel under different clear distance conditions (1.0D, 1.5D,
2.0D, and 2.5D, where D is the tunnel diameter). 0e shear
force is calculated, and variation trends of shear force are
shown in Figure 7.

By Figure 7(a), it can be seen that the shear force of the left
hole firstly increases, then decreases, and finally increases.0e
variation trend of shear force of the right hole is complex.
0ere are differences in the variation trend between left and
right holes. 0e main reason is the influence of the existing
slope on the right tunnel. 0e shear force at the arch shoulder
and arch foot is larger. 0e maximum is 330 kN in 0.6 g
condition. At the vault, the shear force is small. 0e seismic
force response of the left hole is larger than that of the right
hole. 0e reason is that the overburden thickness of the left
hole is larger than that of the right hole. 0e inertia force of
the left hole is larger under the action of seismic wave.
Under the condition of 1.5 D and 2.0 D, the maximum at

the right arch foot of the left hole is 920 kN. Under the 3.0 D
condition, the maximum at the right arch foot of the left
hole is 750 kN.

By comparing the four conditions’ (1.0D, 1.5D, 2.0D and
3.0D, where D is the tunnel diameter) variation trend of shear
force response and response values, it is found that under 1.5D
and 2.0D conditions the seismic force response of the tunnel
crosssection is strong, while the 1.0D and 3.0D response is
relatively weak. 0is conclusion can provide reference for
practical engineering examples of small clear distance tunnels
and avoid constructing tunnels with 1.5D to 2.0D spacing as
far as possible.0emagnitude of the shear force response of the
tunnel crosssection is affected by the seismic wave peak. 0e
seismic force response increases with the increase of the seismic
wave peak. A linear variation is presented.

3.4. Analysis of Tunnel Shear Force with Different Loading
Modes. Under different loading modes, the shear force is
taken as an index to investigate the difference of seismic
force response of the tunnel (X direction, Z direction, XZ
direction, and XYZ direction). X is the horizontal direction,
Y is the tunnel axis direction, and Z is the vertical direction.
0e shear force is calculated, and variation trends of shear
force are shown in Figure 8.

As shown in Figure 8(a), the shear force of the tunnel
crosssection shows an “M” shape trend under the action of
one-way loading wave (X direction). Under the same loading
peak, the shear force reaches the maximum at the arch
shoulder, and the maximum is 218 kN. 0e minimum is in
the arch foot and vault. Because of the influence of the
existing slope on the shear force response of the tunnel, the
variation trends of the shear force in the left and right
tunnels never show a symmetrical trend.

As shown in Figure 8(b), the shear force of the tunnel
crosssection shows a “V” shape trend under the action of
one-way loading wave (Z direction). Under the same loading
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Figure 5: Time history curves of numerical simulation and shaking table test. (a) Horizontal direction. (b) Vertical direction.

Table 2: Comparison of acceleration response peak value (unit:
m·s−2).

Measuring
points

X Z
Shaking
table test

Numerical
simulation

Shaking
table test

Numerical
simulation

1 3.12 3.21 5.05 5.03
2 1.56 1.62 2.49 2.32
3 3.66 3.60 4.68 4.60
4 4.19 4.17 1.83 1.93
5 4.06 4.19 4.17 4.18
6 1.79 1.90 5.08 5.07
7 3.84 3.89 4.71 4.81.
8 1.56 1.72 5.22 5.13
9 4.16 4.01 4.88 4.81
10 6.75 6.60 4.99 4.98
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peak, the shear force reaches the maximum at the arch foot,
and the maximum is 280 kN. 0e minimum is in the vault.
Because of the influence of the existing slope on the shear
force response of the tunnel, the variation trends of the shear
force of the left and the right holes never show a symmetrical
trend, and the response of the left hole is more intense. 0e
main reason is that in the vertical direction of loading wave
(Z direction), the overlying strata of the left hole are thicker;
the action force of the left hole is greater; and the “rise effect”
has a significant impact on the shear force response of the
left hole. By comparing Figures 6(a) and 6(b), it can be seen

that the loading direction of the single direction loading
method is different, and the magnitude and variation trend
of tunnel shear force are different. It shows that the loading
direction of seismic wave has a significant influence on the
seismic force response of the tunnel.

From Figure 8(c), it can be seen that under the action of
bidirectional wave loading (XZ), the variation trend of shear
force is more complex. 0e left hole shows the trend of first
increasing, then decreasing, and final increasing, and the
maximum is located at the arch shoulder and arch foot. 0e
shear force of the right tunnel is larger at the arch shoulder
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Figure 6: Shear force of tunnel crosssection of different existing slope angles. (a) 30°, (b) 45°, (c) 60°, and (d) 90°d.
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and arch foot. 0e left half arch shear force is larger than the
right half arch in the right hole. 0e reason may be that
the response of the vertical direction is stronger than that of
the horizontal direction under the action of the bidirectional
wave. In the vertical direction, the response of the right arch
is weaker than that of the left half arch, and it is affected by
the dynamic response of the middle rock column due to the
close distance between the left arch and the middle rock
column.

As shown in Figure 8(d), the variation trend of shear
force is complex under the action of bidirectional wave

loading (XYZ). 0e shear force at the arch foot and the arch
shoulder is larger, and the vault is smaller. 0e maximum is
located at the right arch foot of the left hole. Under 0.6 g
loading peak, the maximum is 700 kN.0e variation tends at
both the left hole and the right hole are similar, but the
numerical value of shear force is different.0e reasonmay be
that the seismic wave acts as the main factor under the action
of the three directions of seismic waves, while the influence
of the existing slope weakens.

By comparing Figures 7(a)–7(d), it can be seen that the
seismic wave peak has an effect on the shear force of the
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Figure 7: Shear force of the tunnel crosssection of different clear distances. (a) 1.0D, (b) 1.5D, (c) 2.0D, and (d) 3.0D.
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tunnel crosssection. With the increase of the excitation peak
value, the shear force increases gradually. 0e transverse
shear force of the small clear distance tunnel shows non-
linear variation trend. Different loading modes have a sig-
nificant influence on the shear force response. Under the
same loading mode, the different loading directions also
have a significant influence on the shear force response.
0e maximum shear force occurs at the arch shoulder and
arch foot of the tunnel. 0erefore, the seismic fortification

measures should be strengthened at the arch shoulder and
arch foot of the tunnel.

4. Conclusions

0e reliability of the numerical simulation is verified by the
shaking table model test. 0e parametric study of a shallow-
bias tunnel with a clear distance is carried out by using
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Figure 8: Shear force of the tunnel crosssection with different loading modes. (a) X direction; (b) Z direction; (c) XZ direction; (d) XYZ
direction.
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MIDAS-NX finite element software. 0e tunnel shear re-
sponses under different seismic wave peaks (0.1 g, 0.2 g, 0.3 g,
0.4 g, 0.5 g, and 0.6 g), different loading modes (X direction,
Z direction, XZ direction and XYZ direction), different
existing slope angles (30, 45, 60 and 90°), and different clear
distances (1.0D, 1.5D, 2.0D and 2.5D) are studied. 0e
following conclusions are obtained:

(1) 0e shear force gradually increases with the increasing
of seismic peak. 0e amplification is different with
different measuring points. Moreover, the variation
trend is invariable, although the conditions (such as
different loading modes, different existing slope an-
gles, and different clear distances) are different.

(2) Under different existing slope-angle conditions, the
variation trend of shear force of tunnel crosssection is
similar, but the shear strength is different.0e existing
slope angle never changes the seismic force response
characteristics of the tunnel, but only affects the
seismic force response. With the increase of the
existing slope angle, the difference of shear strength
of the arch is becoming larger in the left hole. However,
the difference in the right hole decreases gradually.0e
existing slope has a significant influence on the seismic
force response of the tunnel, and the influence degree is
different under different existing slope angles. In actual
engineering practice, the influence of the existing slope
angle on the dynamic stability of the tunnel should be
fully considered.

(3) Under different clear distance conditions, the shear
force at the arch shoulder and arch foot are larger,
while the shear force at the vault is smaller. Under 1.5D
and 2.0D conditions, the shear force response of the
tunnel crosssection is stronger. 0e shear force re-
sponse of 1.0D and 3.0D is relatively weak. In practical
engineering examples, the tunnels with 1.5D to 2.0D
clear distance should be avoided as far as possible.

(4) Under different loading modes, the shear force re-
sponse of tunnel is different. Under the same loading
mode, the shear force response in different loading
directions is different. 0e loading mode of the
seismic wave has a significant influence on the shear
force of the tunnel crosssection.

(5) 0e shear force response of the tunnel crosssection
shows nonlinear variation trend. 0e shear force re-
sponse is strongest at the arch shoulder and arch foot of
the tunnel. 0erefore, it is necessary to strengthen the
seismic fortification measures at the key point.
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*e performance of asphalt pavement is determined by the combination of its material properties, road structure, and loading
configurations. A DEM numerical simulation study was conducted to determine stress distribution and deformation behavior of
asphalt pavement with graded aggregate base under standard traffic loading. Stress contour and displacement contour were
presented via a self-made program. Compressive stress concentrated area located in both sides of wheel, while tensile stress
concentrated area appeared in lower part of the asphalt layer. *e traffic loading transferred downward by graded aggregate base
and to both sides at the same time, and has a trend to expand gradually with increasing depth within graded aggregate base.
*erefore, stress was well distributed in the subgrade soil layer with a great action scope, and the value decreased obviously
because of the stress dispersion of graded aggregate base. Vertical displacement was the main displacement of the asphalt layer,
and on the both sides of traffic loading, displacement was downward and inclined slightly to the central of loading. Vertical and
horizontal deformations included in both graded aggregate base layers, and displacement extended to both sides gradually with
increasing depth corresponding to stress-distribution trends. Vertical displacement was dominated in the subgrade soil layer
which was relatively small.

1. Introduction

In the built and rebuilt highways, approximately 90% of
pavements in China are asphalt-surfaced pavements, and
much of their subgrade was semirigid base. However, as the
subgrade is used extensively, there are some problems that
appear progressively, and subjected to repeated traffic loading,
premature failures, and lower maintenance over the life cycle
of the pavements [1–4]. *e common distress modes in pave-
ments are likely fatigue cracking and rutting which decrease the
service life of pavement. *is is a phenomenon that pavement
design and maintenance engineers stripping off asphalt in
flexible pavement have had to contend with for years [5–8].
Fatigue cracking and rutting were triggered by leading
infiltration of rainwater into subgrade base, which has been
found responsible for premature failures [8, 9].

A series of investigation on mechanical properties of
graded aggregate base material (referring to assembly of

granular materials for construction of highway base layers)
was performed alone [10–15] to meet the engineering needs,
both under motonic and cyclic loading conditions. However,
the behavior of pavements is complex and depends on many
factors such as the axle/wheel loading configurations, the
materials used, the thickness of the layers, and the envi-
ronmental conditions [16]. Mechanistic-empirical design
methods use greatly simplifiedmodels [17] and is nowmoving
to more mechanistic-based approaches [10, 18]. Stress level
within each layer of a pavement structure is determined by
magnitude of the load, individual and combined layer thick-
ness, and layer material properties [16, 19]. And long-term
stability of pavements can only be achieved with a properly
designed and constructed system that consists of all pavement
structural components and sufficient understanding of their
interaction [6, 20]. *erefore, it is imperative to investigate
pavement stability by considering its structure. *is paper
presents a discrete element method (DEM) [21–23] numerical
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simulation study to determine stress distribution and de-
formation behavior of asphalt pavement with graded ag-
gregate base under standard traffic loading. And stress and
displacement contours were presented to describe them vi-
sually via a self-made program, which offers trends of stress
and displacement quantitatively. Subsequently, comparison
of deformation performance and stress distribution was made
to verify the interaction of layers, especially graded aggregate
base. *e method and conclusion provide a useful tool and
guidance to pavement structure design for engineering.

2. Modelling Procedure

Over the years, DEM is broadly applied to simulate the
mechanical performance of unboned granular materials
[24–27]. And particle flow code (PFC) has been successfully
employed to study the mechanical behavior of granular
materials, especially for railway ballast [28–30]. *e nu-
merical software PFC2D is used to study the graded ag-
gregate, comprising particles, and influence on pavement
deformation. However, it must be noted that calculation
efficiency significantly decreases with increase of particles,
and this is also the disadvantage for almost all particle flow
models. Furthermore, DEM concerns about micro-
mechanics behavior with a small scope of study object.
*erefore, a simplified model is employed to obtain reliable
results and efficient calculation both, as follows.

2.1. Simplification. Because of the aforementioned reasons,
the object must be carefully planned and conducted to be
successful. Firstly, good particle control is necessary to
provide efficient calculation. Generally, a highway has
a width up to tens of meters, but owing to symmetry of it, the
scope of simulation can be reduced in half. Meanwhile, soil
of the subgrade layer is not the focus of the current research,
so it is default to deem that particle size used in simulation is
greater than the minimum particle size of graded aggregate
base material. However, particle size for the soil should be in
a reasonable radius to prevent graded aggregate base ma-
terial from entering the soil. On the other hand, the present
study mainly focuses on the influence of graded aggregate
base on pavement performance; therefore, the selected
gradation of granular materials is used as GanDing highway
base materials with the maximum particle size of 37.5mm.
Particle size distributions of the graded aggregates are shown

in Table 1. As illustrated in Table 1, the gradation of the
particles in the numerical simulation met that in reality, and
the maximum error was less than 0.8%.

2.2. Pavement Structure and Modelling. *rough the anal-
ysis, the partial pavements (Figures 1 and 2) were selected to
investigate the influence of granular material on pavement
performance under traffic loading. As shown in Figure 1, the
partial covers a half of single line, including a wheel width of
0.3m and a width of 0.6m on both sides of it. Figure 1
illustrates the highway structure for modelling, which could
be categorized into four parts: (1) Asphalt layer: flexible
pavements with a thickness of 10 cm. (2) Graded aggregate
base layer: composed of specific gradation of granular
material, with a thickness of 20 cm. It mainly bears the loads
from the asphalt layer and disperses them, so the stress
concentration is reduced, which could decrease vertical
deformation of subgrade soil. At the same time, it can drain

Table 1: Particle size distributions of the graded aggregate.

Particle size (mm) Test content (%) Numerical content (%)
37.5 100 100.0
31.5 90 90.0
26.5 82.6 83.4
19 69.9 70.7
16 64.2 65.4
13.2 58.3 59.4
9.5 49.5 50.6
4.75 35 35.4
2.36 24.3 24.4
1.18 16.9 16.8

Asphalt layer, h1=10 cm

Graded aggregate base layer, h2=20 cm

Subgrade soil layer,
h3=1m

Traffic loading

Figure 1: Highway structure.

Loading
plate

Asphalt layer

Graded aggregate base layer

Subgrade soil layer

Figure 2: Numerical model.
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freely and prevent moisture damage. (3) Subgrade soil layer:
an integral part of highway. In general, the subgrade soil
layer is regarded as a homogeneous semi-infinite plane and
infinite in thickness direction. Consolidation deformation
under gravity is the mainly vertical deformation, and traffic
loading has limited impact scope as stress uniformly dis-
tributed in subgrade soil after the stress dispersion of graded
aggregate base. *erefore, 1m was selected as the thickness
of it. (4) Level of traffic loading: according to the Chinese
Standard JTG D50-2006 [31], standard axle load equals

100 kN, as such the stress, 50 kN, uniformly distributed on
pavement with a width of 30 cm for one side.

*e process of modelling and the input parameters are
listed in Table 2. (1) Asphalt layer: asphalt is typical of the
viscoelastoplasticmaterial, with prominent viscous properties at
high temperature and elastic property at low temperature.*us,
the asphalt layer is stratiform elastomer, without considering
the viscous properties, in the simulation.*e assembly of balls is
arranged regularly and tightly within a specified region, and
contact and parallel bonds are used to meet the assumption.

Table 2: Properties for each part.

Parts Generation Properties Contact models
Asphalt layer Regular arrangement Elastomer Contact and parallel bonds
Graded aggregate base layer Random permutation Unbound granular Parallel bonds
Subgrade soil layer Regular arrangement Elastomer Contact and parallel bonds
Loading plate Regular arrangement Elastomer Clump

(a)

(b)

Figure 3: Stress distribution of the model (black and red denote pressure and tension, resp.).
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Figure 4: Stress distribution of the asphalt layer (black and red denote pressure and tension, resp.).

Figure 5: Stress distribution of graded aggregate base layer (black and red denote pressure and tension, resp.).

Figure 6: Stress distribution of subgrade soil layer (black and red denote pressure and tension, resp.).
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(2) Graded aggregate base layer: graded aggregate is unbound
particles, and the assembly of balls is arranged randomly
with given size distribution and within the specified region.
(3) Subgrade soil layer: this layer is regarded as elastic property
and ignored the plastic deformation. Consequently, the gen-
eration of balls is the same as the asphalt layer but has relatively
small size. (4) Loading plate: a clump, assembly of balls
arranged regularly and tightly, is used to apply traffic loading.

After the particle assembly is generated and compacted,
boundary and initial conditions are applied to achieve the
desired initial equilibrium state.

3. Results and Discussion

3.1. Stress Distribution Characteristics. 50 kN force was
uniformly distributed on loading plate to simulate action
of a wheel. As illustrated in Figure 3, it can be observed
that generally the stress of the model is in a symmetrical
distribution.

For the stress distribution in the asphalt layer, Figure 4
highlights that compressive stress concentrated area located
in on both sides of wheel, while tensile stress concentrated
area located in lower part of the asphalt layer. Meanwhile,
under the traffic loading, the asphalt layer beneath the wheel
suffers from shear and tensile action in the converging zone
of compressive and tensile stress. After long-term repeated
loading, fatigue cracking and rutting will arise owing to the
fatigue failure of the asphalt layer and different vertical
strains of two sides.

For the graded aggregate base layer, the stress distri-
bution located mainly in a range beneath traffic loading,
which has a double width of wheel approximately and has
a trend to expand gradually with increasing depth within the
graded aggregate base layer. *e traffic load was transferred
downward by the graded aggregate base layer and to both
sides at the same time (as shown in Figure 5). Consequently,
stress in the subgrade soil layer reduced greatly, and cor-
respondingly, deformation is relatively small.

(a)

(b)

Figure 7: Particle displacement vector for each layer.
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For the subgrade soil layer, the stress was distributed well
in the subgrade soil layer with a great action scope (as il-
lustrated in Figure 6). And the maximum force between balls
was 1.97 kN and, as expected, the maximum stress distri-
bution was right below traffic loading. But due to the ap-
pearance of graded aggregate base, the effect of stress
dispersion diminished stress value in the subgrade soil layer.

In order to describe stress state visually, stress contour is
presented in Figure 7 via a self-made program, which offers
a trend of stress quantitatively. It is noted that only pre-
sentation of stress value was available. So, for this reason, the
failure mode for a specific zone cannot be determined from
it. As shown in Figure 8, stress concentration exhibited on
the edge of wheel; the maximum stress 200 kPa was slightly
greater than mean stress 167 kPa, under the traffic loading.
*us, accompanying irregular settlement, it will contribute
fatigue cracking and rutting, and finally conform to the
actual phenomenon for pavement. Additionally, stress value

decreased obviously in the subgrade soil layer because of the
stress dispersion of graded aggregate base.

3.2. Displacement Characteristics. Figure 7 illustrates the
particle displacement vector for each layer. For the asphalt
layer, vertical displacement was the main displacement of the
asphalt layer (as shown in Figure 9), with themaximumvertical
displacement equal to 2.199mm, located right below traffic
loading. On the both sides of traffic loading, displacement was
downward and inclined slightly to the central of loading.

For the graded aggregate base layer, vertical and horizontal
deformations included both in graded aggregate base layers
(as shown in Figure 10). Displacement concentrated in a finite
region right below the loading with a maximum value of
2.159mmand extended to both sides gradually with increasing
depth. And because of unboned granular material of graded
aggregate base, the displacement vector corresponds to stress
distribution trends.
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Figure 8: Stress contour of the model.

Figure 9: Deformation characteristics of the asphalt layer.
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For the subgrade soil layer, vertical displacement is
dominated in the subgrade soil layer with a maximum value
of 1.225mm located right below the traffic loading, and
displacement has a trend to diffuse into both sides (as shown
in Figure 11), which corresponds to stress dispersion. Figure 12
provides a visible vertical displacement contour via the self-
made program. Although discontinuity appears in this con-
tour owing to the fact that it comes from DEM which is not
a continuum problem, it does not affect the estimation of
vertical displacement quantitatively for different regions. For
the asphalt layer, the maximum vertical displacement varies
between 2.0 and 2.25mm; consequently vertical deformation
is dominated in the asphalt layer as compared to the maxi-
mum displacement 2.199mm (Figure 10). But for the graded
aggregate base layer, the maximum vertical displacement
varies between 1.25 and 1.5mm, which is different signifi-
cantly from themaximumdisplacement 2.159mm (Figure 11);
thus, horizontal displacement cannot be ignored in the graded
aggregate base layer. Deformation of the subgrade soil

layer was dominated by vertical displacement as the max-
imum vertical displacement varies between 1.0 and 1.25mm
(Figure 12), which is close to the maximum displacement
1.225mm (Figure 12), and the displacement was relatively
small because of the stress dispersion of graded aggregate
base.

4. Conclusions

A PFC numerical simulation study was conducted to de-
termine stress distribution and deformation behavior of
asphalt pavement with graded aggregate base under standard
traffic loading.

(1) Stress distribution characteristics demonstrated that
compressive stress concentrated area located in on
both sides of wheel, while tensile stress concentrated
area located in lower part of the asphalt layer; con-
sequently, fatigue cracking and rutting will arise with

Figure 10: Deformation characteristics of the graded aggregate base layer.

Figure 11: Deformation characteristics of the subgrade soil layer.
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the fatigue failure of the asphalt layer after long-term
repeated loading. *e traffic load transferred down-
ward by graded aggregate base and transferred to both
sides at the same time and has a trend to expand
gradually with increasing depth within the graded
aggregate base layer.*erefore, stress was distributed
well in the subgrade soil layer with a great action
scope, and the value decreased obviously in the
subgrade soil layer because of the stress dispersion of
graded aggregate base.

(2) Displacement characteristics and the corresponding
vertical displacement contour demonstrated that ver-
tical displacement was the main displacement of the
asphalt layer, and on the both sides of traffic loading,
displacements were downward and inclined slightly
to the central of loading. Vertical and horizontal de-
formations included in both graded aggregate base
layers, and displacement extended to both sides
gradually with increasing depth corresponding to
stress-distribution trends. Vertical displacement
was dominated in the subgrade soil layer which was
relatively small.
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We investigated the mechanical properties of mature bedding shale under cyclic loading conditions, with an application to the
design of hydraulic fracturing in shale gas wells. Laboratory experiments were conducted on shale samples under two principal
loading orientations. Testing results showed that accumulated fatigue damage occurs in a three-stage process. Analysis of fatigue
damage at different maximum stress levels shows that fatigue life increases as a power-law function with maximum stress
decreasing. And the maximum stress significantly affects the fatigue life. Further, the elastic part of shale rock deformation was
recovered in the unloading process, whereas the irreversible deformation remained. *e irreversible deformation, growth trend,
and accumulation of the total fatigue were directly related to the fatigue damage. *is process can be divided into 3 stages: an
initial damage stage, a constant velocity damage stage, and an accelerated damage stage, which accounted for about one-third of
the fatigue damage. Shale rock is a nonhomogeneous material, and the bedding is well developed. Its fatigue life differs greatly in
two principal loading orientations, even under the same loading conditions. All of these drawn conclusions are of great im-
portance for design of hydraulic fracturing in shale gas wells.

1. Introduction

In recent years, with the development of unconventional oil
and gas resources, hydraulic fracturing technology has been
paid more attention. To ensure the success of hydraulic
fracturing, it is necessary to understand the mechanical
properties of shale formations. In such processes, a network
of cracks is obtained through both artificial fracture and
natural cracks in the formation. Under different sedimentary
environment conditions, the bedding density of shale for-
mation has a great difference. *erefore, the bedding plays
a significant role in both mechanical behavior and engi-
neering activities [1]. During long horizontal-section drilling
and hydraulic fracturing construction engineering, the sur-
rounding rock is subjected to loading and unloading states.
*emechanical properties of shale under dynamic loads differ
dramatically from those under static loads. However, the
nature of dynamic failure in the rock remains unclear,
especially under cyclic loading conditions. *erefore, it is

of great significance to study the mechanical behavior of
shale rock under cyclic loading.

*e long-term stability of rock mass depends on rock
fatigue failure mechanisms. Although the deformation
characteristics and failure mechanism under cyclic loading
are related to the static load, there is a significant difference
between the two cases.

During the last few decades, a lot of research has focused
on the response of rocks under cyclic loading. *e fatigue
properties of rock materials have been found to be de-
pendent on variables such as the amplitude, the upper limit
stress, and frequency [2–4]. It has also been reported
that different materials show different responses when
they are subjected to cyclic loading—some materials become
stronger and more ductile, while others become weaker and
more brittle [2].

Previous studies [5, 6] show that the fatigue damage of
rock has a “threshold value,” when the maximum stress
value is lower than a certain value, the sample cannot be
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destroyed no matter how many load cycles are applied;
thus, the maximum stress has an important influence on
the fatigue life. *e mechanical properties of rock samples
under monotonic and cyclic loadings were also studied [7],
it was found that under monotonic loading, thenardite and
glauberite samples show an elastic-plastic style; however,
under cyclic loading, it changed to a ductile style. *ere
have also been several studies on the fatigue properties of
rock salt subjected to interval cyclic pressures [2, 8, 9]. In
one of these studies, an empirical model fitting the re-
lationship between fatigue life and interval cyclic pressure
was established. In another, a series of laboratory tests were
performed to assess the effects of cyclic loading on com-
pressive strength, elasticity, and time-dependency of Maha
Sarakham rock salt, the results indicate that the salt
compressive strength decreased with increasing number of
loading cycles and was best represented using a power-law
equation [8].

From the above study, it is evident that fatigue tests
have been carried out for the most common types of rocks
in geotechnical engineering. However, the main rocks
involved are sandstone, marble, granite, salt rock, and so
on. *e rock types are fairly homogeneous, and almost no
stratified sedimentary rocks are involved. *ere is a great
difference on deformation mechanism between the ho-
mogeneous rock and the layered rock. *e angle between
the loading direction and the bedding has an important
influence on the mechanical properties and failure modes
for layered rock.

During hydraulic fracturing processes in shale gas res-
ervoirs, the changing of drilling mud density causes stress
fluctuations in the surrounding rock during long horizontal
well drilling. In the hydraulic fracturing stage, pressure
fluctuations in hydraulic fracturing fluid can be clearly
observed, with more than twenty circulates commonly
obtained. *e shale rock mass is subjected to repeated
loading and unloading cycles; therefore, accurate assessment
of the shale reservoir crushing effect and long-term stability
of the well-bore during hydraulic fracturing is an important
practical significance.

*ere are many sets of small layer shale formation with
different mechanical properties and bedding densities in Jiao
Shiba, China. Understanding the fracture characteristics of
shale rock under cyclic loading is of great practical signif-
icance to accurately evaluate the fracturing effects and
long-term stability of shale reservoirs. *e objective of this
research is to experimentally determine the effects of cyclic
loading on mature bedding shale under two principal
loading orientations. Using RMT-150C rock mechanics test
system, the axial deformation, strength characteristics, and
rupture mode of the cycle loading were studied and ana-
lyzed, and some useful conclusions were obtained which
could provide effective technical parameters for hydraulic
fracturing.

2. Experimental Approach

2.1. Specimens. *e shale samples used in the experiment
were collected from Longmaxi formation at Nanchuan
outcrop in Chongqing Province, China. In this paper, the
shale samples adopted with well-developed bedding; in one
meter, the number of bedding is more than 200. *e main
components of specimens were quartz, clay minerals, and
feldspar, with a small amount of muscovite. *e mineral
compositions are shown in Table 1.

*e fatigue properties of shale rock were studied under
cyclic loading with two principal loading orientations:
parallel and perpendicular to the bedding planes, re-
spectively. Shale samples with similar P-wave velocities
were selected for cyclic loading tests. ISRM standards [10]
were followed when cutting the samples into standard
cylinders with a diameter-to-length ratio of 1 : 2, specimen’s
diameter is 50mm, and its height is 100mm. *e degree of
parallelism between the upper and lower ends is within
0.03mm; typical shale samples before testing are shown in
Figure 1.*ree shale samples for each coring direction were
carried out on uniaxial compression tests to ensure that the
results were representative, and the residual samples were
used for cyclic loading tests. *e average density was
2.665 g/cm3, and the average porosity was 1.25% by the
mercury intrusion method. *e average P-wave velocity of
vertical coring samples (numbered H) was 4667m/s, and
the average P-wave velocity of parallel coring samples
(numbered V) was 4306m/s. Horizontal permeability
mainly ranged between 0.0338 and 0.0581mD, with an
average value of 0.04595mD, and vertical permeability was
lower than horizontal permeability, with a difference of
more than 2 orders of magnitude. *e shale samples also
show obvious anisotropic characteristics.

Table 1: *e mineral compositions of shale rocks.

Montmorillonite Illite Quartz Cristobalite Albite Calcite Muscovite Pyrite Annite Ankerite
Shale 1.66 3.60 50.23 4.75 17.60 2.60 5.71 5.80 3.83 4.21

Figure 1: Typical shale samples before testing.
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2.2. Experimental Design. Prior to carrying out cyclic
loading tests, the mechanical properties of shale samples
under uniaxial compression tests were measured, as shown
in Table 2.

*e mechanical properties of shale are obtained by
uniaxial compression test, which provides a reference for the
upper limit stress setting of cyclic loading test. Uniaxial
compression tests were performed on three samples each
of vertical and parallel coring, respectively. All the tests
were performed using a RMT-150C electrohydraulic
servo-control testing machine, as shown in Figure 2.
Displacement control mode with a loading rate of
0.003mm/s was used for uniaxial compression tests, and
loading control mode was used for cyclic loading tests. For
cyclic loading tests, the axial loading was specified as
a sinusoidal cyclic compressive load, and the loading fre-
quency was set to 0.5 Hz. *e cyclic tests were conducted
at four different maximum stress amplitudes on the
parallel and vertical coring samples. *e maximum stress
level (the ratio of maximum cyclic stress to the average
of uniaxial compression strength) was varied from 0.95
to 0.80. Initially, the sample was loaded up to the mean-
stress level in the displacement control mode, and then the
cyclic test was performed at a given amplitude and fre-
quency. It should be noted that the predetermined stress
amplitude for the machine was equal to one-half of the total
range [11].

Finally, the results of the fatigue tests were analyzed in
relation to various parameters such as axial strain, cycle
times, and rupture mode. *e fatigue test characteristics are
shown in Table 3.

3. Test Results and Analysis

3.1. Uniaxial Compressive Strength andDeformation. Table 2
shows the results under uniaxial compression tests. *e
stress-strain curves are shown in Figures 3 and 4. *e stress
shows a maximum value with increasing axial strain before
decreasing rapidly. *e samples show obvious brittleness
characteristics. For two principal loading orientations, the
compressive strength and elastic modulus were obviously
anisotropic, as there were great differences. For parallel
coring samples, the average peak stress is 86.20MPa, and
average elastic modulus is 15.95GPa. In these samples, split
tensile failure occurred, with the specimen being split into
multiple independent pieces almost parallel to the bedding
surfaces. For vertical coring samples, the average peak stress
is 116.49MPa, and average elastic modulus is 15.26GPa. *e
initiation of microcracking occurred along the bedding
plane, and it gradually runs through the bedding plane and
causes the specimen destruction, resulting in an approxi-
mately parallel layered block. Also, the reproducibility of
these experiments was well, thus providing a basis for se-
lection and comparison of the control indexes of the cycle
test.

3.2. Comparison between Cyclic Loading and Uniaxial
Compression. Under cyclic loading, the failure process of
shale rock is different from that under static uniaxial
compression; however, there is some relationship between
the two cases [12]. *e axial stress-strain curves under
uniaxial compression and cyclic loading are drawn on the
same diagram (for parallel coring samples) in Figure 5. *e
upper limit stress ratio of the cycle test was 0.90, and the
amplitude stress ratio was 0.65; it shows that the end de-
formation is consistent with uniaxial loading failure de-
formation. *e figure indicates that the failure occurs below
the maximum strength loading condition, as a result of
accumulative damage. *ere are two main stages of axial
strain: stable crack propagation and unstable crack propa-
gation, resulting in a sudden breakdown. Figure 6 shows the
stress-strain curves for uniaxial compression (sample V-13)
and cyclic loading (sample V-3) tests. *e upper limit stress
ratio of the cycle test was 0.95, and the amplitude stress
ratio was 0.81. *e end of the cyclic loading deformation
was larger than uniaxial compression failure. In addition,
the cumulative deformation in vertical bedding planes
was relatively large. It is analyzed that, under uniaxial

Table 2: Mechanical properties of shale samples under uniaxial compression test.

Sample number Axial stress (MPa) Elastic modulus (GPa) Poisson ratio
H-11 87.27 14.66 0.321
H-12 84.25 16.69 0.337
H-13 87.09 16.49 0.290
Average 86.20 15.95 0.32
V-11 119.25 15.10 0.282
V-12 112.81 15.41 0.281
V-13 117.42 15.27 0.262
Average 116.49 15.26 0.275

Figure 2: Apparatus and schematic.
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compression, the sample is always in the stage of increasing
load, and partial failure of specimen causes the failure of the
whole specimen. However, under cyclic loading and
unloading conditions, the local stress state of the bedding
plane can be adjusted, so the specimen is fully deformed
during fatigue failure. *e cyclic loading results showed that
the fatigue failure consisted of three stages: an initial stage of

fatigue fracture (initiation phase I), a stable crack propagation
(uniform velocity phase II), and an unstable crack propa-
gation, resulting in a sudden breakdown (accelerated phase
III). *ese three steps have also been reported in previous
studies [13, 14].*e fatigue process is related to accumulative
damage, which oftentimes leads to a progressive weakness of
materials. Variation of these parameters with time or cycle
number can be observed in all three stages of fatigue damage.

3.3.-e Effect of Maximum Stress. *e relationship between
maximum cyclic loading ratio and fatigue damage cycle
number for two principal loading orientations is illustrated
in Figure 7. *e effect of maximum stress on fatigue life
indicates that the relationship between the maximum stress
and fatigue life is subordinate to the power-law function. For
parallel coring samples, when the applied maximum stress
level was 0.95, the sample damaged after 11 cycles. However,
when the maximum stress level was 0.80, the failure stress
obtained was from 81.75MPa to 68.92MPa, as the rock
fatigue damage after 5689 cycles was 517 times that for
specimen H-1. It is evident that the damage grew very slowly
as the maximum stress ratio 0.80 was close to the fatigue
threshold. For vertical coring samples, the failure stress
obtained from 116.49MPa to 93.2MPa, with fatigue damage
after 8956 cycles. With the same upper limit for the stress
ratio, the fatigue life cycle for vertical coring was longer than
that of parallel coring. Results were shown that the damage
from cyclic loading on shale rock was weakened when the
normal stress was perpendicular to the bedding plane.

*e relationship between axial strain and relative cycle
(ratio between cycle number and failure cycle number) at
four different maximum stress levels 0.95, 0.90, 0.85, and
0.80 is illustrated in Figure 8. Figures 8(a) and 8(b) indicate
that, at 0.95 maximum stress levels, during the fatigue life,
the axial strain has no obvious turning point. However, for
other upper limit stress conditions, the axial strain can be
divided into 3 stages: an initial deformation stage, a constant
velocity deformation stage, and an accelerated deformation
stage, with the second stage being dominant.

*e first stage, that is, the development of axial strain
rate, is fast, as the sample accumulates a large deformation in
a short time period; this leads to the second stage, when the
strain rate is relatively stable and the axial strain develop-
ment is very slow, resulting in a very long process, which
occupies most of the fatigue life. In the third stage, the axial

Table 3: Summary of the fatigue test characteristics.

Sample
number

*e upper limit
stress

*e lower limit
stress

Maximum stress
level

Minimum stress
level

Amplitude
level

Frequency
(Hz)

Number of failure
cycles

H-1 81.75 16.4 0.95 0.19 0.76 0.5 11
H-5 77.58 21.75 0.9 0.25 0.65 0.5 155
H-6 73.27 28.1 0.85 0.33 0.52 0.5 1856
H-8 68.92 34.13 0.8 0.40 0.40 0.5 5689
V-1 110.64 16.2 0.95 0.14 0.81 0.5 27
V-3 104.85 29.12 0.9 0.25 0.65 0.5 452
V-4 99.02 38.44 0.85 0.33 0.52 0.5 2569
V-10 93.2 47.76 0.8 0.40 0.40 0.5 8956
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Figure 3: Stress-strain curves of shale under uniaxial compression
test (vertical coring).
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strain rate increases rapidly, and the specimen is destroyed
quickly. And this process takes a very short time, and the
number of cycles are also few, as the accumulative effects of
the three deformation stages lead to final failure. *e curve
in the initial deformation stage shows a larger initial axial
strain, while the process of loading and unloading is ac-
companied by the slow accumulation of damage. With the
increasing in axial loading, the internal pores and fissures are
closed, the structure becomes denser, and the overall stiff-
ness is improved.

Under cyclic loading, the elastic deformation will be
recovered in the process of unloading, but the irreversible
deformation will be remained. *e irreversible deformation,
growth trend, and accumulation of total fatigue are directly
related to the fatigue damage. Hence, the study of irre-
versible deformation of fatigue failure is more scientific and
precise.

Figure 9 shows the relationship between irreversible axial
deformation and relative cycle (ratio between cycle number
and failure cycle number). It can be seen that the fatigue
process of irreversible deformation may be divided into 3

stages: an initial stage, when the development speed is fast;
a second stage, after a certain period of time, the develop-
ment speed gradually stabilizes, becoming constant; a third
near-destruction stage, when the development speed grad-
ually accelerates towards destruction. *e irreversible de-
formation gradually accumulates with the continuous action
of cyclic loading, until the specimen is destroyed. *erefore,
the fatigue failure of shale rock is progressive accumulation
of irreversible deformation in axial direction. For parallel
coring samples, the irrecoverable deformation was relatively
small at the initial stage of the cycle, and irreversible de-
formation was mainly produced in the third stage. For
vertical coring samples, the irreversible deformation ratio
was greater than that for parallel coring in the initial stage,
and cumulative irreversible deformation was mainly com-
pleted in the first and second stages.

3.4. Fatigue Damage Evolution Characteristics. Under the
action of the loading, the localized microcracks in the
samples affected the strength of rock material before mac-
rocracking had occurred. From the point of view of damage
mechanics, Lemaitre, considering the failure process, pro-
posed the concept of continuum damage mechanics [15].

Using the definition of damage variation [16], the data
obtained in this study were used to calculate the relationship
between damage variation and cyclic numbers, as shown in
Figure 10. It indicates that according to the cyclic fatigue, the
damage may be divided into 3 stages. In the initial stage, the
damage variable increased with increasing the number of
cycles, and this stage accounted for one-third of the total
damage.*e second stage occurred after a certain number of
cycles, wherein the microcracks were closed as the new
growth gradually stabilized, and the damage variable in-
creased slowly. Once the damage accumulated to a certain
extent, a lot of new cracks began to appear and gradually
connected causing the damage variable to increase rapidly;
that was the third stage. Fatigue failure occurred when
a large number of cracks coalesced into a macrocrack. Out of
these stages, the constant velocity occupied most of the
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fatigue life, although the cumulative amount of deformation
was only one-third of the total. *e remaining two stages
experienced a relatively short time, but the accumulation of
deformation during these stages was very large.

At the same time, different coring angle specimens
show different characteristics in Figures 10(a) and 10(b).
For parallel coring samples, the first stage of the damage
variable is about 0.3, and the slope of second stage is larger.
*e trend is similar under different maximum stress
conditions. For vertical coring samples, when the applied
maximum stress level was 0.95, there was no obvious third
stage of the damage variable. It indicates that, at 0.95
loading stress levels, the damage variable and the number
of cycles were directly proportional, and no obvious
turning point was observed; therefore, damage was pro-
duced continuously with an increase in the number of
cycles. Under other stress levels, the first stage of the
damage variable is about 0.4, and the slope of second stage
is smaller than parallel coring samples. *ese differences
indicate that the initial damage is greater under condition
of the loading direction perpendicular to the bedding
surface.

*e behavior of damage evolution is greatly dependent
on the maximum stress, amplitude, and fatigue initial
damage. *e increase of these variables causes the second
stage to be shortened, which is related to the whole fatigue
process [17].

3.5. Deformation Modulus and the Number of Cycles. Figure
11 shows the relationship between the deformation modulus
and relative cycle times. It can be seen that, under initial
cyclic loading, the deformation modulus increased slightly
with increasing cycle number. *e relationship between
deformation modulus and relative cycle times may be di-
vided into 3 stages. In the first stage, the deformation
modulus increased gradually with increasing cycle times, the
change was mainly due to the closure of rock pores and
microcracks. For vertical bedding coring samples, in initial
cycle stage, the increase of deformation modulus is more

than 6GPa. *e main reason is that the bedding plane is
compacted. For parallel bedding coring samples, the increase
of deformation modulus is smaller. It is mainly because
the loading direction is parallel to the bedding plane, and
the effect of compaction is limited. In the second stage, the
deformation modulus is decreasing slowly during a long
period, which occupies most of the cycle time. Different
coring angle specimens show an approximate same trend.*e
third stage corresponds to the accelerated phase of fatigue
deformation, after the sample has experienced several cycles.
*e deformation modulus reduced, and the specimen
damaged. When the ratio of the upper limit stress is 0.95, the
change in the deformation modulus was very evident.

3.6. Fatigue Fracture Characteristics. Figure 12 shows the
typical failure modes after fatigue test. As seen in Figure 12
(a), it indicates that the failure mode of parallel coring
samples was mainly tensile failure mode. *e samples
were decomposed into smaller parallel blocks, through the
tensile failure of multiple layer surfaces, and the micro-
cracks had enough time to start, spread, and coalesce
under cyclic loading. *e internal stresses were adjusted
and redistributed with the crack initiation and propa-
gation, and the whole fracture was divided into a number
of slices. As seen in Figure 12(b), vertical coring specimens
formed a number of cut bedding planes after cyclic
loading. *e failure mode was mainly mixed failure and
dominated by tension cracks and shear cracks. *e main
part of the specimen fell as a powder on the test platform,
with a very full rupture. In the process of hydraulic
fracturing, if natural fractures and microfractures are
present, the fracture pressure required to extend the
cracks will be lower; thus, it is easier to form a fracture
network.

4. Discussion

Hydraulic fracturing technology is the key technology for
developing shale reservoir.
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In hydraulic fracturing engineering, the focus is on the
strength and fracture characteristics of shale, which often refer
to the value under static loading. However, pressure fluctu-
ations in hydraulic fracturing fluid can be clearly observed,
with more than twenty circulates obtained. Hence, the stress-
level- and stress-path-dependent deformation and strength
property of shale rock, which dramatically differs from that
under monotonic or static load, are of great importance to
long-term stability of the well-bore and form complex frac-
ture network. A large number of testing results demonstrate
that the peak strength of rocks decreases by 65% due to crack
growth when cyclic loading is considered [7]. Testing results
in this paper demonstrate that, under cyclic loading, shale
rocks fail at a stress close to 80% of the peak strength under
monotonic loading. Fatigue life increases in a power function
with decreasing the maximum stress for the two cases. In
addition to increases in fatigue life, the steady stage slope

decreases. Also the angle between loading direction and
bedding plane directly affects the characteristics of fatigue test.
For parallel coring samples, the end deformation of fatigue
test is consistent with uniaxial loading failure deformation.
But the rupture mode is more broken than uniaxial com-
pression. *is indicates that, in the process of hydraulic
fracturing, the fluctuation of water pressure helps to open
more bedding surfaces, to form complex network crack. For
vertical coring samples, the specimen is very fully damaged
after the fatigue load. Analysis of fatigue damage variable at
different load levels shows that when the maximum load level
is decreased, the process of crack initiation occupies a large
proportion of the whole fatigue life, while crack growth occurs
at higher stresses. When hydraulic fracturing is carried out in
the reservoir of bedding shale reservoir, the original natural
lamination seam can be activated by adjusting the pressure of
hydraulic fracturing pump.
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Figure 9: *e relationship between irreversible deformation and the number of cycles. (a) Parallel coring; (b) vertical coring.
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5. Conclusions

In order to understand the fatigue behavior of shale rock,
samples were subjected to uniaxial cyclic loading in two
principal loading orientations, for different maximum stress
levels and amplitudes. Two failure modes were discovered
through the analysis of the fracture morphology, the stress-
strain curves under uniaxial compressive and cyclic loading,
the effect of maximum stress, and the characteristics of

fatigue damage evolution. *e results show that the cyclic
loading effect is clear. In summary, several conclusions can
be made:

(1) Accumulated fatigue damage occurred in a three-
stage process. At different maximum stress level, the
fatigue life increases as a power-law function with
decreasing maximum stress, and changing the
maximum stress significantly affected the fatigue

(a)

(b)

Figure 12: Typical failure modes after fatigue test. (a) Parallel coring; (b) vertical coring.
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Figure 11: *e relationship between fatigue deformation modulus and relative cycle times. (a) Parallel coring; (b) vertical coring.
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process; the process of crack initiation occupies
a large proportion of the whole fatigue life, while
crack growth occurs at higher stresses. At the same
time, different coring angle specimens show different
characteristics, for vertical coring samples, the initial
damage is greater under condition of the loading
direction perpendicular to the bedding surface.

(2) Experimental results demonstrate that, after a few
initial cycles, the shale rocks exhibited almost elastic
behavior, and the elastic deformation was recovered
in the process of unloading, but the irreversible
deformation remained. With the increasing number
of cycles, the irreversible deformation is observed.
*e maximum stress directly affects the axial strain
value of ultimate failure.

(3) Shale rock is a nonhomogeneous material, and its
fatigue life differs greatly in two principal loading
orientations, which results in great difficulty in
conducting fatigue analysis. *e fatigue damage
process may be divided into 3 stages: an initial
damage stage, a constant velocity damage stage,
and an accelerated damage stage which accounted for
about one-third of the total damage. In order to ef-
fectively activate the original bedding plane or natural
cracks, first of all, the distribution mode of natural
cracks and bedding plane should be mastered; then,
the number of cycle times and the maximum of the
pump pressure can be adjusted as far as possible.
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In order to investigate the mechanical behavior of shale rock under cyclic loading and unloading condition, two kinds of
incremental cyclic loading tests were conducted. Based on the result of the short-term uniaxial incremental cyclic loading test, the
permanent residual strain, modulus, and damage evolution were analyzed firstly. Results showed that the relationship between the
residual strains and the cycle number can be expressed by an exponential function. +e deformation modulus E50 and elastic
modulus ES first increased and then decreased with the peak stress under the loading condition, and both of them increased
approximately linearly with the peak stress under the unloading condition. On the basis of the energy dissipation, the damage
variables showed an exponential increasing with the strain at peak stress. +e creep behavior of the shale rock was also analyzed.
Results showed that there are obvious instantaneous strain, decay creep, and steady creep under each stress level and the specimen
appears the accelerated creep stage under the 4th stress of 51.16MPa. Based on the characteristics of the Burgers creep model,
a viscoelastic-plastic creep model was proposed through viscoplastic mechanics, which agrees very well with the experimental
results and can better describe the creep behavior of shale rock better than the Burgers creep model. Results can provide some
mechanics reference evidence for shale gas development.

1. Introduction

Rock mass in underground is exposed to systematic cyclic
loading during drilling, mechanical excavation, or due to
mine seismology [1]. It is clear that the mechanical prop-
erties of rock under cyclic loading differ dramatically from
those under static loads [2, 3]. +erefore, it is necessary to
understand the response of rock mass under cyclic loading
condition.

Laboratory testing is the main method to understand the
mechanical behaviors of rockmass. Over the past few decades,
considerable efforts have been made to assess the mechanical
response of rock under cyclic loads. Liu et al. [4] investigated
the deformation and fracture of coal rock under a cyclic
loading and unloading condition. By proposing a new in-
cremental cyclic loading-unloading pressure test method,
Qiu et al. [5] analyzed experimentally the prepeak unloading
damage evolution characteristics of marble from the Jinping

II Hydropower Project. Tien et al. [6] studied deformation
and fatigue behaviors of saturated sandstone subjected to
cyclic loadings. Based on the load-unload response ratio
(LURR) by the multilevel amplitude cyclic loading tests under
the different confining pressure, Sun et al. [7] analyzed the
damage evolution law and damage accumulation mode of
sandstone. Fuenkajorn and Phueakphum [8] investigated the
effect of cyclic loading on the mechanical properties of Maha
Sarakham salt and found that the salt compressive strength
decreased with the number of loading cycles according to
a power function and that the elastic modulus decreased
slightly during the first few cycles and kept constant until
failure.

It is noteworthy that the abovementioned studies mainly
focus on the mechanical behavior of rock under cyclic
compressive loading and unloading condition and that while
the instability of many geotechnical engineering does not
appear immediately, such as underground excavation,
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mining tunnel, and drilling, it will last for some time after
excavation. So, it is also very necessary to consider the time-
dependent mechanical behavior of rock mass under cyclic
loading.

Shale rock may suffer cyclic loading during drilling,
fracturing, and refracturing. To better understand the me-
chanical behavior of rock mass, the short-term and creep
tests of a type of shale rock were conducted under uniaxial
cyclic loading. Based on the short-term experimental test
results, the deformation, modulus, and damage evolution
were first analyzed. +en, in accordance with the creep
experimental results, the creep behavior of the shale rock was
obtained. Finally, by considering the characteristics of the
Burgers creep model, a viscoelastic-plastic creep model was
proposed through viscoplastic mechanics and its parameters
were identified. Results can help better understand the
failure mechanism of shale under cyclic loading, which has
important practical significance for accurately assessing the
effect of hydraulic fracturing and long-term stability of
borehole.

2. Specimens and Methods

2.1. Specimen Preparation. +e specimen used for the cyclic
tests in this research was shale rock, a type of soft sedi-
mentary rock, which was sampled from a Longmaxi for-
mation on the east of the Sichuan Basin in China. Longmaxi
Shale is the most commercially developed shale gas reservoir
in China [9, 10].

+e natural rock sample with the average unit weight
about is 2668 kg/m3, and with the same bedding orientation
(horizontal), the natural water content of the rock sample is
about 6%. According to the method suggested by the ISRM
[11], the shape of all tested shale rock specimens is cylindrical
with 50mm in diameter and 100mm in length approxi-
mately (Figure 1).

2.2. Testing Equipment. Both conventional uniaxial com-
pression experiments and cyclical experiments of specimens
were carried out on a TFD-2000 rheology testing system, as
shown in Figure 2.+e test machine comprises axial loading,
confining pressure loading, hydraulic pressure loading,
numerical control, and measurement systems. +e maxi-
mum axial load is 2000 kN, and the measurement resolution
is 200N; the maximum axial deformation is 10mm, and
measurement accuracy is ±0.5%. +is machine can perform
the controlled tests and data acquisition/analysis by com-
puter and robotized operations, which ensures that the tests
are analyzed safely, timely, and precisely.

2.3. Testing Procedure. Due to the shale gas pressure and
fracturing fluid pressure, the surrounding rock is always
subjected to cyclic loading in the development of shale gas
field [12]. Two different kinds of uniaxial cyclic loading and
unloading tests were conducted in this research, which were
short-term uniaxial cyclic compressive loading and un-
loading test and long-term compressive cyclic creep test, as
shown in Figures 3(a) and 3(b), respectively.

Before setting up the testing procedure, the uniaxial
compression tests were conducted firstly to obtain the
uniaxial compressive strength and the typical stress-strain
curve of the shale rock specimen as shown in Figure 4. It can
be obtained that the uniaxial compressive strength of the
shale rock is 54.32MPa.

+e short-term cyclic loading and unloading test (Figure
3(a)) consisted of the following steps. +e axial and lateral
displacement sensor LVDTs were first adjusted to set the
initial value, and then the first loading stress was applied to the
designed value; meanwhile, the data of stress, displacement,
and strain were recorded by computer software. Next, the
stress was unloaded to zero. +e preceding steps were re-
peated until the specimen failed in the last stress level loading
process. A constant axial stress control rate of 0.5MPa/s was
selected during the each loading and unloading stage. In the
whole procedure, the first loading stress is 27.16MPa (50% of
the uniaxial compressive strength), and then the stress level
was increased by intervals of 8MPa. +at is to say, the
second to fourth stress levels are 35.16MPa, 43.16MPa,
and 51.16MPa, respectively.

+e procedure for the uniaxial creep test under cyclic
loading condition (Figure 3(b)) was as follows. +e first
loading stress of 27.16MPa (same as the short-term test) was
applied to the specimen at a rate of 0.5MPa/s after the dis-
placement sensor LVDTs were first adjusted to set the initial
value. Next, the stress was kept constant for a time interval of
about 60 minutes, during which the axial deformation was
continuously monitored. And then, the axial stress was
unloaded to zero at same rate of 0.5MPa/s. +e zero stress
level was lasted for about 60 minutes, and then, the second
stress will be applied to the specimen.+e preceding steps were

Figure 1: Shale rock specimens.

Figure 2: TFD-2000 rheology testing system.
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repeated until the fourth stress level, and the stress level was
also increased by intervals of 8MPa. Finally, at the fifth stress
level, the stress was maintained until creep failure took place.

To prevent the effects of variation in diurnal temperature,
a constant indoor temperature was maintained at 20± 0.1°C
during the entire tests.

3. Experimental Results and Discussion

3.1. Mechanical Behavior under Short-Term Cyclic Loading

3.1.1. Deformation Characteristic. Figure 5 shows the stress-
strain curve of the shale rock specimen for a typical cyclic
uniaxial test. It can be seen from Figure 5 that the curve of

stress-strain formed hysteretic loops after each stress path of
compressive loading-compressive unloading, and the area of
the hysteretic loops increasedwith the increasing of the loading
stress; this phenomenon is the characteristic of a material
where viscosity might play an important role in its stress-strain
behavior. It was also found that the stress-strain curve in the
compressive loading stages was almost overlapped, which
indicated that the stress-strain curve of shale rock has obvious
memory effect in the compressive loading stages.

As shown in Figure 5, considerable irreversible de-
formation of shale rock is observed. Figure 6 shows the
relationship between the residual strains and the cycle
number. With the increase in the stress levels and cyclic
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Figure 3: +e sketch of (a) short-term cyclic loading test and (b) cyclic loading creep test.
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loading numbers, the irreversible deformation becomes
more significant, and the relationship between the residual
strains and the cycle number can be expressed by an ex-
ponential function. Meanwhile, the influence of stress levels
on the irreversible deformation appears more evident than
the cyclic loading numbers.

It can be also obtained that the rupture stress is
53.18MPa, which is 97.91% of the uniaxial compressive
strength. Figure 7 shows a schematic view of the shale rock
specimen after failure under uniaxial compressive loading
and unloading condition, the main feature associated with
the failure is the tension destruction.

3.1.2. Characteristics of Modulus. Figure 8 shows the re-
lationship between peak stress at each cycle loop and elastic

modulus ES. Figure 9 shows the relationship between peak
stress and deformation modulus E50. It should be claimed
that, in Figures 8 and 9, the elastic modulus ES is the slope of
the linear segment in the loading or unloading curve [12]. +e
deformation modulus E50 is the slope of the line between
the point at which the stress value is 50% of each loading at
the peak strength and the minimum stress point of the
coordinates.

+e deformation modulus E50 can be expressed as
follows:

E50 �
σ(1/2)p − σmin

ε(1/2)p − εmin
, (1)

where E50 is the deformation modulus; σ(1/2)p and ε(1/2)p are
the stress and strain at the point of half peak strength under
each cycle loading or unloading section, respectively; and
σmin and εmin are the stress and strain at the minimum stress
point under each cycle loading or unloading section,
respectively.
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Figure 7: Schematic view of the shale rock specimen after failure.
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+e elastic modulus ES can be expressed as follows:

ES �
Δσ
Δε

, (2)

where Δσ is the stress increment on the linear section under
each cycle loading or unloading and Δε is the strain in-
crement which is corresponded to Δσ.

From Figures 8 and 9, the deformation modulus E50 and
elastic modulus ES first increase and then decrease with
increase of peak stress under the loading condition, while the
both of them increase approximately linearly with increase
of the peak stress under the unloading condition.

3.1.3. Damage Evolution of Shale Rock under Cyclic Loading.
+e existed initial cracks or bedding planes within shale
make the quantity of damaged parts increase, and the area
expands when the shale is under cyclic loading situation, and
the increased damage causes the effective stress on a mi-
croscale to increase. All sorts of the mesoscopic flaws in shale
rock are randomly distributed because rock is a product of
long geological history [13]. +erefore, damage mechanics is
a powerful tool to study the occurrence, propagation, and
coalescence processes of these mesoscopic flaws and their
effect on rock mechanical behaviors. Damage mechanics
consists of the study of initiation and propagation of internal
microcracks and defects under different loading condition,
whichmay lead to deterioration of themechanical properties
of the material and eventually to failure [14]. To describe the
damage evolution process, the calculation of the damage
variable is essential.

Based on the stress-strain curve of the rock mass under
cyclic loading, we can calculate the constitutive energy and
the dissipated energy at a given stress state, as shown in
Figure 10. According to the previous studies [14–16], the
constitutive energy of the rocks is represented by the area
between the complete stress-strain curve and the strain axis,
and the area of OA1A1′ is surrounded by the first loading
curve, and the strain axis can be defined as absorbed energy;
the area of O′A1A1′ which is surrounded by the first

unloading curve and the strain axis can be defined as re-
leased energy. So, the area of OAO′ which is surrounded by
the first loading curve, the first unloading curve, and the
strain axis can be defined as the dissipated energy. +en the
damage variable [14] at point A can be obtained as follows:

D �
UOAO′

U
�

UOA1A1′
−UO′A1A1′

U
, (3)

where UOAO′ is the dissipated energy under first cycle loads;
UOA1A1′

is the absorbed energy under first cycle loads; UO′A1A1′
is the released energy under first cycle loads; and U is
the constitutive energy.

According to the results from cyclic loading test on the
shale rock, the damage variable can be calculated by using
(3). Figure 11 shows the relationship between the calculated
damage variables and the strain at peak stress. An expo-
nential function was used to fit the damage variables of the
shale rock, with a coefficient of determination greater than
0.98.

3.2. Creep Behavior of the Shale Rock Specimens

3.2.1. Cyclic Creep Test Results. In accordance with the
testing procedure shown in Figure 3(b), the cyclic loading
creep test result of shale rock was obtained, as shown in
Figure 12. +e stress levels were the same as these of short-
term cyclic loading tests, and it was lasted for about 2 hours
at each cycle.

It can be deduced from Figure 12 that under stress levels
of 27.16MPa, 35.16MPa, and 43.16MPa, the axial and lateral
strain rate increases first and then gradually decreases to
a constant value after a period time, and the similar variance
trend was found in the unloading stage. According to the
evolution of the creep strain, the creep curve under each
stress level can be divided into decaying and steady stages
except 4th stress of 51.16MPa. Both axial instantaneous
strain and steady strain of the specimen were increased with
compression stress; the residual strains were also appeared
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Figure 10: Calculation model of dissipated energy and constitutive
energy.
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increase trend with increasing of former stress levels. +e
rock specimen fails eventually at 4th stress of 51.16MPa
which is 94.18% of the uniaxial compressive strength, also
lower than the short-term rupture stress (53.18MPa) in-
dicated that time-dependent cycle loads have a significant
impact on the damage evolution of the shale rock, the creep
curve at this stress level stage includes three stages of the
decaying, steady, and accelerating creep, and the whole creep
only lasted for several minutes.

3.2.2. Creep Model and Parameter Identification. Form
Figure 12, it can be easily observed that there are obvious
instantaneous strain, decay creep, and steady creep under
each stress level, and steady creep strain approaches a certain
constant value with the time when stress less than 51.16MPa.
While under the 4th stress of 51.16MPa, the specimen shows
the accelerated creep stage. +erefore, it is necessary to
simulate the creep behavior of rock by using a creep model.

Previous studies have shown that the viscosity coefficient of
rock will decrease when stress exceeds the long-term ultimate
strength [17–19]; since an exponential function can better
reflect the relationship between the damage variables and the
strain (Figure 10), we assume that the damage variables in the
cycle creep stage can be expressed as an exponential function
(as shown in (4)), and based on the characteristic of the
Burgers creep model [20], a new viscoelastic-plastic creep
model was proposed, as shown in Figure 13.

D � 1− exp −α
tβ

t
β
0

⎛⎝ ⎞⎠, (4)

where α and β are the parameters controlling the damage
evolution with time, which are related to the stress levels and
cycle times; t is the creep time; and t0 is the unit time, which
is 1 minute in this work.

+e creep equation of the viscoelastic-plastic creep
model can be written as follows:

ε �
σ0
E1

+
σ0
E2

1− exp −
E2

η2
t   +

σ0 − σ∞
η0(1−D)

t, (5)

where σ0 and ε are creep stress and creep strain, respectively;
E1 is the elastic modulus of the Maxwell body; and E2 and η2
are the elastic modulus and viscosity coefficient of the Kelvin
body, η0 is the initial value of the viscosity coefficient and t is
the creep time.

By using the viscoelastic-plastic creep model (5) to fit the
creep curves, the relevant parameters of the viscoelastic-
plastic creep model were identified from data processing, as
shown in Table 1; meanwhile, the Burgers creep model was
also used to make a comparison with this of the proposed
viscoelastic-plastic creep model. Figure 14 shows the cal-
culated results of creep curves and the tested ones which
were below stress level of 51.16MPa, and the fitting curve
and tested curve under stress level of 51.16MPa are shown in
Figure 15. From the two figures, it was found that the cal-
culated results of the proposed model are in good agreement
with the tested results than the Burgers creep model under
each stress level, and the proposed model also can better
reflect accelerated creep stage of the shale rock specimen.
+e correlation coefficient square (R2) of four curves is more
than 0.959, which indicates that the prediction precision of
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the proposed model here is high in simulating properties of
the shale rock under cyclic loads.

4. Conclusions

Two different kinds of cyclic loading and unloading tests
were conducted in this study for characterizing the me-
chanical behavior of shale rock, which were short-term
uniaxial incremental compressive cyclic loading and
unloading test and long-term uniaxial incremental com-
pressive cyclic loading and unloading creep test. From the
test results, the following conclusions can be drawn:

(1) +e relationship between the residual strains and the
cycle number can be expressed by an exponential
function. +e deformation modulus and elastic
modulus first increase and then decrease with increase
of peak stress under the loading condition, and both of
them increase approximately linearly with increase of
the peak stress under the unloading condition.

(2) +e cyclic loads formed hysteretic loops, and the area
of the hysteretic loops increased with the increasing
of the loading stress, which can be used to interpret
energy dissipation of the specimen. Based on the
energy dissipation, the damage variables under
short-term cyclic loading condition were analyzed,
and it shows an exponential increasing with the
strain at peak stress.

(3) +ere exist obvious instantaneous strain, decay
creep, and steady creep under each loading or
unloading stage, and under the stress of 51.16MPa,
the specimen shows the accelerated creep stage.

(4) A viscoelastic-plastic creep model was proposed.
Comparison of the test results with the model pre-
dictions shows that the proposed viscoelastic-plastic
creep model is capable of describing the creep be-
havior of shale rock subjected to cyclic loading and
unloading condition.

Finally, it should be noted that further studies both in
triaxial tests and in theory are necessary to gainmore relative
data for better understanding the cycle load mechanical
behavior of shale rock. Numerical simulation of engineering
projects associated with shale rock should also be taken into
account in the future.
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.e instability process of bedding rock slope with weak interlayer may be induced under rainfall infiltration conditions. Due to
this, we conducted a research of model test for the instability process, based on the similarity theory. With use of the recent
50 years’ rainfall data of Changsha, China, we analyzed the seepage characteristics, mechanical characteristics, and deformation
laws of the slope under the conditions of long-time heavy rain and short-time rainstorm, respectively. .e test results show that
the original seepage characteristics of the slope were changed by the existence of weak interlayer, presented the “double seepage”
effect, resulted in the seepage characteristics of rock and soil in the shallow layer and weak interlayer of the slope showed a sickle
“Γ” distribution, and the adjacent rock layer presented a curve-type “S” distribution. With the increase of rainfall duration, the
weak interlayer gradually becamemuddy and softened, and then the plastic flow zone was formed locally..e stress concentration
phenomenon was gradually generated in the weak interlayer due to the influence of the gravitational field of the upper rock mass.
.e large infiltration of rainwater led to the phenomenon of plastic flow extrusion of the slope at the weak interlayer extrusion.
With the further penetration of the tensile cracks in the upper part of the weak interlayer, the slope had a large settlement
displacement and gradually formed sliding shear deformation along the weak structural plane. Under the condition of equal
rainfall amount, the condition of long-time heavy rain has a greater influence on the stability of the bedding rock slope with weak
interlayer than that of short-time rainstorm..e failure form of slope could be divided into four stages: prechange stage, interlayer
extrusion stage, slip-pull-fracture stage and plastic flow-shear failure stage.

1. Introduction

.ebedding rock slope refers to the layered rock slope which
is consistent with the trend of the whole rock mass and the
slope formed by excavation. Such slopes are often at risk of
instability due to the large-scale excavation of the original
terrain during the formation and disturbance of the initial
stress field. When there is a certain degree of strong
weathered and weak interlayer in the slope, due to the water
softening effect of the weak interlayer, the slope are more
prone to instability damage at different degrees whenever the
rainy season comes. In recent years, scholars at home and
abroad have carried out some researches on the instability
mechanism of bedding rock slope. For example, Li et al. [1]

studied the dynamic evolution of rock-soil mechanics
properties during the development of the landslide based on
the typical case of landslide damage along the rocky slope of
the.ree Gorges reservoir. Shu et al. [2] studied the slope of
the rock slope critical inclination and determined the
functional relationship between the critical slope of the slip
surface and the slope angle, the friction angle of the failure
surface, cohesion, and the height of the sliding body. Bedoui
et al. [3] aimed at the landslide mechanism of bedding rock
slope, and the deep creep of slope landslide is divided into
three stages: slope foot to the top of the initial slow de-
formation stage, slope foot to the middle of the slope surface
of the accelerated deformation stage, and rapid deformation
of the foot stage. Tiranti et al. [4] analyzed the stability of
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rock slopes in the near-horizontal layers and concluded that
rainfall is the most important factor leading to the flat push-
type landslides in such rock slopes. Guzzetti et al. [5] per-
formed in-situ investigation of a large number of Italian
bedding rock instability along the slope and a comprehen-
sive analysis of the development of this type of slope in-
stability characteristics and forms of destruction. .e above
research results provided theoretical support for the analysis
of the instability mechanism of bedding rock slope; however,
there are still some problems to be perfected [6–9]: (1) when
the bedding rock slope contains the weak interlayer, what is
the relationship between the instability of the slope and the
weak intercalation? (2) Under the conditions of rainfall
infiltration, what is the law of the seepage characteristics of
this kind of slope and what kind of rainfall condition has the
most influence on the rock slope with the weak interlayer. (3)
Before and after rainfall, what happens to the mechanical
properties of the rock slope and the weak interlayer, and how
this change will affect the stability of the slope.

.erefore, this paper relied on the bedding rock slope
with weak interlayer along the left side of the Beijing-Zhuhai
Expressway (Changsha-Zhuzhou section). Based on the
theory of similar materials and combined with the indoor
rainfall-spraying technique, model tests on the instability
process of bedding rock slope with weak interlayer under
different rainfall conditions were carried out, and the change
law of volumetric water content, sliding thrust, and settle-
ment of this type of slope under rainfall infiltration was
analyzed. According to the test results, the most unfavorable
rainfall conditions affecting slope stability were discussed,
and the failure modes of bedding rock slope with weak
interlayer under rainfall infiltration were proposed, which
provided theoretical guidance for engineering practice.

2. Relying on the Slope Overview

.e left side of the Beijing-Zhuhai Expressway (Changsha-
Zhuzhou section) is a high-cut rock slope. Due to the re-
striction of the terrain and the route, the slope was generally
excavated at a ratio of 1 :1, and the first and second grade
slopes were high 10m. .e slope of the third grade was high
8m. .rough the samples of on-site core drilling, it was
found that the 3m below the surface of the slope was
strongly weathered shale and residual soil, and the lower 3m
was medium weathered shale, and the strike of the rock layer
is basically the same as that of the excavated slope, which was
the bedding rock slope. Due to the influence of geological
structure and environmental factors, some rock strata in the
second-level slope were relatively broken, fractures and
joints were well developed, and were interbedded with the
adjacent shale thin layers to form a strong weathering weak
interlayer with a thickness of about 3m..e strong weathering
weak interlayer was exposed on the surface of the second slope.
When the rainy season comes, the rainwater infiltrates into the
weak interlayer quickly to form amuddy sliding surface, which
affected the overall stability of the slope. .erefore, this paper
selected the rock-cut slopes with weak interlayer as the research
object and carried out themodel test of bedding rock slopewith
weak interlayer under different rainfall conditions. Influenced

by the factors such as the model and rainfall, only the slopes of
30m in length, 60m in width, and 40m in height were selected
in this paper. .e generalized model is shown in Figure 1.

3. Model Test Program

3.1.DesignRainfallConditions. In order to draw up the most
reasonable rainfall condition, relied on the slope engineering
in Changsha area of Hunan Province, the rainfall data of
Changsha area in recent 50 years are analyzed (Table 1) [10].
As it can be seen from Table 1, the average annual rainfall days
in Changsha area of Hunan Province reached 1/3 of the whole
year, the average daily rainfall intensity was above 10mm, and
extreme rainfall situations also occurred from time to time.

.e difference of rainfall conditions are mainly the
difference of rainfall intensity and rainfall duration [11–13].
In order to analyze the influence of rainfall conditions on the
bedding rock slope with weak interlayer under the rainfall
infiltration condition, according to the rainfall data in recent
50 years in Changsha area, two rainfall grades heavy rain and
rainstorm were formulated. At the same time, the total rainfall
was set to 60mm..e rainfall intensity of heavy rain condition
was 4.63×10−4mm/s, the rainfall duration was 36h, and the
rainfall intensity of rainstorm condition was 9.26×10−4mm/s,
and the rainfall duration was 24h. Specific rainfall conditions
are shown in Table 2.

3.2. Determine the Similarity Ratio. In this paper, an engi-
neering example was given. .e geometric dimension of the
bedding rock slope with weak interlayer on the left side of
the Beijing-Zhuhai Expressway (Changsha-Zhuzhou sec-
tion) is large. .e model test of 1 :1 is carried out in the
laboratory to simulate the slope instability process: not only
the volume of labor is large but also unrealistic. For a more
realistic model test of bedding rock slope with weak in-
terlayer under different rainfall conditions, the size of the
prototype slope needs to be scaled reasonably. Reference to
the relevant literature [14, 15] and the model test die size, the
geometric similarity ratio of the slope was selected as 1 : 50.
Considering the change of sliding thrust before and after
rainfall infiltration caused by the specific weight of rock,
selected specific weight ratio cc was 1 :1, the internal friction
angle cφ was 1 :1, and the cohesion cc was 1 : 50. .e other
similitude ratio of related rock mechanics parameters

Medium weathered shale

Strong weathering weak interlayer

Medium weathered shale

Strongly weathered shaleand residual soil

Road pavement

�e original 
surface line

Slope ratio of 1 : 1

120

50

Figure 1: Engineering slope generalized model.
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according to the theory of similarity relations was obtained,
as shown in Table 3.

3.3. Proportioning of SimilarMaterials. In order to carry out
the model test on the bedding rock slope with weak in-
terlayer on the left side of the Beijing-Zhuhai Expressway
(Changsha-Zhuzhou section), the geotechnical parameters
of each structural layer of the prototype slope must be
determined. .erefore, the prototype slope was sampled on
site, and then the geotechnical parameters of each structural
layer of the slope were determined through laboratory cor-
relation experiments. Among them, the permeability co-
efficient of strongly weathered shale and residual soil layer,
strongweatheredweak interlayer layer, andmediumweathered
shale layer was determined by the indoor variable head pen-
etration test, which was 1.21×10−6 cm·s−1, 3.26×10−4 cm·s−1,
and 6.53×10−7 cm·s−1, respectively. Cohesion and internal
friction angle were determined by the indoor large-scale direct
shear test. Cohesion was 256MPa, 56MPa, and 452MPa, and
internal friction angle was: 32°, 16°, and 52°. Other rock and
soil mechanical parameters are selected according to the
previous experimental experience and the relevant literature
[16–18] data. Finally, according to the similarity ratio deduced
from the similarity theory, the rock and soil mechanics pa-
rameters of similar materials were calculated, and the results
are shown in Table 4.

.e ratio of similar materials means that, in order to make
similar materials meet the requirements of some strength
parameters, the proportion of raw materials should be com-
bined according to a certain gradation [19]. Due to the diversity

and complexity of the influencing factors of similar materials, it
is not easy to fully meet the requirements of various geo-
technical mechanical parameters. It is necessary to make ideal
similar materials according to the research results of scholars at
home and abroad and a large number of orthogonal experi-
ments. .erefore, this paper based on previous research results
[20, 21], selected barite powder, quartz sand as filler, cement,
gypsum as cementing material, water, and clay as ingredients.
In order to accord with the requirements of geotechnical pa-
rameters of each structural layer of the model slope in Table 4,
raw materials of similar materials are formulated according to
a certain proportion. Among them, the strong weathered shale
and residual soil layer was prepared according to barite
powder : quartz sand : clay : cement : gypsum :water� 60 : 22 :
31: 3 : 2 :13, the strong weathered weak interlayer layer was
prepared by quartz sand : clay :water� 2 : 8 : 3, and the medium
weathered shale layer was formulated on the basis of barite
powder : quartz sand : cement : gypsum :water� 55 : 31: 8 :1.5 : 6.
.e required raw materials formulated are shown in Figure 2.

3.4. Model Test Program. .e model test was carried out
indoors. First of all, the prepared similar materials were
sequentially filled into the slope mold, standing for 48 h, and
then the grouting material was divided into three stages
according to the slope ratio of 1 :1, excavation was completed
and then allowed to rest for 72 hours, so that the slope
reaches stable state. Secondly, for the sake of simulating the
rainfall on the slope, the rainfall-spraying device was in-
stalled on the top of the mold and then adjusted the rainfall
intensity and rainfall duration according to the two rainfall

Table 1: Rainfall data in Changsha in recent 50 years.

Years 1961∼1970 1971∼1980 1981∼1990 1991∼2000 2001∼2010
Average annual rainfall days 140 132.8 132.6 139.5 129.3
Average annual rainfall frequency 0.383 0.364 0.363 0.382 0.354
Average annual rainfall (mm) 1434.86 1343.17 1361.36 1589.53 1347.25
Average daily rainfall intensity (mm) 10.25 10.11 10.27 11.39 10.41
Extremely average rainfall (mm) 3056.8 2304.6 1612.5 590.3 1795.25
Extreme rainfall days 40 32 22 10 32
Extreme rainfall intensity (mm) 76.42 72.01 73.29 59.03 56.10
Notes. Average daily rainfall intensity� average annual rainfall/average annual rainfall days; extreme rainfall intensity� extremely average rainfall/extreme
rainfall days.

Table 2: Rainfall conditions.

Rainfall condition 1 Rainfall condition 2
Rainfall grade Heavy rain Rainstorm
Rainfall intensity (mm/s) 4.63×10–4 9.26×10–4

Rainfall duration (h) 36 24
Total rainfall (mm) 60 60

Table 3: Similitude ratio of geotechnical mechanical parameters.

Geometric
dimensions Cl

Specific
weight Cc

Internal
friction angle

Cφ

Cohesion
Cc

Elastic
modulus

CE

Displacement
Cδ

Shearing
stress Cτ

Poisson’s
ratio Cμ

Permeability
coefficient Ck

Similitude
ratio 50 1 1 50 50 50 50 1

��
50

√
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conditions shown in Table 2. .irdly, after the rainfall is
over, the model was left standing for a period of time to
monitor the deformation of the slope model after rain. .e
model test system is shown in Figure 3.

In order to focus on the inherent relationship between the
strongweatheredweak interlayer layer and the slope instability,
this paper measures the volumetric water content, sliding
thrust, and settlement before and after rainfall infiltration. .e
monitoring points P1, P2, P3, P4, P5, and P6 of the volumetric
water content were equidistantly arranged at the below of the
slope top with an interval of 4 cm. Among them, P1∼P3 were
located above the weathered weak interlayer, P4 was located in
the interlayer, and P5 and P6 were located below the interlayer.
.e earth pressure box was buried at the weak interlayer of the
second-stage slope, containing three monitoring points F1, F2,
and F3, and the three monitoring points were separated by
3 cm, respectively. Displacement monitoring points S1, S2, and

S3 were located at the outcrop of the second-stage weak in-
terlayer, with S1 above the interlayer, S2 within the interlayer,
S3 below the interlayer, and 4 cm intervals between the 3
monitoring sites. Test equipment and monitoring points laid
are shown in Figures 4 and 5.

4. Analysis of Test Results

4.1. Variation of Slope Seepage Characteristics. In order to
analyze the seepage characteristics of rainfall infiltration in the
bedding rock slope with weak interlayer, the monitoring points
P1∼P6 of volumetric water content in the slope were moni-
tored, respectively, under two kinds of rainfall conditions,
heavy rain and rainstorm..emonitoring results are shown in
Figures 6 and 7. As shown in Figures 6 and 7, we found that the
uplift time of the volume water content monitoring point
P1∼P6 in the slope was P4>P1>P2>P5>P3>P6, but the

Table 4: Prototype and model slope of rock and soil mechanics parameters.

Lithology of structural layer Specific weight
(kN·m−3)

Internal
friction angle

(°)

Cohesion
c (kPa)

Elastic
modulus E
(MPa)

Poisson’s
ratio μ

Permeability
coefficient K
(cm·s−1)

Prototype
slope

Strongly weathered shale
and residual soil layer 26 32 256 2700 0.29 1.21×10–6

Strong weathering weak
interlayer 17 16 56 900 0.42 3.26×10–4

Medium weathered shale
layer 32 52 452 6300 0.18 6.53×10–7

Model
slope

Strongly weathered shale
and residual soil layer 26 (25) 32 (31) 5 (7) 54 (55) 0.29 1.71×10−7

(1.75×10−7)
Strong weathering weak

interlayer 17 (18) 16 (18) 1 (1) 18 (17) 0.42 4.61×10−5

(4.68×10−7)
Medium weathered shale

layer 32 (32) 52 (50) 9 (12) 1260 (1256) 0.18 9.23×10−8

(9.30×10−7)
Note. Value of the test results of similar materials.

Figure 2: Test raw materials. Figure 3: Indoor rainfall model test system.
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uplift rate was P4>P1>P2>P3>P5>P6.With the increase of
rainfall duration, the volumetric water content over P1, P2, and
P4 showed a sickle “Γ” distribution, while P3, P5, and P6
showed a curve-type “S” distribution. At the stage of rain
stop, with the dissipation of rainwater, the rate of decrease
of volumetric water content at monitoring points was
P1 > P2 > P3 > P6> P5 > P4. .is phenomenon may be
induced by the following reasons:

(1) .e seepage of the slope surface continues to flow to
the slope under the effect of the gravitational field, and
the seepage characteristics and the buried depth meet
the monotonic decreasing function relationship.

(2) In addition to the part of the rainwater infiltrating
into the weak interbed that flowed downwards due to
the gravitational field, the other part would flow
upward due to capillary action, leading to the inverse
function relationship between the seepage charac-
teristics of this part of rainwater and the depth of the
embedded layer.

.erefore, the original seepage characteristics in the slope
were broken due to the presence of weak intercalation, which
led to the distribution of volumetric water content that no

longer met the monotonic decreasing function as the depth of
the buried depth increases..e seepage characteristics of rock
and soil in the shallow layer and weak interlayer of the slope
showed a sickle “Γ” distribution, and the adjacent rock layer
presented a curve-type “S” distribution. In addition, the high
permeability of the weak interlayer creates a new seepage path
for rainwater infiltration into the slope, which makes rain-
water not only infiltrate from the slope surface but also

From top to bottom are
P1, P2, P3, P4, P5, and P6

F1
F2
F3

S1
S2
S3

Strong weathered weak
interlayer layer

Figure 5: Layout of monitoring points. P is the monitoring point of
volume water content, F is the sliding thrust monitoring point, and
S is the displacement monitoring point.

Figure 4: Test instrument.
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penetrate into the interior of the slope through the weak
interlayer, showing a “double seepage” effect.

4.2. Evolution Law of Sliding 2rust ahead of Slope. For the
bedding rock slope with weak interlayer, the intervention of
rainwater will muddy the weak layer and further reduce the
shear strength of the layer, leading to the instability of the
slope. In order to analyze the evolution of the mechanical
properties of the slope under rainfall infiltration, the sliding
thrust of the weak interlayer and the adjacent structural layer
in the model slope was monitored (as shown in Figures 8 and
9). Under the condition of long-time heavy rain, the sliding
thrust of three monitoring points F1∼F3 gradually increased
and the monitoring point F2 in the weak interlayer increased
most rapidly. During the rainfall period of 28∼34 h, the slip
thrust at monitoring point F2 rapidly increased from 13MPa
to 35MPa and then stabilized at 35MPa,.e sliding thrust of
the monitoring point F1 was lower than F2 at 28 h, which was
stable at about 15MPa, and the minimum change of F3 was
7MPa at the monitoring point. Under the condition of short-
time rainstorm, the monitoring point F2 did not show ob-
vious phenomenon of rapid increase, the maximum sliding
thrust stable at 19MPa or so, monitoring point F1 maximum
sliding thrust stable at 9MPa or so, and the monitoring point
F3 was stable at 5MPa, which was obviously lower than the
sliding thrust under long-time heavy rain condition.

.e reason for this phenomenon is that, with the “double
seepage” effect of rainwater on the slope surface and the
weak interlayer, the bulk density of the rock mass in the
upper section of the interlayer gradually increased and
the weak interlayer gradually becomes muddy and softens.
As a result, the slope tends to slip along the weak structure
surface, resulting in the sliding thrust of the interlayer, and
the adjacent structure layer increased gradually. Among
them, the sliding thrust increased fastest in the weak in-
terlayer. When the shear strength in the interlayer decreased
to a certain extent, the gravitational field in the upper rock
mass will form stress concentration in the inner layer of the
muddied layer, so that the sliding thrust of the interlayer
increased rapidly, which aggravated the tendency of the
slope slip, and formed the shear deformation along the weak
structural plane, resulting in the instability of the slope.

4.3. Deformation Law of Slope Settlement. In the bedding
rock slope with weak interlayer, rainfall infiltration will
muddy the interlayer and form the plastic flow zone, re-
ducing the strength of the interlayer and leading to large
deformation and failure of the slope. In order to analyze the
deformation and failure of this type of slope under the
conditions of rainfall infiltration, the settlement displace-
ments at slope monitoring points S1∼ S3 were monitored (as
shown in Figures 10 and 11).

As can be seen from Figures 10 and 11, with the con-
tinuous infiltration of rainfall, the subsidence displacement
produced in the slope monitoring point gradually increased,
and the increasing rate was in the order of S2> S1> S3.
Under the long-time heavy rain condition, the maximum
settlement deformation of the monitoring point S2 in the

interlayer reached 23 mm, and the maximum settlement
deformation of the monitoring point S2 was only 17 mm
under the short-time rainstorm condition. Obviously,
the settlement and deformation under long-time heavy
rain were obviously larger than those of short-time
rainstorm. Under the condition of long-time heavy
rain, the change curve of settlement and displacement of
the monitoring point S2 in the interlayer shows obvious
4-stage deformation:

4.3.1. Prechange Stage. In the early stage of rainfall, rain-
water seeped through the two paths at the slope surface and
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the weak interlayer, gradually wetted the interlayer, and the
weight of the upper part of the interlayer slowly increased.

4.3.2. Microchange Stage. .e continuous infiltration of
rainwater in the interlayer led to the further decrease of the
interlayer strength and gradually formed the plastic flow zone.
Due to the self-weight stress of the upper rock mass, some
crushing and sinking deformation occurred in the interlayer.

4.3.3. Rapid Change Stage. With the infiltration of rain-
water, the gravitational field of the upper rock mass in the
interlayer was also increased while the interlayer was
muddied, resulting in stress concentration in the plastic flow
region of the interlayer and a significant increase of the
sliding thrust. At this time, the slope produced plastic flow-
tensile deformation and failure, and the settlement dis-
placement increased significantly.

4.3.4. Microchange Stage. After the slope instability oc-
curred at the interlayer, the tendency of increase of settle-
ment displacement was obviously reduced. With the gradual
dissipation of rainfall, the settlement displacement of the
slope was stabilized to a certain value after the rain stops.

5. Instability Forms

According to the test results of long-timeheavy rain (Figures 6, 8,
and 10), the instability forms of this kind of slope can be divided
into 4 stages: prechange stage, interlayer extrusion stage, slip-
pull-fracture stage, and plastic flow-shear failure stage.

5.1. Prechange Stage. Due to the “double seepage” effect of
rainwater, the volumetric water content in the slope surface
and interlayer gradually increased and the sliding thrust
slowly increased at the initial stage of rainfall without
breaking the original stable condition of the slope; therefore,
it did not produce certain deformation.

5.2. Interlayer Extrusion Stage. Rain infiltration in the in-
terlayer continued to make the interlayer gradually muddy
and softened, forming a local plastic flow zone; the intensity
was significantly reduced. Affected by the gravitational field
of the upper rock mass, the interlayer was gradually squeezed
to produce certain crushing and settlement deformation,
resulting in the continuous increase of the internal sliding
thrust and the gradual slip trend of the slope.

5.3. Slip-Pull-Fracture Stage. .e cracks in the upper part of
the interlayer were well developed and some tensile stress
appeared, which had the development trend of going through
the upper part of the rockmass from bottom to top. Under the
action of gravitational field, the interlayer was further
squeezed and stress concentration occurred in the interlayer,
which caused the sliding thrust to increase rapidly and
produced larger settlement deformation.

5.4. Plastic Flow-Shear Failure Stage. With the infiltration of
a large amount of rainwater, the strength of the weak in-
terlayer was further reduced, and the tension cracks gen-
erated in the upper rock mass of the interlayer further
expanded. .e phenomenon of plastic flow extrusion oc-
curred at the interlayer extrusion, and the shear deformation
along the weak structural surface was gradually formed,
which eventually led to the instability of the slope.

6. Conclusion

In this paper, based on the bedding rock slope with the weak
interlayer on the left side of Beijing-Zhuhai Expressway
(Changsha-Zhuzhou section), the model test of bedding
rock slope with weak interlayer under rainfall infiltration
was carried out. According to the result, we found the
following results:

(1) .e test results show that the original seepage char-
acteristics of the slope would be changed by the
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existence of the weak interlayer under rainfall in-
filtration conditions, presented the “double seepage”
effect, and opened up a new seepage path for rainwater
infiltration. .e seepage characteristics of rock and soil
in the shallow layer and weak interlayer of the slope
showed a sickle “Γ” distribution, and the adjacent rock
layer presented a curve-type “S” distribution.

(2) As the rainfall infiltration continued, the weak in-
terlayer gradually became muddy and softened,
forming a plastic flow zone locally. Due to the in-
fluence of the gravitational field of the upper rock
mass, stress concentration occurred in the inner
layer of the muddy interlayer, resulting in a signifi-
cant increase of the sliding thrust of the interlayer
and aggravated the tendency of the slope slip.

(3) .e large infiltration of rainwater led to the phe-
nomenon of plastic flow extrusion of the slope at the
interlayer extrusion. With the further penetration of
the tensile fracture in the upper part of the interlayer,
the slope had a larger settlement displacement and
gradually formed sliding shear deformation along
the weak structural plane.

(4) Under the condition of equal rainfall amount, the
condition of long-time heavy rain has a greater in-
fluence on the stability of the bedding rock slope with
weak interlayer than that of short-time rainstorm.
According to the test results under long-time heavy
rain condition, the instability development forms of
this kind of slope were divided into four stages:
prechange stage, interlayer extrusion stage, slip-pull-
fracture stage, and plastic flow-shear failure stage.
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seated failure propagation in a fractured rock slope over
10,000 years: the La Clapiere slope, the south-eastern French
Alps,” Geomorphology, vol. 105, no. 3-4, pp. 232–238, 2009.

[4] D. Tiranti, D. Rabuffetti, A. Salandin, and M. Tararbra,
“Development of a new translational and rotational slides
prediction model in Langhe hills (north-western Italy) and its
application to the 2011 March landslide event,” Landslides,
vol. 10, no. 2, pp. 121–138, 2013.

[5] F. Guzzetti, F. Ardizzone, M. Cardinali, M. Galli,
P. Reichenbach, and M. Rossi, “Distribution of landslides in
the Upper Tiber River basin, central Italy,” Geomorphology,
vol. 96, no. 1, pp. 105–122, 2008.

[6] H. Y. Fu, L. Zeng, G. Y. Wang et al., “Stability analysis of soft
rock slope under rainfall infiltration,” Rock and Soil Mechanics,
vol. 33, no. 8, pp. 2359–2365, 2012.

[7] L. He, Rock Slope Rainfall Disaster and Support Optimization
Research, pp. 1–5, Southwest Jiaotong University, Chengdu,
China, 2015.

[8] G. Fan, J. J. Zhang, X. Fu, and H. Tian, “Energy identification
method for dynamic failure mode of bedding rock slope with
soft strata,” Chinese Journal of Geotechnical Engineering,
vol. 38, no. 5, pp. 959–966, 2016.

[9] H. Lin, W. W. Zhong, and P. Cao, “.ree-dimensional rock
slope stability analysis considering the surface load distribution,”
European Journal of Environmental and Civil Engineering,
vol. 20, no. 8, pp. 877–898, 2016.

[10] X. L. Li and K. Zhang, “Characteristics and variation trend of
rainfall in Changsha in recent 50 years,” Rural Economy and
Science-Technology, vol. 26, no. 9, pp. 44–46, 2015.

[11] D. Tang and D. Q. Li, C. B. Zhou and K.-K. Phoon, Slope
stability analysis considering antecedent rainfall process,”
Rock and Soil Mechanics, vol. 34, no. 11, pp. 3239–3248, 2013.

[12] D. Tang, X. H. Qi, S. H. Jiang, and D. Q. Li, “Effect of different
antecedent rainfalls and SWCCs on slope stability,” Chinese
Journal of Rock Mechanics and Engineering, vol. 37, no. 1,
pp. 148–155, 2015.

[13] H. Lin and J. Y. Chen, “Back analysis method of homogeneous
slope at critical state,” KSCE Journal of Civil Engineering,
vol. 21, no. 3, pp. 670–675, 2017.

[14] L. Q. Li, S. X. Luo, W. K. Wei et al., “Model tests of rainfall
infiltration effect on bedding rock slope with weak interlayer,”
Chinese Journal of Rock Mechanics and Engineering, vol. 32,
no. 9, pp. 1772–1778, 2013.

[15] X. H. Qin, D. S. Liu, Q. H. Song et al., “Infiltration model of
bedrock laminar slope under heavy rainfall and its stability
analysis,” Rock and Soil Mechanics, vol. 37, no. 11, pp. 3156–
3164, 2016.

[16] Z. Li, Y. J. He, H. E. Li, and H. Xu, “Model test on slope
landslides under antecedent rainfall,” Journal of Hohai
University, vol. 44, no. 5, pp. 400–405, 2016.

[17] S. Zeng, Z. C. Li, H. Wei et al., “Stability analysis of red
sandstone bedding slope under rainfall infiltration and dry-
wet cycling,” Rock and Soil Mechanics, vol. 34, no. 6,
pp. 1536–1540, 2013.

[18] S. C.Wu,Analysis of the Sensitivity of the RockMass Parameters
to the Stability of Slope, pp. 36–87, China University of Geo-
sciences for Master Degree, Wuhan, China, 2012.

[19] Y. C. Ye, Y. W. Shi, Q. H.Wang et al., “Test model research on
low strength similar material of Shanghengshan multilayer
shale deposit,” Rock and Soil Mechanics, vol. 35, no. 2,
pp. 114–120, 2014.

[20] H. Su, H. Q. Zhou, S. Wu et al., “Research on similar material
of slope construction simulation experiment,” Highway
Engineering, vol. 41, no. 2, pp. 61–65, 2016.

[21] Y. Wang, W. T. Mao, Z. J. Wang et al., “Similar material study
on failure mechanism model test of red bed slope,” Subgrage
Engineering, vol. 5, pp. 73–77, 2016.

8 Advances in Civil Engineering



Research Article
A Study of the Relationship between the Stress State and
Failure Mode of Concrete Specimens

Xinyu Liang 1 and Faning Dang2

1School of Civil Engineering and Architecture, Xi’an Technological University, Xi’an 710021, China
2School of Civil Engineering, Xi’an University of Technology, Xi’an 710048, China

Correspondence should be addressed to Xinyu Liang; key_xinyu@163.com

Received 20 September 2017; Accepted 31 December 2017; Published 15 March 2018

Academic Editor: Yixian Wang

Copyright © 2018 Xinyu Liang and Faning Dang. .is is an open access article distributed under the Creative Commons
Attribution License, which permits unrestricted use, distribution, and reproduction in anymedium, provided the original work is
properly cited.

An investigation of concrete specimen’s strength and its changing mechanism based on numerical simulation of the failure
process of axis-stressed concrete specimens with different aspect ratios was described. .e state of internal stress and growth of
crack of axis-stressed concrete specimens, as well as the changing mechanism of specimen strength under different ambient
pressure values, were investigated. .e results revealed that specimen strength and failure surface decreased as the aspect ratio is
increased. .e specimen strength is dependent on the state of internal stress and decreased with decreasing ambient pressure.
Additionally, the failure mode shifted from shear failure to tensile failure gradually.

1. General Instructions

Previous studies have revealed that the strength of concrete
is more than amaterial parameter. A variety of studies on the
factors affecting the strength of concrete have been con-
ducted to investigate the changing mechanism of this pa-
rameter. Widely studied globally [1–3], concrete can be
regarded as a porous composite material consisting of ce-
ment mortar, fine aggregates, and coarse aggregates. .e
nonlinear-inelastic failure of compressed concrete is mainly
caused by the growth of voids and microcracks. For in-
dustrial applications, the strength of concrete is usually
enhanced by increasing the ambient pressure of single-axis
compressible concrete, which can retard crack growth and
axial compressive strength of concrete. To date, several
triaxial tests of concrete have been reported [4–9]. However,
these studies focused on the strength of concrete in triaxial
tests only and did not investigate the stress-strain re-
lationship under different ambient pressures. Dong et al.
[10–17] reported a study of the concrete compression at
a fixed ambient pressure.

Among various factors affecting the strength of axis-
stressed concrete specimens, ambient pressure is one of the

key factors. It is challenging to investigate the effect of aspect
ratio of concrete strength using computed tomography (CT)
due to the limitation of loading equipment. In this article, we
prepared compressible concrete specimens with different
aspect ratios and investigated the quantity and growth of
cracks on these specimens based on numerical simulation. In
this way, the strength, failure mode, and state of stress of
axis-stressed concrete specimens under different ambient
pressures were investigated.

2. Computational Mode Method

.e numerical calculation in this article was based on
random aggregate model establishing approach. .e mixing
ratio of concrete and parameters of different components are
shown in Tables 1 and 2, respectively. .e model size is
shown in Table 3. Pre-1 to Pre-5 were compression nu-
merical experiments. .e aspect ratios (κ) of different
compression models were 1 :1, 1 : 2, 1 : 4, 1 : 6, and 1 :10. .e
numerical calculation was achieved using a double-broken-
line model. In this model, Z-direction at the bottom was
restrained, and the middle point was perfectly restrained.
.e formation, growth, and coalescence of cracks were
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simulated, and step loading was applied for all models, with
displacement control as the loading mode, as shown in Table 4.
.e study of the states of the concrete specimens with different
aspect ratios under stress and failure test.

2.1.$e States of the Concrete Specimens with Different Aspect
Ratios under Stress

2.1.1. Pre-1 Specimen. Figure 1 indicates that Pre-1 specimen
with aspect ratio κ of 1 :1 was flat. When the top of the
specimen was under stress, confining pressure effect was
generated perpendicularly to the stress. Along with the
increased axis-stress, the microcracks which were in small

angles with the axis-stress increased at a higher rate than the
microcracks that were in large angles. As the axis-stress in-
creased, the internal cracks formed were almost all parallel to
the axis-stress. .erefore, with the increased displacement
load, the tension produced from confining pressure increased
continuously, forming many intertwined cracks from top to
bottom. Finally, the specimen was broken to small pieces.

2.1.2. Pre-2 Specimen. Figure 2 reveals that the concrete
specimen exhibited shear-tension damage..is failure mode
was similar to that of Pre-1 specimen. .e difference is that

Table 1: .e proportion of concrete mixture in Dagang Mountain.

Material Modulus of elasticity, Pa Poisson’s ratio Tensile strength, Pa
Aggregate 5.8731E10 0.1960 9.25E6
Mortar 1.7458E10 0.2000 2.78E6
Interface 1.3967E10 0.2407 1.56E6

Table 2: .e parameters of different compositions of the concrete.

Strength grade Water/cement ratio .eoretical bulk density (kg/m3)
Concrete material consumption

Water Cement .e fly ash Sand Stone
R180360 0.45 2418 86 134 57 534 1607

Table 3: .e model of the concrete specimens under stress.

Specimen (model) Pre-1, -2, -3, -4, and -5 Pull Bending
(R×H)mm/(L×B×H)mm 30× 30 30× 60 30×120 30×180 30× 300 30×120 30× 50×150

Table 4: Displacement control loading step.

Model Pull-1 Pre-1 Pre-2 Pre-3 Pre-4 Pre-5 Bending-2

Displacement load

0.01 0.01 0.08 0.16 0.16 0.16 0.01
0.03 0.012 0.12 0.28 0.28 0.2 0.02
0.06 0.016 0.16 0.4 0.36 0.24 0.03
0.08 0.022 0.2 0.52 0.44 0.28 0.04
0.10 0.028 0.28 0.64 0.52 0.4 0.05
0.12 0.04 0.34 0.76 0.60 0.76 0.06
0.13 0.052 0.4 0.88 0.68 1.14 0.07
0.14 0.064 0.52 — 0.76 — 0.08
0.15 0.076 0.64 — 0.84 — 0.09
— 0.088 — — 0.92 — 0.10
— — — — 1.0 — 0.11
— — — — 1.08 — 0.12
— — — — 1.16 — —

Figure 1: .e damaged specimen and damaged cross section of Pre-1.
Figure 2: .e damaged specimen and damaged cross section of
Pre-2.
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fewer microcracks were formed. .ese microcracks induced
the subsequently broken of the specimen which resulted in
small pieces in the longitudinal section until the complete
destruction. As shown in Figure 2, Pre-1 specimen with
aspect ratio κ of 1 :1 was flat. When the top of the specimen
was under stress, confining pressure effect was formed
perpendicularly to the stress. Along with the increased axis-
stress, the microcracks which were in small angles with the
axis-stress increased at a higher rate than the microcracks in
large angles. As the axis-stress increased, the internal cracks
formed were almost all parallel to the axis-stress. .erefore,
with the increased displacement load, the tension produced
from confining pressure increased continuously, forming
many intertwined cracks from top to bottom. Finally, the
specimen was broken to small pieces.

2.1.3. Pre-3 Specimen. Compared with Pre-1 and Pre-2
specimen, as displayed in Figure 3, the internal cracks
formed on Pre-3 specimen were far less, and the damaged
plane and the horizontal plane were at an angle, not along
with the longitudinal direction, which was ascribed to shear
failure. In this case, the cracks formed on the damaged plane
which was oval and the so-called shear failed plane. .e
cracks in the damaged interface were x-shaped.

2.1.4. Pre-4 Specimen. As displayed in Figure 4, few cracks
formed on Pre-4 specimen. .e cracks went through the
damaged plane which was in smaller angle with the cross
section. And the damaged area with cracks went through was

obviously less than that of pressure-1, pressure-2, and
pressure-3.

2.1.5. Pre-5 Specimen. As displayed in Figure 5, the cracks in
Pre-5 specimen were similar and extended straightly along
their growth direction. Consequently, the damaged planes
with cracks formed tended to be horizontal (-shaped). Be-
sides, the damaged plane was similar to the round plane.

3. Analysis of the Stress-Strain Curve of the
Concrete Specimen with Different
Aspect Ratios

Figure 6 indicates that when the stress on Pre-1 specimen
was below 28.326MPa, the stress changed linearly with
the strain. Afterwards, the slope of the stress-strain curve
decreased, the interface units and the mortar units started

Figure 3:.e damaged specimen and damaged cross section of Pre-3.

Figure 4:.e damaged specimen and damaged cross section of Pre-4.

Figure 5:.e damaged specimen and damaged cross section of Pre-5.
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Figure 6: .e stress of a certain unit and the strain curve.
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damaging, and the damage of elasticity modulus damped.
When the stress reached 29.96MPa, the strain increased
sharply. In this case, the units were damaged, the specimen
strength stopped working, and the strain continued in-
creasing until the failure of the specimen.

When the stress on Pre-2 specimen was below
20.066MPa, the stress changed linearly with the strain.
Afterwards, the slope of the stress-strain curve decreased, the
interface units and the mortar units started damaging, and
the damage of elasticity modulus damped. When the stress
reached 21.23MPa, the strain increased sharply. In this case,
the units were damaged. .en the stress reached its peak at
22.28MPa, the specimen strength stopped working, and the
strain continued increasing until the failure of the specimen.

When the stress on Pre-3 specimen was below
17.30MPa, the stress changed almost linearly with the strain.
Afterwards, the slope of the stress-strain curve decreased,
and the interface units and the mortar units started dam-
aging. Along with the damping of the damage of elasticity
modulus, the strain increased sharply and the units were
damaged. When the stress finally reached its peak at
18.41MPa, the specimen strength ceased working and the
strain continued increasing until the failure of the specimen.

When the stress on Pre-4 specimen was below
20.066MPa, the stress changed approximately linearly with
the strain. Afterwards, the slope of the stress-strain curve
decreased, the interface units and the mortar units started
damaging, and the damage of elasticity modulus damped. At
this point, the strain increased sharply, and the units were
damaged.When the stress reached the peak at 14.10MPa, the
specimen strength ceased working, and the strain continued
increasing until the failure of the specimen.

.e maximum stress of Pre-5 specimen obtained from
stress-strain curve was 15.38MPa. Before this point, the
stress increased with increasing strain whereas, after this
point, the stress dropped slowly with increasing strain.
Along with enlarged loads, cracks were produced and grown,
and the stress was released. Finally, the specimen was
destroyed, and the stress was almost completely released.

4. Analysis of the Stress State of the
Specimens with Different Aspect Ratios

.e effect of confining pressure on strength was investigated
via computational model. .e study on multiphase concrete
materials under stress was especially complicated; the re-
lationships between the internal stresses generated on
specimens were analyzed in this article. Herein, the central
point on the middle cross section was studied. Under the
same external force, the axial stress and cyclic stress are
basically close to each other. Along with the enlarged aspect
ratio of the specimen, the confining pressure decreased step
by step. Among them, the confining pressure of Pre-1
specimen was the maximum; 72% of its axis-stress. Since
the stresses in three directions were similar, many vertical
and horizontal cracks appeared on Pre-1 specimen, resulting
in multiple shear-failure planes and finally small broken
pieces. .e strain in the units which was stored during the
generation and development of the cracks could be released

along the cracks until the formation of the damaged planes.
Pre-1 specimen was broken into small pieces with large
exposed surfaces. Along with the enlarged aspect ratios, the
rate of confining pressure to axis-stress decreased slowly. At
mediate confining pressure, the failure angle of the shear-
failure plane was 45°. For Pre-5 specimen, the effect of
confining pressure was negligible and the stress was on
monopodium. Besides, the specimen was likely to be
damaged along the cross section. In other words, with the
increasing aspect ratio of the cylinder specimen, the vertical
cracks interlinked with the horizontal cracks and the dis-
tribution of the cracks was from dense to sparse. Finally, the
vertical cracks turned to horizontal and experienced shear
failure and resulted in the development of horizontal cracks
and the damage of the cross section. In the formation and
development of the cracks, the more the cracks generated,
the more the area was damaged.

5. The States of the Concrete
Specimens under Pull

.e maximum tensile strain failure criterion is applied to
simulate the tensile process of concrete specimens with
displacement control loading. .e uniform load is applied
on the top surface of the model, and the loading step is
divided into nine steps; the displacement load is shown in
Table 4.

From Figure 7, concrete specimen tensile action, the
stress perpendicular to the tensile stress concentrated easily
in the crack tip and crack along its edge began to expand and
kept the development in the crack plane. Along with the
expansion of the crack, the stress concentration around was
also increasing; hence, the development of the crack was not
stable, and it extended to the edge of concrete specimens,
until the specimen cracking damage. .erefore, the crack
shows transverse distribution, perpendicular to the direction
of tensile stress, and the crack develops from a main crack
until it is destroyed. .e failure surface occurs in the cross
section of the specimen.

Figure 8 indicates that when stress was less than
5.31MPa, change in stress with strain was linear, followed by
reduction in the change of stress with strain curve slope;
damage of part of the interface units and mortar occurred,
the elastic modulus was damaged, specimen internal
microcracks appeared, and the internal cracks of the spec-
imen rapidly expanded. When the stress reached 7.88MPa,

Figure 7: .e damage element figure of Pull-1.
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maximum stress, strain was gradually increased. As the crack
in the specimen gradually converged and versed, a big crack
was formed, stress was rapidly reduced at the same time,
damage occurs in the part of the unit, and specimen strength
began to fail. As the strain continued to increase, stress
stability reduced slowly.

6. The States of the Concrete Specimens under
Bending Simple

.e damage evolution of concrete cube can be seen in Figure
9. In the cube concrete three-point bending test, the max-
imum bendingmoment on the cross section is the dangerous
point which is farthest from the neutral axis in the uniaxial
stress state, the damaged part is the middle part of the cube,
the surface tension is one of the largest, and the edge stress of
the central section achieves the maximum first. Gradually
with the increase of load, cracks extended upward in the
longitudinal and cross section of the cube, the effective area
of the middle section gradually decreases, and the strength of
specimens decreases. When accumulated to a certain degree
of the crack damage, specimens are damaged.

Bending simple displacement and stress of the specimens
are shown, abscissa for concrete beam specimen edge point
on the vertical displacement v divided by the relative dis-
placement of beam height h after (v/h) and the longitudinal
axis of the finite element calculation of concrete specimen
under the edge point X to the normal stress. When the
displacement of the specimens is 0.617 v/h ×10–4 before,
beam specimens for elastic load, and with the increase of

applying displacement when the specimen displacement is
0.84509 v/h ×10–4, the stress peak value of the specimen is
6.56MPa. .e specimen cracks are initiated along the lower
edge of the section, and the stress decreases with the increase
in the displacement. As the displacement continues to in-
crease, the stress decreases significantly. If there is no change
in stress with the increase in the displacement, the slope of
the stress and displacement curve is almost horizontal, the
specimens are damaged, and the concrete beam specimen
section is the surface of destruction.

7. Conclusions

Numerical simulation was applied to study the perfor-
mances of concrete specimens with different aspect ratios
under continuously increased stress. Along with the in-
creasing stresses, the cracks formed and developed and
eventually resulted in the failure of the specimens. .e
growth direction and the amount of the cracks determined
the strength of the specimens, whereas the internal stress
determined the development of the cracks. With the in-
creasing aspect ratio, the effect of the confining pressure on
the strength of the specimen decreased, and the effect of the
constitutive property on the strength enlarged. .e strength
of the concrete specimens varied with varying confining
pressures, which means that the strength was affected by the
internal stress. .e confining pressure decreased with in-
creasing aspect ratios, and the angle between the damaged
plane and the principal stress plane reduced with increasing
axis-stress. .e specimen was broken into small pieces and
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Figure 8: .e stress-strain curve of Pull.

Figure 9: .e damage element diagram of the bending specimen.
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many shear-failure planes. In this case, the confining
pressure, the axis-stress, and the strength of the specimen all
reached the maximum. Afterwards, the damaged planes
reduced, and the angle between the damaged planes and the
cross section also reduced. .e change in failure mode was
due to decreased internal confining pressure. Along with
increased stress, the ability to resist axis-stress weakened as
well, resulting in decreased strength of the specimen.
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+e strength and failure characteristics for granite specimen with a set of cross-joints of different lengths were studied using PFC2D

software. +e results show that when the included angle of α between the main joint and loading direction is 30° or 45°, no matter
what the included angle of β betweenmain and secondary joints is, the main joint controls crack propagation and failure of granite
specimen, which occurs the shear failure propagating frommain joint tips, and the corresponding uniaxial compressive strength is
low. Meanwhile, the secondary joint is the key joint for crack propagation and failure at α of 0° and 90° except when β is 90°. +e
granite specimen occurs the shear failure propagating from secondary joint tips. And, the shear failure crossing upper tips of main
and secondary joints is found at α of 0° or 90° and β of 90°. +eir uniaxial compressive strengths are large. Also, the combined
actions of main and secondary joints determine crack propagation and failure at α of 60° except when β is 90°. +e granite
specimen occurs the hybrid failure, including shear failure propagating from main joint tips and tensile failure propagating from
main and secondary joints center or secondary joint tips. And, when α is 60° and β is 90°, the granite specimen occurs the shear
failure along secondary joint plane direction, and its uniaxial compressive strength is small. Generally, when α or β is a fixed value,
the uniaxial compressive strength firstly decreases and then increases with the increase of β or α. Additionally, when α is 60° and
β> 45°, the uniaxial compressive strength represents a decreasing trend.+e uniaxial compressive strength at α and β between 30°
and 60° is generally small. Finally, the microdisplacement field distributions of granite specimen were discussed.

1. Introduction

Under the effects of geological tectonic stress field, there are
a significant amount of native defects in a natural rock mass,
such as joints, fractures, faults, various microinclusions, and
pores. +ese native defects play an important role in the
mechanical properties of the rock mass, further influencing
the stability of underground engineering [1–3]. Among
them, the joint is a common native defect. It is significant to
study the strength and failure characteristics of jointed rock
mass.

Many experimental and numerical simulation studies have
been conducted on the strength and failure characteristics of

natural jointed rock masses by many scholars, and they have
obtained many interesting results. Li et al. performed the
conventional triaxial compression tests on the marble speci-
mens containing natural joints, and the effects of joint angle
(between the joint plane and major principal stress) varying
from 29.3° to 56.0° on the strength and failure model were
studied [4]. +rough conventional triaxial compression tests
on the shale, three failure modes were found by Niandou et al.,
which was affected by the included angle between joint plane
and major principal stress, and confining pressure [5]. Mao
and Yang have carried out the uniaxial and triaxial com-
pression tests of slate with single set of structural planes, and
they established one-dimensional and three-dimensional
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intensity variation law of slate with single set of structural
planes using single discontinuities theory [6]. Prudencio and
Jan performed the biaxial compression tests on the physical
models of rock with nonpersistent joints, and the effects of
joint spacing, joint angle, and joint arrangement on the
characteristics of failure mode, strength, and deformation of
rock mass were studied [7]. By conducting the uniaxial
compression tests on gypsum specimens with a set of pre-
existing open flaws, the influences of joint inclination angle
and joint connectivity rate on uniaxial compression
strength, elastic modulus, and stress-strain curves of rock
mass were well investigated by Chen et al. [8]. Using a new
shear device, Gehle and Kutter studied the breakage and
shear behavior of intermittent rock joints [9]. Xiao et al.
studied the deformation and strength of columnar jointed
rock-like material made of the mixtures of plaster, cement,
and water under uniaxial compression and proposed four
types of failure modes of columnar jointed rock mass under
uniaxial compression [10]. Goldstein et al. studied the size
effects on the strength of jointed rock mass under uniaxial
compression [11]. +e true-triaxial compression tests fo-
cused on the influences of orientation and the intermediate
principal stress of joints on the rock mass strength were
carried out by Reik and Zacas [12]. Laijtai performed the
direct shear test on the intermittent jointed rock mass, and
the composite damage theory was put forward [13]. Based on
the equivalent rock mass (ERM) technique, Zhou et al.
performed the triaxial compression simulation on the
jointed rock mass using the PFC3D software [14]. And, they
found that the deformation and failure behavior were af-
fected by joint degradation, the microcrack formation in the
intact rock, the interaction between two joints, and the
interactions of microcracks and joints. Using FLAC soft-
ware, the effects of joint angle on the peak strength, me-
chanical behavior, and pattern of shearband (SB) of the
anisotropic jointed rock specimen [15] were studied. Using
PFC2D software, Yang and Huang carried out the Brazilian
splitting test for the jointed rock specimen, and the effects of
joint angle and notch angle on the tensile strength and
failure mode of jointed rock specimens were detailed ana-
lyzed [16]. Yang et al. studied the growth mechanism of
three-dimensional (3D) cracks in rocks under tension as well
as the strength and failure behavior of samples [17]. Morgan
et al. studied the cracking processes in Barre granite, in-
cluding the fracture process zones and crack coalescence
[18]. Also, the effects of joint angle in coal on the failure
mechanical behavior of a roof rock-coal combined body
were studied by Yin et al. [19].

+e aforementioned achievements have great important
significances for understanding the strength and failure
characteristics of jointed rock mass. However, most of the
above studies are focused on the rock mass containing single
joint, groups of parallel joints, or nonpersistent joints. And,
in the actual rock mass engineering, the joints generally
occur in the form of a cross. Due to the difficulty in sampling
for the rock specimen with cross-joints, there are few studies
on the strength and failure characteristics of rock mass with
cross-joints. +e strength and failure characteristics of the
rock specimen containing two sets of cross-joints with equal

lengths were studied by Kulatilake et al. [20] and Huang and
Yang [21]. At the same time, the cross-joints in rock mass
may be of different lengths.

For these, in this paper, the uniaxial compression tests
for granite specimens containing a set of cross-joints with
different lengths were simulated by PFC2D software. And, on
the basic of variations of the included angles of α between the
main joint and loading direction, and β between the main
joint and secondary joint, the effects of cross-joints on
strength and failure characteristics were analyzed.+e above
achievements are of great significances for understanding
mechanical properties of jointed rock mass.

2. Uniaxial Compression Model for Granite
Specimen Containing a Set of Cross-Joints
with Different Lengths

2.1. Particle Flow Code. +e particle flow code (PFC) is an
effective method to study the macromechanics problems of
an analytic object (including construction and rock mass) at
the microlevel [22–26], which has been widely applied in
simulation tests of uniaxial compression, biaxial compres-
sion, and triaxial compression for the rock specimen
[19, 27–30]. +ere are two bonding models in PFC2D soft-
ware, including the contact bond model and parallel bond
model [26–30]. Among them, the parallel bond can transmit
both force and moment between particles, which is well
applied to simulate the compact material, such as rock
material. In this study, we built the uniaxial compression
model for the granite specimen containing a set of cross-
joints with different lengths using the parallel bond.

2.2. Microparameters of Granite Specimen. In the parallel
bond model, the macromechanical properties of the simu-
lation model are mainly determined by microparameters of
particles, such as the contact modulus of particles, particle
stiffness ratio, elastic modulus of parallel bonding particles,
normal strength of parallel bonding particles, shear strength
of parallel bonding particles, and ratio of parallel bonding
normal stiffness to parallel bonding shear stiffness. However,
these microparameters cannot be directly achieved by the
laboratory tests. +erefore, before running the uniaxial
compression tests, a lot of numerical simulation tests under
same conditions as laboratory tests should be conducted until
that it can well reproduce the macromechanical properties
measured in the laboratory test. And, the determinations of
microparameters are a process of minimizing the errors
between the numerical results and experimental results.

Due to the limitation of laboratory test condition, the
microparameters of granite provided by Zhang et al. [31, 32]
were used to carry out numerical test. Firstly, Zhang et al.
conducted the triaxial compression tests for the standard
granite specimen [31]. And, the mechanical parameters
(shown in Table 1) of triaxial compression of the standard
granite specimen were selected as the reference basis for de-
termining the microparameters. +en through the method of
“trial and error” repeated check comparison, the micro-
parameters of granite were well achieved, as shown in Table 2.
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At the same time, the difference between the test values of
cohesive force and internal friction angle is larger than that of
the simulated values.+is is the result of circular particles used
in the simulation model [32]. Figures 1 and 2 show the
comparison of stress-strain curves and failuremodes obtained
by experiment and simulation under triaxial test of confining
pressure of 6MPa, respectively. In Figures 1 and 2, the sim-
ulated stress-strain curve and failure mode are in good
agreementwith the laboratory test of the real granite specimen.

2.3. Model Construction for Granite Specimen Containing a Set
of Cross-Joints with Different Lengths. A particle flow model
of the granite specimen with a set of cross-joints with dif-
ferent lengths was established by radius extension, as shown
in Figure 3. +e model size is 70mm× 140mm. And, a total
of 16459 particle samples were generated in the model. +e

minimum particle radius is 0.3 mm, and the ratio of largest
to smallest radius of particle is chosen as 1.66. A set of cross-
joints with different lengths were created through JSET
command. For distinguishing the main joint and secondary
joint, particles passing through the main joint plane are
represented by red, while particles passing through the
secondary joint plane are represented by blue. And, centers
of the main joint, secondary joint, and granite specimen are
coincident.+e lengths of the main joint and secondary joint
are 30mm and 20mm, respectively. Additionally, the in-
cluded angle between the main joint and loading direction is
α, and β is the included angle between the main joint and
secondary joint.

A joint plane contact is defined in PFC2D software as
a special contact that exists between particles that fall on
opposite sides of the joint plane [33]. According to the
previous studies, the microparameters of the joint plane
were weakened and generally set as very small values
[19, 26–29]. In this study, the microparameters of the main

Table 1: Physicomechanical parameters and PFC results.

Macromechanical parameter Triaxial compression test
result

Numerical simulation
result

Error between triaxial compression test
result and numerical simulation result

Elastic modulus (GPa) 28.7 28.4 1.05%
Triaxial compressive strength under
confining pressure of 6MPa (MPa) 130.5 132.8 1.76%

Poisson’s ratio 0.2300 0.2285 0.65%
Cohesive force (MPa) 15.9 20.87 31.26%
Internal friction angle (°) 49.86 43.68 12.39%

Table 2: Microparameters of granite.

Microparameter Value Microparameter Value
Minimum particle size (mm) 0.3 Elastic modulus of parallel bonding particles (GPa) 43
Particle size ratio 1.66 Normal strength of parallel bonding particles (MPa) 88± 10
Density (kg/m3) 2800 Shear strength of parallel bonding particles (MPa) 160± 10

Contact modulus of particles (GPa) 5 Parallel bonding normal stiffness/parallel bonding
shear stiffness 3

Contact normal stiffness/contact shear stiffness 3 Parallel bond radius multiplier 1
Coefficient of friction 0.8
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Figure 1: Comparison of stress-strain curves obtained by exper-
iment and simulation under triaxial test.
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Figure 2: Comparison of failure modes obtained by experiment
and simulation under triaxial test.
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joint plane were taken the same as that of the secondary joint
plane. Among them, the friction coefficient was set as 0.1,
and parallel bond normal strength and parallel bond tan-
gential strength were all set as 0.

Now, the uniaxial compression model for the granite
specimen with a set of cross-joints with different lengths was
built. For this work to be executed, the loading was performed
by moving the upper and lower walls at a loading rate of
0.1m/s. InPFC2D software, the time step is about 4.2×10−8 s/step.
+us, 0.1m/s can be converted into 4.2×10−9m/step. +at is,
the upper and lower walls moving 1mm require about 238095
steps. Also, the loading rate of 0.2m/s is sufficient to ensure
that the rock samples are under quasistatic loading [34].
+erefore, in this study, the loading rate of 0.1m/s can ensure
that uniaxial compression models are under quasistatic
loading.

2.4. Simulation Test Conditions. In this study, α and β were
all taken as 0°, 30°, 45°, 60°, and 90°, respectively. +en, α and
β were combined with each other, and there are 25 test
simulation conditions, as shown in Table 3. +e simulation
test conditions of 1, 6, 11, 16, and 21 are single jointed granite
specimens.

3. Strength Characteristics

3.1. Effects of α and β on the Stress-Strain Behavior. Figure 4
illustrates the stress-strain curves of granite specimens under
a definite value of α. And, Table 4 gives the simulation
results, including the uniaxial compressive strength and
elastic modulus.

In Figure 4, the stress-strain curves of granite specimens
under different simulation test conditions are basically

consistent, which can be divided into three stages, ranging
from linear elastic deformation stage, nonlinear deformation
stage, to postpeak strain softening stage. And, the included
angles of α and β affect the uniaxial compressive strength
and axial strain values required for each stage. At the same
time, the elastic modulus almost does not change with the
included angles of α and β, indicating that the stress-stain
curves are coincident in the linear elastic deformation stage.
And, these are verified in Table 4. In Table 4, the elastic
modulus of granite specimens is basically similar. +is is
principally because that there is no initial compression stage
in PFC2D software, which is different form the physical test
[35]. And, this phenomenon can be found in many simu-
lation studies using PFC2D software [19, 26–29].

3.2. Effects of α and β on the Strength Characteristics. Figure 5
shows the variation regularities of the uniaxial compressive
strength with α and β, respectively.

In Figure 5(a), when β is a fixed value, the uniaxial
compressive strength decreases in the first place and then
increases with the increase of α. When β is 0°, the granite
specimens are the single jointed specimens. +e variation
regularity of uniaxial compressive strength with α is con-
sistent with that of the single jointed rock specimen, verifying
the accuracies of the simulation. However, when β is 45° or
60°, the uniaxial compressive strength shows a decreasing
trend at α of 90° compared with that at α of 60°. +rough
previous studies and macrofailure patterns of granite speci-
mens (shown in Figure 6), the uniaxial compressive strength
corresponding to the shear failure along the joint plane di-
rection is relatively low.+e granite specimen at α of 90° and β
of 45° is mainly destroyed by the shear failure basically along
the secondary joint plane direction. +e hybrid failures occur
in the granite specimen at α of 90° and β of 60°, including the
shear failure basically along the secondary joint plane di-
rection and tensile failure propagating from the lower tip of
the secondary joint. +us, their uniaxial compressive
strengths decrease at a certain extent.

In Figure 5(b), the uniaxial compressive strength firstly
decreases and then increases with the increase of β under
a fixed value of α. At the same time, when α is 60° and β> 45°,
the uniaxial compressive strength represents a decreasing

Upper wall

Lower wall

Main joint
Secondary joint

β

α

140 mm 

70 mm

Figure 3: Simulation model for the granite specimen with a set of
cross-joints with different lengths.

Table 3: Simulation test conditions.

Condition α (°) β (°) Condition α (°) β (°)
1

0

0 14 45 60
2 30 15 90
3 45 16

60

0
4 60 17 30
5 90 18 45
6

30

0 19 60
7 30 20 90
8 45 21

90

0
9 60 22 30
10 90 23 45
11

45
0 24 60

12 30 25 90
13 45 —
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trend. Among them, the shear failure along the secondary
joint plane direction causes the failure of the granite
specimen at β of 90°. +us, the corresponding uniaxial

compressive strength is relatively small. And, the failure
patterns at β of 45° and 60° are basically similar and hybrid
failure model, including the shear failure propagating from
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Figure 4: Stress-strain curves of the granite specimens under a definite value of α. (a) α� 0°, (b) α� 30°, (c) α� 45°, (d) α� 60°, and (e) α� 90°.
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main joint tips and tensile failure propagating from the
joint center or the secondary joint tips. +eir shear crack
propagation paths are similar. At the same time, tensile
crack propagation paths are not the same, especially the
crack 1 and crack 2 as shown in Figure 6. In PFC2D

software, only when the stress intensity transmitted be-
tween the particles is larger than the parallel bonding forces
between the particles, the microcrack can be generated.
Propagation path of crack 1 is larger than crack 2, which
means more external forces are needed to the overcome
parallel bonding forces for microcracks formation. Cor-
respondingly, the uniaxial compressive strength is larger.
+us, the uniaxial compressive strength at β of 45° is larger
than that at β of 60°.

+e influences of α and β on the uniaxial compressive
strength are summarized in Figure 7. Generally, when α and
β are all between 30° and 60°, the uniaxial compressive
strength of the granite specimen is generally small.

4. Failure Characteristic Analysis

4.1. Macrofailure Patterns of Granite Specimen. Figure 6 gives
the macrofailure patterns under different simulation test
conditions. +e failure characteristics of granite specimens
were concretely analyzed as follows.

4.1.1. α of 0° or 90°. When β is 0°, the main joint and sec-
ondary joint are coincident. Now the granite specimens are
single jointed specimens. And, their failures are the hybrid
failure pattern, including the shear failure and splitting
failure. When β ranges from 30° to 60°, the secondary joint is
the key joint for crack propagation and failure of the granite
specimen. +e granite specimens are mainly destroyed by
the shear failure propagating from the secondary joint tips.
And, the secondary failure cracks propagating from themain
joint tips occur in different degrees. However, when α is 90°

Table 4: Simulation test results.

Condition Uniaxial compressive strength
(MPa)

Elastic modulus
(GPa) Condition Uniaxial compressive strength

(MPa)
Elastic modulus

(GPa)
1 131.97 29.10 14 109.85 28.57
2 129.89 28.88 15 113.42 28.58
3 125.59 28.87 16 121.19 28.82
4 127.47 28.86 17 117.82 28.64
5 129.41 28.88 18 121.08 28.65
6 123.55 28.93 19 114.58 28.61
7 110.68 28.71 20 111.85 28.66
8 114.28 28.60 21 129.3 28.84
9 118.34 28.65 22 126.38 28.54
10 120.87 28.71 23 119.89 28.54
11 114.48 28.79 24 110.78 28.61
12 111.06 28.53 25 128.64 28.78
13 110.33 28.54 —
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Figure 5: Relationships between (a) uniaxial compressive strength and α and (b) uniaxial compressive strength and β.

6 Advances in Civil Engineering



and β is 30°, the failure of the granite specimen is caused by
the combined actions of the shear failures propagating from
the main joint tips and upper tip of the secondary joint and
the tensile failure propagating from the lower tip of the

secondary joint. Additionally, when α is 0° or 90° and β is 90°,
the failure of the granite specimen is the shear failure
crossing upper tips of the main and secondary joints, ac-
companied by shear failures at the bottom.

α = 0°, β = 0° α = 0°, β = 30° α = 0°, β = 45° α = 0°, β = 60° α = 0°, β = 90°

α = 30°, β = 0° α = 30°, β = 30° α = 30°, β = 45° α = 30°, β = 60° α = 30°, β = 90°

α = 45°, β = 0° α = 45°, β = 30° α = 45°, β = 45° α = 45°, β = 60° α = 45°, β = 90°

α = 60°, β = 0° α = 60°, β = 30° α = 60°, β = 45° α = 60°, β = 60° α = 60°, β = 90°

α = 90°, β = 0° α = 90°, β = 30° α = 90°, β = 45° α = 90°, β = 60° α = 90°, β = 90°

1 2

AA

BB

DD

CC

EE

Figure 6: Failure patterns of granites containing a set of cross-joints with different lengths.
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4.1.2. α of 30° or 45°. No matter what the value of β is, the
shear failure propagating from the main joint tips causes the
failure of the granite specimen, illustrating that the main
joint is the key joint for crack propagation and failure of the
granite specimen.

4.1.3. α of 60°. When β is 0°, the shear failure propagating
from single joint tips is the main failure of the granite
specimen, accompanied by tensile failure propagating from
the joint center. And, when β are 30°, 45°, and 60°, the failures
of granite specimens are the hybrid failure patterns, in-
cluding the shear failure propagating from the main joint
tips and tensile failure propagating from the joint center or
secondary joint tips. And, the tensile failure degree is larger
than that at β of 0°, illustrating that the secondary joint
enhances the tensile failure. Additionally, the secondary
joint is the key joint for crack propagation and failure of the
granite specimen at β of 90°. +e granite specimen occurs
shear failure along the secondary joint plane direction.

4.2. Microdisplacement Field Distributions of Granite Specimen.
+e microdisplacement distribution is helpful to reveal
micromechanism of crack propagation [15, 18]. Figure 8
presents the microdisplacement distributions of the mac-
rotensile crack and macroshear crack. And, the icons of
AA, BB, CC, DD, and EE correspond to AA, BB, CC, DD,
and EE in Figure 6.

In Figure 8, there are three types of mesodisplacement
field distributions for macrotensile crack. Firstly, the particles
move in the same direction, and then parts of them change the
movement direction (shown in Figure 8(a) AA), or they move
apart (shown in Figure 8(a) BB). +us, the microcracks are
generated. And, these two kinds of mesodisplacement field
distributions for macrotensile crack are basically consistent
with research results studied by Zhang and Wong [36]. +e
third one is that particles move in opposite directions for
microcrack generation, as shown in Figure 8(a) CC. More-
over, particles located on both sides of macroshear crack
move in the parallel and opposite directions.

5. Conclusions

According to the above analysis, the following conclusions
were drawn:

(1) +e included angles of α and β affect the uniaxial
compressive strength of the granite specimen.
Generally, when α or β is a fixed value, the uniaxial
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Figure 8: Mesodisplacement field distribution of (a) macrotensile
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compressive strength firstly decreases and then in-
creases with the increase of β or α. At the same time,
when α is 60° and β> 45°, the uniaxial compressive
strength represents a decreasing trend. And, the
uniaxial compressive strength at α and β between 30°
and 60° is generally small.

(2) +e failure pattern of the granite specimen depends
on the included angles of α and β. When α is 30° or
45°, no matter what the value of β is, the main joint
controls the crack propagation and failure of the
granite specimen. +e granite specimen mainly oc-
curs the shear failure propagating from the main
joint tips. At the same time, the secondary joint is the
key joint for crack propagation and failure of the
granite specimen at α of 0° and 90° except when β is
90°. +e granite specimen is mainly destroyed by the
shear failure propagating from secondary joint tips.
And, the shear failure crossing upper tips of the main
and secondary joints is found in the granite specimen
at α of 0° or 90° and β of 90°. Also, the combined
actions of the main and secondary joints determine
the crack propagation and failure of the granite
specimen at α of 60° except when β is 90°. +e granite
specimen failure is the hybrid failure pattern, in-
cluding the shear failure propagating from the main
joint tips and tensile failure propagating from the
joint center or secondary joint tips. And, when α is
60° and β is 90°, the granite specimen occurs the shear
failure along the secondary joint plane direction.

(3) +ere are three types of mesodisplacement field
distributions for macrotensile crack. Firstly, the
particles move in the same direction, and then parts
of them change the movement direction or, they
move apart. +e third one is that particles move in
opposite directions for microcrack generation.
Moreover, particles located on both sides of mac-
roshear crack move in the parallel and opposite
directions.
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Due to the difference of geomorphology and the development of fractures, the hydrochemical function and behavior appear to be
complex. Variations of karst water conductivity can reflect the contribution of different runoff sources and thus indirectly reflect
the development characteristics of conduits and fractures. Taking Houzhai karst system (southwestern China) as a case study, the
frequency distribution curves of karst water conductivity were decomposed by Gaussian Mixture Analysis to identify the runoff
components of different karst landform. .e dominant runoff types had been distinguished, and the relative contribution of
the different water types had been investigated. .e results showed that the karst flow types were slope flow, rapid fracture flow,
and slow fracture flow. Rapid fracture flow was the major recharge type of Houzhai karst water system. Slow fracture flow in the
downstream area accounted for a larger proportion than that of the upstream area..e relative contribution of the different runoff
components showed that the upstream area was a rapid flow area of conduit structure with low storage capacity, the downstream
area was an aquifer spatial structure of netted fissure conduit with high storage capacity, and the midstream area was a transitional
zone between the upstream and downstream area.

1. Introduction

Hydrochemical responses can rapidly reflect the heteroge-
neous karst water system for the rainfall input signal events
[1, 2]. .e most significant influence of rainfall on the
chemical dynamics of karst water is the dilution effect. .at
is, with the increase of precipitation, especially in heavy
rainfall, karst water can be recharged by adequate pre-
cipitation. Due to the large amount conduit of karst water
system, making the rapid infiltration rate of precipitation,
the chemical concentrations of karst water reduce rapidly.
.e response characteristics of chemical dynamic of karst
water to precipitation reflect the characteristics of ground-
water recharge process, runoff, landform type, and fracture
development in the karst aquifer system [3–5]. In the same
karst basin, for different landform combination types with
different carbonate rock outcrop conditions and different
development degrees of karstification, even under the same
rainfall intensity, karst water chemical dynamic response of
different landform combinations to precipitation is not the

same. Hydrochemical responses in a karst conduit system are
more sensitive than those in a porous and narrow fissured
karst system [6].

Conductivity refers to the ability of the solution to
conduct electricity and reflects the amount of total dissolved
solids (TDS) in the water, whereas karst water is dominated
by the balance of calcium carbonate. Variations of karst
water conductivity can reflect the contribution of different
runoff sources to the karst water system, which can be either
exogenous water that reaches the karst water system through
the sinkhole, disperse permeate recharge water, or store in
small fractures base flow [7]. .ese can also indirectly reflect
the development characteristics of conduits and fractures.
Shuster and White [8] proposed in 1971 that the coefficient
of variation of conductivity of karst water can be used to
classify the hydrodynamic characteristics of karst water
systems; the karst water system with variation coefficient less
than 5% is dominated by dispersed flow, whereas the karst
aquifer system with variation coefficient more than 5% is dom-
inated by conduit flow. Newson [9] and Worthington et al. [10]
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pointed out that the coefficient of variation of hardness or
conductivity of karst water can be used as an indicator of the
source division of runoff components of karst aquifer sys-
tem. Bakalowicz and Manign [11] showed that the karst
water conductivity distribution can provide more accurate
information about karst aquifer system based on the studies
of several karst aquifers in France. Some conductivity fre-
quency distributions of karst water system were unimodal
distribution, while some were multimodal distribution, with
a very wide concentration range. .erefore, it is not enough
to describe the hydrodynamic characteristics of karst system
by using the statistical parameter of variation coefficient
alone..e conductivity frequency distribution curve of karst
water reflects the karst water mineralization and chemical
composition of the dynamic variability. Carbonate distri-
bution basically controls the hydrochemical characteristics,
hydrochemical type, and spatial hydrochemical distribution
of karst water. Precipitation also plays an important role
in the formation of hydrochemical features. Under the
combined influence of precipitation dilution, geology of
underlying surface, and karst geomorphology, different
hydrogeological units have different characteristics of sub-
surface flow processes. In the karst aquifer system, the
frequency distribution curve of water chemical variables
showed a multipeak distribution, with different peaks rep-
resenting different water sources and occupying the corre-
sponding proportions.

In this paper, the research focuses on the decomposition
of the frequency distribution curve of karst water conduc-
tivity by Gaussian mixture analysis and expectation-
maximization algorithm to divide runoff components of
different karst landform combination types. .e results can
give an insight on the hydrodynamic behavior and the
fracture development degree of karst system.

2. Study Area

Guizhou Houzhai karst basin (Figure 1) is located in the
south of Puding County, Guizhou Province, southwestern
China, with an area of 81 km2. .e basin in the southeast is
higher than that in the northwest where the altitude is
between 1220 and 1400m above sea level. .e carbonate
rocks in the basin are widely distributed. .e main aquifers
of the basin are comprised of limestone and dolomite of the
Middle Triassic Guanling formation (T2g). .e Middle
Triassic Guanling Formation can be divided into three
members including T2g1, T2g2, and T2g3 (Figure 2). .e first
member of the Guanling Formation (T2g1) occurs mainly in
the upstream of the basin..e second member (T2g2) occurs
in the area from Chenqi, Maguanto Sanjianfang. .e third
member (T2g3) occurs in the area from Pingshan to
Maoshuikeng [3]. .ere are several surface rivers and un-
derground rivers developed in the basin, which generally
flow from east to west.

.ere are three kinds of landform combination types
(Figure 1) which control different forms of water recharge
and transformation process. .e first landform combination
type is the peak-cluster depression which mainly occurs
in the upstream area, northeast of Houzhai karst basin.

.e area is almost exposed karst area and no surface river.

.e land surface exhibits closed depressions which often
contain funnels, sinkholes, or vertical shafts. Overland runoff
resulting from large storms flows into the underground river
systems faster along the funnels, sinkholes, or vertical shafts.
.e infiltration process mainly occurs in the fractures and
conduits, where the hydraulic gradient is larger. .e depth to
groundwater is mostly greater than 15m..e second landform
combination type is the peak-cluster valley and trough valley
combination type distributed in the midstream area which is
a transition zone from peak-cluster depression to peak-cluster
basin. Surface rivers and underground rivers alternate with
each other. .e area is covered by thin layer soil. .e depth to
groundwater is shallow, ranging from 1 to 10m. Moreover, the
groundwater flow is mainly horizontal. .e third landform
combination type is a peak-cluster basin, and hilly combination
type occurs in the downstream area. .e area is covered by
thick layer soil. .e downstream zone is characterized by an
aquifer spatial structure of netted fissure conduit with high
storing and regulation power. .e depth to groundwater is
shallow, and the underground river has formed a large exit at
Maoshuikeng [12].

3. Methods

3.1. Gaussian Mixture Analysis (GM). Gaussian mixture
analysis [13], also known as frequency distribution analysis
method, is a statistical clustering algorithm. .e frequency
distribution curve can be decomposed into multiple
Gaussian distribution curves; each of the different Gaussian
distribution curves represents different components which
occupy the corresponding relative proportion. In this
paper, the conductivity frequency distribution curve of
karst water is decomposed to several Gaussian distribution
curves. Each Gaussian distribution curve obtained by de-
composition represents the frequency distribution of
a runoff component. .e probability density function of
data X(t)(x ∈ Rd) is assumed to be p(x), which is a mix-
ture of H Gaussian components. .e model can be
expressed as follows:

P(x|λ) �∑
H

i�1
kifi(X), (1)

where ∑

ki � 1, i � 1, 2, . . . , H; ki are mixed weighting

coefficients; and fi(X) obeys the Gaussian distribution with
expectation ui and variance σi2.

So, the Gaussian mixture probability density function
can be characterized by the expected ui, the variance σi2, and
the mixing weighting factors of the Gaussian probability
density of all components:

λi � ui, σi, ki , u1 < u2 < · · · < uH. (2)

.en, these unknown parameters (k1,. . ., kH; u1,. . ., uH;
σ1,. . ., σH) should be calculated. Suppose there is a density
function controlled by the parameter vector λ, where the
function L(λ|X) is called the likelihood function and is the
parameter λ function parameter determined by the obser-
vation vector X:
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P(x|λ) �∑
H

i�1
kifi(X) � L(λ|X),

λ∗ � arg max
λ

L(λ|X).

(3)

.ese unknown parameters can be calculated by the
expectation-maximization algorithm presented in the fol-
lowing section. .e goal of maximization is to find the
parameter λ∗.

3.2. Expectation-Maximization Algorithm (EM). .e
expectation-maximization Algorithm (EM) [14] is an al-
gorithm that looks for the parameter maximum likelihood
or maximum a posteriori estimates in a probabilistic model
where the probabilistic model relies on unobservable im-
plicit variables, that is, the maximum likelihood estimation
of distribution parameters can be calculated from in-
complete data.

Suppose that data X is incomplete data which is observed
and constructed according to a certain distribution. Suppose
that the complete data set Z� (X, Y) is formed after the
missing data Y is introduced..e joint density function of Z is

p(z|θ) � p(x, y|θ) � p(y|x, θ)p(x|θ). (4)

.e joint density function is mainly calculated from the
edge density function and hidden variables. Define a new
likelihood function:

L(θ|z) � L(θ|X, Y) � p(X, Y|θ) � hx,θ(Y). (5)

.e EM algorithm estimates the unknown data Y from
the known observed data and the current parameter, so the
expected value of the complete data of the likelihood
function p(X, Y|θ) can be estimated:

Q θ, θ(i−1)
  � E ln p(X, Y|θ) X, θ(i−1)

 

� 
y∈γ

ln p(X, y|θ)f y X, θ(i−1)
 dy.

(6)

θ(i−1) is the current parameter used to estimate the
expected value, and θ is the new parameter after iteration.
θ is a formal variable that can be adjusted, and Y is
a random variable controlled by the function
f(y|X, θ(i−1)). f(y|X, θ(i−1)) is the edge density function of
unobserved data, which is determined by the observation data
X and the parameters θ. c is the value range of y. For the
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function h(θ, Y), there is a deterministic function that can be
maximized:

EY[h(θ, Y)] � 
y

h(θ, Y)fY(y)dy. (7)

4. Data Characteristics and Analysis

According to the runoff and transformation process of karst
water in Houzhai karst basin, the water sources of the karst
water runoff in Houzhai karst basin were divided into three
types, including slope flow, rapid fractured flow, and slow
fractured flow (Figure 3). Different water sources have
different boundary conditions and different flow concen-
tration rates. Slope flow recharged from excess infiltration
reaches the outlet fast through the underground rivers, and
its discharge hydrograph rises and declines rapidly. Rapid
fracture flow reaches the outlet through large fissure network
and underground rivers after being transferred to storage.
.e concentration velocity is slower than that of slope flow,
and the degree of regulation and storage is larger than that of
slope flow. .e slow fracture flow reaches the outlet section
through narrow fissures network and underground rivers.
.e concentration velocity is less than that of the fast

fracture flow, and the degree of regulation and storage is
greater than that of the rapid fracture flow [15].

In this paper, the conductivity time series data of three
representative monitoring stations (Muzhudong, Laoheitan,
and Zilaishuijing) in the upperstream, middlestream, and
downstream area, respectively, from 1990 to 1992 were an-
alyzed. .e monitoring data were managed and maintained
by the staff in the local karst study institution.

According to the discharge hydrograph of three stations
in 1991 (Figure 4), it can be seen that the spring hydrograph
of the upstream Muzhudong station displays a spike type
with large discharge variation and short lag time to pre-
cipitation. .e spring hydrograph of the downstream
Zilaishuijing station showed a smooth type with a longer lag
time to precipitation. .e spring hydrograph of the mid-
dlestream Laoheitan station was smoother than that in
upstream but sharper than that in downstream, and flood
peak flow is less than the Muzhudong station.

.erefore, different hydrological and geomorphological
structural units have different water flow characteristics
including recharge mode, water transformation process, and
runoff regulation, and these differences also lead to the
difference in the chemical characteristics of karst water.
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5. Results and Discussion

By using the Gaussian mixture analysis method and the
expectation-maximization algorithm, the conductivity
frequency distribution curves of three representative sta-
tions (Muzhudong, Laoheitan, and Zilaishuijing)in three
water years were decomposed respectively (Figure 5). From
Figure 5, there were four different runoff components (P1,
P2, P3, and P4), where P1 was in the lower conductivity
distribution, P4 was in the higher conductivity distribution,
and P2 and P3 were in the middle of the conductivity
distribution.

Judging from the conductivity distribution range, it is
assumed that P1 represents slope flow. When the rainfall
intensity exceeds the infiltration capability of the fracture,
the excess-infiltration precipitation form slope flow con-
verges to the funnels and the sinkholes and recharges the
underground river in a concentrated way. .e discharge of
P1 runoff was large, and its rate was fast with short residence

time. .eir conductivity value was in the lower distribution
range because the runoff was easy to dilute with lower
chemical ion concentration. P4 represents slow fracture flow
which penetrated along smaller fissures, moved slowly in the
rock mass and secondary fissures, and formed the basic flow
of the underground river. .e recharge time is long, and the
discharge was small. .e chemical concentration of slow
fracture flow was high and in the higher distribution range.
P2 and P3 represent rapid fracture flow. .eir chemical
concentration values were between the values of the slope
flow and the slow fracture flow. After precipitation infil-
trated downward from the surface and encountered larger
fissures or fractures, rapid fracture flow was formed to di-
rectly recharge the underground conduit.

Due to different fracture sizes, rapid fracture flows were
formed with different convergence velocities. P2 and P3 were
likely to be two different rapid fracture flows. .e con-
ductivity of P3 is greater than P2, suggesting that the
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Figure 3: .e karst runoff process of Houzhai kasrt basin.
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concentration rate of P3 may be slower than that of P2. Table
1 shows the relative contributions of different runoff
components at three stations from 1990 to 1992, respectively.

From Figure 5 and Table 1, we can conclude the following:

(1) .e relative contributions of P2 and P3 at the three
stations were the largest than those of P1 and P4,

indicating that the underground runoff in Houzhai
karst basin was dominated by rapid fracture flow
with an average contribution degree of 66%. .e
average contribution of slope flow (P1) was 21.9%
and that of slow fracture flow (P4) is 12.1%. .us, it
can be seen that Houzhai karst basin is a well-
developed karstified system.
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Figure 5: Specific frequency distribution curves of three stations in different water year. (a) Muzhudong station. (b) Laoheitan station. (c)
Zilaishuijing station.

Table 1: .e relative contribution of the different runoff components of three stations.

Station Water year P1 (%) P2 (%) P3 (%) P4 (%) Discharge (m3/s) Precipitation (mm)

Muzhudong
1990 36.75 29.6 29.78 3.88 0.119 1093.7
1991 6.28 34.25 53.19 6.28 0.316 1806
1992 24 40 32 4 0.168 1271.8

Average 22.34 73 4.72 0.201 1390.5

Laohetan
1990 53.33 20 16.67 10 0.244 1129.6
1991 7.83 40.26 35.77 16.14 0.43 1726.9
1992 28 16 36 20 0.312 1320.7

Average 29.72 54.9 15.38 0.329 1392.4

Zilaishujing
1990 15.38 38.46 34.62 11.54 0.758 1184.5
1991 8 32 52 8 0.918 2404.7
1992 17.65 35.29 17.65 29.41 0.839 1390.9

Average 13.68 70 16.32 0.838 1660
Average 21.9 66.0 12.1 0.456 1481
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(2) Slow fracture flow (P4) in the downstream Zilaish-
uijing station accounts for the largest proportion
(16.32%) than the upstream and middlestream which
account for only 4.72% and 15.38%, respectively.
It can be seen that the storage capacity of karst
aquifer system in the Houzhai karst basin increases
gradually from the upstream to the downstream..e
downstream area was covered by a thick layer of
lateritic sediments, which can slow the rapid in-
filtration of rainfall. .e karst horizontal morphol-
ogy is more developed than that of the vertical
morphology. .e groundwater movement was
dominated by horizontal movement.

(3) From the two graphs in Figures 5(a) and 5(b), it
showed a leftward shift of the distribution range of
conductivity of karst water in 1991 (relative wet year)
on the coordinate axis, indicating that, in the wet
year, conductivity of karst water and the distribu-
tion range of conductivity became smaller as pre-
cipitation increased. However, from the graph in
Figure 5(c), the distribution range of conductivity
did not change with the variation of precipitation. It
also showed that the chemical dynamics of
groundwater in the downstream was relatively
stable, and the storage capacity of groundwater in
downstream area is greater than that of the up-
stream and middlestream area.

(4) .e contribution degree of slope flow was relatively
larger at upstream Muzhudong Station and mid-
dlestream Laoheitan Station accounting for 22.34%
and 29.72%, respectively, while the contribution
degree of slope flow in the downstream Zilaish-
uijing station was only 13.68%. .e karst vertical
morphology of upstream and middlestream area
were more developed than that of downstream.
Vertical sinkholes and funnel at upstream and
middlestream areas in Houzhai karst basin are
widely distributed, and they often connect to these
underground river systems. Overland runoff
resulting from large storms flows into the un-
derground river systems faster along the funnels,
sinkholes, or vertical shafts.

6. Conclusions

.e results of this research obtained through the de-
composition of the frequency distribution curve of karst
water conductivity suggest that the karst water sources in
Houzhai karst basin are composed of three runoff com-
ponents, including slope flow, rapid fracture flow, and slow
fracture flow.

.e relative proportions of different runoff components
can reflect the different storage capacities of different karst
landform types and development degrees of fractures. .e
rapid fracture flow accounts for the largest proportion of
karst water in the whole karst basin. .e slow fracture flow
accounts for a relatively larger proportion in the down-
stream, and the proportion of slope flow in the upstream

Muzhudong station and middlestream Laoheitan station is
relatively larger.

.e storage capacity of downstream area is significantly
higher than that of the upstream and middlestream areas.
.e runoff of karst water recharged by the precipitation is in
different ways. .e spatial distribution of this runoff is di-
rectly controlled by the distribution of karst groundwater
systems and its dynamic processes. Concentrated recharge
and diversion of leakage recharge are themain recharge ways
of runoff in bare karst areas while the concentrated recharge
and dispersive infiltration recharge are the main recharge
modes in the covered karst regions. .e frequency distri-
bution curve of karst aquifer conductivity can well reflect the
hydrological characteristics of karst water and the compo-
sition of runoff components. And this method can indirectly
reflect the development degree of karst fractures and karst
landform types.
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définition, ses caractéristiques et son identification,” Mém
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Acoustic emission has a direct correspondence to the internal damage of a material. To determine the effects of the loading rate on
the mechanical properties of rock, the initial damage was characterized using the acoustic emission technique when a uniaxial
preloading was imposed on a cylindrical rock sample. On this basis, the uniaxial compression test was conducted on sandstone
that contains initial damage induced under a range of loading rates. -e effects of the initial damage and loading rate on the
mechanical properties of rock were analyzed. -e uniaxial preloading generated randomly distributed microcracks in the natural
rock. -e results showed that the acoustic emission and positioning technique can characterize accurately the damage and its
position due to preloading. -e development of microcracks was found to be strongly dependent on the loading rate. Moreover,
the loading rate accelerated the degradation of the rock strength. -e effects of the loading rate and initial damage on the
mechanical properties of rock are a complicated coupled process. From the experimental test result, a constitutive equation was
constructed based on the damage mechanics.

1. Introduction

In recent years, the number of high-strength mining faces in
Western China has increased. High-strength mining refers
to a coal mining method with the mining intensity of fully
mechanized top-coal caving and a large mining height,
which has a high propulsion speed, large stope size, and high
backstopping efficiency. -e difference in the advance speed
of the working face affects not only the transfer process of
rock stress but also the speed of the loading and unloading
processes. -e probability of disaster induced by rock failure
increases as the advancing speed increases in a working face
[1]. In addition, it was reported based on field monitoring
data that rapid excavation at the working face can cause
serious surface subsidence.

To examine the relationship between the advancing
speed of the working face and the rock stress transfer
mechanism, basic experimental studies have been carried

out in the laboratory due to many difficulties related to on-
site research.-e advancing speed of the working face can be
considered as the loading rate on a laboratory scale. -e
loading rate has a significant influence on the deformation
characteristics and failure mechanism of rock [2]. Li et al. [3]
examined the growth of microcracks at different loading
rates. Liang et al. [4], Liu et al. [5], Zhou et al. [6], Zhang et al.
[7], and Kodama et al. [8] studied the effects of the strain rate
on themechanical properties of rock. Li et al. [9–11] analyzed
the effect of the loading rate on the nonlinear mechanical
properties of coal and suggested an efficient method to
evaluate the impact performance of coal.

In addition, Daphalapurkar et al. [12], Lin et al. [13], and
Cao and Lin [14] examined the effect of microcracks on the
tensile properties of hard and brittle materials by numerical
simulations. Yang et al. [15] conducted an experimental
study on natural rock containing preexisting fissures using
an “artificial customization technique.” Yang et al. [16, 17]
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and Zhang et al. [18] examined the effects of the shape and
quantity of damage-induced fissures on the mechanical
properties of brittle materials, of which regularly distributed
initial fissures had been prefabricated artificially. In general,
the damage-induced fissures in brittle materials are dis-
tributed in the form of open cracks and apertures, and
microcracks are distributed randomly in a natural rock
mass. Chen [19] and Wang et al. [20] produced damage-
induced initial fissures within the rock samples by pre-
loading. -ey used an ultrasonic longitudinal wave velocity
for quantitative characterization of the initial damage. Based
on previous studies, uniaxial preloading is imposed on
a brittle rock sample to generate initial damage in the form of
microcracks in this study. In particular, the initial damage
was characterized quantitatively using an acoustic emission
technique. -e distribution of microcracks was analyzed
visually using the acoustic emission positioning technique.
Furthermore, a uniaxial compression test was conducted on
the intact rock samples and the rock samples containing
initial damage at a range of loading rates to determine the
effect of the loading rate and initial damage on the me-
chanical properties of rock. From the experimental test
result, a constitutive equation was constructed based on the
damage mechanics.

2. Design of the Test Prototype

2.1. Sample Preparation. -e rock type used in the present
study was sandstone obtained from the Liuhuanggou Coal
Mine, Yankuang Xinjiang, China. Quartz, ankerite, and
anorthose are the main rock-forming minerals of the
sandstone. -e average longitudinal wave velocity and av-
erage density of sandstone were 4.4 km/s and 2800 kg/m3,
respectively. -e sandstone samples were prepared,
500×1000mm (diameter× length), in accordance with the

recommendation suggested by the International Society for
Rock Mechanics. To ensure the homogeneity of the sand-
stone samples, all samples were drilled from an intact
sandstone block, and the sound wave velocity was obtained.
Only the sandstone samples with the same wave velocity and
a stable waveform were selected for further experimental
testing. -is means that the sandstone samples were intact
and did not have notable fissures inside. Figure 1 shows the
part of selected rock samples. Sandstone samples were
separated into two groups, as shown in Table 1: Group 1 for
an evaluation of the loading rate without preloading (i.e., no
initial damage) and Group 2 for an evaluation of the loading
rate after preloading with initial damage.

2.2. Testing Method. Acoustic emission (AE) is a physical
phenomenon of transient elastic waves produced by the
rapid release of internal elastic energy due to rapid de-
formation and crack growth of hard and brittle materials
when they are subjected to external or internal forces [21].
Acoustic emission has a direct correspondence to the in-
ternal damage of a material. -e damage level of a material
can be estimated from the accumulative number of acoustic
emission events because the new damage must be accom-
panied by the occurrence of acoustic emission [22]. In
addition, knowledge of the fracture mechanics shows that
the fracture of hard and brittle materials is caused by internal
defects. -e distribution of internal defects governs the
failure behavior of a brittle material and its mechanical
properties. -e acoustic emission technique can be used
effectively to detect the generation of internal defects due to
loading and its positioning.

In this study, the internal damage of rock due to pre-
loading was characterized quantitatively by the accumulative
number of acoustic emission events, and the location of

Figure 1: Sandstone samples for the experimental test.

Table 1: Grouping of the sandstone samples.

Group number Sample number Mass (kg) Height (mm) Diameter (mm) Longitudinal wave
velocity (km/s)

Loading rate
(mm/min)

Group 1

#2 0.53 101.4 49.25 4.67 0.03
#3 0.53 101.3 49.18 4.67 0.05
#6 0.53 102 49.15 4.67 0.07
#7 0.53 101.5 49.38 4.67 0.09

Group 2

#1 0.52 100.1 48.88 4.67 0.03
#5 0.52 100.4 48.65 4.67 0.05
#8 0.52 100.3 48.81 4.67 0.07
#9 0.52 100.8 48.55 4.67 0.09
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microcracks was analyzed using the positioning technique.
As shown in Section 2.1, sandstone samples in Group 2 were
preloaded to produce the initial damage. A slow loading rate
and maximum force were maintained to ensure the full
development of fissures within the rock during preloading.
Preloading was performed at a loading rate of 0.2 kN/s and
a maximum force limited to <200 kN. -e loading rate was
maintained for 3min. -e uniaxial compression test at
different loading rates was conducted on the intact rock
samples without preloading and the samples containing the
initial damage due to preloading. Four different loading rates
(i.e., 0.03, 0.05, 0.07, and 0.09mm/min) were selected, as
shown in Table 1. Four acoustic emission probes were at-
tached to the rock specimen, as shown in Figure 2.

3. Detection of Initial Damage with
Acoustic Emission

3.1. Positioning of Microcracks with Acoustic Emission. -e
occurrence of the acoustic emission event is due mainly to
the generation and growth of microcracks. Transient
monitoring of the location where the acoustic emission
event occurred can reflect the progressive evolution of the
fracture. -e spatial distribution of microcracks, the di-
rection, and spatial curved surface shape of crack growth
within the rock samples can be observed visually. Figure 3
presents the location map of the acoustic emission events for
Group 2 during preloading.

Figure 3 shows that AE events are concentrated at both
ends of the rock samples and that the initial damage caused
by preloading is distributed evenly within the rock samples,
excluding the AE events caused by friction around 20mm of
the upper and lower ends. -e preloading is a useful tool for
simulating the distribution of internal microcracks within
a rock specimen.

3.2. Quantitative Characterization of Initial Damage. -e
longitudinal wave velocity and accumulative number of
acoustic emission events can be used to characterize the level
of rock damage quantitatively. In this study, the longitudinal
wave velocity was obtained from the Group 2 samples
containing microcracks due to preloading before and after

loading. -e longitudinal wave velocity and acoustic
emission test results (excluding the AE events around 20mm
of the upper and lower ends) were compared to select a more
accurate characterization method for the initial damage.-e
results are summarized in Table 2.

Table 2 shows that the accumulated number of acoustic
emission events produced by the four rock samples during
the preloading process is 12∼14, and the decrease in lon-
gitudinal wave velocity is minor. Interestingly, the more the
accumulated number of AE events, the greater the change in
the longitudinal wave velocity. -is suggests that the AE
event accompanies the increase in the number and density of
microcracks and causes a significant reduction of the lon-
gitudinal wave velocity.

Variance analysis was conducted based on the test results
to evaluate the validity among the accumulated number of
AE events and longitudinal wave velocity as an indicator for
better quantitative analysis. -e variance is the degree of
deviation from the average and is used to measure the
fluctuation size of a batch of data (i.e., the size of the data
deviation from the average number), expressed as S2. When
the number of specimens is identical, a greater variance
indicates larger data fluctuations. -is also implies that the
validity of the indicator becomes increasingly unstable as the
variance increases. -e variance can be calculated as follows:
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Xi −X( 

2
, (1)

where n is the number of samples, Xi is the individual, and X is
the average of the sample.-e normalization should be adopted
for variance analysis to consider the inconsistency of data. -e
variance of the normalized data can be calculated as follows:
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-e variances of the accumulated number of AE events
and the longitudinal wave velocity were 0.006 and 0.357,
respectively. -erefore, the deviation obtained from the AE
test was smaller than that of the longitudinal wave velocity.
Hence, the AE test can be considered to be a good quan-
titative characterization method for initial damage.

4. Brittle Rock Failure at Various Loading Rates

4.1. Stress-Strain Curve. Figures 4 and 5 show the stress-
strain curves obtained from Groups 2 and 1, respectively.

-e rock samples undergo a compaction stage, elastic
deformation stage, elastoplastic deformation stage (not ob-
vious), and postpeak failure stage during uniaxial compression
loading (Figures 4 and 5). -e rock samples of Group 1 have
similar stress-strain curves regardless of the loading rate be-
cause the stress and strain increase steadily until the stress falls
suddenly due to brittle rock failure. -e rock samples of
Group 2 with initial damage showed stress adjustment at
a slow loading rate of 0.03mm/min. -e stress adjustment
disappeared as the loading rate was increased. In addition, the
stress decreased suddenly due to brittle rock failure. On the
other hand, the strain at failure of Group 2 was slightly larger

AE probe

Figure 2: Use of acoustic emission for the detection of
microcracks.
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than that of Group 1 under the same loading rate. -is
suggests that the initial microcracks extend as the stress level
increases, and amacroscopic fracture surface forms within the
samples. In particular, the relatively large strain at failure of
Group 1 can be caused by slipping of the macroscopic fracture
surface within the rock samples when the loading rate is low.

4.2. Analysis for Intensity Characteristics. Figure 6 shows
the relationship between the loading rate and uniaxial
compressive strength of the original rock samples without
damage and rock samples with initial damage.

-e uniaxial compressive strength increased with in-
creasing the loading rate for both groups (Figure 6). For
original rock samples, the UCS obtained from a minimum
loading rate was approximately 77.4% of that obtained from the
maximum loading rate. For rock samples with initial damage,
the UCS obtained from the minimum loading rate was ap-
proximately 59% of that obtained from the maximum loading
rate. -e reason for the above phenomena can be understood
by the rock composed of the physical medium and damage

defects wrapped by the physical medium. When the loading
rate was slow, the energy dissipated mainly for fissure growth,
and the rock samples showed low compressive strength at a low
loading rate, resulting in a fully developed fissure. As the
loading rate increases, the fissures cannot develop fully, and
microcracks do not interconnect due to the rapid deformation.
In such cases, the energy is stored mainly in the physical
medium in the form of elastic energy, which increases the
uniaxial compressive strength of the rock samples.
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Figure 3: Location map of acoustic emission events. (a) Location map for the initial damage events of rock sample #1; (b) location map for
the initial damage events of rock sample #5; (c) location map for the initial damage events of rock sample #8; (d) location map for the initial
damage events of rock sample #9.

Table 2: AE events and reduction of the wave velocity due to
preloading.

Sample
number

Accumulative
number of AE
events during
preloading

Reduction of
wave velocity

due to preloading
(km/s)

#1 13 0.20
#5 12 0.09
#8 14 0.43
#9 12 0.14
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-e uniaxial compressive strength can be reduced due to
the initial microcrack (Figure 6). -e compressive strengths
of the rock samples containing microcracks are lower than
those of the original rock samples.-e deterioration effect of
the initial damage on the compressive strength differed
according to the loading rates. For a quantitative description
of the deterioration effect of the initial damage on the
strength of a rock sample, the deterioration rate is defined as
follows:

Kσ �
Rc −Rcd

Rc

× 100%, (3)

where Kσ is the deterioration rate, Rc is the uniaxial com-
pressive strength of the original rock sample (MPa), and Rcd
is the uniaxial compressive strength of the damaged rock
sample. -e attenuation range of the rock samples’ bearing
capacity increases with increasing deterioration rate. On the

other hand, the bearing capacity of the intact rock samples
becomes similar with decreasing attenuation.

-e deterioration rate was obtained using (3) depending
on the loading rate, and the results are presented in Figure 7.
When the loading rate was low, the initial damage showed
a less deterioration effect on the rock samples. -e de-
terioration rate increased with increasing loading rate. On
the other hand, this phenomenon is not persistent; the
deterioration rate decreases when the loading rate exceeds
0.07mm/min. As the loading rate increases, the growth of
microcracks is accelerated. -erefore, the deterioration rate
increases with increasing loading rate until the loading rate
is slow enough to develop microcracks fully. -e de-
terioration rate decreases because microcracks cannot be
fully developed due to the rapid loading rate.

4.3.Analysis forDeformationCharacteristics. Figures 8 and 9
show the maximum axial strain and corresponding elastic
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modulus of the original rock samples and the rock samples
with initial damage at different loading rates.

-e maximum axial strain generally increases with in-
creasing loading rate (Figure 8). When the loading rate is
slow, slippage and dislocation are concentrated at the main
crack area within the rock samples, and there is sufficient
time for crack growth. In such cases, the rock samples only
need a small deformation to produce a dominant macro-
crack and damage. When the loading rate is increased, the
mesoscopic defects within the rock samples have no time to
form a dominant crack but deformation of the physical
medium, so larger deformation is necessary to cause com-
plete fracture in the rock samples.

-e maximum axial strain of the rock samples with
initial damage is larger than that of the original rock samples.
-e initial damage enlarges the compaction stage and
shortens the elastic stage, leading to an increase in axial
strain. -is means that the initial damage can improve the
ductility of rock.

-e elastic modulus increased with increasing loading
rate and converges for the original rock samples (Figure 9).
-e elastic modulus increased with increasing loading rate
for the rock samples with initial damage. -e non-
deformability of the rock samples improved, and the elastic
modulus increased. -e difference in elastic modulus be-
tween the two samples decreased with increasing loading
rate. -is suggests that a faster loading rate weakens the
deterioration effect. To observe more clearly the de-
terioration effect of initial microfissures depending on the
loading rate on the elastic modulus of the rock samples, the
deterioration rate of the elastic modulus can be obtained by
replacing the compressive strength in (3) with the elastic
modulus, as shown in Figure 9. -e deterioration rate of the
elastic modulus decreases significantly when the loading rate
is high.

4.4. Analysis of the Fracture Mode. -e loading rate and the
initial damage have an important influence on the strength
and strain of rock samples. -e different strength perfor-
mance corresponds to the different failure characteristics.
Figure 10 shows the typical failure mode of rock samples due
to uniaxial compression depending on the loading rate.

-e loading rate has a significant effect on the failure
mode of rock samples. When the loading rate was slow, the
rock samples showed mainly splitting and stretch-draw
fracture and two relatively large rock blocks formed after
failure. As the loading rate increased, stretch-draw and shear
fractures could be found, and the fracture intensity became
severe. When the loading rate exceeded 0.07mm/min, the
rock samples were fractured completely in the form of
rockburst, as shown in Figures 10(c) and 10(d). -is is
consistent with the theoretical derivation in the literature
[3].

5. Analysis for the Damage Mechanics of the
Loading Rate Effect

As for the simplest model, the rock can be considered an
elastic mediumwith a homogeneous, isotropic nature so that
the mechanical properties of rock are only related to the state
of stress. When the state of stress is unchanged, the forms of
deformation and fracture will not change depending on the
loading rate. On the other hand, the physical medium of the
rock material is composed of various rock-forming minerals
that contain microcracks. In addition, the mechanical
properties of the rock samples with initial damage are
influenced heavily by the loading rate.

Based on the assumption that the intensity of the
microbody follows the Weibull distribution for the addition
of damage mechanics for a simple model, the probability
density function becomes
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f(x, λ, k) �

k

λ
x

λ
 

k−1
exp −

x

λ
 

K

 , x≥ 0,

0, x≤ 0,

⎧⎪⎪⎨

⎪⎪⎩
(4)

where λ is the scale parameter or the proportional param-
eter, k is the shape parameter greater than 0, and x is the
random variable.

If the random variable is characterized by the parameter
time t related to the loading rate, the physical meaning of the
Weibull distribution is the probability of a microbody
fracture when the loading time is t, and the damage variable
D can be calculated using

D � 
t

0
f(x, t, k) dt � 1− exp −

t

t0
 

k

⎡⎣ ⎤⎦. (5)

From (5), the damage variable increases with increasing
loading time due to the growth of microcrack defects within
the rock mass and slippage under the action of force: the
shorter the loading time (the faster the loading rate), the

better the integrity of the rock sample. Based on the as-
sumption of equivalent strain, the relationship between the
stress and the loading time can be defined as

σ � Eε(1−D) � Eεexp −
t

t0
 

k

⎡⎣ ⎤⎦. (6)

Equation (6) shows that the stress increases with de-
creasing loading time. -is is the theoretical explanation for
the increase in the compressive strength of rock with in-
creasing loading rate.

In addition, from the point of view of energy, some
external energy can be stored in the physical medium in the
form of elastic energy, and some is dissipated in the form of
fissure growth. As reported elsewhere [22], when the crack
length is ΔL, the energy consumption, WΔL, is

WΔL �
π(1− ])σ2tΔL2

8G
, (7)

where σt is the tensile stress at the crack tip, which can be
considered the inherent properties of a material.

Splitting

(a)

Splitting

Shear

(b)

Shear

Splitting

(c)

(d)

Figure 10: Failure mode of rock depending on the loading rate. (a) #2 (loading rate� 0.03mm/min), (b) #4 (loading rate� 0.05mm/min),
(c) #6 (loading rate� 0.07mm/min), and (d) #8 (loading rate� 0.09mm/min).
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-e deformation of rock samples is caused mainly by
fissure growth when the loading rate is slow. Because the
dissipation energy is large and the absorbed elastic energy is
lower, the rock samples show a simple failure mode. -e
fissure growth within the rock becomes slow when the
loading rate is large, and the deformation of the physical
medium governs the behavior of the rock sample. -e elastic
energy of the rock also increases with increasing loading
rate, and it will be released suddenly after the peak strength is
reached. In such cases, the rock samples show more in-
tensive fracture in the form of rockburst.

In recent years, the advancing speed at the working face
is very fast due to fully mechanized coal mining technology.
High-speed advances bring significant economic benefits
but also have a negative impact. -erefore, it is important to
understand the influence of the initial damage and loading
rate on the mechanical properties of rock to prevent a di-
saster during mining.

6. Conclusion

To find a reasonable way to express damage, the charac-
teristic by the number of acoustic emission events is used for
the initial damage caused by rock precompression, and it is
more accurate compared to the longitudinal wave velocity.
-e acoustic emission monitoring shows that the prepressed
rock samples produce randomly distributed microfissure
damage, which is consistent with the field.

-e original rock samples and the rock samples with
initial damage underwent a compaction stage, elastic de-
formation stage, plastic deformation stage, and postpeak
fracture stage under different loading rates. -e existence of
initial damage makes the compaction and plastic de-
formation stages of the rock samples longer. On the other
hand, an increase in loading rate makes the compaction
stage and the plastic deformation stage of the rock samples
shorter, and the rock shows a purely brittle fracture.

-e strength and peak strain of the original rock samples
and the rock samples with initial damage increase almost
linearly with increasing loading rate, and the initial damage
plays a deterioration role on the strength and elastic modulus
of the rock samples. -e deterioration effect increases with
increasing loading rate when the loading rate is slow and
decreases when the loading rate is increased further.

-e effect of the loading rate and initial damage on the
mechanical properties of rock is a complex coupling process,
in which the loading rate is more significant. -is study
revealed failure of the rock samples from splitting fracture to
stretch-draw and shear fractures with increasing loading rate
and established a damage evolution equation considering
the time effect. -erefore, it is important to understand the
influence of the initial damage and loading rate on the
mechanical properties of rock to prevent the disasters during
mining.
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Rock as a natural material is heterogeneous. Rock material consists of minerals, crystals, cement, grains, and microcracks. Each
component of rock has a di0erent mechanical behavior under applied loading condition.*erefore, rock component distribution
has an important e0ect on rock mechanical behavior, especially in the postpeak region. In this paper, the rock sample was studied
by digital image processing (DIP), micromechanics, and statistical methods. Using image processing, volume fractions of the rock
minerals composing the rock sample were evaluated precisely. *e mechanical properties of the rock matrix were determined
based on upscaling micromechanics. In order to consider the rock heterogeneities e0ect on mechanical behavior, the hetero-
geneity index was calculated in a framework of statistical method. A Weibull distribution function was 7tted to the Young
modulus distribution of minerals. Finally, statistical and Mohr–Coulomb strain-softening models were used simultaneously as
a constitutive model in DEM code. *e acoustic emission, strain energy release, and the e0ect of rock heterogeneities on the
postpeak behavior process were investigated. *e numerical results are in good agreement with experimental data.

1. Introduction

Rock consists of crystals, grains, and cementitious material.
Rock materials are usually made up of several di0erent
minerals. *ese di0erent individual minerals and compo-
nents are usually distributed in the geomaterials. *ey
usually have di0erent physical and mechanical properties
and responses under external loading. One of the most
important factors a0ecting the mechanical behavior during
the failure process is the inhomogeneities and internal
microstructure of geomaterials. More realistic character-
izations of the mechanical responses and failure of geo-
materials under loading necessitate the consideration of the
inhomogeneities and microstructures of the materials. In
most of the mechanistic models, the composite geomaterials
are always assumed to be homogeneous or piecewise ho-
mogeneous and their microstructure behavior is largely
ignored [1].

In recent years, attempts have been made by many re-
searchers to examine the behavior or response of geomaterials
under loading by taking into account the e0ects of their

material inhomogeneities and microstructures. *e heteroge-
neity and microstructure of rock materials have been char-
acterized by using statistical methods. In this method, the
heterogeneity of rock is described by assigning di0erent ma-
terial properties to the simulated rock sample. *ese statistical
tools can simulate numerically material inhomogeneities that
are statistically equivalent to those of actual rock materials with
known statistical parameters. Recently, Tang et al. [2, 3] carried
out numerical investigations on micro-macro relationship of
rock failure under uniaxial compression by taking into account
the statistical material inhomogeneity. Using the method in
Tang et al. [2, 3], Li et al. [4] further investigated the failure
process of Hong Kong granite. Fang and Harrison [5, 6] de-
veloped a new technique to simulate the brittle fracture in
heterogeneous rocks under compressive loading using com-
mercial 7nite di0erence software.

It is usually diDcult to adequately specify the statistical
distribution parameters inorder to reproduce realmicrostructures
in rock. Some recent studies have shown that digital image
processing (DIP) can be used to study and determine the rock
heterogeneity [7].
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*e literature review indicates that the digital images
have been used for the morphological features in many 7elds
of sciences and engineering including biology, medical
sciences, geography, civil engineering, and rock mechanics
[8–15]. In particular, Yue et al. [1, 15] developed a DIP
technique to establish the actual microstructures of geo-
materials, which is called DIP-based 7nite element method.

In order to determine the matrix elastic properties of the
studied rock sample, a micromechanical modeling of the
mechanical behavior in the elastic regime was necessary.
Although some researchers such as Zaitsev and Wittmann
[16],Wittmann et al. [17], Bazant et al. [18], and Schlangen and
van Mier [19] have proposed micromechanical models to take
the inhomogeneity into account, these models are generally
based on the fracture mechanics background without the
sound and rigorous upscaling methods. In upscaling micro-
mechanical theory, the rock material is considered as a com-
posite material comprising di0erent individual components.
In the upscaling micromechanical model, a micro-to-macro
transition called homogenization leads to evaluate the overall
(e0ective) elastic properties [20, 21].

*e advantage compared with macroscopic approaches
is that the homogenized approach is able to systematically
take into account the mineralogical composition inHuences
on the mechanical properties of rock material [22]. *e
micromechanical approach tries to relate the physical
mechanisms involved in the microstructure evolution and
macroscopic behaviors observed in laboratory. *e het-
erogeneous material is considered as a matrix-inclusion
composite. *e e0ective properties of materials are ob-
tained by an upscaling method based on the Eshelby in-
homogeneous inclusion solution [20, 22].

*is paper is intended to present an incorporation of digital
image processing, upscaling micromechanics, and statistical
methods for the mechanical analysis of geomaterials by taking
into account their actual inhomogeneities andmicrostructures.

*e proposed statistical Mohr–Coulomb softening model
was implemented into a DEM code. *e rock behavior was
simulated and the experimental stress-strain curve was
reproduced numerically. Comparisons between numerical
results and experimental data will be 7nally presented in order
to show the capability of the proposed model to describe the
main features of rock mechanical responses. *e acoustic
emission, strain energy release, and the e0ect of rock het-
erogeneities on postpeak behavior were investigated.

2. Rock Heterogeneity Investigation

*ematerial studied is an extrusive porphyritic igneous rock
called rhyodacite tu0. *e mineralogical compositions,
initial porosity, and natural water content of samples were
7rst investigated. In Figure 1, the petrographic microscopic
thin section of a rhyodacite tu0 sample is shown. *is
rhyodacite tu0 sample was cored at the depth of 113m in
order to site investigation of a civil underground project
located in the north-west region of Tehran.

At the mesoscopic scale (μm− cm), the rhyodacite tu0
sample is composed of the 7ne grains of calcite, feldspar, and
quartz embedded in the crystalline siliceous matrix. At the

macroscopic scale (cm− dm), the rhyodacite tu0 consti-
tuted by the assembly of mineral grains and the crystalline
siliceous matrix is considered as a homogeneous continuum.

2.1. Digital Image Processing. *e digital image consists of
a rectangular array of image elements or pixels. At each
pixel, the image brightness is sensed and assigned with an
integer value named as the gray level. *eir gray levels have
the integer interval from 0 to 255 and from 0 to 1, re-
spectively. As a result, the digital image can be expressed as
a discrete function f(i, j) in the i and j Cartesian coordinate
system [1].

As an alternative to the RGB color space, the hue, sat-
uration, intensity (HSI) color space may be used, as it is close
to how humans perceive colors. *e hue component (H)
represents repression related to the dominant wavelength of
the color stimulus. *erefore, hue is the domain color per-
ceived by human beings. *e saturation component (S)
represents how strongly the color is polluted with white. *e
intensity component (I) stands for brightness or lightness and
is irrelevant to colors. In general, hue, saturation, and in-
tensity are obtained by di0erent transformation formulate by
converting numerical values of R, G, and B in the RGB color
space to the HSI color space. *e values of S and I vary from
zero to one. But the value ofH varies from 0 to 360, which can
also be normalized to be from 0 to 1. Distinct microstructures
(such as fractures and minerals) with di0erent perceived
colors in the rock sample are acquired according to the values
of H, S, or I of individual pixels, and the di0erent material
properties (such as Young modulus) are speci7ed for each
pixel according to its catalog of minerals or colors. In theory,
the material properties of di0erent minerals or structures
must be known based on mineralogical analysis of the
rock sample, by this means, the relation between values of I
(H or S) of the digital image pixels and their material
properties can be uniquely established [7]. *e HSI color
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Figure 1: Petrographic microscopic thin section of the rhyodacite
tu0 sample.
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space was used to investigate the rhyodacite tu0 rock sample
microstructure characteristics.

*e commonly used image enhancement method called
histogram equalization transformation and noise removal
methods are adopted here. In Figure 2, an RGB image of the
rhyodacite tu0 rock sample with the AA section at i� 150 is
shown. *e variation of intensity component (I) with the
j-coordinates at i� 150 (across the AA section) is illustrated
in Figure 3.

For this original image in Figure 2, the numbers of the
scanning lines along the i-axis and the j-axis are 555 and 416,
respectively. Using the above image, we extract brightness
levels along the line at i� 150 in Figure 2 and draw the var-
iation of the brightness levels with the j-coordinate in Figure 3.

Figure 3 shows that there exist two major interface points
along the i� 150 line.We 7nd that the brightness level changes
abruptly at the corresponding two positions in Figure 3.

Figure 3 shows that a majority of the feldspar minerals
have higher brightness levels than those of the calcite
minerals and matrices. Furthermore, the brightness levels of
the calcite minerals are higher than those of the matrices.

*e intensity component (I) variations diagram repre-
sents the change in mineral composition and heterogeneity in
the rock microscopic section. A histogram of an image is used
to display the distribution of brightness values in the image. It
is a function to show, for each brightness level, the number of
pixels in the image that have that brightness level. Figure 4
shows the histogram of the image brightness levels in Figure 1.

At each brightness level, the number in the vertical axis
shows the number of the pixels that has the same brightness
value in the image. We can divide the whole image pixels
into four groups. Normally, the matrices in the image have
low brightness levels and the feldspar minerals in the image
have high brightness levels. *e threshold value is
a brightness level which is a boundary between two kinds of
minerals. A trial-and-error method is used to adjust the
threshold values so that the best results are obtained.
*resholds of the intensity component (I) values for these
four components of the rock and their volume fractions
based on the trial-error process are listed in Table 1.

2.2. Matrix Properties Determination Based on
Micromechanics. Micromechanics investigates the behavior

of the heterogeneities as well as their e0ects on the overall
properties and performance of a material. An important task
of micromechanics is to link mechanical relations on di0erent
length scales. *e entire behavior of the microstructure is
interpreted as the mechanical state of a material point on the
macroscopic level which thereby is ascribed e0ective material
properties. Such a micro-to-macro transition formally pro-
ceeds by appropriate averaging processes and is called ho-
mogenization as shown in Figure 5 [21].
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Figure 2: *e original image with the j-coordinates at i� 150
(section AA).
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Table 1: *reshold values and volume fractions of the rock.

Mineral *reshold
value

Number
of pixels

Volume
fraction
(%)

Matrix I≤ 0.15 29201 12
Calcite 0.15≤ I≤ 0.55 129292 44
Quartz 0.5≤ I≤ 0.55 18471 8
Feldspar 0.55≤ I 51120 35
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Inhomogeneous material can be described by an equiv-
alent homogeneous material. Based on Eshelby solution [23]
of equivalent homogeneous material, the concentration
tensor of each phase (Ar) is constant. *erefore, the sti0ness
tensor of the heterogeneous media can be expressed as [20]

C
hom

� C
s
+∑

N

c�1
φc C

r −Cs(  : A
r
, (1)

where φr and Ar are, respectively, the volume fraction and
the concentration tensor of the rth inclusion family. *e
RVE is composed of an isotropic linear elastic matrix with
sti0ness tensorCs and of a random distribution of spherical
inclusions with sti0ness tensor Cr. To evaluate the ho-
mogenized sti0ness tensor (Chom), the inclusion concen-
tration tensor (Ar)must be determined. It is generally used
from the Eshelby solution [23] and analytical schemes such
as dilute, Mori–Tanaka [24], and self-consistent schemes to
evaluate the inclusion concentration tensor Ar in (1) for
materials with random microstructure. It is shown that,
unlike the dilute and the self-consistent schemes, the
Mori–Tanaka scheme describes the in situ experimental data
well [22]. Considering the previous results, the Mori–
Tanaka scheme is the most suitable for a composite with
matrix-inclusion morphology which is the case of the
rhyodacite tu0.

In the Mori–Tanaka scheme (1973), therefore, the strain
or stress 7eld in the matrix is, in a suDcient distance from
a defect, approximated by the constant 7eld. *e loading of
each defect then depends on the existence of further defects
via the average matrix strain or the average matrix stress.
Fluctuations of the local 7elds, however, are neglected in this
approximation of defect interaction. It follows that the lo-
calization tensor is then given by [22]
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*is leads to the following estimate of the e0ective
sti0ness tensor [22]:

C
hom

� ∑
r�0

φrCr : I + P
0
: C

r −C0
  

−1
: ∑

N

s�0
φs I + P

0
: C

s −C0
  

−1⎡⎣ ⎤⎦

−1

. (3)

Because of the isotropy of the constituents and the
spherical shape assumption of inclusions, we have [22]
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,
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where μr and kr are the shear and bulk moduli, respectively,
of the phase r and μhom and khom are the homogenized shear
and bulk moduli. fr and fs are the volume fractions of the
phases.

*e mineralogical compositions of the rhyodacite tu0
contain four main phases: calcite, feldspar, quartz, and
matrix. It is organized in grains spread in a siliceous matrix.
*e 7rst stage of the homogenization procedure is the
de7nition of a representative elementary volume (r.e.v.). *e
observations led us to consider the rhyodacite tu0 as a four-
phase composite of the inclusion/matrix type in which we

discern the calcite, feldspar, and quartz phases, assumed to be
distributed individually in a siliceous matrix. *e rhyodacite
tu0 sample can be represented by a four-phase composite with
distinct mechanical properties. *is material has a matrix/
inclusion morphology with the phases randomly distributed,
and the calcite, feldspar, and quartz minerals being embedded
in the siliceous matrix. It is assumed a representative ele-
mentary volume containing four phases as shown in Figure 6.

*e elastic properties of the crystalline siliceous matrix
(K0; μ0) are not precisely known, and there is no direct
measurement available. An “inverse method” is therefore
used to determine these elastic properties from those which
are known for the composite: the macroscopic elastic
properties of the rhyodacite tu0 were determined experi-
mentally as Khom � 16.6GPa and μhom � 15.7GPa, and the
elastic properties of calcite, feldspar, and quartz grains are
determined from the existing data found in literature
[22, 25]. For the calcite, k1 � 70.8GPa and μ1 � 32.7GPa, for
the feldspar k2 � 54.2GPa and μ2 � 25GPa, and for the
quartz k3 � 36.8GPa and μ3 � 44.4GPa. *e elastic

x2

V

l

d (RVE)

(Homogenization)

(Microstructure)

Cijkl(x)

C*ijkl

x1

x3

∂V

L

L

x1
macro

x2
macro

x3
macro

xmacro

Figure 5: Homogenization and characteristic length scales [21].
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properties of the matrix are calculated by solving the
nonlinear (4) as E0 � 25GPa and ϑ0 � 0.3.

2.3. Statistical Distribution. Rock is a heterogeneous mate-
rial. *is heterogeneity causes rock in compression to
fracture via the formation, extension, and coalescence of
microcracks. Studies showed that the variation of me-
chanical properties can be explained statistically. In a general
study on rock fracture, theWeibull distribution function was
considered for heterogeneity description.

In this study, the rock is assumed to be composed of
many elements of identical size, with the mechanical
properties such as bulk and shear modulus of elements to
conform to the Weibull distribution, so the mechanical
parameters of every element are speci7ed stochastically
according to the given Weibull distribution de7ned in the
following probability density function [21]:

f(u) �
m

u0

u

u0
 

m−1

exp −
u

u0
 

m

, (5)

where u is the variable that follows the Weibull distribution
and applied here to both bulk and shear modulus. m is the
shape parameter describing the scatter of u and u0 is a scale
parameter expressing the average of the considered me-
chanical properties. In theWeibull distribution function, the
shape parameter m plays a signi7cant role. Generally, the
higher the value for m, the smaller is the amount of het-
erogeneity in the model. Following the determination of the
Young modulus of each mineral composing the rock sample
and its volume fraction in the rock sample, the Weibull
distribution function was 7tted to the calculated probability
density-Young modulus diagram as shown in Figure 7.

According to Figure 7, the homogeneity index (m) of the
rhyodacite tu0 sample was calculated to be equal to 6. Also,
the mean value of minerals’ Young modulus was obtained
62GPa.

3. The Numerical Simulation

3.1. -e Proposed Model and Input Data. *e plastic rock
behavior is represented by the Mohr–Coulomb model with
strain softening. *e most well-known failure criterion for
rock is theMohr–Coulomb criterion.*e criterion is a linear
envelope touching the Mohr’s circles representing the

magnitude of the maximum and minimum stresses at the
moment of rock failure. *e criterion states that the failure
occurs if the magnitude of the shear stress on a speci7c plane
reaches a critical threshold. *e critical threshold is asso-
ciated with both the cohesion of the rock grains at the plane
of failure and friction resistance between them. *e friction
resistance of the failure surface is dependent on the normal
stress imposed on the plane.*e strain-softening behavior of
rocks is governed by shrinking of the failure criterion with
the advance of plastic deformation. *e decline of rock
strength with plastic strain is denoted as strain-softening
behavior. *e strain-softening model allows representation
of material softening at postpeak behavior based on pre-
scribed variations of the Mohr–Coulomb model properties
(cohesion and friction) as functions of the deviatoric plastic
strain after the onset of plastic yield [26].

In the plastic zone, it is supposed that strength pa-
rameters of rock mass decrease by bilinear function
according to a softening parameter (cp) in comparison with
the critical softening parameter (cp∗) in the softening region
and it reaches a minimum constant value in the residual
region. *e critical softening parameter controls the tran-
sition between the softening and residual stages.

μ c
p

(  �

μp − μp − μr 
cp

cp∗
, 0< cp < cp∗

μr, cp ≥ cp∗

⎧⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎩

⎫⎪⎪⎪⎪⎬

⎪⎪⎪⎪⎭

. (6)

In (6), μ represents one of the strength parameters φ, and
C and the subscripts p and r denote the peak and residual
values, respectively [27]. *e rock is assumed to be a het-
erogeneous material, and its mechanical properties are
considered to conform to the Weibull distribution function.
*e mean values of bulk and shear modulus are speci7ed
according to real values obtained from laboratory tests. For
simpli7cation, it is assumed that the bulk and shear modulus
have the same homogeneity index.

*e proposed statistical Mohr–Coulomb strain-softening
model was programmed within the C++ environment and
was implemented into a commercial DEM code. Using the
Weibull probability distribution function in a numerical
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Figure 7: Fitting the Weibull distribution function to the prob-
ability density-Young modulus diagram.
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Figure 6: Representative elementary volume (r.e.v.) of the rhyo-
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simulation of a medium composed of many elements with
di0erent elastic properties, one can produce a heterogeneous
material numerically. *e proposed statistical Mohr–Coulomb
strain-softening model used in the presented analysis was linked
to a commercial DEM code as a separate constitutive model.

*e studied rock is an extrusive porphyritic igneous rock
called rhyodacite tu0. *e mineralogical compositions and
initial porosity of samples were 7rst investigated. *is
rhyodacite tu0 sample was cored at the depth of 113m in
order to site investigation of a civil underground project
located in the north-west region of Tehran [28]. *e com-
plete stress-strain curve of the rhyodacite tu0 under the UCS
test condition is shown in Figure 8.

Hence, numerical simulation of the rhyodacite tu0 uni-
axial compression strength (UCS) test was performed with the
proposed statistical Mohr–Coulomb strain-softening model.
With regard to the experimental test, a summary of input data
used in the numerical analysis is given in Table 2.

3.2. Geometry and Boundary Condition. Uniaxial compres-
sive strength (UCS) test is the most widely conducted
standard test on rock samples. *emain objective of this test
is to determine the peak strength (σc), modulus of elasticity
(E), and Poisson’s ratio (]) of the rock material.

Moreover, employing the sophisticated servo-control
testing machine, the complete stress-strain behavior of the
rock can be determined in this test. Additionally, the shape
of the stress-strain curve in the postpeak region is an in-
dicative of rock breakage mechanism and its brittleness.

In order to verify the statistical Mohr–Coulomb strain-
softening model, it was attempted to simulate the test con-
dition as closely as possible. *e sample shape, dimension,
input material properties, and loading condition were selected
similar to the test condition. *e main objective was to re-
produce the tested rock stress-strain curve numerically and delve
into the sample failure mechanism in the postelastic range.

A plane stress condition was assumed for the analysis. It
is understood that the actual problem has a 3D nature. But
with regard to the 2D nature of the selected code, a two-
dimensional plane slice was selected at the center of the
sample and analyzed.

*e complete fracture characteristic of a numerical
specimen under uniaxial loading may be investigated only in
a stable displacement-controlled test. *e load is applied in
a sequence of steps in the vertical direction through in-
cremental axial displacement control at one end of the
numerical sample in a quasi-static fashion, while the other
end is prevented from vertical movement. *e sample
uniaxial loading was simulated imposing a velocity 7eld in
the range of static loading in accordance with the ISRM
standard at the top of the model, while a zero vertical
displacement was applied at the base. *ere are no con-
straints on the sides of the sample and the specimen sides are
allowed to move in the horizontal and vertical directions. A
view of the model geometry and employed boundary con-
dition for the test condition is shown in Figure 9.

*e numerical specimen was discretized with 4096 el-
ements. *e numerical specimen failure process takes place
within it due to the heterogeneity of its properties.

As mentioned, the mean Young modulus for the entire
numerical specimen is 62GPa, but speci7ed Young modulus
of di0erent elements is considerably di0erent with this value
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Figure 8: *e complete stress-strain curve of the rhyodacite tu0
tested in rock mechanics laboratory [24].

Table 2: Mechanical parameters used as input data.

c(kg/m3) E (GPa) ] m σc(MPa) σT(MPa)
2600 62 0.25 6 75.25 7
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x

Figure 9: Geometry and boundary condition of the numerical
specimen.
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and conform to theWeibull distribution function. Even with
the same distribution parameters for the specimen, the
spatial distribution of properties of elements may be sto-
chastically di0erent. *erefore, the spatial distribution of
mechanical properties is shown in Figure 10.

However, the e0ect of the randomness due to the spatial
distribution of mechanical properties of elements was
studied thoroughly by Zhu and Tang [29].

3.3. -e Simulation Results. In order to assess the local
behavior of the sample, series of horizontal and vertical
measuring points were placed throughout the model. Im-
portant variables such as stress, strain, and displacement
components were monitored at these locations. *e local
stress-strain curves of some elements with di0erent sti0ness
are shown in Figure 11.

In Figure 11, the local stress-strain behavior of elements
composing the numerical sample with dissimilar sti0ness is
signi7cantly di0erent. *e elements with higher sti0ness bear
more stress, so their stress states approach to the yield surface
earlier. However, the elements with lower sti0ness bear less
stress, so their stress states approach to the yield surface later.
*e overall stress-strain curve of the entire numerical sample
was shown and compared to the experimental result as shown
in Figure 12. *e comparison of numerical and experimental
results shows that they are in agreement.

To study the inHuence of homogeneity indices (m) on
macroscopic mechanical behavior, especially the postpeak
region, three numerical specimens with homogeneity indices of
1, 3, and 6, respectively, are subjected to uniaxial compression
loading while other input data remain as speci7ed in Table 2.

As the homogeneity index increases, mechanical material
properties become more homogeneous and approach that of
the homogeneous body. *e total envelope of the stress-strain

curves for three numerical specimens with di0erent homoge-
neity indices and experimental result can be seen in Figure 13.

*e stress-strain curves of these numerical specimens are
linear in the prepeak region and lose most of their load-carrying
capacity in the postpeak region. As m increases, the strength
and brittleness of the resulting stress-strain curve increases.
*us, the higher m is, the more brittle the stress-strain curve.
*e lowerm is, themore ductile themodel behavior. From the
above results, we can conclude that the homogeneity index in
this model controls the strength and ductility. *is suggests
that hard (brittle) rock has a higher homogeneity index than
soft (ductile) rock.

m = 6
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Figure 10: *e spatial distribution of mechanical properties
(m� 6).
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Figure 12: *e overall stress-strain curve of the entire numerical
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3.4. AE and Released Strain Energy. Because of rock het-
erogeneity, some elements of the numerical specimen under
loading reach to the failure criterion earlier than others. *eir
released strain energy is the origin of the acoustic emission in
the rock-fracturing process. Acoustic emission (AE) can be
used to detect the microscopic processes associated with
heterogeneous rock fracture. Generally, AE events are not
notable until the occurrence of nonlinearity in the stress-strain
curve, and the rate at which the AE events appear changes
with the development of fracture. *e AE rate increases
gradually with extension of the microcracks and increases
rapidly as the microcracks link together. *e rate maximizes
when the 7nal fracture planes form [9]. Monitoring acoustic
emission (AE) event rates seems to be a good way to identify
the initiation and propagation of microcracks in heteroge-
neous rock. In quasi-brittle materials such as heterogeneous
rock, AE is predominantly related to the release of strain
energy. *erefore, as an approximation, it is reasonable to
assume that the AE counts are proportional to the number of
failed elements and that the released strain energy by failed
elements is all in the form of acoustic emissions [30]. By this
means, in this model, each AE event corresponds to failure of
an element. *erefore, the AE counts are accounted by the
number of failed elements and the released strain energy is
calculated based on energy computation of the entire nu-
merical specimen. *e released strain energy of the entire
numerical specimen which is the di0erence between the work
done at the boundary of the model and the total stored and
plastic dissipated strain energies can be written as [31]

Wr � σijεij − Uc + Ub +Wp , (7)

where Uc is the total stored strain energy, Ub is the total
change in potential energy, and Wp is the plastic dissipated
work. *ese energies described in (7) are calculated in an
incremental fashion at each timestep from the stress, force,
displacement, and strain changes. Based on the above as-
sumptions, the cumulative AE counts and cumulative re-
leased strain energy can be realistically simulated with the
abovementioned numerical model. *e simulated stress-
strain curve and the released strain energy for the numer-
ical specimen withm� 6 under UCS test condition is shown
in Figure 14.

*e stress-strain curve of this numerical specimen is
almost linear in the prepeak region, and then the stress-
strain curve begins to deviate from linearity at stress about
50MPa. Further increases in axial strain lead to a rapid
released strain energy, and this process continues up to the
peak strength. Finally, the strain energy release at the
constant rate in the postpeak region and the stress-strain
curve approaches a residual strength. *e stress-strain curve
as well as the AE counts during the fracture process of the
numerical rock specimen under uniaxial compression test is
shown in Figure 15.
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Figure 13: *e total envelope of the stress-strain curves for three
numerical specimens with di0erent homogeneity indices and ex-
perimental result.
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Figure 14:*e simulated stress-strain curve and the released strain
energy.
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It can be clearly seen that there are a few failed elements
during the initial loading phase. But these failed elements
release much less energy as shown in Figure 14. *erefore,
the curve is nearly linear up to approximately 60% of the
peak strength. Localization of deformations may appear due
to cracking caused by these failed elements. After reaching
the peak strength, the load-carrying capacity of rock drops
considerably, followed by a long tail until fracture of the
specimen.

*e release of strain energy versus axial loading curves
for the numerical specimens with di0erent homogeneity
indices is illustrated and compared in Figure 16.

*e strain energy release of the heterogeneous specimen
is less than the strain energy release of the homogeneous
specimen. *e heterogeneous numerical specimen releases
its strain energy gradually and in a controlled manner.
However, the homogeneous numerical specimen releases its
strain energy abruptly at a stress level about the peak
strength. *e AE accumulation counts versus axial loading
curves for the numerical specimens with di0erent homo-
geneity indices are shown and compared in Figure 17.

Based on Figure 17, the more the heterogeneous nu-
merical specimen, the sooner and more gradual and ductile
the failure process was done. *e more homogeneous rock
fails abruptly because of its more brittleness.

4. Conclusion

*e volume fractions of minerals in the microscopic thin
section of the rhyodacite tu0 sample were calculated pre-
cisely by digital image processing. *e unknown matrix
properties were determined based on Mori–Tanaka scheme
in the framework of micromechanics. *en, the Weibull
distribution function was 7tted to the distribution of
minerals’ Young modulus, and the homogeneity index was
determined. Using the statistical Mohr–Coulomb strain-

softening model, the rock behavior was simulated and the
experimental stress-strain curve was reproduced numeri-
cally. From the numerical results, we can conclude that the
homogeneity index in this model controls the strength and
brittleness. *e simulated AE and released strain energy
during the loading process are dependent on the homoge-
neity index. *e more the homogeneous numerical speci-
men, the more the AE and release of strain energy under
UCS test condition.
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To investigate the mechanical properties and energy evolution characteristics of sandstone depending on the water contents and
con1ning pressure, the uniaxial and triaxial tests were conducted. +e test results show that the strain energy was stored in the
sandstone samples at the prepeak stage, and that is suddenly released when the failure occurred, and energy dissipation is sharply
increased at the postpeak stage. +e damage and energy dissipation characteristics of the samples are observed clearly under the
stepwise loading and unloading process. +e critical strain energy and energy dissipation show a clear exponential relationship.
+e critical elastic energy decreases linearly as the water content increases. As the con1ning pressure increases, the critical elastic
energy of the samples transforms from linear to exponential. +e concept of energy enhancement factor is proposed to
characterize the strengthening e4ect induced by the con1ning pressure on the energy storage capacity of the rock samples. +e
energy evolution of the sandstone samples is more sensitive to the con1ning pressure than that of the water content.

1. Introduction

In various underground engineering projects such as mining
and tunnelling, stability is often governed by groundwater
and disturbance during loading and unloading. +e sur-
rounding rocks show di4erent responses during the process
of loading and unloading, and the water content is also an
important factor which can a4ect on the mechanical be-
havior of the rock. +erefore, it is signi1cant to study the
e4ect of water content and con1ning pressure on the damage
process and energy evolution characteristics of the rock
during stepwise loading and unloading process.

Aiming at the aforementioned problems, lots of ex-
perimental researches on the strength, deformation, and
failure of di4erent rocks have been carried out. For example,
in order to explore the moisture e4ects on the mechanical
properties of rock, Bagde and Petroš [1] conducted tests on
dry and saturated samples under dynamic uniaxial cyclic

loading; they found that the dynamic fatigue strength and
Young’s modulus of the saturated samples all reduced ob-
viously. Similarly, the mechanical characteristics of di4erent
rock specimens under cyclic loading were studied, and some
valuable fruits were obtained [2–6]. For rock mechanics and
rock engineering, it is essential to establish the water sen-
sitivity of rock to the strength. It is necessary to assess the
potential change of the strength and deformability of the
rocks caused by moisture content. Experimental studies
were carried out to explain the in@uence of water content on
the strength and elasticity modulus under dry and water
saturated conditions [7–13].

In fact, the deformation and failure of rock are forms of
energy-driven instability. At present, the research on the
energy evolution characteristics during the process of de-
formation and failure of rock is insuBcient. Especially, the
in@uences of the con1ning pressure on energy input, storage,
and dissipation need further studies [14, 15]. In this paper,
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uniaxial and triaxial compression tests were conducted with
sandstone samples depending on the water contents and
con1ning pressure to investigate the mechanical properties
and energy evolution characteristics.

2. Materials and Methods

2.1. Sandstone Samples. +e samples used for this study
is Hawkesbury sandstones obtained from Gosford Quarry
in Sydney, Australia. According to International Society for
Rock Mechanics testing standards, the cylindrical specimens
of 46mm in diameter are drilled from the block sample and
trimmed to be 100mm in height. After drying and soaking
treatment, tests were conducted for four di4erent water
content conditions (i.e., completely dry, 25, 50, and 100%
water content).

2.2. Loading Equipment and Methods. +e testing equip-
ment is the MTS-815 rock test system provided by the School
of Mining Engineering, University of New South Wales in
Australia. +e loading was controlled by the vertical force,
and the loading rate was set to 0.05 kN/s. All samples were
tested according to ISRM standards. +e vertical force and
the displacement in the process of testing were automatically
recorded in real time by the data acquisition system. +e
compression tests were conducted under the con1ning
pressures, such as 0, 2.5, 5.0, and 7.5MPa.

For the stepwise loading test, the load was applied to the
samples until it reached the level of 60% of the uniaxial
compressive strength for the beginning. +en, the load is re-
duced to 10% of the uniaxial compressive strength. +e max-
imum load for reloading is 12% higher than the previous load.

3. Results

3.1. Uniaxial and Triaxial Compression Tests. As listed in
Table 1, the compressive strength of the sandstone samples
decreases as the water content increases. And, the com-
pressive strength increases as the con1ning pressure in-
creases. +e results show that the water content causes
a signi1cant attenuation e4ect on the compressive strength
and deformation of the samples. +e weakening is man-
ifested when the water content of the samples changed from
0 to 25%: the average attenuation of the peak strength of the
samples was 5.04MPa, with an average decline of 11.79%. As
shown in Figure 1, as the cycles of loading and unloading
increases, the area of each hysteresis loop expands.+e result
is related to the constant accumulation of fatigue damage
and plastic strain which implies energy dissipation becomes
gradually signi1cant. +e similar observations are reported
by Zuo et al. [16]. As the water content increases, the fatigue
strength, strain, and slope of the curves decrease signi1-
cantly, and the plastic loops transform from dense to sparse
gradually. +e increase of hysteresis loop area shows that the
water content would aggravate the energy dissipation. As
listed in Table 1, the peak strength and the residual strength
increase as the con1ning pressure increases. When the
con1ning pressure increases from 0 to 2.5MPa, the average
growth of the peak strength is 96.91%, and the lowest growth

of the peak strength is obtained from the saturated samples.
As the con1ning pressure increases, the e4ect of con1ning
pressure on the peak strength becomes indistinct.

3.2. Analysis of Stepwise Loading and Unloading. As shown
in Figure 2, the loading curves show linear elastic charac-
teristics and the unloading curves are approximately linear
with slightly lower convex. After the 1rst unloading, a rel-
atively large residual strain can be observed between the
unloading and loading curves. In the later process of
unloading, the residual strain gradually increases, and its
increment is almost same in each cycle.

+e characteristics of the strain-stress curve can be
observed: the plastic strain at the in@ection point of the
unloading stress is small. +e bottom of the closed loop
displays a vertical angle, the strain is kept invariable, and the
stress rose steeply during the early stage of the reloading. As
it is reported by Zuo et al. [16], it is supposed to be the
elastic-lagged e4ect of the rock.

As it is mentioned earlier, a partial recovery of the de-
formation after a certain period is observed during the
unloading process. From the viewpoint of energy, once the
unloading behavior is being completed, a small part of
elastic energy could not be released. +is part of the re-
sidual energy would continue to be released and produce
resistance, which led to a rapid increase in the elastic
modulus when reloading at the next step.

As the cycles of loading and unloading increase, the area
of each hysteresis loop expands. +e result is related to the
constant accumulation of fatigue damage and plastic strain
which implies energy dissipation becomes gradually signi1-
cant. +e stress suddenly drops when it reaches the fatigue
strength, and a lot of strain energy is released. As the water
content increases, the fatigue strength, strain, and slope of the
curves decrease signi1cantly, and the plastic loops transform
from dense to sparse gradually.+e increase of each hysteresis
loop area shows that the water content would aggravate the
energy dissipation.

3.3. Energy Evolution Characteristics during Stepwise Loading
and Unloading. +e process of rock deformation and failure
is accompanied by energy storage and consumption [17]. +e
external work can be treated as input energyU in rock, and the
input energy can be translated into elastic energy Ue and
dissipated energyUd, the unit of three energy indexes isMJ/m3.

As shown in Figure 3, during the stepwise loading and
unloading, the input energy U increases in the sandstone
samples, and the elastic energy Ue and the dissipated energy

Table 1: Compressive strength depending on the water content and
con1ning pressure.

Con1ning pressure
(MPa)

Water content (%)
0 25 50 100

0 26.32 21.04 16.67 13.96
2.5 41.89 39.23 37.71 30.13
5.0 54.01 48.99 45.46 40.21
7.5 62.84 55.64 52.10 47.69
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Figure 1: Stress-strain curves of the samples with di4erent water contents. Uniaxial (a) and triaxial (b) compression tests under con1ning
pressure 7.5MPa.
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Figure 2: Stress-strain curves of the samples with di4erent water contents under loading and unloading conditions: (a) 0%, (b) 25%, (c) 50%,
and (d) 100%.
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Ud also increase at the prepeak stage. Due to themicrofracture
damage and large plastic strain of the samples, the dissipated
energy Ud is higher than the elastic energy Ue. When the
stored elastic energy exceeds sandstone’s capacity, the stored
energy suddenly releases, and the elastic energy curve displays
a radical drop, and there is a sharp rise in the energy dissi-
pation curves when the samples failure occurred.

As the water content increases, three energy indexesU,Ud,
and Ue of the samples vary signi1cantly. +e input energies of
the sandstone are 0.208, 0.130, 0.089, and 0.067MJ/m3 as the
water content increases from 0, 25, 50, to 100%.

+e water immersion plays a signi1cant role on the
energy input behavior. As shown in Figure 4, the critical
input energy Up and the dissipated energy Ud

p show a clear
exponential relationship: as the water content increases,
and the critical elastic energy Ue

p decreases linearly. +e

attenuation of the critical energy can be clearly observed: the
input energy of the samples decreased by 37% as the water
content varies from 0 to 25%. As the sample approaches to
saturation state, the weakening e4ect of water content on the
energy limit becomes less remarkable.

3.4. E3ect of Con4ning Pressure on Energy Evolution. As
shown in Figure 5, the greater the con1ning pressure, the
higher the critical elastic energy for the same water content
condition. However, for the same con1ning pressure con-
dition, the greater the water content, the lower the critical
elastic energy. It can be found that the con1ning pressure
can strengthen the storage capacity of the elastic energy. +e
partial elastic energy in the samples cannot be released due
to the con1ning e4ect in the triaxial compressive strength
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Figure 3: Energy evolution curves of samples with di4erent water contents: (a) 0%, (b) 25%, (c) 50%, and (d) 100%.
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test. For example, the residual elastic energy of the dry
samples increases to 0.0259, 0.0578, and 0.133MJ/m3 as the
con1ning pressures increases from 2.5, 5.0, to 7.5MPa,
respectively. +e result demonstrates that the higher the
applied con1ning pressure, the more the remaining residual
elastic energy in the samples.

At the postpeak stage, the dissipated energy increases
sharply due to the macroscopic crack occurrence, and the
samples tend to be unstable. +e critical dissipated en-
ergy increases as the con1ning pressure increases. +e
samples display larger plastic deformation under the
higher con1ning pressure, and the dissipated energy is
obviously di4erent from that in the case of the uniaxial
condition.

From Figure 6, linear upward trend of Ue
p and Up can be

observed. As the con1ning pressure increases, three critical
energy indexes improve, but the extent of increment reduces
gradually. However, as the water content increases, the

energy levels of the samples generally decrease. +ree energy
indexes of the saturated samples decrease obviously com-
pared to those of the dry samples.

According to the relationship between the critical
elastic energy Ue

p and the con1ning pressure Cf, the en-
hancement factor uc of the energy storage limit can be
de1ned to describe the strengthening e4ect of the con1ning
pressure on the energy storage capacity of the samples as
follows:

uc �
ΔUe

p

ΔCf
. (1)

When the con1ning pressure increases from 0 to
2.5MPa, the enhancement factor uc is higher than that
of other pressure conditions. As the con1ning pressure
continuously increases, uc decreases gradually. When the
con1ning pressure increases to a certain degree, it seems
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Figure 4: Characteristic curves of the critical energy. (a) Up and Uep. (b) Up and Udp.
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Figure 5: Energy evolution curves with di4erent water contents: (a) 0% and (b) 100%.
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there is no obvious e4ect of con1ning pressure on the energy
storage limit.+e average value of uc is 0.026 and 0.019 in the
dry and saturated samples, respectively. uc of the saturated
samples reduces by 26.9% on average compared to that in the
dry state. It can be found that uc decreases as the water
content increases.

Based on the test data, the 1tting function of the energy
storage limit of the sandstone is obtained as follows under
coupling action of the con1ning pressure and the water
content:

U
e
p � 0.0111Cf − 0.0644mc + 0.0877. (2)

In order to compare the in@uences of the con1ning
pressure and the water content on the energy evolution of
the sandstone samples, the limit value of the energy input
and storage is used as investigation index Y. +e limit value
of con1ning pressure and the water content is used as the
in@uencing factor X. +e sensitivity analysis is performed by
using the sensitivity formula as follows:

S �
ΔX/X
ΔY/Y

. (3)

+e critical energy index is used as the reference when
the con1ning pressure is 5.0MPa and the water content is
50%.+e value∑|S| of the con1ning pressure Cf is 1.36∼1.59,
and that value of the water content is less than 1.10.
Compared to the water content, the in@uence of the con-
1ning pressure on the input, storage, and dissipation be-
havior of the energy is more signi1cant.

4. Discussion

Based on the test results, it is found that mechanical
properties and the energy characteristics of sandstone are
governed by the con1ning pressure and water content.
+erefore, it is more practical to study the energy input,

storage, and dissipation considering the in@uence of the
con1ning pressure, the water content, and the external
loading modes.

+e internal damage in the samples can be clearly ob-
served under the stepwise loading and unloading process;
the energy dissipation of the damaged samples is obvious,
and its energy storage capacity becomes poor. During the
uniaxial and triaxial compressive strength tests, the elastic
energy is accumulated as long as the stress is smaller than the
peak stress. +e elastic energy would be stored before the
local damage occurred. When the elastic energy exceeds its
capacity, sudden failure accompanies a radical release of
energy. Sometimes the stored elastic energy would not be
completely released.+e energy evolution of the samples can
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Figure 6: Critical energy curves under di4erent con1ning pressures: (a) Up and (b) Uep.
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be described with the input energy U, the elastic energy Ue,
and the dissipated energy Ud. Each energy index has a peak
value. When the elastic energy exceeds its limit of capacity, it
would suddenly release which causes the rock failure. After
the rock completely lost the bearing capacity, the input
energy and the dissipated energy reach the maximum values.
+e con1ning pressure directly a4ects the overall level and
the growth rate of the energy in rock.

+e input energy, elastic energy, and dissipated energy
increase signi1cantly in the prepeak stage. +e growth is
accelerated as the con1ning pressure increases [15]. Al-
though the con1ning pressure increases to a certain extent,
the capacity of the energy storage cannot be improved. In the
uniaxial compression strength test, the elastic energy curve
drops sharply and the stored energy is completely released
within a short time in the postpeak stage. In the triaxial
compressive strength test, the con1ning pressure shows the
hindering e4ect on the release of the elastic energy: the
higher the con1ning pressure, the more the remaining re-
sidual elastic energy.

Under the stepwise loading and unloading conditions,
the unloading action also induced energy release, but it was
di4erent from the energy release in the postpeak stage under
uniaxial and triaxial compressive conditions. +e released
energy caused by unloading action was relatively smaller and
would not cause the rock failure, while the elastic energy was
stored again in the next loading step. +e multistep loading
and unloading causedmicrodamage of the rock samples, and
the dissipated energy under stepwise loading and unloading
was greater than that under the compressive loading con-
dition. So, the e4ect of loading mode on energy revolution
could be revealed in the three types of experiments.

Compared with the dry samples under the same loading
conditions [18], the calculation results of the energy indexes
of the partially and fully saturated sandstone samples are
relatively lower. +e results demonstrate that the e4ect of
water content could not be ignored in the energy evolution
of the rock. Moreover, the e4ect of con1ning pressure is
more obvious than that of the water content. +e re-
lationship between the water content and the capacity of
rock energy storage is obtained by calculation as shown in
Figure 7. +e critical elastic energy of the samples decreases
linearly when the con1ning pressure is low, and it decreases
exponentially when the con1ning pressure is high. +e
critical elastic energy decreases as the water content in-
creases. It can be concluded that the energy release from the
wet rock is relatively lower that that from the dry rock under
the same stress environment. +e water injection can be
considered to reduce the stored energy in deep or hard rock
engineering with high stress.

5. Conclusions

To investigate the mechanical properties and energy evolution
characteristics of sandstone depending on the water contents
and con1ning pressure, the uniaxial and triaxial tests were
conducted. From the series of test, salient 1ndings are list below.

As the water content increases, the compressive strength
and elastic modulus of the sandstone samples decrease, but

the compressive strength of the sandstone samples increases
as the con1ning pressure increases.

During the stepwise loading and unloading process, the
elastic energy curve is lower than that of the dissipated
energy; the energy behavior of the samples mainly displays
dissipation.+e damage and plastic deformation also govern
the energy storage capacity of the samples.

As the con1ning pressure increases, it signi1cant en-
hances the input energy, the elastic energy, and the dissi-
pated energy of the samples in the triaxial compressive
strength test. However, the water content weakens the input,
storage, and growth rate of the strain energy, and it would
aggravate the energy dissipation.

+e critical indexes of the energy input and storage
decrease as the water content increases. +e 1tting function
of the storage limit of the elastic energy is obtained
depending on the con1ning pressure and the water content.
However, the e4ect of the con1ning pressure on the energy
input, storage, and dissipation of the samples is more sig-
ni1cant than that of the water content.
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