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Structural health monitoring (SHM) has gained a significant
number of attentions from the engineering communities in
the past two decades, which integrates the knowledge of a
variety of disciplines including structural engineering, mate-
rial science, computer science, signal processing, and data
management [1–3]. A main purpose of the development of
an SHM system is deemed to facilitate the routine inspec-
tion and maintenance activities of the targeted engineering
infrastructures. With the aid of an instrumented long-term
SHM system, the structural behavior and safety performance
of the structure can be promptly evaluated by use of the huge
amount of measurement data, and the optimal maintenance
schedules can be executed by the infrastructure managers
[4]. It includes the connectivity and information exchange
between the participating institutions and individual mem-
bers, the awareness of the SHM and integrity maintenance
disciplines and tools among end users, and essential reference
materials for the situationswhere a ranking of structures to be
rehabilitated is necessary because of insufficient budget avail-
able.

Therefore, in the light of these considerations, this special
issue was launched in this journal, an SCI-indexed interna-
tional journal. The papers in this special issue present the
most recent advances, progress, and ideas in the field of
the SHM and integrity maintenance and its application. It
includes smart, bioinspired, nanometer, wireless, and remote

sensing technology, sensor placement and optimization strat-
egies, data compression, cleaning, mining and fusing tech-
nology, pattern recognition, feature extraction and damage
detection and assessment, design, retrofit, maintenance, ren-
ewal and risk management of civil infrastructure, and appli-
cation of SHM for heritage structures, historical monuments,
and old bridges.

After two-round peer reviewing, totally 55 research arti-
cles are received and 28 out of them are finally accepted for
publication in this special issue. Among them, four papers
are review articles. The paper “Structural health monitoring
of civil infrastructure using optical fiber sensing technology: a
comprehensive review” by X. W. Ye et al. presents a summary
of the basic principles of various optical fiber sensors, inno-
vation in sensing and computational methodologies, devel-
opment of novel optical fiber sensors, and the practical appli-
cation status of the optical fiber sensing technology in civil
infrastructure monitoring. The paper “Dynamic responses
and vibration control of the transmission tower-line system: a
state-of-the-art review” by B. Chen et al. reviews the dynamic
responses and vibration control of the transmission tower
line system as well as the disaster monitoring and mitigation
of the system subjected to dynamic excitations. The paper
“Recent research and applications of numerical simulation for
dynamic response of long-span bridges subjected to multiple
loads” by Z. Chen and B. Chen addresses the key issues
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involved in dynamic response analysis of long-spanmultiload
bridges based on numerical simulation technologies and
the engineering applications of newly developed numerical
simulation technologies for safety assessment of long-span
bridges. The paper “A review on strengthening steel beams
using FRP under fatigue” by M. Kamruzzaman et al. sum-
marizes the existing FRP reinforcing techniques for fatigue
damaged structural steel elements.

The following papers address the research work on struc-
tural damage detection.The paper “Damage identification for
large span structure based on multiscale inputs to artificial
neural networks” byW. Lu et al. proposes a structural damage
identification method by combining the measured results
from strain sensors and accelerometers in the noisy environ-
ment based on the artificial neural network.The paper “Dam-
age assessment of two-way bending RC slabs subjected to blast
loadings” by H. Jia et al. investigates the blast response and
damage assessment of a two-way bending RC slab subjected
to blast loadings. The paper “Structural damage identification
based on rough sets and artificial neural network” by C. Liu
et al. conducts the research on potential applications of the
rough sets theory and the artificial neural network method
for structural damage detection. The paper “Damage detec-
tion on sudden stiffness reduction based on discrete wavelet
transform” by B. Chen et al. presents the damage detection on
sudden stiffness reduction of building structures based on the
discrete wavelet transform. The paper “Damage detection of
structures identified with deterministic-stochastic models using
seismic data” byM.-C. Huang et al. addresses a deterministic-
stochastic subspace method for damage identification which
has been experimentally verified to detect the equivalent
single-input-multiple-output system parameters of the dis-
crete time state equation.

Other papers focus on the research related to the develop-
ment of integrated SHM systems and novel sensing technolo-
gies.Thepaper “Integrated systemof structural healthmonitor-
ing and intelligent management for a cable-stayed bridge” by
B. Chen et al. describes the integrated system for structural
monitoring and intelligent management of the cable-stayed
Zhijiang Bridge, China. The paper “Full-scale measurements
and system identification on SutongCable-stayedBridge during
typhoon Fung-Wong” by H. Wang et al. analyzes the wind
data and the structural vibration responses obtained from
the SHM system installed on the cable-stayed Sutong Bridge,
China, during a typhoon. The paper “Study on typhoon char-
acteristic based on bridge health monitoring system” by X.
Wang et al. investigates the typhoon characteristics by use
of the measured data from the bridge health monitoring
system instrumented on the Jiubao Bridge, China. The paper
“Numerical simulation of monitoring corrosion in reinforced
concrete based on ultrasonic guided waves” by Z. Zheng et al.
predicts the location of the pitting corrosion in reinforced
concrete based on the ultrasonic guided waves. The paper
“Study on dynamic response measurement of the submarine
pipeline by full-term FBG sensors” by J. Zhou et al. measures
the dynamic responses of the submarine pipeline by use of
the FBG sensing technology. The paper “Case study on the
maintenance of a construction monitoring using USN-based
data acquisition” by S. Kim et al. develops a ubiquitous sensor

network for monitoring and maintenance of the building
structure. The paper “In-line ultrasonic monitoring for sedi-
ments stuck on inner wall of a polyvinyl chloride pipe” by H.
Seo et al. verifies the applicability and effectiveness of the
ultrasonic monitoring of sediments stuck on the inner wall
of polyvinyl chloride pipes.

The subsequent papers present the investigations on the
structural performance under seismic excitations. The paper
“Numerical simulation on slabs dislocation of Zipingpu con-
crete faced rockfill dam during the Wenchuan earthquake
based on a generalized plasticity model” by B. Xu et al. inves-
tigates the slab dislocation phenomenon of the Zipingpu
concrete faced rockfill dam during earthquake. The paper
“An improved multidimensional MPA procedure for bidirec-
tional earthquake excitations” by F. Wang et al. develops an
improved multidimensional modal pushover analysis meth-
od for estimating the response demands of structures sub-
jected to bidirectional earthquake excitations. The paper “A
methodology for multihazards load combinations of earth-
quake and heavy trucks for bridges” by D. Sun et al. presents a
modified model considering the advantages of Ferry Borges-
Castanheta’s model and Turkstra’s rule in converting the
random process into the random variables for earthquake
analysis. The paper “Experimental study of the seismic per-
formance of L-shaped columns with 500MPa steel bars” by T.
Wang et al. addresses the experimental results of six L-shaped
RC columns with 500MPa steel bars for seismic performance
assessment.

The remaining papers in this special issue introduce the
research outcomes on monitoring of hydraulic and geotech-
nical structures. The paper “Effects of outlets on cracking risk
and integral stability of super-high arch dams” by P. Lin et al.
presents the outlet cracking in the Goupitan and Xiaowan
arch dams by use of the nonlinear finite element method.The
paper “Real-time safety risk assessment based on a real-time
location system for hydropower construction sites” by H. Jiang
et al. proposes a method for real-time safety risk assessment
for the hydropower construction site. The paper “Ant colony
optimization analysis on overall stability of high arch dam
basis of field monitoring” by P. Lin et al. conducts a dam ant
colony optimization analysis of the overall stability of the
high arch dam on the complicated foundation. The paper
“Displacement back analysis for a high slope of the Dagangshan
hydroelectric power station based on BP neural network and
particle swarm optimization” by Z. Liang et al. presents a
displacement back analysis for the slope using an artificial
neural network model and particle swarm optimization
model. The paper “Uplifting behavior of shallow buried pipe
in liquefiable soil by dynamic centrifuge test” by B. Huang et
al. carries out the dynamic centrifugemodel test to investigate
the uplifting behavior of the shallowburied pipeline subjected
to seismic vibration in the liquefied site.
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This research verified the applicability and effectiveness of the ultrasonic monitoring of sediments stuck on the inner wall of
polyvinyl chloride (PVC) pipes. For identifying the transmittance of acoustic energy and the speed of sound in the PVC material,
the pulse-echo ultrasonic testing was conducted for PVC sheets of different thicknesses. To simulate the solidified sediment, the
hot melt adhesive (HMA) was covered on the inner wall of the PVC pipe in different heights. From the experiment, the speeds of
sound in the PVC and the HMA materials were obtained as about 2258 and 2000m/s, respectively. The thickness of the materials
was calculated through the signal processing such as taking the absolute value and low pass filtering, the echo detection, and the
measurement of the time of flight. The errors between actual and measured thicknesses of PVC sheets were below 5%. In the case
of the substance stuck on the inner wall, the errors were below 2.5%. Since the pulse-echo ultrasonic inspection is available on the
outer surface and itsmeasurement accuracy was over 95%, it can be an efficient and effective in-service structural healthmonitoring
for the sediment on the wall of PVC pipes.

1. Introduction

Polyvinyl chloride (PVC) plastic is amorphous and provides
good performance at low cost; it has been widely used for
a variety of industrial purposes as well as infrastructural
and building applications such as fluid and gas distribution
networks [1–3]. In particular, in the manufacturing field,
various kinds of materials are delivered from huge tanks to
each machine through pipe networks. In the case of inviscid
flow, internal corrosion and surface cracks are serious issues
threating the structural health and safety in PVC pipelines.
On the other hand, when viscous or adhesive materials such
as paint, cement, gel, and liquid polymer flow in the PVC
pipe, they can stick to the inner wall of PVC pipes due to their
viscosity and then become solidified. As the sediment sticks
thicker on the inner wall, the internal pressure in the pipeline
increases. This can result in not only the flow blockage and
even its explosion but also huge productivity losses [4, 5]. For
this reason, the accumulation of the sediment on the inner

wall of PVC pipes has raised one of the critical issues in terms
of the structural maintenance and productivity.

For the advanced prevention caused by the sediment
deposition on the inner wall of the PVC pipeline, it is
necessary to measure the thickness of the stuck material.
However, in general, in order to inspect the inner state of the
pipeline, the pipes should be disassembled independently of
each other and then each pipe can be examined individually.
Since this kind of structural maintenance for PVC pipelines
requires the suspension of operation, it is not time- and cost-
efficient. To save time and money, the in-service nondestruc-
tive evaluation (NDE) for the inner part of the pipeline should
be introduced without intermission in operation [6]. That
technique should be able to diagnose the inside of the pipe at
its outer wall without the separation of pipes from the entire
pipeline.

Ultrasonic testing (UT) can be one of the useful NDE
techniques for the inspection of the pipeline [5]. In UT, the
acoustic waves are transmitted into materials and then the

Hindawi Publishing Corporation
e Scientific World Journal
Volume 2014, Article ID 731621, 8 pages
http://dx.doi.org/10.1155/2014/731621

http://dx.doi.org/10.1155/2014/731621


2 The Scientific World Journal

Time

A
m

pl
itu

de

Pulser/ 
receiver

Material BMaterial A
Transducer

Initial
pulse

tB

tB

tA tA

sB

sA
sB − sA

tB − tA tB − tA
2nd back surface

2nd back surface

echo of

echo of

material B

1st back surface
echo of

material A material A

1st back
surface
echo of

material B

Figure 1: Pulse-echo ultrasonic method for two materials.

material characteristics or properties are evaluated through
detecting and analyzing the reflected or transmitted signal
[7–9]. Ultrasonic testing has been used for a variety of
applications such as detecting surface and subsurface defects
and measuring the depth of flaws, the thickness of materials,
and the rate of flow because ultrasonic measurements are
rapid, accurate, and nondestructive; moreover, it can be fully
automated and conducted in-service [4, 6, 9–11]. For the
polymeric materials and processes, ultrasounds have been
used for numerous purposes such as polymer blending [12–
16], characterization of polymers in both solid and liquid
states [17–22], the measurements of wave velocities and
attenuation [23–28], and the monitoring of the flow in plastic
pipes [29–31]. However, the UT application of monitoring for
the inner wall of the PVC pipe is rare although PVC pipe has
been widely used for many fields.Through utilizing the many
advantages of UT, the inside state of the PVC pipes can be
monitored in-service.Then, it can be possible to diagnose and
prevent the potential threats such as the flow blockage in pipe
and its explosion in advance.

As a practical application of UT formanufacturing indus-
try, this research studied the applicability and effectiveness
of the ultrasonic monitoring for the sediment stuck on the
inner wall of a PVC pipe. Since the inspection should work
on the outer surface of PVC pipes and measure the thickness
of materials, a pulse-echo ultrasonic measurement was pro-
posed in this research [32]. With PVC sheets and hot melt
adhesive (HMA), that is, also known as hot glue gun stick,
the transmittance of ultrasonicwaves in the PVCmaterial and
the speed of sound in the PVC and sediment materials were
investigated. The HMA was used to simulate the solidified
sediment in order to verify its practical effectiveness.

2. Theory

In a certain medium, acoustic waves travel with the speed of
sound dependent on stiffness and density of themedium they

are passing through. Generally, the speed of sound 𝑐 is given
by the Newton-Laplace equation:

𝑐 = √

𝐾

𝜌

, (1)

where𝐾 is a coefficient of stiffness or the bulkmodulus and 𝜌
is the density. The speed of sound is constant in the uniform
material under the same circumstances such as temperature
and stress state. Thus, by measuring the time of flight of the
acoustic wave, the travel distance can be calculated.

Figure 1 shows the principle of the pulse-echo method. A
pulser/receiver supplies a high voltage electrical pulse to the
transducer and amplifies the received ultrasonic wave signal.
In the case of single material, the wave is almost reflected
when it meets boundaries that have a significant difference in
acoustic impedances (𝑍) of the materials on each side of the
boundary, such as a discontinuity or the back wall [33, 34].
On the other hand, in the case of multimaterials that have
similar acoustic impedances, some wave energy transmits
to the neighboring material and the rest is reflected. The
transmitted wave is eventually reflected at the back surface.
Even though part of the sound energy is attenuated, reflected
signals can be detected if the amplitude of the initial pulse is
high enough.

Since the reflected signal travels back and forth between
front and back surface, the travel distance and travel time of
the wave have the following relationship:

𝑡 =

2𝑠

𝑐

, (2)

where 𝑡 is the time of flight (TOF), 𝑠 is the one-way travel
distance or the thickness of the material, and 𝑐 is the speed of
sound in the material. Thus, the speed of sound in a certain
material can be calculated when we know its thickness.
Conversely, the thickness of a material can be calculated by
measuring the TOF of acoustic waves when the speed of
sound of the material is known. Likewise, the thickness of
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(a) PVC sheets (b) PVC pipe segment

Figure 2: PVC specimens: (a) sheets and (b) pipe segment.
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Figure 4: Pulse-echo ultrasonic inspection for PVC pipe.

a neighboring material can be calculated by measuring the
TOF in the neighboring material as follows:

𝑠
𝐵−𝐴
= 𝑠
𝐵
− 𝑠
𝐴
= 𝑐
𝐵
×

𝑡
𝐵
− 𝑡
𝐴

2

, (3)

where 𝑠
𝐵−𝐴

is the one-way travel distance or the thickness
of the material 𝐵, 𝑡

𝐴
is the TOF of the first reflected echo

from the back surface of material 𝐴, 𝑡
𝐵
is the TOF of the first

reflected echo from the back surface of material 𝐵, and 𝑐
𝐵
is

the speed of sound in the material 𝐵.

While the ultrasonic wave travels through the medium,
its amplitude exponentially diminishes with the propagation
distance. Although the amplitude reduction is ideally caused
by the spreading of the wave, scattering and absorption
weaken the ultrasound in natural materials. Scattering is the
reflection of the wave in many directions and absorption
is the conversion of the sound energy into other forms of
energy. The combined effect of them is called attenuation.
Ultrasonic attenuation is the decay rate of the ultrasonic wave
while it propagates throughmaterial.The amplitude variation
of a decaying wave can be expressed as

𝐴 = 𝐴
0
𝑒
−𝛼𝑥
, (4)

where𝑥 is the propagation distance,𝐴
0
is the amplitude at 𝑥

0
,

𝐴
𝑥
is the amplitude at 𝑥, and 𝛼 is the attenuation coefficient.

From (4), we can obtain the attenuation coefficient as follows:

𝛼 =

1

𝑥

ln(
𝐴
0

𝐴
𝑥

) [Np/m] . (5)

The units of the attenuation value in neper per meter (Np/m)
can be converted to decibels permeter (dB/m) bymultiplying
by 8.686.

3. Specimen and Experiments

PVC specimens used for the pulse-echo ultrasonic testing are
as shown in Figure 2. Each sheet is 100mmwide and 100mm
tall. The thicknesses of them are 3, 5, 8, 10, 15, and 20mm.
PVC sheets were used for the measurement of the speed
of sound, the ultrasonic transmittance, and the attenuation
coefficient of sound waves in PVC material. PVC pipe was
used to evaluate the effectiveness of the practical application
of the pulse-echo ultrasonic inspection on the curved surface
to measure the thickness of adhesive substance stuck on the
inner wall of the pipe.The nominal size of the pipe is 200mm
and its wall thickness is 10.3mm.

In order to evaluate the ultrasonic transmittance in PVC
materials, TOFs in PVC sheets of different thicknesses were
measured in the pulse-echo ultrasonic inspection as shown
in Figure 3. When the pulser/receiver excites a negative
electrical pulse, the PZT transducer is driven to produce
acoustic waves. If the amplitude of the initial pulse is high
enough to return to the PZT transducer, the echo signals
reflected from the opposite surface are detected. The digital
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oscilloscope converts the electrical signal into the digital data
through the embedded analog/digital converter and displays
the transmitted and reflected waves. By signal processing of
the digital data in MATLAB software, the speed of sound in
the material and the thicknesses of specimens are calculated
from (2). The attenuation coefficient of sound waves was
additionally obtained.

HMA is used to simulate the adhesive substance on the
inner wall of PVC pipe. In the pipe, the critical threat to its
safety is not just sticky fluids but the fluid substance that
adheres to the wall and becomes solidified.The accumulation
of the hard sediment on the inner wall obstructs the flow,
which increases the internal pressure in the pipe. This causes
flow blockage in pipe and even its explosion. In terms of being
solidified from the fluid state, the glue gun stick has similar
material characteristics with the sticky sediments on the wall

of PVC pipes. When it is hot, it is fluid. As it cools down, it
becomes hard and ends up as a solid.

To investigate the effectiveness of the pulse-echo ultra-
sonic monitoring for sediments on the wall of the PVC pipe,
HMA was squeezed onto the inner wall of the PVC pipe.
Different thicknesses of solidified substances were formed by
controlling the amount of the HMA. The thicknesses of the
HMA covered on the wall of the PVC pipe are 3.92, 6.79, 7.49,
10.05, and 11.63mm.

Likewise with the experiment for PVC sheets, TOFs in
PVC pipe and the solidified adhesive of different thicknesses
were measured in the pulse-echo ultrasonic inspection as
shown in Figure 4. Unlike PVC sheets, some acoustic energy
transmits from the PVC pipe into the adhesive material and
the rest is reflected at the interface between the PVC pipe and
the solidified adhesive. If the amplitude of the initial pulse
is high enough to return to the PZT transducer even after
transmitting into the solidified adhesivematerial, the acoustic
wave will be reflected from the back surface of the adhesive
substance and this echo signal can be detected. Through
signal processing in MATLAB, the speed of sound in the
HMA and the thicknesses of the adhesive substance on the
inner of wall of the PVC pipe are calculated from (3).

4. Experimental Results

From the experiment for the PVC sheets, the speed of
sound and the attenuation coefficient in PVC material were
measured. With the PVC sheet of 3mm thickness, the pulse-
echo signals were detected by PZT transducer as shown
in Figure 5(a). In order to calculate the speed of sound in
the PVC material, TOFs between pulse-echoes should be
obtained. In measuring the thickness of specimens and the
speed of sound by obtaining TOFs, the accuracy of time
measurement is very significant. Since there can be phase
conversion of the pulse wave at the boundary or ringing can
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occur, selecting proper peaks is critical to exactly calculate
TOFs. To make this easy and accurate, several digital signal
processing techniques are necessary.

First, to the speed of sound in the PVC material, the
absolute value of the raw signal was taken as shown in
Figure 5(b). Since the autocorrelation method is effective to
detect repeats or periodicity in a signal, the autocorrelation
processing was used in order to more accurately measure
the TOFs between pulse-echoes as shown in Figure 5(c). The
measured TOFs are as shown in Table 1. From these results
and thickness of the PVC sheet, the calculated speed of sound
was calculated as about 2258m/s, that is, similar as the well-
known speed of sound in the PVC material.

After the pulse-echo peaks were detected as shown in
Figure 5(b), the attenuation coefficient in the PVC material
was calculated by (5). Figure 6 shows the attenuation of
acoustic energy in the PVC sheet of 3mm thickness. By linear
fitting of attenuation, the attenuation coefficient in the PVC
material (𝛼PVC) was obtained as about 1.8 dB/mm.

Ultrasonic transmittance in PVC material was investi-
gated through the reflected signal measurement for the PVC
sheets of different thicknesses. In order to detect pulse-echo
signals clearly, the absolute values of the raw signals were
taken as shown in Figure 7. Each signal measured from the
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Table 1: Time of flight and speed of sound.

Travel route
Initial
to 1st
peak

1st to
2nd
peak

2nd to
3rd
peak

3rd to
4th
peak

Average

Time of flight
(𝜇s) 2.600 2.607 2.733 2.695 2.659

Travel distance
(mm) 6 6

Speed of sound
(m/s) 2308 2302 2195 2226 2258

PVC sheets of different thicknesses is as shown in different
colors. As the thickness of the PVC sheet became thicker,
the TOF increased proportionally as shown in Table 2. The
measured thickness of the PVC sheets was calculated from
(2). The errors between actual and measured thicknesses
were below 5%, which means that an ultrasonic pulse is
able to propagate deeper than 40mm without the significant
frequency variation.

However, as the propagation depthwas deeper, the ampli-
tude decreased exponentially as shown inFigure 7. For ampli-
fying the low amplitude signal, the gain of pulser/receiver
was increased up to +50 dB and the pulse-echo ultrasonic
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Table 2: The time of flight and the measured thickness of PVC sheets.

Specimen T3 T5 T8 T10 T15 T22
Time of flight (𝜇s) 2.65 4.23 7.13 8.63 13.0 19.7
Actual thickness (mm) 3.0 5.0 8.0 10.0 15.0 22.0
Measured thickness (mm) 2.99 4.77 8.05 9.74 14.64 22.24
Error (%) 0.19 4.52 0.61 2.59 2.39 1.11

Table 3: The time of flight and the measured thickness of foreign substances.

Specimen S1 S2 S3 S4 S5
Time of flight (𝜇s) 3.92 6.645 7.605 10.2 11.76
Actual thickness (mm) 3.92 6.79 7.49 10.05 11.63
Measured thickness (mm) 3.92 6.65 7.61 10.20 11.76
Error (%) 0.00 2.14 1.54 1.49 1.12
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Figure 9: Absolute signal of the reflected ultrasonic wave.

measurement was conducted for the PVC sheet of 22mm
thickness. The experimental results and their signal process-
ing results are as shown in Figure 8. In the gain of 0 dB, the
reflected signal was detected but was too small compared to
the initial pulse, whereas the first and second echo signals
were obvious in the gain of +50 dB. In order to detect echo-
pulses more clearly, the absolute value of the received signal
was taken, and then the high frequency components were
filtered out with a low pass filter. In consequence of that signal

processing, the pulse-echo detection from the processed data
is easier and clearer than from the raw signal.

In the experiment with the PVC pipe, likewise with
obtaining the speed of sound in the PVC material, the speed
of sound in the adhesive sediment was measured as about
2000m/s. The signal processing with taking the absolute
value and low pass filtering was applied to detect the pulse-
echoes from the reflected signals measured from the PVC
pipe as shown in Figure 9. The pulse-echoes from the wall of
PVC pipe were detected at the specific time zones regardless
of the thickness of the sediment that stuck on the wall. On
other hand, the echo from the back surface of the sediment
material was shifted depending on the thickness of them.
The TOFs to the back surface of the sediment increased as
shown in Table 3. The measured thickness of the sediment
material was calculated from (3). The errors between actual
and measured thicknesses were below 2.5%, which means
that an ultrasonic pulse is able to measure the thickness of
the substance that stuck on the wall of the PVC pipe.

5. Conclusions

The transmittance of ultrasonic wave in the PVC material
and the applicability and effectiveness of the pulse-echo
ultrasonic monitoring of the sediment which stuck on the
inner wall of the PVC pipe were studied. For investigating the
transmittance of acoustic energy in the PVC, the pulse-echo
ultrasonic testing for the PVC sheets of different thickness
was conducted. In addition, to simulate the sediment that
stuck on the wall of the PVC pipe, the HMA was covered
on the inner wall of the PVC pipe. The thicknesses of the
sediment materials were measured through the pulse-echo
ultrasonic testing and signal processing techniques.

In the experiment for PVC sheets, the speed of sound
in PVC material was calculated as about 2258m/s similar as
the well-known speed of sound in PVC material. The echo
signal was detected for the PVC sheet of 22mm thickness.
In the thickness measurement of PVC sheets with signal
processing such as taking the absolute value and low pass
filtering, the errors between actual andmeasured thicknesses
of PVC sheets were below 5%. In the experiment for PVC
pipe, the speed of sound in the hot adhesive material was
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calculated as about 2000m/s. The errors between the actual
and measured thicknesses of the stuck material were below
2.5%.

The results from the experiment showed the low errors
between actual and measured thicknesses of the PVC mate-
rial and the sediment. This supports that the pulse-echo
ultrasonic inspection system is effective and applicable for the
monitoring of sediments that stuck on the wall of the PVC
pipe as well as the PVC material.
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In recent decades, the application of fibre-reinforced polymer (FRP) composites for strengthening structural elements has become
an efficient option to meet the increased cyclic loads or repair due to corrosion or fatigue cracking. Hence, the objective of this
study is to explore the existing FRP reinforcing techniques to care for fatigue damaged structural steel elements. This study covers
the surface treatment techniques, adhesive curing, and support conditions under cyclic loading including fatigue performance,
crack propagation, and failure modes with finite element (FE) simulation of the steel bridge girders and structural elements. FRP
strengthening composites delay initial cracking, reduce the crack growth rate, extend the fatigue life, and decrease the stiffness decay
with residual deflection. Prestressed carbon fibre-reinforced polymer (CFRP) is the best strengthening option. End anchorage
prevents debonding of the CRRP strips at the beam ends by reducing the local interfacial shear and peel stresses. Hybrid-joint,
nanoadhesive, and carbon-flex can also be attractive for strengthening systems.

1. Introduction

The collapse of structural elements due to fatigue is extremely
expensive and may be catastrophic in terms of human life
and damage. The fatigue process can be defined as the
accumulation of damage at a localized region as a result of
cyclic loads, which leads to the formation of a crack that
eventually propagates through the material. When a crack
grows to a size forwhich the net-section is inadequate to carry
the imposed load, rapid fracture takes place. Fatigue failure of
steel girders is one of the most significant problems affecting
the remaining service life of existing steel structures like
bridges. The application of fibre-reinforced polymer (FRP)
composites to increase the fatigue strength of damaged steel
girders is a promising technique that offers an attractive
substitute to traditional approaches like steel plating.

In recent decades, the strengthening of the steel com-
ponents of structures has become essential for structural
retrofits. FRP strengthening seems to be an effective alter-
native for such retrofitting. A survey of European rail-
way administrations covering nearly 220,000 bridges across

Europe [1] has shown that almost 22% of the bridges are
constructed with metal. Among them, 28% of the metallic
bridges are over 100 years old, and 40% are between 50
and 100 years old. The federal highway administration of
the US Department of Transportation, 2005 [2], estimated
that among the almost 200,000 metallic highway bridges
in the US, around 40% are either “structurally deficient”
or “functionally obsolete.” Deterioration is mostly due to
accidental vehicular impacts, cyclic loads. Bridge structures
that support moving trains are subjected to high stresses
caused by extreme vibrations and dynamic deflections that
are far greater than ever before [2]. Moreover, the fatigue
life of steel structures could be extensively reduced due to
earthquake loadings [3]. The dynamic reaction of railway
bridges is also influenced by various factors including the
train speed, natural frequency of the bridge, and the bridge
and carriage lengths [4]. The I-35W Bridge over the Missis-
sippi river collapsed on 1 August 2007, resulting in 13 dead
and 145 injuries, and damaged 111 vehicles. The National
Transportation Safety Board [5] cited on the collapse of the
I-35W Bridge that a design fault, improper maintenance, and
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additional weight, because of increasing traffic volume and
heavy traffic, caused the fatigue failure. The fatigue damage
reported in Japan has been causedmainly by cyclic secondary
stress or distortion-induced stress [6].

Fibre-reinforced polymer possesses outstanding advan-
tages as a structural material, including high strength, anti-
corrosion properties, and high durability and is able to
restore the lost capacity of damaged structures [7, 8]. FRP
sheets/strips are also effective in the strengthening of steel
structural elements to extend their fatigue lifetime and reduce
crack propagation [9–11] if galvanic corrosion is prevented
and sufficient bond is provided [12, 13]. Recent strengthening
projects in the United States, Switzerland, the United King-
dom, and Japan showed that there was a great potential for
using carbonfibre-reinforced polymer (CFRP) to retrofit steel
structural elements [14–16]. CFRP materials have been used
for marine structures [17, 18] and aerospace parts [19] and
have expanded to wood [20], masonry [21], steel/concrete
composite structures [22], and so on. It is more frequently
used for rehabilitation and strengthening of steel structures
than other FRP materials due to its high strength. In any
case, CFRP is very tolerant to fatigue damage [23, 24]. Basalt-
fibre-reinforced polymers (BFRP) have been increasingly
considered in civil infrastructures, because of low cost and
their excellent chemical and mechanical properties [25, 26].

The Acton bridge in England [27] and the Ashland
bridge and 7838.5S092 bridge in the USA were retrofitted by
applying CFRP elements to the bottom of the girders; the
stress reduction on the original materials was observed to
increase the fatigue life [28]. Several case studies of existing
steel railway bridges are presented in [29, 30]. Monitoring
data was used for dynamic response analysis and fatigue life
evaluation. It was observed that the stringers and the cross
beams run a high risk of fatigue damage. The weakest point
in the reinforcing system of FRP elements to steel joints is the
bond of the adhesive [31–33]. The successful implementation
of FRP composites of the strengthening systems is dependent
upon the quality and integrity of the steel-composite joint
and the effectiveness of the epoxy adhesive used [34]. The
fatigue performance of the CFRP reinforcement details is
necessary to check if, under realistic severe spectrum loading,
the adhesive joint performs better than the common fatigue
sensitive details found on steel bridge girders, in accordance
with Eurocode 3 categories 36∗ and 50∗ [35] or American
Association of State Highway and Transportation Officials
(AASHTO) categories E and E [36].

The application of FRP composite for strengthening steel
bridges and structural elements has become an efficient
option to meet the increased cyclic loads or repair due to
corrosion or fatigue cracking. Therefore, the objective of this
review is to explore the potential FRP reinforcing techniques
to care for fatigue damaged steel structural elements. This
paper reviews the research related to CFRP/steel strength-
ening techniques under fatigue. Detailed knowledge and
explanation of the existing research concerning the fatigue
behaviour of HM, HS, UHM, and prestressed CFRP and SW-
BFRP strengthened steel structures are provided. The study
also covers the surface treatment techniques, adhesive curing,
and support condition under cyclic loading including fatigue

performance, crack propagation, and failure modes with FE
simulation of the steel bridge girders and structural elements.
Future research gaps and recommendations are indicated
accordingly.

2. Surface Preparation and Treatment for
Steel Beam Strengthening

2.1. Types of Notch. To simulate the actual damage caused
by corrosion and the expansion of fatigue cracks, several
researchers intentionally created notches of different geome-
try in midspan or other positions on the tension flange of the
beams (Figure 1(a)). In addition, the notch assists like a stress
concentrator [37] in the damage-sensitive regions [38, 39] to
commence a vertical crack at the steel web.Thedifferent types
of notch can be categorized as follows:

(a) rectangular notch on both edges (Figure 1(A)),
(b) U-shaped notch on both edges (Figure 1(B)),
(c) U-shaped notch through the whole tension flange

(Figure 1(C)),
(d) nonuniform notch (Figure 1(D)),
(e) uniform notch (Figure 1(E)).

Usually, the researchers cut a notch at midspan in the
tension flange of the steel beams except Kim and Harries
[37]. To initiate the debonding of CFRP, which was aimed at
propagating towards the right support, they created a notch
through the entire tension flange at a position 152mm to the
right of midspan of the beams. Jiao et al. [40] welded the cut
along the tension flange soffit using the shielded metal arc
welding (SMAW) approach.

The notch (C) through the whole tension flange is
sensitive to fatigue compared to the side notches (A) and
(B). Accordingly, notches (D) and (E), which go through
the whole tension flange with part of the web in midspan,
are more sensitive to fatigue damage as the damage occurs
suddenly.

From the above categories of creating the notch, it has
been revealed that when the notch spreads through the
flange as well as the web of the steel beam, the propagation
of the cracks exists in the notch line of the flange and
the web. Brittle fracture can happen in the case of fatigue.
This is injurious for the structural element as no warning
is given before failure. In addition, notches only created
in the flange can expect a retarding fracture with prior
warning. However, if the notch is given in the whole tension
flange, there is also the possibility of brittle fracture under
heavy repeated load. Therefore, for observing the proper
fatigue damage, a rectangular and U-shaped notch on both
edges at midspan may be competently incorporated for the
development of a standardized test. Figure 1(b) illustrates
the stress characteristics of a strengthened steel beam under
cyclic loading for incorporation of different notches.The S-N
curves show that the uniform notch comprising whole flange
and web has the least stress compared to others. This clearly
demonstrates more fatigue life when the side rectangular
notch is incorporated in the flange.
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Figure 2: Strengthening technique with plate configuration [38].

2.2. Welding Cover Plate and Stiffener. To provide the equiv-
alent of a concrete slab that typically exists in bridges for pre-
venting compression flange buckling, Wu et al. [38] attached
a steel cover plate with welding on the outside surface of the
top flange of the steel beams (Figure 2). They also welded
web stiffeners on both sides of the web at the loading and
supporting points. Web stiffeners assist in preventing web
crippling at the midspan section [41]. In order to provide
lateral stability of the steel beams, Kim and Brunell [42]
used stiffeners that were welded at the supporting points.
The adhesively bonded steel stiffeners to the flanges and
webs on both sides of the beam extensively retarded local
buckling of the steel beams [43]. Siddique and El Damatty
[44] showed that the use of glass fibre-reinforced polymer
(GFRP) composites enhances local buckling behaviour of
wide flange steel beams, which is effective, especially for
the case of slender beams. The addition of GFRP plates
to the compression flange of a steel beam increases both
the load carrying capacity and the deflection at failure. The
improvement in the load capacity is independent of the web
dimensions of the beams for both plastic and slender beams.
The study ignored the use of a stiffener.Themode of failure of
the retrofitted slender beams ranges from elastic buckling of
the system to GFRP rupture when the thickness of the GFRP

is varied from 6.35mm to 19.0mm. As the GFRP thickness
is significant in their study it could well improve the local
bucking.

2.3. Prevention of Galvanic Corrosion. Although CFRP is a
noncorrosive substance, when carbon fibres are in contact
with steel, they can form a galvanic cell. To increase the
fatigue strength of bridge girders and long-term durability
of CFRP reinforcement in a steel structure, the prevention
of galvanic corrosion is necessary. Furthermore, to rule
out the galvanic corrosion, the flow of corrosion needs to
be prevented. This may be accomplished by insulating the
different metals from one another or through preventing
a continuous link of electrolytic solution between the two
by coating with a water resistant sealant [45]. It is obvi-
ous that if the two different metals are not in contact,
galvanic corrosion cannot occur [46]. Tavakkolizadeh and
Saadatmanesh [47] examined the galvanic corrosion between
carbon and steel for various thicknesses of adhesive coating
in different electrolytes, such as seawater and deicing salt
solution. The thin coating effect of adhesive (0.25mm) was
found to be substantial as was the sizing applied to the fibres.
Furthermore, a thicker adhesive between the surfaces of the
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CFRP and steel was observed to suggestively slow the rate of
corrosion of the steel.

Mitigating galvanic corrosion of the CFRP-steel compos-
ite can be achieved by the selection of an adhesive with good
quality isolation properties [15] or by using a thicker epoxy,
water resistant sealant, or nonconductive layer plus a sealant,
or by bonding a GFRP sheet before applying the CFRP layer
onto the steel surface [17, 48–50]. Hollaway and Cadei [51]
installed a polyester drape veil to provide insulation between
the steel and the carbon fibre for preventing direct contact
between them. Fibreglass or an epoxy film was considered
to provide effective insulation. In addition, a monitoring
programme was initiated to identify the cathodic sites so that
galvanic corrosion damage could be mitigated or stopped
[34].

2.4. Surface Treatment. The reliability of the joint is highly
dependent upon the surface treatment processes for bonding
the fibre-reinforced composite to the steel structural elements
[52]. The surface preparation and the strength of the applied
CFRP overlay can significantly affect the fatigue performance
[53]. For assessing the effect of the CFRP strengthening
technique on the fatigue strength, Jiao et al. [40] used a
grinder to remove the corrosion as well as to level the weld
area on each steel beam soffit before applying the adhesive. To
obtain a clean, rough, and chemically active surface,Wu et al.
[38] treated the surface of the tension flange using a grinding
wheel to reinforce with CFRP for the fatigue test.The surfaces
of the tension flange and composite plates were then washed
with acetone.

Tavakkolizadeh and Saadatmanesh [14] used a sand
blastermeticulously by number 50 glass bids andwashedwith
saline solution just prior to the application of the composite
sheet to prevent oxidation. The study by Teng et al. [54]
showed that sand blasting was the most effective surface
treatment. Prior to bonding the CFRP strips to the beams,
Kim and Harries [37] used a 1500 sfpm (surface feet per
minute) belt sander and a 40 grit zirconia alumina belt. This
ensured a sound, slightly striated surface to bond the CFRP
strips. The adhesive layer thickness was approximately 1mm.

Deng and Lee [55, 56] found that the tips of the FRP
plates must be finished smoothly using sandpaper before
the attachment of the plate to the steel beams. However
Schnerch et al. [57] disagreed with Choudhury [58], as they
contended that preparing the surface with a hand grinder
followed by sandpapering reduces the bonding ability of the
surface. However, a chemically active steel surface that is free
from contaminants is essential to enhance the chemical bond
between the adhesive and the metallic surface. Brushing,
ultrasonic, or vapour degreasing systems are claimed to be
the most efficient to remove oil and other potential surface
contamination, especially when adequate solvents are used
[59]. Contamination may then be removed using the excess
solvent, rather than simply redepositing it on the steel surface
as the solvent evaporates.

The most efficient means of achieving a high-energy
surface of the steel is by grit blasting [51]. Grit blasting
with angular grit removes the inactive oxide and hydroxide

deposits by cutting and deformation of the base material.The
grit size also affects the surface profile of the steel. Harris and
Beevers [60] stated that finer particles created a smoother
surface than coarser grit particles and smoother surfaces
exhibited higher adhesive-steel surface bonding. In addition,
the surface profile of the steel was not influenced on the long-
term durability [34]. After grit blasting, solvents may be used
to wash and clean the steel surface without resulting in poor
bonding [61, 62].

3. Fatigue Strengthening Techniques for
Steel Beams

The modulus of elasticity, tensile strength, shape, and con-
figuration of FRP composites of an adhesively bonded joint
play an important role in respect of the fatigue strength
and lifetime of reinforced steel beams and bridge girders.
A number of researchers have investigated reinforced steel
beams with different FRP strengthening techniques and
compared their fatigue performance. A summary of the rein-
forcing technique of steel structures using fibre-reinforced
composites is provided in Table 1.

Furthermore, Wu et al. [38] investigated eight artificially
damaged H350 × 175 steel beams, including one unstrength-
ened and seven strengthened with welded steel, SW-BFRP,
high modulus CFRP (HM-CFRP), and high strength CFRP
(HS-CFRP) plates using Sikadur-30 Normal epoxy adhesive.
The plate configuration of the strengthening technique used
by Wu et al. [38] is shown in Figure 2. The elastic modulus,
ultimate strain, tensile strength, and shear strength of the
epoxy were 2.627GPa, 1.5%, 31.7MPa, and 14.4MPa, respec-
tively. An anchorage system was applied at below the point
load and at the end of the fibre-reinforced composite plates.
The HM-CFRP has the most excellent strengthening effects
and SW-BFRP is the best strengthening material on the basis
of the cost-performance ratio [38].

Basalt-FRP (BFRP) composites show synthetical advan-
tages in structural strengthening, seismic rehabilitation, and
serving as new structural materials [26, 65]. However, the
relatively low modulus of BFRP may not satisfy the stiffness
requirement of some structures. Therefore, to obtain higher
performance, steel-wire- (SW-) BFRP can be made from
hybridization of BFRP with steel wires (SW) or CFRPs [26,
66].

A 210 ft × 26 ft three continuous span rolled steel bridge
girder in Guthrie County, Iowa, on state highway 141 was
strengthened using externally posttensioning CFRP rods
[67]. The anchorage systems were bolted to the webs of the
steel girders.The proposed prestressed unbounded reinforce-
ment (PUR) system [64] can be applied as an alternative to
adhesively bonded FRP reinforcement, mainly when there is
concern about the effects of water, moisture, high ambient
temperatures, and high cycle loading on the glue between
the FRP and the steel. Vatandoost used 14%, 15%, 35%, 0%,
and 37% prestressed CFRP plates to investigate the fatigue
behaviour of five W310 × 74 steel beams Vatandoost [68], in
which the 14%, 15%, and 35% prestressed CFRP plates were
bonded to the inner side of the bottom tension flange, and



6 The Scientific World Journal

Table 1: Strengthening techniques.

Specimens
reference Material-dimensions and properties Figures

S127x4.5 steel beams
reinforced with CFRP
sheet [14].

Steel beam: 1.22m long, 𝑓
𝑦
= 336.4MPa, 330.9MPa,

𝐸 = 194.4GPa,
CFRP: 300mm × 76mm × 1.27mm, 𝐸 = 144GPa,
𝑓
𝑢
= 2137MPa

Epoxy: 1 : 1 mixer of resin (bisphenol A based) and
hardener (polyethylene polyamine).

Notch at midspan

Adhesive

One-layer CFRP sheet

S127x4.5

127x76UB13 steel beams
strengthened using
CFRP plate [55].

Steel beam: 1200mm long, 𝐸 = 205GPa, 𝑓
𝑢
= 275MPa,

FRP: 3mm thick and 400mm long
Epoxy (Sikadur 31 Normal): 𝐸 = 8GPa,
𝑠hear modulus = 2.6GPa, 𝑓

𝑢
= 29.7MPa and 0.3mm

thick

One-layer CFRP plateAdhesive7x

W150x18 steel beams
repaired with CFRP
strips [37].

Steel beam: span length = 1830 mm, 𝐸 = 200GPa, 𝑓
𝑦
=

393MPa
CFRP: 50 × 1.4mm, 𝐸 = 155GPa, 𝑓

𝑢
= 2.8GPa,

Epoxy: 𝐸 = 4.5GPa, 𝑓
𝑢
= 25MPa, 1mm thick One-layer CFRP strip

Adhesive Notchx18

Grade 400 150UB14
notched steel beams
retrofitted with welding,
CFRP composites [40].

Steel beam: L1400 ×W75 ×H150mm, 𝐸 = 207.4GPa,
𝑓
𝑦
= 411.6MPa, 𝑓

𝑢
= 541.3MPa

CFRP:
(1) Sika CarboDur M1214 pultruded plates-1.4mm
thick, 𝐸 = 210GPa, Ft = 2.4GPa,
(2) SikaWrap Hex-230C woven sheets-0.13mm for each
ply, 𝐸 = 230GPa, 𝑓

𝑢
= 3.45GPa,

Epoxy:
(1) Sikadur-330
(2) AralditeR 420

CarDur M1214 plate (1 layer)

SikaWrap Hex-230C sheet (4 layers)

S355J0 steel beams
bonded with 20%
prestressed CFRP plates
[63].

Steel beam: 1100 × 120 × 65mm, 𝐸 = 210GPa,
𝑓
𝑦
= 355MPa

CFRP: 910 × 50 × 1.2mm (S512), 𝐸 = 165GPa 𝑓
𝑢
=

3.10GPa,
Prestressing level 20% of the ultimate CFRP strength =
632MPa.
Araldite 2015 adhesive: 𝐸 = 1.75GPa,

Prestressed CFRP plate

Notch

Adhesive

S355J0 (ST 52-3)

S355J0 (ST 52-3) steel
I-beams strengthened
using 30% (a)
prestressed unbounded
and (b) bonded CFRP
plates [64].

Steel beam: 1100 × 120 × 65mm, 𝐸 = 210GPa, 𝑓
𝑦
=

355MPa
CFRP: 910 × 50 × 1.2mm (S512), 𝐸 = 160GPa, 𝑓

𝑢
=

3.10GPa,
Prestressing level 30% of the ultimate CFRP strength.
Araldite 2015 adhesive: 𝐸 = 1.75GPa,

Prestressed CFRP plate

Notch

Anchorage

S355J0 (ST 52-3)

(a) PUR system

Prestressed CFRP plate

Notch

AdhesiveAnchorage

S355J0 (ST 52-3)

(b) PBR system

the 0% and 37% prestressed plates were attached to the cover
plate. A prestress FRP composite patch is strongly suggested
to maximize the effectiveness of the adhesively bonded patch
on the steel element [69] and fatigue strengthening [70]. The
FRP prestressing system developed at Empa was used for
the CFRP strips for applying a direct tensile force against
an external reaction steel frame by jacking. Vatandoost and

others [68, 71–73] discussed more details concerning the
prestressing procedure.

Recently, the carbon-flex, that is, carbon fibre hybrid-
polymeric matrix composite (CHMC) strengthening tech-
nique was developed by Zhou and Attard [74], which is a
carbon fibre-based composite manufactured using the latest
hybrid-matrix technique involving amino-based polymeric
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composites to provide necessary damping and high strength
sustainability of the carbon fibrous element. Recently, Zhou
and others [74–76] indicated the enormous potential of
carbon-flex as a strengthening substance to subsequently
prevent higher damage or catastrophic failure of structures.

The majority of fatigue problems arise from poor detail-
ing or careless fabrication, rather than inaccurate materials
selection [77]. Schnerch and others [15, 52] reported that the
bonding mechanisms of FRP strengthened steel structures
are different than concrete structures. In addition, high bond-
ing stresses occur in steel structures tomeet the strengthening
requirements [34]. Any violation of fabrication tolerances can
unpredictably change the fatigue behaviour and lead to a very
scattered fatigue life [73].

4. Adhesive Curing

If a bridge or long span structure is retrofitted with CFRP
strips, it is generally not economic to close it to traffic
during the adhesive curing time, which can take up to 48
hours. During this time, the epoxy adhesive is subject to
repeated loading from the traffic. The Concrete Society [78]
recommended that the change in the epoxy properties caused
by the repeated load during the curing time is expected to
be small, perhaps a 10% decrease in the strength of the fully
cured structural elements. Nikouka et al. [79] studied the
improvement in the strength and stiffness of strengthened
steel beams with CFRP subjected to repeated loading during
the early age curing of the epoxy adhesive. Five pairs of 127 ×
76UB13 type steel beams, each 1.2m long, were strengthened
with a 0.98m long single K13710 ultra-high modulus CFRP
plate, attached to the bottom tension flange. A cyclic load was
applied to the five specimens with 0.25Hz frequency and was
continued for up to around 48 hours.The study reported that
during the curing of the epoxy, the cyclic loading would affect
the final stiffness and failure load of the strengthened beam
when the highest cyclic loadwas larger than 42 kN.Moreover,
the bond would fail to develop if the shear deformation
in the epoxy layer during the cure is too large. They also
recommended that it was prudent to limit the shear stress in
the epoxy to a maximum of 1MPa.

Bourban et al. [80] indicated a clear advantage from
the epoxy adhesive curing at high temperatures (about
93∘C) during the initial cure (10–20 minutes). The resulting
bond is stronger, tougher, and more durable when subject
to unfavourable environments [81]. With the intention of
retrofitting steel bridges open to traffic during the adhesive
curing period, Moy [27] investigated the effect of repeated
loading on the curing of the epoxy. The results confirmed a
progressive stiffness increase of the reinforced component as
the epoxy cured. Furthermore, the beams subject to higher
loads during curing did not develop the full bond of the epoxy
adhesive. The tests performed showed that cyclic loading
at higher load levels reduced the ultimate capacity of the
strengthened beams [41]. In addition, the vibration of the
traffic during the curing of the adhesive causes a progressive
reduction in the fatigue lifetime with increasing strain level
[82, 83].

Zhang et al. [84] proposed an innovative method involv-
ing preimpregnation (prepreg) advanced composites and a
compatible epoxy film for retrofitting steel railway bridges
open to traffic during the curing period of the epoxy adhesive.
The strengthening system was made from unidirectional
HM- and UHM-CFRP preimpregnations that were cured on
site under vacuum assisted pressure. Two cure temperatures
were used: 65∘C for 16 hours and 80∘C for 4 hours. A GFRP
prepreg layer was placed between the CFRP patch and the
steel element. The beams were initially induced by vibration
forces and then loaded to failure. From the experimental
results it was observed that despite slight damage at the
adhesive level, the proposed technique prevented severe
brittle failure of the composite beam.

5. Support Condition and Instrumentation

Different support conditions have been adopted by different
researchers for the fatigue test programmes of steel beams,
as shown in Figure 3. Deng and Lee [55] tested the fatigue
strength of nine reinforced steel girders by a servo-hydraulic
Dennison testingmachine, using a three-point bending setup
as a simply supported beam (Figure 3(a)). The specimens
were supported on two rollers but were restrained from
any sideways movement. The loading block had two steel
plates, each with a counter seat and a roller in between.
Deflections were measured at three locations by means of
potentiometers. Five 2mm and two 5mm long strain gauges
were used to investigate the crack initiation as well as the
effect of crack growth on the stress field in the girder. All
the data were recorded using a data logger. Studies on the
fatigue of double sided reinforcement subjected to tension
and full-scale bridge girders retrofitted with CFRP plates
under three-point bending were conducted at the University
of Delaware [85]. Kim and Harries [37] used a neoprene
rubber pad between the support and beam to reduce the
concentration of stress, as shown in Figure 3(b). In all cases,
the CFRP plates remained fully bonded to the steel element.
The results suggested excellent fatigue behaviour of the
reinforced elements.

Wu et al. [38] tested the strengthened H350 × 175 steel
beams under constant amplitude cyclic load using 4Hz fre-
quency as a simply supported mode and four-point bending,
as shown in Figure 3(c). The load was measured by the
loading cell of aMTS system. To prevent anymovement of the
specimen during the test, Tavakkolizadeh and Saadatmanesh
[14] used tie down brackets to the roller supports.The loading
blocks were designed using a counter seat for the compres-
sion flange in order to prevent their movement during the
experiments. The loading setup is shown in Figure 3(d). The
specimenswere tested using various constant stresses ranging
between 69 and 379MPa (𝑅 = 0.1) and a frequency of 5
and 10Hz. Vertical displacements can be measured by linear
variable displacement transducers (LVDT) with a range of
±50mm [38] and ±75mm [14].

Jiao et al. [40] conducted fatigue tests under load control
with 7Hz on strengthened steel beamswith a 4-point bending
rig using a MTS-810 testing machine, which contained the
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Figure 3: Continued.
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Figure 3: Support condition with fatigue test setup.

top supporting frame and bottom loading beam as shown
in Figure 3(e). Two 12mm thick steel plates were welded to
the midspan of the top supporting frame and the bottom
loading beam. Four pin connected wheels were employed at
the supporting and loading points that could freely rotate
during the fatigue tests. Two screw-fixed stoppers were
used on both sides of the bending rig to prevent the test
specimen fromchanging position during the experiment.The
bottom loading rig was designed using a three-pin system to
ensure that the load was distributed between the two loading
points. Using SHOWA strip strain gauges, the ultimate load,
displacement, number of cycles, and corresponding strains of
each cycle were recorded using the National Instrument NI
9237 Compact Data Acquisition system.

To fatigue test the reinforced metallic beams using pre-
stressed FRP, Ghafoori et al. [64] used a pulsator P960 oil
hydraulic test machine with a four-point bending setup. The
lubricated rollers of 5 cm diameter at the supports and a
steel plate were employed between the beam and rollers
to distribute the load properly (Figure 3(f)). Ghafoori et al.
[63] used a 3D ICS (image correlation system) to measure

the crack length and the corresponding strain deformation at
the crack tip area. The measurement window of the ICS was
set at 65mm × 65mm. The calibration details and the use of
the ICS can be found in [87–89]. The field signature method
(FSM) is also effective for detecting andmonitoring cracks on
steel structures [90].

6. Finite Element (FE) Simulation

The finite element method (FEM) is an acceptable approach
for analysing structures using software. In practice, the FE
simulation is developed to validate the fatigue strength of the
experimental or analytical results.

Based on the surface crack widening energy release rate
[91] using an elementary material strength theory [92] and
G∗-integral [93], an analytical approach was introduced by
Ghafoori and Motavalli [87] to estimate the stress intensity
factors (SIF) of a cracked steel I-beam. The fatigue rehabili-
tation of steel structures is usually expected to decrease the
value of SIF at the tip of the crack and, as a result, enhance
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Figure 4: (a) A geometrical model using ABAQUS in the FE analysis and (b) the mesh refinement around the loading, anchorage, and crack
zones [64].

the postcrack fatigue life [94]. Ghafoori et al. [64] proposed
an analytical method using the experimental test data (the
external bending moment, the length of the crack, and the
corresponding strain imposed on the CFRP strip under the
cracked segment) and produced the SIF.They used ABAQUS
software (version 6.8) to analyse the FE model of the steel
beams to validate the results. The geometrical model and
more mesh refinement around the loading, anchorage, and
cracked sections are shown in Figure 4. The method was
developed to assess the sufficient level of the CFRP prestress-
ing to arrest the fatigue crack growth (FCG). Moreover, the
method was used to study different active, semiactive, and
passive crack modes with a loaded reinforced beam. Several
factors have been considered including crack propagation,
excitation frequency, and structural damping on the life of the
FCG [95].

Using the concept of fracture, the fatigue crack propa-
gation (FCP) model was proposed by Xiulin and Hirt [96].
This was extended to the FCP of a cracked metallic element
retrofitted with adhesively bonded composite patches in the
study of Wang and Nussbaumer [97].

According to the Paris-Erdogan crack growth law [98],
a linear elastic fracture mechanics (LEFM) model was
employed to predict the effects of peening treatments on
the fatigue performance of welded steel structures [99] and
to confirm the effectiveness of the prestressed CFRP strips
[68]. Ghafoori et al. [63] introduced a methodology for a
damaged beam with a specific crack length that is subjected
to a certain cyclic load based on the fracture mechanics
(FM) theory to estimate the adequate prestressing level by
which the crack propagation is detained. Some strengthened
beams were tested under various cyclic loading ranges and
the experimental results showed excellent agreement with the
developed fracture model.

In fracture mechanics, based on progressive damage
modellingmethods to predict the fatigue life, the rate of crack
growth is related to the SIF [98] or strain energy release rate
[100–103]. In the case of adhesively bonded joints, a damage
shift parameter was proposed to account for the effects
of accelerative interaction [102, 103]. Important interaction
effects were considered where crack growth acceleration was

linkedwithmean load changes. However, continuumdamage
mechanics (CDM) models were developed by Lemaitre and
Desmorat [104] and modified for the damage formation of
microcracks by [105, 106]. CDM models have been used
in a damage evolution law for modelling both precracking
damage evolution and crack growth for constant and variable
amplitude fatigue [107]. In the case of bonded joints, Wahab
et al. [108] compared both the FM and the DM methods
to predict the fatigue strength of adhesively bonded CFRP
double lap joints. They verified that the developed CDM
approach compared favourably with a FM method for con-
stant amplitude fatigue (CAF).The FM andDMbased fatigue
life prediction of bonded single lap joints (SLJs) subjected to
different types of variable amplitude fatigue (VAF) loading
was analysed by Shenoy et al. [109].

Kim and Harries [37] developed a three-dimensional
(3D) nonlinear finite elementmodel for predicting the fatigue
strength of notched steel beams using ANSYS software.
The steel section was modelled using 3D structural solid
elements (SOLID45); and a linear stress-strain relationship
was developed for the CFRP. A nonlinear interface element
(COMBIN39) with two nodes was applied for modelling
the behaviour of the steel-CFRP interface. For the element
whose initial relative distance is zero, a bilinear bond-slip
relationship was created for them. The study used the strain
life method and the concept of Henry’s damage theory [110]
for the fatigue life prediction of steel beams. The strain life
approach is mainly relevant to a member representing sig-
nificant plasticity induced by hysteretic loads.The theoretical
background of this approach is discussed by Bannantine et
al. [111]. The deflection behaviour of unstrengthened and
strengthened beams is shown in Figure 5(a). Furthermore,
a typical S-N curve of strengthened steel beam obtained is
shown in Figure 5(b), which was compared with category E
in the AISC in the study by [112]. The notch provided for
the stress concentrating effect is essentially equivalent to a
Category E detail. Apart from this, Youssef [113] developed
a model for predicting the linear and nonlinear behaviour
including the deflection at midspan, strains of the steel and
FRP, failure mechanism, and failure load of rehabilitated
steel beams. The model was founded on the solution of
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Figure 5: Comparison of experimental and simulation outputs of steel beam.

the differential equations governing the behaviour of a
strengthened steel beam, which includes representation of
the shear and peel behaviour of the epoxy adhesive. To
validate the predictions of the model, a W-shaped steel beam
strengthened using GFRP sheets was experimentally tested
and excellent agreement was found between these results.

Zhou et al. [114] adopted the micromechanics based
fracture model and the cyclic void growth model (CVGM)
for estimating extremely low cycle fatigue (ELCF) fracture
of the column-to-beam connections during earthquakes.
The model was verified by the experimental results of nine
full-scale connection tests. In addition, the refined finite
element model was used to simulate the cyclic behaviour
of the connection tests, and the CVGM fracture index
was calculated using the stress and strain time histories.
The number of cycles and the cumulative deformations to
ELCF fracture predicted by CVGM agreed well with the
experimental results. The existing methodology also showed
reasonable good accuracy for predicting the ELCF fracture of
column-to-beam connections under inelastic cyclic loadings.

Pipinato et al. [115] used a LEFMmethod in a probabilistic
[116] context to assess the fatigue reliability of steel bridge
girders in the presence of seismic loading. This method
could enable a better understanding of progressive damage
phenomena due to fatigue problems and could give some
new insights to increase the remaining fatigue strength of
a large number of steel bridges in seismic regions. Colombi
[117] developed a suitable plasticity based [118, 119] crack
retardingmodel as an extension of the well-knownNewman’s
model [120, 121] to estimate the reduction of crack opening
displacement along with the magnification of the crack
growth retardation of the reinforced notched steel plates.

From the abovementioned literature, it is revealed that
the simulation in the finite element method can be a vital
tool to assist in strengthening beam analysis under fatigue.
This is because it eventually decreases the experimental

cost in finance and time. Good validation of the simulation
with practical experiments ensures the advantages of the
strengthening techniques. However, the characteristics of
strengthened steel beamsunder fatiguewithout using notches
are still an interesting area to be explored.This interest can be
addressed by FE simulation in a consistent manner.

7. Fatigue Performance of
Reinforced Steel Beams

A steel structure subjected to repeated load may eventually
experience significant fatigue damage during its life. A
number of researchers concentrated on fatigue strength and
fatigue lifetime prediction of reinforced steel beams and
bridge girders. This indicates that there is a need to enhance
the fatigue strength and prolong the fatigue lifetime of steel
structures with adhesively bonded metal/FRP strengthening
techniques. The fatigue behaviour of reinforced steel beams
using nonprestressed and prestressed FRP composite is illus-
trated below.

7.1. Reinforced with Nonprestressed Polymer Composite. Holl-
away andHead [122] indicated that unidirectional continuous
fibre polymer composites, which essentially behave linearly
up to failure level when loaded parallel to the longitudinal
fibres, usually have good fatigue properties. Jiao et al. [40]
compared the behaviour of notched steel beams using the
welding method and retrofitted with CFRP plates and sheets,
respectively, under flexural cyclic loads. In addition, two
different epoxy adhesives, that is, Sikadur-330 and Araldite
420, were used in this test. The observations of the fatigue
strength of the specimens reinforced with CFRP composites
were extensively longer than that of specimens repaired
with the welding method alone. It was observed that the
strengthening systemwith one layer of CFRP plate adhesively
bonded could extend the fatigue strength of steel beams
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Figure 6: S-N curve for steel beam strengthened with nonpre-
stressed CFRP [14, 40].

about seven times compared to the beams only repaired
with the welding method. In addition, the fatigue strength
was extended about three times for beams strengthened
with four layers of CFRP woven sheets, and no significant
variation in fatigue strength could be observed for specimens
strengthened using the epoxy adhesives of Araldite 420 and
Sikadur-330. Mean S-N curves were obtained based on the
test data (Figure 6), which can be used for predicting the
fatigue strength of steel beams strengthened with similar
CFRP composite materials.

Tavakkolizadeh and Saadatmanesh [14] demonstrated
using the S-N curve that the application of CFRP strips
could increase the fatigue lifetime of the structural elements
more than three times (Figure 6). The design S-N curve for
unreinforced and reinforced cut specimens was NS3.54 =
1.22 × 10

13 and NS3.96 = 3.84 × 1014, respectively.
The slope of the S-N curves for the specimens (retrofitted

and unretrofitted) in a log-log space was slightly smaller than
the slope of the AASHTO design curves. They also observed
that the CFRP patch not only decreased the crack growth rate
but also was able to carry a few extra cycles even after the
tension flange had completely cracked, especially under lower
stress ranges (Figure 7).

Deng and Lee [55] reported the results of an experimental
programmeon small-scale steel beams reinforced by applying
CFRP strips. From the tests results an S-N curve was
obtained.The fatigue limit, that is, threshold of the S-N curve
was about 30% of the ultimate static failure stress, which
validates the fatigue limit recommended by theCIRIADesign
Guidance [123]. To assess the fatigue bond resistance of a steel
bridge girder reinforced with CFRP strips, Miller et al. [85]
conducted two test programmes. First, they subjected seven
small-scale, doubly reinforced specimens to cyclic loads at
82.7MPa stress for 2.55 million cycles. All CFRP strips were
found to remain fully bonded to the steel element without
deterioration based on the strain data taken before and after
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Figure 7: Fatigue crack growth curve for unreinforced and rein-
forced steel beams [14].

the cyclic loading. Subsequently, two full-scale steel bridge
girders retrofitted with CFRP were fatigued for ten million
cycles at a constant stress range of 34MPa. Throughout the
tests, the CFRP strips were inspected and monitored for
debonding, but none was detected.Therefore, the retrofitting
technique was regarded as having good fatigue resistance.

Abed [124] investigated the effects of temperature on
the adhesively bonded steel beams reinforced with CFRP
composites. The adhesive materials showed a significant
reduction in the fatigue life and failure load of the strength-
ened structures as the temperature reached the adhesive glass
transition temperature (𝑇

𝑔
). Furthermore, Keller and Scholl-

mayer [125] experimentally and numerically investigated the
through-thickness performance of adhesively bonded FRP
bridge decks and steel girders. They found that no stiffness
degradation occurred for cyclic loading of up to 10 million
cycles.

Wu et al. [38] investigated the fatigue behaviour of
strengthened artificially notched steel beams including the
effects of the configuration and the number of layers of
HS-CFRP strips, the interface treatment of the SW-BFRP
composites, and the type of materials. Compared to the
traditional welded steel-plate approach, the experimental
results showed that the use of a fibre-reinforced composite
strip could not only delay crack initiation, decrease the crack
growth rate, and prolong the fatigue life, but also reduce the
residual deflection and stiffness decay. The rough surface of
the SW-BFRP could extend the fatigue strength of steel beams
more effectively than using SW-BFRP with a smooth surface.
They also used high modulus CFRP strips as a reinforced
material. HM-CFRP demonstrated the best strengthening
performance; the fatigue strength of the steel beams could
be improved significantly by increasing the number of layers
of the strengthening material. Figure 8 presents the crack
expansion curves for four-layer and one-layer HS-CFRP.
When the number of layers was increased from one to four,
the crack initiation life and the fatigue lives were considerably
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enhanced (Figure 8). The plate configuration influences the
fatigue strength.

7.2. Reinforced with Prestressed Polymer Composite. Although
adhesively bonded FRP flexural strengthening techniques
have been found to be an efficient approach to improve
the lifetime of fatigued steel structures, there are relatively
few studies that have applied prestressed CFRP strips to
strengthen against cyclic loadings. Ghafoori et al. [64]
developed a prestressed unbounded reinforcement (PUR)
method and compared the effectiveness and feasibility of
the approach with the prestressed bounded reinforcement
(PBR) method. It could be used on heritage and historical
structures where reversibility is important. The experimental
test results for the strengthened beams using the PBRmethod
showed a local strain concentration on the CFRP strip under
the cracked section, while the PUR method had a uniform
strain distribution along the CFRP strip. In addition, the
fatigue performance of the unbonded reinforcement system
was better at a high prestressing level of the CFRP without a
substantial reduction in ductility.

Ghafoori et al. [63] studied the behaviour of notched steel
beams reinforced using prestressed and without prestressed
bonded CFRP plates under cyclic loading. The experimental
results showed that the fatigue strength of a beam reinforced
using the prestressed CFRP plate increased more than five
times that of an identical beam reinforced using nonpre-
stressed CFRP plate (Figure 9). Both specimens were induced
by a cyclic load range of 9–90 kN.

Vatandoost [68] drew deflection range curves for W310
× 74 steel beam specimens strengthened with 14%, 15%, 35%,
0%, and 37% prestressed CFRP plates. The deflection range
versus the number of cycle curves was drawn for the last
45000 cycles. Looking at Figure 10, it can be seen that (1) the
highest deflection range belongs to the control beam while
the lowest deflection range belongs to specimen 37%-C-M
indicating the highest stiffness increase for that specimen.
(2) The deflection ranges are dramatically increased at the
end of the fatigue life. (3) The lower deflection range for the
specimens with CFRP strips on the cover plates confirms
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the influence of the CFRP strip location on the specimen
stiffness. In Figure 10, “F” indicates that the strips are bonded
to the inner side of the flange, “C” indicates that the strips
are attached to the cover plate, and “S and M” indicate the
CFRP strip with a standard modulus andmoderate modulus,
respectively. The beams with reinforcement located on the
cover plates showed a greater fatigue life improvement than
those with reinforcement located on the inner side of the
flange [68].

7.3. Fatigue in Hybrid-Joint and Nanoadhesive. In recent
years, fatigue in hybrid adhesive joints, which combine
a traditional mechanical joint and a layer of adhesive
(bolted/bonded, welded/bonded, and rivet/adhesive), has
attracted a considerable amount of researchers. This is due to
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Figure 11: Failure modes of retrofitted beams using FRP plates (a) [14], (b) [38], (c) crack propagation and brittle web fracture [37], and (d)
end debonding [55].

their better fatigue performance compared to only mechani-
cal joints or only bonded joints [126–130]. Furthermore, the
use of nanoadhesives (carbon nanotubes, alumina nanoparti-
cles, and quartz nanoparticles) is a new field of application to
bonded joints and has the potential to improve their fatigue
performance [127, 131].

8. Failure Modes of Reinforced Steel Beams

The deterioration of the steel bridge structural capacity over
timemay be due to corrosion, impact damage, and/or fatigue
cracking [32, 51, 132].The crack propagation and failuremode
of FRP-strengthened steel structural techniques are normally
different than concrete-FRP techniques [15]. Tavakkolizadeh
and Saadatmanesh [14] studied the performance of steel

I-beams with an edged notch in the tension flange and
reinforced with a bonded CFRP patch under cyclic loading.
They demonstrated that cracking started from the tip of
one of the notches in the reinforced specimens and moved
towards the web (Figure 11(a)). In Figure 11(a), the term
“near” identifies the side that the crack started and “far”
identifies the side that the crack terminated. After reaching
the fillet section of theweb, debonding started at the near edge
of the CFRP patch. While the crack moved towards the far
side, the debonding at the edge continued to grow. Even after
the crack reached to the far cut end, the debonding remained
fairly stable. Then the far edge of the CFRP patch started
to debond. The reinforcement failed after around 50mm of
debonding on both sides.

Wu et al. [38] studied the fatigue behaviour of seven
steel beams strengthened using four different strengthening
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Figure 12: Debonding interface of retrofitted beams using (a) CFRP plates; (b) CFRP sheets [40].

materials. During the test, the fatigue crack always started
from the notch tip at midspan as the loading cycles increased,
mainly because of the stress concentration in this area.
Initially, the cracks expanded slowly along the tension flange,
and these cracks expanded at an increasing rate as the
load cycled. For the steel beam retrofitted by a welded
steel plate, the steel beam with plate fractured immediately
when the crack moved through the tension flange, as shown
in Figure 11(b)(i) and could not bear any further fatigue
cycles. For specimens reinforced with FRP composite plates,
extra loading cycles could still be sustained when the crack
moved through the tension flange. As the load cycled, the
crack expanded upwards on the web (Figure 11(b)(ii)) until
debonding failure (Figure 11(b)(iii)). No fatigue rupture was
sustained by the reinforced composite plate. Hence, the use
of a reinforced composite plate can significantly improve the
failure mode of the steel beam when compared to the use
of a welded steel plate. The difference in failure modes was
generally related to the fatigue strength and load-transferring
mechanism of the reinforcement material. However, the
failure modes depend on the elastic modulus of the FRP and
the adhesive thickness [133].

Kim andHarries [37] investigated six beams intentionally
damaged by notching the tension flange of the beam to
appraise the static and fatigue performance of the beams
with emphasis on local plasticity as well as the CFRP-steel
interface. The retrofitted beam subjected to a high cyclic
loading was observed to exhibit a large brittle fracture in
the web (Figure 11(c)). The form of brittle fracture being
addressed had been termed “constraint-induced fracture”
and could occur without any noticeable fatigue crack growth
and, more importantly, without any warning [134].

The FRP reinforcement ends and the regions where
geometric discontinuities (cracks) take place are the most
sensitive zones to fatigue damage of the adhesive joint,
because of the stress concentration [28]. Deng and Lee [55]
found similar crack initiation and propagation in the CFRP
reinforced steel beams except one test specimen, which was
investigated with a 92.6% load range that caused it to debond
suddenly at one end after only 30 cycles, Figure 11(d). For
the other specimens, the crack at each end grew quickly
but then almost stopped after one of the two cracks had

advanced past the midspan of the beams. For all the plates
that had debonded, the cracking initiated from the middle of
the spew fillet and then propagated to the steel surface and
glue interface at a 45∘ angle.

Jiao et al. [40] observed various failure modes for beams
strengthened using CFRP plates and sheets. A cut was made
and welded along the bottom tension flange of each beam.
For unstrengthened beams, a crack was initiated rapidly at
the tip of the cut once the crack propagated along the weld
on the beam soffit throughout the whole tension flange. It
should be mentioned that the beam was considered to have
failed when it lost the ability to carry the maximum load
applied in every cycle due to severe crack propagation. For
strengthened beams with CFRP plates, debonding occurred
in the steel surface and epoxy bond interface (Figure 12(a)).
Again, failure happened between the plies of the sheets
in the strengthened beams as shown in Figure 12(b). The
observation also confirmed that the performance of theCFRP
plates to resist crack propagation was better than for the
CFRP sheets under cyclic loading.

The crack propagation rate depends on the stiffness of
the FRP strip and, largely, on the prestressing force [73].
Ghafoori et al. [64] investigated the damaged steel beams
reinforced with the PUR and PBR methods and obtained a
similar load carrying capacity; however, the failure modes
were different. In the PURmethod the CFRP plate slipped in
the mechanical anchorage system at the onset of the failure,
while the CFRP in the PBR method arrived at its tensile
strength in the cracked section and, finally, plate failure with
debonding (Figure 13).

The end anchoring technique mitigates the debonding of
the FRP strips and maintains the prestressing force, hence
also reducing the transfer length [68]. Figure 14 illustrates the
effectiveness of the end anchoring technique in maintaining
the CFRP prestress. The debonded CFRP strip rupture and
the strip end debonding model using FEA is shown in
Figure 15.

9. Conclusion

In this paper, detailed reviews on the relevant researches
were investigated systematically and carried out in respect of
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Figure 15: (a) Debonded strip rupture, (b) end debonding model using FEA [68].

CFRP/steel strengthening techniques under fatigue. Signifi-
cant information and an explanation of the existing research
on the fatigue behaviour of FRP-strengthened steel structures
have been provided.The study also covered the surface treat-
ment techniques, adhesive curing, and support condition
under cyclic loading including fatigue performance, crack
propagation, and failure modes with FE simulation of the
steel bridge girders and structural elements.

The following conclusions can be drawn from the present
study.

(1) The remaining service life of bridge structures is
limited by fatigue damage, and, in order to ensure the
safety of the steel bridges, it is important to regularly
check the structure to determine the existence of
fatigue cracks.

(2) The application of HM, HS, UHM, and prestressed
CFRP and SW-BFRP strengthening composites not
only delays the initial crack, reduces the crack growth
rate, and extends the fatigue life, but also decreases the
stiffness decay with residual deflection. In addition,
strengthened with prestressed CFRP had the best
strengthening effect.

(3) The use of end anchorage prevented debonding of the
CRRP strips at the beam ends by reducing the local
interfacial shear and peel stresses.

(4) Epoxy adhesive curing is needed for potential FRP
strengthened structures. Cyclic loading during adhe-
sive curing can decrease the fatigue life of the rein-
forced beam by reducing the bond strength.
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(5) Alteration in failure modes is mainly related to the
fatigue strength and load-transferring mechanism of
the strengthening material.

(6) The prestressing force should be released very care-
fully to avoid debonding of the strengthened steel
beams adhesively bonded with prestressed FRP.

(7) Hybrid-joint, nanoadhesive, and carbon-flex can also
be attractive for strengthening systems.

The following recommendations are suggested for future
research in this area.

(1) An effective surface treatment technique needs to be
developed for use in practice that can prevent failure
at the adhesive/steel interface under cyclic loading.

(2) A comparative analysis of the fatigue behaviour of
reinforced steel beams supported on a neoprene pad
and steel plate in a simply supported manner should
be investigated.

(3) The effects of the thickness of the adhesive on the
system require more investigation. In addition, the
optimum adhesive thickness should be studied to
slow down delamination.

(4) The length of optimum reinforcement should be
determined to retard fatigue failure like end debond-
ing.

(5) The influence of different environmental conditions
must be studied to find the real fatigue behaviour of
the strengthening scheme.

(6) The effect of an acidic or alkaline environment on the
fatigue strength has not been studied yet.

(7) The fatigue behaviour of damaged steel structural
elements reinforced with carbon-flex strengthening
techniques should be investigated to enhance the
cyclic load bearing capacity.

(8) An appropriate rehabilitation method using FRP
composites of welded steel structural elements under
cyclic loading should be explored to retrofit welded
steel bridge girders.

(9) The application of nanoadhesives to FRP/steel bond-
ed joints for rehabilitation of steel bridge girders to
increase the fatigue life has not been investigated yet.

(10) The use of hybrid-joints to strengthen steel structural
elements with FRP requires further study.
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A deterministic-stochastic subspace identification method is adopted and experimentally verified in this study to identify the
equivalent single-input-multiple-output system parameters of the discrete-time state equation. The method of damage locating
vector (DLV) is then considered for damage detection. A series of shaking table tests using a five-storey steel frame has been
conducted. Both single and multiple damage conditions at various locations have been considered. In the system identification
analysis, either full or partial observation conditions have been taken into account. It has been shown that the damaged stories can
be identified from global responses of the structure to earthquakes if sufficiently observed. In addition to detecting damage(s) with
respect to the intact structure, identification of new or extended damages of the as-damaged counterpart has also been studied.This
study gives further insights into the scheme in terms of effectiveness, robustness, and limitation for damage localization of frame
systems.

1. Introduction

Structural health monitoring of civil engineering structures
has received considerable attention over the last two decades
with the progress in digital signal processing and system
identification techniques [1–6]. Damage to a structure alters
its dynamic characteristics in terms of the modal frequen-
cies, damping ratios, and mode shapes, so as the physical
parameters in terms of the stiffness or flexibility matrices.
Despite that damage of a structure might be revealed from
the changes of frequencies, it is difficult to locate the damages
only with this information.Themode shapes perhaps provide
a preferable basis for damage detection as they are spatially
specific and reflective of local structural behavior. However,
information of mode shapes alone is not sensitive enough for
damage localization from the global dynamic vibration of the
structure. The physical parameters indeed are more useful as
far as damage localization is concerned. The study by Zhao
andDeWolf [7] comparing various vibrational parameters for
damage detection of spring-mass systems concluded that the
model flexibilities were more sensitive to structural damages

than either the natural frequencies or mode shapes. Stiffness
is intuitively the most direct physical parameter related
to damages in structures. However, the sensitivity analysis
developed for damage detection based on stiffness matrix
requires an accurate analytical model of the intact structure
as a reference. Unfortunately, obtaining such an analytical
model is in itself a difficult task. Moreover, synthesis of
the stiffness matrix requires contributions of the higher
modes that are practically difficult to identify. In contrast,
the flexibility matrix can be sufficiently synthesized with a
limited number of the lowermodes as themodal contribution
to the flexibility matrix decreases with the square of the
corresponding modal frequency. Therefore, flexibility-based
techniques have been considered of great potential in damage
localization of structures from the global dynamic responses.

Another branch on the development of SHM techniques
based on wavelet transformation has also gained a great deal
of progress recently. A review by Li et al. [8] gives an insight
of the up-to-date innovations on the SHM of infrastructures.
In this paper, related theories and methodologies including
sensing technology, sensor placement, signal processing, data
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fusion, system identification, and damage detection have
been thoroughly discussed. Li et al. [9] propose a novel
wavelet approach integrated with an auto-regressive moving
average (ARMA) model for the damage detection of struc-
tures with progressive damage in time. The methodology
has been validated both numerically and experimentally
through shaking table tests of a reinforced concrete frame.
The concept of wavelet transformation has also been adopted
by Li et al. [10] to develop a method for determining
the critical incidence of the seismic wave interpreted via
energy principles. Yi et al. [11] proposes an energy-based
multistage structural damage diagnosis method by adopting
the schemes of wavelet packet transform (WPT) and artificial
neural network (ANN).Using the benchmark structure of the
American Society of Civil Engineers (ASCE) as the target,
the authors demonstrate via numerical simulations that the
proposed method is able to detect structural damage of
various extents. Yet, localization of damages requires other
measures.

Among the damage localization techniques based on vari-
ation of the physical parameters as the structure deteriorates,
the flexibility-based approaches have been shown to be very
promising and computationally efficient. Pandey and Biswas
[12] demonstrated that the damage locations of a wide-flange
steel beam could be successfully identified by interrogating
the change in the flexibility. This technique has been further
extended for damage detection of the plane trusses [13].
The flexibility-based damage localization technique referred
to as the method of damage locating vectors (DLV) has
been advanced further by Bernal [14] and Bernal and Gunes
[15]. This methodology has also been adopted for damage
localization of space trusses or plates by Gao et al. [16, 17]
and Huynh et al. [18]. The concept of the DLV method is to
identify the members with zero stress under some specific
loading patterns, namely, the DLVs that span the null space
of the change in flexibility matrix of the structure before
and after the damage state. The loading vectors are obtained
by performing the singular value decomposition (SVD) on
the flexibility differential matrix. Those structural elements
resulting with zero stresses (or internal forces) under the
static loads of the DLVs are considered potentially damaged.
The DLV technique is capable of identifying scenarios of
multiple damages in the structure via a truncated modal
basis without a predetermined reference model. This null
space approach has recently been further extended by Bernal
[19, 20] as the dynamic damage locating vector (DDLV)
theorem that connects changes in the transfer matrices to
the spatial location of stiffness related damage. Bernal [21]
revised the DLVmethod further in the context of linear state-
space models to comply with the stochastic realization of the
systems by acknowledging that the DLVs in the null space
of the flexibility differential can be extracted without a priori
knowledge of the flexibility matrix.This scheme is adopted in
this study.

System identification problems are commonly con-
cerned with determining, from the relation of input/output
sequences, the parameters of either polynomial models (e.g.,
ARMA, auto-regressive model with external input (ARX))
using the prediction error method [1] or state-space models

by subspace system identification (SSI) [22], numerical algo-
rithms for subspace state space system identification (N4SID)
[23] for deterministic/stochastic systems, or SRIM for deter-
ministic systems [24]. In contrast to the prediction error
method that identifies the system parameters by minimizing
the errors between the observations and those predicted by
the model in a least squares sense, the stochastic realization
theory initiated by Akaike [25] and Faure [26] is not based
on the concept of optimization and leads to noniterative,
convergence-guaranteed and efficient numerical algorithms.
The covariance matrix is first constructed from block Hankle
matrix [27] of shifted process sequences. The state-space
model is in turn realized from the observability and/or
controllability matrix via singular value decomposition of the
covariance matrix.The theory of covariance-driven subspace
method has been unified by van Overschee and de Moor
[23] for deterministic, stochastic, and combined systems by
defining the estimated state sequences as the projection of
input-output data. The projected state sequences turn out
to be the outputs of non-steady-state Kalman filter banks.
To facilitate implementation of the DLV method, system
identification technique of subspace technique or SRIM that
identifies the system matrix and output (observation) matrix
of a state-space model is considered a preferable alternative.
The method of system realization using information matrix
(SRIM) proposed by Juang [24] is based on a deterministic
state-space system. The equivalent system matrix is iden-
tified from the covariance matrix of the input and output
signals. This simple and elegant approach works well for
systems in response to transient excitation if the noise level
is negligible. The performance degrades, however, as the
noise becomes pronounced. On the contrary, the stochastic
subspace identification (SSI) method based on a stochastic
model [23] without knowing the input is less sensitive to
noise and works well if the excitation is Gaussian white noise.
This scheme is not sufficient, however, for systems under
transient excitations such as earthquakes. Therefore, a mixed
deterministic-stochastic model is considered more robust to
transient systems with nonnegligible noise contamination.

In this study, the feasibility of DLV method for damage
detection of frame structures using seismic response data
is explored in association with the subspace identification
algorithm developed by van Overschee and de Moor [23]
for mixed deterministic-stochastic systems. As an effort to
verify the robustness of the deterministic-stochastic model
against noise, system identification analysis by the N4SID
algorithm is conducted with various noise levels and com-
pared with those obtained by the SRIM. The effectiveness
of the DLV method for damage detection using system
parameters identified from contaminated signals is further
investigated. Moreover, a series of shaking table tests using
a five-storey steel frame has been conducted in National
Center for Research on Earthquake Engineering (NCREE),
Taiwan. Damage condition is simulated by reducing the
cross-sectional area of some of the columns at the bottom.
Both single and combinations of multiple damage conditions
at various locations have been considered. In the system
identification analysis, either full or partial observation con-
ditions have been taken into account. It has been shown that
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the damaged stories can be identified from global responses
of the structure to earthquakes if sufficiently observed. In
addition to detecting damage(s) with respect to the intact
structure, identification of new or extended damages of
the as-damaged (ill-conditioned) counterpart has also been
studied. The proposed scheme proves to be effective. This
study gives further insights into the scheme in terms of effec-
tiveness, robustness, and limitation for damage localization
of frame systems.

2. Deterministic-Stochastic Subspace
System Identification

A deterministic-stochastic linear time-invariant system is
represented in a discrete-time state-space model as

z
𝑘+1
= Az
𝑘
+ Bu
𝑘
+ w
𝑘
,

y
𝑘
= Cz
𝑘
+Du
𝑘
+ k
𝑘

(1)

with

𝐸[(

w
𝑘+𝜏

k
𝑘+𝜏

) (w𝑇
𝑘

k𝑇
𝑘
)] = [

R
𝑤𝑤 (
𝜏) R
𝑤V (𝜏)

R𝑇
𝑤V (𝜏) RVV (𝜏)

] 𝛿 (𝜏) , (2)

where z
𝑘
∈ 𝑅
2𝑛×1 and y

𝑘
∈ 𝑅
𝑚×1 are, respectively, the state and

output vectors andu
𝑘
∈ 𝑅
𝑟×1 is the input vector at time instant

𝑘 with 𝑛, 𝑚, and 𝑟 being, respectively, the dimension of the
dynamic system, observational outputs, and external inputs.
A ∈ 𝑅

2𝑛×2𝑛 is the system matrix, B ∈ 𝑅
2𝑛×𝑟 is the input

influence matrix, C ∈ 𝑅𝑚×2𝑛 is the observation matrix, and
D ∈ 𝑅𝑚×𝑟 is the direct transmission matrix. w

𝑘
∈ 𝑅
2𝑛×1 and

k
𝑘
∈ 𝑅
𝑚×1 are the unmeasurable vector signals assumed to

be zero-mean, stationary white noise vector sequences. 𝛿[𝜏]
is the Kronecker 𝛿.

The state and output vectors are split into deterministic
and stochastic parts as z

𝑘+1
= z𝑑
𝑘+1
+ z𝑠
𝑘+1

and y
𝑘
= y𝑑
𝑘
+ y𝑠
𝑘

satisfying, respectively, the deterministic subsystem

z𝑑
𝑘+1
= Az𝑑
𝑘
+ Bu
𝑘
,

y𝑑
𝑘
= Cz𝑑
𝑘
+Du
𝑘

(3)

and the stochastic subsystem

z𝑠
𝑘+1
= Az𝑠
𝑘
+ w
𝑘
,

y𝑠
𝑘
= Cz𝑠
𝑘
+ k
𝑘
.

(4)

By recursive substitution into the state-space equations of
consecutive shifted processes, it leads to [28]

Y
0|𝑖−1

= Γ
𝑖
Z𝑑
0
+H
𝑖
U
0|𝑖−1

+ Y𝑠
0|𝑖−1
,

Y
𝑖|2𝑖−1

= Γ
𝑖
Z𝑑
𝑖
+H
𝑖
U
𝑖|2𝑖−1

+ Y𝑠
𝑖|2𝑖−1

,

Z𝑑
𝑖
= A
𝑖
Z𝑑
0
+ Λ
𝑖
U
0|𝑖−1
,

(5)

where

Y
0|𝑖−1

=

[

[

[

[

[

[

[

y
0

y
1

y
2
⋅ ⋅ ⋅ y

𝑗−1

y
1

y
2

y
3
⋅ ⋅ ⋅ y

𝑗

y
2

y
3

y
4
⋅ ⋅ ⋅ y

𝑗+1

...
...

...
...

...
y
𝑖−1

y
𝑖
y
𝑖+1
⋅ ⋅ ⋅ y
𝑖+𝑗−2

]

]

]

]

]

]

]

∈ 𝑅
𝑚𝑖×𝑗 (6)

is the output block Hankle matrix [27] of the past where 𝑖 is
the number of steps to be considered in the Markov process
and 𝑗 represents the length of the data to be included in the
analysis;

U
0|𝑖−1

=

[

[

[

[

[

[

[

u
0

u
1

u
2
⋅ ⋅ ⋅ u

𝑗−1

u
1

u
2

u
3
⋅ ⋅ ⋅ u

𝑗

u
2

u
3

u
4
⋅ ⋅ ⋅ u

𝑗+1

...
...

...
...

...
u
𝑖−1

u
𝑖
u
𝑖+1
⋅ ⋅ ⋅ u
𝑖+𝑗−2

]

]

]

]

]

]

]

∈ 𝑅
𝑟𝑖×𝑗 (7)

is the input block Hankle matrix of the past;

Y𝑠
0|𝑖−1

=

[

[

[

[

[

[

[

[

y𝑠
0

y𝑠
1

y𝑠
2
⋅ ⋅ ⋅ y𝑠

𝑗−1

y𝑠
1

y𝑠
2

y𝑠
3
⋅ ⋅ ⋅ y𝑠

𝑗

y𝑠
2

y𝑠
3

y𝑠
4
⋅ ⋅ ⋅ y𝑠

𝑗+1

...
...

...
...

...
y𝑠
𝑖−1

y𝑠
𝑖
y𝑠
𝑖+1
⋅ ⋅ ⋅ y𝑠
𝑖+𝑗−2

]

]

]

]

]

]

]

]

∈ 𝑅
𝑚𝑖×𝑗 (8)

is the stochastic output block Hankle matrix of the past;

Z𝑑
𝑖
= [z𝑑
𝑖

z𝑑
𝑖+1

z𝑑
𝑖+2
⋅ ⋅ ⋅ z𝑑
𝑖+𝑗−1

] ∈ 𝑅
2𝑛×𝑗 (9)

is the deterministic state matrix;

Γ
𝑖
=

[

[

[

[

[

[

[

C
CA
CA2
...

CA𝑖−1

]

]

]

]

]

]

]

∈ 𝑅
𝑚𝑖×2𝑛 (10)

is the observability matrix;

Λ
𝑖
= [A𝑖−1B A𝑖−2B ⋅ ⋅ ⋅ AB B] ∈ 𝑅2𝑛×𝑟𝑖 (11)

is the controllability matrix;

H
𝑖
=

[

[

[

[

[

[

[

D 0 0 ⋅ ⋅ ⋅ 0
CB D 0 ⋅ ⋅ ⋅ 0
CAB CB D ⋅ ⋅ ⋅ 0
...

...
...

...
...

CA𝑖−2B CA𝑖−3B CA𝑖−4B ⋅ ⋅ ⋅ D

]

]

]

]

]

]

]

∈ 𝑅
𝑚𝑖×𝑟𝑖 (12)

is the triangular Toeplits matrix [27], and

A
𝑖
=

[

[

[

[

[

[

[

[

[

A
A2

A3
...
A𝑖

]

]

]

]

]

]

]

]

]

∈ 𝑅
2𝑛𝑖×2𝑛

. (13)
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The stochastic covariance equations of the subspace can
be defined as

P𝑠 = 𝐸 [z𝑠
𝑘
(z𝑠
𝑘
)
𝑇
] = AP𝑠A𝑇 + R

𝑤𝑤 (
0) ,

G = 𝐸 [z𝑠
𝑘+1

(y𝑠
𝑘
)
𝑇
] = AP𝑠C𝑇 + R

𝑤V (1) ,

𝜆
0
= 𝐸 [y𝑠

𝑘
(y𝑠
𝑘
)
𝑇
] = CP𝑠C𝑇 + RVV (0)

(14)

in which P𝑠 and 𝜆
0
represent, respectively, the auto-covari-

ance matrix of the state (z𝑠
𝑘
) and output (y𝑠

𝑘
) vectors and G

is the covariance matrix of the state (z𝑠
𝑘+1
) and output (y𝑠

𝑘
)

vectors.
The block Toeplitz covariance matrix Λ𝑠

0|𝑖−1
of the stoch-

astic output is defined as

Λ
𝑠

0|𝑖−1
=

1

𝑁

Y
0|𝑖−1

Y𝑇
0|𝑖−1

=

[

[

[

[

[

[

[

[

[

[

𝜆
0
𝜆
−1
𝜆
−2
⋅ ⋅ ⋅ 𝜆
1−𝑖

𝜆
1
𝜆
0
𝜆
−1
⋅ ⋅ ⋅ 𝜆
2−𝑖

𝜆
2
𝜆
1
𝜆
0
⋅ ⋅ ⋅ 𝜆
3−𝑖

...
...

...
...

...
𝜆
𝑖−1
𝜆
𝑖−2
𝜆
𝑖−3
⋅ ⋅ ⋅ 𝜆

0

]

]

]

]

]

]

]

]

]

]

∈ 𝑅
𝑚𝑖×𝑚𝑖

,

(15)

where

𝜆
𝑖
= 𝐸 [y𝑠

𝑘+𝑖
(y𝑠
𝑘
)
𝑇
] =

{
{
{

{
{
{

{

CA𝑖−1G 𝑖 > 0

𝜆
0

𝑖 = 0

G𝑇(A𝑇)
−𝑖−1

C𝑇 𝑖 < 0

(16)

and the block Toeplitz cross covariance matrix Λ𝑠
𝑖|2𝑖−1

is
defined similarly as

Λ
𝑠

𝑖|2𝑖−1
=

1

𝑁

Y
𝑖|2𝑖−1

Y𝑇
0|𝑖−1

=

[

[

[

[

[

[

[

[

[

[

𝜆
𝑖
𝜆
𝑖−1
𝜆
𝑖−2

⋅ ⋅ ⋅ 𝜆
1

𝜆
𝑖+1
𝜆
𝑖
𝜆
𝑖−1

⋅ ⋅ ⋅ 𝜆
2

𝜆
𝑖+2
𝜆
𝑖+1
𝜆
𝑖
⋅ ⋅ ⋅ 𝜆
3

...
...

...
...

...
𝜆
2𝑖−1
𝜆
2𝑖−2
𝜆
2𝑖−3

⋅ ⋅ ⋅ 𝜆
𝑖

]

]

]

]

]

]

]

]

]

]

= Γ
𝑖
Λ
𝑠

𝑖
∈ 𝑅
𝑚𝑖×𝑚𝑖

,

(17)

where

Λ
𝑠

𝑖
= [A𝑖−1G A𝑖−2G A𝑖−3G ⋅ ⋅ ⋅ G] ∈ 𝑅2𝑛×𝑚𝑖 (18)

and𝑁 represent the data length. Equation (18) is the stochas-
tic controllability matrix. Projecting the future output state
matrix Y

𝑖|2𝑖−1
onto the input matrix U

0|2𝑖−1
and the past

output state matrix Y
0|𝑖−1

, the output-input block Hankel
matrices are constructed as

Y
𝑖
=

Y
𝑖|2𝑖−1

(

U0|2𝑖−1
Y0|𝑖−1

)

= Y
𝑖|2𝑖−1

(

U
0|2𝑖−1

Y
0|𝑖−1

)

𝑇

((

U
0|2𝑖−1

Y
0|𝑖−1

)(

U
0|2𝑖−1

Y
0|𝑖−1

)

𝑇

)

∗

× (

U
0|2𝑖−1

Y
0|𝑖−1

) ,

(19)

Y
𝑖+1
=

Y
𝑖+1|2𝑖−1

(

U0|2𝑖−1

Y0|𝑖
)

= Y
𝑖+1|2𝑖−1

(

U
0|2𝑖−1

Y
0|𝑖

)

𝑇

((

U
0|2𝑖−1

Y
0|𝑖

)(

U
0|2𝑖−1

Y
0|𝑖

)

𝑇

)

∗

× (

U
0|2𝑖−1

Y
0|𝑖

) ,

(20)

where (⋅)∗ denotes the pseudoinverse of the matrix (⋅). To
further simplify (19) and (20), the deterministic subspace and
stochastic subspace are utilized to define what follows:

lim
𝑗→∞

1

𝑗

(

U
0|𝑖−1

U
𝑖|2𝑖−1

Z𝑑
0

)(U𝑇
0|𝑖−1

| U𝑇
𝑖|2𝑖−1

| (Z𝑑
0
)

𝑇

)

=
[

[

[

R
11

R
12

S𝑇
1

R𝑇
12

R
22

S𝑇
2

S
1

S
2

P𝑑
]

]

]

= [

R S𝑇

S P𝑑 ] ∈ 𝑅
(2𝑟𝑖+2𝑛)×(2𝑟𝑖+2𝑛)

,

lim
𝑗→∞

1

𝑗

(

Y𝑠
0|𝑖−1

Y𝑠
𝑖|2𝑖−1

)((Y𝑠
0|𝑖−1
)

𝑇

| (Y𝑠
𝑖|2𝑖−1

)

𝑇

)

= (
Λ
𝑠

0|𝑖−1
(Λ
𝑠

𝑖|2𝑖−1
)

𝑇

Λ
𝑠

𝑖|2𝑖−1
Λ
𝑠

0|𝑖−1

) .

(21)

Assuming that the deterministic input u
𝑘
and the determin-

istic state z𝑑
𝑘
are independent of the stochastic output y𝑠

𝑘
, then

(19) and (20) can be simplified as

Y
𝑖
= Γ
𝑖
̂Z
𝑖
+H
𝑖
U
𝑖|2𝑖−1

,

Y
𝑖+1
= Γ
𝑖−1
̂Z
𝑖+1
+H
𝑖−1

U
𝑖+1|2𝑖−1

,

(22)
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where

̂Z
𝑖
= (A𝑖 −Q

𝑖
Γ
𝑖
| Λ
𝑖
−Q
𝑖
H
𝑖
| Q
𝑖
)(

SR−1U
0|2𝑖−1

U
0|𝑖−1

Y
0|𝑖−1

) ,

̂Z
𝑖+1
= (A𝑖+1 −Q

𝑖+1
Γ
𝑖+1
| Λ
𝑖+1
−Q
𝑖+1

H
𝑖+1
| Q
𝑖+1
)

× (

SR−1U
0|2𝑖−1

U
0|𝑖

Y
0|𝑖

) ,

(23)

where

Q
𝑖
= x
𝑖
𝜓
−1

𝑖
(24)

in which

x
𝑖
= A𝑖 (P𝑑 − SR−1S𝑇) Γ𝑇

𝑖
+ Λ
𝑠

𝑖
,

𝜓
𝑖
= Γ
𝑖
(P𝑑 − SR−1S𝑇) Γ𝑇

𝑖
+ Λ
𝑠

0|𝑖−1
.

(25)

It follows immediately from (22) that

̂Z
𝑖
= Γ
∗

𝑖
(Y
𝑖
−H
𝑖
U
𝑖|2𝑖−1

) ,

Ẑ
𝑖+1
= Γ
∗

𝑖−1
(Y
𝑖+1
−H
𝑖−1

U
𝑖+1|2𝑖−1

) ,

(26)

where Γ∗
𝑖
or Γ∗
𝑖−1

denotes the pseudoinverse of its counterpart.
The sequences ̂Z

𝑖
and ̂Z

𝑖+1
proved to be the states of a bank of

𝑗 non-steady-state Kalman filters [23]. The non-steady-state
Kalman filter state ̂Z

𝑘
can be defined in a recursive form as

[23]

ẑ
𝑘
= Aẑ
𝑘−1
+ Bu
𝑘−1
+ K
𝑘−1
(y
𝑘−1
− Cẑ
𝑘−1
−Du
𝑘−1
) ,

(27)

K
𝑘−1
= (AP

𝑘−1
C𝑇 + G) (𝜆

0
+ CP
𝑘−1

C𝑇)
−1

, (28)

P
𝑘
= AP
𝑘−1

A𝑇 − K
𝑘−1
(AP
𝑘−1

C𝑇 + G)
𝑇

. (29)

If we collect consecutive 𝑗 columns of the Kalman states in
parallel, (27) can then be extended as

̂Z
𝑖+1
= ÂZ
𝑖
+ BU
𝑖|𝑖
+ K
𝑖
(Y
𝑖|𝑖
− ĈZ
𝑖
−DU

𝑖|𝑖
)

= ÂZ
𝑖
+ BU
𝑖|𝑖
+W
𝑖|𝑖
,

(30)

whereW
𝑖|𝑖
= (w𝑖 w𝑖+1 w

𝑖+2
⋅ ⋅ ⋅ w

𝑖+𝑗−1). It is trivial that

Y
𝑖|𝑖
= ĈZ
𝑖
+DU

𝑖|𝑖
+ (Y
𝑖|𝑖
− ĈZ
𝑖
−DU

𝑖|𝑖
)

= ĈZ
𝑖
+DU

𝑖|𝑖
+ V
𝑖|𝑖
,

(31)

where V
𝑖|𝑖
= (k𝑖 k𝑖+1 k

𝑖+2
⋅ ⋅ ⋅ k
𝑖+𝑗−1). Combining (30) and

(31), one gets

(

̂Z
𝑖+1

Y
𝑖|𝑖

) = (

A
C)
̂Z
𝑖
+ (

B
D)U𝑖|𝑖 + (

W
𝑖|𝑖

V
𝑖|𝑖

) . (32)

Substituting (26) for Ẑ
𝑖
and Ẑ

𝑖+1
into (32), it leads to

(
Γ
∗

𝑖−1
Y
𝑖+1

Y
𝑖|𝑖

) = (

A K
12

C K
22

)(
Γ
∗

𝑖
Y
𝑖

U
𝑖|2𝑖−1

) + (

W
𝑖|𝑖

V
𝑖|𝑖

) (33)

in which

K
12
= (B−AΓ∗

𝑖
(

D
Γ
𝑖−1

B) | Γ
∗

𝑖−1
H
𝑖−1
−AΓ∗
𝑖
(

0
H
𝑖−1

))∈𝑅
𝑛×𝑚𝑖
,

K
22
= (D − CΓ∗

𝑖
(

D
Γ
𝑖−1

B) | −CΓ
∗

𝑖
(

0
H
𝑖−1

)) ∈ 𝑅
𝑙×𝑚𝑖
.

(34)

By forcing the noise terms in (33) to be zero, the coefficient
matrices may be resolved as

(

A K
12

C K
22

) = (
Γ
∗

𝑖−1
Y
𝑖+1

Y
𝑖|𝑖

)(
Γ
∗

𝑖
Y
𝑖

U
𝑖|2𝑖−1

)

∗

, (35)

where ( Γ
∗

𝑖
Y𝑖

U𝑖|2𝑖−1
)

∗

is the pseudoinverse of ( Γ
∗

𝑖
Y𝑖

U𝑖|2𝑖−1
). A numeri-

cally stable and efficient algorithm referred to as the N4SID
devised by vanOverschee and deMoor [22] is adopted in this
study to solve for the system matrix.

3. N4SID Algorithm

To facilitate implementation of the numerical algorithm, van
Overschee and de Moor [22] proposed a numerically stable
procedure N4SID utilizing the RQ decomposition of the
block Hankle matrix

H =
(
U0|2𝑖−1
Y0|2𝑖−1 )

√𝑗

= R̂Q̂𝑇, (36)

where ̂Q̂Q𝑇 = I and ̂R is a lower triangular matrix. It can be
expressed in the following partitioned form as
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which can be written in a more condensed manner as
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Now if we express Y
𝑖|2𝑖−1

= (R𝑖
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By the same token, (20) may also be written as
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It has been shown by van Overschee and de Moor [22] that
the observability matrix Γ

𝑖
can be obtained from SVD of
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The rank is determined from the dominant singular values of
the decomposition, and Γ

𝑖
can be determined as

Γ
𝑖
= U
1
Σ
1/2

1
(44)

and Γ
𝑖−1

can be extracted directly from Γ
𝑖
without the last 𝑙

rows. With Γ
𝑖
and Γ

𝑖−1
determined, one can calculate Γ∗

𝑖
Y
𝑖

and Γ∗
𝑖−1

Y
𝑖+1

without difficulty and in turn solve (35).

4. Review of the DLV Method

Bernal and Gunes [15] proposed that the structure subjected
to the damage locating vectors, L, would undergo the same
deformation before and after the damaged state. This state-
ment immediately leads to

D
𝐹
L = 0, (45)

where D
𝐹
is the flexibility differential of the structure before

and after being damaged. When rank (D
𝐹
) < 𝑛 (𝑛 is the

degree of freedom of the structure), the basis corresponding
to the null space of D

𝐹
is the damage locating vectors, L,

which can be derived from singular value decomposition of
the flexibility differential of the structure before and after
the damage state. Members with nearly zero stress under the
loadings of DLVs are considered potentially damaged.

The flexibility matrix of the structure can be expressed
with the system matrices of the continuous-time state-space
representation as

F = −C
0
A−1
𝑐
H−1C𝑇

0
̃D = Q̃D, (46)

where A
𝑐
= ln(A)/Δ𝑡 ∈ 𝑅2𝑛×2𝑛 is the continuous-time sys-

tem matrix; C
0
= [I 0] ∈ 𝑅𝑛×2𝑛; H = [ C0

C0A𝑐 ] ∈ 𝑅
2𝑛×2𝑛; ̃D =

C
0
A
𝑐
B
𝑐
= −M−1 (M being the mass matrix of the system).

With (46), the flexibility differentialD
𝐹
can be expressed

as

D
𝐹
= ΔQD̃𝑖 +Q𝑑ΔD̃ = ΔQD̃𝑖, (47)

where ΔQ = Q𝑑 − Q𝑖 and Δ̃D =
̃D𝑑 − ̃D𝑖 = 0 since the

mass matrix is unchanged. By taking the singular value
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Figure 1: Illustrative diagram of a five-storey shear frame.

decomposition of ΔQ, the eigenvectors kΔQ
0

corresponding
to the singular eigenvalues are the damage locating vector
L ∈ 𝑅𝑛×𝑞.

The weighted stress index WSI
𝑗
is defined as

WSI
𝑗
=

𝑞

∑

𝑖=1

nsi
𝑗,𝑖
, (48)

where nsi
𝑗,1

is the normalized stress index of the 𝑗th member
or d.o.f. subjected to the 𝑖th DLV. Member 𝑗 (or storey 𝑗) is
considered seriously damagedwhen the normalizedweighted
stress index nWSI

𝑗
≤ 0.1 in which nWSI

𝑗
/WSI
𝑗,max, whereas

it is considered moderately damaged as 0.1 < nWSI
𝑗
≤ 0.2.

5. Numerical Illustration of
the Proposed Schemes

As an effort to verify the robustness of the deterministic-
stochastic model against noise, system identification analysis
by the N4SID algorithm is conducted with various noise
levels and compared with those obtained by the SRIM.
A five-story diagonally braced shear frame (Figure 1) with
parameters shown in Table 1 is considered in the numerical
example. The 1940 El Centro earthquake with peak ground
acceleration (PGA) scaled to 0.1 g is considered as the input.
To simulate noisy conditions, white noises of various noise-
to-signal ratios (NSR) are added to the dynamic response
signals. The noise-to-signal ratio at the 𝑚th storey, NSR

𝑚
, is

defined as

NSR
𝑚
=

RMS
𝑁,𝑚

RMS
𝑂,𝑚

× 100%, (49)

Table 1: Parameters of a five-storey shear frame.

Structural parameter
Storey 1F 2F 3F 4F 5F
𝑚
𝑖
(kg) 25.8 25.8 25.8 25.8 25.8

𝑘
𝑖
(MN/m) 39240 39240 39240 39240 39240

Modal parameter
Mode 1 2 3 4 5
Frequency (Hz) 9.24 30.74 56.37 74.99 87.44
Damping ratio (%) 2.00 2.00 2.00 2.00 2.00

where RMS
𝑁,𝑚

and RMS
𝑂,𝑚

represent, respectively, the root
mean squares (RMS) of the added white noise and the origi-
nal response signals at the 𝑚th storey. In the simulation, the
noise levels at all floors are assumed to be of the same amount
in each case with NSR = 0%, 5% and 10%, respectively.

To assess the accuracy of the identification results, an
error index (𝐸

𝑖
) of the 𝑖th mode is defined as

𝐸
𝑖
= √

1

𝑛

𝑛

∑

𝑘=1

𝜀
𝑖,𝑘
, (50)

where 𝑛 is the total number of modes, 𝜀
𝑖,𝑘
= (
̂
𝜙
𝑖,𝑘
− 𝜙
𝑖,𝑘
)
2
/
̂
𝜙
2

𝑖,𝑘

in which ̂𝜙
𝑖,𝑘

and 𝜙
𝑖,𝑘

are, respectively, the 𝑘th element of the
𝑖th mode shape derived from the eigen analysis and system
identification.

Figure 2(a) shows the comparison of mode shapes iden-
tified by the N4SID algorithm at various NSR levels with
the analytical solutions. When the signals are noise-free
(NSR = 0%), all the identified mode shapes coincide with
their corresponding analytical counterparts. Deviation of the
mode shapes increases with the noise level and becomesmore
pronounced for higher modes as observed from Figure 2(a).
This is also revealed quantitatively from the error index (𝐸

𝑖
)

bar charts as illustrated in Figure 3(a). When the noise level
achieves NSR = 10%, only the first three modes can be
identified with acceptable accuracy. The results by the SRIM
exhibit similar trends, as shown in Figures 2(b) and 3(b), but
deviate in a larger extent from the analytical solutions. When
the noise level achieves NSR = 10%, moreover, only the first
mode is identified with fidelity. The N4SID algorithm proves
more robust to noises than the SRIM, as expected.

In order to examine if the damage detection scheme
works sufficiently when the dynamic response signals are
contaminated with noises, numerical simulations are next
conducted using the same analytical model. Damage con-
ditions of the structure are simulated by removing some
of the diagonal bracings. Both single and multiple damages
have been considered, which includes Cases Dl, D2, D3, D4,
D5, D13, D15, and D135 where the number(s) denote the
damaged stories. Only the N4SID algorithm will be adopted
and a noise level of NSR = 10% is considered. Analysis
for the noise-free condition has also been carried out as
a reference. The results are summarized and compared in
Table 2. The shaded area in the table with the normalized
weighted stress index nWSI

𝑗
< 0.2 indicates those identified
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Figure 2: (a) Mode shapes identified with N4SID under various noise levels. (b) Mode shapes identified with SRIM under various noise
levels.



The Scientific World Journal 9

NSR = 0%

NSR = 5%

NSR = 10%

Mode (i)

101

100

10−1

10−2

10−3

10−4

10−5

0 1 2 3 4 5 6

E
i

(a)

NSR = 0%

NSR = 5%

NSR = 10%

Mode (i)

101

100

10−1

10−2

10−3

10−4

10−5

0 1 2 3 4 5 6

E
i

(b)

Figure 3: (a) Comparison of the error index with N4SID under various noise levels. (b) Comparison of the error index with SRIM under
various noise levels.

Table 2: Summary of damage assessment under various noise levels (numerical).

Case D1 D2 D3 D4 D5 D13 D15 D135
nWSI

𝑗
(NSR = 0%)

1F 0.01 0.46 0.47 1.00 1.00 0.01 0.03 0.01
2F 0.28 0.02 0.38 0.59 0.58 0.52 0.54 1.00
3F 0.96 1.00 0.03 0.63 0.36 0.03 1.00 0.01
4F 0.34 0.88 1.00 0.02 0.18 1.00 0.53 0.48
5F 1.00 0.78 0.92 0.26 0.01 0.98 0.02 0.03

nWSI
𝑗
(NSR = 10%)

1F 0.05 0.80 1.00 1.00 1.00 0.04 0.01 0.07
2F 1.00 0.09 0.72 0.62 0.77 1.00 0.28 1.00
3F 0.30 0.74 0.08 0.85 0.66 0.08 1.00 0.15
4F 0.22 0.80 0.65 0.02 0.30 0.34 0.72 0.89
5F 0.39 1.00 0.35 0.46 0.04 0.38 0.02 0.13

as potentially damaged. It is observed that in both cases with
NSR = 0% and 10%, the damaged stories can be successfully
identified without exception, despite that results of the noise-
free condition are shown to be more sensitive in the sense of
getting smaller nWSI

𝑗
values at the damaged locations. The

proposed scheme proves effective even if there exists a certain
level of noise and only the first three modes are accurately
identified.

6. Experimental Verifications

As a further step in verifying the feasibility of the proposed
scheme experimentally, a series of shaking table tests has been
carried out in the National Center for Research on Earth-
quake Engineering (NCREE), Taiwan, using a benchmark
model (Figure 4). Weighing 22.5 tons, the benchmark model
consisting of steel I-beams (𝐻150×150×7×10) is a five-storey

frame of 7.5m in height and 3m × 2m in plane, as illustrated
in Figure 5. Accelerometers have been implemented at each
floor and the base to monitor the dynamic responses of the
model to ground motion which together serve as the basis
for system identification. In order to get more insight of
the structural behavior, additional velocity meters, LVDT,
and load cells have also been implemented in the tests, as
illustrated in Figure 6. Only the acceleration information is
utilized, however, in this study.

Damage of the structure is simulated by cutting out a
small portion of the flange near the bottom of the column(s),
as shown in Figure 7. In order to sufficiently examine the
damage at various extents, the damages were progressively
enforced on one side of the frame from the first storey up
to the third storey from one test to another. It is meant to
represent a moderate damage condition as a single column
is damaged in the same storey while representing a serious
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Figure 4: The benchmark model for experimental verification.

damage condition as two columns are damaged. In total, six
damage conditions have been considered in the test program.
The 1940 El Centro earthquake has been adopted as the input
with the PGA scaled to 0.1 g.

The test results are analyzed under considerations of full
observation (utilizing acceleration responses of all stories),
partial observation (ignoring accelerations at some stories),
and the ill-conditioned condition where the reference struc-
ture has been wounded in previous tests.

6.1. Full Observation. The six damaged conditions simulated
in the tests are designated as:

M1: single column damaged at the first storey, represent-
ing a moderate damage condition of the first storey;

S1: two columns damaged at the first storey, representing
a serious damage condition of the first storey;

S1M2: two columns damaged at the first storey and single
column damaged at the second storey;

S12: two columns damaged at both the first and second
stories;

S12M3: two columns damaged at both the first and second
stories and single columndamaged at the third storey;

S123: two columns damaged from storey 1 to 3.

The assessment results of various damage conditions
based on full observation data of the structure are summa-
rized in Table 3 where the shaded area corresponds to those
being screened out as potentially damaged stories. Take case
M1 for example, only the normalized weighted stress index
of 1F is below 0.1, indicating damage of the first storey. This
agrees with the actual damage condition. And in case S1M2,
the index is 0.04 for 1F and 0.12 for 2F, agreeing with the
actual condition that the first storey is seriously damaged and
the second storey is moderately damaged. It is evident that,

Table 3: Summary of damage assessment w/full observation (exper-
imental).

nWSI
𝑗

#

Case M1 S1 S1M2 S12 S12M3 S123
1F 0.09 0.05 0.04 0.07 0.01 0.04
2F 1.00 0.44 0.12 0.06 0.01 0.01
3F 0.97 0.90 1.00 0.81 0.11 0.04
4F 0.72 1.00 0.89 0.90 0.51 0.83
5F 0.86 0.56 0.45 1.00 1.00 1.00
Performance∗ Good Good Good Good Good Good
#nWSI𝑗 ≤ 0.1 indicates serious damage; 0.1 < nWSI𝑗 ≤ 0.2 indicates
moderate damage.
∗Good indicates the damaged location(s) being identified without miss-
judgment.
Fair indicates the damaged storey being identified but the extent might be
underestimated.
Poor indicates failing to identify one of the damaged stories.
Fail indicates failing to identify more than one of the damaged stories.

under a full observation condition, the damaged location(s)
are successfully identified, regardless of single or multiple
damage conditions.

6.2. Partial Observation. The 12 cases analyzed in a partial
observation condition are designated below as follows:

M1/135: single column damaged at the first storey,
representing a moderate damage condition of the
first storey with only the first, third, and fifth floors
observed;
S1/135: two columns damaged at the first storey, repre-
senting a serious damage condition of the first storey
with only the first, third, and fifth floors observed;
M1/124: single columndamaged at the first storeywith
only the first, second, and fourth floors observed;
S1/124: two columns damaged at the first storey with
only the first, second, and fourth floors observed;
S1M2/124: two columns damaged at the first storey
and single column damaged at the second storey with
only the first, second, and fourth floors observed;
S1M2/125: two columns damaged at the first storey
and single column damaged at the second storey with
only the first, second, and fifth floors observed;
S1M2/1235: two columns damaged at the first storey
and single column damaged at the second storey
without observing the fourth floor;
S12/124: two columns damaged at both the first and
second stories with only the first, second, and fourth
floors observed;
S12/125: two columns damaged at both the first and
second stories with only the first, second, and fifth
floors observed;
S12/1235: two columns damaged at both the first and
second stories without observing the fourth floor;
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Figure 5: Elevation and layout of the benchmark model.

Accelerometer
LVDT

Velocity meter
Load cell

Floor weight: 4.5 ton

Figure 6: The sensor layout of the benchmark structure.

S12M3/1235: two columns damaged at both the first
and second stories and single column damaged at the
third storey without observing the fourth floor;
S123/1235: two columns damaged at the first, second
and third stories without observing the fourth floor.

The assessment results of various damage conditions
based on partial observation data of the structure are sum-
marized in Table 4 where the shaded area corresponds to
those being screened out as potentially damaged stories. The
performance index (PMC) is similarly defined as in Table 3.
The results show that the scheme with partial observation
remains effective for single damage conditions, as in the cases

of M1/135, S1/135, M1/124 and S1/124 where the index corre-
sponding to the first storey is below 0.2. The scheme fails,
however, to locate the damaged stories in multiple damage
conditions except for case S12/1235 where the first two stories
are seriously damaged and 4 out of 5 stories are observed.

6.3. Ill-Conditioned Structures. At times the structural health
monitoring systemmight be introduced after the target build-
ing has been previously damaged. It is of interest to verify if
the scheme is able to identify new or extended damage(s) in
an earthquake event of an ill-conditioned structure that has
been previously damaged. The system identification analysis
will be based on full observation data as it provides more
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Table 4: Summary of damage assessment w/partial observation (experimental).

nWSI
𝑗

Case M1/135 S1/135 M1/124 S1/124 S1M2/124 S1M2/125
1F 0.14 0.11 0.17 0.16 0.41 0.41
2F — — 1.00 1.00 1.00 1.00
3F 0.74 0.72 — — — —
4F — — 0.41 0.43 0.33 —
5F 1.00 1.00 — — — 0.38
PMC Good Fair Good Fair Fail Fail

nWSI
𝑗

Case S1M2/1235 S12/124 S12/125 S12/1235 S12M3/1235 S123/1235
1F 0.02 0.96 1.00 0.01 0.09 0.14
2F 0.24 1.00 0.27 0.20 0.70 0.15
3F 1.00 — — 1.00 1.00 0.48
4F — 0.07 — — — —
5F 0.66 — 0.81 0.78 0.63 1.00
PMC Poor Fail Fail Fair Fail Poor

Figure 7: Flange partially cut out near the bottom of column.

reliable structural information for damage assessment. The
10 cases considered for damage detection analysis of ill-
conditioned structures are designated below as follows:

S1/M1: structure seriously damaged at the first storey
of the current state versus the one with its first storey
moderately damaged earlier;
S1M2/S1: structure damaged seriously at the first
storey and moderately at the second storey of the
current state versus the one with its first storey
seriously damaged earlier;
S12/S1M2: structure damaged seriously at both the
first and second stories of the current state versus
the one seriously damaged at its first storey and
moderately at the second in advance;

S12M3/S12: structure damaged seriously at both the
first and second stories and moderately at the third
storey of the current state versus the one with its both
first and second stories seriously damaged earlier;

S123/S12M3: structure seriously damaged at the first,
second, and third stories of the current state versus
the one seriously damaged at its both first and second
stories and moderately at the third in advance;

S12/M1: structure seriously damaged at both the first
and second stories of the current state versus the one
with its first storey moderately damaged earlier;

S12M3/M1: structure seriously damaged at both the
first and second stories and moderately at the third
of the current state versus the one with its first storey
moderately damaged earlier;

S123/M1: structure seriously damaged at the first,
second, and third stories of the current state versus the
one with its first storey moderately damaged earlier;

S12/S1: structure seriously damaged at both the first
and second stories of the current state versus the one
with its first storey seriously damaged earlier;

S123/S1: structure seriously damaged at the first,
second, and third stories of the current state versus
the one with its first storey seriously damaged earlier.

The assessment results of various damage conditions in
respect to an ill-conditioned structure damaged earlier are
summarized in Table 5. The performance index (PMC) is
similarly defined as in Table 3. In all the cases considered,
the scheme proves sufficient in identifying new or extended
damage(s) without exception under a full observation con-
dition in the system identification process, as indicated from
the indices.
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Table 5: Damage assessment of ill-conditioned structures (experimental).

nWSI
𝑗

Case S1/M1 S1M2/S1 S12/S1M2 S12M3/S12 S123/S12M3
1F 0.16 0.10 0.26 0.24 0.32
2F 0.46 0.01 0.03 0.46 0.55
3F 1.00 0.29 0.36 0.16 0.17
4F 0.58 0.85 0.73 1.00 1.00
5F 0.90 1.00 1.00 0.62 0.72
PMC Good Good Good Good Good

nWSI
𝑗

Case S12/M1 S12M3/M1 S123/M1 S12/S1 S123/S1
1F 0.01 0.01 0.02 0.48 1.00
2F 0.02 0.02 0.01 0.07 0.03
3F 0.13 0.05 0.10 0.35 0.08
4F 0.72 0.21 0.67 0.43 0.34
5F 1.00 1.00 1.00 1.00 0.69
PMC Good Good Good Good Good

7. Summary and Conclusion

A scheme integrated with deterministic-stochastic subspace
system identification and the method of damage localization
vector for damage detection of structures is considered and
verified based on seismic response data in this study. Both
numerical simulation and experimental verification have
been carried out to verify the feasibility of the proposed
scheme. A series of shaking table tests using a five-storey steel
frame has been conducted in National Center for Research
on Earthquake Engineering (NCREE), Taiwan. Both single
and combinations of multiple damage conditions at various
locations have been considered. Either a full or partial obser-
vation conditions have been taken into account in the system
identification process. This study gives further insights into
the scheme in terms of effectiveness, robustness, and limi-
tation for damage localization of frame systems. Based on
the numerical simulation and test results, the conclusions are
drawn as the following.

(a) The N4SID algorithm for deterministic-stochastic
models is more robust to noise contamination than
the SRIM algorithm for purely deterministic models.
With the first threemodes of the shear-type frame sys-
tem accurately identified from noise-contaminated
signals with 10% NSR by using the N4SID and the
flexibility-based DLV method, all damaged condi-
tions considered can be successfully predicted.

(b) Damage localization utilizing seismic response data,
in particular the floor accelerations, proves feasible
not only analytically but also experimentally.

(c) Under a full observation condition where all floor
responses are observed, the damaged location(s) can
be successfully identified, regardless of single or
multiple damage conditions.

(d) Under a partial observation condition where 3 out of
5 floor responses are observed, only those with single

damage can be identified if the damaged storey is
colocatedwith one of the observed floors.The scheme
fails, however, to fully locate the damages in multiple
damage conditions in general.

(e) The scheme proves to be sufficient in identifying new
or extended damage(s) without exception under a full
observation condition.
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In this paper, case study on outlet cracking is first conducted for the Goupitan and Xiaowan arch dams. A nonlinear FEMmethod
is then implemented to study effects of the outlets on integral stability of the Xiluodu arch dam under two loading conditions,
i.e., normal loading and overloading conditions. On the basis of the case study and the numerical modelling, the outlet cracking
mechanism, risk, and corresponding reinforcement measures are discussed. Furthermore, the numerical simulation reveals that
(1) under the normal loading conditions, the optimal distribution of the outlets will contribute to the tensile stress release in the
local zone of the dam stream surface and decrease the outlet cracking risk during the operation period. (2) Under the overloading
conditions, the cracks initiate around the outlets, then propagate along the horizontal direction, and finally coalesce with those
in adjacent outlets, where the yield zone of the dam has a shape of butterfly. Throughout this study, a dam outlet cracking risk
control and reinforcement principle is proposed to optimize the outlet design, select the appropriate concrete material, strengthen
the temperature control during construction period, design reasonable impounding scheme, and repair the cracks according to
their classification.

1. Introduction

Arch dam has been constructed for water storage reservoir
since early times such as the Kurit dam constructed in Iran
in the 13th century, the Elche dam in Spain in the 17th
century, and the Pontalto dam in Italy in the 17th century
[1, 2]. Since the middle of the 19th century, the number of
arch dams has greatly increased [1]. Nowadays, the arch dam
has attracted extensive researches in structural engineering
health monitoring [3–5], intelligent cracking control [6–8],
and computer simulation [9]. Design and optimization of
the arch dam and health monitoring of the dam structural
performance and behaviour under extreme loadings are
just being unfolded throughout these researches. China is
abundant in hydraulic resource, which is estimated to be
680 million kilowatt theoretically and 370 million kilowatt
available to be exploited. Both of them rank the first in the
world. For sustainable development of clean energy, a series of
super-high arch dams have been constructed in southwestern
China including the Xiaowan, Xiluodu, Jinping I, and Laxiwa

arch dams with heights of 294.5m, 285.5m, 305m, and
251m, respectively [10, 11]. Nowadays, the techniques for
constructing the general arch dam with a height less than
200m may become mature but the construction of the
super-high arch dam with a height of around 300m, such
as the Xiaowan, Xiluodu, and Jinping I dams, still faces
many challenges, for example, the cracking risk and integral
stability of the dam body and the reinforcement measure
and mechanical behaviour of the complex dam foundations
consisting of jointed or altered rock mass and atypical faults.
During the construction and service of the arch dams, cracks
may develop in the dam body due to internal and external
temperature variation, concrete shrinkage, differential abut-
ment foundation deformation, previous earthquake, or other
reasons [11–16]. Although these cracks may only propagate to
a limited depth in the dam body, theymay weaken the overall
loading capacity of the arch dams.

Moreover, the super-high arch dams tend to layout more
ancillary structures such as outlets for various purposes, for
example, flood discharging, sediment removal, silt scouring,
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(a) Vertical profile of the Goupitan arch dam in the downstream side
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Figure 1: Distribution of the outlets of the Goupitan arch dam.

and reservoir emptying, which are usually distributed in a
relatively high density in the dam body, as shown in Figure 1.
During the service of the super-high arch dams, stresses may
concentrate around the outlets causing cracking of the dam
body [15, 16], which poses further potential threats to the
integral stability of the arch dams. In the past, designers
mainly focused on the dam body [17, 18] but paid less
attention to the effects of the outlets on the integral stability
of the dams [19–25]. Although there are studies proving that
cracks around outlets have little effect on the integral stress
status and loading condition of the dam [11, 15, 23, 25], in the

long-term conditions, the pore water pressure may stimulate
the cracks around the outlets to propagate and coalesce with
those caused by other factors mentioned above, which may
result in greater risk to the integral stability of the super-high
arch dam.

Three kinds of theoretical analysis are adopted in liter-
atures to analyze effects of outlet cracking on the integral
stability of the super-high arch dams. (1) Plane stress analysis:
if the outlet opening is relatively small compared with the
whole dam body and the minimum distance between the
centre of the outlet and the dam foundation is not less
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than three times of the width of the outlet, only local stress
distributions of the dam will be affected by the outlet. Thus,
appropriate two-dimensional (2D) section of the outlet may
be selected for plane stress analysis. (2) Linear elastic analysis:
in the area where tensile stress exceeds the strength of
concrete, it is assumed that the concrete completely cracks
and reinforcement bar bears all the tensile stress. Linear
elastic analysis is usually suggested for the preliminary design
of the concrete dam and its components and usually leads
to a large safety factor in design [17, 18], which cannot
often guarantee construction quality and economic benefit.
(3) Nonlinear analysis: when induced tensile stress reaches
the tensile capacity of concrete, cracks appear in the dam
concrete, which causes part of the excess stress to be released
and the others are gradually shifted to the reinforcement bar.
In this case, the stress near the crack tip remains below the
tensile capacity of concrete. As the load increases, the existing
crack may further open and propagate. At the same time,
secondary and tertiary cracks may appear due to the bonding
effect between the reinforcement bars and the concrete when
stress in adjacent area reaches the tensile capacity of concrete
[26–32]. Three-dimensional (3D) numerical simulation is
probably the most popular nonlinear analysis method, which
has now been applied widely to analyze the integrity and
stability of the high arch dams [11, 12, 22, 25] and the
associated underground water transmission tunnels [28]. (4)
TheSaint-Venant principle: submodelmethod can be adopted
to analyze the dam outlets according to the Saint-Venant
principle, that is, when the actual load is replaced by an
equivalent load, stress, and strain only changes in the loading
area. The specific steps are as follows: (a) analyze the integral
model of the super-high arch dam using finite element
method with coarser mesh; (b) cut out a submodel with the
outlets from the integral model to establish a submodel with
finer mesh; (c) calculate the displacements of all points on
the boundary of the submodel by interpolating the results
from the step (a) and use the calculated displacements as the
initial boundary conditions of the submodel for the analysis
in the next step; and (d) analyze the submodel using the
finite element method analysis according to the boundary
conditions calculated from the step (c).

However, most of the analyses available in literatures are
conducted for the dams without sufficient considerations
of outlets, which lead to a large gap between the obtained
and actual stresses and/or displacements for the dams and
may adversely affect the dam design, construction, and
optimization processes. In sum, the effect of the outlets on
working condition of the super-high arch dam is still a blank
area worthy of further studies.

In this study, the status, reason, and consequence of the
outlet cracking in the Goupitan and Xiaowan super-high
arch dams are first discussed. The effects of the outlets on
the deformation, stress, cracking risk, and overall stability
of the Xiluodu super-high dam are then analyzed using a
finite element method. Finally, a dam outlet cracking risk
controlmethod is proposed on the basis of the outlet cracking
mechanism identified above to ensure the safety and stability
of the super-high arch dams.

2. Case Studies on Dam Outlet Cracking

2.1. Outlet Cracking at the Goupitan Arch Dam

2.1.1. Introduction to the Outlets in the Goupitan Arch Dam.
The Goupitan high arch dam (Figure 1) is constructed on
theWujiang River in Guizhou Province, southwestern China.
The dam is a double curvature concrete archwith amaximum
height of 230.5m, a ratio between thickness and height of
0.216, and a crest length of 552.55m. There are 6 flood dis-
charging upper outlets, 7 flood discharging middle outlets, 2
reservoir empting bottom outlets, and 4 temporary diversion
bottom outlets, as shown in Figure 1. The elevation level (EL)
of the upper outlets is 617m above the sea level and the size
of each outlet is 12m × 13m (width × height). The size of
the middle outlets is 7m × 6m. The numbers 1, 3, 5, and
7 middle outlets have plat bottom, and their entrances are
at EL 550m. The numbers 2 and 6 middle outlets hold an
exit jet angle of 25 degree and its entrance is at EL 543m.
The number 4 middle outlet holds an exit jet angle of 10
degree and its entrance is at EL 546m.The size of the control
section in the reservoir empting bottom outlets is 3.8m ×

6m and that in the temporary diversion bottom outlets is
6.5m × 8m. The entrance of the bottom outlets are at EL
490m. The upper surface of the outlets is built with C35
abrasion-resistant concrete, which extends from the surface
to 1-metre-deep inside.The reservoir empting bottom outlets
and diversion bottom outlets are built with C50 abrasion-
resistant concrete, and the transition zone of C50 and C18035
is built with the C35 concrete. C18035 is also used for the
construction of the temporary diversion bottom outlets, the
reservoir empting bottom outlets, and the flood releasing
middle outlets of nonspillways in the numbers 11 to 17 dam
monoliths.

2.1.2. Outlet Cracking Status. Three groups of defects were
discovered in the Goupitan concrete arch dam at the end of
May 2008.The first one was the peripheral fractures observed
near the number 1 reservoir empting bottom outlets, as
shown in Figure 2. The second one was the cracks near the
foundation corridor in the number 19 dam monolith. The
last was the cracks near the lift platform of the number
2 reservoir empting bottom outlets in the number 14 dam
monolith, as shown in Figure 3. Among them, the peripheral
fractures near the bottom outlets (Figures 2 and 3) have
the largest scale and most harm the integral stability of the
dam. Correspondingly, these cracks are classified, which are
summarized into Table 1 together with their characteristics
and subsequently adopted reinforcement measures.

Furthermore, the status of the peripheral fractures near
the reservoir emptying bottom outlets is highlighted here.
The first series of cracks appeared at the end of November
2006 in the surfaces of the number 13 dam monolith at EL
491m for the number 1 reservoir emptying bottom outlet and
the number 14 dam monolith at EL 497m for the number
2 bottom outlet, as shown in Figure 2 and Table 2. Crack-
limiting reinforced nets and chemical grouting pipe-system
are installed to control and repair these cracks. Besides them,
the other reinforcement method for the cracks mentioned
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Figure 2: Schematic sketch and photo of outlet cracking in the number 1 reservoir empting bottom outlet of the Goupitan arch dam.

hereafter includes filling in cracks using preshrinkagemortar,
drilling stress release hole, and installing double-layer crack-
limiting steel bar. After the construction of the bottom
outlets but before the grouting of the transverse joint in the
number 9 grouting zone (from EL 479.0m to EL 488.0m),
all the bottom outlets are examined and new second series
of cracks are found in the side walls and floors, as shown
in Figures 2 and 3(a) and Table 1. Then visual inspection
and water pressure test of transverse joints are carried on
all the bottom outlets and the sonic wave test is adopted for

deep investigation.The third series of cracks are identified, as
summarized in Table 1.

Moreover, there are local cracks in the numbers 1, 2, and
4 diversion bottom outlets which coalesce with the transverse
joints at a distance of about 10m from the upstream surface.
These cracks are rather long but the width is about 0.2mm.
The depth of the cracks in the floor and roof of the bottom
outlets is shallow, and themajorities of them are less than 1m.
However, the cracks in the side wall are somehow deeper and
the greatest depth is larger than 2.8m.
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Figure 3: Schematic sketch of outlet cracking in the number 2 reservoir empting bottom outlet of the Goupitan arch dam.

Table 1: Cracking characteristics and reinforcement measures of the numbers 1 and 2 reservoir emptying outlets in the Goupitan arch dam.

Outlets Series number Cracking depth (m) Cracking description Reinforcement measures
Max Min

Number 1
reservoir
emptying
bottom outlet

Crack series
number 1 0.3 0.3 Deck of the number 13 dam

monolith at EL 491m
Groove in cracking surface

Fill in cracks using
preshrinkage mortar

Embed grouting pipe
system

Drill stress release hole

Install double-layer
crack-limiting steel bar

Crack series
number 2

From EL 494m to EL 488m
along the number 13 dam
monolith

Crack series
number 3 1.1 0.7 Deck of the number 14 dam

monolith at EL 497m

Number 2
reservoir
emptying
bottom outlet

Crack series
number 1 1.5 0.3 Deck of the number 14 dam

monolith at EL 497m
Crack series
number 2

From EL 494m to EL 488 along
the number 13 dam monolith

Crack series
number 3 1.7 0.3

Deck of the number 15 dam
monolith at EL 490m
Deck of the number 15 dam
monolith at EL 494m

In sum, the number of cracks in the different outlets
ranges from 13 to 21 and the majority of them is longitudinal
(Figure 2(c)) according to the results from the crack inspec-
tion.

2.1.3. Reasons and Consequences of Outlet Cracking. Fol-
lowing the design requirements, the reservoir emptying
and diversion bottom outlets are constructed with the C50
concrete so as to improve their abrasion-resistance capacity.
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Table 2: Cracking characteristics and reinforcement measures of the middle outlets in the Xiaowan arch dam.

Location Crack
number

Depth of cracks (m) Cracking description Reinforcement measures
Max Min

Number 21
dam
monolith
(number 1
diversion
outlet)

21LF-1 1.2 0.3

Cracks are distributed at ring shape in the
dam monolith from EL 1012m∼1110m.
There are 19 cracks with length less than
3m in the left side wall of the number 1
middle diversion outlet at the
downstream side and 1 microcrack with
length smaller than 2.3m in the right
sidewall

Crackings around the diversion
middle outlets have been
inspected before August 2008. At
that time, these cracks did not
coalesce with the thermal cracks
caused due to temperature
gradients, which were not
completely identified. The
reinforcement measures were
cracking filing and surface
permeable-resistant coating

It was noted that cracks around
the diversion middle outlets have
coalesced with the thermal
cracks due to temperature
gradients till May 2009. The main
reinforcement measures include
chemical grouting, crack filling,
and surface permeable-resistant
coating, which are detailed as
follows

(1) Cracks are grooved and filled

(2) Surface permeable-resistant
coating: the surface of the dam
monoliths is coated using
impermeable polyurea with a
thickness of 4mm in 2m around
the cracks. For the area with the
dense fine cracks, the 2m is
counted from the crack located
in the boundary of the area

(3) Chemical grouting is applied
in the cracks which coalesce with
the thermal cracks due to
temperature gradients

21LF-2 1.7 0.3

In April 2009, a crack with a length of
29m along the flow direction was found
in the floor of the number 1 middle
diversion outlet at the upstream side,
which perpendicularly intersected with
thermal cracks due to temperature
gradients. No cracks were found in the
roof and side walls

Number 22
dam
monolith
(number
diversion
outlet)

22LF-1 1.1 0.3

Cracks are distributed in the number 22
dam monolith between ELs 1068m and
1098m but above the floor of the number
2 middle diversion outlet whose EL is
1065m

22LF-2
22LF-3 1 0.2

Cracks coalesce with surface cracks in the
number 2 middle diversion outlet. The
cracks 22LF-2 are distributed in the
number 22 dam monolith at ELs between
1013m∼1050m. The cracks 22LF-3 are
distributed above 5m∼7m below the
cracks 22LF-2
Large number of irregular microcracks
were observed to distribute in ring shape
in the floor, side walls, and roof of the
number 2 middle diversion outlet
between the thermal cracks 22LF-2 and
22LF-3 in the second-round inspection of
the outlets in February 2009.

22LF-4 1 0.3

The cracks lie in the downstream side of
the number 22 dam monolith between
ELs 972m∼1012m, which are expected to
intersect with the surface of the dam
monolith

Number 23
dam
monolith
(number 3
diversion
outlet)

23LF-1 1.7 0.5

The cracks are distributed in the number
23 dam monolith between ELs
1001m∼1108m and extend through the
number 3 middle diversion outlet

23LF-2 1.75 0.5

The cracks lie in the number 23 dam
monolith between ELs 977m∼1025m,
which extend till 1021m but have not
reached the floor of the number 3 middle
diversion outlet.

As we know that the concrete has poor conductivity, high
temperature gradients may be resulting in between the
interior and the surface of the concrete structural elements
or between parts of a concrete element during the sequential
pouring phases. The temperature gradients may lead to ten-
sile stresses, whichmay result in the young concrete cracking.

In the Goupitan arch dam, the large amount of cements,
the high temperature of hydration, and the hot weather in
July during the construction of the bottom outlets lead to
high temperatures inside the concrete. As the temperature
of the concrete drops down sharply later, stress due to the
temperature gradient of the concrete from inside to outside
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creates several cracks. As the time passes, the temperature of
the concrete decreases continually andmore andmore cracks
are appeared. In addition, if the conservation measures are
not perfect; for example, the external concrete has not been
suppliedwith sufficientwater; the concrete surfacewill shrink
generating further cracks. Actually, even if the upstream
water level reaches EL 590.0m, the resultant stresses at the
reservoir discharging bottom outlets in the Goupitan arch
dam are not more than the tensile or shear strengths of the
C50 concrete.Thus, it is not necessary to use the C50 concrete
during the construction of the abrasion-resistant layers of the
bottom outlet from the point of view of the actual diversion
capacity of the bottom outlets in the Goupitan arch dam.

In addition, the C35 concrete is used to construct the
dams in the transition zone from theC50 toC18035 concretes.
The shrinkage coefficients of the concretes differ from each
other, which further contribute to the outlet cracking.The 3D
finite element method was conducted by the design institute
to analyze the stress and deformation of the Goupitan arch
dam during the operation phases with and without outlet
cracking. It is found that the integral stability of the dam
is affected by the outlet cracking. The analysis results show
that the existence of the cracks in the bottom outlets has
little effects on the dam stress and displacement. During
the operation phase, compressive and shear stress of crack
is small, which indicates that the cracks will be closed and
shearing slip will not occur. Even if water pressures and
external loads are applied, the stress intensity factor at the tip
of the cracks surrounding the outlets is still smaller than the
fracture toughness 𝐾IC of the concrete, illustrating that the
crack will not continue to propagate.

2.2. Outlet Cracking at the Xiaowan Arch Dam

2.2.1. Introduction to the Outlet in the Xiaowan Arch Dam.
The Xiaowan arch dam (Figure 4) is constructed on the
Meigong River in Nanjian County, Yunnan Province, south-
western China, which is a double curvature concrete arch
dam with a maximum height of 294.5m and a dam crest
length of 905m. The Xiaowan arch dam is the highest arch
dam in operation in the world. As shown in Figure 4(a), three
types of outlets, that is, the upper surface, middle diversion,
and bottom exit outlets, are constructed in the Xiaowan
arch dam to meet the needs of construction diversion, water
impoundment, and generation of the first generation set.
The cross section of the two bottom outlets is rectangular,
each of them has a size of 6m × 7m, and their entrance
ELs are 1020m and 1050m, respectively. The three middle
diversion outlets are located in the numbers 21, 22, and 23
dam monoliths and numbered using the numbers 1, 2, and 3,
respectively, from left to right in Figure 4(a). The maximum
average diversion flow rate of single middle diversion outlet
is designed as 1884m3/s. The maximum average water flow
speed is 45m/s but it is 38m/s at the centre of the middle
diversion outlet. Taking the high speed and large amount of
the diversion flow, the middle diversion outlets should be
reinforced with fiber concrete. Below EL 1051m, surfaces of
the outlets are built with 0.6-metre-thick abrasion-resistant
C2840W9010F90150 concrete.

2.2.2. Outlet Cracking Status. The outlet cracking mainly
occurs in the middle diversion outlets in the Xiaowan arch
dam. Correspondingly, only the outlet cracking character-
istics and reinforcement measures of the middle diversion
outlets are summarized into Table 2. Since most of the cracks
in the middle diversion outlets coalesce with the thermal
cracks induced due to temperature gradient in the dam
monoliths, these cracks are collected and classified according
to the numbers of the dam monoliths in which the middle
diversion outlets are located, as shown in detail in Table 2.
Moreover, the distributions of outlet cracking in the number
22 dammonolith are depicted in Figure 4(b) while a snapshot
of cracking near the number 2 middle diversion outlet is
shown in Figure 4(c).

2.2.3. Reasons and Consequences of Outlet Cracking. Because
of the large displacement toward the upstream side of the arch
damwhen thewater through the diversion outlets exceeds the
designed amount, the large tensile stress near the upstream
surface may be the main cause of the outlet cracking in the
arch dam.

Cracks near the middle diversion outlets coalesce with
those thermal cracks due to temperature gradient, which
become the main source of water leakage. Our studies have
shown that if the pore water pressure in the crack reaches
0.5MPa, the crackmay propagate.The bigger the aspect ratio,
the smaller the pore water pressure needed for the crack to
propagate. Currently the pore water pressure of 1.1MPa in the
cracks has led to a large amount of water leakage through the
numbers 22 and 23 dam monoliths. If appropriate measures
could not be taken timely to cut off the water source, the
irregular cracks in the side wall of the outlets may propagate
continually under the repeated pressing of the pore water in
the cracks, which may harm the overall instability of the arch
dam.The correspondingly crack reinforcement measures are
listed in Table 2.

3. Effects of Outlets on Integral Stability of
the Xiluodu Super-High Arch Dam

3.1. Introduction to the Xiluodu Super-High Arch Dam. In this
section, effects of outlets on the working status of a 300m
high arch dam in theXiluodu hydropower station are studied.
The Xiluodu hydropower station is located on the Jinshajiang
River, Leibo county, Sichuan Province, southwestern China.
It is the second largest power station in the world and can
produce 13.86 million kW of power, which is close to the
capacity of the largest power station, that is, theThree Gorges
hydroelectric power station. The principal structures consist
of a double-curvature arch dam with a height of 285.5m and
a crest length of 603m, spillway, underground powerhouse,
and logway. The thickness of the dam is 14m at crest and
60m at the lowest foundation. There are 7 surface outlets, 8
deep outlets, and 10 diversion bottom outlets placed in the
numbers 12∼19 dam monoliths. The volume of the outlets
counts for 2% of that of the whole dam.

The rockmass strata in the reservoir basin are clastic rock,
carbonate rock, and basalt of Paleozoic, a small amount of
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(b) Schematic sketch of new cracks in the number 22 dam monolith near the number 2 middle diversion outlet since 2009
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(c) A snapshot of the number 2 middle diver-
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Figure 4: Cracking near the middle diversion outlets of the Xiaowan arch dam.

metamorphic rock of Presinian and dolomite of Sinian [33,
34].The depth of rockmass strongly unloaded due to the dam
construction is generally less than 10m. No strong weathered
rock masses are founded in the reservoir generally except
some thinweathering sandwiches located in some fault zones.
Fresh rock and weak weathered rock mass is integral overall,
which can mainly be classified as the type II rock mass.These
rockmasses have an acoustic velocity of 4800–5500m/s, good

uniformity, and weak permeability. Surface water drainage is
unobstructed, groundwater level stays low, and natural slope
has good stability.The foundation consists of several layers of
fine basalts (e.g., P2𝛽1 and P2𝛽2) with an average thickness
of about 25∼40m. The main weak zones are the interstrata
bedding planes C9, C8, C7, C3, C2, and C1 and the intrastrata
rupture belts Lc6 and Lc5 [24, 33].These weak zones are filled
with breccia, embedded sharp-angled fragments, coarse sand,
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and gravels, which are about 25mm thick. The foundation of
the dam is divided into a number of riverbed monoliths (e.g.,
from the numbers 14th to 19th monoliths), which are mainly
composed of the type III1 rock masses with a few type III2
rock masses at the elevations 324.5m and 328m. The type
III1 rock mass is either unweathered or a slightly weathered
basalt.The physical-mechanical properties of the rockmasses
are listed in Table 5. The type III2 rock mass accounts for
about 10∼50% of the left and right steep slopes of the dam
monoliths.

3.2. Numerical Model and Methodology. In this section,
three-dimensional nonlinear finite element method is imple-
mented to study the integral stability of the Xiluodu super-
high arch dam with and without outlets under normal load-
ing and overloading conditions. Some preliminary results
from these analyses were reported previously in a confer-
ence paper ([35]) to exchange ideas with peers and collect
feedbacks. However, this paper will focus on the nonlinear
finite element analysis method and effects of the outlets on
the deformation, stress, and integral stability of the Xiluodu
super-high arch dam while the conference paper just briefly
discussed the integral stability of the dam.

3.2.1. Nonlinear Finite Element Analysis with Drucker-Prager
Yield Criterion. The 3D finite element analysis adopts
Drucker-Prager (D-P) yield criterion, which can be expressed
in

𝑓 = 𝛼𝐼
1
+ 𝐽
1/2

2
− 𝐻 = 0, (1)

where 𝐼
1
is the first invariant stress, 𝐽

2
is the second invariant

stress, and 𝛼 and 𝐻 are material constants, which can be
determined according to

𝛼 =

3𝑡𝑔𝜑

√9 + 12𝑡𝑔
2
𝜑

, 𝐻 =

3𝑐

√9 + 12𝑡𝑔
2
𝜑

, (2)

where 𝑐 is cohesion and 𝜑 is friction angle. Equations (1)
and (2) also show that the D-P criterion and the M-C (i.e.,
Mohr-Coulomb) criterion have the same expressions for the
plane strain problem. In the 𝜋 plane, the D-P circle has the
intermediate values of circumstanced circle and inscribed
circle of the M-C hexagon. Nonlinear elastoplastic finite
element analysis can figure out conditions like plastic yield,
subcritical fracture, and unstable extension and plot the
unbalanced force and point safety factor contour in the
upstream and downstream surface of the dam.

The stress adjustment process in the nonlinear finite
element analysis with the D-P criterion can be listed as in
the following: stress and strain of the initial point is set to be
𝜎
0
and 𝜀
0
and 𝑓(𝜎

0
) ≤ 0. For a given load step or iteration,

the strain increment Δ𝜀 of the point can be obtained by
displacement method and correspondingly the stress can be
calculated using

𝜎
1
= 𝜎
1

𝑖𝑗
= D: (𝜀

0
+ Δ𝜀) , (3)

where D is the elasticity tensor. If 𝑓(𝜎
1
) > 0, then the stress

needs adjustment. If plastic strain increment of the loading

step or iteration is Δ𝜀𝑝, then the stress after adjusting can be
written using

𝜎 = 𝜎
𝑖𝑗
= D: (𝜀

0
+ Δ𝜀 − Δ𝜀

𝑝
) = 𝜎
1
−D:Δ𝜀𝑝. (4)

Transform the AC flow rule to incremental form approx-
imately, which can be written into

Δ𝜀
𝑝
= Δ𝜆

𝜕𝑓

𝜕𝜎

. (5)

Determine the representative value of 𝜕𝑓/𝜕𝜎 by 𝜎
1
using

𝑓 (𝜎) = 0, 𝜎 = 𝜎
1
− Δ𝜆D: 𝜕𝑓

𝜕𝜎








𝜎=𝜎1

. (6)

Then the stress after adjustment can be determined using

𝜎 = 𝜎
𝑖𝑗
= (1 − 𝑛) 𝜎

1

𝑖𝑗
+ 𝑝𝛿
𝑖𝑗
, (7)

where

𝑛 =

𝑤𝜇

√𝐽
2

, 𝑝 = −𝑚𝑤 + 3𝑛𝐼
1
,

𝑚 = 𝛼 (3𝜆 + 2𝜇) , 𝑤 =

𝑓

3𝛼𝑛 + 𝜇

,

(8)

where 𝐽
2
, 𝐼
1
, and 𝑓 can all be determined by 𝜎 and 𝜆 and 𝜇

are Lame constants, which can be expressed using

𝜆 =

𝐸]
(1 + ]) (1 − 2])

, 𝜇 =

𝐸

2 (1 + ])
. (9)

𝐸 and ] are Young’s modulus and Poisson’s ratio, respectively.
Stress increment of each incremental step or iteration can be
written in

Δ𝜎
𝑝
= 𝜎
1
− 𝜎 = 𝑛𝜎

1

𝑖𝑗
− 𝑝𝛿
𝑖𝑗
. (10)

3.2.2. Numerical Model and Analysis Cases. Figure 5 depicts
the numerical model for the Xiluodu arch dam, which
consists of the whole dam structural and the foundations
including faults and main weak zones such as the interstrata
bedding planes C9, C8, C7, C3, C2, and C1 and the intrastrata
rupture belts Lc6 and Lc5. The 3D finite element mesh
includes a vast area of abutments and its size is 1500m ×

1000m × 660m (length × width × height). The total number
of elements is 104785 with 6096 elements for dam body,
1890 elements for the surface outlets, 420 elements for the
side outlets, and 1890 elements for the bottom outlets, where
the dam toe block in the downstream side is marked using
brown colour, as shown in Figure 5(a).Thenumericalmethod
proposed in Section 3.2.1 was employed to perform the finite
element analysis and study the outlet cracking and failure
behaviour.

The 3D finite element nonlinear analysis was executed for
the Xiluodu arch dam in the following analysis cases.

(1) Case A: the whole dam under usual loads (i.e., the
hydrostatic pressure, silt pressure, and gravity) and
overloads (i.e., the hydrostatic pressure, silt pressure,
gravity, and two to six times upstreamwater pressure).
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Table 3: Physical-mechanical parameters of the rock masses and dam materials.

Materials Bulk density (t/m3) Deformation modulus (GPa) Poisson’s ratio Shear strength
𝐶
 (MPa) 𝐹



Dam concrete 2.40 24 0.167 5.0 1.70
Concrete of bottom outlets 2.40 32 0.167 5.0 1.70
Rock of class II 2.85 16.5 0.20 2.5 1.35
Rock of class III1 2.85 11.5 0.25 2.20 1.22
Rock of class III2 2.75 5.5 0.28 1.4 1.2

Table 4: Dam displacement at the downstream side along the river direction under various analysis cases (unit: mm).

Case Level position (m) 610 590 560 520 480 440 400 360 332

Case A
Left arch abutment 5.3 7.8 15.2 18.2 23.8 23.7 27.4 27.2 23.7

Arch crown 94.8 99.8 103.9 106.9 100.5 89.3 72.2 48.8 25.3
Right arch abutment 3.5 5.1 10.4 15.6 20.4 25.5 29.5 25.4 21.2

Case B
Left arch abutment 5.7 7.9 15.3 18.7 24.3 23.9 28.7 28.2 24.3

Arch crown 95.3 100.4 104.7 108.5 102.3 90.9 73.7 50.2 26.7
Right arch abutment 3.7 6.4 11.7 16.7 21.4 26.9 30.2 26.3 21.4

(a) Dam outlets and bottom block (analysis case A)

Bottom outlets

Middle outlets

Upper outlets

(b) Downstream snapshot of dam outlets

Figure 5: 3D mesh model of dam and outlets.

(2) Case B: dam without outlets, under usual loads and
overloads.

It should be noted that in the analysis case A, the existence of
sluice is not considered and there is no hydrostatic pressure
in the area of the outlets. Table 3 summarized physical-
mechanical parameters adopted by the numerical simulation.
The self-weights of the dam and abutments, the normal water
loads at the upstream and downstream sides of the dam, and

the temperature load are the main loads taken into account
during these analysis cases. The elevation height of the water
in the upstream side, the silt, and thewater in the downstream
side is 600m, 490m, and 378m, respectively.

3.3. Effects of Outlets on Dam Deformation. For the analysis
cases A and B, the displacement distribution in the upstream
sides of the dam under normal loads is illustrated in Figures
6(a) and 6(b), respectively.Moreover, the displacements at the
critical locations of the dam for the both analysis cases are
summarized in Table 4. Figure 7 depicts the variation of the
displacement at the dam crown for both analysis cases under
various overload conditions.

It is known from the numerical results that (1) under the
normal loading conditions, the maximum displacements of
the dam crown decrease slightly when the outlets are taken
into account. The maximum displacement decrease is about
1.6mm, as shown in Table 4.Thus, the outlets in the high arch
dam may help shift the arch thrust force to both abutments
and increase the transverse deformation. (2) The symmetry
of the displacement distributions is good for both analysis
cases A and B, which indicates that the dam abutments have
good overall stiffness. For the analysis case A, the maximum
displacements of the crown (Figure 7(a)), left arch abutment,
and right arch abutment along the river flow direction were
106.9mm at EL 520m of the downstream surface, 27.4mm
at EL 400m of the downstream surface, and 29.57mm at
EL 400m of the downstream surface, respectively. For the
analysis case B, the maximum displacements of the crown
(Figure 7(b)), left arch abutment, and right arch abutment
along the river flow direction were 108.5mm at EL 520m
of the downstream surface, 28.7mm at EL 400m of the
downstream surface, and 30.2mm at EL 400m of the down-
stream surface, respectively. (3) In the analysis case B, the dam
body shoulders greater pressures from the water and silt at
the upstream side. The carrying capacity of the arch fails to
increase relatively while that of beam becomes heavier. These
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Figure 6: Displacement contour along river direction under different analysis cases (normal loads).
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Figure 7: Crown displacement along river direction under various analysis cases (overloading condition).

factors contribute to the increase of the displacement of the
crown compared with the analysis case A.

3.4. Effect of Outlets onDam Stress Distribution. In the design
of the dam outlets, it is vitally important to investigate clearly
the stress distributions in both dam and outlet, especially in
the tensile zone at the roof, floor, and side walls of the outlets.
Correspondingly, the distributions of the major and minor
principal stresses at the upstream and downstream surface of
the dam are depicted in Figure 8 for the analysis cases. The
maximum tensile and compressive stresses of the dam and
outlets are summarized in Table 5 for the analysis cases A
and B under normal loading conditions, which include the
hydrostatic pressure, silt pressure, and gravity.

It can be seen from Figure 8 and Table 5 that (1) the values
of characteristic stresses such as the maximum tensile stress
and the maximum compressive stress from both analysis
cases are nearly the same, which indicates that though the
dam body in the analysis case B carries more pressure from
the water and silt in the upstream side because of ignoring the
existence of the outlets, this small proportion of incremental
pressure does not make much difference. The maximum
compressive stress at the downstream surface in the analysis
case B is 17.1MPa, which is 0.2MPa bigger than that from
the analysis case A. (2) As for the maximum tensile stress
at the upstream surface of the outlets, it is found that the
upstream surface of the outlets in the analysis case B is slightly
compressive while that in the analysis case A suffers from
some high tensile stress.The surface outlet in the analysis case
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Figure 8: The principal stress distribution (analysis case A; Unit: pa; “−” denotes compression stress, and “+” denotes tension stress).

Table 5: Characteristic stresses at various key locations from both the analysis cases A and B (Unit: MPa).

Location Content Case A Case B

Up stream surface
Maximal tensile stress of dam heel 0.67 0.85
Maximal tensile stress near left arch abutment 0.61 0.82
Maximal tensile stress near right arch abutment 0.1 0.1

Down stream surface
Maximal compression stress of dam toe 15.7 16.8
Maximal compression stress near left arch abutment 16.9 17.1
Maximal compression stress near right arch abutment 16.3 16.7

Upstream of bottom outlet
Maximal tensile stress of side wall −1 —
Maximal tensile stress of roof 0 —
Maximal tensile stress of floor −0.1 —

Downstream of bottom outlet
Maximal tensile stress of side wall 0.7 —
Maximal tensile stress of roof 0 —
Maximal tensile stress of floor 0 —

Surface outlets Maximum tensile stress in upstream surface 1.8 —
Maximum tensile stress in downstream surface 1.9 —

Middle outlets Maximum tensile stress in upstream surface 1.5 —
Maximum tensile stress in downstream surface 1.7 —

A is most likely to crack since the tensile stress there reaches
1.8MPa. (3) Under the normal loading condition, the optimal
distribution of the outlets in the arch dam will contribute
to the release of the tensile stress concentrated in the local
zone of the upstream surface and decrease the cracking risk
of the integral dam body during the operation period. At the
same time, stronger concrete and appropriate reinforcement

measures should be used in the area near the outlets. (4) The
results from the stress analysis and the displacement analysis
are consistent with each other. If the outlets are filled, the
elastic modulus of the filled outlets is increased, or the elastic
modulus of the dam body is increased, the load carrying
capacity of the arch dam improves significantly, especially in
the part where the middle and bottom outlets are located.
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Figure 9: The first/third principle stress distribution of bottom outlets under analysis case A.

However, the tensile and compressive stresses at the left and
right ends of the arch dam become larger.

Figures 9 and 10 show the distribution of the major and
minor principal stresses in various parts of the bottom outlets
from the analysis case A. It can be seen that the side walls and
the roof are mainly under compression during the operation
period but the tension stresses concentrate in the area close to
the upstream side of the roof. Compressive stresses dominate
the floor of the bottom outlets.

3.5. Effect of Outlets on the Integral Stability of the Arch Dam.
The yield process of the arch dam at ultimate limit states is
predicted by applying overloads on the dam in the analysis
cases A and B. Figures 11(a) and 11(b) depict the yield zones in
the horizontal sections of themiddle outlets when the applied
load is 6 times normal water load in the analysis cases A and
B, respectively, while the yield zones in the upstream and
downstream surfaces are shown in Figure 12. It can be seen
that the yield zones are located in the downstream surface of
the dam and showed a “butterfly” symmetrical distribution
(Figures 12(a) and 12(c)). Compared with the analysis case A,
the analysis case B generates a more widely distributed yield
zone and a higher yield value. Therefore, filling the outlets
decreases the carrying capacity of the dam body.

For the analysis case A under normal loads, there is no
yield zone occurring in either the upstream or downstream
surfaces. The factor of safety at various locations of the
upstream surface is between 2.0 and 5.0. It is discovered
from the sequentially overloading process that when the
applied load is two times the normal load, a small yield
zone appears in the heel of the upstream surface. As for the
downstream surface, the yield zone spreads quickly under
overload conditions and a large area becomes yield when the
applied load reaches 4 times the normal water load.

For the analysis case B under normal loads, there is
again no yield zone in either the upstream or downstream
surfaces. The factor of safety at various locations of the
upstream surface is between 2.0 and 5.0, too. The sequential
overloading process in the analysis case B shows that when
the applied load is two times the normal load, a small yield
zone appears in the dam heel while some big yield zone
appears in the downstream surface. As the times of the
applied overload increase, the yield zone in the downstream
surface spreads quickly. When the applied load reaches 3 or 4
times the normal water load, large yield zone appears in the
downstream surface and the arch dam enters into nonlinear
deformation stage, which indicates the beginning of the dam
destruction.

It can be seen from the analysis cases A and B that
the outlets are integral and help dam shoulder some load
although they relatively weaken the carrying capacity of
the arch dam. The initial cracking overload coefficient K1
is 2 and the ultimate overload coefficient is 6.5∼7. It is
obvious from above analyses that, under the overloading
conditions, the cracks initiate around the outlets, propagate
along the horizontal direction, and then coalesce in the area
between the adjacent outlets. The yield zone generated in
the dam under overloading conditions looks like a butter-
fly.

4. Outlet Cracking Mechanism and
Risk Control

4.1. Outlet Cracking Mechanism. Based on the case studies
on the outlet cracking in the Goupitan arch dam and the
Xiaowan arch dam presented in Section 2 and the numerical
simulation on effect of outlets on overall stability of the
Xiluodu arch dam introduced in Section 3, it can be seen
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Figure 10: The first/third principle stress distribution of bottom outlets under analysis case A.

that the following factors contribute to dam outlet cracking:
dam structural design, construction materials, thermal con-
trol, maintenance processes, and the impounding scheme.
Potential reasons of the outlet cracking can be summarized
as follows.

(1) ConcreteMaterials. Outlets are always part of the hydraulic
structures, which are usually built with stronger concrete
so as to improve the abrasion-resistant ability. However,
the stronger the concrete is, the more the cement is used,
which may generate the larger amount of hydration heat
and the higher temperature. All these factors set higher
requirements for the construction environment, temperature
control, and maintenance measures. Cracking may easily
occur once the temperature in the construction environment
changes sharply, for example, the drop of the temperature in
the late maintenance phase. In addition, if the concrete used

in the bottom outlets differs sharply from that used in the
surrounding dam body, that is, the shrinkage coefficients of
the two kinds of concretes vary greatly, the risk of cracking
still increase even if several different kinds of concretes are
used in the transition zone.

(2) Temperature Control and Maintenance. Temperature con-
trol and maintenance of the concretes used to construct the
outlets are relatively more complex than the other factors.
In addition to conventional measures of the temperature
control, the surface of the outlets has to be closed so as
to prevent them from impact of low temperatures caused
by cavern drafts flowing and water is kept to flow on the
surfaces of the dam body concrete. If the measures of the
temperature control and maintenance are not carried out
properly, thermal cracking may easily occur in the outlet
concrete due to temperature gradients.
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Figure 11: Plane section of yield zone in middle outlets under various analysis cases (6 times overloading).
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(d) Upstream surface under analysis case B

Figure 12: Yield zone in dam under various analysis cases (6 times overloading).

(3) Impounding Scheme. During the construction phase,
the water pressure in the reservoir influences the stress
distribution in the dam. If the reservoir water is stored too
early or toomuch, large tensile stresses may be induced in the
upstream surface, heel, and shoulder of the dam. If the water

storage is delayed, crackingmay easily be caused by the tensile
stress in the upstream face of the crown cantilever, which has
large upstream-tend displacement. Thus, reasonable storage
scheme should be figured out. During the construction phase
of the arch dam, the concrete structure above a certain
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elevation belongs to a beam structure instead of an arch
beam structure since the joints grouting of the arch dam only
happens after the temperature of the dam body drops to a
specified temperature.

(4) Design Scheme. Since the outlets may experience obvious
deformation and are prone to tensile stress, reinforcement
design is often required. Because of the complex structure and
the big size difference from the dam body to the outlets and
the effects on the outlets caused by the dam weight, water
pressure, temperature gradient, concrete creep behaviour,
and so on, the accurate analysis of stresses on the outlets
becomes very difficult. So, the design scheme itself alone
could not reduce the cracking risk effectively.

(5) Concrete Fracture Characteristics. According to the exper-
iment on fracture properties of full graded concrete used
in Xiluodu high arch dam, the initial fracture toughness of
the concrete with one month age is 0.3MPam1/2 in average,
the unstable fracture toughness is 1.225MPam1/2 in average,
and the cracking toughness is 448.257N/m in average. The
corresponding values of the concrete with three months of
age are 0.655MPam1/2, 1.387MPam1/2, and 470.600N/m,
respectively. Because of the low cracking-resistance ability
of the early concrete and the complex conditions in the
construction sites, the concrete dam is prone to generate
initial microscopic cracks, especially around stress concen-
trated area like the outlets. The analysis conducted above
shows that the cracks around the outlets have little impact
on the dam integral stress and displacement but these cracks
may propagate to coalesce with the interior temperature
cracks and traverse joints and become the main source of
the water leakage. The irregular cracks on the wall of the
outlet corridors may propagate under the high pore water
pressure in the cracks. Once these cracks propagate into
deep depth or through the foundation and their direction
is parallel to the axis of the dam, the consequences may
be unbearable. In this case, these cracks may harm the
dam structural integrity, change the stress condition of the
concrete structure, and damage some local dam structures.
Moreover, the durability of the concrete may be weakened.
Thus, the effects of the superposition of the thermal and
structural stresses on the integral stability of the dam allow no
ignorance.

(6) Outlet Cracking Risk. Based on the case studies on
outlet cracking in the Goupitan and Xiaowan arch dams, the
diversion outlet is prone to local stress concentration and
crack initiation due to hydration heat associated with the
exothermic chemical reactions in the fresh concrete. Thus,
the local reinforcement design is needed for the diversion
outlet, which will be discussed in the next section. During
the operation period, the stress and deformation distribution
around the outlet generally satisfy the operation requirement
of the dam under normal loading conditions. The outlets
mainly affect the overall stability of the dam under overload
conditions, especially when the yield zones occur around the
outlets under the overloading conditions.

4.2. Cracking Risk Control and Reinforcement

4.2.1. Experiences from Processing the Outlet Cracking in
the Goupitan Arch Dam. Based on the case studies and
the numerical modelling, crack reinforcement measures are
proposed to repair the outlet cracks in the Goupitan arch
dam.

As introduced in Section 2.1, the cracks inspected in
the Goupitan arch dam can be classified into four types as
shown in Table 1. Depending on the types of the cracks,
the cracking treatment measures include surface processing,
shallow processing, and deep processing.

(1) The surface processing is involved in brushing water-
proof materials on the cracks, which is suitable for the cracks
that have not gouged at the time of the inspection. (2) The
shallow processing is involved in sealing and backfilling the
cracks with preshrunk mortar and filling the grooved part
of cracks with imperial materials during the inspection. (3)
The deep processing is used to repair deep cracks, that is, to
use chemical grouting method to reinforce the crack. After
the chemical grouting, a site investigation should be done
to inspect the surfaces of the repaired cracks. Moreover,
the grouting quality should be examined by core-sample
drilling and hydraulic pressure tests in 28 days after the
chemical grouting.The samples from the core drilling should
be tested to obtain the compressive resistant capacity and
splitting resistant capacity besides the visual inspections.
The testing results of the Goupitan arch dam show that the
compressive resistant capacity of the sample taken from the
core drilling after the chemical grouting is more than 40MPa
and the splitting resistant capacity is more than 2.0MPa.
The hydraulic pressure tests are conducted using the holes
from the core drilling or those drilled alone and the pressure
of the injected water during the inspection is 0.2MPa. It is
found that the results from the hydraulic pressure tests satisfy
the judgment standard, which allows no more than 0.1 Lu
permeation rate. In addition, the deep sonic wave tests are
also conducted after the grouting is completed, whose results
are compared with those from the visual inspection and the
tests mentioned above so as to have a further examination of
the grouting quality.

4.2.2. Experiences from Processing the Outlet Cracking in the
Xiaowan Arch Dam. Theoutlet cracking in the Xiaowan arch
dam has been reinforced in two times. The reinforcement
measure in the first time is intended to repair the cracks
in the middle diversion outlets which happened before
August 2008. At that time, the cracks due to the temperature
gradients have not been observed and the cracks in the
middle diversion outlets have not coalesced with those due
to the temperature gradients yet.The reinforcementmeasures
include grooving the cracks and spraying impervious materi-
als on the surfaces of the cracks.

The reinforcements in the second time happened in May
2009, when several cracks in themiddle diversion outlets had
been found to coalesce with the cracks due to the temper-
ature gradients. The main reinforcement measures include
chemical grouting and grooving and spraying impervious
materials on the surface of the cracks, which can be detailed as
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follows: (1) grooving and backfilling with preshrunk mortar
immediately. (2) For the water leakage cracks, a 4mm thick
polyurea coating is sprayed in the scope of 2 meters around
the cracks. For the area with dense cracks, the 2m scope is
determined from the crack located in the edge of the area. (3)
Chemical grouting is applied in the cracks, which coalesce
with the thermal cracks due to the temperature gradients
inside the dam.

4.2.3. Principles for Outlet Cracking Risk Control and Rein-
forcement in the Super-High Arch Dam. In this section, a
reinforcement principle is proposed to control the outlet
cracking risk based on the reinforcement experiences of the
outlet cracking in the Goupitan and Xiaowan arch dams in
Sections 2, 4.2.1, and 4.2.2 and the numerical studies on the
effect of the outlets on the integral stability of the Xiluodu
arch dam in Section 3.

(1) Selection of Appropriate Concrete Materials. The dam
outlets are a hydraulic structure for water diversion, which
should be designed using the concretes with appropriate
strengths according to their flow rate. The concrete with
high strengths should not be used blindly. If the abrasion-
resistant capacity of the concrete is only to be improved, the
fibre-reinforced concrete may be used, which may reduce
the use of the cement then lower down the hydration heat
and alleviate the pressure from the temperature control.
If the outlet must be constructed using the high strength
concrete, whose expansion coefficient is much different from
that of the concrete used to construct the dam body, a
transition area must be constructed between the outlets and
the dam body using various types of concretes and the
expansion coefficients of the adjacent concretes should not
differ significantly.

(2) Strengthening Temperature Control during Construction
Period. The routine temperature control measures should
make sure that the temperature of the concrete in each
procedure satisfies the requirement including the concrete
mixing and pouring temperatures, the highest temperature
inside the concrete, and the temperature difference between
the inner and external surfaces of the concrete. The concrete
may be poured under low ambient temperatures such as
nighttime. Special temperature control measures may be
adopted for the bottom diversion outlets: (1) the concrete
started to pour from the outlets. The surfaces of the outlets
may be closed using curtain-style closed doors to prevent
the surface of the concrete from the wind blowing through
them, which may reduce the temperature of the concrete,
result in too high temperature gradient, and induce thermal
cracking. (2) When the mould at the sidewalls of the outlet
is dismantled, thermal insulation quilt with 2 cm thickness
should be installed to maintain the temperatures there. (3)
Canvas insulation frame is installed at the upstream and
downstream sides of the outlets to maintain the temperatures
when the outlets are formed. (4) When the construction of
the floor of the bottom diversion outlet is finished, water
flow is used to maintain the temperatures there, which may

be replaced with watering in 1 or 2 days after the highest
temperature of the poured concrete appears.

(3) Reasonable Impounding Scheme.The impounding scheme
should make sure that the reservoir is impounded with water
as early as possible when the stress state and the point factor
of safety of the dam body and the outlets satisfy the design
requirements. In this case, the height of the cofferdam can be
reduced as low as possible and the electricity can be generated
as early as possible.

(4) Optimizing Outlet Design. The outlets should be designed
to reduce the size of the tensile stress, which may appear
near the outlets, and the area of the outlet, which may
be under tension, in order to reduce the reinforcement as
far as possible. The potential engineering measures may
include changing the shape of the outlets, grouting the
transverse joints, filling and pressuring the transverse joints,
and preloading and grouting aggregates. Moreover, physical
model testing and numerical modelling may be conducted to
study the stress and strain characteristics of the outlets, the
progressive development of the outlet crack initiation, prop-
agation and coalescence, and the nonlinear reinforcement
method for the outlets.

(5) Outlet Cracking Classification and Reinforcement. Based
on the case studies and numerical simulations conducted
above and the arch dam design code, the outlet cracking
can be classified and reinforced according to the following
engineering procedure: cracking investigation → causes of
cracking and cracking category analysis → hazard evaluation
and classification → patching treatment → inspection and
acceptance.

5. Conclusions

This paper first conducts two case studies on the outlet
cracking in theGoupitan andXiaowan arch dams by focusing
on the current statuses, reasons, and potential consequences
of the dam outlet cracking. Then, effect of outlets on the
integral stability of the Xiluodu super-high arch dam under
normal loading and overloading conditions is studied using
3D nonlinear finite element method. After that, the outlet
cracking mechanism and risk control are discussed on the
basis of the two case studies andnumericalmodelling. Finally,
a reinforcement principal is proposed to control the dam
outlet cracking risk.The following conclusions can be drawn.

(1) Special attention should be paid to the effects of the
outlets on the working conditions of the super-high
arch dam. It is found that the outlets decrease the
upstream pressure of water and sand/silt and the dam
stress, longitudinal displacement, and transverse dis-
placement.Themaximumreduction ratio can be 35%.
Thus the outlets may harm the structural continuity
of the arch dam, weaken the carrying capacity, and
decrease the load pressing on the dam surface.

(2) Under normal loading conditions, the optimal dis-
tribution of the outlets will contribute to the tensile



18 The Scientific World Journal

stress release in the local zone of the stream sur-
face and decrease the cracking risk under operation
period. Under overloading conditions, cracks initiate
around the outlet then propagate along horizontal
direction, and finally coalesce with the adjacent outlet
cracks. The yield zone of the dam has a shape of a
butterfly. The integral bearing capacity of the dam
may increase about 20% if the elastic modulus of the
concrete used for the outlet increases.

(3) The outlet cracking is caused by many factors includ-
ing the concrete materials, temperature control and
maintenance, impounding scheme, and dam design
scheme.

(4) A reinforcement principle is proposed to control the
outlet cracking risk through selecting the appropriate
concrete materials, strengthening the temperature
control during construction period, designing rea-
sonable impounding scheme, optimizing the outlet
design, and classifying the outlet cracking for various
reinforcement measures.
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[13] É. G. Gaziev, “Inclines of horizontal sections of Sayano-
Shushenskaya arch-gravity dam,” Power Technology and Engi-
neering, vol. 46, no. 3, pp. 181–184, 2012.

[14] H. S. Shang, T. H. Yi, and L. S. Yang, “Experimental study
on the compressive strength of big mobility concrete with
nondestructive testing method,” Advances in Materials Science
and Engineering, vol. 2012, Article ID 345214, 6 pages, 2012.

[15] C. Jin, M. Soltani, and X. An, “Experimental and numerical
study of cracking behavior of openings in concrete dams,”
Computers and Structures, vol. 83, no. 8-9, pp. 525–535, 2005.

[16] P. Lin, T.H.Ma, Z. Z. Liang, C.A. Tang, andR.K.Wang, “Failure
and overall stability analysis on high arch dam based on DFPA
code,” Engineering Failure Analysis, 2014.

[17] The Professional Standards Compilation Group of People’s
Republic of China, “Design criteria for concrete arch dam,”
Tech. Rep. DL/T5436–2006, National Development and
Reform Commission of the People’s Republic of China, Beijing,
China, 2007.

[18] United States Department of the Interior, “Design criteria for
concrete arch and gravity dams,” U.S. Government Printing
Office, Washington, DC, USA, 1977.
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It is essential to construct structural health monitoring systems for large important bridges. Zhijiang Bridge is a cable-stayed
bridge that was built recently over the Hangzhou Qiantang River (the largest river in Zhejiang Province). The length of Zhijiang
Bridge is 478m, which comprises an arched twin-tower space and a twin-cable plane structure. As an example, the present study
describes the integrated systemof structural healthmonitoring and intelligentmanagement for ZhijiangBridge, which comprises an
information acquisition system, data management system, evaluation and decision-making system, and application service system.
The monitoring components include the working environment of the bridge and various factors that affect bridge safety, such as
the stress and strain of the main bridge structure, vibration, cable force, temperature, and wind speed. In addition, the integrated
system includes a forecasting and decision-making module for real-time online evaluation, which provides warnings and makes
decisions based on the monitoring information. From this, the monitoring information, evaluation results, maintenance decisions,
and warning information can be input simultaneously into the bridge monitoring center and traffic emergency center to share the
monitoring data, thereby facilitating evaluations and decision making using the system.

1. Introduction

In recent years, the designs of bridges have tended to
become more flexible, where their form and function are
increasingly complex. Thus, guaranteeing the safety of these
bridge structures is an important issue. Safety monitoring
is expensive but it is not possible to guarantee the safety
of a bridge based only on inspections and maintenance. At
present, structural health monitoring (SHM) techniques are
becoming important for guaranteeing the safety of bridge
structures, especially for the large-span bridge structures.
Thus, SHM techniques are key research areas in the academic
and engineering domains [1]. SHM techniques have been
developed extensively and various mature technologies are
in use in large-span bridges, including the Hakucho Bridge
in Japan [2], Bill Emerson Memorial Bridge in the USA [3],
Jindo Bridge in South Korea [4], Tsing Ma Bridge and Ting
KauBridge inHongKong [5], and SutongBridge and Jiangyin

Changjiang River Bridge in China. These systems guarantee
the safe operation of the bridge and the life spans of bridges
are extended using various methods [6–9]. At the same time,
through finding the damages of bridge timely, the cost of
maintenance can be reduced considerably and the losses due
to traffic closures during active maintenance can also be
avoided [10]. In recent years, the application of devices such as
wireless sensors and GPS [11, 12] to large-span bridge health
monitoring has addressed the problem of inconvenient wired
sensor placement and facilitated the construction of SHM
systems and the long-term monitoring of large-span bridges
[13–16].

In the present study, the integrated system of structural
health monitoring and intelligent management of Zhijiang
Bridge in Hangzhou City, China, is used as an example to
illustrate the overall system and the four functional sub-
systems used in a SHM, that is, an information acquisition
system (IAS), data management system (DMS), evaluation
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Figure 1: Photograph of Zhijiang Bridge.

and decision making system (EDS), and application service
system (ASS). This study provides a reference to facilitate the
construction of SHM systems for other bridges.

2. Bridge Description

Zhijiang Bridge is located in Hangzhou, China, where it
crosses the Qian Tang River and it is a two-arched tower
and twin-plane cable-stayed bridge (Figure 1), where the
combined span is 116 + 246 + 116 = 478m. The bridge
structure employs a half-floated system. The bridge tower
is an arched steel structure where the central axis has an
elliptical curve, the height of the tower is 90.5m, the central
width of the tower is 44.4m, and the width of the pylon in the
lateral direction is 3.6m. The pylon exhibits linear variation
up and down in the vertical direction, where the width at
the top of the tower is 4.0m and the width at the bottom
of the tower is 6.0m. Apart from the slabs around the tower
section, it was designed as two webs in the vertical direction
and it comprises a single-box/three-cell section.The distance
between the transverse diaphragms in vertical direction is
ca 1.75–2.0m. The transverse diaphragm that corresponds to
the panel on the horizontal beam of the tower was designed
in the horizontal direction, whereas the other transverse
diaphragmswere designed in the vertical direction.The beam
of the main bridge is a streamlined steel box girder, which is
single-box and multiple-cell, where the two sides comprise
wind fairings and sideways, the height of the beam is 3.5m
(the outer size of the box), the full width is 41.36m (including
the wind fairing), and the thickness of the top slab is 16mm.
There were totally 88 cables in the bridge, which consists of
epoxy coating unbounded steel strand. The top of the cable
was anchored at the anchor box of tower and the bottom was
anchored at the steel anchor box of main beam.

3. Bridge Monitoring System

Zhijiang Bridge is a two-arched tower and cable-stayed
bridge, which has the largest span, the highest steel arch
tower, and the widest bridge floor of this type of bridge.
The main characteristics of the bridge include the complex
structural system and mechanical properties, the design
and construction of the arched steel tower lack technical
standards, the high variable range of the cable-stayed angle,
and the connections between the steel tower and the pile

cap are anchored by bolts. Thus, it was necessary to build
a SHM system for Zhijiang Bridge to meet the operational
management needs, improve the level of prealarm security,
enhance the efficiency of maintenance management, and
facilitate scientific and effective operational management.
The core tasks of the SHM system are to determine the
environmental load, structural response, partial damage,
and other information, as well as to obtain security state
information for the traffic and structure based on a com-
prehensive assessment of this information, thereby ensuring
the structural safety and efficient and economic operational
decision-making to provide complete technical support.

The integrated systemof structural healthmonitoring and
intelligent management used by Zhijiang Bridge comprises
four functional sub-systems, that is, IAS,DMS, EDS, andASS.
IAS is a lower level system that includes a data monitoring
subsystem and maintenance management subsystem. DMS
and EDS are middle level systems, where the former includes
a data management subsystem and the latter includes a
structural state evaluation subsystem and a maintenance
management and security prealarming subsystem. ASS is the
upper level system that includes a user interface subsystem.
Using wired fiber communication and direct inputs, the
IAS exchanges data with the DMS according to acquisition
rules. In addition to the summarizing, filing, storage, and
management of data, the DMS also provides necessary data
support for the EDS, as well as providing data queries for the
ASS. The structural state evaluation subsystem of the EDS
provides analytical results that facilitate decision making and
prealarming maintenance management, where the security
prealarming subsystem feeds back to the ASS.

Figure 2 shows the overall workflow of the integrated
system of Zhijiang Bridge. The DMS and EDS form the
interface with the Expressway Monitoring Advisory System
(EMAS) of Hangzhou City. The monitoring information,
evaluation results,maintenance decisions, andwarning infor-
mation related to the bridge can be input simultaneously
into the monitoring center of Zhijiang Bridge and the Traffic
Emergency Command Center of Hangzhou City, thereby
sharing the monitoring data and decisions generated by the
system.

3.1. Design and Implementation of the IAS

3.1.1. Sensor Systems. Depending on the aims of SHM, the
sensor module design mainly comprises the sensor type,
monitoring positions, and the number of the monitoring
point. The sensor module in the data monitoring subsystem
of the SHM system used by Zhijiang Bridge includes
work environment monitoring (wind load, environmental
temperature, humidity, rainfall, visibility, temperature and
humidity of the steel box girder and steel arch tower, and
vehicle load), structure spatial deformation monitoring,
bridge alignment monitoring, section stress monitoring,
fatigue and welding crack monitoring, and vibration
monitoring in the steel arch tower and steel box girder,
impact force monitoring in the bridge pier, earthquake
response monitoring, cable force monitoring, and anchor
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force monitoring in the steel-concrete joint segment. The
numbers of sensors and their layout are shown in Figure 3.

Work Environment Monitoring

(1) Monitoring the Wind Load, Environmental Temperature,
Humidity, Rainfall, andVisibility.Themiddle span of Zhijiang
Bridge is obviously affected by the wind, where the variation
in the internal force is greatest during simulations where
the system temperature increases and decreases. Thus, there
are monitoring points for the wind load, environmental
temperature, and humidity on the middle main span of the
bridge.Themonitoring instrument is fixed to the bridge floor
of the steel box girder on the downstream side of the main
span of the main bridge via a stainless steel column, which is
located on the outside of a side guardrail.

A professional meteorological station (Lufft) is used
to monitor the atmospheric temperature and humidity,
visibility, wind speed and direction, and rainfall. Figure 4
and Table 1 show images and the technical specifications of
the instrument, respectively.

(2) Temperature and Humidity Monitoring on the Steel Box
Girder and Steel Arch Tower. The structural components
of the main Zhijiang Bridge are steel box girders and steel
arch towers. The environmental temperature and humidity
is high around the bridge site, so the steel box girders
and steel arch towers are readily corroded. A ventilation

and dehumidification system is present inside the steel
structure of the bridge, which can control the temperature
and relative humidity inside the steel box girder and
steel arch tower. However, in extreme high temperature
or extreme high humidity weather conditions, or during
sudden power failures, the humidity will increase inside the
steel structure, which will affect the durability of the steel
structure. Therefore, a temperature and humidity sensor
is placed in an appropriate position inside the steel box
girders and the steel arch towers, which monitor the changes
in temperature and humidity. Based on the structural
characteristics of the steel box girders and the steel arch
towers, two sections of steel box girder and four sections of
steel arch tower at the junction of steel box girder and steel
arch tower have a hygrothermograph. A networked-edition
DSR temperature and humidity recorder is used to monitor
the temperature and humidity of the steel box girder and
steel arch tower, a photograph of which is shown in Figure 5
and themain technical specifications are presented in Table 2.

(3) Vehicle Load Monitoring. Vehicle load monitoring must
be performed in real-time and the accurate axle loads of
passing vehicles need to be determined in a dynamic state,
including calculating the vehicle weight and obtaining the
license plate numbers of overweight vehicles, which are used
to assist the management and control of overweight vehicles
by the bridge management department. Therefore, a Weigh-
in-Motion system with a video capture function is used to
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Figure 3: Layout of sensors on Zhijiang Bridge.

Figure 4: Meteorological station.

monitor the vehicle load. The bridge is bidirectional with six
lanes, so the Weigh-in-Motion system needs to monitor six
points in total.

The Weigh-in-Motion system used to monitor the traffic
load is manufactured by TDC Systems (UK), which is a well-
known producer of international instruments for intelligent
traffic monitoring. The main instrument parameters are
shown in Table 3.

Spatial Structure Deformation Monitoring. Finite elements
analysis of Zhijiang Bridge showed that the spatial
deformation in the top of the steel arch tower and steel
box girder in the middle main span was the largest with
different load combinations. Thus, a Global Position System

(GPS) is used to monitor the spatial deformation at these
sites. Two GPS sensors are positioned at the top of the east
and west steel towers, and two GPS sensors are located
upstream and downstream of the steel box girder in the
middle main span. GPS (Trimble, USA) sensors are used for
spatial deformation monitoring on the steel arch towers and
steel box girders on Zhijiang Bridge (Figure 6). The same
brand of GPS sensor is used to monitor a number of major
projects in China, such as Hangzhou Bay Bridge, which is
the longest ocean-crossing bridge in the world. The main
technical specifications of the GPS sensors are shown in
Table 4.

Bridge Alignment Monitoring. The positions with the
maximum variation in the displacement of the main beam
with various load combinations are the middle main
span and the middle side span, and the variation in the
displacement of the quarter-point of the main span is also
high. Thus, these are all important points for monitoring
the alignment of Zhijiang Bridge. Subsidence points on the
pier tops are also monitored in addition to monitoring the
alignment of the main bridge network. The east approach
of Zhijiang Bridge is a continuous beam of 60 + 11 × 86 +
60m, which is as important as the main bridge in terms
of the risk of damage. A three-span structure of the main
bridge on the Dongfei navigation channel is used as the
key monitoring point, where alignment monitoring sensors
are positioned in the middle span of the approach and on
the pier tops on both sides of the main span. Based on
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Table 1: Meteorological station technical specifications.

Parameter Technical specifications
Wind speed Measurement range: 0–60m/s; resolution: 0.1m/s; precision: ±0.3m/s
Wind direction Measurement range: 0–359∘; resolution: 1∘; measurement accuracy: <±3∘

Temperature Measurement range: −20∘C to 70∘C; measurement accuracy: <±0.2∘C
Relative humidity Measurement range: 0–100% RH; measurement accuracy: <±2% RH
Rainfall Measurable raindrop size range: 0.3–5mm; resolution: 0.01mm
Visibility Measurement range: 10–20000m; resolution: 0.1m; precision: +2%

Figure 5: Hygrothermograph.

Table 2: Hygrothermograph technical specifications.

Project Technical specifications

Temperature Measurement range: −20∘C to 70∘C;
measurement accuracy: <±0.2∘C

Relative humidity Measurement range: 0–100% RH;
measurement accuracy: <±2% RH

the characteristics of Zhijiang Bridge, as well as economic,
convenience, stability and durability considerations, a
hydrostatic level gauge is used for alignment monitoring
(Figure 7) and its technical specification are shown in Table 5.

Stress, Fatigue, andWelding CrackMonitoring.Thehigh-stress
sections on the steel box girders of the double-towered, cable-
stayed bridges are generally present in the middle of each
span, the juncture of a box girder and a cable tower, and the
load-bearing position. The high-stress sections of the cable
tower are generally present at the bottom of the cable tower
and the juncture of the cable tower and steel box girder.
Therefore, the sections in themiddle of each span of themain
bridge, the quarter-point of the main span, and the pier tops
are used to monitor the steel box girder stress, fatigue, and
welding cracks (Figures 8 and 9). As shown in Figure 10,
the sections at T0, T1, and T7, the top of the tower, and the
steel horizontal beam of the steel arch tower were selected to
monitor stress and welding cracks in the steel arch tower.

According to the analysis of the structure with different
vehicle loads, the stress on the box girder top slab in
the lateral direction is relatively high at the longitudinal
diaphragm and that in the longitudinal direction is relatively
high at the web. The monitoring points selected in this
section were based on the layout of the bridge to ensure
continuous monitoring. Strain gauges are used to monitor

Table 3: Weigh-in-Motion system technical specifications.

Parameter Technical specifications
Speed range 0∼180 km/h
Traffic counting accuracy ±0.1%
Average speed accuracy ±1.5%
Gross vehicle weight accuracy ±3%

GPS

Figure 6: GPS sensor.

Strain (Figure 11), the number of sensors in each monitoring
position is shown in Table 6 and the specifications are shown
in Table 7.

Structural Temperature Monitoring. The main aims of struc-
tural temperature monitoring are to facilitate temperature
compensation during stress monitoring and to determine the
temperature ranges of key sections. Thus, the sections used
for temperature monitoring are the same as those used for
stress monitoring. Optical fiber grating temperature sensors
are used for structural temperature monitoring, where the
measurement range is −20∘C to 70∘C and the measurement
precision is less than ±0.2∘C. The positions and the number
of monitoring points are shown in Table 8.

Structural Vibration Monitoring. Structural vibration moni-
toring includes monitoring vibrations in the steel arch tower
and the steel box girder, as well as the impact force on
the bridge pier and earthquake responses. The vibration
monitoring points on the steel box girder aim to ensure the
maximummodal matrix type of the structural displacement.
Therefore, the vibration sensors are positioned in the middle
of each span, the quarter-point of the main span, and the
pier tops on both sides of the main span of the steel box
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Table 4: Technical specifications of the GPS sensors.

Parameter Technical specifications

Static long baseline solution precision Horizontal: 3mm + 0.5 ppm
Vertical: 6mm + 1 ppm

Fast static baseline solution precision Horizontal: 5mm + 0.5 ppm
Vertical: 10mm + 1 ppm

Dynamic point baseline solution precision Horizontal: 10mm + 1 ppm
Vertical: 20mm + 2 ppm

Control function Real-time RTK function, with a maximum sampling frequency of ≥5Hz
Transmission performance Real-time automatic collection, 24 h without exception
Working environment Receiver and terminal: −20∘C to 50∘C; antenna: −40∘C to 50∘C

Figure 7: Hydrostatic level gauge.

Table 5: Technical specifications of the hydrostatic level gauge.

Parameter Technical specifications
Measurement range ±300mm
Measurement accuracy ±0.5% FS
Sensitivity 0.05 FS
Operating temperature −20∘C to 80∘C
Protection class IP67

girder to monitor the vibrations of the steel box girder. To
monitor the impact force on the bridge pier, the top of the pile
cap of each navigable span is used as a vibration monitoring
point. In addition, a vertical vibration sensor is placed at the
same position to monitor the impact force and earthquake
responses.The vibration sensor is shown in Figure 12 and the
sensor layout is shown in Table 9.

Acceleration sensors are used to monitor vibrations of
the steel arch tower and steel box girder, the impact force
of the bridge pier, and earthquake responses, where the
measurement range is ±2 g, the range of the frequency
response is zero to 100Hz, the dynamic range is >120 dB, and
the working temperature range is from −20∘C to 80∘C.

Cable Force Monitoring. The cable is the main component of
a cable-stayed bridge, which transfers the weight of the main
girder and the live load on the deck to the main tower. The
cable force is an important parameter of a cable-stayed bridge.

Strain sensor(8)

Strain sensor(8)

Strain sensor(4)

N0 NL6NA6NA11
Strain sensor(4)Strain sensor(4)

Figure 8: Stress and fatigue monitoring points on the box girder.

Strain sensor(4)

Strain sensor(4)Strain sensor(4)

NL6NA6

Figure 9: Welding crack monitoring points on the box girder.

Thus, it is important to enhance cable force monitoring to
evaluate the working status of the cable and to analyze the
stress state of a cable-stayed bridge. The amplitude value of
cable must be controlled within a certain range to ensure the
flexural strength of the cable, fatigue strength, and safety of
users. Therefore, amplitude monitoring must form the basis
of cable tension monitoring. The cables with the maximum
stress under different load combinations and the maximum
variation in stress under live loadings are used for cable
tension monitoring.

Acceleration sensors are used to monitor the tension of
stayed cables (Figure 13), where the measurement range is
±10 g, the range of the frequency response is zero to 100Hz,
the dynamic range is >80 dB, and the work temperature is
−20∘C to 80∘C. The positions and numbers of sensors are
shown in Table 10.

Anchor Force Monitoring. In Zhijiang Bridge, the reliability
of the juncture of the steel tower, concrete bearing, and
foundation is the key to guaranteeing the structural safety
of the whole bridge. This is because the static disequilibrium
of the steel tower in a horizontal direction, the dynamic
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Figure 11: Strain gauges.

response to wind load and earthquake, and the connection
between the steel tower and the bearing would be damaged
by a major horizontal force and bending moment. Thus,
the juncture of steel and concrete is the key to transmitting
the force in a smooth and stable manner. An anchor is
used to connect the main tower and the cap of Zhijiang
Bridge.The pretightening force of the anchor directly reflects
the operational status of the juncture segment of steel and
concrete. Thus, it is necessary to monitor the variation in the
anchor force in real-time.

To guarantee the stability and durability of anchor force
monitoring at the juncture of steel and concrete, fiber grating
strain sensors are used and the total number of monitoring
points is 32.

3.1.2. Data Acquisition and TransmissionModule. The overall
design of the data acquisition and transmissionmodule com-
prises the components of the module and the functional flow
of each component. The data preprocessing and temporary
storage systems must meet the functional requirements of

Table 6: Strain sensor arrangement.

Monitoring position Number
Midsection of the main span 12
1/4, 3/4 section of main span 24
Midsection of the side span 24
Section of steel box girder at each pier top 16
T0, T1, and T7 and top section of steel arch tower 56
Section of the lateral steel beam 16
Section of the approach 100

Table 7: Technical specifications of the strain sensor.

Parameter Technical specifications
Measurement range ±2000𝜇𝜀
Resolution ±1 𝜇𝜀
Measurement accuracy ±2-3𝜇𝜀
Strain sensitivity 1.18–1.22 pm/𝜇𝜀

the data acquisition and transmission module. Thus, a low-
level instrument must be installed in the field. The data
acquisition and transmissionmodule comprise an acquisition
facility, transmission facility, and data preprocessing and
temporary storage facility. The data transmission modes
between the sensor and acquisition facility and between the
acquisition facility and low-level instrument are wireless and
wired transmission, respectively. To improve the stability
of the data transmission in the SHM system, wired data
transmission is used between the sensor and acquisition
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Table 8: Position and number of temperature monitoring points.

Monitoring position Sensor type Number
Midsection of the main span Temperature sensor 2
1/4, 3/4 section of main span Temperature sensor 4
Midsection of the side span Temperature sensor 4
Section of the steel box girder at each pier top Temperature sensor 8
T0, T1, and T7, and top section of steel arch tower Temperature sensor 32
Section of the lateral steel beam Temperature sensor 4
Section of the approach Temperature sensor 14

Figure 12: Vibration sensor.

Table 9: Layout of the vibration sensors.

Monitoring position Sensor type Number
T0, T7, and top section of tower Vibration sensor 10
Top of the pile cap of each
navigable span Vibration sensor 8

1/4, 1/2 section of the main-span,
1/2 section of the side-span, and
section of the pier top

Vibration sensor 8

facility, and between the acquisition facility and the low-
level instrument. Monitoring points are present all over the
main bridge and the approach near the main bridge, so
the transmission distance from some far-end sensors to the
low-level instrument would be very long if only one low-
level instrument was used, which would affect the efficiency
and quality of data transmission. Therefore, two low-level
instruments are positioned in the steel box girder section at
the junctures of two steel arch towers and the steel box girders
on the main bridge. Data are transferred between the low-
level instruments and themonitoring center via an embedded
optical communication cable.

Figure 14 shows the function flow during data acquisition
and transmission. All of the different types of sensors are
connected via an anti-interference shielding line and the
corresponding acquisition facility. All of the acquisition
facilities are connected to an industrial control computer
via LAN and an Ethernet switch, which comprise the field
data acquisition and transmission network. The Ethernet
switch is also connected to an Ethernet switch in the bridge

Figure 13: Acceleration sensor.

Table 10: Positions and numbers of acceleration sensors.

Monitoring positions Number
1, 1, 11# cables in the side-spans of the east and west sides 12
1, 7, 11# cables in the main-span of the east and west sides 12

monitoring center via optical fiber communication wires and
cables, which forms a data transmission network between the
bridge and monitoring center. The relationship between the
industrial control computer and the ethernet switch is a one-
to-one correspondence, where two groups are present in the
steel box girder section under the two main towers of the
bridge. The acquisition facilities for stress, temperature, and
vibration are integrated into the steel box girder section under
the two main towers of the bridge. The transmission distance
is longer than 200m, so to guarantee highly synchronized
vibration acquisition, theGPS clock is used for clock synchro-
nization between the two acquisition stations for the stress,
temperature, and vibration sensors.

3.1.3. Software System. The design of the system software
must meet the needs for data acquisition and transmission
control, maintenance checking data management, data com-
prehensive management, data analysis and status evaluation,
maintenance decision and safety prealarming, and user
management. According to the requirements for function
monitoring, the software is divided into data acquisition and
transmission software, maintenance management software,
center database software, structural status evaluation soft-
ware, maintenance decision and safety prealarming software,
user interface software, and other components. The data
acquisition and transmission software includes an acquisition
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instruction module, parameter setting module, data prepro-
cessing module, abnormal event log module, software self-
repairmodule, graph displaymodule, and other components.
All of the hardware and software in the SHM system include
auto-command and auto-call functions for the software. The
system runs on a network and some examples of the results
obtained are shown in Figures 15, 16, 17, 18, and 19.
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Figure 16: Vibration of 4# tower and T7 box girder.

3.2. Design and Implementation of the DMS. The DMS (Fig-
ure 20) used by the SHM system of Zhijiang Bridge includes
a data management subsystem; the function of which is to
acquire data from the healthmonitoring subsystem,maintain
data from the maintenance management subsystem, monitor
data from the road floor status, and collect, file, inquire, store,
and manage the monitored prestress data.
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3.3. Design and Implementation of the EDS. The structural
status evaluation subsystem is the core of the integrated
system. The EDS subsystem executes various operations
such as calculation analysis and it generates statistics for
monitoring data, historical alignment, analysis and trend
forecasting for monitoring data, and fetches the key indices
that reflect the variations in the structural status. Based on an
analysis of the structure, the variation in each status index,
maintenance checking data, and other scientific research
measurements, the overall data are integrated to facilitate a
comprehensive evaluation of the status of the bridge structure
and its key components.

The structural status evaluation subsystem is divided into
the data processingmodule and the status evaluationmodule.
The main functions of these modules are as follows.

(1) The data processing module is responsible for filter-
ing, classification, collection, and statistical analysis of
the data, and for fetching the key indices.

(2) The status evaluation module is responsible for real-
time analysis and evaluating the structural status.

3.3.1. Data Processing Module. The volume of bridge moni-
toring data ismassive, so theymust be finely analyzed in detail
to obtain useful key information. The functions of the data
processing module are as follows.

(1) The original test values from each sensor are inte-
grated to obtain the primary status of the bridge
health monitoring data.

(2) Filtering, classification, collection, and statistical
analyses of the monitoring data are performed to
obtain an eigenvalue database of the monitoring data.

(3) Based on the monitoring results and comparisons
with the values in the design document, the experi-
mental bridge loading values, modified values from
simulation calculations, and the extreme values dur-
ing the operational process, the variations in the rates
of the values that reflect the structural status can be
obtained, which can be analyzed to identify trends
using mathematical model fitting.

(4) The degree of deviation and rate of development are
calculated based on comparisons with the threshold
values of all the bridge safety prealarming levels.

3.3.2. Status Evaluation Module. The core functions of the
status evaluationmodule are damage identification and status
evaluation. The work flow of the monitoring system first
identifies the position, degree, and rate of development of
structural damage based on abnormal data, before compre-
hensively evaluating the effects of damage on the structure
by combining the bridge maintenance checking data with the
scientific monitoring data, thereby confirming the user status
of the bridge. If the user state exceeds the critical condition,
the evaluation information is passed to the maintenance
decision and safety prealarming subsystem. The flow during
status evaluation is shown in Figure 21.
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Many methods are suitable for damage identification
and structural evaluation, and each method has specific
characteristics and appropriate conditions. Thus, we selected
methods that satisfy the structural type, materials, and work
environment of Zhijiang Bridge. Methods such as module
modification, structural fatigue analysis, primary fingerprint
comparison, trends analysis, model state analysis, parameter
identification, and reliability evaluation are used to localize,
quantify, and identify damage by monitoring trends and
evaluating their effects.

3.4. Design and Implementation of the ASS. The ASS used
by the SHM system of Zhijiang Bridge comprises a user
interface subsystem, which is an interactive system for bridge
maintenancemanagement users.The functions implemented
in the subsystem include a monitoring point information
display, monitoring results graphical display, report man-
agement, background management, and user management.
The comprehensive management software implemented in
this system provides many functions, such as information
management and querying of monitoring points, monitoring
and maintenance of data queries, graphical displays, state
evaluation result querying, report management and inquiry,

prealarming information management and inquiry, back-
ground management, and user management.

4. Conclusions

The core problems and final aims of SHM systems for cable-
stayed bridges are damage identification, module modifica-
tion, structural safety evaluation, and maintenance decision
making. The implementation and operation of the various
subsystems and the overall system facilitate these aims. In
the present study, we used the integrated system of structural
health monitoring and intelligent management of Zhijiang
Bridge as an example to provide a detailed explanation of
the components and model functions employed by a large-
scale bridge SHM system. This SHM system generates time-
specific status information such as bridge vibrations, thereby
providing data support for bridge maintenance and decision
making, which reduces the maintenance cost and improves
the technical level of long-termmanagement.The application
of SHM systems to large-scale Chinese bridges is in the
early stage. Thus, the appearance of new technology and
new methods will be beneficial to improving SHM systems.
In particular, wireless communication technology such as
microwaves may be an important method in SHM system
networks for bridge structures, which could be applied
broadly to health monitoring and the measurement of bridge
structures.
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The right bank high slope of the Dagangshan Hydroelectric Power Station is located in complicated geological conditions with
deep fractures and unloading cracks. How to obtain the mechanical parameters and then evaluate the safety of the slope are the
key problems. This paper presented a displacement back analysis for the slope using an artificial neural network model (ANN)
and particle swarm optimization model (PSO). A numerical model was established to simulate the displacement increment results,
acquiring training data for the artificial neural network model. The backpropagation ANNmodel was used to establish a mapping
function between the mechanical parameters and the monitoring displacements. The PSO model was applied to initialize the
weights and thresholds of the backpropagation (BP) network model and determine suitable values of the mechanical parameters.
Then the elastic moduli of the rock masses were obtained according to the monitoring displacement data at different excavation
stages, and the BP neural network model was proved to be valid by comparing the measured displacements, the displacements
predicted by the BP neural networkmodel, and the numerical simulation using the back-analyzed parameters.The proposedmodel
is useful for rock mechanical parameters determination and instability investigation of rock slopes.

1. Introduction

Mechanical parameters of rockmasses are crucial for stability
analysis of high rock slopes [1, 2]. They can be obtained
through laboratory experiments or in situ tests. However,
the mechanical parameters of rock specimens obtained in
laboratory experiments cannot represent those parameters of
rock masses. In addition, due to many types of fractures and
joints at different scales existing in rock masses and complex
geostress conditions, it is difficult to acquire the mechanical
parameters exactly in in situ tests. Because in situ tests have
many drawbacks such as poor reproducibility, long period,
and high costs, field displacement measurement is widely
applied in rock engineering projects.

Displacement back analysis has been widely used to
derive rock mass mechanical parameters [3–6]. The meth-
ods used in the displacement back analysis of geotechni-
cal engineering projects can be broadly divided into two
types, namely, inverse method and optimization method.

The inverse method, such as that suggested by Sakurai and
Takeuchi [5], is the inverse of the common numerical simu-
lation procedure to solve some of the material parameters or
loading conditions based on observed displacements. Rapid
numerical solution and a number of simplifying assumptions,
including uniform media, uniform or linear stress filed, and
one-step excavation, enhance the popularity of the inverse
method. However, for some excavation engineering projects
such as high slopes, the problems may be very large in
scale involving multimaterial, and there is a complex initial
geostress filed due to the multimedia and tectonic stress.
Moreover, multisteps of excavations and supports will last a
long period, inducing stress field variation during the con-
struction process [6]. These characteristics limit applications
of the inverse method in slope engineering.

The optimization method used the summed squared
errors between the calculated displacements and their cor-
responding observed values as the objective function. The
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solution of the objective function is based on some optimiza-
tion techniques for determining a set of material parameters
or loading conditions that make the value of the objective
function a minimum [6].

Low efficiency and low reliability are the two drawbacks
of the optimization method.The numerical methods, such as
finite element method or finite difference method, are often
applied to calculate the stress and displacement of the model
in parameter adjustment in the optimization of the objective
function. To achieve the minimal value of the objective func-
tion, a great number of parameter adjustments are needed.
Therefore, it is impossible to apply the routine optimization
method to resolve large scale problems with a great number
of freedom degrees because the solution by either the FEM or
FDM could be very time consuming.

In addition, the objective function for back analysis could
be multimodal, and the optimization results could depend
on the initial values in some routine optimization methods
such as the Powell method.The range of themechanical para-
meters is unlimited theoretically, so its low efficiency makes
it unsuitable for estimated parameter search.

Fortunately, the back-propagation neural network (BP
network) provides a reliable method instead of the FEM
or FDM calculation, establishing the high nonlinear func-
tion between the estimated parameters and the measured
displacement. Furthermore, some useful optimization mod-
els such as genetic algorithm and particle swarm optimi-
zation method provide efficient methods to enhance the
search speed to achieve reliable convergence solution.

Studies show that the intelligent back analysismethod can
be used to deal with the identification of rock mechanical
parameters, build the nonlinear relationship among variables
effectively, and overcome many defects of traditional opti-
mization algorithms. Deng and Lee [6] proposed a novel
method for displacement back analysis based on error back-
propagation neural network and genetic algorithm in the
slope stability analysis of the Three Gorges Project. Xia-ting
et al. [7] used neural network model and genetic algorithm
to estimate the mechanical rock mass parameters of the
permanent shiplock at the Three Gorges Project.

These optimization algorithms should resolve global
optimal solution in a fast convergence rate and determine
the unknown parameters among a large variable space. It
has become one of the most potential approaches in the
displacement back analysis. Researchers have performed
many investigations and achieved significant progress on the
aspect of back analysis in geotechnical engineering. Liang
et al. [8] proposed a back analysis model to estimate the
elastic moduli of the high slope of the Three Gorges Project.
Tan and Zheng [9] introduced Newton-Laplason iterative
method into the back analysis, and they verified that strength
parameters could be obtained inversely by using displace-
ments of several monitoring points. Feng et al. [10] summa-
rized several new methods for intelligent feedback analysis.
However, because multipoint extensometers are often buried
after each step of excavations, the deformation of rockmasses
induced by elastic strain energy release cannot be measured
before the current excavation step. Therefore, how to analyze

Figure 1: Survey of the Dagangshan Hydropower Station.

the measured deformation data and apply them in back
analysis for safety evaluations become very important.

In this paper, the back-propagation neural network was
used to construct a function between undetermined parame-
ters and displacements of the rockmass of the right back slope
in Dagangshan Hydroelectric Power Station project. Totally
32 training samples were created by numerical simulations
using FLAC3D code according to orthogonal experimental
design.The particle swarm optimization method was applied
to initiate the training weights and search for satisfactory
deformation parameters. By using the deformation param-
eters obtained by the back analysis as input parameters,
the results of the numerical simulations agreed well with
the measured displacements. The method of combination of
the BP neural network and particle swarm optimization is
proved to have a powerful capability of resolving deformation
parameters in rock slope problems with complex geostress
and multiexcavation steps.

2. Brief Description of the High Slope of the
Dagangshan Hydroelectric Power Station

TheDagangshanHydroelectric Power Station is located at the
midstream ofDadu River in Shimian County, west of Sichuan
Province in China. It is one of the largest hydroelectric
projects which are currently being constructed along the
mainstream of the Dadu River. The normal water level of the
station dam is 1130m, the dead water level is 1120m, and the
storage capacity below the normal water level is about 0.742
billion m3. Its maximum height is nearly 210m. The power
station is installed with a capacity of 2600 MW [11]. The dam
is located in a typical valley of a “V” shapewith steep and high
bank slopes (Figure 1).

Thedamarea ofDagangshanHydroelectric Power Station
has complex geological conditions with deep fractures, devel-
oped faults, and unloading cracks. The rock mass in engi-
neering area has formed a series of high and steep slopes
caused by the excavations. As the strike of most weak struc-
tural surfaces is parallel to the river and the dip is steep, the
problem of slope stability is rather serious. It mainly involves
abutment high slope at right and left banks. The dip angle of
the right bank slope varies from 35∘ to 40∘ above 1220m and
varies from 40∘ to 50∘ below 1220m.The height of the slope is
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Figure 2: Layout of the right bank slope.

more than 600m [11].The topographic map of the right bank
slope is shown in Figure 2.

The bed rock of slope is mainly composed of grey and
reddish monzonitic granite, which is hard and core bread,
rib spalling frequently occurs in unloading zones, and aplitic
granite dykes as well as dolerite dykes are exposed on the nat-
ural slope surface in places. The faults mainly develop along
with dolerite dykes with a steep reversal dip angle. Many
dykes develop in the slope, such as 𝛽

5
, 𝛾L5, 𝛽202, 𝛽96, 𝛽4,

𝛽
85
, 𝛽
62
, 𝛽
83
, 𝛽
68
, 𝛽
117

, 𝛽
43
, 𝛽
143

, and 𝛽
82
. Some structural

planes also develop in the slope, such as fault 𝑓
231

, fault 𝑓
208

,
and some unloading fissures named XL

9-15 and XL
316-1. The

right bank slope of the Dagangshan Hydroelectric Power
Station with complicated geological conditions is very steep,
and unloading fissures and faults with steep dip angles have
considerable influence on the slope stability, which has rarely
been observed in other hydroelectric projects [12–16].

According to the geological survey data, approximately
seventy-eight dolerite dykes (𝛽) and eight aplitic granite
dykes (𝛾L) develop in the right bank slope, such as 𝛽

4
,

𝛽
97
(𝑓
93
), and 𝛽

146
. Approximately eighty-four faults with

steep reversal dip angles develop along with dolerite dykes
containing rock blocks, microfragments, and mud.

The geological survey also indicates that intensive open
cracks can be observed inside the slope with a distance of
100m from the slope surface. Two main unloading fissures
named XL

9-15 and XL
316-1 are most concerned, which will

control the displacement and stability of the slope. Further
investigation has shown that the stability of the right bank
slope is controlled by a potentially instable block whose bot-
tom slip surface is formed by weak structural planes dipping
outside the slope (such as 𝑓

231
and 𝑓

208
) and rigid structural

planes (such as XL
9-15 and XL

316-1) and back cutting surface
is formed by dyke fracture zones (𝛽

5
(𝐹
1
), 𝛾L5, and 𝛾L6) [17].

3. Back Analysis Model

3.1. BP Neural Network. Artificial neural network can be
seen as a set of parallel processing elements, and the suitable
mathematical methods can be used to change the weights
and thresholds to perform specific functions. The BP neural
network can figure out each layer’s error derivatives by using

Input layer Output layerHidden layer
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Figure 3: Typical structure of a BP neural network.
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the back-propagation algorithm according to the generated
weightmatrices and thresholdmatrices. And then, BP adjusts
corresponding matrices on the basis of error derivatives and
square error sum to approach the mapping relation between
the system input variables and output variables step by step.

The typical structure of a BP neural network is shown in
Figure 3. It has one input layer, one ormore hidden layers, and
one output layer, with each layer consisting of one or more
neurons.

The number of neurons (𝑚) in the input layer is the same
as the number ofmechanical parameters to be solved, and the
number of neurons (𝑛) in the output layer is the number of
themeasured displacements. Usually, only one hidden layer is
needed.Thenumber of neurons (𝑝) in the hidden layer can be
specified either manually or by an optimization method [6].
The training samples are oftenused to adjust theweight values
by making the summed squared error between the displace-
ments fromnumerical simulation and those fromBPnetwork
a minimum. For the training samples, the input parameters
can be prepared by the parameter experiment designmethod,
while the corresponding output parameters can be prepared
by numerical simulation.

The calculating procedure of a three-layer BP neural net-
work is shown in Figure 4.𝑊

1
and 𝑏
1
are weight matrix and

threshold matrix between the input layer and the hidden
layer, respectively;𝑊

2
and 𝑏
2
are weight matrix and threshold

matrix between the hidden layer and the output layer, respec-
tively; function 𝑓 is the transfer function between two adja-
cent layers. Three transfer functions, including tan-sigmoid
transfer function (tansig), log-sigmoid transfer function
(logsig), and linear transfer function (purelin), are the most
commonly used transfer functions for multilayer networks.

However, the summed squared error between the dis-
placements from numerical simulation and those from BP
network depends on the randomly generated initial weights
and the thresholds, so it is easy to fall into local convergence in
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the training process. Therefore, an improved particle swarm
optimization algorithmwith global optimization capability is
necessary for the initiation of the weights and the thresholds
of the BP neural network.

3.2. Particle Swarm Optimization. The particle swarm opti-
mization (PSO), as an important branch of evolutionary algo-
rithm, is a computational method that optimizes a problem
by iteratively trying to improve a candidate solution with
regard to a givenmeasure of quality [18]. PSO avoids complex
genetic operators and takes advantage of cooperation and
competition. Each particle of the swarm represents one can-
didate solution of the problembeing optimized.Thequality of
solution is evaluated by defining fitness function. Compared
with other optimization algorithms, the superiority of PSO
lies in fast convergence rate, simple program structure, and
less calculation parameters. In order to further improve the
convergence velocity and accuracy, some scholars [19, 20]
adopt the dynamic inertia weight w that linearly decreases
with iterative generation increasing, which ensures the good
global searching capacity of PSO in the optimization and
enhances the convergence performance. In this paper, the
improved particle swarm optimization algorithm is used.

On the one hand, particle swarm optimization is used to
initialize the weights and thresholds of BP neural network,
solve the problem of local convergence, and guarantee the
correctness of the network training in this paper.On the other
hand, PSO is adopted to determine suitable values of the rock
mechanical parameters within the ranges as an important
part during the process of back analysis.

3.3. Back Analysis Procedure. Generally, engineering geolog-
ical conditions and rock characteristics cannot be quantified
completely, and relation function between rock property
parameters is highly nonlinear, so that it is difficult to describe
the complex mapping by using a determined mathematical
model. Artificial neural network is especially suitable for the
situation that there is no formula between parameter vari-
ables and objective function values [21]. This study adopted a
BP neural network to establish the nonlinear mapping func-
tion between the deformation parameters and incremental
displacements. Only the parameters of the elastic moduli are
considered in this study.

The flow chart of the back analysis based on BP neural
network optimized by PSO is shown in Figure 5. Firstly, the
distribution ranges of elastic moduli of the high rock masses
at the right bank of the Dagangshan Hydroelectric Power
Station were determined by analyzing the geological condi-
tions, the laboratory and field test results, and the practical
monitoring data. Secondly, the training samples were created
by calculating the incremental displacements on the basis of
orthogonal experimental design. Thirdly, the samples were
used to train the BP neural network which was initialized
by PSO in advance. Thus, the nonlinear mapping relation
between the elastic moduli of the rock masses and incremen-
tal displacements was established. The measured displace-
ments in the slope were input into the established BP neural
network to search the most optimized parameters using the
particle swarmoptimizationmodel, whichmade the summed

Experimental
scheme

Establish BP
neural network

Training samples

Numerical
calculation

Practical
monitoring data

Inversely estimated
parameter valuesFurther analysis

PSO initializes weights and thresholds

PSO searches for satisfactory values

Orthogonal table

Determine ranges
of the parameters

Figure 5: Back analysis flow chart based on BP neural network opti-
mized by PSO.

square error between the simulated displacements and the
measured ones a minimum. Finally, the elastic moduli were
determined to carry out further stability analysis of the slope.

4. Results of Monitoring Displacement

Displacement monitoring provides a helpful technique to
predict slope stability. Trends of displacement variation can
be traced during excavation and supporting periods. The
excavation of the right bank slope of Dagangshan Hydro-
electric Power Station caused lots of concrete surface cracks
due to stress adjustments caused by the excavations. The
monitoring displacement data of points TP28R and TP31R,
which were located at Elevation 1100m and Elevation 1070m,
are shown in Figure 6. It can be observed that the slope has
large displacement obviously along the horizontal direction
(𝑋 direction) under the excavations.

A number of multipoint extensometers were embedded
in the right bank slope at different locations to monitor the
inside displacements. The monitoring results of the multi-
point extensometer M4

10RBP at EL 1135m are shown in
Figure 7. The distances of these three monitoring points of
M4
10RBP to the excavation face are 5 meters, 13 meters, and 25

meters, respectively.
Usually, a three-layer BP neural network with 𝑀 nodes

in input layer, 2𝑀 + 1 nodes in hidden layer, and 𝑁 nodes
in output layer can be trained to express any functional
relationship accurately [22]. Therefore, a BP neural network
model with 10 input layer nodes and 1 output layer nodes
was supposed to predict the elastic moduli of the rockmasses
of the high slope. The node number of the hidden layer was
assigned to be 21 and the structure of the BP neural network
model is 10-21-1.TheBP neural networkmodel was trained by
using the samples created with the data ofM4

10RBP monitored
fromMarch 27, 2010, to January 9, 2011.Then, other data were
used for testing the validity of the BP neural network model.
The comparison betweenmeasured displacements ofM4

10RBP
and the predicted displacements by the BP neural network
is shown in Figure 8. It can be found that the proposed
model can reflect the deformation trendwith a good accuracy
and basically meet the practical requirement in the slope
engineering project.
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Figure 6: Accumulative displacement curves of the monitoring points TP28R and TP31R.
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Figure 7: Accumulative displacement curves of M4
10RBP.

5. Displacement Back Analysis

5.1. Material Properties Used in the Simulations. According to
the geologic investigations and monitoring data, Profile LPIX-
IX (0+161.19 from upstream to downstream) was selected as
the typical profile for displacement back analysis. The model
covered most of the disturbed zones of the high slope: 700
meters long toward the inner slope from the centerline of
the riverbed in transverse direction (as 𝑋 direction) and 625
meters in vertical direction from EL 900m to EL 1525m (as
𝑌 direction). Only a unit thickness in 𝑍 direction was con-
sidered by simplifying the model into a plan strain problem.
The bottom boundary was fixed in the vertical direction and
surrounding boundaries were fixed in their respective normal
directions. The number of the numerical elements is 4923,
and the number of nodes is 10244. All the monitoring points
were located at the nodes. The weak geological structural
planes were built in the model, namely, fault 𝑓

231
, fault 𝑓

65
,

and unloading fractures such as XL
9-15 and XL316-1.Themesh

of the right bank slope is shown in Figure 9.

According to the weathering degree, the rock masses in
the right bank slope of the Dagangshan Hydropower Station
were divided into six grades as follows: (a) completely weath-
ered rock (V

2
); (b) intensely weathered rock (V

1
); (c) heavily

weathered rock (IV); (d) upper part of moderately weathered
rock (III

2
); (e) lower part ofmoderately weathered rock (III

1
);

and (f) slightly weathered and fresh rock (II).
According to the results of the field tests, laboratory tests,

and related practical engineering experience [23, 24], the
details of the material properties used in the model are listed
in Table 1. There parameters include the density (𝑔), elastic
modulus (𝐸), cohesion (𝑐), uniaxial compressive strength
(𝜎
𝑐
), Poisson ratio (𝜇), and the inner friction angle (𝜙).

5.2. Measured Incremental Displacements. The excavation of the
right bank slope started in November 2007, and the excava-
tions down to EL 1135m were all finished in December 2008.
The slope under the dam top was excavated to EL 1100m in
April 2009.

The multipoint extensometers were installed in three
major locations to monitor the slope deformation. The exca-
vations are divided into 10 steps as shown in Figure 10.

Monitoring data from several geological points are gen-
erally selected for back analysis. Because the multipoint
extensometers were installed after each step of the excava-
tions, the displacements could not be recorded before the
installation. However, the incremental displacements caused
by the excavations of the slope below had been measured
by the multipoint extensometers. Four incremental displace-
ment measurements were selected for the back analysis:
the third point of multipoint extensometer M4

1RX at EL
1135m, the innermost point of the multipoint extensometer
M4
2RX at EL 1165m, the innermost point of the multipoint

extensometer M4
1RJC at EL 1225m, and the innermost point

of the multipoint extensometer M4
2RJC at EL 1255m.The last

three excavation steps and their corresponding incremental
displacements are shown in Table 2.

5.3. Training Sample Design. In elastic-plastic model, elastic
modulus (𝐸) has greater influence on rock mass deformation
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Table 1: Parameters employed in the numerical simulations.

Rock mass 𝑔 (g⋅cm−3) 𝜎
𝑐
(MPa) 𝐸 (GPa) 𝜇 𝑐 (MPa) 𝜙 (∘)

II 2.65 70∼80 18.00∼25.00 0.25 2.000 52.43
III1 2.62 40∼60 9.00∼11.00 0.27 1.500 50.19
III2 2.62 40∼60 6.00∼9.00 0.30 1.000 45.00
IV 2.58 20∼40 2.50∼3.50 0.35 0.700 38.66
V1 2.45 <15 0.25∼0.50 >0.35 0.500 33.02
V2 2.10 <10 0.20 >0.35 0.300 26.57
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Figure 8: Displacement comparison between the measured displacements and the predicted displacements.

Table 2: Measured incremental displacement.

Excavation step M4
2RJC M4

1RJ M4
2RX M4

1RX

Step 8 0.82mm 0.87mm — —
Step 9 1.35mm 1.37mm 2.30mm —
Step 10 0.15mm 0.12mm −0.01mm −0.10mm

than Poisson ratio (𝜇), cohesion (𝑐), and internal friction
angle (𝜑) [25]. Therefore, the elastic moduli of the rock
masses were the parameters to be back analyzed. In the com-
pletely weathered rocks, the tectonic stress had been released
and had little influence on the deformation of the slope; the
material parameters of the completely weathered rock were

Table 3: Elastic modulus levels of the four types of the slope rock
masses.
Zone Elastic modulus (GPa) Level (GPa)
I (𝐸
1
) [0.25, 0.50] 0.25, 0.33, 0.42, 0.50

II (𝐸
2
) [2.50, 3.50] 2.50, 2.80, 3.20, 3.50

III (𝐸
3
) [2.50, 3.50] 2.50, 2.80, 3.20, 3.50

IV (𝐸
4
) [6.00, 9.00] 6.00, 7.00, 8.00, 9.00

not involved in the back analysis. The elastic moduli of the
four kinds of rock masses to be back analyzed are shown in
Table 3, namely, 𝐸

1
, 𝐸
2
, 𝐸
3
, and 𝐸

4
. For the training samples,

four different levels were selected in the range for each
parameter in back analysis.
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Figure 9: Numerical model of section IX-IX of the right bank slope.
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Figure 10: Monitoring points and excavation steps in the slope.

To establish the mapping function between the elastic
moduli and incremental displacements, enough sampleswere
designed for the BP network training. It is impossible to test
all the combinations of the input and output parameters.
Orthogonal experimental design has an ability to determine
typical experimental schemes by considering complex combi-
nations ofmany factors. Four factors and four levelswere con-
sidered. Hence, the orthogonal table L

32
(4
9
) was designed. It

meant that less than 9 factors and 4 levels could be considered,
and the total number of combinations was 32.

The numerical simulations were conducted using the
FLAC3D code. An elastoplastic constitutivemodel andMohr-
Coulomb failure criterion were used in the simulations.Thus,
28 training samples and 4 testing samples were built for the
back analysis, as shown in Table 4. For each sample, the input

parameters were prepared by the orthogonal design method,
while the corresponding output parameters were obtained by
the numerical simulations.

5.4. BP Neural Network Initialized by PSO. The rock elastic
moduli of the 4 zones were the input vectors. Two, three, and
four monitoring incremental displacements were measured
after the excavation Step 8, the excavation Step 9, and the
excavation Step 10, respectively. And they constituted the
output vectors separately as shown in Table 2. Namely, there
were four nodes in the input layer of the BP neural network
and two, three, or four in the output layer. As mentioned
before, for a three-layer BP neural network with𝑀 nodes in
input layer, if it has 2𝑀 + 1 nodes in the hidden layer and
𝑁 nodes in the output layer, it can be trained to describe
any function between the parameters [22]. For this reason, 3
BP network models were established with different network
structures as follows: 4-9-2, 4-9-3 and 4-9-4.

The parameters of the PSO to be determined included
particle number m, total evolution number genmax, inertia
weight w, and learning factors c

1
and c

2
. Generally, m was

set in the range of [20, 40] and genmax was a relatively large
value according to the actual condition. An improved particle
swarm optimization algorithm was proposed. The dynamic
inertia weight w linearly decreased with the increasing of the
iterative generation. Previous studies show that both the
searching efficiency and precision of the PSO will increase
greatly when the initial inertia weightis near 1.0 and the learn-
ing factors are near 2.0 [26].

The training samples were used to train the BP network,
while the PSO was adopted to search for the relatively
matched network model in advance, making the summed
square error between the displacements from the numerical
simulation and those from the BP network a minimum. Only
the last neural network model was described here. In the
particle swarm optimization model, the particle number was
25, the total evolution number was 200, the inertia weight
was varied linearly from 0.95 to 0.4, the learning factors (c

1

and c
2
) were both 2.02, and upper speed limit was 0.5. Then,

the BP neural network initialized by PSO was trained by the
trainlm algorithm. The tansig function and purelin function
were used as the transfer functions from the input layer to the
hidden layer and from the hidden layer to the output layer,
respectively. The convergence curve for the summed square
error is shown in Figure 11.The BP neural network was finally
established for the following back analysis when the mean
square error tended to be a minimal value.

5.5. Displacement Back Analysis. The elasticmoduli of the rock
masses are back analyzed using particle swarm optimization
algorithm which had a global searching capability. For the
excavation Step 10, PSO was applied to search for suitable
parameter values according to the monitoring incremental
displacementsmeasured after Step 10 as shown inTable 2.The
particle number was set to be 20, the total evolution number
was 200, the inertia weight was varied linearly from 1.05 to
0.4, the learning factors (c

1
and c

2
) were both 2.0, and the

upper speed limit was set to be 0.5.Theposition vector of each
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Table 4: The incremental displacements of the monitoring points in the orthogonal experimental design.

ID
Elastic modulus (GPa) Incremental displacement (mm)

Step 8 Step 9 Step 10
Zone I Zone II Zone III Zone IV M4

2RJC M4
1RJC M4

2RJC M4
1RJC M4

2RX M4
2RJC M4

1RJC M4
2RX M4

1RX

1 0.25 2.5 2.5 6 0.38 0.28 1.35 1.64 2.22 0.09 0.08 −0.01 −0.11
2 0.25 2.8 2.8 7 0.46 0.39 2.39 2.73 2.31 −0.09 −0.08 −0.06 −0.07
3 0.25 3.2 3.2 8 0.45 0.39 1.35 1.64 2.22 0.12 0.14 −0.01 −0.08
... ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

30 0.5 2.8 3.5 8 0.24 0.08 1.81 2.25 1.58 0.13 0.13 −0.08 −0.09
31 0.50 3.2 2.5 7 0.85 0.88 1.65 1.99 2.61 0.11 0.11 0.02 −0.08
32 0.50 3.5 2.8 6 0.51 0.50 1.19 1.50 2.29 −0.00 −0.01 −0.07 −0.09

Table 5: Comparison of back analysis values, BP values, and measured values.

Excavation step Monitoring point Increment displacement (mm)
FLAC BP Measurement

Step 8 M4
2RJC 0.869 0.820 0.820

M4
1RJC 0.943 0.870 0.870

Step 9
M4
2RJC 1.456 1.240 1.350

M4
1RJC 1.775 1.511 1.370

M4
2RX 2.386 2.285 2.300

Step 10

M4
2RJC 0.138 0.131 0.150

M4
1RJC 0.143 0.143 0.120

M4
2RX −0.012 −0.010 −0.010

M4
1RX −0.078 −0.100 −0.100

Training
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Figure 11: Convergence curve of the BP neural network.

particle had four dimensions, representing the four elastic
moduli of the rockmasses.When the fitness function reached
a steadyminimal value, the back-analyzed values of the elastic
moduli of the rock masses in the right bank slope (𝐸

1
, 𝐸
2
,

𝐸
3
, and 𝐸

4
) were obtained.The results showed that they were

0.45GPa, 2.50GPa, 2.76GPa, and 7.98GPa, respectively.
The back-analyzed elastic moduli were put into the

numerical code to calculate the displacements at the mon-
itoring points, and their elastic moduli also were used as
the input in the trained BP neural network model to obtain
the corresponding displacements at the monitoring points at
different excavation steps. The displacements measured by
the multipoint extensometers, the displacements simulated
by the numerical code using the back-analyzed parameters,

and the derived displacements using the BP neural networks
are shown in Table 5.

It can be found that the predicted displacements of the
BP neural network model using the back-analyzed elastic
moduli as the input are close to the measured displacements
in practical slope engineering.

The incremental displacements obtained by the BP neural
network model and those measured at monitoring points of
M4
2RJC and M4

1RJC after Step 8 and Step 10 were the same.
Themaximumabsolute error between the predicted displace-
ments and the measured displacements was −0.141mm, and
the relative errors were not greater than 20%. The calculated
displacements by FLAC3D using the estimated parameters
were close to the measured ones. There results indicate that
the parameters obtained by the back analysis were verified to
be much reasonable for further slope stability analysis.

The slope stability after excavating Step 10 was analyzed
using FLAC code by assigning the estimated elastic moduli to
the four kinds of rockmasses.The strength reductionmethod
was applied in the numerical simulation, by reducing the
strength of the rock masses gradually step by step to obtain
the safety factor of the slope.

Figure 12 shows the slope displacement distribution after
excavating Step 10.Thephenomena of groundheave appeared
caused by the excavation and geostress unloading at EL
1100m. Figure 13 shows the failure state of the slope model.
The blue blocks were in elastic state, and blocks in the other
colors were the plastic zone. It can be found that the plastic
zones develop downward along the fissures XL

316-1, especially
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Figure 12: Displacement contour and displacement vector distribution after step 10 (unit: m).
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Figure 13: Failure state of the slope model.

in the area between fissures XL
316-1 andXL9-15.The large plas-

tic zone from EL 1135 to EL 1195 had considerable influence
on the slope stability.

6. Conclusions

The BP neural network model was proposed to estimate the
elastic moduli of the rock masses of the right bank high slope
in Dagangshan Hydroelectric Power Station. The particle
swarm optimization model was applied to optimize the BP
neural network. The displacements at the monitoring points
were obtained by putting the back-analyzed parameters into
the numerical simulations and the BP neural network. The
major findings and conclusions can be summarized as fol-
lows.

(1) The BP neural network and the particle swarm
optimization model were successfully applied in the
deformation parameter estimation of the slope rock
masses in Dagangshan Hydroelectric Power Station.
The BP network model was established to express
the highly nonlinear mapping relation between

the mechanical parameters and deformation behav-
iors of the four rock masses in complex stress state
disturbed by the excavations. The particle swarm
optimization model helped the BP network initialize
the weights and thresholds and search for the suitable
values of the elasticmoduli within the large parameter
space. The results showed that the parameters were
reasonable and acceptable in the slope stability anal-
ysis. The displacement back analysis based on the BP
neural network and the particle swarm optimization
was proved to be an efficient and reliable method for
parameter estimation of rock masses under complex
geological conditions and large-scale excavations.

(2) To avoid the loss of instantaneous displacement, the
incremental displacements at each excavation step
were used to back-analyze the elastic moduli of the
rock masses. As the multipoint extensometers were
installed after each step of the excavations, the dis-
placements of the rock mass caused by elastic strain
release before that step could not be measured. The
incremental displacements of the rock masses mea-
sured by the multipoint extensometers were adopted
for back analysis.

(3) The back-analyzed parameters were put into the
numerical model to obtain the displacements of the
monitoring points. The displacements simulated by
the numerical model were compared with the mea-
sured displacement and the output displacements by
the BP network using the back-analyzed parameters.
This provided a potentially useful way to examine
the validity of the previously established BP network
model.

(4) The estimated parameters were used in the numerical
model to predict the stability of the slope by using the
strength reduction method. The numerical analysis
indicated that the stability of the right bank slope is
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controlled by a potentially instable block whose slip
surfaces were formed by many structural planes
including the unloading fissures XL

316-1 and the fault
𝑓
231

.

Conflict of Interests

The authors declare that there is no conflict of interests
regarding the publication of this paper.

Acknowledgments

This work was supported by the National Program on
Key Basic Research Project of China (973 Program) (Grant
nos. 2014CB047100 and 2011CB013503), the National Natu-
ral Science Foundation of China (Grant nos. 51274053 and
51278136), the Open Research Fund Program of the Key Lab-
oratory of Safety forGeotechnical and Structural Engineering
of Hubei Province, and the Open Research Fund Program of
the Key Laboratory of Engineering Mechanical Analysis of
Jiangsu Province.

References

[1] S. Sakurai, W. Dees N, and M. Shinji, “Back analysis for deter-
mining material characteristics in cut slopes,” in Proceedings of
the International Symposium on ECRF, pp. 770–776, Beijing,
China, 1986.

[2] B. K. Low, R. B. Gilbert, and S. G.Wright, “Slope reliability anal-
ysis using generalized method of slices,” Journal of Geotechnical
and Geoenvironmental Engineering, vol. 124, no. 4, pp. 350–362,
1998.

[3] Y. Okui, A. Tokunaga, M. Shinji, and S. Mori, “New back anal-
ysis method of slope stability by using field measurements,”
International Journal of Rock Mechanics and Mining Sciences,
vol. 34, no. 3-4, pp. 234.e1–234.e16, 1997.

[4] P. Oreste, “Back-analysis techniques for the improvement of
the understanding of rock in underground constructions,” Tun-
nelling and Underground Space Technology, vol. 20, no. 1, pp. 7–
21, 2005.

[5] S. Sakurai and K. Takeuchi, “Back analysis of measured dis-
placements of tunnels,” Rock Mechanics and Rock Engineering,
vol. 16, pp. 173–180, 1983.

[6] J. H. Deng and C. F. Lee, “Displacement back analysis for a steep
at the Three Gorges Project site,” International Journal of Rock
Mechanics & Mining Sciences, vol. 38, pp. 259–268, 2001.

[7] X. T. Feng, Z. Q. Zhang, and Q. Shen, “Estimating mechanical
rock mass parameters relating to theThree Gorges Project per-
manent shiplock using an intelligent displacement back analysis
method,” International Journal of Rock Mechanics & Mining
Sciences, vol. 37, no. 7, pp. 1039–1054, 2000.

[8] G. L. Liang, W. Y. Xu, J. Wei et al., “Wavelet neural network
based on adaptive particle swarm optimization and its appli-
cation to displacement back analysis,” Chinese Journal of Rock
Mechanics and Engineering, vol. 26, no. 6, pp. 1251–1257, 2007,
(Chinese).

[9] W. P. Tan and Y. R. Zheng, “Study of displacement back analysis
of elasto-viscoplastic parameters of rock slope,” Chinese Journal

of Rock Mechanics and Engineering, vol. 29, no. s1, pp. 2988–
2993, 2010.

[10] X. T. Feng,H. Zhou, S. J. Li et al., “Integrated intelligent feedback
analysis of rock mechanics and engineering problems and its
applications,” Chinese Journal of Rock Mechanics and Engineer-
ing, vol. 26, no. 9, pp. 1737–1744, 2007.

[11] HydroChina Chengdu Engineering Corporation, Feasibility
Study Report of Dagangshan Hydropower Station on Dadu River
in Sichuan Province, HydroChina Chengdu Engineering Cor-
poration, Chengdu, China, 2009, (Chinese).

[12] P. Lin, R .K. Wang, S. Z. Kang et al., “Study on key problems of
foundation failure, reinforcement and stability for super high
arch dams,” Chinese Journal of RockMechanics and Engineering,
vol. 30, no. 10, pp. 1945–1958, 2011 (Chinese).

[13] J. S. Li, H. Yu, and X. Y. Liu, “Results from in-situ monitoring
of displacement , bolt load and disturbed zone of a powerhouse
cavern during excavation process,” International Journal of Rock
Mechanics and Mining Sciences, vol. 45, no. 8, pp. 1519–1525,
2008.

[14] P. Lin, Q. Li, and H. Hu, “A flexible network structure for tem-
perature monitoring of a super high arch dam,” International
Journal of Distributed Sensor Networks, vol. 2012, Article ID
917849, 10 pages, 2012.

[15] H.C.Hui, Z.Huai, J. Z. Bo et al., “Finite element analysis of steep
excavation slope failure by CFS theory,” Earthquake Science, vol.
25, no. 2, pp. 177–185, 2012.
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Presently, the modal pushover analysis procedure is extended to multidimensional analysis of structures subjected to multidi-
mensional earthquake excitations. an improved multidimensional modal pushover analysis (IMMPA) method is presented in the
paper in order to estimate the response demands of structures subjected to bidirectional earthquake excitations, in which the
unidirectional earthquake excitation applied on equivalent SDOF system is replaced by the direct superposition of two components
earthquake excitations, and independent analysis in each direction is not required and the application of simplified superposition
formulas is avoided. The strength reduction factor spectra based on superposition of earthquake excitations are discussed and
compared with the traditional strength reduction factor spectra. The step-by-step procedure is proposed to estimate seismic
demands of structures. Two examples are implemented to verify the accuracy of the method, and the results of the examples show
that (1) the IMMPA method can be used to estimate the responses of structure subjected to bidirectional earthquake excitations.
(2) Along with increase of peak of earthquake acceleration, structural response deviation estimated with the IMMPAmethod may
also increase. (3) Along with increase of the number of total floors of structures, structural response deviation estimated with the
IMMPA method may also increase.

1. Introduction

In recent years, a challenge for performance based seismic
design is to establish an effective and feasible procedure to
evaluate structural seismic capacities. The pushover analysis
procedure, due to its simplicity and efficiency, is increasingly
applied to estimate seismic demands of structures. During
past years, the theory and application of pushover analysis
procedure have been developed adequately [1–7], and the
technique is accepted by more guideline documents or codes
such as FEMA-440 and Vision 2000.

A problem for pushover analysis is that the higher mode
effects of building structures cannot be considered in the
procedure [8]. In order to solve this, Chopra and Goel [9–
11] propose a modal pushover analysis (MPA) procedure to
deal with higher mode effects, in which the seismic demand
of individual terms of the modal expansion is determined
by pushover analysis using the inertia force distribution for

each mode, and the modal demands are then combined by
the SRSS rule to obtain the total seismic demand. On the
basis of this, some improved approach is presented [12–16].
Another problem is that the pushover procedure is restricted
with an assumption of single-mode response in which the
deformation distributions along the height of structures are
fixed. For solving the problem, adaptive pushover methods
[17–23] are presented which aim to capture the changes that
occur in the vibration properties of structures.

The previous studies about pushover analysis are
almost based on symmetric building structures and single-
directional earthquake excitation. Both theoretical studies
and seismic disasters indicate that asymmetric-plan struc-
tures with irregular distributions of mass or stiffness are
likely to undergo torsional responses coupled with the
translational vibrations, and this type of structures is
likely to suffer more severe displacement demands at the
corner elements under earthquake excitations. In addition,
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the torsion coupling response will induce the structural space
effects that cannot be solved in two-dimensional analysis.
So, several research efforts have been made to extend and
apply the pushover analysis to asymmetric-plan structures
whose inelastic seismic responses are intricate [24–26]. At
present, theMPA [27–31] is extended to the asymmetric-plan
structures in which the inertia force distribution for each
mode includes two lateral forces and torque at each floor
level, and the CQC rule is used to combine the modal
demands to obtain the total demand of asymmetric-plan
structures.

For multidimensional MPA, which is applicable to the
analysis of asymmetric-plan structures, the modal equiva-
lent single-degree-of-freedom (ESDOF) system is actually
subjected to the superposition of bidirectional earthquake
excitations. In the current MPA procedures, the response of
ESDOF system is calculated according to single-directional
earthquake excitation, the 𝑥- and 𝑦-axes, respectively, and
peak response of two directions is combined through SRSS
rule, which is applicable to elastic analysis but not applicable
to inelastic analysis for having no regard for inelastic coupling
of structure responses caused by earthquake excitations of
different components. For solving the problem, an improved
multidimensional MPA (IMMPA) idea is presented in the
paper: superposed bidirectional earthquake acceleration act-
ing on modal ESDOF system can be regarded as an unidi-
rectional “combined earthquake excitation”; in the procedure,
to solve structural responses, seismic demand spectra may
be established based on SDOF system subjected to the
“combined earthquake excitation.”

The main objective of this paper is to propose an
MPA procedure for evaluating the seismic capacities of
asymmetric-plan structures subjected to bidirectional earth-
quake excitations. An outline of this paper can be expressed
as follows. First, the improved procedure is presented based
on the assumption of modal equivalent SDOF system which
is subjected to the superposition of bidirectional earthquake
excitations. Then, the corresponding strength reduction fac-
tor spectra are discussed and compared with traditional
spectra. Next, the step-by-step procedure is proposed. At the
end, two examples are considered to verify the accuracy of the
proposed procedure.

2. Motion Equations of Equivalent Systems

Consider an 𝑛-storey building. Its plane is asymmetric about
the 𝑥- or/and 𝑦-axes. Each floor diaphragm is rigid in its
own plane and has three degrees of freedom defined at the
center of mass (CM). The equation of motion governing the
response of the 𝑛-storey asymmetric structure subjected to
bidirectional earthquake excitations (along the 𝑥- and 𝑦-
axes) is as follows:

M ̈u (𝑡) + C ̇u (𝑡) + F (u) = −M𝜄𝑥 ̈𝑢𝑔𝑥 (𝑡) −M𝜄
𝑦
̈𝑢
𝑔𝑦 (
𝑡) , (1)

whereM is diagonal mass matrix of order 3𝑛 which includes
three submatricesm,m, and I

𝑜
;m is associated with 𝑥 and 𝑦-

lateral degrees of freedom, and I
𝑜
is associated with torsion

degrees of freedom. C is the damping matrix and F(u) is

the vector of resisting forces. The displacement vector u(𝑡) is
equal to [u

𝑥
u
𝑦
u
𝜃
]
𝑇; u
𝑥
, u
𝑦
, and u

𝜃
are the 𝑥, 𝑦, and torsion-

directional displacement subvectors, respectively. The influ-
ence vectors, 𝜄

𝑥
and 𝜄
𝑦
, are as follows:

𝜄
𝑥
= [{1} {0} {0}] , 𝜄

𝑦
= [{0} {1} {0}] . (2)

In MPA procedure, a major assumption is that the responses
of structures can be expressed as superposition of the
responses of appropriate SDOF systems just like that in the
linear range. The displacement vector of the inelastic system
can be expanded in terms of the natural vibration modes of
the corresponding linear system:

u (𝑡) = Φq =
3𝑛

∑

𝑖=1

𝜑
𝑖
𝑞
𝑖 (
𝑡) , (3)

in which the 𝑖th modal vector 𝜑
𝑖
of size 3𝑛 × 1 includes three

𝑛×1 subvectors 𝜑
𝑥𝑖
, 𝜑
𝑦𝑖
, and 𝜑

𝜃𝑖
. Substituting u(𝑡) = Φq into

(1) and premultiplying both sides of (1) by 𝜑𝑇
𝑖
, the following

equations are given:

𝜑
𝑇

𝑖
M𝜑
𝑖
̈𝑞
𝑖 (
𝑡) + 𝜑

𝑇

𝑖
C𝜑
𝑖
̇𝑞
𝑖 (
𝑡) + 𝐹𝑠𝑖 (

𝑡)

= −𝜑
𝑇

𝑖
M𝜑
𝑖
(Γ
𝑥𝑖
̈𝑢
𝑔𝑥(
𝑡) + Γ𝑦𝑖

̈𝑢
𝑔𝑦 (
𝑡)) , 𝑖 = 1, . . . , 3𝑛,

(4)

where the 𝑖th modal resisting force quantity, 𝐹
𝑠𝑖
(𝑡), equals

𝜑
𝑇

𝑖
Kep(𝑡)𝜑𝑖𝑞𝑖(𝑡); Kep(𝑡) is elastic-plastic instantaneous stiff-

ness matrices; 𝜑𝑇
𝑖
M𝜑
𝑖
is interpreted as the 𝑖th modal equiva-

lent mass,𝑀
𝑖
; Modal participation factors, Γ

𝑥𝑛
and Γ
𝑦𝑛
, along

the 𝑥- and 𝑦-axes, respectively, are expressed as

Γ
𝑥𝑖
=

𝜑
𝑇

𝑖
M𝜄
𝑥

𝜑
𝑇

𝑖
M𝜑
𝑖

, Γ
𝑦𝑖
=

𝜑
𝑇

𝑖
M𝜄
𝑦

𝜑
𝑇

𝑖
M𝜑
𝑖

, 𝑖 = 1, . . . , 3𝑛. (5)

Dividing both sides of (4) by modal equivalent mass, 𝑀
𝑖
,

and using the orthogonality property ofmodes, 3𝑛 uncoupled
equations can be derived as

̈𝑞
𝑖 (
𝑡) + 2𝜉𝜔𝑖

̇𝑞
𝑖 (
𝑡) +

𝐹
𝑠𝑖 (
𝑡)

𝑀
𝑖

= −Γ
𝑥,𝑖
̈𝑢
𝑔𝑥(
𝑡) − Γ𝑦,𝑖

̈𝑢
𝑔𝑦(
𝑡) ,

𝑖 = 1, . . . , 3𝑛,

(6)

which are the motion equations of equivalent systems from
1th to 3𝑛th mode of the considered structure. In (6), 𝜔

𝑖

is natural vibration frequency of the 𝑖th modal equivalent
system of the structure and 𝜉 is damping ratio. The rela-
tionship between the resisting force parameter, 𝐹

𝑠𝑖
/𝑀
𝑠𝑖
, and

the modal coordinate, 𝑞
𝑖
, of the equivalent systems can be

estimated from an idealized base shear and roof displacement
pushover curve of the 𝑛thmode.The equivalent displacement
responses, 𝑞

1
(𝑡) ⋅ ⋅ ⋅ 𝑞

𝑖
(𝑡) ⋅ ⋅ ⋅ 𝑞

3𝑛
(𝑡), can be calculated by (6),

and then the displacement vector, u(𝑡), can be solved by (3).
Transposing M ̈u(𝑡) from the left side of (1) to the right side,
the following is given:

C ̇u + F (u) = −M ( ̈u (𝑡) + 𝜄𝑥 ̈𝑢𝑔𝑥 (𝑡) + 𝜄𝑦 ̈𝑢𝑔𝑦 (𝑡)) = Pine
(7)
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in which Pine can be interpreted as earthquake inertia force
vector of the structure. Substituting (3) into (7), Pine can be
expressed as a summation:

Pine = −

3𝑛

∑

𝑖=1

pine,𝑖

= −

3𝑛

∑

𝑖=1

M𝜑
𝑖
( ̈𝑞
𝑖 (
𝑡) + Γ𝑥,𝑖

̈𝑢
𝑔𝑥 (
𝑡) + Γ𝑦,𝑖

̈𝑢
𝑔𝑦 (
𝑡))

(8)

in which pine,𝑖 is the 𝑖th modal inertia force vector of the
structure.

3. Traditional Multidimensional MPA

In the traditional multidimensional MPA procedure, the
peak modal responses 𝑟

𝑥
and 𝑟
𝑦
to 𝑥- and 𝑦-components of

earthquake motion are determined by nonlinear static anal-
ysis, respectively. Associated with components of earthquake
motion, the total inertia force vector can be expanded as a
summation:

Pine = −

3𝑛

∑

𝑖=1

pine,𝑥,𝑖 −
3𝑛

∑

𝑖=1

pine,𝑦,𝑖

= −

3𝑛

∑

𝑖=1

M𝜑
𝑖
( ̈𝑞
𝑥,𝑖 (
𝑡) + Γ𝑥,𝑖

̈𝑢
𝑔𝑥 (
𝑡))

−

3𝑛

∑

𝑖=1

M𝜑
𝑖
( ̈𝑞
𝑦,𝑖 (
𝑡) + Γ𝑦,𝑖

̈𝑢
𝑔𝑦 (
𝑡)) .

(9)

In the procedure, the contribution of responses for one
component (𝑥 or 𝑦) of ground motion is assumed to
be uncoupled, and the uncoupled equation of motion is
expressed as

̈𝑞
𝑥,𝑖 (
𝑡) + 2𝜉𝜔𝑖

̇𝑞
𝑥,𝑖 (
𝑡) +

𝐹
𝑠𝑥,𝑖 (

𝑡)

𝑀
𝑖

= −Γ
𝑥,𝑖
̈𝑢
𝑔𝑥(
𝑡) ⇒ 𝑟

𝑥,𝑖
,

̈𝑞
𝑦,𝑖 (
𝑡) + 2𝜉𝜔𝑖

̇𝑞
𝑦,𝑖 (
𝑡) +

𝐹
𝑠𝑦,𝑖 (

𝑡)

𝑀
𝑖

= −Γ
𝑦,𝑖
̈𝑢
𝑔𝑦(
𝑡) ⇒ 𝑟

𝑦,𝑖
.

(10)

The peak responses of 𝑥- and 𝑦-directions are determined,
respectively, by combining the peak modal responses using
the CQC rule as follows:

𝑟
𝑥
= (∑

𝑖

∑

𝑗

𝜌
𝑖𝑗
𝑟
𝑥,𝑖
𝑟
𝑥,𝑗
)

1/2

; 𝑟
𝑦
= (∑

𝑖

∑

𝑗

𝜌
𝑖𝑗
𝑟
𝑦,𝑖
𝑟
𝑦,𝑗
)

1/2

.

(11)
The responses 𝑟

𝑥
and 𝑟
𝑦
are combined to determine the total

response 𝑟 by the SRSS rule:

𝑟 = √𝑟
2

𝑥
+ 𝑟
2

𝑦
. (12)

In the procedure, the responses of different horizontal
components of earthquake excitation are uncoupled. The
superposition rule is utilized here to solve the problemwhich
is accurate in linear response stage of the structures under
bidirectional ground motions but it is not applicable in
nonlinear stage.

4. Improved Multidimensional MPA (IMMPA)

4.1. Equivalent SDOF System under Superposition Excitation.
If abs |Γ

𝑥,𝑖
| ⩾ abs |Γ

𝑦,𝑖
|, extract Γ

𝑥,𝑖
from the right side of

equation and define Γ
𝑥,𝑖

= Γ
𝑖
. The motion equation of

equivalent systems is then transformed as

̈𝑞
𝑖 (
𝑡) + 2𝜉𝜔𝑖

̇𝑞
𝑖 (
𝑡) +

𝐹
𝑠𝑖 (
𝑡)

𝑀
𝑖

= −Γ
𝑖
( ̈𝑢
𝑔𝑥(
𝑡) + 𝛾𝑖

̈𝑢
𝑔𝑦(
𝑡)) ,

𝑖 = 1, . . . , 3𝑛 .

(13)

In addition, if abs |Γ
𝑦,𝑖
| ⩾ abs |Γ

𝑥,𝑖
|, a similar equation can

be established, and it is omitted here because of theoretical
consistency. In (13), the parameter 𝛾

𝑖
equals Γ

𝑦,𝑖
/Γ
𝑥,𝑖

which is
in the range from −1 to 1. The superposition of bicomponent
ground acceleration time history, ̈𝑢

𝑔𝑥
(𝑡) + 𝛾

𝑖
̈𝑢
𝑔𝑦
(𝑡), in the

right side of (13) can be interpreted as a single-component
acceleration time history, 𝑈

𝑔𝑖
(𝑡), and the corresponding

motion equations are reduced to

̈𝑞
𝑖 (
𝑡) + 2𝜉𝜔𝑖

̇𝑞
𝑖 (
𝑡) +

𝐹
𝑠𝑖 (
𝑡)

𝑀
𝑖

= −Γ
𝑖
𝑈
𝑔𝑖 (
𝑡) , 𝑖 = 1, . . . , 3𝑛.

(14)

Defining 𝑑
𝑖
(𝑡) = 𝑞

𝑖
(𝑡)/Γ
𝑖
, (14) is transformed as

̈
𝑑
𝑖 (
𝑡) + 2𝜉𝜔𝑖

̇
𝑑
𝑖 (
𝑡) + 𝑓𝑖 (

𝑡) = −𝑈𝑔𝑖 (
𝑡) , 𝑖 = 1, . . . , 3𝑛, (15)

where 𝑑
𝑖
(𝑡) is governed by the equation of motion for the

𝑖th modal equivalent SDOF system subjected to earthquake
excitation, 𝑈

𝑔𝑖
(𝑡). The resisting force term, 𝑓

𝑖
(𝑡), equals

𝐹
𝑠𝑖
(𝑡)/𝑀

𝑖
Γ
𝑖
. Equation (15) shows that, due to the aforemen-

tioned assumptions, the nonlinear response of a structure
system with 3𝑛 degrees of freedom subjected to bidirectional
earthquake excitations can be expressed as the sum of the
responses of 3𝑛 equivalent SDOF systems under single-
directional excitation, ̈𝑢

𝑔𝑥
(𝑡)+𝛾

𝑖
̈𝑢
𝑔𝑦
(𝑡), each one correspond-

ing to a vibration “mode.”
According to the derivation above, the expression of

inertia force vector, Pine, can be expanded as

Pine = −
3𝑛

∑

𝑖=1

pine,𝑖 = −
3𝑛

∑

𝑖=1

Γ
𝑖
M𝜑
𝑖
(
̈
𝑑
𝑖 (
𝑡) + 𝑈𝑔 (

𝑡)) , (16)

where the modal inertia force vector, pine,𝑖, can be reduced as

pine = s
𝑖
𝐴 (17)

in which s
𝑖
is distribution factor vector of inertia force, and s

𝑖

equals

s
𝑖
= Γ
𝑖
[m𝜑𝑥𝑖 m𝜑𝑦𝑖 I𝑜𝜑𝜃𝑖]

𝑇

. (18)

The factor vector, s
𝑖
, can be interpreted as the distribution

factor of modal pushover analysis.

4.2. Inelastic Response Demands for Equivalent Systems under
Superposition Excitation. Generally, the response demands
of inelastic systems can be obtained by inelastic response
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Figure 1: Strength reduction factor 𝑅
𝑠
spectra.

spectra, such as strength reduction factor spectra (i.e., 𝑅-𝜇-𝑇
relation [32]).

The yield resisting force expression𝑓
𝑖,𝑦
= 𝑘
𝑥
𝑑
𝑖,𝑦
is defined

in which 𝑘
𝑥
is linear stiffness and 𝑑

𝑖,𝑦
is yield displacement,

and the relationship for 𝜇
𝑖
(𝑡) = 𝑑

𝑖
(𝑡)/𝑑
𝑦
is defined, and (15)

can be then normalized as

̈𝜇
𝑖 (
𝑡) + 2𝜉𝜔𝑖

̇𝜇
𝑖 (
𝑡) + 𝜔

2

𝑖

𝑓
𝑖 (
𝑡)

𝑓
𝑖,𝑦

= −

𝜔
2

𝑖
⋅ 𝑅
𝑏𝑖

𝛽 (𝜔
𝑖
, 𝜉)

𝑈
𝑔 (
𝑡)

max (

𝑈
𝑔 (
𝑡)






)

,

𝑖 = 1, . . . , 3𝑛,

(19)

where 𝛽(𝜔
𝑖
, 𝜉) is amplification coefficient spectrum corre-

sponding to fixed damping ratio, 𝜉, natural vibration fre-
quency,𝜔

𝑖
, and excitation;𝑅

𝑏𝑖
is strength reduction factor;𝑅

𝑏𝑖

equals 𝑓
𝑒,𝑖
(𝑡)/𝑓
𝑖,𝑦
(𝑡) in which 𝑓

𝑒,𝑖
(𝑡) is elastic resisting force of

corresponding elastic equivalent system. By solving (19), the
maximal value of 𝜇

𝑖
(𝑡) is ductility factor, 𝜇

𝑖
, that is defined

as the ratio between maximal displacement, 𝑑
𝑖,max, and yield

displacement, 𝑑
𝑦
. Based on (19), the relationship for 𝑅

𝑏𝑖
-𝜇
𝑖
-𝑇
𝑖

(𝑇
𝑖
= 2𝜋/𝜔

𝑖
) can be established through iterative calculation.

On the other hand, for a SDOF system, according to
the definitions of strength reduction factor, 𝑅

𝑏
, and ductility

factor, 𝜇, the relationship is given as

𝑑
𝑝,max = 𝜔

2
⋅ 𝐴
𝑒
⋅

𝜇

𝑅
𝑏

, (20)

where 𝐴
𝑒
is elastic maximum acceleration response (or

elastic acceleration spectra); 𝑑
𝑝,max is inelastic maximum

displacement response (or inelastic displacement spectra).
Substituting 𝐴

𝑒
and “𝑅

𝑏
-𝜇-𝑇” model into (19), then the

inelasticmaximumdisplacement, 𝑑
𝑝,max, of the SDOF system

can be solved.
During the past years, some researchers have presented

convenient 𝑅
𝑠
spectra models [32–34]. To combine with

current 𝑅
𝑠
spectra, it is recommended in this paper to

establish 𝑅
𝑏
spectra by analyzing the relationship between

𝑅
𝑠
spectra and 𝑅

𝑏
spectra. The approach is as follows:

establish 𝑅
𝑏
/𝑅
𝑠
ratio spectra based on different soil sites,

analyze the influences of soil site classification, ductility
factor, and participation coefficient ratio of vibration mode
of two spindle axes, and establish simplified relationship of
𝑅
𝑏
/𝑅
𝑠
. On this basis, establish 𝑅

𝑏
spectra with 𝑅

𝑠
spectra and

simplified relation of 𝑅
𝑏
/𝑅
𝑠
. The 𝑅

𝑠
spectra for three kinds of

soil sites are shown in Figure 1.
The 𝑅

𝑏
/𝑅
𝑠
spectra (𝜇 = 2 and 4, three kinds of soil

sites) are shown in Figure 2, in which 𝜇 is ductility factor
and 𝛾 is participation coefficient ratio of vibration mode of
two spindle axes. The following can be drawn from 𝑅

𝑏
/𝑅
𝑠

spectra analysis. (1) The values of 𝑅
𝑏
/𝑅
𝑠
fluctuate around 1

and have no significant regularity as the period increases. (2)
The regularity of 𝑅

𝑏
/𝑅
𝑠
for 𝛾 > 0 and that for 𝛾 < 0 are

different from each other, so it is suggested to analyze them,
respectively.

Through the above analysis, the regularity of 𝑅
𝑏
/𝑅
𝑠
along

with period change is not very significant, so it is suggested to
take the same𝑅

𝑏
/𝑅
𝑠
spectra value within the entire period. In

addition, for the reason of disadvantage in 𝑅
𝑏
/𝑅
𝑠
< 1, “mean

value − 1.65 × standard deviation” of 𝑅
𝑏
/𝑅
𝑠
within 0.05∼5.0

seconds is defined asmodification coefficient,𝛼, of traditional
𝑅
𝑠
. The distribution curves of modification coefficient, 𝛼,

along with ductility factor changes are shown in Figure 3.The
following can be drawn from Figure 3. (1) For all kinds of
soil sites, the minimum value of 𝛼 is 0.910 and the maximum
value is 0.985, which shows that the influence of the analysis
variables on 𝑅

𝑠
spectra is little. (2) For 𝛾 > 0, 𝛼 decreases

while 𝛾 increases; for 𝛾 < 0, 𝛼 decreases while 𝛾 decreases
(it is not so significant for 𝛾 < 0 at hard soil site and for
𝛾 < 0 at intermediate soil site). (3) For hard soil site, 𝛼 is
maximized while 𝜇 = 1.5; 𝛼 decreases and does not change
significantly along with increase of ductility factor while 𝜇 ⩾
2; for intermediate soil site, 𝛼 increases along with increase of
the ductility factor while 𝜇 ⩾ 2; for soft soil site, 𝛼 decreases
along with increase of ductility factor.

4.3. Step-by-Step Procedure. A step-by-step summary of the
IMMPA procedure is presented as follows.

(1) The natural frequencies, 𝜔
𝑖
, and modes, 𝜑

𝑖
, for elas-

tic vibration of the multidimensional building are
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Figure 2: The spectra of 𝑅
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Figure 3: Analysis of modification coefficient 𝛼.

calculated and the corresponding mode shapes are
normalized.

(2) For the 𝑖th mode, determine the base shear-roof
displacement,𝑉

𝑏𝑖
-𝑢
𝑟𝑖
, pushover curve bymultidimen-

sional nonlinear static analysis applying the force
distribution (17).𝑉

𝑏𝑖
and 𝑢
𝑟𝑖
are chosen to correspond

to the direction of the 𝑥- and 𝑦-components, respec-
tively. The pushover curve is in the direction of the
dominant excitation in the mode being considered.

(3) Idealize the 𝑉
𝑏𝑖
-𝑢
𝑟𝑖
pushover curve as a bilinear 𝐴-𝐷

curve by utilizing the well-known procedure [35].
(4) Determine 𝐴

𝑦
-𝐷 earthquake demand spectra curve

based on the nonlinear dynamic analysis of modal
equivalent SDOF system subjected to the superposi-
tion excitation.

(5) Determine the roof object displacement of 𝑖th mode
and then calculate the other 𝑖th modal responses
(such as drifts, plastic rotations, etc.) by conducting
pushover analysis up to the already calculated object
displacement.

(6) Repeat steps 1–5 for as many modes as required for
sufficient accuracy.

(7) Determine the total extreme responses, 𝑟, (including
𝑟
𝑥
- and 𝑟

𝑦
-components) for the excitation of the

combined earthquake motion by combining gravity
response and the peak modal responses by utilizing
the CQC rule.

5. Numerical Example for IMMPA Procedure

5.1. Description of the Example Buildings. In order to clarify
how the proposed methodology should be applied, two
simple analytical examples are presented. The structures
considered are a 10-storey and a 15-storey eccentric reinforced
concrete frame buildings, as illustrated in Figure 4. It is
considered that the ground motion is acting simultaneously
along the two horizontal axes. Each floor has three degrees
of freedom (DOF) defined at the center of mass (CM). Each
floor diaphragm is rigid in its own plane and the center
of stiffness (CS) deviates from the CM. The dimensions of
the two buildings in height are 3.6m for all stories, and
the dimensions in plane are shown as Figure 4. For the
10-storey building, the sectional sizes of beams are 300 ×
700mm2 for 2th∼11th floor; the sectional sizes of columns
are 700 × 700mm2 for 1th∼3th storey, 600 × 600mm2 for
4th∼7th storey, and 500 × 500mm2 for 8th∼10th storey. For
the 15-storey building, the sectional sizes of beams are 300
× 700mm2 for 2th∼5th floor, 300 × 650mm2 for 6th∼11th
floor, and 300 × 600mm2 for 12th∼16th floor; the sectional
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Figure 4: Schematic of example buildings.
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Figure 5: Displacement of roof of the structural models.

sizes of columns are 700 × 700mm2 for 1th∼4th storey, 650
× 650mm2 for 5th∼10th storey, and 500 × 500mm2 for
11th∼15th storey. Steel ratios are approximately 1.5% for beam
sections and 2% for column sections of the two buildings.
Concrete compression strength is selected as 30MPa for all
columns and beams of the structure. The design dead load

and live load are, respectively, 6.6 kN/m2 (4.7 kN/m2) and
1.0 kN/m2 (2.0 kN/m2) for each floor (roof). The damping
of the building is modeled by the Rayleigh damping, and
damping ratio 𝜉 equals 5%.

The bidirectional “Taft” earthquake records (Kern
County 1952, 1095 Taft Lincoln School) are selected to verify



8 The Scientific World Journal

0 0.2 0.4 0.6 0.8 1
Story drift ration (%)

0
1
2
3
4
5
6
7
8
9

10

Fl
oo

r

0 0.1 0.2 0.3 0.4 0.5
Displacement/height (%)

0
1
2
3
4
5
6
7
8
9

10

(a) Object 1𝑥 (10-story model, 𝑥-axis, PGA = 3.1m/s2)

0.05 0.1 0.15 0.2 0.25 0.3 0.35
Story drift ratio (%)

0 0.05 0.1 0.15 0.2
Displacement/height (%)

0
1
2
3
4
5
6
7
8
9

10

Fl
oo

r

0
1
2
3
4
5
6
7
8
9

10

(b) Object 1𝑦 (10-story model, 𝑦-axis, PGA = 3.1m/s2)

0 0.2 0.4 0.6 0.8 1 1.2 1.4
Story drift ratio (%)

0 0.1 0.2 0.3 0.4 0.5 0.6 0.7
Displacement/height (%)

0
1
2
3
4
5
6
7
8
9

10

Fl
oo

r

0
1
2
3
4
5
6
7
8
9

10

(c) Object 2𝑥 (10-story model, 𝑥-axis, PGA = 4.0m/s2)

0 0.2 0.4 0.6 0.8
Story drift ratio (%)

NL-RHA

IMMPA

0 0.1 0.2 0.3 0.4 0.5
0
1
2
3
4
5
6
7
8
9

10

Fl
oo

r

0
1
2
3
4
5
6
7
8
9

10

Displacement/height (%)

1“mode”
2“modes”
3“modes”
4“modes”

5“modes”
6“modes”

NL-RHA

IMMPA
1“mode”
2“modes”
3“modes”
4“modes”

5“modes”
6“modes”

(d) Object 2𝑦 (10-story model, 𝑦-axis, PGA = 4.0m/s2)

Figure 6: Continued.
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Figure 6: Comparison of deformation responses between IMMPA and NL-RHA.
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the accuracy of the presented method. The acceleration
peak values of the records are adjusted to 3.1m/sec2 and
4.0m/sec2, respectively. The nonlinear response time history
analyses (NL-RHA) are implemented for the two example
building subjected to the selected earthquake record and the
time history responses of roof displacements are illustrated
in Figure 5, in which 8 peak displacement points are defined
as 8 objective control points for variance analysis.

5.2. Comparative Evaluation Method. The method to com-
pare estimation results of IMMPA with exact results of NL-
RHA for verifying the procedure is as follows.

(1) The restoring force model of modal equivalent SDOF
system is established by modal pushover analysis.

(2) The dynamic response 𝑄
𝑖𝑠
of the 𝑖th mode equivalent

SDOF system is solved by NL-RHA, in which the
restoring force model obtained in step 1 is used.
The dynamic response 𝑄

𝑖𝑠
is converted into the 𝑖th

modal responses 𝑄
𝑖
, and total structural dynamic

responses 𝑄 can be obtained by superposition of
modal responses; that is, 𝑄 = ∑𝑄

𝑖
.

(3) Corresponding to the eight objective control points
given in Section 5.1, themodal roof objective displace-
ments, 𝑢

𝑟𝑜𝑖
, and structural roof objective displace-

ments, 𝑢
𝑟𝑜
, are solved, respectively, according to step

2.
(4) The IMMPA is implemented and the modal static

responses 𝑄𝑠
𝑖
, corresponding to 𝑢

𝑟𝑜𝑖
, are obtained.

The total static responses, 𝑄𝑠, are determined by
linear combining the response values of each modal
pushover analysis; that is, 𝑄𝑠 = ∑𝑄𝑠

𝑖
.

(5) The demand responses are compared between
IMMPA and NL-RHA.

5.3. Comparison of Responses. The comparisons of story drift
ratios and floor displacements betweenNL-RHAmethod and
IMMPAmethod are illustrated in Figure 6.The values gotten
with NL-RHA method are considered to be the exact one,
which will be utilized to analyze the estimation accuracy of
structural responses with IMMPA method. It can be drawn
from Figure 6 that (1) in general IMMPA method can be
used to estimate deformation distribution of structures under
bidirectional earthquake excitations, rationally. (2) With
peak value of earthquake acceleration and structural plastic
deformation increase, the deviation of structural response
estimated with MMPA may increase. The reason is that the
concept of elastic modal decomposition is not applicable to
inelastic response analysis in theory. In addition, it is not
rational to estimate dynamic response of structures with
static analysis method, which may also result in deviation.
(3) By comparing 10-storey structure and 15-storey structure
in the case, it is found that the response deviation of the 15-
storey structure, estimated with IMMPA, is larger than that
of the 10-storey structure, so it can be drawn that structural
deviation estimated with IMMPAwill increase as the number
of total floors of structure increases. The reason is that, with

the increase of the number of total floors, the vibrationmodes
are gradually complex and the effect of the higher mode on
structural response increases gradually.

6. Conclusion

A new IMMPA idea is presented in the paper based on tra-
ditional MPA method: superposed bidirectional earthquake
excitation acting on modal ESDOF system can be regarded
as an unidirectional “combined earthquake excitation”; in
pushover procedure, the static force replacing “combined
earthquake excitation” is assigned to three components of
each floor of a structure based on model of vibration.

In accordance with this idea, in solution of structural
displacement response, it is required to input “combined
earthquake acceleration” to modal ESDOF system in order
to establish 𝑅

𝑏
spectra and convert it to seismic demand

spectra. It is recommended in this paper to get modification
coefficient of 𝑅

𝑠
spectra by analyzing the relation of 𝑅

𝑏
/𝑅
𝑠
.

Define modification coefficient, 𝛼, as “mean value − 1.65 ×
standard deviation” of𝑅

𝑏
/𝑅
𝑠
within 0.05∼5 seconds. Based on

selected earthquake records, analyze the influence of soil site
classification, ductility factor, and participation coefficient
ratio of vibration mode on 𝛼.

In order to check accuracy of the IMMPA procedure
presented in this paper, two structures with mass eccentricity
are designed, a bidirectional earthquake groundmotion, Taft,
is taken as earthquake excitation of the structural system,
and deformation distribution of the structure is calculated,
respectively, with NL-RHA and IMMPA, and the results are
concluded as follows after comparative analysis.

(1) In general, IMMPAmethod can be used to accurately
estimate the distribution feature of plastic deforma-
tion of the structure along its floors.

(2) Along with increase of peak of earthquake acceler-
ation, structural response deviation estimated with
IMMPA method may also increase.

(3) Along with increase of the number of total floors
of structures, structural response deviation estimated
with IMMPA method may also increase.
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In the last two decades, a significant number of innovative sensing systems based on optical fiber sensors have been exploited in the
engineering community due to their inherent distinctive advantages such as small size, light weight, immunity to electromagnetic
interference (EMI) and corrosion, and embedding capability. A lot of optical fiber sensor-based monitoring systems have been
developed for continuous measurement and real-time assessment of diversified engineering structures such as bridges, buildings,
tunnels, pipelines, wind turbines, railway infrastructure, and geotechnical structures. The purpose of this review article is devoted
to presenting a summary of the basic principles of various optical fiber sensors, innovation in sensing and computational
methodologies, development of novel optical fiber sensors, and the practical application status of the optical fiber sensing
technology in structural health monitoring (SHM) of civil infrastructure.

1. Introduction

Structural health monitoring (SHM) has been a fast-
developing domain in engineering disciplines especially in
civil engineering field. The innovation in the SHM tech-
nologies as well as the development of the large-scale SHM
systems has boomed within the engineering and academic
communities over the last two decades [1–7]. The avail-
able practical experiences have proved that the progressive
advancement of the sensing techniques will undoubtedly
expedite the evolution of the SHM technology. In comparison
with the traditional mechanical and electrical sensors, the
optical fiber sensors possess some unique advantages such
as small size, light weight, immunity to electromagnetic
interference (EMI) and corrosion, and embedding capability
[8–12], and therefore they have been employed inmonitoring
of engineering structures worldwide. This paper will provide
a comprehensive review on structural monitoring of civil
infrastructure by use of the optical fiber sensing technology.

In the last two decades, a considerable number of inves-
tigations have been conducted in reviewing the progress

of research and development of the optical fiber sensing
technology as well as the applications of optical fiber sensors
in the monitoring of various kinds of engineering structures
[13–17]. Bhatia et al. [18] reported the progress in the per-
formance and reliability of the optical fiber-based extrinsic
Fabry-Perot interferometric (EFPI) strain sensor. Rao [19]
gave a systematic review of progress on applications of
FBG sensors in large composite and concrete structures, the
electrical power industry, medicine, and chemical sensing.
Leung [20] reviewed the applications of optical fiber sensors
for monitoring of concrete structures. Measures et al. [21]
overviewed the research on the development of structurally
integrated optical fiber sensors for the smart structures.
Merzbacher et al. [22] reviewed the strain monitoring of
concrete structures by use of optical fiber sensors. López-
Higuera et al. [23] summarized themain types of optical fiber
techniques suitable for structural monitoring and introduced
various optical fiber sensor-based engineering application
scenarios. Ansari [24] provided a summary of basic principles
pertaining to monitoring of civil engineering structures with
optical fiber sensors.Majumder et al. [25] reviewed the recent
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research and development activities in structural monitoring
using FBG sensors.

2. Fundamentals of Optical Fiber Sensors

Generally, an optical fiber sensor system consists of a light
transmitter, a receiver, an optical fiber, a modulator element,
and a signal processing unit. As the core part of an optical
fiber sensor, the optical fiber is usually made from silica
glass or polymer material, which itself can act as a sensing
element or carry the light from the source to the modulator
element. When the strain or temperature variation of the
structure occurs, the surface-mounted or embedded optical
fiber sensor in the structure will expand or contract. In
accordance with the change of the length of the optical
fiber, the optical fiber sensor modulates the light and reflects
back an optical signal to the analytical unit for deriving
the concerned physical quantity of the structure [26]. Based
on the sensing principle, the optical fiber sensors can be
categorized into different types as illustrated in the following
sections [27].

2.1. Fiber Bragg Grating (FBG) Sensors. Up to now, the FBG
sensor has been widely used in the monitoring of civil
engineering structures [28–32]. It can be regarded as a type
of optical fiber sensor with varied refractive indices in the
core. According to Bragg’s law, a beam of white light is
written in the FBG sensor, and when the light from the
broadband source passes through the grating at a particular

wavelength, the Bragg wavelength is reflected which is related
to the grating period, as illustrated in Figure 1. The Bragg
wavelength 𝜆

𝐵
can be expressed by

𝜆
𝐵
= 2𝑛effΛ, (1)

where 𝑛eff is the effective index of refraction andΛ is the grat-
ing period. The wavelength shift changes linearly with both
strain and temperature. When the grating part is subjected to
external disturbance, the period of the gratingwill be changed
and the Bragg wavelength is varied accordingly.The variation
of the Bragg wavelength can be obtained by

Δ𝜆
𝐵
= 𝜆
𝐵
{(𝛼 + 𝜉) Δ𝑇 + (1 − 𝑝𝑒

) Δ𝜀} , (2)

where Δ𝜀 is the strain variation, Δ𝑇 is the temperature
change, 𝛼 is the coefficient of the thermal expansion, 𝜉 is the
thermooptic coefficient, and 𝑝

𝑒
is the strain-optic coefficient.

2.2. Extrinsic Fabry-Perot Interferometric (EFPI) Sensors. For
an EFPI sensor, the optical fiber acts as the input or output
path; the light from the source passes through the optical
fiber to the sensing part and then to the demodulation system
[33–38]. A typical EFPI sensor consists of the input/output
fibers and the reflective fibers as well as a hollow-core tube
for creating an air cavity, namely, the Fabry-Perot cavity.
An adhesive is employed to bond the two components. As
illustrated in Figure 2, the Fabry-Perot cavity is formed
between an input single-mode fiber and a reflecting single-
mode or multimode fiber, and two fibers are aligned inside
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a hollow-core tube. At both ends of the cavity, there are
reflections on the uncoated ends of the fibers. 𝑅

1
is referred

to as the reference reflection which depends on the applied
perturbation such as strain and temperature.𝑅

2
is the sensing

reflection and depends on the length of the cavity, 𝐿. A
sinusoidal output signal will be generated when 𝑅

1
interferes

with 𝑅
2
. Because the length of the cavity can be modulated

by the applied perturbation, the EFPI sensor can be used
to measure the applied perturbation according to the output
signal. For the strain measurement, it can be expressed by

𝜀 =

Δ𝑙 (air gap)
𝐿

, (3)

where Δ𝑙 is the variation in the cavity.

2.3. Optical Time-Domain Reflectometry (OTDR) Sensors. An
optical time-domain reflectometry- (OTDR-) based sensor
is capable of distributedly sensing along the length of an
optical fiber with a specific refractive index [39, 40]. When
a light pulse at a particular wavelength propagates along
the optical fiber, the sensor can locate the position of the
interaction according to the propagation time, as illustrated
in Figure 3. The location of the variation of the measurand
may be determined by the OTDR sensor. The OTDR-based
distributed sensor is possible to be used to measure the
change in the properties of the light along the entire optical
fiber by measuring the time of flight of the returned pulses.
The Brillouin optical time domain reflectometer (BOTDR)
sensor is one of the distributed optical fiber sensors and
is based on the Brillouin scattering. Due to the advantage
of being capable of measuring continuous strain and tem-
perature over a long distance, the BOTDR sensor has been
widely applied in distributed monitoring of large-scale civil
structures.

3. Innovation in Methodologies and Sensors

3.1. Improvement of Methods. Li et al. [41] proposed a the-
oretical model for describing the strain transfer relationship
between the fiber core of the FBG sensor and the host mate-
rial. Yun et al. [42] developed a newmethod based on the sim-
ulated annealing evolutionary algorithm for demodulation

of the strain profile along an FBG distributed strain sensor.
Imai and Feng [43] proposed a stress-transferring model
incorporating drastic softening behavior for the surrounding
components to investigate the stress transfer from a host
structure to a sensing fiber. Zhang et al. [44] proposed a
model reconstruction soft computing recognition algorithm
based on genetic algorithm, support vector regression to
achieve the reliability of the FBG-based sensor network. Gill
et al. [45] presented a genetic algorithm for the inversion of
Bragg grating sensor spectral data to determine the strain
distribution along the grating. Prabhugoud and Peters [46]
developed an integrated formulation for the calculation of
the spectral response of an FBG sensor embedded in a host
material system as a function of the loading applied to the
host structure.

Liu et al. [47] proposed an adaptive filtering algorithm for
the noise reduction and the detectability of seismic signals
measured by an FBG measuring system. Ma et al. [48]
presented a fast interrogationmethod for the dynamic and/or
static strain gauge by use of a reflection spectrum from two
superimposed FBGs. Jang et al. [49] developed a real-time
impact localization algorithm for various composite struc-
tures using the impact-induced acoustic signals acquired
by multiplexed FBG sensors. Schizas et al. [50] proposed
a method for nonhomogeneous strain monitoring of com-
posite structures with embedded wavelength multiplexed
FBG sensors. Feng et al. [51] proposed a stationary wavelet
transform method for signal processing of the distributed
strain data from the BOTDR-based optical fiber sensors.
Peters et al. [52] investigated the method of measurement of
nonuniform strain field near the stress concentration by use
of the embedded FBG sensor.

3.2. Development of Sensors. Lee et al. [53] developed an
optical fiber accelerometer composed of a reflective grating
panel and two optical fibers as transceivers whichwas capable
of monitoring the low-frequency acceleration of large-scale
civil engineering structures.Wang andHuang [54] developed
an optical fiber corrosion sensor based on the principle
of light reflection consisting of an optical fiber reflection
sensor and a tube/film subassembly formed by welding a
sacrificial metallic film to a steel tube. Rodriguez-Cobo et
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al. [55] designed an FBG-based smart structure embedded
into composite laminates for simultaneous measurement of
temperature and strain and conducted experimental investi-
gations for performance validation. Pirozzi [56] developed a
multipoint force sensor based on crossed optical fibers. Kim
et al. [57] developed a gold-deposited extrinsic Fabry-Perot
interferometer for dynamic strain measurement.

Cumunel et al. [58] investigated the capacity of continu-
ously attached long-gauge optical fiber sensors for dynamic
evaluation of structures. Gangopadhyay et al. [59] addressed
different design and experimental packaging procedures of
indigenously developed FBG sensors for strainmeasurement.
Yuan et al. [60] presented an optical fiber two-dimensional
sensing system for measuring the strain inside the concrete
structure based on white-light Michelson interferometric
optical fiber sensing technique. Liu et al. [61] designed a long-
period fiber grating sensor for detecting the state of rebar
corrosion in concrete. Yashiro et al. [62] proposed an embed-
ded chirped FBG sensor for damage detection in the holed
carbon fiber reinforced polymer (CFRP) laminate. Zhou et al.
[63] designed an extrinsic Fabry-Perot interferometric strain
sensor for damage evaluation of smart composite beams.
Triollet et al. [64] proposed a superimposed FBG device to
measure, localize, and discriminate strain and temperature
effects simultaneously for structural monitoring.

Hong et al. [65] developed a distributed long-gauge FBG
macrostrain sensor for condition assessment of reinforced
concrete beams [66]. Quirion and Ballivy [67] validated
the robustness of the Fabry-Perot optical fiber sensor in
strain monitoring of the concrete structure. Davis et al. [68]
developed an integrated FBG-based sensing system for broad
area damage detection of composite structures. Villalba and
Casas [69] evaluated the usefulness and effectiveness of the
optical backscatter reflectometer sensor in damage detection
of concrete structures. Torres et al. [70] presented a new FBG
strain sensorwith an unsymmetrical packaging configuration
designed to be fixed to the surface of themonitored structure.
Schröder et al. [71] developed a low-cost optical fiber sensing
system for continuous on-site monitoring of contact forces
in current collectors. Kim [72] developed a smart moni-
toring system for stress monitoring and damage detection
of offshore structures using piezoceramic and optical fiber
sensors.

Xu et al. [73] developed a novel Fabry-Perot optical
fiber pressure sensor for application in high temperature
environments. Garćıa et al. [74] developed a novel distributed
optical fiber strain sensor suitable for long-distance condition
monitoring of engineering structures. Liu et al. [75] devel-
oped a partially multiplexed EFPI-based optical fiber strain
sensor system for in situ strain measurement of composite
structures. Sun et al. [76] experimentally investigated the
feasibility of corrosion monitoring of reinforced concrete
structures by use of BOTDR sensors. Lan et al. [77] developed
a combined Brillouin and FBG sensor for the monitoring of
structural prestress loss in reinforced concrete beams. Zhou
et al. [78] developed a smart fiber reinforced polymer (FRP)
rebar with an embedded novel optical fiber for evaluation of
prestress loss distribution in posttensioned concrete struc-
tures.

4. Applications of Optical Fiber
Sensing Technology

4.1. Bridges. As the vital hinges of the transportation lines, the
health conditions of the bridges have always been concerned
by the bridge owners and managers. Continuous real−time
monitoring of the environmental and operational loadings
as well as the structural responses and behaviors of the
bridges has been proved to be a promising and effective way
for system identification, damage detection, safety condition
assessment, and structural performance prediction. Due to
the nonsubstitutable capabilities and unique advantages, the
optical fiber sensing technology has been served as an effec-
tive tool for the monitoring of each phase of the bridge life-
cycle (construction, operation, reinforcement, and rehabili-
tation), of various structural components of bridges (decks,
towers, stay cables, suspenders, girders, piers, piles, and
abutments), and of different measurands (strains, temper-
atures, accelerations, deflections/displacements, cracks, and
corrosion). There have been a lot of investigations on bridge
healthmonitoring and structural condition assessment based
on the optical fiber sensing technology as detailed in the
following sections.

4.1.1. Integrated Bridge Monitoring System. A considerable
number of optical fiber-based integrated SHM systems
deployed on various types of bridges have been developed
worldwide [79]. In USA, Mehrani et al. [80] developed a
remote monitoring system based on optical fiber sensors for
condition assessment of bridges and the performance of the
developed system was validated through field instrumenta-
tion on a bridge in Florida, USA, during its construction
stage. Glisic and Inaudi [81] developed a method for integrity
monitoring of fracture critical bridges using simulated Bril-
louin scattering based on a crack or local deformation iden-
tification algorithm and a sensor delamination mechanism.
Talebinejad et al. [82] developed an FBG-based accelerometer
by use of the stiffness of the optical fiber and a lumped
mass and the performance of which was evaluated during
ambient vibration tests of a real bridge. In Canada, a total
of 16 bridges have been instrumented with long-term SHM
systems by intelligent sensing for innovative structures (ISIS)
with various combinations of optical fiber sensors [83].

Brönnimann et al. [84] investigated the reliability and
long-term stability of an FBG-based sensing and surveillance
system through a monitoring period of six months during
construction of a stay cable in Switzerland. In Portugal,
Rodrigues et al. [85] developed an FBG-based system with
embedded displacement and strain transducers for long-term
monitoring of structural performance of concrete bridges
which was applied to a concrete bridge. Barbosa et al. [86]
developed a novel weldable FBG sensing system for strain
and temperature monitoring of steel bridges and for loading
tests and health monitoring of a circular pedestrian steel
bridge. In UK, Kerrouche et al. [87] developed a relatively
cheap and effective sensing system using a compact FBG-
based monitoring system incorporating a scanning Fabry-
Perot filter, and the performance of the system was validated
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through laboratory experiments and field tests in a real
bridge. Kister et al. [88, 89] conducted the research on
structural monitoring of a composite road bridge by use
of FBG sensors, and the performance of the adhesives and
the protection system of the sensors were evaluated through
field pullout tests. Mokhtar et al. [90] created an innovative
FBG-based sensor system for accurate strain measurement
with full temperature compensation towards condition mon-
itoring and assessment of arch bridges. Surre et al. [91]
developed an optical fiber sensor system for long-term strain
monitoring and condition assessment of a redundant 50-
year-old concrete footbridge.

In Hong Kong, the high-speed demultiplex-
ing/interrogation system for FBG sensor arrays and
FBG sensor package units were deployed for long-term
monitoring on the Tsing Ma Bridge which is the world’s
longest suspension bridge carrying both highway and railway
traffic [92]. Yau et al. [93] proposed a simple, inexpensive,
and practical method for measurement of the vertical
displacement of bridges by use of FBG sensors. In Chinese
mainland, Zhao et al. [94] integrated the distributed Brillouin
optical time domain analysis (BOTDA) technology and the
FBG sensing technology for strain monitoring of bridges. In
Korea, Chung et al. [95] conducted the experimental study
on the applicability of long-gauge optical fiber sensors for the
monitoring of the structural defection of the prestressed con-
crete bridges. Lin et al. [96] developed an FBG-based sensing
system for online monitoring of highway bridges during
construction to record the hydration effects, curing periods,
prestressing responses, and removal of support frames.

4.1.2. Monitoring of Rehabilitated and Antique Bridges.
Research efforts also have been devoted to measuring the
structural behaviors of old bridges or deficient bridges during
rehabilitation by use of the optical fiber sensing system
[97]. Jiang et al. [98] applied two types of optical fiber
sensors embedded in FRP material to monitor the global
and local behaviors of the strengthened bridge structures.
Zhang et al. [99] introduced two types of optical fiber sensing
technologies (FBG and BOTDR) for health monitoring of
rehabilitated reinforced concrete girder bridges, and the
static and dynamic loading tests were carried out with a
simply supported reinforced concrete T-beam strengthened
by externally posttensioned aramid fiber reinforced polymer
(AFRP). Costa and Figueiras [100] presented the design of an
advanced FBG-based monitoring system which was applied
to a century steel arch bridge in Portugal.

4.1.3. Monitoring of Bridge Cables and Suspenders. He et al.
[101] carried out an investigation on cable force monitoring
by use of the local high-precision FBG sensor in combination
with the distributed BOTDA sensing technique. Li et al.
[102] developed a smart stay cable assembledwith FBG-based
strain and temperature sensors which were incorporated into
a glass fiber reinforced polymer (GFRP) bar. The efficiency
of the developed smart stay cable was proved by application
to evaluate the fatigue accumulative damage of a stay cable
bridge in China [103, 104].

4.1.4. Bridge Scour Monitoring. Zhou et al. [105] proposed
an FBG sensing system for scour monitoring of foundations
of bridge piers and abutments. This developed system intro-
duced a uniform-strength FRP beam instrumented with two
FBG sensors in two sides of the neutral axis, and the feasibility
of the system was validated through laboratory tests. Lin
et al. [106, 107] developed two types of FBG-based systems
for real-time bridge scour monitoring, which were capable
of measuring the process of scouring/deposition and the
variation of the water level.The in situ FBG scourmonitoring
system was demonstrated to be robust and reliable for real-
time scour-depth measurement and to be valid for indicating
the depositional depth. Xiong et al. [108] developed a bridge
scour monitoring system by use of FBG sensors, and the
experimental investigations verified that the recommended
scour monitoring system was capable of measuring the
water level, the scour depth, the entire process of scour
development, and the deposition height due to the refilling
process.

4.2. Buildings. The optical fiber sensing technology has
been employed in safety condition monitoring of the high-
rise structures during in-construction and in-service stages.
Bastianini et al. [109] utilized the embedded optical fiber
Brillouin sensors for strainmonitoring and crack detection of
a historical building. Antunes et al. [110] conducted dynamic
monitoring of a reinforced concrete water reservoir and a
slender metallic telecommunication tower by use of FBG-
based biaxial accelerometers. Ni et al. [111] deployed massive
FBG sensors for strain and temperature monitoring of the
Canton Tower. Li et al. [112] performed an investigation on
the feasibility of the FBG-based monitoring system instru-
mented in an 18-floor tall building during construction. The
FBG sensors were used tomonitor the strain and temperature
of the building in three steps of construction, that is, before
the concrete pouring, during the pouring and curing of
concrete, and the construction of subsequent upper floors of
the building.

4.3. Tunnels and Pipelines. Ye et al. [113] addressed two
engineering paradigms on safety monitoring of tunnel con-
struction by use of FBG sensors. Metje et al. [114] presented a
new optical fiber sensing system for structural displacement
monitoring which was successfully applied to measure the
displacement of a tunnel lining. The novel system was based
on a square fiberglass smart rod which was proved sensitive
enough to measure the rotational movement of 0.5∘ and the
lateral movement of 0.1mm of the fixings. Li et al. [115]
developed a metal groove encapsulating technique for the
bare FBG sensor to measure the surface strain of the second
lining of the tunnel. Li et al. [116] developed a differential FBG
strain sensor for monitoring the stability of the tunnel during
the backfilling and traffic-operating periods.

Glisic and Yao [117] proposed a method for real-time,
automatic, or on-demand assessment of health conditions
of buried pipelines after the earthquake based on dis-
tributed optical fiber sensors, the research of determination
of sensor topologies, selection and development of sensors,
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development of installation and implementation procedures,
and large-scale tests were conducted. Zhang et al. [118]
experimentally investigated the prediction of locations and
progression sequences of the pipe buckling with the aid of the
broadening factor of the Brillouin spectrumwidth using high
strength carbon-coated fibers and standard communication
fibers.

4.4. Wind Turbines. A review of the current status and a
discussion on research and implementation of FBGs and
long-period gratings in wind turbine blade sensors can be
found in [119]. Arsenault et al. [120] developed an FBG-based
distributed strain sensor system for real-time monitoring of
a wind turbine and conducted the validation tests under a
laboratory scale under various loading conditions. Kim et
al. [121] conducted experimental investigations on deflection
estimation of wind turbine blades using embedded FBG
sensors. Burgmeier et al. [122] developed and tested an FBG-
based sensor system for remote measurement of strain that
affects the power cable in an offshore wind turbine.

Bang et al. [123] introduced an FBG-based arrayed sensor
system for measurement of strain and bending deflection
of wind turbine towers. Ge et al. [124] developed a specific
intensity-modulated optical fiber accelerometer for vibration
monitoring of wind turbine blades. Schroeder et al. [125]
installed an FBG measurement system for load monitoring
in horizontal-axis wind turbines. Choi et al. [126] determined
the tip deflections of a composite wind turbine blade through
a static load test using mechanical strains measured by FBG
sensor probes.

4.5. Railway Infrastructure. Recently, the optical fiber sensor-
based monitoring system has attracted great interests among
the researchers in the fields of railway engineering and optical
engineering. Yan et al. [127] proposed three FBG-based
methods for strain measurement and axle counting in high-
speed railway systems, and the advantages and limitations
of these approaches were discussed in terms of feasibility
and cost-effectiveness through laboratory verification and
evaluation. Wei et al. [128, 129] described a real-time wheel
defect detection system through deploying FBG sensors on
rail tracks of the Hong Kong mass transit railway (MTR)
to gain the track strains upon wheel-rail interaction and
generate a reliable condition index reflecting the wheel
condition, and the effectiveness of the introduced system
was verified by extensive field tests. Filograno et al. [130]
implemented an FBG-based railway security monitoring
system on the Spanish high-speed line Madrid-Barcelona for
train identification, axle counting, speed and acceleration
detection, wheel imperfectionmonitoring, and dynamic load
calculation.

Pimentel et al. [131] developed a hybrid fiber-
optic/electrical train characterization system with a new
weight-in-motion (WIM) algorithm for on-motion deter-
mination of the train speed, acceleration and weight
distribution for traffic monitoring, and safety evaluation
of a railway bridge in Portugal. Kerrouche et al. [132, 133]
conducted the research on structural monitoring of a

decommissioned concrete railway bridge in Sweden loaded
to failure by use of an FBG-based distributed sensor system.

Kang and Chung [134] developed an integrated FBG-
based monitoring scheme for a maglev guideway in Korea to
measure the parameters involving strains, curvatures, vertical
defections, and frequencies which were compared with those
obtained from the conventional sensors [135]. Yoon et al.
[136] proposed a distributed Brillouin optical correlation
domain analysis- (BOCDA-) based sensing system to mea-
sure the longitudinal strain distribution of a rail in real
time, and the results of a spatial resolution of 3.8 cm and
an accuracy of ±15 𝜇𝜀 were achieved under different loading
conditions applied to a 2.8m rail. Wang et al. [137] utilized
A-thermal FBG sensors and electronic sensors to record
performance changes in the continuous welded rail, and the
monitoring results revealed that the optical fiber sensor was
durable and capable of long-termmonitoring andwas capable
of providing sensitive, clear, and stable signals.

Bocciolone et al. [138] presented the application of FBG
sensors on a pantograph for monitoring of the contact force
and the vertical acceleration of the pantograph head of the
pantograph-catenary system in an underground line. Boffi et
al. [139] developed an innovative optical fiber sensor-based
system for onlinemonitoring of the contact force between the
pantograph and the catenary at low and high frequencies.

4.6. Geotechnical Structures. Regarding the applications in
geotechnical engineering, Pei et al. [140, 141] developed an
FBG-based in-place inclinometer for lateral displacement
measurement of slopes in accordance with the classical
indeterminate beam theory which was successfully installed
in a slope in China for long-term displacement monitoring.
Kister et al. [142] deployed FBG sensors in reinforced con-
crete foundation piles for strain and temperature monitoring
and structural health condition assessment. Lu et al. [143]
conducted the field measurement of the stress within the
precast pile by use of the BOTDR-based optical fiber sensing
technique. Kim et al. [144] developed a specially designed
FBG-embedded tendon for the monitoring of the prestress
force and load transfer of the ground anchor and the feasi-
bility of the device was verified through laboratory and field
tests. Legge et al. [145] developed an FBG-based stress cell
for determination of the full state of three-dimensional stress
at any accessible or predetermined point in a soil mass or
structure.

5. Conclusions

This paper provides a summary of the research and devel-
opment in the area of structural monitoring of civil infras-
tructure by use of the optical fiber sensing technology.
Based on a comprehensive review of the optical fiber sensor-
based theories, methods, technologies, and applications, the
following concluding remarks are made: (i) due to their
unique merits, the optical fiber sensors have been widely
used in life-cycle monitoring of civil infrastructure such as
bridges, buildings, tunnels, pipelines, wind turbines, railway
infrastructure, and geotechnical structures; (ii) the optical
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fiber sensing technology is capable of measuring lots of types
of measurands such as strains, temperatures, accelerations,
deflections/displacements, cracks, and corrosion; and (iii) the
exploitation of protection measures in sensor installation as
well as the development of cost-effective optical fiber demod-
ulation instruments are desirable in the further research.
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novel distributed fiber-optic strain sensor,” IEEE Transactions
on Instrumentation and Measurement, vol. 51, no. 4, pp. 685–
690, 2002.

[75] T. Liu, M. Wu, Y. Rao, D. A. Jackson, and G. F. Fernando,
“A multiplexed optical fibre-based extrinsic Fabry-Perot sensor

system for in-situ strain monitoring in composites,” Smart
Materials and Structures, vol. 7, no. 4, pp. 550–556, 1998.

[76] Y. J. Sun, B. Shi, S. E. Chen, H. H. Zhu, D. Zhang, and Y. Lu,
“Feasibility study on corrosionmonitoring of a concrete column
with central rebar using BOTDR,” Smart Structures and Systems,
vol. 13, no. 1, pp. 41–53, 2014.

[77] C. Lan, Z. Zhou, and J. Ou, “Monitoring of structural prestress
loss in RC beams by inner distributed Brillouin and fiber Bragg
grating sensors on a single optical fiber,” Structural Control and
Health Monitoring, vol. 21, no. 3, pp. 317–330, 2014.

[78] Z. Zhou, J. P. He, G. D. Chen, and J. P. Ou, “A smart steel
strand for the evaluation of prestress loss distribution in post-
tensioned concrete structures,” Journal of Intelligent Material
Systems and Structures, vol. 20, no. 16, pp. 1901–1912, 2009.

[79] J. R. Casas and P. J. S. Cruz, “Fiber optic sensors for bridge
monitoring,” Journal of Bridge Engineering, vol. 8, no. 6, pp. 362–
373, 2003.

[80] E. Mehrani, A. Ayoub, and A. Ayoub, “Evaluation of fiber optic
sensors for remote health monitoring of bridge structures,”
Materials and Structures, vol. 42, no. 2, pp. 183–199, 2009.

[81] B. Glisic and D. Inaudi, “Development of method for in-
service crack detection based on distributed fiber optic sensors,”
Structural Health Monitoring, vol. 11, no. 2, pp. 161–171, 2012.

[82] I. Talebinejad, C. Fischer, and F. Ansari, “Serially multiplexed
FBG accelerometer for structural healthmonitoring of bridges,”
Smart Structures and Systems, vol. 5, no. 4, pp. 345–355, 2009.

[83] R. C. Tennyson, A. A. Mufti, S. Rizkalla, G. Tadros, and
B. Benmokrane, “Structural health monitoring of innovative
bridges inCanadawith fiber optic sensors,” SmartMaterials and
Structures, vol. 10, no. 3, pp. 560–573, 2001.
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Underground pipelines are widely applied in the so-called lifeline engineerings. It shows according to seismic surveys that the
damage from soil liquefaction to underground pipelines was the most serious, whose failures were mainly in the form of pipeline
uplifting. In the present study, dynamic centrifuge model tests were conducted to study the uplifting behaviors of shallow-buried
pipeline subjected to seismic vibration in liquefied sites. The uplifting mechanism was discussed through the responses of the pore
water pressure and earth pressure around the pipeline. Additionally, the analysis of force, which the pipeline was subjected to before
and during vibration, was introduced and proved to be reasonable by the comparison of the measured and the calculated results.
The uplifting behavior of pipe is the combination effects of multiple forces, and is highly dependent on the excess pore pressure.

1. Introduction

Pipelines are the artery of modern industries and urban
life, widely used in lifeline engineerings such as water
supply, electricity supply, natural gas transportation line,
and communication cables. According to a large number
of seismic disaster surveys [1, 2], the damage probability
of the underground pipelines in liquefied soil is far greater
than that in the nonliquefied soil. Shallow buried pipelines
in liquefied sands might float upward displaying deflection
deformation, and sometimes they even go above the ground,
which often aggravates the damage degree. In the 1964’s
Niigata earthquake, among a total pipeline length of 470
kilometers, 68% of pipelines were destroyed. The pipelines
located under water were damaged particularly seriously,
whose failures were mainly due to uplifting deformation.
Hereafter, “uplifting” phenomena of underground pipelines
and other underground structures were more and more
frequently observed in seismic incidents, such as the Loma
Prieta earthquake and the Nansei-Oki earthquake [3–6].

There have been quite a lot of studies concentrating on the
“uplifting” phenomenon of pipelines during soil liquefaction
processes. The factors that affect the stress and deformation
of pipelines during floating; for example, the buried depth,
diameter, thickness, stiffness of the pipelines, the type, liq-
uefied area, stiffness, and strength of soil, have been studied
[7, 8]. It is generally considered that the diameter of pipeline,
liquefied depth, stiffness of soil are critical parameters which
have great effects on the structure deformation of buried
pipeline; the largest floating displacement occurs in the
central of the pipe. Some expertsmade a number of numerical
and experimental researches on the response differences
between the free field and field with pipelines during seismic
vibration. Kitaura et al. [9] developed a hybrid procedure
to study the pipeline response in the liquefied field. The
numerical model shows that the pipeline response to seismic
vibration is more significant when the excess pore pressure is
low, and the buoyancy force increases with increasing excess
pore pressure. Ling et al. [10] conducted centrifuge tests to
investigate the seismic response differences of free field and
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field with pipelines with respect to the acceleration, excess
pore pressure and settlement of ground surface, and so forth.
Other experts [11, 12] investigated the effects of dilatancy
angle and relative density of soil, diameter and buried depth
of pipeline, underground water table level and thickness of
the saturated soil layer, and so forth, on the uplifting behavior
of pipeline, which indicated that the buried depth of pipe had
the most significant impact.

Despite that the above mentioned studies have inves-
tigated the pipeline uplifting behaviors in liquefied fields
with respect to influencing factors involving the pipe itself
and the soil properties, through a comprehensive means
of field investigations, numerical simulations, and model
tests, there still exists disagreement on the understanding of
the mechanism of pipeline uplifting. Some [13, 14] believe
that the uplifting of pipelines is associated with the loss
of soil shear strength due to soil liquefaction. Others [15]
come to a conclusion that uplifting is simply related to the
vibration rather than soil liquefaction, based on the observed
phenomenon that uplifting starts when the soil is not fully
liquefied, and ceases when the shaking is finished even when
the excess pore pressure is still very high. Due to lack of
understanding of the pipeline uplifting mechanism, different
approaches are adopted to calculate the buoyancy force that
pipelines are subjected to during soil liquefaction. In general,
it is calculated using the formula 𝐹Buoyancy = 𝜌sat𝑔𝑉, where
the saturated soil is considered as fluidized material having a
unit weight equivalent to its saturated unit weight [16–18]. It
is worth mentioning that the buoyancy force is estimated in
terms of excess pore pressure as well [19].

It is significantly favorable that researches are made on
the stress conditions of the pipelines during uplifting for an
in-depth understanding of the mechanism of pipe uplifting
behaviors. In the present study, dynamic centrifuge model
tests were conducted to investigate themechanismof pipeline
uplifting phenomenon during soil liquefaction. Based on the
measurements of acceleration, excess pore pressure and earth
pressure around the pipelines, the forces on the pipelines
before and during soil liquefaction were estimated, and the
mechanism and the main influencing factors of pipeline
uplifting were analyzed.

2. Test Equipment and Programs

2.1. Centrifuge, Shaking Table, and Rigid Container. The tests
are conducted on the ZJU400 centrifuge with a shaking table,
shown in Figure 1. The beam type centrifuge, with a payload
capacity of 400 gt, has double platforms and an effective arm
radius of 4.5m. The maximum centrifugal acceleration is
100 g for dynamic tests. The centrifuge platforms have an
overall dimension of 1.5m × 1.2m × 1.5m. Meanwhile, an in-
flight uniaxial electrohydraulic shaking table has been made
to simulate seismic excitation.The shaking table has vibration
frequencies ranging from 10Hz∼200Hz. Its payload capacity
is 500 kg, and its maximum lateral displacement and acceler-
ation are 0.6 cm and 40 g, respectively. More details about the
device can be found in [20].

A Rigid container was used to prepare the model, whose
inner dimension is 0.6m (length) × 0.4m (width) × 0.5m
(height), and its front perspexmadewindow is convenient for
direct observation of the experimental phenomena. A 25mm
thick piece of mouldable Duxseal was placed on each side of
the container to reduce reflecting incident stress waves by at
least 65% [21].

2.2. Model Pipe. The model pipes are made of aluminum
tube, with a density of 2.7 g/cm3, a length of 390mm, and an
inner and outer diameter of 36mm and 40mm, respectively.
And they are used to simulate large diameter pipes like oil or
gas pipelines. Each end of the pipes was sealed by a perspex
disc with PTFE, and petroleum jelly was also used to reduce
end friction. Microearth pressure transducers were installed
on the bottom, side and crown of pipes to measure earth
pressures (the normal stress).

Two model pipes were buried in the ground. One was
used for measuring the uplift displacement, named pipe
1#; the other was used for measuring the stabilizing force
during soil liquefaction, named pipe 2#. Pipe 1# could
move freely during tests. Pipe 2# was installed to the rigid
container through a connecting rod. The force, provided by
the connecting rod to keep pipe 2# stable in the vertical
direction, was defined as stabilizing force. In order to acquire
the stabilizing force of pipe in the centrifuge, a load cell was
installed on the connecting rod.

In order to measure vertical displacements of under-
ground structures in the centrifuge, draw-wire displace-
ment potentiometers are commonly used [22]. However,
the potentiometer cable has tension force which will reduce
the structure’s self-weight to some extent. Moreover, the
tension force varies with the centrifugal acceleration, which is
hard to be calibrated. Therefore, two aluminum alloy spokes
with discs on the end were installed on pipe 1#, as shown
in Figure 2. The vertical displacements of the discs could
be measured by potentiometers, which guaranteed a more
precise and reliable measurement while pipe 1# moved freely.

A simple device of a connecting rod with ball joint was
developed, as shown in Figure 2. This device kept pipe 2#
stable in the vertical direction, and meanwhile moved freely
in the horizontal direction. As pipe 2# was stable in the
vertical direction, the shear strength of the overlaying soil
would not take a part in the measured data of the force that
pipe 2# is subjected to during vibration.

2.3. Sand and Viscous Fluid. Fujian standard sand, which is
widely used in China for geotechnical physicalmodeling tests
[23, 24], was adopted in the present study. It has a mean
diameter (𝐷

50
) 0.16mm; the uneven coefficient (𝐶

𝑢
) and

the curvature coefficient (𝐶
𝑐
) are 1.6 and 0.95, respectively.

The maximum and the minimum void ratios are 0.96 and
0.61, respectively. The model foundation was prepared by
pluviation method. The sand was rained from a sieve in a
hopper into the container, where the falling height of the
hopper and the shape of the sieve were kept unchanged
based on the precalibrated results to obtain a constant relative
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(a) Centrifuge (b) Shaking table

Figure 1: Centrifuge and shaking table.
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Figure 2: The layout of pipes and sensors.

density. The designed relative density of the two tests was
60%. The heights of the model foundation were 29 cm and
32 cm in test 1 and test 2, respectively.

There is a conflict between dynamic and permeability
time scale, for the former is 1/𝑛, and the latter is 1/𝑛

2. To
solve the problem, viscous fluid was introduced to reduce
the permeability of soil. Methyl cellulose fluid, which is
commonly used in geotechnical centrifuge modeling tests,
has similar compressibility and density towater [25]. Further-
more, it is also capable of sustaining high pore pressure for
liquefaction studies and can have any viscosity by changing
the mixture ratio of hydroxypropyl methylcellulose (HPMC)
powder to water. Based on the precalibrated relationship of
mixture ratio, permeability, and temperature, the mixture
ratio was determined to be 3.0% at a centrifugal acceleration
30 g. Methyl cellulose fluid was prepared in water with a
temperature of 70∘C and introduced at a rate of 0.1 L/h into

the model foundation when cooling down, which was slow
enough to avoid sand boil phenomenon.The vacuummethod
is chosen to saturate the soil, the whole process of saturation
took over 200 h and the water level was kept 1 cm above the
ground when the saturation is completed.

2.4. Seismic Excitations. Three types of excitation waves were
adopted, that is, EL-Centro wave, Taft wave, and Zhejiang
seism wave. El-Centro wave was recorded in the Imperial
Valley earthquake of California in 1940, with a primary
period of 0.5 s, belonging to near earthquake. Taft wave was
recorded in the earthquake happened in Kern of California
in 1952, with a primary period of 0.5 s, belonging to distant
earthquake. These two waves are commonly used. Zhejiang
seism wave is an artificial seismic wave suited the seismic
zoning type of Zhejiang Province in China, with a 10 s
duration. Assuming the exceeding probability of Zhejiang
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Table 1: Centrifuge testing program and uplifting status of pipe 1# during tests.

Test number Seismic excitation
Seismic wave Duration (s) Amplitude (g) Uplifting status

Test 1

Noise

30

0.02
Zhejiang seism wave 0.1 Remain still

EL-Centro 0.1 Remain still
Noise 0.02

Zhejiang seism wave 0.15 Sink slightly
EL-Centro 0.15 Rise slightly
Noise 0.02

EL-Centro 0.5 Rise
Taft 0.4 Rise
Noise 0.02

Test 2

Noise

30

0.02
EL-Centro 0.1 Remain still

Zhejiang seism wave 0.1 Remain still
Noise 0.02

EL-Centro 0.4 Rise
Taft 0.4 Rise
Noise 0.02

seism wave to be 10% and 2%, the maximum acceleration is
63.1 cm/s2 and 153 cm/s2, respectively.

2.5. Testing Procedures. In the present study, two centrifuge
tests were conducted on pipes of different buried depths
under the same ground conditions. The centrifuge acceler-
ations were both 30 g. The buried depths, measured from
the top of pipes to the ground surface, were 20mm (equal
to 0.5𝐷) for test 1 and 80mm (equal to 2𝐷) for test 2.
Accelerometers, pore pressure transducers, earth pressure
transducers, potentiometers, and load cell were used in the
tests [26]. The layout of the sensors and pipes for each test is
shown in Figure 2.

When started, the centrifuge was accelerated to 30 g
gradually. The relative densities of the ground before shaking
were 65.2% for test 1 and 61.9% for test 2. The excitation
progress was divided into 3 stages based on the acceleration
amplitudes from weak to strong. White noise excitations
were applied before and after each stage to test the dynamic
characteristics of the model. The schedule of excitations as
well as the uplifting status of the pipe 1# at each shaking
stage is shown in Table 1. There was at least a 30min interval
between two shaking stages, so that the excess pore pressure
can dissipate entirely. After all the excitations were applied,
the test data as will be mentioned in the following sections
are converted to the prototype scale.

3. Results of Tests

3.1. The Degrees of Soil Liquefaction and the Pore Pressure
Response around the Pipe

3.1.1. The Degrees of Soil Liquefaction. The excess pore pres-
sure ratio Δ𝑢/𝜎

 defined as the value of the excess pore

pressure normalized by the initial vertical effective stress
represents the degree of soil liquefaction. If the value ofΔ𝑢/𝜎



reaches one, it means the soil is fully liquefied. As the build-
up of excess pore pressure in the two tests was similar, only
part of the results is given, that is, the variations of Δ𝑢/𝜎



in test 2 under 0.1 g and 0.4 g excited by El-Centro wave, as
shown in Figure 3.The buried depths of P1 and P5 were 8.4m
and 3.6m, respectively. It shows that the excess pore pressure
generated from the start of the earthquake vibration. As soon
as the vibration stopped, the excess pore pressure ratio began
to dissipate. In the two tests, although no excitations led the
soil to fully liquefied state, the “uplifting” phenomenon still
existed, which suggests that there is a high potential for the
occurrence of pipe uplifting in incompletely liquefied soil.

3.1.2. The Pore Pressure Response around the Pipe. The vari-
ations of Δ𝑢/𝜎

 around the pipe in test 1 under 0.15 g and
0.5 g excited by El-Centro wave are shown in Figure 4. P3 and
P4 were fixed at the bottom and side of pipe 1#, 1.8m and
1.2m below the surface, respectively. As the buried depth of
pipes in test 1 was so shallow that the pore pressure could
not be measured well at the crown of pipe; therefore, no
transducer was installed there. In test 2, transducers P2, P3,
and P4 were installed at the bottom, side, and crown of pipe
1#, respectively. P6 was embedded in the soil layer overlying
pipe 1#.The variations ofΔ𝑢/𝜎

 for P3, P4, and P6 under 0.1 g
and 0.4 g excited by El-Centrowave are given in Figure 5. Due
to the damage of P2, there is no measured data from P2.

It can be figured out from Figures 4 and 5 that excess
pore pressures around the pipes respond rapidly once the
earthquake load is applied. For a small amplitude excitation,
the excess pore pressure dissipates gradually when the excita-
tion ends. Considering that the amplitude of real earthquake
wave decreases obviously at the late stages, the excess pore
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Figure 3: Ground response of Δ𝑢/𝜎
 in test 2 under El-Centro wave.

pressures might even dissipate before the end of vibration,
as is shown in Figure 5(a). For stronger seismic excitations,
the excess pore pressures of soil below the pipe dissipate
when the vibration is ceased, but the dissipation rate slows
down obviously, as shown in Figure 4(b). Meanwhile, at the
side and crown of pipe, the excess pore pressures retains
for a while after the vibration is ceased. This phenomenon
is attributable to the supply of the pore fluid draining from
the base of the rigid container, which was more sufficient
than the dissipation of the excess pore pressures at shallow
location, so that the excess pore pressures at shallow places
keep generating, as shown in Figure 4(b) (location P4) and
Figure 5(b) (location P6).

It can be seen that the stronger the excitation is, the larger
the excess pore pressures ratio will be. The dissipation rate
of the excess pore pressure decreases with the decreasing
buried depth of the pipe. And in some cases, the excess
pore pressures even keep generating.The frictional resistance
between soil grains was largely reduced by the increase in
pore pressure. Therefore, pipe floats upward more easily
through the soil on the condition of stronger excitations or
lower buried depths of pipe.

3.2. Earth Pressure Response. The layout of the earth pressure
transducers is shown in Figure 2. And the earth pressure (the
total stress, which contains both effective stress and pore
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Figure 4: Pipe response of Δ𝑢/𝜎
 in test 1 under El-Centro wave.

pressure) around the circumference of pipe under 0.15 g and
0.5 g excited by EI-Centro wave in test1 is shown in Figure 6.
The value of earth pressure changed while the vibration was
activated and recovered gradually to 0 after the vibration
ended. The responses of the earth pressure were different
between pipe 1# and pipe 2# due to the different constraint
conditions. Responses of pipe 1# which could move freely
were larger than that of pipe 2# which was fixed in the vertical
direction. It can be seen in Figure 6 that the increments of the
earth pressure at the bottom and side of pipe are proportional
to the amplitude of the excitations. However, response of the
earth pressure at the crown was weak or even showed a slight
decrease, which might indicate the weight reduction of the
overlay soil.

3.3. Pipe Uplifting. It is found that pipeline uplifting takes
place once the vibration starts and ceases when the vibration
stops despite the presence of high excess pore pressures.
Some researchers hold the view that the uplifting of the pipe
is highly dependent on the input earthquake motion and
weakly related to the increase of excess pore water pressure
[15, 19]. Figure 7 shows uplifting responses of pipe 1# under
Taft wave in test 1 and test 2. And uplifting responses of pipe
1# under different amplitudes of EL-Centro wave are shown
in Figure 8.

It is seemingly that the uplifting phenomenon of pipe
occurred after shaking and ceased when the shaking ceases.
Nevertheless, the uplifting movement is not directly deter-
mined by the shaking itself but the response of the pore
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Figure 5: Pipe response of Δ𝑢/𝜎
 in test 2 under El-Centro wave.

pressure and the soil pressure. It can be seen that the uplifting
of the pipe takes place only after considerable excess pore
pressure is generated, rather than immediately after the
vibration started.The excess pore pressure ratios of P5 (which

were at the same depth of the bottom of pipe 1#) when pipe
1# began to move up were shown in Figure 9. The excess
pore pressure ratios distributed between 0.1 and 0.2.However,
it does not mean that the pipe will float upward once the
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Figure 7: Uplift displacement of pipe 1# at different depth under Taft wave.

excess pore pressure ratio has reached 0.2. As can be seen in
Figure 8(a), the pipe settled alongwith the soil particles under
0.1 g excited by EL-Centro wave, although the maximum
excess pore pressure ratio was above 0.2.

Actually, the maximum uplift displacement was not
present right after the vibration stopped each time. It can
be seen in Figure 7(a), the tendency of uplifting still existed
when the earthquake ceased. The uplifting behavior of pipe
in liquefied soil is a multiforce coupled behavior, which is
not only dependent on the build-up of excess pore pressure
but also determined by the shear strength of the soil, relative
displacement of pipe and soil, the amplitude of the input
seismic wave, and so forth.

3.4. The Response of Stabilizing Force. The stabilizing force,
which kept the pipe 2# stable in the vertical direction, was
measured by a load cell fixed on the device. The variation of
stabilizing force in test 1 under El-Centro wave with different
amplitudes is shown in Figure 10. Herein, negative values of
the stabilizing force mean that the pipe is prone to settle
down, as seen in Figure 10(a), and positive values represents

that the pipe has the tendency to uplift, as shown in Figures
10(b) and 10(c).

Figure 11 gives the relationship between the stabilizing
force and the excess pore pressure. The abscissa is the
stabilizing force at the end of shaking for all tests, and
the ordinate is the maximum value of P5. The stabilizing
force shows a power function relationship with excess pore
pressure. It can be seen that the stabilizing force is larger while
the buried depth of the pipe is shallower at the same excess
pore pressure ratio. It is probably because that the lateral
constraint pressure of soil at shallowdepth is smaller than that
in deep place, so that the deflection deformation of shallower
soil layer can be more intense which makes the pipe uplift
more easily.

4. Analysis of the Force of Pipe

The force components acting on pipes were investigated with
the results obtained from centrifuge tests in this section.
These components were adapted from static analysis to a
dynamic condition where soil liquefaction occurs. Further-
more, the force analysis was validated by the comparison
between the measured and calculated data.
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Figure 8: Uplift displacement of pipe 1# in test 2 under El-Centro wave.

4.1. Force Analysis before Shaking. The force state before shak-
ing is shown in Figure 12. And force equilibrium equation is
expressed as follows:

𝑇 + 𝑊
𝑠
+ ∫

𝐷/2

−𝐷/2

(𝑢
1
) 𝑑𝐷 ⋅ 𝐿 + 𝑊

𝑝
= ∫

𝐷/2

−𝐷/2

(𝑢
2
) 𝑑𝐷 ⋅ 𝐿 + 𝑁,

(1)

where 𝐿 and 𝑊
𝑝
are the length and weight of the pipe,

respectively, which can be obtained according to scaling
principle from the length and density of pipe in 1 g condition.
T is the stabilizing force of pipe 2# which can be measured
by load cells (T of pipe 1# is 0). 𝑊

𝑠
is the effective weight of

overlying soil;N is the support force from the soil underlying
the pipe; 𝑢

1
and 𝑢

2
are pore pressures around the pipe. The

total force of these three parts can be calculated by the integral
of the earth pressure difference between the upper and the
bottom of pipe. It can be written as

𝑃 = ∫

𝐷/2

−𝐷/2

(𝑢
2
− 𝑢
1
) 𝑑𝐷 ⋅ 𝐿 + 𝑁 − 𝑊

𝑠
, (2)

where 𝑃 denoted the integral of earth pressure difference,
which can be obtained by the interpolation according to the

earth pressure transducers distributed on the pipes, defined
as (3). Consider

𝑃 = ∫

𝐷/2

−𝐷/2

(𝑒
2
− 𝑒
1
) 𝑑𝐷 ⋅ 𝐿, (3)

where 𝑒
1
and 𝑒
2
denote the vertical component of linearized

earth pressure distributed on the upper half and on the invert
half of the pipe, respectively. The earth pressure is the total
stress, which contains both effective stress and pore water
pressure. The earth pressure mentioned below has the same
meaning.

Equation (2) is checked based on the data measured
before shaking, which proved to be reasonable with only a
little bit difference as stresses around the pipe are estimated
based on the interpolating method.

It should be noted that the integral of the pore pressure
around the pipe under static state is buoyancy force, which
is the static buoyancy force in the present study and can be
calculated based on Archimedes principle as follows:

∫

𝐷/2

−𝐷/2

(𝑢
2
− 𝑢
1
) 𝑑𝐷 ⋅ 𝐿 = 𝜌

𝑤
𝑔𝑉pipe. (4)
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4.2. Force Analysis during Shaking for Pipe 2#. As pipe 2# was
fixed to the rigid container, no displacement in the vertical
direction occurred during vibration. And consequently the
shear strength of soil could not excite. The force state of
pipe 2# during vibration is shown in Figure 13. And force
equilibrium equation is expressed in as follows:

𝑇

+ 𝑊


𝑠
+ ∫

𝐷/2

−𝐷/2

(𝑢


1
) 𝑑𝐷 ⋅ 𝐿 + 𝑊

𝑝

= ∫

𝐷/2

−𝐷/2

(𝑢


2
) 𝑑𝐷 ⋅ 𝐿 + 𝑁


,

(5)

where the superscript sign ( ) represents the corresponding
forces or stresses during shaking of pipe 1. Subtracting (1)
from (5) gives

Δ𝑇 = ∫

𝐷/2

−𝐷/2

(Δ𝑢
2
− Δ𝑢
1
) 𝑑𝐷 ⋅ 𝐿 + Δ𝑁 − Δ𝑊

𝑠
, (6)

where Δ𝑇 is the increment of the stabilizing force which
can be measured by the load cell. Δ𝑢

1
and Δ𝑢

2
are excess

pore pressures around the pipe. ∫𝐷/2
−𝐷/2

(Δ𝑢
2
− Δ𝑢
1
)𝑑𝐷 ⋅ 𝐿 is

the integral of excess pore pressure during soil liquefaction,
labelled as Δ𝑈. Δ𝑊

𝑠
and Δ𝑁 are the increments of support

force of soil underlying the pipe and the effective weight
of soil overlying the pipe, respectively, due to the flowing
deformation of soil around the pipe during vibration [22].The
three parts on the right-hand side of (6) can also be calculated
by the integral of earth pressure differences around the pipe,
marked as Δ𝑃.

Δ𝑇, Δ𝑃, and Δ𝑈 of pipe 2# under 0.5 g excited by El-
Centro wave are given in Figure 14. It is clear that the
growth patterns of Δ𝑇 and Δ𝑃 are almost the same. As the
number of earth pressure transducers installed around the

pipe is limited, the slight difference between Δ𝑃 and Δ𝑇

is reasonable. The integral of the excess pore pressure, Δ𝑈,
which is defined as the dynamic buoyancy force in this paper,
is smaller than both Δ𝑃 and Δ𝑇. Obviously, the uplifting
behavior of pipe is not only affected by the build-up of the
excess pore pressure, but also by the variations of the effective
weight of the overlying soil and the support force of the
underlying soil.

The value of (𝛾sat−𝛾
𝑤
) ⋅𝑉pipe, which is commonly adopted

by other researchers to calculate the buoyancy force, is given
in Figure 14. When the soil is fully liquefied, the excess pore
pressure then reaches the value of the initial effective vertical
earth pressure (the pore pressure at the crown surface of the
pipe is 𝑢

1
= 𝛾sat𝑓(ℎ

1
), and the value on the bottom of the pipe

is 𝑢


2
= 𝛾sat𝑓(ℎ

2
)). Integrating the difference between 𝑢



1
and

𝑢


2
gives

∫

𝐷/2

−𝐷/2

(𝑢


2
− 𝑢


1
) 𝑑𝐷 ⋅ 𝐿

= 𝛾sat ⋅ ∫
𝐷/2

−𝐷/2

[𝑓 (ℎ
2
) − 𝑓 (ℎ

1
)] 𝑑𝐷 ⋅ 𝐿 = 𝛾sat𝑉pipe.

(7)

It indicates that the dynamic buoyancy force Δ𝑈 is
equal to (𝛾sat − 𝛾

𝑤
) ⋅ 𝑉pipe for fully liquefied ground. The

value of dynamic buoyancy force will be overestimated for
incompletely liquefied soil by (7).

4.3. Force Analysis during Shaking for Pipe 1#. The force state
of pipe 1# during uplifting is shown in Figure 15. And force
equilibrium equation is expressed as follows:

𝐹
𝑠
+ 𝑊


𝑠
+ ∫

𝐷/2

−𝐷/2

𝑢


1
𝑑𝐷 ⋅ 𝐿 + 𝑊

𝑝

= ∫

𝐷/2

−𝐷/2

𝑢


2
𝑑𝐷 ⋅ 𝐿 + 𝑁


+ 𝑚
𝑝
𝑎,

(8)

where 𝑎 represents the uplift acceleration of pipe; 𝐹
𝑠
repre-

sents the frictional resistance from the overlying soil, which
varies with the degree of soil liquefaction and reduces to
0 if the soil is fully liquefied. The physical meanings of
𝑢


1
, 𝑢


2
,𝑊


𝑠
, and𝑁

 are the same as 𝑢
1
, 𝑢


2
,𝑊


𝑠
, and𝑁

, except
the superscript sign (  ) represents the corresponding forces
or stresses during vibration of pipe 1#. Subtracting (1) from
(8) gives

𝑚
𝑝
𝑎 = 𝐹
𝑠
+ Δ
∗
𝑊
𝑠
− ∫

𝐷/2

−𝐷/2

(Δ
∗
𝑢
2
− Δ
∗
𝑢
1
) 𝑑𝐷 − Δ

∗
𝑁, (9)

where Δ
∗
𝑢
1
and Δ

∗
𝑢
2
are excess pore pressures around the

pipe; ∫𝐷/2
−𝐷/2

(Δ
∗
𝑢
2
− Δ
∗
𝑢
1
)𝑑𝐷 ⋅ 𝐿 is dynamic buoyancy force

during soil liquefaction, labelled as Δ
∗
𝑈. Δ∗𝑊

𝑠
and Δ

∗
𝑁 are

the increments of support force of soil underlying pipe 1#
and the effective weight of soil overlying pipe 1#, respectively,
due to the excess pore pressure variation induced flowing
deformation of soil around the pipe during vibration. As the
different motion patterns of pipe 1# and pipe 2#, the stresses
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and excitation.

measured by the transducers around them are different. The
total force of the three parts can also be calculated by the
integral of earth pressure around pipe 1#. All the forces in (9)
can be calculated by the measured data except 𝐹

𝑠
.
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Figure 12: Schematic diagram of force of pipe 2# before shaking.

The frictional force 𝐹
𝑠
from the shear plane is estimated

using the equation introduced byDNV (2007) [27] as follows:

𝐹
𝑠
= 𝑓
𝑝
[

𝐷

𝐻

× (

𝐻

𝐷

+ 0.5)

2

] 𝜎


𝐻
𝐷𝐿, (10)

where 𝜎


𝐻
refers to the effective vertical stress of the overlying

soil. Before vibration, 𝜎
𝐻0

= 𝛾

𝐻. 𝑓
𝑝
is a parameter related to
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the soil property ranging from 0.4 to 0.6 for medium dense
sand.

Given the relationship between the degree of liquefaction
and the frictional contact between the soil grains, vertical
effective stress declines linearly with the increase of excess
pore pressure. Consider

𝜎


𝐻
= 𝜎


𝐻0
− Δ𝑢. (11)

Substituting (10) and (11) into (9), the uplift acceleration (a)
can be obtained. And acceleration time-history is shown in
Figure 16(a). The concept of the Newmark’s method which is
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Figure 15: Schematic diagram of force of pipe 1# during shaking.

used to predict earthquake-induced permanent deformation
is adopted in the case of a floating pipe [28]. The angle of
the sliding surface is considered to be vertical rather than
inclined. And the rigid pipe can be treated as sliding block
of the Newmark’s model with vertical movement.

As the behavior of pipe in liquefied soil is extremely
complicated, a few assumptions are made in the following to
calculate the displacement of pipe.The uplifting of the pipe 1#
occurs as soon as the value of the uplift acceleration is greater
than zero. Zero is deemed as the yield acceleration.Themove-
ment of pipe occurs when its acceleration exceeds the yield
acceleration, which is in accordancewithNewmark’s analysis.
The excess in acceleration above yield acceleration is termed
as effective vertical acceleration (𝑎eff). And effective vertical
acceleration time-history is illustrated in Figure 16(b). In
addition, pipe is incapable of sinking considering the bearing
capacity of the underlying soil and the flowing of soil from
the top or side to the bottom of the pipe. As pipe 1# is in the
static status before shaking, the initial value of acceleration,
velocity, and displacement should be zero.

Based on the assumptions above, the accumulated uplift-
ing displacement can be obtained by integrating the effective
vertical acceleration 𝑎eff twice. The uplifting displacement
time history of the pipe 1# calculated under 0.4 g Taft wave in
test 1 is shown in Figure 16(d). The predicted displacements
are slightly larger than the experimental ones observed in
Figure 16 and fluctuate around the experimental ones in other
cases.The difference between themeasured and the predicted
displacements is lower than 20mm, which is deemed to be
acceptable as the number of transducers installed around the
pipe is limited. And the motion patterns of them are almost
the same.Therefore, the proposed approach to estimating the
stabilizing force around pipe is reasonable.
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Figure 16: Acceleration, velocity and displacement of pipe 1# under 0.4 g Taft wave in test 1.

5. Conclusions

Theuplifting behavior of shallow buried pipe in liquefied field
was investigated through dynamic centrifuge model tests in
the present study, and the main conclusions of the research
are summarized as follows.

(1) Although the uplifting phenomenon of pipelines in
the liquefied soils always happens during the seismic
vibration, the observation in our tests shows the
begin and end time point of uplifting is not directly
related to the seismic motion. The uplifting is highly
dependent on the buildup of the excess pore pressure.
Moreover, the quantitative relationship between the
uplifting behavior and the generation of the excess
pore pressure needs further studies.

(2) The uplifting movement of pipe is the combination
effects of multiple forces. During seismic vibration,
excess pore pressure generates and soil around the
pipeline gradually flow in an oval-like trace, which
causes both the variation of effective weight of over-
lying soil and supporting force of soil underlying the
pipeline, as well as the shear resistance from shear
planes that varies with the degree of liquefaction. As
a result, the equilibrium of pipeline during shaking is
broken and the pipe consequently uplifts. However, in
most existing research, the variations of the overlying
soil weight and the supporting force of the underlying
soil are ignored.

(3) For incompletely liquefied field, the buoyancy force
is overestimated by multiplying the saturated unit
weight of soil and pipeline volume.
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The concern for workers’ safety in construction industry is reflected in many studies focusing on static safety risk identification
and assessment. However, studies on real-time safety risk assessment aimed at reducing uncertainty and supporting quick response
are rare. A method for real-time safety risk assessment (RTSRA) to implement a dynamic evaluation of worker safety states on
construction site has been proposed in this paper. The method provides construction managers who are in charge of safety with
more abundant information to reduce the uncertainty of the site. A quantitative calculation formula, integrating the influence of
static and dynamic hazards and that of safety supervisors, is established to link the safety risk of workers with the locations of on-site
assets. By employing the hidden Markov model (HMM), the RTSRA provides a mechanism for processing location data provided
by the real-time location system (RTLS) and analyzing the probability distributions of different states in terms of false positives and
negatives. Simulation analysis demonstrated the logic of the proposed method and how it works. Application case shows that the
proposed RTSRA is both feasible and effective in managing construction project safety concerns.

1. Introduction

The construction industry is one of the most dangerous
industrial sectors worldwide [1, 2].The working environment
and the work tasks themselves are complex. The number
of workers on site generally is large. Heavy machinery and
a multitude of pipes, materials, and cables are always in
evidence. In addition, sites are frequently not “tidy”; it is not
surprising that both the fatality and badly injured accident
rates on construction site are higher than those in other areas
of work [3, 4]. According to the Bureau of Labor statistics in
the United States [5], 4253 construction workers died on sites
between 2008 and 2012. In China, the official statistics show
that, in the one year, 2007, construction industrial accidents
caused the deaths of 2722 workers [6]. Hydropower projects,
in particular, have been found to have tougher working con-
ditions than other construction sites and safety management
of such construction projects is more difficult than that in
any other segment of the industry [7]. Currently, China
has been continuously developing large hydropower projects
on main rivers, such as the Jinsha, Nujiang, and Yarlung

Tsangpo River, investing large financial sums and manpower
resources [8, 9]. Hence, without the improvement of the
safety management, culture of the construction industry and
the implementation of the national policy, which is “safety
first and prevention oriented” [10] and which is also a vital
management goal of hydropower enterprises in China, will
not be achieved and it is unlikely that the accident rate on
construction sites will decrease.

Recent studies related to construction safety manage-
ment have asserted that most accidents on sites could have
been reduced and some even eliminated, if there existed
an effective and consistent safety management process of
identification, planning, education/training, and inspection
[11]. Safety risk assessment is very important for developing
a safety management system [12–14]. Numerous risk assess-
ment methods, such as safety checklists, fault tree analysis
(FTA), and likelihood exposure consequences (LEC), have
been developed to assist construction engineers and project
managers in safety risk management [15]. The LEC method
is widely used in casualty risk assessment in industrial
construction [16]. Risk is considered to be the product of
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three factors: risk likelihood/probability (𝐿), risk exposure
frequency (𝐸), and consequences (𝐶). Casanovas et al. [17]
presented a risk index which included 19 construction work
activities and used the product of consequence and proba-
bility to obtain the risk value of each activity. In addition,
accident statistics, event tree analysis, and failure mode and
effects analysis are also applied in safety management in the
construction industry [18]. All the above methods, however,
produce qualitative or semiqualitative analysis results. Such
results cannot be considered reliable. For example, all of
the three factors of LEC method are based on the subjec-
tive evaluation of experts. Differences in the experience of
different experts may lead to different evaluation results of
the same risk [16]. In addition, most of these methods are
passive approaches, heavily dependent on historical data and
lacking timeliness [17, 19]. As a consequence, these methods,
although producing results of interest and for guidance,
cannot be used to quantitatively assess the current status of
safety performance and the risk value.

In order to operate a safety risk assessment procedure
accurately, some quantitative methods based on probability
theory and fuzzy sets theory are proposed. Using machine
learning algorithms, Mat́ıas et al. [20] performed the identi-
fication of hazardous sources on construction sites and the
subsequent determination of the relationship between the
accident and the cause. Mat́ıas et al. [21] designed a Bayesian
network (BN) based method designed to analyze workplace
accidents caused by falls from heights. Leu and Chang [22]
successfully combined probabilistic methods with traditional
methods (event tree analysis), enabling the setting up of a
complete logic model to build a quantitative risk assessment
method for construction projects. Regarding fuzzy set theory,
Lee and Halpin [23] proposed a quantitative approach based
on fuzzy logic for measuring the effects of accidents. Nunes
[24] developed an expert system aimed at supporting risk
analysis based on fuzzy sets. Azadeh et al. [25] developed a
fuzzy expert system for performance assessment of health,
safety, environment, and ergonomic system factors in a gas
refinery with the objectives of the reduction of human error,
creation of expert knowledge, and interpretation of large
amounts of vague data. These quantitative methods based
on probability and fuzzy sets theory offer relatively accu-
rate evaluation results compared to those of the traditional
methods and have been implemented in practical projects.
Nevertheless, none of the above methods have been able
to adapt to the dynamic context of construction projects,
particularly those complex activities which contribute greatly
to the safety risk of on-site workers. In addition, such
methods cannot provide real-time information about safety
states, which is a necessity to enable timely response and
rescue.

Recently, extensive studies of real-time risk assessment
have been carried out. An example is provided by the
hidden Markov model (HMM) which is effective in many
temporal and real-time pattern recognition applications, such
as human action recognition [26, 27], speech recognition
[28], and prediction of unknown events [29, 30]. Real-time
risk assessment methods based on the HMM focus on the
field of network security. These methods use the HMM to

process the observation symbol sequences of invasions and
attacks to determine the real-time safety risk of a network [31–
33]. In principle, the HMM based risk assessment method
is accessible, but real-time safety risk assessment studies
in construction management have not been found in the
literature. The main reason for this could be the lack of
availability of on-site asset real-time location information.

As a consequence, some studies have focused on the
development of intelligent control systems [34–37], adopting
advanced communication technologies [38, 39], real-time
location [40, 41], and intelligent algorithms as the means
of developing new automated management and monitoring
systems [42–44]. However, these particular studies con-
centrate more strongly on technical performances, such
as accuracy of positioning and optimization of communi-
cation frequency, while significant features such as safety
management functions are not directly targeted. Geofencing
which deals with the automatic detection of the entrance
of individuals into dangerous preset forbidden zones is the
basic safety management model revealed in the literature
[39, 40]. But the simple trigger logic of the geofencing can
only offer managers poor binary information concerning on-
site workers’ behaviour (either within the forbidden zones or
not in the forbidden zones) and may lead to frequent false
positives. As a consequence, the development of an integrated
method to perform real-time safety risk assessment of on-
site workers based on probability concepts is necessary.
The workers’ real-time location data should be provided by
real-time location technologies. Overall, the development of
automatic monitoring technology, especially the real-time
location technology for individuals, provides great feasibility
for implementation of real-time safety risk assessment. And
the real-time location system for personnel and the moni-
toring system for structure constitute a complete solution for
health and safety management in industrial construction.

In this study, GPS and Wi-Fi locating technology were
chosen as the fundamental tracking tools. HMM was used
as the risk assessment algorithm in constructing a RTSRA
method for the safety management of large hydropower
construction projects. The rest of this paper is organized as
follows. Section 2 describes the construction of an assessment
framework, including that of the real-time tracking system
and the HMM modelling process. In Section 3, a simulation
analysis is carried out on safety risk assessment process.
Section 4 gives a preliminary application case of a dam
construction site.

2. Risk Assessment Framework of RTSRA

Figure 1 shows the RTSRA logic diagram. The construction
site is the environment in which the safety risk assessment
is conducted. On-site assets affecting the safety risk are
catalogued into the three groups: workers, hazards includ-
ing dynamic and static hazards, and safety supervisors. By
employing the RTLS, site assets location data are collected.
Relative position relationships, in the form of a time series,
between workers and hazards as well as for safety supervisors
are obtained by processing and analysing the location data.
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Figure 1: Logic of the real-time safety assessment method.

TheHMM is used to find themost likely probability distribu-
tion of each monitored worker’s states, followed by obtaining
the real-time safety risk for each worker.

RTSRA, differing significantly as regards assessment
objects found in earlier studies, focuses on specific worker
real-time risks rather than risks of general on-site activities.
Thus, RTSRA can be classified as a Human-Centeredmethod
[45]. Safety risk assessment performs as a vital potential pre-
cursor to a tool to serve on-site workers, while the Human-
Centered method of RTSRA has a more direct objective in
which it gives an integrated assessment of risks associated
with various hazards on construction site.

On site workers carry smart phones as mobile targets
implementing the provision of monitoring and communica-
tion enabled by a customized Android App. Thus, RTSRA
not only is able to provide worker real-time safety risks
information for managers but also can send warning or
“alert” short messages to workers and site supervisors. The
RTSRA enables computing to be bidirectional and ubiquitous
by utilizing state-of-the-art computer and communication
technology. Based on the relative positions between workers
and hazards, different safety states are defined. Figure 2 gives
an example of safety states definition associated with a crane.
TheHMMcalculates the probabilities of different safety states
for aworker.Thedegrees of severities of the different states are

obtained from a knowledge base subsystemwhich extensively
explores historical data and expert assessments.The real-time
risk 𝑅𝑤

𝑡
for a specific worker 𝑤 at time 𝑡 is thus quantified by

the following equation [33]:

𝑅
𝑤

𝑡
=

𝑁

∑

𝑖=1

𝑀𝑖

∑

𝑗=1

𝑝
𝑤

𝑡
(𝑖, 𝑗) × 𝐶 (𝑖, 𝑗) , (1)

where 𝑝𝑤
𝑡
(𝑖, 𝑗) is the probability that the worker 𝑤 is in safety

state 𝑗 associated with hazard 𝑖 at time 𝑡, 𝐶(𝑖, 𝑗) is the cost
value (severity) of state 𝑗 associated with hazard 𝑖, 𝑁 is the
number of hazards, and 𝑀

𝑖
is the number of safety states

associated with hazard 𝑖.

2.1. Real-Time Location System. This study involved an inte-
grated RTLS [8, 46], which tracked worker and asset loca-
tions using GPS and Wi-Fi locating technology. The RTLS
framework is divided into the three layers (Figure 3), such
as a physical layer where data acquisition and transmission
are performed, a middleware layer where data storage is
organized and all the location data is processed using a
calculating engine, and an application layer providing an
interface with end user by various means such as the WEB
and mobile phone apps.
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The physical layer is the infrastructure required to gather
location data. This is composed of smart phones, Wi-Fi
router, 3G data network, and optical network. The smart
phone works as an RTLS agent with built-in GPS and Wi-
Fi modules and has the customized app installed on it. Its
function is to receive signals, including GPS signals and Wi-
Fi signals, and to upload these digitalized data to the server at
fixed time intervals and to calculate current locations using
the trilateration algorithm [38]. The network infrastructure
includes 3G base stations and a central network for data
communication. Wi-Fi access points (APs) are provided as
reference points in those indoor areas where GPS signals are
not available and GPS infrastructure was used for outdoor
positioning. The middleware layer consists of several servers
and software systems, which store and retrieve location data,
matches and updates the locations on the construction site
map, calculates and adjusts location data, and performs
other management functions such as data maintenance, load
balancing, and system logmanagement.The application layer
consists of a series of human machine interfaces (HMIs)
for end user. Those compatible display terminals include
multimedia dispatchers, personal computers, and portable
devices such as smart phones and tablet computers. The
main function of this layer is to provide engineers and
project managers with visual vision including the real-time
trajectories of workers on site, information on work context
awareness, and real-time safety risk assessment.

The users of the system can be divided into the two
groups of on-site users and off-site users.They access different
software as their needs are different. On-site users include
workers, site supervisors, and machinery. The software is
an Android App which controls the GPS module and Wi-
Fi module of the smart phones. GPS is used when users
are outdoors and Wi-Fi when users are in indoor places
such as tunnels. Off-site users include engineers, project
managers, and researchers. The main application for off-site
users is a web-based software system allowing access to any
authenticated user with an internet access, no matter where
they are. The web page provides users with a view of the real-
time locations of the on-site assets. The historical trajectories
are also available for ad hoc queries. These functions assist
engineers and project managers to be aware of the situation
on site very conveniently. Moreover, on top of the WEB GIS
system, for safety management purposes, the identification
and classification of hazards and real-time worker risk assess-
ments are implemented. Thus, a knowledge-based system is
created in which system parameters, threshold values, and
rules are stored and organized.

2.2. Measurable Factors. Unsafe worker activities are direct
causes of accidents. Different unsafe activities are usually
associated with specific hazards. It has been concluded by
Casanovas et al. [17] that there are 19 health and safety
risks found in construction work associated with different
activities. According to hazard kinetic characteristics, these
risks can be divided into dynamic and static groups (Table 1).

Most dynamic hazards on the construction site are caused
by vehicles, machinery, and risky tools. A static hazard and

its affected area remain unchanged for a relatively long
period. These latter hazards consist of elevation changes,
hazardous installations, and other dangerous zones. For both
dynamic and static hazards, the critical measurable factor is
the distance between the workers and hazards [17]. Accidents
are more likely to happen, if workers are close to hazards.
A dissimilarity is that the position of a static hazard is fixed
while a dynamic hazard is always moving. In consequence,
in addition to the tracking of workers, dynamic hazards must
also be monitored by the RTLS in order to make valid safety
risk assessments.

Another critical factor is the presence of safety supervi-
sors.They are responsible for safety management and possess
specialized safety knowledge [47]. Effective safety supervi-
sion improves the safety performance of workers. The safety
supervisor must be in such a position that he can have a posi-
tive impact on aworker behaviour [48].The distance between
worker and safety supervisor can be obtained from the RTLS
and hence is another measurable factor. Monitor states are
compared with safety states in assessing the effectiveness
of supervision, as shown in Figure 4. So far, the monitored
objects factored into the assessment model include workers,
safety supervisors, and dynamic hazards. The locations of
static hazards are determined and updatedmanually. Figure 5
presents these monitored objects associated with the safety
risk assessment in a typical hydropower construction site.

Considering the positive impacts due to the presence
of safety supervisors, a reduction factor is added to (1), as
follows:

𝑅
𝑤

𝑡
= 𝐷
𝑤

𝑡
×

𝑁

∑

𝑖=1

𝑀𝑖

∑

𝑗=1

𝑝
𝑤

𝑡
(𝑖, 𝑗) × 𝐶 (𝑖, 𝑗) , (2)

where𝐷𝑤
𝑡
is the reduction factor associated with the presence

of a safety supervisor near worker 𝑤 at time 𝑡. Other
components of (2) have the same meaning as in (1). 𝐷𝑤

𝑡
is

derived by the following equation:

𝐷
𝑤

𝑡
=

𝐿

∑

𝑘=1

𝑏
𝑤

𝑡
(𝑘) × 𝐹 (𝑘) , (3)

where 𝑏𝑤
𝑡
(𝑘) is the probability that the worker𝑤 is in monitor

state 𝑘 at time 𝑡. 𝐹(𝑘) is the reduction in value of the monitor
state 𝑘 and is determined using historical data or by experts.

Comparing (1), (2), and (3), it can be concluded that the
calculation of 𝐷𝑤

𝑡
is of the same form as a single hazard risk

analysis. The key risk assessment process is application of the
algorithm determining the probability distributions of safety
states and monitor states of a worker. Section 2.3 describes
how to calculate real-time safety state probability distribution
associated with a single hazard on the basis of the hidden
Markov model.

2.3. Modeling Workers as Hidden Markov Model. A HMM
is a statistical Markov model in which the system being
modeled is assumed to be a Markov process with hidden
states [49]. The hidden states are not directly visible, but
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D-Con

D-Aff

If the distance between the worker and the 
safety supervisor is shorter than D-Con, the 
monitor state is controlled.

If the distance is greater 
than D-Con and shorter 
than D-Aff, the monitor 
state is affected.

If the distance is 
greater than D-
Aff, the monitor 
state is missed.

WorkerNearest safety 
supervisor

Figure 4: Definition of monitor states with safety supervisor.

Worker

Safety 
supervisor

Dynamic 
hazard: digger 

Static hazard: 
critical edge 

Figure 5: Monitored objects in terms of safety risk assessment on a
typical hydropower construction site.

output dependent on the hidden state is visible. Each hidden
state has a probability over the possible out symbol. Hence,
the sequence of observation symbols generated by an HMM
gives some information about the sequence of hidden states.

To be able to perform real-time risk assessment on a
construction site, an RTLS must exist. Positions of workers,
hazards, and safety supervisors are all known. Let 𝑊 =

{𝑤
1
, 𝑤
2
, . . .} be the set of workers monitored by the RTLS. To

describe the safety state of each worker, discrete-timeMarkov
chains are used. In the simplest case, consider that there is
only one hazard on the site. Assume that each worker can
be in one of 𝑀 safety states with that only hazard. And the
safety states are denoted as 𝑆 = {𝑠

1
, 𝑠
2
, . . . , 𝑠

𝑀
}. The safety

state of a worker changes over time between the states in 𝑆.
The sequence of states through which the worker moves is
denoted as 𝑋 = {𝑥

1
, 𝑥
2
, . . . , 𝑥

𝑇
}, where 𝑥

𝑡
∈ 𝑆 is the safety

state at time 𝑡. For the purpose of safety risk assessment, it is
assumed that the safety state space consists of the three states,
normal (𝑁), dangerous (𝐷), and very dangerous (𝑉); that is,
𝑆 = {𝑁,𝐷,𝑉}. State𝑁means safe working and is not subject
to any potential safety risk. As aworker gets closer to a hazard,
his safety state will move to𝐷. A worker in state 𝐷 is subject

to an approaching risk, possibly affecting his safety related
behaviour. Finally, a worker enters state 𝑉 if he is within the
risk’s hazardous radius. A worker in state 𝑉 is assumed to be
in great danger of serious harm. But in fact, the real safety
state of a worker is unknown. It can only be implied by the
observation symbol.

The observed positions and relative position relationships
are provided by the RTLS. But due to the measurement error
of GPS and Wi-Fi locating, there is no one-to-one corre-
spondence relationship between real state and observation
symbol. An observation symbol can consist of any of the
symbol spaces 𝑂 = {𝑜

1
, 𝑜
2
, . . . , 𝑜

𝐾
}. These symbols may be

used to represent different types of position relationships
between workers and hazards, such as very close, close,
normal, and far away. The sequence of observation symbols
that the system receives is denoted as 𝑌 = {𝑦

1
, 𝑦
2
, . . . , 𝑦

𝑇
},

where 𝑦
𝑡
∈ 𝑂 is the observation symbol received at time 𝑡.

Based on the sequence of observation symbols, the system
performs risk assessment dynamically.

The transition between worker safety states can be repre-
sented by aHMM, defined by 𝜆 = {Ρ,Q, 𝜋}, whereΡ = {𝑝

𝑖𝑗
} is

the state transition probability distributionmatrix for worker
𝑤, where 𝑝

𝑖𝑗
= 𝑃(𝑥

𝑡+1
= 𝑠
𝑗
| 𝑥
𝑡
= 𝑠
𝑖
), 1 ≤ 𝑖, 𝑗 ≤ 𝑀. Hence,

𝑝
𝑖𝑗
represents the probability that worker 𝑤 will transfer

into state 𝑠
𝑗
, given that his current state is 𝑠

𝑖
. In order to

estimate the value of Ρ for real working conditions, either
accident statistical data, known industrial standards, or the
subjective opinion of experts must be studied. Machine
learning algorithms may be implemented to provide better
estimates of Ρ over time for the type of site in question.
Q = {𝑞

𝑗
(𝑙)} is the observation symbol probability distribution

matrix for worker 𝑤 in state 𝑠
𝑗
, whose elements are 𝑞

𝑗
(𝑙) =

𝑃(𝑦
𝑡
= 𝑜
𝑙
| 𝑥
𝑡
= 𝑠
𝑗
), 1 ≤ 𝑗 ≤ 𝑀, 1 ≤ 𝑙 ≤ 𝐾. In the model,

the element 𝑞
𝑗
(𝑙) in Q represents the probability that the

observation symbol 𝑜
𝑙
will be represented by the system at

time 𝑡, given that the worker is in state 𝑠
𝑗
at time 𝑡.Q therefore

indicates system false-positive and false-negative effects on
the safety risk assessments. 𝜋 = {𝜋

𝑖
} is the initial state

distribution for the worker. Hence, 𝜋
𝑖
= 𝑃(𝑥

1
= 𝑠
𝑖
) is the

probability that 𝑠
𝑖
was the initial state of the worker.
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INPUT: 𝑦
𝑡
, 𝜆 (the observation symbol at time 𝑡, the hidden Markov model)

OUTPUT: {𝑝𝑤
𝑡
(𝑖)} (the safety state probability distribution at time 𝑡)

START:
if 𝑡 = 1 then

for 𝑖 = 1 to 𝑀 do
𝑢
1
(𝑖) ← 𝑞

𝑖
(𝑦
1
)𝜋
𝑖

𝑝
𝑤

1
(𝑖) ←

𝑞
𝑖
(𝑦
1
)𝜋
𝑖

∑
𝑀

𝑗=1
𝑞
𝑗
(𝑦
1
)𝜋
𝑗

next 𝑖
else

for 𝑖 = 1 to 𝑀 do

𝑢
𝑡
(𝑖) ← 𝑞

𝑖
(𝑦
𝑡
)

𝑀

∑

𝑗=1

𝑢
𝑡−1
(𝑗)𝑝
𝑖𝑗

𝑝
𝑤

𝑡
(𝑖) ←

𝑢
𝑡
(𝑖)

∑
𝑀

𝑗=1
𝑢
𝑡
(𝑗)

next 𝑖
end if

return {𝑝
𝑤

𝑡
(𝑖)}

END

Pseudocode 1

As only one hazard is taken into account in the analysis
above, (1) can be written as

𝑅
𝑤

𝑡
=

𝑀

∑

𝑖=1

𝑝
𝑤

𝑡
(𝑖) × 𝐶 (𝑖) , (4)

where 𝑅𝑤
𝑡
is the risk for worker 𝑤 at time 𝑡, 𝑝𝑤

𝑡
(𝑖) is the

probability that the worker is in safety state 𝑠
𝑖
, and 𝐶(𝑖) is the

cost value associated with state 𝑠
𝑖
.

Based on the principle of HMM, given an observation
symbol𝑦

𝑡
, andHMM 𝜆, the system can update the state prob-

ability distribution {𝑝
𝑤

𝑡
(𝑖)} of any worker. The pseudocode

updating state probability distribution is as in Pseudocode 1.

3. Simulation Analysis

In order to illustrate the risk assessment method, a simulated
analysis was performed. The scope included a worker, a
crane (dynamic hazard), a critical edge (static hazard), and a
safety supervisor. Positions of the worker, the crane, and the
safety supervisor were provided by the RTLS.The position of
the critical edge is known and constant. A server regularly
received the position data and calculated the relative position
relationships between the worker and other assets.The obser-
vation symbols indicating safety states and monitoring states
were then obtained. For each new symbol, the application
used the algorithm in Section 2.3 to update the worker safety
states and probabilities and calculated the corresponding risk
values. The safety risks associated with the crane and the
critical edge and the reduction factor to be applied associated
with the safety supervisorwere also calculated. Estimating the
matricesP andQ, as well as the cost value𝐶 and the reduction
factor 𝐹 associated with different states, is a nontrivial task
outside the scope of this study. The parameters in this case
study were chosen qualitatively and only for the purpose of
illustration.

3.1. Dynamic and Static Hazard Risk. The safety risk asso-
ciated with the dynamic hazard was first calculated, based
on an observation symbol sequence representing the relative
positions of workers and the crane. 20 samples were collected
using the RTLS and processed by the server. The set 𝑆 =

{𝑁,𝐷,𝑉} was used to describe the worker safety state. The
observation symbols set is defined as 𝑂 = {𝑛, 𝑑, V}, where the
symbol 𝑛 indicates state 𝑁, and so forth. The HMM 𝜆

𝐷𝑌
=

{Ρ
𝐷𝑌
,Q
𝐷𝑌
, 𝜋
𝐷𝑌
} was used, where

Ρ
𝐷𝑌

= (

𝑝
𝑁𝑁

𝑝
𝑁𝐷

𝑝
𝑁𝑉

𝑝
𝐷𝑁

𝑝
𝐷𝐷

𝑝
𝐷𝑉

𝑝
𝑉𝑁

𝑝
𝑉𝐷

𝑝
𝑉𝑉

) = (

0.990 0.008 0.002

0.100 0.850 0.050

0.005 0.015 0.980

) ,

Q
𝐷𝑌
= (

𝑞
𝑁 (
𝑛) 𝑞
𝑁 (
𝑑) 𝑞
𝑁 (

V)
𝑞
𝐷 (
𝑛) 𝑞
𝐷 (
𝑑) 𝑞
𝐷 (

V)
𝑞
𝑉 (
𝑛) 𝑞
𝑉 (
𝑑) 𝑞
𝑉 (

V)
) = (

0.500 0.250 0.250

0.250 0.550 0.200

0.200 0.200 0.600

) ,

𝜋
𝐷𝑌

= (𝜋𝑁
, 𝜋
𝐷
, 𝜋
𝑉) = (

0.800, 0.100, 0.100) .

(5)

Based on the accuracy of GPS andWi-Fi location technology,
the false-positive and false-negative rates were assumed to be
relatively high. Hence, values of 𝑞

𝑁
(𝑑), 𝑞

𝑁
(V), 𝑞
𝐷
(𝑛), 𝑞
𝐷
(V),

𝑞
𝑉
(𝑑), and 𝑞

𝑉
(𝑛) are not less than 0.2.The cost value is defined

as 𝐶
𝐷𝑌

= (0, 5, 10). Given the observation symbol sequence
𝑌, shown on the 𝑥-axis of Figure 6(a), the dynamic hazard
risk is obtained and shown in Figure 6(a).

The static hazard has the same safety state set and obser-
vation symbol set as the dynamic hazard. Taking into account
the different damage mechanism and different monitored
objects, a new HMM 𝜆

𝑆𝑇
= {Ρ
𝑆𝑇
,Q
𝑆𝑇
, 𝜋
𝑆𝑇
} was created to

illustrate static hazard risk assessment:

Ρ
𝑆𝑇
= (

𝑝
𝑁𝑁

𝑝
𝑁𝐷

𝑝
𝑁𝑉

𝑝
𝐷𝑁

𝑝
𝐷𝐷

𝑝
𝐷𝑉

𝑝
𝑉𝑁

𝑝
𝑉𝐷

𝑝
𝑉𝑉

) = (

0.990 0.008 0.002

0.100 0.850 0.050

0.005 0.015 0.980

) ,
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(b) Real-time risk associated with the static hazard
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Figure 6: Simulated calculation results illustrating worker safety risk.

Q
𝑆𝑇
= (

𝑞
𝑁 (
𝑛) 𝑞
𝑁 (
𝑑) 𝑞
𝑁 (

V)
𝑞
𝐷 (
𝑛) 𝑞
𝐷 (
𝑑) 𝑞
𝐷 (

V)
𝑞
𝑉 (
𝑛) 𝑞
𝑉 (
𝑑) 𝑞
𝑉 (

V)
) = (

0.700 0.150 0.150

0.150 0.750 0.100

0.200 0.150 0.650

) ,

𝜋
𝑆𝑇
= (𝜋𝑁

, 𝜋
𝐷
, 𝜋
𝑉) = (

0.800, 0.100, 0.100) .

(6)

The main difference is embodied in the fact that the static
hazard has lower false-positive and false-negative rates. This
is because the static hazard has a fixed and known position
which leads to greater accuracy in determining the safety
state according to the observation symbol. The cost value is
defined as 𝐶

𝑆𝑇
= (0, 3, 7). Figure 6(b) shows the assessment

of the static hazard risk using the HMM 𝜆
𝑆𝑇
.The observation

symbol sequence for the static hazard is not identical to that
in Section 3.1, as these are two different kinds of safety state.

3.2. Reduction Factor. The reduction factor associated with
the presence of the safety supervisor was calculated using
the same method. The set 𝑆 = {𝐶, 𝐴,𝑀} was used to
describe the worker monitor state. 𝐶 (controlled) means
that worker behavior was influenced by the supervisor. 𝐴
(affected) indicates a weaker influence than 𝐶. 𝑀 (missed)
means that the worker was not affected by the supervisor.
Correspondingly, the observation symbols set is defined as

𝑂 = {𝑐, 𝑎, 𝑚}, and theHMM 𝜆
𝑅𝐹

= {Ρ
𝑅𝐹
,Q
𝑅𝐹
, 𝜋
𝑅𝐹
}was used,

where

Ρ
𝑅𝐹

= (

𝑝
𝐶𝐶

𝑝
𝐶𝐴

𝑝
𝐶𝑀

𝑝
𝐴𝐶

𝑝
𝐴𝐴

𝑝
𝐴𝑀

𝑝
𝑀𝐶

𝑝
𝑀𝐴

𝑝
𝑀𝑀

) = (

0.990 0.008 0.002

0.100 0.850 0.050

0.005 0.015 0.980

) ,

Q
𝑅𝐹

= (

𝑞
𝐶 (
𝑐) 𝑞
𝐶 (
𝑎) 𝑞
𝐶 (
𝑚)

𝑞
𝐴 (
𝑐) 𝑞
𝐴 (
𝑎) 𝑞
𝐴 (
𝑚)

𝑞
𝑀 (

𝑐) 𝑞
𝑀 (

𝑎) 𝑞
𝑀 (

𝑚)

)

= (

0.500 0.250 0.250

0.250 0.550 0.200

0.200 0.200 0.600

) ,

𝜋
𝑅𝐹

= (𝜋𝑁
, 𝜋
𝐷
, 𝜋
𝑉) = (

0.800, 0.100, 0.100) .

(7)
The reduction values for the different monitor states were

set as 𝐹
𝑅𝐹

= (0.5, 0.8, 1). Given the observation symbol
sequence 𝑌 shown on the 𝑥-axis of Figure 6(c), the reduction
factors were obtained from that figure.

3.3. Integrated Result. Synthesizing the dynamic hazard risk,
the static hazard risk, and the reduction factor, the integrated
real-time risk was calculated using (2). The result is shown in
Figure 6(d).
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Figure 7: Concrete pouring hazards in number 22 dam monolith.

To gain an intuitive understanding of the integrated safety
risk, the range of the risk values was divided into the 5
levels: low, manageable, elevated, high, and severe, referring
toThe Code of Construction Project Management, and other
literatures [8, 50, 51]. A color-coded metaphor was applied to
indicate the five levels of risk severity in this research. From
high risk to low, the colors were red, orange, yellow, blue, and
green. Table 2 gives the corresponding relationships.

The safety risk ratings provide the basis for the speed
of response. If the risk reaches a certain level, the safety
management system may trigger a response to control the
risk level. The response may relate to an individual worker
or be related to region of the site if there is high risk in a
particular zone. An individual-oriented response may be a
warning message issued to the workers, or the dispatching
of a group of safety supervisors. Examples of a zone-wide
response may be a live broadcast alert, a pause of work in
the related zone, or even the withdrawal of the workers.
Thesemeasures, requiring judgment, have to be controlled by
management personnel hence provision of the visualization
interface and colour-coded risk indicator is important.

4. On-Site Application

4.1. Setup of the Real-Time Tracking System. The proposed
safety risk assessment method was applied to the construc-
tion management of the Xiluodu hydropower station, which

Table 2: Qualitative and numerical ratings for the risk value of a
worker.

Risk value Qualitative description Color
>8 Severe Red
6–8 High Orange
4–6 Elevated Yellow
2–4 Manageable Blue
<2 Low Green

is the second largest hydropower project in the world gen-
erating 13.86 million kW of power after completion [52, 53].
The dam is located on the Jinshajiang River, in Leibo county
of Sichuan Province. This high arch dam with a maximum
height of 285.5m is being built by pouring 6.5 million cubic
meters of concrete. Thousands of workers are employed
and exposed to a complicated working environment. Safety
management is a critical concern of the contractors, the
supervision company, and the owner. As a result, imple-
mentation of the proposed safety control method, especially
the establishment of the RTLS, is of great significance. In
2013, infrastructure for GPS andWi-Fi location facilities was
deployed on the dam crest and in all six main tunnels [8].

4.2. Site Data Collection. Site data was collected during the
pouring of concrete in number 22 dam monolith. This data
consisted of four 20-minute asset trajectories and of a safety
supervisor, a concrete vibrator (Figure 7(a)), and a concrete
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Table 3: Records of the trajectories.

RECORD ID ASSET ID COORD 𝑋 COORD 𝑌 SYSTEM TIME
2316426 43 103.6511012 28.2600214 16:05:03
2316427 43 103.6511090 28.2600114 16:05:13
2316428 43 103.6511015 28.2600036 16:05:23
2316429 43 103.6511142 28.2600182 16:05:33
2316426 43 103.6511355 28.2601391 16:05:43
...

...
...

...
...

2317866 69 103.6508376 28.2601321 17:05:03
2317867 69 103.6508376 28.2599679 17:05:04

Table 4: Parameters for the safety risk assessment.

Item Cost/reduction value
((N, D, V)/(C, A,M))

Distance for
very dangerous/controlled

Distance for
dangerous/affected

Distance for
normal/missed

Critical edge (0, 4, 8) <1m 1m-2m >2m
Concrete vibrator (0, 5, 10) <3m 3m–5m >5m
Concrete paver (0, 5, 10) <3m 3m–5m >5m
Safety supervisor (0.5, 0.8, 1) <5m 5m–10m >10m

paver (Figure 7(b)), respectively. As the working condition
was “outdoors,” the data was collected by GPS model in the
smart phone carried by the on-site assets. The geographic
coordinates of the trajectories are shown in Table 3. Data was
sampled at 10-second intervals. The location information of
critical edges in the monolith was obtained from the GIS
system for the project. The main dangers to safety came from
the two heavymachines (dynamic hazards) and critical edges
(static hazards). The number 22 dammonolith plan is shown
in Figure 7(c). Both dynamic hazards and static hazards are
indicated by the red slashes.

The procedure cycle of the worker is detailed as follows.

Step 1. Move to the concrete pouring area from the edge of
the dam monolith.

Step 2. Catch the hanging cage delivered by the cable crane
and open the cage to release the concrete.

Step 3. Move back to the edges andwait for the concrete paver
and the concrete vibrator to complete their work on the fresh
concrete.

Step 4. Pave and vibrate the concrete at the edges and corners
using manual labour.

Step 5. Wait for the hanging cage to arrive again at the
pouring area.

4.3. Results andDiscussions. TheHMMparameters 𝜆
𝐷𝑌

, 𝜆
𝑆𝑇
,

and 𝜆
𝑅𝐹

used in this calculation were the same as those of the
simulation in Section 3 as well as the safety state sets and the
observation symbol sets. The cost and supervisor reduction
values and the distances involved related to the different states
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Figure 8: Real-time safety risks to a worker situated in the pouring
area for a 20-minute period.

are given in Table 4.The worker safety risk assessment results
in the 20 minutes concerned are shown in Figure 8. Variation
for each risk, the reduction factor, and the integrated risk are
presented in different colors.

From Figure 8, periodic changes occur in worker safety
risks, as the working procedure is cyclical. The cycle time
is controlled by the cable crane cycle of about 5 minutes in
delivering the concrete bucket. The most obvious periodic
risk is associated with the critical edge. Five peaks in the
orange line are evident in Figure 8, as workers approached
and entered the critical edge zone on 5 occasions. Focusing
on the yellow and blue lines, risks associated with the two
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heavy machines also clearly fluctuated. That was because
the paving and vibrating procedures caused the machines
to intermittently approach the workers. The green line indi-
cating the reduction factor resulting from the presence of
the safety supervisor remains constant, which means that
the safety supervisor was strictly monitoring the workers
throughout the task.The integrated risk is represented by the
black line. Peak values of the integrated risk appear at 250,
530, 840, 1100, 1530, and 1910. At those moments,
the workers walked back to the critical edge and manually
paved or vibrated the concrete, while the machines were busy
with the fresh concrete which might approach the workers
from time to time. There was, therefore, the superposition
of several risks. From field data based calculations, it can be
concluded that the safety supervisor as well as the worker
should pay particular attention when manual paving and
vibrating are occurring at the critical edges.

In conclusion, the on-site application results are in line
with the actual site situation. Dangerous states caused by
worker behavior, the hazards on-site, and the effect of safety
supervisor presence can be embodied in the risk value.

5. Conclusions

A RTSRA method has been presented in this paper. The
method based on the HMM processes the location data
obtained from the RTLS and gives the engineers and project
managers real-time safety risk assessments applying to on-
site workers. The following conclusions can be drawn.

(1) The RTSRA implements a quantitative, Human-
Centered, and real-time safety risk assessment. Fac-
tors related to the real-time safety risk of an on-
site worker have been classified and quantified. The
real-time safety risk values and reduction factors are
obtained using a proposed reliable formula for quan-
tifying risks. Based on the HMM, the RTSRA gives
the real-time probability distributions of different
safety states/monitor states and subsequent safety risk
values.

(2) When combined with the real-time location system,
the RTSRA builds a logical relationship between
safety risk and the locations of on-site assets.The pro-
posed method leverages the massive data produced
by the RTLS to provide more abundant site infor-
mation. Such information enables project managers
and engineers to anticipate the locality and potential
occurrence of safety risk and contributes to more
effective computerized decision processes.

(3) The on-site application shows that the proposed
method is reliable and effective for real-time safety
risk assessment. The logic and the function of the
proposed novel method fulfill the goals of safety
management.

The RTSRA method was broadly applied to the safety
management of a single concrete poured on the Xiluodu
dam hydropower construction site. Further study, however, is
necessary to focus on case statistics and optimization of the

HMM parameters concerned in improving the accuracy and
effectiveness of the safety risk assessment method proposed.
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Terrorist attacks on vulnerable structures and their individual structural members may cause considerable damage and loss of life.
However, the research work on response and damage analysis of single structural components, for example, a slab to blast loadings,
is limited in the literature and this is necessary for assessing its vulnerability. This study investigates the blast response and damage
assessment of a two-way bending reinforced concrete (RC) slab subjected to blast loadings. Numerical modeling and analysis are
carried out using the commercial finite element code LS-DYNA 971. A damage assessment criterion for the two-way bending RC
slab is defined based on the original and residual uniformly distributed load-carrying capacity. Parametric studies are carried out
to investigate the effects of explosive weight and explosive position on the damage mode of the two-way RC slab. Some design
parameters, such as the boundary conditions and the negative reinforcement steel bar length, are also discussed. The illustrated
results show that the proposed criterion can apply to all failure modes. The damage assessment results are more accurate than the
ones due to the conventional deformation criterion.

1. Introduction

Over the last two decades, increased terrorist attacks on civil-
ian and military structures have drawn considerably more
attention to the vulnerability and sustainability of structures
and their individual structural members when subjected to
blast loadings [1]. However, the research work on response
and damage analysis of single structural components, for
example, a slab to blast loadings, is limited in the literature
and this is necessary for assessing its vulnerability. Some
investigations have been conducted mainly for one-way slab
based on one of the three methods: (1) theoretical analysis by
equivalent single degree of freedom (SDOF) systems, (2)
finite element analysis methods, and (3) the field measure-
ments. Two loosely coupled SDOF systems were used to
analyze the failure model of one-way bending RC slab sub-
jected to blast loadings, and the results showed that the
failure mode of slab tends to be direct failure [2]. Jones et al.
developed one finite difference program to simulate the
dynamic response of a simply supported RC slab under blast

loadings, and the deformation of slab was due to the duration
time and peak value of blast loadings [3]. However the SDOF
model cannot forecast the localized damage element of the
structure; more and more studies are based on commercial
software, such as LS-DYNA, AUTODYN, and ABAQUS. Xu
and Lu used LS-DYNA set up a three-dimensional RCplate to
simulate the concretematerial spallation under blast loadings
[4]. Zhou et al. used a dynamic plastic model with the soft-
ware AUTODYN and found that the erosion technique can
be used to evaluate concrete spall together with the damage
scalar [5, 6]. Tai et al. used the erosion technique to analyze
dynamic response of RC slab under the air blast loadings, and
the results clearly showed the damage modes by the software
LS-DYNA [7].

At the same time, the experiments of RC slab subjected to
blast loadings were conducted by some researchers. Wu et al.
have designed series of experiments of unretrofitted and
retrofitted RC slabs under blast loadings to find the rule of
fragment size and shape [8]. Schenker et al. illustrated the
dynamic responses of unprotected and protected RC slabs
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subjected to blast loadings and compared the results with
numerical simulation by MSC Software/Dytran [9]. Chung
and Nurick analyzed the response of quadrangular stiffened
plates under explosion by experiments and numerical sim-
ulation [10, 11]. Wang et al. have performed blast tests and
numerical simulation, respectively, to investigate the damage
modes of one-way square RC slab subjected to closing blast
loadings [12, 13]. They defined the damage degree of the slab
with the support rotation. Silva and Lu proposed a step-by-
step method for measuring the damage degree level of RC
slabs under explosion by experiments [14].

However the above studies focused on the dynamic
responses and the failure models of the RC slab subjected to
blast loadings. In references [12–14] the damage degree
assessment was defined with the deformation of slabs as the
support rotation, but it was not satisfied to all failure modes
and it could be used for closing blast loads. Shi et al. [15] and
Wu et al. [16] used the residual axial load-carrying capacity
and axial compression capacity to assess the damage degree of
RC columns subjected to blast loadings, and they concluded
that the assessment contrition can be applied to all failure
modes of columns, but they did not report if it is suitable
for the other individual structural members, for example, the
slabs.

Based on the residual uniformly distributed load-carry
capacity, an assessment criterion is proposed for evaluating
the damage of a two-way bending RC slab subjected to
blast loadings in this study. It is defined with the decrease
range of load-carry capacity. Numerical analysis and damage
assessment are carried out by using the commercial finite ele-
ment code LS-DYNA 971.The effects of explosive weight and
position on the damage situation are studied. Some design
parameters, such as the boundary conditions and the negative
reinforcement steel bar length, are discussed as well. The
illustrated results show that the criterion can evaluate the
damage more accurately and it can be applied to all failure
modes of structures.

2. Geometry Model and Material Properties

2.1. Geometrical Modeling. The most acceptable modeling
methods of RC structures are the smeared model, embedded
model, and discrete model [17]. It was stated in [17] that, for
the dynamic response of structural components, the discrete
model was the best method. In a discrete model, the con-
crete element and steel bar element are treated as different
elements. A one-dimensional slide contact is added between
the concrete and reinforcement elements to simulate the lon-
gitudinal shear behavior, and the differences in two material
mechanical properties can be shown clearly when the blast
loadings affect the structure.

The mechanical behaviors of the slab depend on the
aspect ratio of length to width. When the aspect ratio is
greater than 3, the slab can be deemed as a one-direction
bending type structure, for example, a beam.When the aspect
ratio is less than 3, the mechanical behavior of the slab is two-
way bending. The one-way bending slabs are used mostly in
corridor part, and the two-way bending slabs are used in the
important components of structures, such as floors and walls.

Concrete

Rigid beam
Steel bars

Figure 1: Numerical model of RC two-way bending slabs in a
quarter form.

Explosive

RC slab

Z

X
Y

𝜃

H

r

Figure 2: Calculating diagram of RC slab under explosion.

In this study, a square RC slab model is established. The
clear dimension of the slab is𝐵 × 𝐿× 𝑡 = 3000mm × 3000mm
× 120mm, where 𝐵 is the slab span length in 𝑥 direction, 𝐿 is
the slab width in 𝑦 direction, and 𝑡 is the slab thickness in 𝑧

direction, respectively. The blast loadings are applied to slab
in 𝑧 direction. So the aspect ratio of length to width is 1.0,
which means that the slab is a two-way bending one. The
steel bar material is HPB300 class, in which the steel bar
diameter is 12mm. The concrete material is C30 class with a
cube compressive strength of 30MPa. The concrete cover
thickness is 14mm.The steel bars are layout in two-ways with
two layers; the spacing between two bars in 𝑥 direction is
100mm and the spacing in 𝑦 direction is also 100mm. The
mesh generation of the concrete and steel bar is 20mm, and
between the concrete and steel bar nodes there is one-
dimensional slide contact. The element type of the concrete
chosen is Solid 164, and the steel bar is Beam 161. The numer-
ical model of RC slab is shown in Figure 1.

In order to simulate the support role of the beam to the
slab, four rigid beams are set up around the slab and their
connections are rigid.The explosive is on the top of slabs.The
whole model is shown in Figure 2.

2.2.MaterialModels. There aremanymaterialmodels to sim-
ulate concrete, such as HJC, RHT, and K&C models [18–22].
However, it is well known that the FE simulation results are
very sensitive to the material properties, and thus it is the
most important issues to choose the most suitable material
model. The K&C model is a three-invariant model and three
shear yield faces are used (Figure 3). It can simulate the
mechanical behavior of concrete subject to high strain rate
and large deformation [18, 19] and can simulate some con-
crete structure behavior under blast loadings in some cases
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Figure 3: Concretematerialmodel: (a) three strength failure surface
and (b) stress-strain curve.

[15, 16, 23]. The advantage of the model is that it needs very
few parameters to import in LS-DYNA, and thematerial type
corresponding to K&Cmodel is Mat Concrete Damge Rel3
(Mat type 72 rel3). In this study, only the density, uniaxial
compressive strength, andPoisson ratio are imported [24, 25].
The density of C30 concrete is 2500 kg/m3, uniaxial compres-
sive strength is 20.06MPa, and the Poisson ratio is 0.2.

Mat-Plastic-Kinematic (Mat type 3) is an isotropic and
kinematic hardening plasticity model.The strain rate effect is
considered using the Cowper-Symonds model, and the yield
stress is defined with the following factor [24, 25]:

𝜎
𝑦
= [1 + (

̇𝜀

𝐶

)

1/𝑝

] (𝜎
0
+ 𝛽𝐸
𝑝
𝜀
eff
𝑝
) , (1)

where 𝜎
0
is the yield stress under static loads, ̇𝜀 is the strain

rate, 𝐸
𝑝
is the plastic hardening modulus, and 𝜀

eff
𝑝

is the effe-
ctive plastic strain. 𝐶 and 𝑝 are the strain rate parameters; in
this study, 𝐶 = 40 s−1 and 𝑝 = 5. And 𝛽 is the hardening
parameters; when 𝛽 = 0, it means that the material is kine-
matic. The density of steel bar is 7800 kg/m3, the yield stress
𝜎
0
= 300MPa, Young’s modulus 𝐸 = 2.1 × 10

5MPa, and
Poisson ratio ] = 0.3, respectively.

2.3. Strain-Rate Effects. When the structures are under blast
load, it will respond at very high strain rates in the order of 10–
1000 s−1 or even higher [26]. Due to the high strain rate, the

tensile and compressive ability of concrete will be changed. It
needs to consider the strain-rate effects of concrete in a
reliable simulation of RC structural dynamic response.

The effect of strain rate on the concrete compressive
and tensile strength is typically represented by a parameter,
namely, the dynamic increase factor (DIF). It is a ratio of the
dynamic-to-staticmaterial constants versus strain rate. In this
study the dynamic increase factor of compressive strength
(CDIF) is adopted, which is recommended by Europe Code
CEB [27] and defined as follows:

CDIF =

𝑓
𝑑𝑐

𝑓
𝑐

=

{
{
{
{

{
{
{
{

{

(

̇𝜀

̇𝜀stat
)

1.026𝛼

where ̇𝜀stat < ̇𝜀 < 30 s−1

𝛾(

̇𝜀

̇𝜀stat
)

1/3

where 30 s−1 < ̇𝜀 < 300 s−1,

(2)

where 𝑓
𝑑𝑐
and 𝑓
𝑐
are the compressive strength with the dyna-

mic strain rate ̇𝜀 and static strain rate ̇𝜀stat, respectively. Here,
̇𝜀stat = 30 × 10

−6s−1, log 𝛾 = 6.156𝛼 − 2, and 𝛼 = (5 + 9𝑓
𝑐
/

10)
−1.
The dynamic increase factor of tensile strength (TDIF)

is recommended by the corrected value due to Malvar and
Ross’s work [26]. It is defined as follows:

TDIF =

𝑓
𝑑𝑡

𝑓
𝑡

=

{
{
{
{

{
{
{
{

{

(

̇𝜀

̇𝜀stat
)

𝛿

where ̇𝜀stat < ̇𝜀 < 1 s−1

𝛽(

̇𝜀

̇𝜀stat
)

1/3

where 1 s−1 < ̇𝜀 < 160 s−1,

(3)

where log𝛽 = 6𝛿−2, 𝛿 = 1/(1+8𝑓
𝑐
/10), and𝑓

𝑑𝑡
and𝑓
𝑡
are the

tensile strength with dynamic strain rate ̇𝜀 and static strain
rate ̇𝜀stat, respectively; here ̇𝜀stat = 10

−6s−1.The static compres-
sive strength should be 30MPa to 70MPa.The CEB concrete
material has been applied to numerical simulation by many
scholars [5, 6, 15, 16].

2.4. Blast Load. Whatever the explosion happened within or
without the structure, the pressure exerting on the slab is not
uniform distribution. It depends on the relative location
between the explosive and the slab, the periphery structural
component distribution, the direction of the shock wave
motion, and so on. At the same time, the slabwill be subjected
to more than one impact by the reflected wave. In this study,
the keyword “load blast” [24] in the software LS-DYNA is
used to define the pressure of explosive exerted on the slab,
and the pressure is calculated by CONWEP [28].

In CONWEP, it requires a list of the surface segments that
will experience the blast loading, the explosive weight, and
explosive position. The calculation principle is based on the
scale distance in Brode function. The CONWEP algorithms
do account for incidence angle by combining the reflected
pressure (normal-incidence) value and the incident pressure
(side-on incidence) value, and the formula from TM5-1300
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Figure 4: Comparison between FE model (a) and experimental model (b) of structures.
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Figure 5: Comparison of experimental and predicted midspan deformations.

[29] is used in the method. The pressure on the structure is
given as follows [25]:

𝑃 = 𝑃
𝑟
cos2𝜃 + 𝑃

𝑖
(1 + cos2𝜃 − 2 cos 𝜃) , (4)

where 𝑃 is the pressure exerted on the slab, 𝑃
𝑖
is the incident

pressure, 𝑃
𝑟
is the reflected pressure, and 𝜃 is the incidence

angle, respectively.

2.5. Validation of Numerical Approach. The dynamic respo-
nse of RC structure components under blast loadings is tested
by Antiknock studio of Tsinghua University [30]. In this
study, the RCbeamunder blast load test is used to validate the
proposed modeling method and material model chosen. A
typical specimen (beam G1 in references [30]) exper-
imental deformation is compared with the FE predic-
tion. The cracks occurred at the bottom in the midspan
area of the beam (Figure 4), and the largest displace-
ment and the reinforcement stress are consistent with
the experimental measurements. For the specimen G1,
the strain of tensile reinforcement is 2.92 × 10−3 in the
test and 2.79 × 10−3 in the FE calculation, the differ-
ence between the test and FE results is only 4.5%, and
the tensile reinforcements are all in an elastic stage; The
largest displacements in the test and FE calculation are
3.3mm and 3.42mm; the difference is 3.63%. For the spec-
imen G2, the largest displacement difference is only 3.75%,
and the tensile reinforcements are both yield in the test and

FE calculation. The comparison on the predicted results by
the FE analysis and the experimental measurements in other
cases is plotted in Figure 5. It can be seen that the predicted
results by FE analysis are in good agreement with the
experimental observations, particularly for the deformations
fewer than 10mm.

3. Dynamic Behaviors of RC Slabs Subject to
Blast Loadings

This section presents the dynamic responses and failure
modes of RC slabs.The deformation and failuremodes under
blast loadings are described in Sections 3.1 and 3.2. Also the
effects of explosive position (Section 3.3) are considered.
Details are presented in the following sections.

3.1. Peak Displacement of Centre Point in Slab. Subjected to
blast loadings, the most sensitive factor to the dynamic
response of a structure is the peak value of blast loading.
When the explosive is exploded in the air, the peak value of
blast loading exerted on the slab is defined by the scaled dis-
tance. By the Brode function, if the scaled distance increases,
the incident pressure will decrease and the reflected pressure
will decrease too [31], so the peak value of blast will decrease.
The scaled distance is defined as follows:

𝑍 =

𝐻

3
√𝑊

, (5)
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Table 1: Maximum displacement of RC slab under different explosive charges.

Explosive weight (kg) Distance (m) Scaled distance
(m/kg1/3)

Peak value of
blast load (MPa)

Maximum
displacement of
centre point

(mm)
5

5

2.92 0.23 3.46
10 2.32 0.42 6.99
30 1.61 1.22 19.96
50 1.35 2.03 47.21
75 1.18 3.03 84.28
100 1.08 4.02 158.08
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Figure 6: Displacement time history of RC slabs under different
explosive weights.

where𝑍 is the scaled distance,𝑊 is the explosive weight, and
𝐻 is the distance between the explosive and the target point
[28].

In the simulation, the dynamic response is calculatedwith
blast loadings fromdifferent explosiveweights, and𝐻 is equal
to 5.0m. The results are shown in Table 1 and Figure 6.

It can be seen that the explosion happened in time 𝑡 =

0ms, the shockwave achieves the centre point of RC slab at
4ms, and at the same time the slab starts to vibrate along
the shockwave motion direction (the negative direction in 𝑍

axis).Thedisplacement of RC slab is negative and achieves the
maximumdeformation rapidly. After that, the slab vibrates in
a high frequency at the equilibrium position. When the
explosive weight is smaller (the explosive weight is 5 kg), no
plastic deformation is occurred in the slab after explosion,
and the slab is in a free vibration. When the explosive weight
is larger (the explosive weight is larger than 30 kg), the plastic
deformation is occurred in the RC slab subjected to the
blast loadings, and the slab will vibrate at the new equilib-
rium position. The new equilibrium position is the residual
deformation of RC slabs under blast loadings.
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Figure 7: Maximum displacement of RC slabs under different
explosive weights.

Figure 7 represents the relationship of maximum dis-
placement and explosive weights. With the increase of explo-
sive weight, the maximum displacement is increased as a
curve and the slope is also increased.

3.2. Failure Modes. Subjected to blast loadings, the failure
modes of the one-way bending RC slab are often to be
one of the flexural failure, direct shear failure, and flexural-
shear failure [2], respectively. The failure modes of two-way
bending RC slab are investigated here.

When the explosive weight𝑊 = 50 kg, the distance𝐻 =

5.0m, and the scaled distance is 1.35m/kg1/3, the peak value
of blast loading exerted on the slab is 𝑃max = 2.03MPa. The
failure mode of RC slab is flexural failure. It shows that the
concrete of tensile zone at midspan is destroyed and the steel
bar in this zone is yielded, and even for the compressive zone
located on the upper region of mid-span, it is also destroyed.
The destroyed area is concentrated in the centre of slab as
shown in Figure 8(a).

When the explosive weight𝑊 = 200 kg, the distance𝐻 =

5.0m, and the scaled distance is 0.85m/kg1/3, the peak value
of blast loading exerted on the slab is 𝑃max = 8.14MPa. The
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(a)
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Figure 8: Failure modes: (a) flexural failure, (b) direct-shear failure,
and (c) flexural-shear failure.

failure mode of RC slab is direct-shear failure. The reason is
that the peak value of the blast loading is at a high level and the
duration time is short, and the shear stress at the zone near to
the support increased rapidly, so this zone is destroyed. At the
same time, the bending deformation did not even occur. The
main characteristics of the direct-shear failure mode are the
destroyed area concentrated in the regions nearby the bound-
ary as shown in Figure 8(b).

When the explosive weight𝑊 = 100 kg, the distance𝐻 =

5.0m, and the scaled distance is 1.08m/kg1/3, the peak value
of blast loading exerted on the slab is 𝑃max = 4.02MPa. The
failure mode of RC slab is flexural-shear failure. As the 𝑃max
is larger than the load which caused flexural failure and it is
smaller than the load which caused direct-shear failure, there
are destroyed areas in both the centre and the boundary as
shown in Figure 8(c).

The failure mode of RC slab will appear in the form of
flexural failure, flexural-shear failure, and direct-shear failure
sequentially when the explosive weight is increased.

3.3. Effect of Explosive Position. In the event of an actual
explosion, the explosion may not always occur above the
centre of slab. It is necessary to study the dynamic response
and failure mode when the explosive position is changed. So
keeping the explosive weight𝑊 = 50 kg and the distance𝐻 =

5.0m, the scaled distance is 1.35m/kg1/3, and the peak value
of the blast loading exerted on the slab is 𝑃max = 2.03MPa.
Then the explosive is moved along the 𝑦 axis from centre to
boundary. Figures 9 and 10 are themaximumdisplacement of
the centre and the stress of steel bar in the slab, respectively.

These figures showed that when the explosive moved
from the slab centre to the boundary (the parameter 𝑟 is the
distance from centre to the boundary, 𝑟 = 0 ∼ 1.5m). The
maximum displacement of the slab centre is reduced and the
stress of the steel bar in tensile zone of slab (in midspan)
can be effectively decreased, but the stress of steel bar nearby
the boundary is increased. The failure mode changes from
flexural failure to the direct-shear failure at the same time. It
can be found that although the explosive performance param-
eters are the same, the failure mode is changed with the
explosive position. When the explosive position is moved to
the boundary, direct-shear failure may happen easily.

4. Damage Assessment of RC Slabs Subject to
Blast Loadings

In this section, a new damage assessment criterion is defined
and a numerical method to evaluate the damage is proposed
in Section 4.1. Then the damage degrees of RC slabs under
different explosive cases are evaluated in Section 4.2. Also the
effects of negative reinforcement steel bar length and bound-
ary conditions on the antiexplosive ability of RC are analyzed
in Section 4.3.

4.1. The Criteria of Damage Assessment. The most common
damage index for assessing the damage degree is themidspan
displacement of slabs or the support rotation, but it is not very
effective to evaluate the damage degree if the failure modes
are shear failure or shear-bending failure. It needs new criteria
to evaluate the damage degree. The new criteria should be
proposed based on the following considerations.

(1) It should be suitable for evaluating damage degree of
RC slabs from all failure modes.

(2) It should be related to the global properties of RC
slabs.
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Figure 9: Maximum displacement of slab center under different
explosive positions.
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(3) It should be easily obtained for experiments and
numerical simulations.

The slab is the important component which suffers direct
load in the frame, so we can make a damage assessment
criterion by the uniformly distributed load-carrying capacity
of the slab as follows:

DI = 1 −

𝑃
𝑅

𝑃
𝑂

, (6)

where 𝑃
𝑂
is the original load-carrying capacity and 𝑃

𝑅
is the

residual load-carrying capacity of the slab. Criteria for the
various damage levels can be defined [15] as follows: when
DI = 0 ∼ 0.2, it means that the slab is in a low damage state;
DI = 0.2 ∼ 0.5, medium damage; DI = 0.5 ∼ 0.8, high dam-
age; and DI = 0.8 ∼ 1, the structure will be collapsed.
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Figure 11: Flowchart of damage assessment program.
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The damage degree of RC two-way bending slab can be
obtained by the following steps.

(1) Establishing the finite element model of RC slab and
exerting the uniformly distributed load on the slab.
The load is increased slowly from 0 until the slab
is destroyed. With the load and the midspan dis-
placement curve, we can get the limit load-carrying
capacity of uniformly distributed load.

(2) Applying the blast load on the top surface of RC
slab and analyzing the dynamic response and damage
situation. In order to get the whole response history, it
needs a longtime to calculate until the structure gets a
new equilibrium state. When the node velocity of the
slab reaches 0.1m/s, we can stop this step and consider
the structure at a static equilibrium status.

(3) Getting the residual load-carrying capacity of the
RC slab through the restarted method. Exerting the
uniformly distributed load on the slab again and
increasing slowly from 0 until the slab is destroyed
again after forcing the node velocity to 0.

(4) Calculating the damage degree by (6). The damage
assessment program is shown in Figure 11.

The original load-carrying capacity of RC two-way bend-
ing slab is obtained by some numerical simulations. Figure 12
shows the displacement-pressure curve of the slab centre.
When the displacement of center point is at range 0∼51mm,
the corresponding pressure value is from 0∼250 kN/m2, the
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Figure 13: Damage degree of RC slabs under different explosive
weights.

curve is almost a straight line, and the slab is in an elastic
stage. When the displacement is larger than 51mm, the
displacement increases obviously while the pressure has little
increase, and the slab is in a plastic stage. When the displace-
ment of slab center is 131.47mm, the pressure achieves the
maximum value. The corresponding original load-carrying
capacity 𝑃

𝑂
is 320 kN/m2.

In the sameway, the residual load-carrying capacity of the
slab is under blast load (𝑊 = 50 kg,𝐻 = 5.0m), that is, 𝑃

𝑅
is

205.1 kN/m2. So DI = 1 − 𝑃
𝑅
/𝑃
𝑂
= 1 − 205.1/320 = 0.36, and

therefore, the damage of the slab is deemed as in a medium
damage state.

4.2. Different Load Cases

4.2.1. Different Explosive Weight. The damage degrees of RC
two-way bending slab under different explosive weights is
shown in Figure 13. When the pressure is tiny with explosive
weight𝑊 = 5 kg, the slab is perfectly intact with the damage
degree DI = 0. When the explosive weight is𝑊 = 10 ∼ 40 kg,
it is classified as low damage.When𝑊 = 50 ∼ 70 kg, it is clas-
sified as medium damage. When 𝑊 = 75 ∼ 80 kg, it is clas-
sified as high damage. When 𝑊 = 90 kg, the damage degree
DI is 0.86, and the slab will be deemed as “collapsed”.

As the transformation law of themaximumdisplacement,
the damage degree of RC slab is increased with explosive
weight increases, and the slope of the curve is increasing, too.

4.2.2. Different Explosive Position. From Section 3.3, the fail-
ure mode of RC two-way bending slab changes from flexural
failure to direct-shear failure as the explosive position is from
center to the boundary. Figure 14 shows the relationship of
damage degree and explosive position (𝑊 = 50 kg and 𝐻 =

5.0m).
When the distance 𝑟 ≥ 0.5m, the damage level changed

from “medium damage” to “high damage” and the damage
degree is increased while the explosive moving to the bound-
ary. The explosion at the corner will cause larger damage.
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Figure 14: Damage degree of RC slabs under different explosive
positions.

Table 2: Damage degree of RC slab under different reinforcement
models.

Length of negative
reinforcement

Original bear
capacity (kN/m2)

Damage degree
𝑊 = 30 kg 𝑊 = 75 kg

1/4 299 0.19 0.83
All actual span 320 0.17 0.57

Otherwise, if the effects of corners on blast loadings are
considered, the damage will be increased.

4.3. Some Design Parameters for Improving the Antiexplosive
Ability of RC Slabs. In the two-way bending RC slab design,
the boundary conditionswill affect the load-carrying capacity
directly and the length of negative reinforcement steel bar
will affect the seismic design of buildings ability [32]. These
parameters may change the antiexplosion ability of the two-
way bending RC slab. Based on the above research, we have
done some studies on the dynamic response and damage
degree of two-way bending RC slab under blast loadings by
parameterization analysis.

4.3.1. Length of Negative Reinforcement Steel Bar. As it is
defined in the code for design of concrete structures
(GB50010-2010) [32], the length of negative reinforcement
steel bar from the beam, column, and wall should be at least
1/4 of length of actual span of two-way bending RC slabs for
seismic design of buildings.

From Figure 15, when the explosive weight is𝑊 = 30 kg,
there is no significant difference between the two displace-
ment-time histories of slab center. The maximum displace-
ments have only 10% change. When the explosive weight is
𝑊 = 75 kg, the displacement-time history changes a lot. The
maximum displacement and residual deformation of the slab
are reduced obviously as the length of negative reinforcement
is actual span. The damage degree of two-way bending RC
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Figure 15: Displacement time histories of RC slab center under different reinforcement types: (a)𝑊 = 30 kg and (b)𝑊 = 75 kg.
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Figure 16: Sketch under different boundary conditions: (a) four edges are clamped, (b) three edges clamped and one edge simply supported,
(c) opposite edges clamped and others simply supported, (d) adjacent edges clamped and others simply supported, (e) three edges simply
supported and one clamped, and (f) four edges simply supported.
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Figure 17: Displacement contours of RC slabs under different boundary conditions.

slabs with different negative reinforcement length is listed in
Table 2. The limit load-carry capacities of the slab have not
changed so much, and the difference between 1/4 and actual
span length of negative reinforcement is only 6%.Thedamage
degree of the slab is 0.19 for 1/4 of length and 0.17 for actual
span subject to blast loadings caused by explosive weight𝑊 =

30 kg, and the damage states are in the low damage. But for

larger explosive weight 𝑊 = 75 kg, the damage situation
changes obviously. The slab with actual span negative rein-
forcement is in the high damage while the slab with 1/4
of length of span is collapsed; the antiexplosion ability is
improved by increasing the length of negative reinforcement.
That is because the slab will vibrate up and down under the
blast loadings and the bending resistance will increase with
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Table 3: Damage degree of RC slab under different boundary conditions.

Boundary condition Original bear capacity (kN/m2) Residual bear capacity (kN/m2) Damage degree Damage level
Case (a) 320 256.6 0.17 Low damage
Case (b) 292 226.2 0.22 Medium damage
Case (c) 279 193.2 0.31 Medium damage
Case (d) 253 142.5 0.43 Medium damage
Case (e) 231 96.6 0.58 High damage
Case (f) 197 54 0.73 High damage

the length of negative reinforcement. So the antiexplosion
ability is increased.

4.3.2. Different Boundary Conditions. The actual boundary
condition of two-way bending RC slab is between simply and
clamped supported, and it can always be treated as simple or
clamped supports. The simply supported slab can only pass
the force of horizontal and vertical directions, but cannot pass
the bending moment. The clamped-supported slab can pass
not only the horizontal and vertical force well but also the
bending moment. The most common support forms of two-
way bending RC slab [32] are supported by four edges as
shown in Figure 16. In the numerical simulations, the con-
straint of RC slab is achieved by changing the support of rigid
beam.

In order to analyze the effects of the boundary condition,
different boundaries with upper models and the blast case of
𝑊 = 30 kg and 𝐻 = 5.0m are used. Figure 17 shows the
displacement contours of the moment when the vertical
displacement achieves the maximum value. Although the
explosive position is over the centre of the slab, themaximum
displacements did not appear in the slab centre and the max-
imum displacement is moved to the simply supported side.
The constraint effect is weakening with the increase of the
simply supported number, and the maximum displacement
of slab centre is increased. It is clear that the antiexplosion
ability of two-way bending RC slab will change with the
boundary changes.

The damage degrees under different boundary conditions
are given in Table 3. When the four edges are clamped, the
damage degree DI is 0.17, which is in the low damage. When
there are one or two simply supported edges, the damage
levels are in themediumdamage.When the number of simply
supported edges is three or four, the slab is in the high
damage. At the same time, the limit load-carrying capacity is
reduced with the number increase of simply supported edges.

5. Conclusions

In this study, a damage degree assessment criterion is defined
based on the residual uniformly distributed load-carrying
capacity of a two-way bending RC slab. Using this criterion,
the damage degrees of the slab under different explosion cases
and design parameters are analyzed. The main results are
listed as follows.

(1) The damage degree assessment criterion based on
the residual uniformly distributed load-carry capacity

presents a new index to evaluate the damage degree of
the two-way bending RC slab; it can be applied to all
failure modes.

(2) Subjected to blast loadings, the damage degree is
directly affected by the explosive weights and posi-
tions. The damage degree would increase when the
explosive weight is increased or the explosive position
is moved from centre to the boundary.

(3) The boundary conditions and the length of negative
reinforcement steel bar can directly affect the antiex-
plosion ability of the slab. For the two-way bending
RC slab antiexplosion design, it is better to reduce
the number of simply supported edges and layout the
negative reinforcement steel bar along the actual span.
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In recent years, there has been an increasing interest in the adoption of emerging ubiquitous sensor network (USN) technologies for
instrumentation within a variety of sustainability systems. USN is emerging as a sensing paradigm that is being newly considered by
the sustainability management field as an alternative to traditional tetheredmonitoring systems. Researchers have been discovering
that USN is an exciting technology that should not be viewed simply as a substitute for traditional tethered monitoring systems.
In this study, we investigate how a movement monitoring measurement system of a complex building is developed as a research
environment for USN and related decision-supportive technologies. To address the apparent danger of building movement, agent-
mediated communication concepts have been designed to autonomously manage large volumes of exchanged information. In
this study, we additionally detail the design of the proposed system, including its principles, data processing algorithms, system
architecture, and user interface specifics. Results of the test and case study demonstrate the effectiveness of the USN-based data
acquisition system for real-time monitoring of movement operations.

1. Introduction

With the increasing demands of skyscraper, airport hub,
and rail network development, the scale of construction
projects has significantly grown. These large-scale con-
struction projects involve complex interfaces for which the
development of construction safety monitoring has become
considerably important [1]. After completion of a construc-
tion project, the sustainability of the construction site con-
tinues to play a crucial role in safety assessment through
structural health monitoring (SHM). In addition, damage
to humans is a more serious situation that can occur from
unpredictable factors such as natural disasters and safety
ignorance. The fact of human damage and its economic
costs underscores the importance of continual monitoring
of construction activities. The introduction of SHM can
enable the rational coping with primary damage through
objective SHM data [2]. This important SHM trend in
construction requires rational methods to ensure health and

safety (HS) and effective maintenance control in the face of
uncertainties and associated risks. Therefore, installation of
automatedmonitoring systems in current projects is required
for identifying the state of building change. This is because
it is impossible to implement timely checks and repairs of
facilities using traditional methods of passive monitoring
systems. For example, monitoring results of valuable data
collected from construction sites are not applied in a timely
manner if the project administrator does not have sufficient
data processing speed [3].

To overcome current limitations, construction moni-
toring technologies have been rapidly developing with the
advancement of information technology (IT) and telecom-
munications [4]. Automaticmonitoring systems can obtain in
real time accurate information of groundmovement analyses
and impact assessments of nearby building conditions [5].
These procedures of gathering, processing, and analyzing of
recorded experimental data accumulated from the field are
expected to improve the precision and reliability of results
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while enabling rapid coping with cracks and vibrational
problems. The advent of the ubiquitous sensor network
(USN) approach was prompted by the absence of suitable
communication for the timely acquisition of construction
resources in large-scale projects [6–8]. The USN system
improves HSmonitoring of a suspension building.Therefore,
the use of new technologies, such as tablets and smart phones,
has been adopted to expedite the monitoring process. These
technologies contain long-term evolution (LTE) technology
to connect in real time the main servers with multiple
devices. Accordingly, LTE technology can enable effective
data transfer from a remote location to the main office.
The related software applications, specifically collection static
data (CSD) and the integration measuring system (IMS), can
maximize the advantages of wireless sensor technology.These
applications for collecting data are web-based; therefore,
monitoring is available from any location with a wireless
Internet connection [9]. Through the various calibration
tests mentioned above, monitoring instruments can enhance
monitoring reliability and durability. In addition, the uni-
versalization of monitoring instruments can automatically
reduce monitoring system installation costs.

The objective of the present research is to report the
necessity of automated monitoring systems for enhancing
sustainable construction maintenance and to ensure HS.
The following objectives must be achieved to meet the
stated aim. (1) Obtain more accurate and reliable monitoring
data, which would enable easier and more effective analysis.
To this end, the implementation of automated monitoring
systems should be considered for practical construction sites.
(2) Enable monitoring for the smooth implementation of
the automatic monitoring system and improve economic
feasibility assessments to accelerate the implementation.

2. Literature Review

Many studies have been carried out to reduce the gap
between predictions and real situations. Various IT appli-
cation approaches have been proposed for construction
monitoring through a diversity of projects. These include
equipment monitoring with a global positioning system
(GPS), material tracking with radio frequency identification
(RFID) devices, and wireless networking technologies [2, 10].
However, previous studies have identified several limitations
of GPS and RFID techniques. For one, GPS technology can
be affected by lack of signals due to geographic factors and
weather.OtherGPS limitations include poorGPS signals, loss
of GPS signal integrity, and limited positioning accuracy [11].
Additionally, RFID has reliability problems because the RFID
sensors cannot automatically distinguish between a failed
sensor and the nonoccurrence of an expected event [2, 10].
For the above reasons, development of a wireless network sys-
temwould address the need for fully automaticmonitoring in
construction sites. As a potential solution, mobile technology
has nevertheless presentedmajor challenges in the IT domain
of construction projects [12]. The diversity of many possible
implementation scenarios involves HS applications, asset
tracking logistics, building monitoring, and provisioning

of equipment maintenance information [13]. However, the
current deployment of wireless network systems focuses on
static information delivery without considering user satis-
faction. The consideration of user satisfaction, such as user
profiles, role preferences, and construction tasks, should be
addressed to ensure the efficacy and accuracy of information
delivery during the construction process, thereby saving
valuable time. Potential benefits can then be expected, such
as improvement in efficiency and productivity [14, 15].

The initiative of primary constructionmaintenancemon-
itoring began with the Committee of Sponsoring Organi-
zation of the Treadway Commission (COSO). According
to COSO, continuous monitoring enables management to
continually automate the review of business processes to
ensure effective performance. Automated business processes
can involve assessing the effectiveness of controls and detect-
ing associated risk issues. Additionally, improved perfor-
mance can encourage adherence to compliance standards and
increase the cost-effectiveness of controls and monitoring
through IT solutions. Woo [3] proposed the estimating
of circumstances across all construction activities through
general construction monitoring and maintenance monitor-
ing. General construction monitoring compensates for the
uncertainty of the design and provides safety and economic
feasibility by validating the design. Maintenance monitoring
serves to consistently check HS for existing building issues
and to maintain optimum conditions. Maintenance moni-
toring can contribute to valuable economic maintenance of
construction facilities through objective and effective data.
These benefits can improve management of the entire pro-
cess of increasingly complex construction projects currently
constrained under the inadequacy of traditional monitor-
ing systems. Therefore, continuous maintenance monitoring
becomes increasingly more important for improving the
whole construction performance in terms of safety elements
such as checking structural differential movement and rota-
tion, cracking, and building vibration. However, existing
monitoring systems, which manually aggregate productivity
reports from sites, are unable to disseminate information
in real time from both sites and office management with
sufficiently detailed information.

3. Methodology

In this paper, we explain the application of automatic mon-
itoring system methods that employ portable data loggers
and wired and wireless systems. In addition, we outline the
structure of these connection methods. The application of
these methods considers the distance between the office and
construction sites and conditions such as underground work,
weather, and the number of workers. Additionally, appropri-
ate measuring sensors, such as the EL-beam, cracking test
machines, and vibrational measuring devices, are installed
in construction sites according to characteristics of the given
construction project. We herein use a case study to explain
the operation of CSD and IMS programs. The case study
involves the practical application of an automatic monitoring
system for a complex building in South Korea. The case
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study is a qualitative method supported by literature review
to substantiate the necessity of construction monitoring and
case study content analysis.

4. Comparison of Existing Monitoring Systems

Existing monitoring methods at construction sites involve
either passive or automated monitoring depending on the
construction condition. The selection of the method is
directly related to economic aspects.The operation of existing
automated monitoring systems is marked by inadequate
technical expertise with lack of issue recognition [4]. The
primary use of the automated monitoring system requires
significant investment to implement it. However, in the long
term, it is much more economically feasible than existing
monitoring systems for projects and complex construction
environments. The automated system can notify adminis-
trators with an alarm feature about changeable situations
to enable immediate analysis. These advantages, which are
readily reflected in the ongoing construction process, make
automated monitoring systems far superior to existing mon-
itoring systems.

In Table 1, the comparison of existing and automated
monitoring systems is summarized. Although existing mon-
itoring systems continue to be used in construction sites
because of their time-efficient installation and easy main-
tenance benefits, they are nevertheless time consuming in
terms of analyzing accumulated data with high human
resource constraints. Furthermore, existing monitoring is
marked by low precision and the difficulty of monitoring that
is dependent on construction conditions. These limitations,
however, can be reduced through automated monitoring
systems because the latter systems enable control in varying
the frequency of monitoring and generating its data while
providing precise data, time savings, and more efficient use
of human resources.

5. Integration of Information Services

5.1. System Processes. Project managers require a robust
monitoring system that can ensure that the most current
information is delivered and represented in a timely and
comprehensivemanner, thereby enabling control decisions to
be made as quickly and easily as possible. Figure 1 depicts
the flow of a monitoring system as a portable, continuous
analyzer through a data logging method. The automated
system consists of a sensor, data logger, multiplexer, control
cable, and computer. In addition, it includes a power supply
for the data logger and multiplexer. The integrated system
handles general processing formeasurements.The computer-
stored data is sent to a central database or a web server
at specific time intervals based on a previous setting. The
network system is configured to support remote control
and data access from any remote area over the Internet.
The information is made available to recipients in real time
on websites as raw data and graphs. The data logger saves
the measurement data in memory and sends a warning
or wireless call when the data exceeds the limit set in the

integrated system. After measurements are performed with
the portable data logging equipment, the measurement data
is entered in a measurement system in the main computer to
provide access to it.

In the case of a wired connection, signal cables are used
to immediately save data into an automated measurement
program on an office computer for real-time observation.
If a field management limit is specified in the program, the
program activates a notification sound and warning screen
if any entered data exceeds the set limit. This provides users
with easy notifications without monitoring. The monitoring
system sends safety measurement data at specific intervals to
the computer for access. The data logger wirelessly commu-
nicates in real time with the remote control monitoring data
to enable identification of the problem and the appropriate
action.

The continuous analyzer device primarily saves the col-
lected data.The analyzer and LTE are connected by the RS232
communication method. The onsite continuous analyzer
device and remotely installed wireless communication device
can exchange measurement data through LTE communica-
tion.Themeasurement data collecting server can analyze the
data gathered by the continuous analyzer device and process
and save it for administrators to view. Lastly, the collecting
server is comprised of a database server and web server.
The database server backs up the saved data, while the web
server ensures online data access from any location. Table 2
summarizes the comparison of CSD and IMS programs.
Based on this information, which includes a comparison of
their respective strengths and weaknesses, the CSD program
is appropriate in a measurement system during construction,
whereas IMS is suitable for the maintenance monitoring
system.

5.2. Monitoring System Diagram. In Figure 2, the overall
structure of the automated monitoring system is presented.
For Project A and Project B of the different construction
sites, fieldmeasuring sensors are installed in the construction
structure. In addition, a field measuring system is used to
wirelessly communicate the measured data from the measur-
ing sensors to the field office.Therefore, these project sites can
send organized data from construction sites to the head office
and external related organizations such as inspection teams.
Moreover, superintendents and consultants can obtain the
organized data over an external network. Security measures
are in place to protect the data from viruses.

Figure 3 outlines the process by which the onsite mon-
itoring system is wirelessly connected to the remote auto-
mated monitoring system. Automated monitoring sensors
are installed in the construction site to provide continuous
monitoring; the data logger connects to the monitoring sen-
sors by signal cable.This data logger, a continuous analyzer, is
an electronic device that records data over time or in relation
to locations either with an integrated instrument sensor
or through external instrument sensors. The continuous
analyzer can operate on any computer platform by simple
instructions. In addition, it can collect in real time the
measured data from construction sites over the Internet.
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Table 1: Comparison between existing monitoring and automated monitoring system.

Automated monitoring Existing monitoring

Advantages

(i) High precision
(ii) Enable to control various frequencies of monitoring
(iii) Economy of time for monitoring analysis to
immediately response
(iv) Many field experimental machines work at the same
time
(v) Enable to output the data with monitoring
(vi) Saving the manpower

(i) Economy of time for installation
(ii) Enable to analyze monitoring in the construction site
(iii) Easy maintenance

Disadvantages
(i) Expensive material cost
(ii) Time consuming to install the automatic system
(iii) Requiring field observation

(i) High manpower consumption
(ii) Low precision
(iii) Level of difficulty depends on the field condition
(iv) Time consuming for data analyzing
(v) Unavailable measurements in terms of bad weather

EL-beam

Cracking test
machine

Measuring sensors

Portable
continuous

analyzer

Server PC

Monitoring DB

Measurement data input

Administrator

Monitoring PC

Monitoring PC

Monitoring PC

Supervision
corporation

Construction
company

Figure 1: Flowchart of portable data logger method monitoring.

Table 2: The comparison between CSD and IMS.

CSD IMS

Strength
(i) Simple system configuration
(ii) Possibility to develop an installation program and web
program

(i) As operated on the web base, monitoring check is
possible anywhere with Internet connection
(ii) Possible to process data in diverse formats such as
report and graphs
(iii) Possible to set user authority
(iv) Possible to customize programs according to specific
on-site conditions

Weakness (i) Program use faded down
(ii) Slow loading speed when data accumulation is huge System installation is costly
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Figure 2: The overall diagram of monitoring system.

Various sensors measure voltage, resistance, frequency, and
input/output of digital signals. The measured data, which
can transfer engineering numerical values, is comprised of
linearization results from the general temperature sensor.The
measured data analysis process is simple and software, such
as Lotus and Excel, can be used. The collected measured data
is immediately presented on the screen of the continuous
monitoring analyzer and administrator computer for saving.
The continuous analyzer can provide reduced maintenance
costs due to less power consumption. Moreover, it can be
powered by a small portable battery for long time periods in
construction sites, where it can perform network, alarm, and
indicating graph functions.

5.3. Program Components. The CSD program is composed
of the CSD function and general CSD without the function.
Figure 4 depicts the CSD program used for different con-
struction sites.The red color box in the program denotes sites
where sensors are installed.

If one of the lists is selected, the screen appears, as shown
in Figure 5. The CSD program screen is comprised of six
components.

(1) System diagram → A

(2) Current condition → B

(3) Login/logout → C

(4) Location of field measuring equipment → D

(5) Installation pictures → E

(6) Graphical visualization of real-time data monitoring
→ F

Figure 6 illustrates the program implemented for IMS. It
is comprised of the project name, measuring sensors, the last
accessed date, and the current state. If the project is selected,
the program will launch.

6. Case Study

We now consider a case study and demonstrate how the
USN environment can help personnel from different func-
tional groups conduct collaborations. For the case study,
the Gongneung-dong complex building project from the
apartment industry sector of Hyundai Amco Construction
Ltd. was selected.The project was a complex building located
at 670-20 Gongeung-dong, Nowon-gu, Seoul, South Korea. It
was composed of two buildings with 36 stories and exclusive
use of the apartments. The total lot area was 84 m2 out of
6,026.50m2, as shown in Table 3.

6.1. Experimental Field Setup. The field measuring instru-
ments used in the case study included the EL-beam, crack-
ing test machine, and vibration measurement apparatus, as
shown in the numberE of Figure 5.

The EL-beam sensors monitored differential movement
and rotation in the structures. The horizontal beam sensors
monitored settlement and heave. The vertical beam sensors
monitored lateral displacement and deformation. These two
methods of installation enabled monitoring of structural
behavior under loads as well as the stability of the struc-
tures. Stabilization measures were then provided. The EL-
beam operates by means of a beam sensor consisting of an
electrolytic tilt sensor—a precision bubble level electrically
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Field automated monitoring system
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Cracking test
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LTE modem
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Smart phone

Internet
PC

Administrator
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Internet line
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Measurement data server

Wireless (LTE)

Remote automated monitoring system

Figure 3: The diagram of applied monitoring system (LTE).

sensitized as a resistance bridge—that is attached to a rigid
metal beam.The beam, typically one to two meters long, was
mounted on anchor bolts set into the structure. Structural
movement changes the tilt of the beam and the sensor
output. The cracking test machine then evaluates progressive

cracking in the walls. The results of the cracking test can
help identify the appropriate time to perform repairs based
on changes of crack width. It can be affected by tempera-
ture changes, crack shapes, and various construction loads,
such as superimposed loads and movement of construction
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Figure 4: Collection static data program.

Figure 5: The example of CSD.

Table 3: The project summary.

Location 670-20 Gongneung-dong,
Nowon-gu, Seoul, South Korea

Total lot area 6,026.50m2

Type of building Complex building
Number of stories

Basement 5th
Stories 36th

Gross area 53,489.1066m2

Building coverage ratio 59.51%
Floor area ratio 587.72%
Exclusive use of apartment 84m2/2 buildings (A, B)
Total house holds 234 (A-118/B-116)

equipment. Therefore, continuous vibration monitoring can
provide information by which building health conditions
can be assessed. Lastly, vibration can be simply defined as
the cyclic or oscillating motion of a machine or machine
components from a position of rest. Construction vibration
can be generated from various forces, such as the movement
of large-scale equipment and progressive work packages.
With the results of direction change over time, the analysis
enables breakdown maintenance and scheduled or preven-
tative maintenance. Furthermore, the trending and analysis
of vibration performance helps identify developing problems

Current state

Last accessed dateMeasuring sensorsName of project

Figure 6: Integration measuring system (IMS) program.

before failure and extensive damage occur, thereby providing
predictive maintenance.

6.2. Monitoring System Application. The current state is indi-
cated on the computer screen through the main monitoring
sensors. The information can be obtained from saved data
in the computer or by directly accessing the field measuring
machine. The data can be analyzed with various methods
such as plain text, Excel, and graphs. The current monitor-
ing state is automatically updated every ten minutes. The
time interval enables the setting according to the user and
administrator. The function of the main monitoring sensor
is to issue a notification on the computer screen and mobile
phone with the integral short message service (SMS) when
the standard is exceeded (Figure 7). Because this monitoring
system is web-based, it can be used in any location with a
computer and Internet access. If the monitoring program
is checked on the web browser, the CSD program is first
initiated and the web browser accesses the web-based system.
From that point, it can verify the monitoring program after
entering the ID and password on the login page.

The key flow of the measurement monitoring system is
summarized in Figure 8.The collected information from field
monitoring sensors and machines are sent to the monitoring
system in a construction site. This information can be
shared between the construction site and remote locations.
The monitoring system can regularly record collected data
through a backup process. In addition, it can perform
statistical analysis through the information analysis system
in the data flow processing system. This system can then
issue notifications to the administrator, depending on the
standard of value and the set limitation. Using this systematic
procedure, the project is safety evaluated based on the result.

6.3. CDM Application Program. In the CDM application,
the following three elements can be presented by selecting
the project system structure: current monitoring condition,
administrator login, and installed measuring sensors located
in the construction site.

6.3.1. Project System Structure. The system structure dia-
gram is comprised of field measurement equipment that
includes installed EL-beams, cracking test machines, and
vibration measuring devices in a construction site along
with a wireless LTE modem. Information gathered from all
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Figure 7: Warming system (SMS service).

field measurement equipment is sent by the LTE modems.
These modems then connect to the main server in a remote
location. Therefore, administrators or users can identify the
measurement information gathered from a construction site
by connecting to the Internet. At that point, they log into the
CDMmonitoring program (Figure 9).

6.3.2. Location Map of Installed Measuring Sensors in the
Construction Site. The number D of Figure 5 depicts in a
cross-sectional view (of every floor) the locations where the
EL-beam, cracking test machine, and vibrational measuring
device are installed in the building. The table located at the
bottom-right side outlines the number of sensors with three
different kinds of logistic in the construction site.

6.3.3. Graphical Visualization of Real-Time Data Monitoring.
The graphical visualization of real-time data monitoring,
as shown in the number F of Figure 5, is located at the
bottom of the program. It depicts the data in real time with
the maintenance standard. The top of the image is divided
into cross-sectional views of every floor in the building so
that it can communicate the data in a timely manner when
monitoring is needed in a specific place in the building.

In addition, the project status can be viewed using a
simple web browser, as shown in Figure 10. The status view
presents the data log extracted frommonitoring in which the
read time at ten-minute intervals is displayed. Moreover, it
is possible to save the measurement data and open files of
previously saved results with Excel (Figure 10).

7. Result and Discussion

Timely field monitoring can resolve the gap between predic-
tions and real situations by enabling the analyzing of con-
struction validity.Monitoring byUSN-based data acquisition
can promote construction safety through the analyzing of

collected data. Use of this data supports effective decisions
and suggestions for effective methods in terms of safety
maintenance and design changes.The automated monitoring
system can provide an improvement of HS based on its timely
acquisition of data. In addition, it enables the establishment
of countermeasures for the HS and ensures integration
with building maintenance in contribution to construction
management. Maintenance monitoring contributes effective
and economic maintenance for construction facilities by
generating objective and effective data. These benefits can
improve management of the entire process of increasingly
complex construction projects currently constrained under
the inadequacy of traditional monitoring systems. Therefore,
continuous maintenance monitoring becomes ever more
important for improving the whole construction perfor-
mance in terms of safety elements, such as checking structural
differential movement and rotation, cracking, and building
vibration.

However, the above applications consider economic
aspects in utilizing portable devices and analysis software.
This is because the initial cost of installation, such as for
the server construction and field experimental setting, would
be expensive. In addition, the automated monitoring system
is not only installed with a high investment, but basic
limitations remain in terms of monitoring instruments and
malfunctions caused by external factors, such as tempera-
ture and weather, during the construction and maintenance
period.

8. Conclusions and Recommendations

With the advance of IT applications, all project participants,
such as clients, construction companies, and inspection
teams, expect smooth communication because the standard-
ized measurement data can be rapidly accessed using the
Internet and portable devices. This enables the transfor-
mation of the work environment, which was previously a
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vertical business relationship in which it was difficult to
share information. In this paper, we introduced monitoring
equipment, such as a continuous analyzer, and measuring
instruments, such as the EL-beam, cracking test machines,

and vibration measuring devices for operating automated
monitoring systems. Furthermore, we explained themethods
of data connection and the technology of information pro-
cessing. The advantages of construction industry efficiencies
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Figure 10: Saving function and saved result lists through MS Excel.

reduced construction time and a cost-effective integrated
monitoring program using the Internet yield potential for
the growth of construction technology. After completion of
the network, the use of tablets and other personal devices
enable the easy and timely performance of processes by
administrators and managers in multiple construction sites.

An integrated operation program that facilitates the
integration of construction databases andmeasured data pro-
cessed in real time requires further development to achieve
the advancement of an automated monitoring system. Such
a program could enhance operational reliability through
appropriate use of analysis systems in construction sites and

consideration of building state assessments. Higher quality
data reliability enables easy construction monitoring for
every participant in the project using an installed network.
Therefore, the installation can reduce system costs through
the development of an integrated program.
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This paper presented an overview on the dynamic analysis and control of the transmission tower-line system in the past forty
years. The challenges and future developing trends in the dynamic analysis and mitigation of the transmission tower-line system
under dynamic excitations are also put forward. It also reviews the analytical models and approaches of the transmission tower,
transmission lines, and transmission tower-line systems, respectively, which contain the theoretical model, finite element (FE)
model and the equivalent model; shows the advances in wind responses of the transmission tower-line system, which contains
the dynamic effects under common wind loading, tornado, downburst, and typhoon; and discusses the dynamic responses under
earthquake and ice loads, respectively.The vibration control of the transmission tower-line system is also reviewed, which includes
the magnetorheological dampers, friction dampers, tuned mass dampers, and pounding tuned mass dampers.

1. Introduction

The degradation of civil engineering structures due to harsh
environment may lead to structural damage and failure,
associated with the events such as member fracture, column
buckling, and brace breakage [1, 2]. To be a kind of high-
rise structure with small damping, overhead transmission
tower-line systems are critical infrastructure for electrical
power transmission and are used throughout the world [3].
Transmission tower-line systems are prone to the dynamic
excitation, such as wind, earthquake, and iced shedding. As
supporting structures of coupled tower-line systems, trans-
mission towers have relatively complex structural geometries
and present obvious nonlinear vibration associated with
flexibility of transmission lines. In reality, there exists a strong
interaction between the motion of the truss tower and that of
the transmission lines subjected to dynamic loading, each of
which has frequency-dependent stiffness properties, leading
to rather complex dynamic behaviour [4–6].The failure of the
towers under dynamic loading has been documented inmany
literatures [7, 8].Therefore, it is relevant to assess the dynamic

performance of transmission tower-line systems considering
both elastic and inelastic responses.

The interest in the ability to monitor and mitigate the
dynamic responses of the transmission tower-line system
is pervasive throughout the civil and electrical engineering
communities. To examine the properties of the coupled
transmission tower-line system, many theoretical and exper-
imental investigations have been carried out during the past
two decades. With regard to the approaches and techniques
used for performance evaluation and disaster mitigation,
they can be classified into two major categories: one is
the conventional approach without considering nonlinear
tower-line interaction and the other is the approach based
on coupled tower-line system. Conventionally, transmission
tower-line systems can be designed and constructed using
appropriate design standards [9–11]. The suggested design
loads are commonly calibrated based on the assumption
that the tower behaves elastically during dynamic excitation.
In addition, the dynamic interaction between the tower
and transmission lines cannot be taken into consideration
during the common design process. Therefore, this design
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approach does not provide deep insights into inelastic and
nonlinear tower behaviour under strong dynamic excitations,
even though the consideration of inelastic responses can
be important [12]. Furthermore, the primary environmental
load considered in the design of transmission structures is
the wind load, although the ice load may govern the design
of transmission tower-line systems in some cold regions.
Therefore, the damage and failure of transmission tower-line
systems have been frequently reported across the world, even
though the towers are designed and constructed strictly based
on the specifications and codes.

After that, the development and application of struc-
tural assessment and mitigation approaches for transmission
tower-line systems in the fields of civil and electrical engi-
neering have attracted more and more attention. To over-
come the shortcomings of conventional approaches, many
analytical models and approaches have been proposed and
developed for transmission tower-line systems in recent years
with the aid of various techniques such as wind engineering,
earthquake engineering, structural health monitoring, and
vibration control. However, there are still many challenges
and difficulties in the performance evaluation and vibration
control techniques for the practical application of trans-
mission tower-line system in various service conditions.
Therefore, it is still essential to investigate the feasibility,
validity, and applicability of the performance assessment and
control approaches of the transmission tower-line systems.

This paper reviews the dynamic responses and control of
the transmission tower-line system in the last two decades.
The challenges and future trends in the disaster monitor-
ing and mitigation of the transmission tower-line system
subjected to dynamic excitations are also put forward. The
structure of the rest of the paper is as follows. Section 2
reviews the analytical models of transmission lines, truss
towers, and the coupled tower-line system, which contains
the theoretical model, finite element (FE) model, and the
equivalent model; Section 3 reviews the wind responses
of the transmission tower-line system, which contains the
structural performance subjected to various wind loadings,
such as common winds, tornado, downburst, and typhoon,
respectively, and the experiment and field testing on wind
effects; Sections 4 and 5 discuss the seismic responses and
ice-induced responses of the transmission tower-line system,
respectively. The vibration control of the transmission tower-
line system is also reviewed. Finally, the challenges and
future trends in the dynamic assessment and mitigation
of transmission tower-line system are summarized in the
conclusions.

2. Model of Transmission Tower-Line System

2.1. Model of Transmission Line

(1) Theoretical Model. To examine the properties of a coupled
transmission tower-line system, many analytical models are
developed and presented during the past two decades [13–
16]. Irvine [13] systematically investigated the cable vibration
through theoretical deduction and corresponding results are
commonly taken as the benchmark to assess the effectiveness

of various numerical simulating approaches. Based on the
conclusions provided by Irvine [13], the natural frequencies
of a transmission line for antisymmetric in-plane vibration
𝜔
𝑠
can be expressed as

𝜔
𝑠
=

2𝑛𝜋

𝑙

√
𝐻

𝑚

(𝑛 = 1, 2, 3, . . .) . (1)

The natural frequencies of a transmission line for the sym-
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where 𝐻 is the tensile force of a transmission line; 𝑚 is the
mass of a transmission line per meter; 𝐸 and𝐴 are the Young
modulus and sectional area of a transmission line; 𝑙 is the
horizontal span of a transmission line. In addition, the natural
frequencies of a cable for out-of-plane vibration 𝜔V are

𝜔V =
𝑛𝜋

𝑙

√
𝐻

𝑚

, (𝑛 = 1, 2, 3, . . .) . (3)

(2) FE Model. A transmission line can be modelled by using
cable elements in the FE method [17–19]. The equilibrium
equation of the 𝑖th cable element can be established by using
the virtual work principle based on the nonlinear FEmethod.
The strainmatrix of the 𝑖th cable elementB(𝑖) is the sumof the
linear strain matrix B(𝑖)

𝐿
and the nonlinear strain matrix B(𝑖)NL:

B(𝑖) = B(𝑖)
𝐿

+ B(𝑖)NL. (4)

Both the linear strain matrix B(𝑖)
𝐿

and the nonlinear strain
matrix B(𝑖)NL relate to the shape function of a certain cable
element. The stiffness matrix of the 𝑖th cable element K(𝑖) in
the global coordinate system (GCS) can be expressed as the
sum of the elastic stiffness matrix K(𝑖)

𝑒
, displacement stiffness

matrix K(𝑖)
𝑔
, and the stress stiffness matrix K(𝑖)

𝜎
. Consider

K(𝑖) = K(𝑖)
𝑒

+ K(𝑖)
𝑔

+ K(𝑖)
𝜎
. (5)

The elastic stiffness matrix K(𝑖)
𝑒

can be constructed only by
the linear strain matrix B(𝑖)

𝐿
, while the displacement stiffness

matrixK(𝑖)
𝑔
can be constructed by both the linear strainmatrix

B(𝑖)
𝐿

and nonlinear strain matrix B(𝑖)NL. The stress stiffness
matrix K(𝑖)

𝜎
is constructed by using the shape function of

the cable element and the element stress 𝜎. The global
stiffness matrix of a transmission line can be determined by
combining all the element stiffness matrices in the GCS:

K
𝑙
=

𝑛𝑙

∑

𝑖=1

K(𝑖), (6)

where 𝑛𝑙 denotes the number of all the cable elements in a
transmission line. The mass matrix of the transmission line
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Figure 1: MDOF elastic model of a transmission line. (a) In-plane vibration. (b) Out-of-plane vibration.

in the GCS can be expressed by using lumped mass matrix or
consistent mass matrix based on the FE method. Consider

M
𝑙
=

𝑛𝑙

∑

𝑖=1

M(𝑖). (7)

(3) MDOF Equivalent Model. The transmission line can be
simulated as several lumped masses connected with elastic
elements as shown in Figure 1, which is theMDOF equivalent
model. The Hamilton variational statement of dynamics
indicates that the sum of the time variations of the difference
in kinetic and potential energies and the work done by the
nonconservative forces over any time interval 𝑡

1
to 𝑡
2
equals

zero [19].The application of this principle can lead directly to
the equation of motion of a transmission line:

∫

𝑡2

𝑡1

𝛿 [𝑇line (𝑡) − 𝑈line (𝑡)] 𝑑𝑡 + ∫

𝑡2

𝑡1

𝛿𝑊line (𝑡) 𝑑𝑡 = 0, (8)

in which 𝑇(𝑡) and 𝑈(𝑡) are the kinetic energy and potential
energy of a transmission line.𝑊line(𝑡) equals the virtual work
done by the nonconservative forces on a transmission line.
It is clear that the transmission line may vibrate around its
balanceable position when it is subjected to the external
disturbance. The generalized coordinate 𝑞

𝑖
of a transmission

line, namely, 𝜉 and 𝛿, can be defined as the difference of the
angle 𝜃 and length 𝑙, respectively, as follows:

𝜉
𝑖
= 𝛿𝜃
𝑖
= 𝜃
𝑖
− 𝜃
𝑖0
,

𝛿
𝑖
= 𝛿𝑙
𝑖
= 𝑙
𝑖
− 𝑙
𝑖0
− 𝑙
𝑖𝑠
,

(9)

where 𝜃
𝑖0
is the original value of 𝜃

𝑖
for the 𝑖th element, 𝑙

𝑖0
and

𝑙
𝑖
are the original length and current length of the 𝑖th element,

respectively, and 𝑙
𝑖𝑠
is the static deformation due to the gravity

of the 𝑖th element.
The equation of motion of an N-DOF transmission line

can be derived directly from theHamilton equation by simply
expressing the total kinetic energy 𝑇line, the total potential
energy 𝑈line, and the total virtual work 𝑊line in terms of a
set of generalized coordinates 𝑞

𝑖
, namely, 𝜉 and 𝛿. Then,

introducing the expression into the Hamilton equation and
completing the variation of the first term yield the Lagrange
equations of a transmission line as follows:

𝑑

𝑑𝑡

(

𝜕𝑇line
𝜕 ̇𝑞
𝑖

) −

𝜕𝑇line
𝜕𝑞
𝑖

+

𝜕𝑈line
𝜕𝑞
𝑖

= 𝑄
𝑖
, (10)

where 𝑄
𝑖
is the generalized forcing function of the transmis-

sion line corresponding to the generalized coordinates 𝑞
𝑖
.

After establishing the kinetic energy and potential energy
of transmission line, the mass and stiffness matrices can
be determined through partial differential calculation of the
generalized velocity and generalized displacement, respec-
tively.Themass matrix of a transmission line for the in-plane
vibrationMin

𝑙
can be deduced by computing partial differen-

tial of the derivative of generalized coordinates 𝜕𝑇/𝜕
̇

𝜉
𝑖
and

𝜕𝑇/𝜕
̇

𝛿
𝑖
, respectively. The stiffness matrix of a transmission

line for the in-plane vibration Kin
𝑙

can be determined by
computing partial differential of the generalized coordinates
𝜕𝑈/𝜕𝜉

𝑖
and 𝜕𝑈/𝜕𝛿

𝑖
, respectively. In addition, the transmis-

sion line can be simplified as a hanging linewith a few lumped
masses when considering the out-of-plane vibration. The
mass matrix Mout

𝑙
and stiffness matrix Kout

𝑙
of transmission

line can be deduced in the same way.

2.2. Model of Transmission Tower

(1) FE Model. The transmission tower is a typical spatial
structure constructed by using steel members, which can be
modelled by using beam and truss elements based on the FE
method. The element stiffness matrix K(𝑚) and mass matrix
M(𝑚) of the 𝑚th element in the GCS can be determined
by transforming the element stiffness matrix K(𝑚)

𝑒
and mass

matrixM(𝑚)
𝑒

in the local coordinate system (LCS) with the aid
of coordinate transformation matrix T(𝑚)

𝑎
:

K(𝑚) = T(𝑚)𝑇
𝑎

K(𝑚)
𝑒

T(𝑚)
𝑎

,

M(𝑚) = T(𝑚)𝑇
𝑎

M(𝑚)
𝑒

T(𝑚)
𝑎

.

(11)

After determining the element stiffness and mass matrices
under the GCS, one can construct the position matrix
of element freedom T(𝑚)

𝑐
following the FEM connection

information of each element under both local and global
coordinate systems. Thus, the global stiffness matrix K

𝑡
and

mass matrix M
𝑡
of a transmission tower in the GCS can be

expressed as

K
𝑡
=

𝑛𝑒

∑

𝑚=1

T(𝑚)𝑇K(𝑚)T(𝑚),

M
𝑡
=

𝑛𝑒

∑

𝑚=1

T(𝑚)𝑇M(𝑚)T(𝑚),
(12)



4 The Scientific World Journal

(a)

15.000

29.500

55.500

43.000

98.000

76.500

66.500

88.500

122.000

110.000

(b)

Figure 2: Analytical model of a transmission tower. (a) 3D FE mode. (b) 2D model.

where 𝑛𝑒 is the total element number of the finite element
model of a transmission tower and T(𝑚) is the freedom
transform matrix from element coordinate system to the
GCS, which is the product of coordinate transformation
matrix T(𝑚)

𝑎
and position matrix T(𝑚)

𝑐
of the𝑚th element.

(2) 2D Lumped Mass Model. If a 3D finite element dynamic
model is used to model a tower with many transmission
lines, the numerical step-by-step integration in the time
domain to determine dynamic responses of the tower-line
coupled system will be very time-consuming, which makes
it impractical for parametric study and vibration control
investigation. The dynamic excitation on the tower such as
wind loads and earthquakes can usually be modeled as a
stationary or nonstationary stochastic process in time and
nonhomogeneous in space.Thedigital simulation of dynamic
loading of a 3D finite element model of the transmission
tower-line system with the aid of the spectral representation
method [20, 21] may need enormous computation effort. To
this end, a 2D lumpedmassmodel is commonly used in prac-
tice to investigate the wind/earthquake-induced dynamic
response of a complicated transmission tower-line system
[22] (see Figure 2).

When a 3D FE dynamic model of a transmission tower
is reduced to a 2D lumped mass model, some assumptions
are commonly adopted. Firstly, the mass of the transmission
tower, including the masses of all structural components and
all nonstructural components and all equipment in the tower,
is concentrated at several floors only.Then, the average of the
displacements of all nodes at a given floor in one common
direction is defined as the nominal displacement of that floor
in that direction. Finally, only the horizontal dynamic loading
and responses are considered.

With these assumptions, the number of dynamic degrees
of freedom of a transmission tower in the lumped mass
model is the number of floors selected. The mass matrix

M
𝑡
of the lumped mass model is a diagonal matrix. The

stiffness matrix K
𝑡
of the lumped mass model of 𝑛 degrees

of freedom can be obtained based on the 3D FE model of the
transmission tower by taking the following steps: (1) apply the
same horizontal force at each node at the 𝑖th floor such that
the sum of all forces equals 1; (2) determine the horizontal
displacement of each node at the 𝑗th floor and define the
nominal displacement of the 𝑗th floor to have the flexibility
coefficient 𝑑

𝑗𝑖
(𝑖, 𝑗 = 1, 2, . . . , 𝑛); (3) form the flexibility

matrix F of 𝑛 × 𝑛 dimension; (4) inverse the flexibility matrix
to obtain the stiffness matrix K

𝑡
.

2.3. Model of Transmission Tower-Line System

(1) FE Model. Similar to the construction process of a
transmission tower, the global stiffness andmassmatrices of a
transmission tower-line system in the GCS can be established
by combining the stiffness and mass matrices of towers and
lines in the GCS by using the FE method:

K =

𝑛tower
∑

𝑖=1

K(𝑖)
𝑡

+

𝑛line
∑

𝑗=1

K(𝑗)
𝑙
,

M =

𝑛tower
∑

𝑖=1

M(𝑖)
𝑡

+

𝑛line
∑

𝑗=1

M(𝑗)
𝑙
,

(13)

where 𝑛tower and 𝑛line are the numbers of towers and
transmission lines in a transmission tower-line system,
respectively.

(2) MDOF Equivalent Model. As discussed above, the analyt-
ical model of a transmission tower-line system constructed
by using the 3D tower model and the cable model may
be very complicated and time-consuming in the numeri-
cal computation. Therefore, a MDOF equivalent model of
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Figure 3: Analytical model of a transmission tower-line system. (a) In-plane vibration. (b) Out-of-plane vibration.

the transmission tower-line system can be developed by
combining the 2D tower model and the equivalent line
model.

For the transmission tower-line system, the kinetic
energy can be expressed in terms of the generalized coordi-
nates and their first time derivatives, and the potential energy
can be expressed in terms of the generalized coordinates
alone. In addition, the virtual work which is performed by
the nonconservative forces as they act through the virtual
displacements caused by an arbitrary set of variations in the
generalized coordinates can be expressed as a linear function
of those variations. In mathematical terms the above three
statements are expressed in the form

𝑇 = 𝑇 (𝑞
1
, 𝑞
2
, . . . , 𝑞

𝑁
, ̇𝑞
1
, ̇𝑞
2
, . . . , ̇𝑞

𝑁
) ,

𝑉 = 𝑉 (𝑞
1
, 𝑞
2
, . . . , 𝑞

𝑁
) ,

𝛿𝑊
𝑛𝑐

= 𝑄
1
𝛿𝑞
1
+ 𝑄
2
𝛿𝑞
2
+ ⋅ ⋅ ⋅ + 𝑄

𝑁
𝛿𝑞
𝑁
,

(14)

where the coefficients 𝑄
1
, 𝑄
2
, . . . , 𝑄

𝑁
, are the general-

ized forcing functions corresponding to the coordinates
𝑞
1
, 𝑞
2
, . . . , 𝑞

𝑁
, respectively.

The analytical model of transmission tower-line system
is displayed in Figure 3. The kinetic energy 𝑇 and potential
energy 𝑈 of the coupled system are

𝑇 =

𝑛tower
∑

𝑖=1

𝑇
(𝑖)

𝑡
+

𝑛line
∑

𝑗=1

𝑇
(𝑗)

𝑙
,

𝑈 =

𝑛tower
∑

𝑖=1

𝑈
(𝑖)

𝑡
+

𝑛line
∑

𝑗=1

𝑈
(𝑗)

𝑙
.

(15)

By substituting (15) into the Lagrange equation, the motion
of equation of a transmission tower-line system can be deter-
mined by computing the partial differential of the kinetic
energy 𝑇 and potential energy 𝑈 to generalize coordinates
and their first time derivatives.

3. Wind Responses of
Transmission Tower-Line System

Transmission tower connected by many lines has more
complex structural geometries and behaviour than common
self-supported towers. Transmission tower-line system is
a typical wind sensitive structure and wind loading often
controls the structural design of transmission tower-line
system [20, 21].The response of structures towind actionmay
involve a wide range of structural actions, including resultant
forces, bending moments, cable tensions, and deflections
and acceleration. The transmission lines, being relatively
slack under dead load, together with the behaviour of the
tower and the conductors make the system very nonlinear.
It was considered that since time history analysis takes into
account nonlinearity this analysis is more accurate than the
multimodal spectral analysis.

3.1. Performance Subjected to Common Wind Loading. Early
studies on guyed towers for transmission lines were focused
on the galloping phenomenon [23, 24]. Later works on the
dynamic wind loading for transmission tower-line system,
for example, the studies of Yasui et al. [25] and Battista
et al. [26], did not involve flexible-type structures such as
guyed towers. Liew and Norville [27] presented a method
for studying the response of a transmission tower struc-
tural system subjected to wind loads. The wind speeds
and the loads from the conductors were considered as
the loadings on the transmission tower structural system.
The data were used to determine the frequency response
functions of the transmission tower structural system which
provided a measure of response. Yasui et al. [25] described
a method for analyzing wind-induced vibrations of power
transmission towers coupled with power lines. They also
discussed the influence on the response characteristics of
differences in transmission support systems and the differ-
ences between peak factors, computed from a time series
and from the power spectrum density. Battista et al. [26]
proposed a new analytical-numerical modelling for the
structural analysis of transmission line towers under wind
action for stability assessment in a design stage. A simplified
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Figure 4: Load patterns for performance analysis of transmission tower: (a) rectangular, (b) inverted triangular, (c) first mode, (d) power
law, and (e) tornado.

two-degree-of-freedom analytical model is also presented
and shown to be a useful tool for evaluating the system
fundamental frequency in early design stages. Loredo-Souza
and Davenport [28] examined the influence of the design
methodology in the response of transmission towers to wind
loading. The Davenport gust response factor was compared
with the statistical method using influence lines. From the
results it can be concluded that the incorporation of the
dynamic properties of transmission structures in the design
methodologies is needed and that the statisticalmethod using
influence lines is a more correct approach since it allows
for the inclusion of a larger number of factors in the design
methodology.

The transmission tower-line systems become important
infrastructures in modern societies and their wind-induced
responses are an essential and practical task in the safety
assessment.Okamura et al. [29] carried out thewind response
analysis of a transmission tower in a mountainous area based
on full-scale measurements. The wind response analysis
results for the blowdown flow on the leeward slope of the
mountain corresponded closely with the measurements. The
analytical results demonstrate that the evaluation of the blow-
down angle is also important in the wind response analysis of
the transmission tower in the mountainous area. Liu and Li
[30] presented an analytical framework to evaluate the along-
wind-induced dynamic responses of a transmission tower.
Two analytical models and a new method were developed.
One was a higher mode generalized force spectrummodel of
the transmission tower and the other was an analytical model
that includes the contributions of the higher modes derived
as a rational algebraic formula to estimate the structural
displacement response. A new approach was developed by
applying load with displacement (ALD) instead of force
to solve the internal force of transmission tower. It was
found that the ALDmethod can avoid calculating equivalent
static wind loads compared with conventional methods. The
importance of the dynamic response of guyed towers for
transmission lines under wind loading was evaluated by
Gani and Légeron [31]. The research objective was to verify
if the simplified static-equivalent approach provided in the
current transmission line codes is sufficient for this type
of flexible tower. It was found that the static-equivalent
approach may underestimate the possible dynamic response.

Similar investigations on wind-induced dynamic responses
were carried out by Hou et al. [32] and Li et al. [33].

The numerical simulation of transmission tower-line
systems’ progressive collapse performance is considered as
a major research hotspot and significant project, due to
the increasing number of wind-induced collapse accidents
recently. To assess the collapse risk of transmission line struc-
tures subject to natural hazards, it is important to identify
what hazard may cause the structural collapse. Zhang and
Li [34] introduced a new method termed as the probability
density evolution method (PDEM) so as to accurately com-
pute the dynamic response and reliability of a transmission
tower. The random parameters of the wind stochastic field,
such as the roughness length, themeanwind velocity, and the
probability density functions, were investigated. It was found
that not only the statistic quantities of the dynamic response,
but also the instantaneous probability density function of the
response and the time-varying reliability can be determined
based on the proposedmethod.The results demonstrated that
the PDEM is feasible and efficient in the dynamic response
and reliability analysis of wind-excited transmission towers.

Banik et al. [35] assessed capacity curves for transmission
line towers under wind loading. The assessment was per-
formed by using a nonlinear static pushover (NSP) analysis
and incremental dynamic analysis (IDA) using different load
patterns as shown in Figure 4. For the IDA, temporally and
spatially varying wind speeds were simulated based on power
spectral density and coherence functions. Numerical results
indicated that the structural capacity curves of the tower
determined from theNSP analysis depend on the load pattern
and that the curves determined from the nonlinear static
pushover analysis were similar to those obtained from IDA.
Furthermore, Mara and Hong [36] investigated the inelastic
response of a self-supported transmission tower under differ-
ent wind events, including traditional atmospheric boundary
layer wind and downburst wind, and for wind loading at
different directions relative to the tower. The NSP analysis
was used to obtain the capacity curve of the tower, defined by
the force-deformation relationship, at each considered wind
direction. The results indicated that the yield and maximum
capacities vary with wind direction.

Fei et al. [37] presented a method to evaluate the
structural status of transmission lines based on dynamic
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and stability analysis. A long-span transmission tower-line
system in China with a span of 1083m was taken as the
real example. Nonlinear buckling analysis for both the tower
and tower-line systems was performed to determine the
critical wind loads. Numerical results indicated that modal
frequencies of low order modes decrease when the wind
velocity increases before the structural instability happens in
both cases. Therefore, for the structural health monitoring
of transmission lines, frequency decrease of low order mode
is a useful indicator to predict the happening of struc-
tural instability. Zhang et al. [38] examined wind-induced
collapsed performance of a transmission tower-line system
through numerical simulation.The finite element models for
the single tower and transmission tower-line system were
established to simulate wind-induced progressive collapse by
using birth-to-death element technique with the aid of the
commercial package ABAQUS. It is demonstrated that the
collapse mechanism of the transmission tower-line system
depended on the number, position, and last deformation of
damage elements.

Galloping of overhead transmission lines has been under
investigation for a long time in the industrial aerodynamics
field and is still awaiting solution. It is important to under-
stand the effects ofwind turbulence on galloping and to estab-
lish an evaluation method for galloping of transmission line
in gusty wind. Ohkuma and Marukawa [39] investigated the
galloping of overhead transmission lines in gusty wind. They
discussed the differences between galloping in smooth wind
and galloping in gusty wind through a numerical simulation
focusing on their behavior rather than their mechanisms. In
addition, Verma and Hagedorn [40] developed a modified
approach of the energy balance principle by taking into
account in-span damping (Figure 5). The complex transcen-
dental eigenvalue problem was solved for the conductor with
in-span fittings. With the determined complex eigenvalues
and eigenfunctions, a modified energy balance principle was
then used for scaling the amplitudes of vibrations at each
resonance frequency. Bending strains are then estimated at
the critical points of the conductor.

3.2. Performance Subjected to Tornado. A thunderstorm, also
known as an electrical storm, a lightning storm, thunder-
shower, or simply a storm, is a form of turbulent weather
characterized by the presence of lightning and its acoustic
effect on the Earth’s atmosphere known as thunder. Thun-
derstorms are usually accompanied by strong winds, heavy
rain, and sometimes snow, sleet, hail, or no precipitation
at all. There are several different types of thunderstorms,
depending on the origin and the associated meteorologi-
cal activities. All types of thunderstorms can occasionally
become severe. The most severe thunderstorm is a tor-
nado and another type of severe thunderstorm is the so-
called downburst. In many countries, a large proportion of
failures of transmission tower-line systems are caused by
severe thunderstorms. Because the wind loads generated
by thunderstorms are not only random but time-variant as
well, a time-dependent structural reliability approach for
the risk assessment of transmission tower-line system is
essential. However, a lack of appropriate stochastic models
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Figure 5: Schematic view of a typical long-span transmission line.

for thunderstorm winds usually makes this kind of analysis
impossible. To this end, Li [41] proposed a stochastic model
to realistically and accurately simulate wind loading due
to severe thunderstorms. With the proposed thunderstorm
model, the collapse risk of transmission line structures under
severe thunderstorms is assessed numerically based on the
computed failure probability of the structure.

Tornadoes contain the most powerful effects of all winds
[4]. A tornado consists of a vortex of air that develops within
a severe thunderstorm and moves with respect to the ground
with speeds of the order of 20–100 km/hr in a path. A tornado
is a violently rotating column of air that is in contact with
both the surface of the earth and the cumulonimbus cloud,
which is often referred to as twister or cyclone. Tornadoes
are observed as funnel-shaped clouds and the tangential
speeds are probably highest at the funnel edge and drop-off
toward the center and with increasing distance outside the
funnel. Since the centrifugal forces in the tornado vertex far
exceed the Coriolis forces, the latter may be neglected and the
gradient wind equation can be expressed as

𝑉
2

𝑟

=

1

𝜌

⋅

𝑑𝑝

𝑑𝑟

, (16)

where 𝑉 is the cyclostrophic wind velocity, 𝑟 is the radial
distance from the center of the vortex, 𝜌 is the air density, and
the 𝑑𝑝/𝑑𝑟 is the pressure gradient along the radius. A tornado
is different to downburst and microburst. In a tornado,
high velocity winds circle a central point, moving inward
and upward, whereas in a downburst the wind is directed
downward and then outward from the surface landing point.
Many transmission line and tower failures worldwide are
attributed to high intensity winds associated with tornadoes.

Savory et al. [7] described models for the wind velocity
time histories of transient tornado and microburst events
and the resulting loads on a lattice transmission tower.
A dynamic structural analysis was developed to predict a
tornado-induced shear failure. The results from the predic-
tions were encouraging in that the tornado failure appeared
to concur well with evidence from the field, whilst the effect
of the microburst was clearly less severe. Hamada et al. [42]
developed a numerical scheme to assess the performance
of transmission lines under tornado wind load events. The
wind forces associated with these tornado fields were eval-
uated and later incorporated into a nonlinear finite element
three-dimensional model for the transmission line system.
A comparison was carried out between the forces in the
members resulting from the tornadoes and those obtained
using the conventional design wind loads.The study revealed
the importance of considering tornadoes when designing
transmission line structures.
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Figure 6: Typical models of downburst.

Table 1: Types of thunderstorm winds in Australia.

Type Horizontal scale Duration
Microburst 1–4 kilometers 2–4 minutes
Macroburst 4–10 kilometers 4–30 minutes
Outflows
(gust fronts, squall lines) 10–100 kilometers 1–10 hours

Ahmed et al. [43] carried out the collapse and pull-down
analysis of high voltage electricity transmission towers sub-
jected to cyclonic wind.They presented a novel methodology
developed for the critical infrastructure protectionmodelling
and analysis (CIPMA) capability for assessing local wind
speeds and the likelihood of tower failure for a range of
transmission tower and conductor types. Similar work was
conducted by Pecin et al. [44] to evaluate the mechanical
global actions due to an approximate mathematical model of
a tornado. Usage of tornadic response spectrumpractices was
proposed and particular aspects of tornadic loads on tower
structures were analyzed.

3.3. Performance Subjected to Downburst. A downburst is a
strong ground-level wind system that emanates from a single
source, blowing in a straight line in all directions from that
source. Downbursts are created by an area of significant rain-
cooled air that after reaching ground level spreads out in
all directions producing strong winds. Downbursts include
microbursts and macrobursts [45]. Microbursts are smaller
and more concentrated than downbursts, the physical size of
which is about 4 kmor less in horizontal extent. Amacroburst
is a large downburst. The physical size of thunderstorm
activities in Australia is shown in Table 1 [46]. Downbursts
can induce an outburst of damaging winds near the ground,
with near surface speeds in excess of 50m/s. During the
past decade, many electrical transmission tower structures
have failed during downburst. The nature of the loading
imposed on a transmission tower by a downburst will depend
upon the stage of the development of the event when it
interacts with the tower [7]. If the downburst is close to the
ground and approaching touchdown, then there may well
be a significant vertical loading component on the tower.
However, if the microburst has already reached the ground

and is spreading outward as it impinges upon the tower,
then the main loading components will be in the horizontal
plane.There are essentially two forms of simplifiedmodels for
the wind field associated with a downburst [47, 48], namely,
the ring vortex model and the impinging wall jet model, as
illustrated schematically in Figure 6. Many studies have been
performed to understand the behavior of transmission tower-
line system under such localized wind events.

Shehata et al. [49] assessed the effects of varying the
downburst parameters on the performance of a transmission
line structure by taking several real towers as examples, which
were failed in Manitoba, Canada, during a downburst event
in 1996.The spatial and time variation of the downburst wind
field was examined. Then, the variations of the tower mem-
bers’ internal forces with the downburst parameters were
discussed. In addition, the structural behavior under critical
downburst configurations was compared to that resulting
from the boundary layer normal wind load conditions.
Furthermore, they [50, 51] performed the failure analysis of
a transmission tower that collapsed in Winnipeg, Canada,
subjected to a microburst event. Their study was conducted
using a fluid-structure numerical model that was developed
in-house. The model was employed first to determine the
microburst parameters that are likely to initiate failure of a
number of critical members of the tower. Progressive failure
analysis of the tower was then conducted by applying the
loads associated with those critical configurations.

Darwish et al. [52] assessed the dynamic characteristics
and behavior of transmission line conductors under the
turbulent downburst loading. A nonlinear numerical model
was developed and used to predict the natural frequencies
and mode shapes of conductors at various loading stages.
Dynamic analysis was carried out using various down-
burst configurations. The made observations indicated that
the responses are affected by the background component,
while their sonant component turns to be negligible due
large aerodynamic damping of the conductors. Darwish
and Damatty [53] also investigated the behavior of self-
supported transmission line towers under downburst load-
ing. A parametric study was performed to determine the
critical downburst configurations causing maximum axial
forces for various members of a tower. The sensitivity of
the internal forces developing in the tower members to
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changes in the downburst size and location was studied. The
structural behavior associated with the critical downburst
configurations was described and compared to the behavior
under “normal” wind loads.

3.4. Performance Subjected to Typhoon. The winds produced
by severe tropical cyclones also known as “hurricanes” and
“typhoons” are the most severe wind loading on earth.
However, their infrequent occurrence at particular locations
often makes the historical record of recorded wind speeds an
unreliable predictor for design wind speeds. Bulk transmis-
sion tower-line system is prone to strong typhoon loadings,
particularly at the open coastal terrain in cyclonic regions.
The investigation on the performance of the transmission
tower-line system subjected to typhoon is limited due to the
difficulties in collecting typhoon wind loading.

Tomokiyo et al. [54] reported the typhoon damage
analysis of transmission towers in mountainous regions of
Kyushu, Japan. They have operated a network for wind
measurement, NeWMeK, which measures wind speed and
direction, covering these mountainous areas, segmenting the
Kyushu area into high density arrays since 1995. In particular,
they discussed the wind characteristics of Typhoon Bart in
1999 and the damage to towers located in the mountainous
regions along with the distribution and direction of fallen
trees. It was observed that transmission towers were damaged
by winds that became stronger due to the effect of the local
terrain or by being involved in changes in tensile forces of the
transmission lines of the towers that had already collapsed.
These towers were collapsed due to a combination of the
above factors.Theworld tallest transmission tower, the 370m
Zhoushan transmission towers over the typhoon-prone sea
strait, was taken as an example by Huang et al. [55] to
examine structural wind effects. Time domain computational
simulation approach was also employed to predict dynamic
responses of the transmission tower and the displacement
based gust response factors (GRFs). The fair comparison of
gust loading factors or GRFs was made between the results of
the experimental approach and the computational simulation
approach, which was an effective alternative way for quickly
assessing dynamicwind load effects onhigh-rise and complex
tower structures.

3.5. Experiment and Field Testing for Wind Effects

(1) Wind Tunnel Test. Compared to the theoretical and
numerical investigation, the studies on the performance of
transmission tower-line system through experiments and
field measurement are quite limited. Vortex-induced vibra-
tion is a critical problem for the steel cylinders used in
tubular towers, such as transmission towers. Therefore, Deng
et al. [56] performed vortex-induced vibration tests on lull-
scale cylinders to study the vibration performance of steel
tubes connected with typical joints in transmission towers,
including [-shaped gusset plate connection, U-shaped gusset
plate connection, cross-gusset connection, and the flange
(see Figure 7).The testing observations indicated that vortex-
induced vibration can occur not only in laminar flows,
but also in turbulent flows, and the amplitude decreases as

Figure 7: View of wind tunnel testing of the vortex-induced
vibration.

Figure 8: Scheme of the field testing.

the turbulence intensity rises. In addition, Deng et al. [57]
carried out the wind tunnel study on wind-induced vibra-
tion responses of an ultra-high-voltage (UHV) transmission
tower-line system. A discrete stiffness method was applied
to design the aeroelastic model on the basis of similarity
theory as shown in Figure 8. The dynamic characteristics of
the single tower and the tower-line system were identified
and the displacement responses at different positions were
obtained under a variety of wind speeds. It was found that
the wind-induced vibration coefficient specified by the code
is much smaller than that by testing. Thus, the code value
seems to be unsafe for the UHV transmission tower.

Strong winds are observed commonly associated with
heavy rains. The wind-rain-induced vibration and damage
of civil engineering structures are frequently reported, in
particular for cables and transmission lines. Li et al. [58]
carried out the testing on wind-rain-induced vibration of
transmission towers. The aeroelastic models of the antelope
horn tower and pole tower were manufactured based on
the similarity theory for the wind tunnel tests. The response
analyses and experiments for the two kinds of models were
conducted under the wind-induced and wind-rain-induced
actions with the uniform and turbulent flow. It was shown
that the results of wind-rain-induced responses were bigger
than those of only wind-induced responses.
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Figure 9: The monitored L6 transmission line tower.

(2) Field Testing. Savory et al. [59] discussed some of the
findings arising from long-term monitoring of the wind
effects on a transmission tower located on an exposed site in
South West England. Site wind speeds and foundation loads
were measured. Comparisons between the measured strains
and those determined based on UK code indicated that the
code overestimatesmost of themeasured foundation loads by
a moderate amount of about 14% at higher wind speeds. This
tends to confirm the validity of the code for assessing design
foundation loads. Furthermore, Savory et al. [60] presented
a comparison between the wind-induced foundation loads
measured on a type L6 transmission line tower (see Figure 9)
during a field study in the UK and those computed using
the UK Code of Practice for lattice tower and transmission
line design. The analysis demonstrated excellent agreement
between the code calculations and the measured results.

The galloping is commonly observed in the overhead
transmission line vibration during the ice storm. A method
of single channel signal processing was implemented by
Gurung et al. [61] to discuss galloping of transmission lines
based on field data. Then, the same method was extended
by them [62] to identify and characterize several numbers
of vibrations observed in the Tsuruga Test Line of Kansai
Electric Power Company during ice storms. The piecewise
application of Prony’s method was introduced to discuss
time-dependent characteristics of harmonic components in
the responses. The existence of motion-induced force was
then confirmed for galloping events by introducing the
usual buffeting theory. Based on full-scalemeasurement data,
Takeuchi et al. [63] reported on several aerodynamic damp-
ing properties of two transmission towers under conditions of
strong winds. They introduced a new method of estimating
damping properties, which was applicable to the response
record of a multidegree of freedom system such as the
coupled structure of a transmission tower and conductors.
The component of every vibration mode of the towers was
extracted from a measured time history and the accurate
damping ratios were estimated individually (see Figure 10).

4. Seismic Responses of Transmission
Tower-Line System

The conventional seismic assessment of transmission towers
is usually carried out by considering each tower as an
individual structure without taking the inertia coupling and
the strong traction of transmission lines into consideration.
In addition, many of structural engineers were used to simply
ignore the wire mass or to simplify the transmission lines as
a series of lumped masses affiliated to the tower in seismic
computation. Up to now, the researches related to the seismic
performance of transmission tower-line systems are limited.
To this end, Li et al. [64] developed an analytical model for
the seismic analysis of the transmission tower-line system by
considering the tower-line interaction. To verify the validity
of the proposed model, the shaking-table experiments of the
coupled tower-line system were carried out as displayed in
Figure 11. The results indicated that the errors of theoretical
and testing results of systemic seismic responses are within
the acceptable range. Based on the made observations, a
simplified analysis method was proposed tomake the seismic
response calculation of coupled system faster and more
effective.

Taniwaki andOhkubo [65] developed an efficient optimal
synthesismethod to determine the optimum solutions for the
structural shape, cross-sectional dimensions, and material
type of all member elements of large-scale transmission
towers subjected to static and seismic loads. The example
of a cost-minimization problem for a real transmission
tower that considers not only the material costs, but also
the cost of land as objective functions was presented to
demonstrate the rigorousness, efficiency, and reliability of
the proposed method. Lei and Chien [66] investigated the
dynamic behavior of transmission towers linked together
through electrical lines when subjected to a strong ground
motion.The transmission lines and the towers were modeled
by using the cable elements and the 3D beam elements,
respectively, both considering geometric nonlinearities. The
strength capacities and the fracture occurrences for the main
members of the tower were examined with the employment
of the appropriate strength interaction equations. The made
observation indicated that the ignorance of cable contribu-
tion to total seismic responses, especially the portion caused
by the cable mass, would induce significant errors in predict-
ing the ultimate strength of tower members. More recently,
Wang et al. [67] carried out the progressive collapse analysis
of the transmission tower-line system under earthquake with
the aid of the commercial package ABAQUS. The collapse
paths and failure positions of the power transmission tower
were obtained under different seismic excitations.

Tian et al. [68] studied the seismic responses of the
transmission tower-line system subjected to spatially vary-
ing ground motions. The towers were modeled by using
beam elements and the transmission lines were modeled by
using cable elements considering the nonlinear geometry.
Both the incoherency of seismic waves and wave travel
effects are taken into account. The effects of boundary
conditions, ground motion spatial variations, incident angle
of the seismic wave, coherency loss, and wave travel on
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(a) Tower A (b) Tower B

Figure 10: Elevation of the example towers.

(a) Photograph of the model
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(b) Testing model

Figure 11: Elevation of testing model.

the system were investigated in detail. The observations
demonstrated that the uniform ground motion at all the
support of the system cannot provide the most critical case
for the response calculations of the transmission tower-
line system. In addition, they [69] examined the dynamic
responses of a transmission tower-line system at a canyon
site under spatially varying ground motions. The spatially
varying ground motions were simulated stochastically based
on an empirical coherency loss function and a filtered Tajimi-
Kanai power spectral density function. It was found that
neglecting motion spatial variations may lead to a substantial
underestimation of the responses of the transmission tower-
line system during strong earthquakes. Furthermore, Li et al.
[70] analyzed the effects of multicomponent multisupport
excitations on the responses of a transmission tower-line
system. Multicomponent and multisupport earthquake input
waves were generated based on the code for the seismic
design of electrical installations. An extensive parametric
study was conducted to investigate the behavior of the
transmission tower-line system. Similar investigations were
conducted byBai et al. [71] to study the nonlinear responses of

a transmission tower-line systemon a heterogeneous site sub-
jected to multicomponent spatially varying ground motions.
The made observations revealed that the multisupport and
multicomponent earthquake excitations with consideration
of the site effects should be considered in a reliable seismic
response analysis of the transmission tower-line system.

5. Ice-Induced Response of Transmission
Tower-Line System

Temperature load is a typical environmental loading acting
on the civil engineering structures, in particular in some
cold regions [72–74]. Ice load and its effects on transmission
tower-line system have been substantially considered in the
design, construction, and maintenance. Ice shedding can
be observed when the transmission line and the conductor
are subjected to the increasing environmental loading and
dynamic excitations (see Figure 12). Shedding of the ice
that accreted on transmission line cables is a common and
practical issue in cold regions across the world. The falling
of ice chunks may result in high-amplitude vibration of
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Figure 12: Accreted ice of the transmission line section.

the deiced transmission lines and induce intensive dynamic
forces [75]. Bundle collapse of a transmission line occurs
when the bundle rotation exceeds a critical angle so that the
bundle loses its stability [76, 77]. Ice shedding may easily
induce electrical andmechanical accidents and thereby cause
a serious damage to transmission tower-line system, which
attracts more and more attention across the world. Havard
and Dyke [78] reviewed ice-related dynamic problems on
overhead lines, including ice shedding and bundle rolling.

Jamaleddine et al. [79] investigated the ice shedding from
a two-span section using the commercial FE analysis software
ADINA. They carried out a total of 44 tests on a reduced-
scale two-span model to study the effects of ice shedding
on overhead lines. Model predictions were validated on a
small-scale laboratory model. McClure et al. [80, 81] studied
the effects of ice thickness, partial shedding, and different
line parameters on the dynamic response of ice shedding on
transmission lines by a similar numerical approach. Jakše et
al. [82] developed a numerical model to examine the ice-
shedding effects of a 110 kV overhead power line in Slovenia.
A single-span and three-span FE models of conductors
were established in the computation. The made observations
demonstrated that the deflected line configuration and large-
amplitude oscillations resulting from load shedding were
problematic. The situation was corrected by the utility on
some line sections by installing interphase long insulating
rod spacers. Kálmán et al. [83] established a nonlinear FE
model for ground wires by ADINA, and several ice-shedding
scenarios were studied with variables including span length
and pulse-load characteristics. Kollár and Farzaneh [84]
numerically examined the conductor vibration following ice
shedding from one subconductor in a bundle. Furthermore,
they [85] presented a differentmodeling approach to examine
the dynamic behavior of a spacer damper located at midspan
in twin, triple, and quad bundles after ice shedding.

Fengli et al. [86, 87] investigated dynamic responses of
transmission tower-line system under ice shedding. The 3D
FE model of a tower-conductor-wire-insulator system was
established by using commercial package ANSYS, and the
dynamic responses induced by the ice shedding were ana-
lyzed by considering different loading scenarios as shown in
Figure 13. Many factors were considered in the ice-shedding
simulations such as tower-line coupled effect, phase combina-
tion of the ice-shedding conductors, thickness of the accreted

ice, length of the ice-shedding span, and elevation difference.
Effects of different factors on the dynamic responses of jump-
ing heights, loads at the end of insulators, and the forces of
transmission tower were also studied. The made observation
indicated that stress ratios of members at the tower head
under design ice thickness exceed the permitted values under
a large intensity of ice shedding. In addition, Yang et al. [88]
also analyzed the unbalanced force of the transmission tower-
line system in heavy icing areas. A seven-continuous-span
conductor-string model of transmission lines was developed
to examine the effects of design parameters, which included
the loading mode of accreted ice, the eccentricity of accreted
ice, thewind velocity, the ice thickness, the icing rate, the span
length, the elevation difference, and the span difference.

Xie and Sun [89] studied the failure mechanism of trans-
mission towers under ice loads and investigated the pertinent
retrofitting strategy for increasing the load-carrying capacity
of the tower. An experimental study was conducted on two
pairs of subassemblages of a typical 500 kV transmission
tower of the same type as those suffered the most severe
damage during the ice disaster in South China in 2008 (see
Figure 14).Themechanical behavior, failuremode, strain, and
deformation at critical points of the specimens were studied.
Themade observations revealed that buckling of themain leg
was the predominant failure mode of structures. It was found
that the addition of the diaphragm significantly improved the
mechanical performance of transmission towers by reducing
the torsional effect on main members and inhibiting the out-
of-plane deformation of diagonal braces.

Kollar and Farzaneh [90] investigated the ice shedding
from conductor bundles through both numerical simulation
and experiment. A FE model was developed to predict the
transversal line motion as well as bundle rotation and to
simulate shedding of concentrated loads. The experimental
simulation was implemented by load shedding tests on a
small-scale laboratory model. Numerical model predictions
were validated by comparing them to observations obtained
from experiments and full-scale tests. Yang et al. [91] carried
out the analysis of the dynamic responses of a prototype
line from iced broken conductors. A full-scale transmission
line section of three continuous spans was established and
steel cables were used to simulate the iced conductors by
considering the equivalent mass of the accreted ice. Broken
conductor experiments were carried out for different types of
conductors and ice thickness. Time histories of the tensions
and displacements at the middle of conductor spans were
measured.The experimental results indicated that the impact
effect is more significant for the location nearer to the
break point. The dynamic impact factors decrease with the
increase of the ice thickness, and the impact factors of
conductors without accreted ice are much higher than those
of conductors with accreted ice.

6. Vibration Control of Transmission
Tower-Line System

Conventional disaster-resistant design of transmission tower-
line system is based on the ductility of the structure that
dissipates vibrating energy induced by dynamic excitations
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(a) Initial accreted ice (b) Uniform ice shedding (c) Nonuniform shedding

Figure 13: Ice-shedding scenarios.

Figure 14: Failure phenomena of single-panel subassemblage with-
out diaphragms.

while accepting a certain level of structural damage. An alter-
native approach to prevent catastrophic damage of transmis-
sion tower-line system is to install control devices. Current
studies on the vibration mitigation of transmission tower-
line systems focus on the application of dynamic absorbers
and energy-dissipating dampers. Different types of energy-
dissipating dampers have been developed recently as an
alternative approach for dynamic mitigation of transmission
tower-line system. The dampers can be manufactured as an
axial member to replace common structural members of a
truss tower and, thus, it avoids the additional occupancy
of structural space. Furthermore, passive and semiactive
dampers can reduce dynamic responses of all mode shapes
of the transmission tower-line system. Figure 15 displays a
typical installation scheme of energy-dissipating dampers in
a transmission tower.

The equation of motion of the tower-line system with
control devices subjected to dynamic excitations can be
expressed as

M ̈x (𝑡) + C ̇x (𝑡) + Kx (𝑡) = P (𝑡) +Hu (𝑡) , (17)

whereM, C, andK are mass, damping, and stiffness matrices
of the transmission tower-line system, respectively; x(𝑡), ̇x(𝑡)
and ̈x(𝑡) are the displacement, velocity, and acceleration
responses with respect to the ground, respectively; P(𝑡) is
the dynamic excitations; u(𝑡) is the force provided by control

Figure 15: Installation scheme of energy-dissipating dampers on
transmission tower.

devices for suppressing dynamic vibration; and H is the
influence matrix for u(𝑡).

Different types of semiactive devices can be developed
to equip control devices with actively controlled parameters
forming a semiactive yet stable and low-power consuming
damping system. Chen et al. [22, 92] firstly proposed a novel
approach for the semiactive control of transmission tower-
line system under dynamic excitations by using magne-
torheological (MR) dampers. MR dampers are typical smart
(semiactive) dampers and may overcome the shortcomings
of dynamic absorbers because of their excellent control
performance. A dynamic iteration process was developed
for the numerical simulation of the dynamic responses of
the transmission tower-line system. Two semiactive control
strategies were proposed for the vibration mitigation of
tower-line system.The first one was based on fixed increment
of controllable damper force as expressed in

𝐹
𝑑 (

𝑡 + Δ𝑡) = 𝐹
𝑑 (

𝑡) + 𝛼 ⋅ 𝐹
𝑑 (

𝑡) , (
̇

𝑑(𝑡) ̸=0) ,

𝐹
𝑑 (

𝑡 + Δ𝑡) = 𝐹
𝑑 (

𝑡) − 𝛼 ⋅ 𝐹
𝑑 (

𝑡) , (
̇

𝑑 (𝑡) = 0) ,

(18)

where 𝐹
𝑑
(𝑡) is the controllable Coulomb damping at time

instant 𝑡, 𝛼 is the increment coefficient of the damping
force, and ̇

𝑑(𝑡) is the slipping velocity of MR damper at
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Figure 16: Comparison of control performance of peak displacement.

time instant 𝑡.The second one was a clipped-optimal strategy
based on fuzzy control principle as expressed in

𝐹
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(19)

where 𝐹
0
is a small adjustable quantity, 𝐹max and 𝐹min are

the coulomb damper forces corresponding to the 𝜏
𝑦max and

𝜏
𝑦min, respectively, and 𝑢

𝑓
(𝑡) is the active control force

determined based on fuzzy rules. A real transmission tower-
line system constructed in Southern China was taken as
an example to examine the feasibility and reliability of the
proposed control approach. In addition, a parametric study
was conducted in order to examine the effects of brace
stiffness, wind loading intensity, and parameters of MR
fluids on the control performance. The results as shown in
Figure 16 demonstrate that the MR dampers can be utilized
on thewind-induced vibration control of transmission tower-
line system because of its simple configuration as well as
its satisfactory energy-dissipating capacity if the damper
parameters are optimally determined.

Chen et al. [93] proposed an integrated approach to
realize both the vibration control and the damage detection
of a transmission tower-line system subjected to seismic
excitation by using semiactive friction dampers as shown in
Figure 17.The semiactive control force 𝑢(𝑡) depends on either

k = EA/L

S, e

uu

Figure 17: Mechanical model of a semiactive friction damper.

the sticking or the slipping state of the damper and it can be
written as [94, 95]
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(20)

in which 𝑘
𝑑 is the spring stiffness (brace stiffness) of the semi-

active friction damper, 𝑓𝑑(𝑡) and 𝑓
𝑘
(𝑡) are the friction force

and axial force of a semiactive friction damper, respectively,
𝑑(𝑡) denotes the axial displacement between the two ends of
the friction damper, and 𝑒(𝑡) is the slip deformation of the
friction damper.

Two semiactive control strategies were proposed for the
seismic vibration mitigation. The first one was a clipped-
optimal strategy based on fuzzy control principle and the
other one was a strategy based on the fixed increment of
controllable damper forces. A damage detection scheme was
developed in the time domain to identify stiffness damage of
the transmission tower. A real transmission tower-line system
constructed in China was taken as an example to examine
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Figure 18: Control performance on top of the transmission tower.

the feasibility and reliability of the proposed vibration control
approach and damage detection approach. Figure 18 indi-
cated the control performance on top of the transmission
tower. The results demonstrated that the incorporation of
friction dampers into the transmission tower-line system can
substantially suppress the earthquake-induced responses of
the transmission tower. The damage size and location of the
transmission tower can be accurately identified even with
noise contamination.

In reality, conventional dynamic design of the
transmission-tower line system by using control devices
is quite complicated to be carried out by the common
structural engineers. To this end, Chen et al. [96] proposed
a method for the wind-resistant design of the transmission
tower-line system by using viscoelastic dampers. The
equivalent damping ratio of the wind-excited transmission
tower incorporated with viscoelastic dampers 𝜁

∗

𝑗
can be

determined by

𝜁
∗

𝑗
=

2𝜁
𝑠𝑗
𝜑
𝑇

𝑗
K
𝑆
𝜑
𝑗
+ 𝜂
𝐷𝑗
𝜑
𝑇

𝑗
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𝐷
𝜑
𝑗

2𝜑
𝑇

𝑗
(K
𝑆
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𝐷
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𝑗

, (21)

where 𝜉
𝑠𝑗
is the critical damping ratio of the 𝑗th mode shape,

𝜑
𝑗
is the 𝑗th mode shape of the controlled tower, and K

𝑆
and

K
𝐷
are the stiffnessmatrices of the tower and the contribution

matrix of viscoelastic dampers to the structural stiffness
matrix.

The practical method of the wind-resistant design was
developed based on the Chinese design code. A real trans-
mission tower-line system constructed in China was taken
as the example to examine the feasibility and reliability of
the proposed approach. Figure 19 displays the displacement
responses of the transmission towerwith/without viscoelastic
dampers.The observations demonstrated that the viscoelastic
dampers can be utilized in the wind-resistant design of
transmission tower-line system because of its simple configu-
ration as well as satisfactory control performance.The design
methodproposed can also be applied towind-resistant design
of civil engineering structures installed with other energy-
dissipating devices.

Another typical control device commonly utilized in civil
engineering structures is the tuned mass damper (TMD).
TMD can reduce the structural dynamic responses to some
extent, while it requires one or more large additional masses.
Owing to the inherent nature of TMD, it can only abate the
vibration of tunedmode shapes instead of the global dynamic
responses. Tian et al. [97] investigated the seismic control
of power transmission tower-line coupled system subjected
to multicomponent excitations. The equation of motion of
a transmission tower with TMD under multicomponent
excitations was established. The structural seismic responses
with geometric nonlinearity were computed in the time
domain. The optimal design of the transmission tower-line
system with TMD was determined based on different mass
ratio. The effects of wave travel, coherency loss, and different
site conditions on the system without and with control were
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Figure 19: Displacement responses of the transmission tower with/without viscoelastic dampers.
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Figure 20: Three-dimensional diagram of a pounding TMD.

examined, respectively. More recently, a new type of TMD,
the pounding tuned mass damper (PTMD) as shown in
Figure 20, was proposed by Zhang et al. [98] to examine the
seismic resistant performance of a transmission tower. In the
PTMD, a limiting collar with viscoelastic material laced on
the inner rim is installed to restrict the stroke of the TMD
and to dissipate energy through collision. The pounding
force is modeled based on the Hertz contact law, whereas
the pounding stiffness is estimated in a small-scale test. A
55m transmission tower was taken as the example to verify
the validity of the PTMD through numerical simulation.
Harmonic excitation and time-history analysis demonstrated
the PTMD superiority over the traditional TMD.

7. Concluding Remarks

An overview is presented in this study on research advances
in the analysis of transmission tower-line systemswith special

emphasis laid upon the response assessment and vibration
control. The research activity going on around the world
in terms of wind-induced responses, seismic responses,
ice effects, and vibration control is reviewed, respectively.
It is addressed in this review that analytical approaches
based on the transmission tower-line system are promising
in comparison with traditional techniques. The approaches
based on the tower-line system not only provide reasonable
observations, but also have the distinguished superiority in
exploring the dynamic interaction between the tower and
lines when subjected to dynamic excitations. The investiga-
tion of the dynamic performance and control approaches of
the transmission tower-line systems is not over yet. There are
still difficulties in the researches and the main challenges and
future development trends are as follows.

(1) Development and improvement of analytical models
of tower-line systems are still expected. From the view,
it can be seen that recently there have been innovative
applications and improvement of the analytical mod-
els. Many models for transmission lines have been
proposed to simulate the dynamic responses of the
line in a more accurate and quick manner with the
nonlinearity. Therefore, the analytical models of the
tower-line system could be improved accordingly by
combining the newly developed cable models with
the conventional tower model, which is commonly
constructed by using the FE method, to form more
powerful models for analyzing structural dynamic
responses. Thus, further studies on analytical models
are necessary and imperative for the assessment and
control of the linear and nonlinear dynamic responses
of tower-line systems.
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(2) Tremendous field measurement demonstrates that
the wind loads acting on towers and lines are quite
complicated, in particular in the regions close to
coastal areas.The loadingmodels and patterns for the
extreme wind events, such as typhoon, downburst,
and tornado, are quite different to that of common
monsoonwinds.Up to now, the studies on the loading
models of transmission tower-line system subjected
to extreme winds are still very limited. The damage,
failure, and collapse of transmission towers and lines
have been frequently reported. Therefore, wind load-
ing on transmission tower-line system is a practical
yet challenging issue that should be investigated in
detail in the future.

(3) Similar to that of the winds, the loading models
and effects of other dynamic excitations such as
earthquake and ice shedding still deserve further
investigation. The investigation of seismic damages
indicates that the dynamic interaction between the
truss tower and the soil may be intensive under strong
earthquakes. Furthermore, the span of the transmis-
sion line is quite large in comparison with common
civil engineering structures.Thus, themultiexcitation
effects of the transmission tower-line system should
be taken into consideration in detail.

(4) Transmission lines with long span are prone to the
galloping under accumulated snow and ice, which
is an important factor to induce the cable rupture
and tower failure. The mechanism of galloping and
induced instability of the tower-line system is still not
clear and the analytical models and approaches for
the evaluation on the dynamic stability of tower-line
system should be further examined.

(5) The widely reported disasters of transmission tower-
line systems around the world make it clear that
the structures cannot avoid damage and failure
under extreme loadings, such as typhoon, downburst,
and strong earthquake, even though the system is
designed based on the current specifications and
codes. The major reason is that the loading patterns
specified in the codes cannot depict the extreme load-
ings and the design method is performed based on
static analysis instead of nonlinear dynamic analysis
on the interaction of tower-line systems. Accordingly,
reasonable methods for the performance assessment
of the transmission tower-line system deserve further
investigation.

(6) The experiment and field measurement are consid-
ered as a promising and powerful approach in the
performance assessment of transmission tower-line
systems. Comparative studies of testing observations
with those from the theoretical computation and
numerical simulation are limited and needed to be
more conducted and addressed. It is found that the
tested dynamic properties of the transmission tower
are commonly different to those based on the finite
element model. This is a practical yet difficult issue,

while the model updating methods of transmission
tower-line systems have not been reported.Therefore,
effective model updating approaches are necessary to
accurately predict the structural responses.

It is clear that there still exist some shortcomings in the
performance assessment and vibration control techniques
of the transmission tower-line system. The benefits of the
current technology far outweigh the problems of not using
them.This is evident by the tremendous amount of contribu-
tions from the scientific community for further developing
corresponding novel technology in the real application of
transmission tower-line systems. To this end, great efforts
should be taken to improve the analytical models and
approaches in the near further. The manifestation of the
performance assessment and vibration control technology of
transmission tower-line systems is warmly expected.
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A dam ant colony optimization (D-ACO) analysis of the overall stability of high arch dams on complicated foundations is presented
in this paper. A modified ant colony optimization (ACO) model is proposed for obtaining dam concrete and rock mechanical
parameters. A typical dam parameter feedback problem is proposed for nonlinear back-analysis numerical model based on field
monitoring deformation and ACO. The basic principle of the proposed model is the establishment of the objective function of
optimizing real concrete and rock mechanical parameter. The feedback analysis is then implemented with a modified ant colony
algorithm. The algorithm performance is satisfactory, and the accuracy is verified. The m groups of feedback parameters, used to
run a nonlinear FEM code, and the displacement and stress distribution are discussed. A feedback analysis of the deformation
of the Lijiaxia arch dam and based on the modified ant colony optimization method is also conducted. By considering various
material parameters obtained using different analysis methods, comparative analyses were conducted on dam displacements, stress
distribution characteristics, and overall dam stability. The comparison results show that the proposal model can effectively solve
for feedback multiple parameters of dam concrete and rock material and basically satisfy assessment requirements for geotechnical
structural engineering discipline.

1. Introduction

Scale models [1, 2], intelligent cracking control [3–5], numer-
ical simulation [6–8], and prototype monitoring structures
[9–11] have been used to investigate the behavior of con-
crete arch dams and foundation for the last 80 years.
The purpose of these investigations is to understand the
behavior of a high arch dam and their foundations by
studying the external and internal actions during operation
period. Failures of large dams, such as at Malpasset, Vaiont,
Teton, and Kolnbrein [12–15], can be highly catastrophic,
posing a great danger to people and properties. Hence,
much attention should be paid to long-term safe opera-
tion of dams based on prototype surveillance and inverse
analysis.

Parameters such as elasticmodulus, unit weight, Poisson’s
ratio, friction coefficient, and cohesion are parameters in

structural analysis intrinsic to the determination of stress dis-
tributions and displacements, especially when the design of
the structure is based on elasticity considerations. In a dam-
foundation system, these parameters, for mass concrete, are
hard to determine directly from tests due to the necessity for
large specimens and large testing machines. The parameters
for rock are also hard to determine because of the complicated
nature of most geological situations. Currently, the inversed
parameter is focused on Young’s modulus of concrete and
rock material, which may limit the variety of materials in the
inversion Young’s modulus. If we can find an algorithm with
capability of inversionYoung’smodulus ofmorematerial, and
even a variety of mechanical parameters of various materials,
this will be a powerful tool for determining the mechanical
parameters of dam-foundation systems. Through inverse
analysis, the exact parameter values can be determined, and
a precise evaluation of dam cracking mechanism, the overall
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stability of dams, and underground excavations can be made
[16–20].

In recent years, inverse analysis has been mainly based
on the two approaches of neural networks [21, 22] and
optimization algorithms [23–27].Three types of optimization
algorithm have been used in feedback analysis. The first
is the gradient-based direct search algorithm, such as the
Levenberg-Marquardt method, conjugate gradient method,
and thrust region method.The second is the relatively simple
direct search method such as the simplex search method.
The last type is the intelligent global search algorithm, such
as genetic algorithms [24, 25], monkey algorithms [26, 27],
differential evolution, particle swarm optimization, and ant
colony optimization (ACO) [28, 29].The first and the second
types of algorithms both have the advantage of estimating
solutions in relatively short computational times, but the
results are affected by the initial values chosen and premature
convergence is likely to occur. As an alternative to direct
search algorithms, intelligent global search algorithms are
being widely used for reverse analysis, but they are time-
consuming. Ant colony optimization is one of the most
widely used optimization algorithms, since it can avoid
problems of premature convergence and is not influenced by
the initial values [30, 31]. Ant colony optimization (ACO)
is a metaheuristic algorithm for combinatorial optimization
problems. The ACO algorithm was first introduced in the
early 1990s [28, 32, 33] and was successfully applied to
some academic problems and to real-word applications [34–
36]. The ACO algorithm has been used for inverse analysis
by some researchers investigating the material parameters
of dams and embankment [29]. Several extensions and
improvements of the original ant system (AS) algorithms
have been introduced over the years. These successful ACO
variants include elitist AS (EAS), rank-based AS (RAS),
MAX-MIN ant system (MMAS), ant colony system (ACS),
and hypercube framework (HCF). However, successful appli-
cation of the ACO algorithm in the case of real large arch
dams has been rather limited. The objective of this study was
to develop a modified ACO algorithm for determining the
mechanical material parameters of a large arch dam based on
the monitored deformation data.

The paper is organized as follows. Firstly, the modified
ACO algorithm for inverse analysis is proposed. Secondly,
based on actual operational conditions and the monitored
Lijiaxia arch dam deformation data collected over decades
[37, 38], inverse analysis of the dam was carried out by
employing the FEM code [39]. The optimized mechanical
parameters of concrete and rock of the dam and abutments
were found to be obtainable through this process. Finally, 3D
numerical analysis of the entire dam was carried out using
these optimized parameters to evaluate the effects of rein-
forcement in the dam and to investigate the crack initiation
mechanism, how cracks propagated in the downstream face
of the dam, and the overall safety of the dam foundation.

2. Nonlinear Feedback Numerical Model
2.1. Numerical Inverse Analysis of a Large Arch Dam. Struc-
tural health monitoring of large concrete arch dams is based

on the acquisition of displacement measurements. These dis-
placements are interpreted to identify significant deviations
from what could be considered as the normal response based
on statistical or deterministic models of dam behavior.

The finite element analysis method is adopted for solving
the dam-foundation system. The analytical model in finite
element formulation is

[K] {u} = {F} , (1)

where K is the structural stiffness matrix, u is the displace-
ment vector, and F is the load vector. GivenK and F, u can be
obtained. Generally, F is known beforehand; K depends on
parameters such as Young’s modulus, cohesion, and Poisson’s
ratio.

Actual deformations of arch dams can be obtained
through monitoring. Given a group of concrete-rock
mechanical parameters, displacements can be computed
by (1). The parameters should be optimized to match the
real scenario by minimizing the objective function, which
is expressed as the sum of the squares of the errors between
the computed displacements and the field monitored
displacements. The mathematical model for inverse analysis
of arch dams can be expressed as

Min 𝑇 (𝑝) =

𝑘

∑

𝑖=1

[𝑎
𝑖 (
𝑃) − 𝑎

∗

𝑖
]
2

subjected to [K] {u} = {F}

𝑝
𝑗−

≤ 𝑝
𝑗
≤ 𝑝
𝑗+
, (𝑗 = 1, 2, . . . , 𝑛) ,

(2)

where 𝑃 is the mechanical parameters vector; 𝑛 is the
total number of observation points; 𝑎

∗

𝑖
is the monitored

displacement at the ith observed point; and 𝑎
𝑖
(𝑃) is the

corresponding numerical analysis displacement at the ith
monitoring point.

2.2. Parameter Inverse Analysis Model. This study is similar
to the application of ACO in the case of travelling salesman
problem (TSP) [30, 40]. Inverse analysis in the search for
mechanical dam foundation parameters can be defined as
follows.

There are 𝑛 parameters and 𝑚 ants. Since ACO is
good at solving discretized optimization problems [36], the
parameters are discretized first. Each parameter has a range
and can be divided into some segments. Then the center of
each segment is represented by a point. For example, the
elastic modulus, 𝐸, typically ranges from 1 to 50GPa and
100 points can be selected within this range. Similarly, 100
points for each of 𝜇, 𝛾, 𝑓, and 𝑐, which are Poisson’s ratio, unit
weight, friction coefficient, and cohesion coefficient, can be
selected. More points mean higher accuracy but with more
computation time. The goal is to find a group of parameters
that contains every parameter and minimizes the value of
𝑇(𝑃). If there is more than one kind of material involved, the
number of parameters increases.
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𝑃 is the vector of the mechanical parameters to be
analyzed, the dimension of which is 𝑛. 𝑆 is the search space
of 𝑃, which is defined as

𝑆 = {𝑃
𝑖
| 𝑝
𝑖−

≤ 𝑝
𝑖
≤ 𝑝
𝑖+
, (𝑖 = 1, 2, . . . , 𝑛)} , (3)

where 𝑃
𝑖
is the ith mechanical parameter of 𝑃. The difference

between 𝑃
𝑖−
and 𝑃

𝑖+
defines the range of the ith mechanical

parameter.
An artificial ant is an agent which moves between param-

eter points. It chooses the next point by using a probabilistic
function determined by both the pheromone value, 𝜏, and the
heuristic value, 𝜂, which is the standard deviation.

𝜂 is defined as

𝜂
𝑖𝑗 (

𝑡) =
√

∑
𝑤,𝑤⊃(𝑖,𝑗)

[𝑇
𝑤
(𝑝) − 𝐸 (𝑋

𝑖𝑗
)]

2

𝑔
𝑖𝑗

+ 𝑎 × 𝜂
𝑖𝑗 (

𝑡 − (𝑛 − 1)) ,

(4)

where 𝑎 is a constant which ranges from 0 to 1 and 𝑛is
the number of parameters. Every ant has a tour. Tour 𝑤

corresponds to 𝑇
𝑤
(𝑃). If tour w includes edge (i, j), it can be

described as 𝑤 ⊃ (𝑖, 𝑗). 𝑔
𝑖𝑗
represents the number of ants that

choose edge (i, j). 𝐸(𝑋
𝑖𝑗
) is the average value of all the 𝑇

𝑤
(𝑃)

relating to ants choosing edge (i, j). It is given as

𝜂
𝑖𝑗
𝐸 (𝑋
𝑡

𝑖𝑗
) =

∑
𝑤,𝑤⊃(𝑖,𝑗)

𝑇
𝑤
(𝑝)

𝑔
𝑖𝑗 (

𝑡)

, (5)

where 𝑔
𝑖𝑗
(𝑡) reflects the sensitivity of the edge (i, j) and must

be updated. Faster convergence is prevented if more ants have
a higher probability of choosing those more sensitive edges.

Without 𝑎×𝜂
𝑖𝑗
(𝑡−(𝑛−1)), if the number of ants choosing

edge (i, j), 𝜂
𝑖𝑗
(𝑡) is zero, the search space is smaller and smaller.

Thus, the move probability from site-i to site-j for ant-k at
time t can be described by

𝑝
𝑘

𝑖𝑗

=

{
{
{
{
{
{
{

{
{
{
{
{
{
{

{

[𝜏
𝑖𝑗 (

𝑡)]

𝛼

[𝜂
𝑖𝑗 (

𝑡 − (𝑛 − 1))]

𝛽

∑
𝑘∈allowed𝑘 [[𝜏𝑖𝑘 (𝑡)]

𝛼
[𝜂
𝑖𝑘 (

𝑡 − (𝑛 − 1))]
𝛽
]

+ ℎ

if 𝑗 ∈ allowed
𝑘
,

0 otherwise,
(6)

where ℎ is a constant, which ensures that edges with zero
transition probability also have a poor chance of being
selected by the ants.

Additionally, 𝜏 can be updated as
𝜏
𝑖𝑗 (

𝑡 + 𝑛 − 1) = 𝜌𝜏
𝑖𝑗 (

𝑡) + Δ𝜏
𝑖𝑗 (

𝑡) , ∀ (𝑖, 𝑗) ∈ 𝐿, (7)

where 𝜌 is the pheromone evaporation rate which is a con-
stant parameter and ranges between zero and one. Consider

Δ𝜏
𝑖𝑗 (

𝑡) =

𝑚

∑

𝑘=1

Δ𝜏
𝑘

𝑖𝑗
(𝑡) , ∀ (𝑖, 𝑗) ∈ 𝐿

Δ𝜏
𝑘

𝑖𝑗
=

{

{

{

𝑄

𝐿
𝑘

if ant-𝑘 edge (𝑖, 𝑗) is in its tour

0 otherwise,

(8)

where 𝑄 is a constant parameter and 𝐿
𝑘
is the tour length

of ant-k. The combination of 𝛼, 𝛽, 𝜌, and 𝑄 should be
determined to be the specific case:

𝐿
𝑘
= 𝑇
𝑘 (

𝑃) + 𝑔, (9)

where 𝑇
𝑘
(𝑃) is the 𝑇(𝑃) value corresponding to ant-k and 𝑔

is a constant to avoid the overflow of Δ𝜏𝑘
𝑖𝑗
when 𝑇

𝑘
(𝑃) is too

small.

2.3. Nonlinear ConstitutiveModel. Thecharacteristics of high
arch dams and dam foundations lead to 3D complex mesh
model, highly nonhomogeneous material distributions, and
very high loadings. All of these have detrimental impacts on
the convergence of elastic-plastic analyses. The convergence
of FEM is a principal characteristic of a stable geotechnical
structure, for example, the specific and widely used strength
reduction method. In this study, the back-analysis adopted
a nonlinear constitutive model based on the Drucker-Prager
(D-P) criterion [41, 42]. A brief introduction is as follows.

In this study, robustness of iteration and an integration
policy based on the D-P criterion increased the stability of
calculation. This method improved computational conver-
gence and ensured that computation converged to the correct
solution. The yielding condition for the ideal elastic-plastic
model adopted the D-P criterion:

𝑓 = 𝛼𝐼
1
+ √𝐽
2
− 𝑘 ≤ 0, (10)

where
𝐼
1
= 𝜎
1
+ 𝜎
2
+ 𝜎
3

𝐽
2
=

1

6

[(𝜎
1
− 𝜎
2
)
2
+ (𝜎
2
− 𝜎
3
)
2
+ (𝜎
3
− 𝜎
1
)
2
] ,

(11)

where 𝜎
1
, 𝜎
2
, and 𝜎

3
are major principal stresses, respectively.

𝐼
1
is the first invariant stress, 𝐽

2
is the second invariant stress,

𝛼 and 𝑘 can be obtained by the fitting Mohr-Coulomb (MC)
yielding criteria. On the 𝜋 plane, if the D-P criterion is the
circle circumscribing the Coulomb hexagon, then

𝛼
1
=

2 sin𝜑

√3 (3 − sin𝜑)

, 𝑘
1
=

6𝑐 ⋅ cos𝜑
√3 (3 − sin𝜑)

, (12)

where 𝜑 and 𝑐 are friction angle and cohesion coefficient of
the material, respectively. If the D-P criterion is the inscribed
circle to the Coulomb hexagon, then

𝛼
2
=

2 sin𝜑

√3 (3 + sin𝜑)

, 𝑘
2
=

6𝑐 ⋅ cos𝜑
√3 (3 + sin𝜑)

. (13)

In this study

𝛼 =

1

2

(𝛼
1
+ 𝛼
2
) , 𝑘 =

1

2

(𝑘
1
+ 𝑘
2
) . (14)

Concrete and rock masses are materials low in tensile
strength. Conditions of tension are

𝜎
1
≤ 𝜎
𝑡
, 𝜎

2
≤ 𝜎
𝑡
, 𝜎

3
≤ 𝜎
𝑡 (15)

𝜎
𝑡
=

𝑐

tan𝜑

, (16)
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Figure 1: Flow chart of D-ACO inverse analysis for deformation of large arch dam.

where 𝜎
𝑡
is the uniaxial tension strength of the materia. If

the tension strength is not given, it is evaluated according to
(16) to determine its tensile strength. The program flow, first
of all, estimates whether the tension condition is satisfied. If
not, stresses are adjusted until the condition is satisfied. The
stresses are again estimated after the adjustment.

The literature [23, 39] shows that the analytic solution for
transferred stress based on the D-P criterion is equivalent to
a linear prediction-radical adjustment algorithm as far the
stress adjustment process is concerned. It is equivalent to
the so-called closest projection algorithm from the aspect
of constitutive relationships integration policy. The closest
projection algorithm is of first-order accuracy and is stable
unconditionally. As a special case of the generalizedmidpoint
method, it can achieve high accuracy over large strain
increments.

2.4. Modified ACO Inverse Analysis for Large Arch Dam. To
verify the accuracy of the method, a group of parameters
are chosen to obtain computed displacements employing the
FEMcode [39].These computed displacements can be viewed
as the measured ones. The inverse displacements are then
compared with prototype monitored values.

In this modified ACO model, let artificial ants search
such that each ant will have a tour which contain a group of
parameters. An ant cycle has two half-motions. Particularly,
in first half-motion, the artificial ants start at random points
between 𝑃

1−
and 𝑃
1+
. Once the artificial ants arrive at 𝑃

𝑛
, they

then choose points to move to in tracing a path towards 𝑃
1
,

which is the second half-motion, completing the ant cycle.
The probability of ant choosing the next point is determined
by 𝜏
𝑖𝑗
and 𝜂

𝑖𝑗
. The initial values of pheromone between the

points are the same. The same is true of 𝜂. Thus, in the first
half-motion, parameter values are unlike those applying to
the prototype of the ACO algorithm. Obviously, once the first
half-motion is accomplished, then 𝑚 groups of parameters
will be obtainedwhich are used to run the FEMcode to obtain
numerical displacements. Then, 𝜏 and 𝜂 will be updated.
Importantly, the second half-motion is not random. Only the
first half-motion of the first cycle is random. The procedure
above is repeated until a satisfactory result is obtained. The
procedure of ACO process is presented in Figure 1. The
key concept and parameters of the modified ACO model
correspond with the arch dam and are descripted in Table 1.

3. Case Study

3.1. Brief of Lijiaxia Power Station. Lijiaxia hydropower
station is located on the Yellow River, border between the
villages of Jianzha and Hualong in Qinghai province, about
100 km southeast of Xining (Figure 2(a)). The dam is a
concrete double curvature arch dam with maximum height,
155m. The elevation level (EL) of the dam crest is at 2185m
and the maximum crest width is 45m (Figure 2(b)).The total
installed capacity is of 2,000MW. The Lijiaxia arch dam has
multiple functions including the provision of hydropower,
flood control, and irrigation. A gravity block was installed
at the left abutment, and a discharge structure, a station
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Table 1: The key concept and parameters of the ACO model corresponding with the arch dam.

Concept Define corresponding with the arch dam

Parameter discrete
Each group of concrete or rock mechanical parameters corresponds to a group of displacements and these
displacements are defined as computed data. As the value of each parameter is continuous, some discrete points
are chosen within the range.

Ant An ant is an agent which moves between parameter discrete points. Each ant can choose a group of parameters
during each search.

𝑇(𝑃)

Objective function is expressed as the sum of the squares of the errors between the computed displacements and
the field monitored displacements. 𝑃 is the vector of the mechanical parameters to be analyzed.

Pheromone update The object of pheromone updating is to study the influence of material parameters on the modified ACO
algorithm.

Inversion
parameter To find a group of parameters that contains every parameter and minimizes the value of 𝑇(𝑃).

Edge (𝑖, 𝑗) Relationship of the discrete points between two adjacent parameters, for example, each of 50 discrete points of two
adjacent parameters, there are 2,500 edges between parameters.

One cycle Including two searches: “moveahead” and “moveback,” and output is two times parameters

One tour 𝑤 A group of parameters, the tour is optimized depending on 𝑇(𝑃), average value of all the 𝑇𝑤(𝑃) relating to ants
choosing edge (𝑖, 𝑗)
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Figure 2: Location map and snapshot of the Lijiaxia arch dam: (a) schematic map of the location; (b) a snapshot of Lijiaxia arch dam.

diversion system and a power house structure of units in two
rows were constructed at the dam downstream, as shown in
Figure 2(b). The dam is EL 2185m, as stated above, and the
normal reservoir water surface is EL 2180.0m. The storage
volume is 16.5 hundred million m3. Project construction
began in April 1988 and the reservoir began impounding on
December 26, 1996. The dam has been operating safely after
about twenty years.

Thedam lies across themiddle of the LijiaxiaValley, about
5 km long, a deep, narrow, and V-shaped gorge. The valley is
also symmetrical with a slope angle for two side abutments
of 45∼50∘. The dam foundation is very complicated, and the
bedrock consists of simian black mica schist and chlorite
schist in continuous bands interlocked with granite rock.

The joints are comparatively well developed. The meta-
morphic rock at the dam-heel is influenced by multistage
tectonic activity, and faults and joints are well developed; see
Figure 3.

3.2. Numerical Model and Analysis Cases. On the basis of
the actual Lijiaxia project sites (Figure 2), a 3D finite element
model was constructed as in Figure 4(a). The 3D finite
element model includes the whole arch dam (Figure 4(b))
and the foundation, which includes the main faults shown in
Figure 3.The size of the 3Dnumericalmodel represents 480×
700 × 305m (length × width × height), which is much bigger
than the dam size itself, since a vast area of the abutments is
included in the model. All of the rock masses together with
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Figure 3: Faults distribution in dam zone of Lijiaxia arch dam [38].

the related geological structures are represented in the 3D
numericalmodel.The rockmasses are of typesA2, A4, A1, B2,
B4, C3, andDaround the dam, andunder the damare of types
A2, A4, A1, B2, and B4. The geological structures in these
ranges include faults f33, f20, f35, F32, F26, F27, F20, F50,
and F201, as shown in Figures 3 and 4(b). The main elastic
modulus parameters of the rock masses, of the geological
structures (i.e., weak zones), and of the arch dammaterial are
listed in Table 2 based on the monitoring feedback analysis.
The total number of hexahedral elements was 25376 and
29529 of these were used to model the dam and foundation
in Figure 4(a).

During analysis, the node displacements of the over-
all model are applied as the boundary conditions. The
upstream/downstream surfaces of foundation are employed
displacement constraints along the river direction (Y) and
constraint of two abutment side surfaces, using a transverse
river direction to the (X).The bottom surface of foundation is
taken as the vertical displacement constraints (Z direction).

The numerical analysis especially takes reinforcement
parameters into account. Analysis and evaluation mainly
concerns dam displacements, stresses, safety failure locations
in the dam model and foundation, stability evaluation of the
abutments, and the riverbed interface. In this study, the dam
self-weight, water and silt loadings, and temperature loadings
were taken into account in the analyses. The upstream water
level is EL 2178m and the downstream level is EL 2050m.The
main analysis cases are listed below.

Analysis case 1: dam self-weight + normal water load.

Analysis case 2: dam self-weight + normal water load
+ silt load + temperature dropped loading (the tem-
perature loading determined by the average March
temperature).

Table 2: The elastic modulus inversion results using various feed-
back methods (unit: GPa).

Number Material Design
value

DPIP-
ACO

Generalized
least squares

Neural
networks

1 Dam
concrete 20 27.2 30 28

2 A2 20 23.3 28 26 (A)
3 A4 12 11.2 17
4 B2 8 10 11.6 22 (B)
5 B4 12 16.4 18
6 C3 5 7 7 13 (C)
7 A1 15 16 22.5 26 (A)
8 F20 0.62 — — —
9 F20-1 0.31 — — —
10 F26 0.52 — — —
11 F27 0.57 — — —
12 F32 0.243 — — —
13 F50 0.21 — — —
14 D 2.75 3.4 3.85 —
15 f20 0.94 — — —
16 f33 1.05 — — —
17 f35 0.8 — — —
18 Gravity pier 20 29.6 30 —

19

Foundation
reinforce-
ment
zone

10 27.2 15 —

Analysis case 3: dam self-weight + normal water load
+ silt load + temperature increased load (the temper-
ature loading determined by the average September
temperature).

In order to prove the ant colony optimization analysis
is effective in relation to the monitored feedback as far as
concrete and rock mechanical parameters are concerned,
a comparison analysis was carried out employing various
material parameters obtained fromdesign values, generalized
least squares, and neural networks methods.

3.3. Feedback Analysis on Material Parameter

3.3.1. D-ACO Initial Value Determination. According to the
proposed inverse analysis model in Section 2.2, each group
of parameters corresponds to a group of displacements, and
these displacements are defined as computed data. As the
value of each parameter is continuous, some discrete points
are chosen within the range. In the inverse analysis program,
the number of discrete points for each parameter is 110. For
the inverse analysis, it is better to set 1.5 as the ratio of site to
ant number, and the ant number is chosen as 10. In addition, it
was found that the control values are very important in theD-
ACO algorithm, and it is very essential to determine them by
test computing. In this case, the values of control parameters
were set as𝑚 = 50, 𝛼 = 1, 𝛽 = 2, and 𝜌 = 0.7.
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Figure 4: 3D FEMmesh model of Lijiaxia arch dam: (a) 3D overall mesh model; (b) main faults distribution.

Table 3: Field monitored displacement values and numerical results for solving the objective function 𝑇(𝑃).

Monitoring point EL (m) Dam monolith Displacement of case 3 (mm) Displacement of case 2 (mm)
Monitoring Numerical simulation Monitoring Numerical simulation

2 2150 Number 6 19.52 17.75 24.33 25.1
3 2114 Number 6 15.64 15.05 17.71 18.6
4 2087 Number 6 7.29 10.75 8.45 12.2
5 2150 Number 11 25.53 23.7 33.42 38
6 2114 Number 11 26.84 24 29.74 32
7 2087 Number 11 22.22 20 22.87 25
8 2059 Number 11 13.65 14 15.30 16
9 2035 Number 11 8.18 7.8 8.74 8.8
10 2150 Number 16 12.91 19.1 14.05 25.8
11 2114 Number 16 12.20 14.2 15.32 17.1
12 2087 Number 16 8.08 8.3 9.05 9.3

3.3.2. D-ACO Pheromone Update. This is the updating stage
of the pheromone value, 𝜏, and the heuristic value, 𝜂, follow-
ing the first ant cycle. The object of pheromone updating is
to study the influence of material parameters on the D-ACO
algorithm.The heuristic algorithm parameters are 𝜏 = 1, 𝜎 =

20, and 𝑄 = 300. According to the proposed feedback model
in Section 2, three times the discrete space is constructed for
solving material parameter feedback of Lijiaxia arch dam.

3.3.3. Established of the Objective Function. Based on discus-
sion of Section 2.2, comparing sitemonitoring and numerical
displacements, the objective function is established as shown
in (2) in Section 2.1 above. Then, the minimized objective
function is then determined. Table 3 shows the field mon-
itoring and numerical displacements used for solving the
objective function 𝑇(𝑃).

3.3.4. Parameter Feedback Results. In this study, the elastic
modulus, 𝐸, for thirteen material types was inversed. The
feedback analysis results for the various material parameters
are shown in Table 2.

The feedback results show (1) an elastic modulus of the
dam concrete which is about 36% greater; (2) an elastic
modulus of abutment and riverbed rock 4∼85% which were
not included feedback in the comparisons. Based on feedback
results shown in Table 2, the D-ACO feedback parameter
results are better than for the other two methods.

3.4. Feedback Analysis Results Discussion. Based on themate-
rial parameters obtained from the various methods (original
design value, generalized least squares), comparative analyses
were conducted on dam displacements, stress characteristics,
and overall stability of dam-foundation system.



8 The Scientific World Journal

0

10

20

30

40

50

60

2020 2060 2100 2140 2180
Evaluation (m)

Monitoring value (case 2, temperature drop)
Monitoring value (case 3, temperature rise)
Numerical value (case 2, temperature drop)
Numerical value (case 3, temperature rise)

D
isp

la
ce

m
en

t (
m

m
)

EL2035m

EL2058m

EL2087m
EL2114m EL2150m

(a) Crown cantilever

0

10

20

30

40

2080 2100 2120 2140 2160
Elevaluation (m)

Monitoring value (case 3, temperature rise)
Monitoring value (case 2, temperature drop)
Numerical value (case 3, temperature rise)
Numerical value (case 2, temperature drop)

D
isp

la
ce

m
en

t (
m

m
)

EL2087m

EL2114m

EL2150m

(b) Right 1/4-span

0

10

20

30

2080 2100 2120 2140 2160
Elevaluation (m)

Monitoring value (case 3, temperature rise)
Monitoring value (case 2, temperature drop)
Numerical value (case 3, temperature rise)
Numerical value (case 2, temperature drop)

D
isp

la
ce

m
en

t (
m

m
)

EL2087m

EL2114m

EL2150m

(c) Left 1/4-span

Figure 5: Numerical and field survey results of dam displacement in the direction along river.

3.4.1. Comparison on Dam Displacement. Table 4 shows the
main numerical displacement results under case 2. Table 5
shows the displacement differences in the various numerical
results using various feedback material parameters. Based
on the Tables 4 and 5 results, the largest dam displacement
along the direction of the river decreased under analysis
case 2. Comparing with that simulated using original design
values, the difference 𝛿𝑌 is 9.5mm (Table 5). The abutment
displacements in the direction along the river also show
decreasing values of the left and right hand abutments of
1.68mm and 2.27mm, respectively.These values are basically
equivalent.

Under the same analysis case, at the upper EL 2050m
level, in the direction perpendicular to the river, the differ-
ence in displacements between design material parameters
and optimized material parameters (D-ACO) is greater on
the right side than on the left abutment. Below EL 2050m,
the difference in displacement of right side is greater than
that of a shift toward the left side. The results are consistent
with field monitoring results. The displacements monitoring
of each dam monolith showed a shift to the right bank

before 1998, while in 1998, and especially after 2000, except
for the foundation displacement which continued to shift
toward the right bank, the displacement of the upper part
of the arch crown shifted towards the left bank. The shifted
displacements were 1.53mm at EL 2150m and 2.45mm at EL
2185m.

Figure 5 shows numerical and monitoring displacements
of the crown cantilever, at the left and right hand span of the
dam. The comparison results are consistent.

Contrasting curves of temperature rise and fall at different
elevation levels for each dammonolith are shown in Figure 5.
The numerical results show the following.

(1) Field monitoring results and feedback analysis results
fit particularly well in the arch crown beam and
right hand arch (approximately 1/4 arch, number
6 dam monolith). Monitored results and feedback
analysis for the temperature drop condition (case 2)
are basically the same.

(2) Errors exist between field monitoring results and
feedback evaluation at EL 2150m in the left hand
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Figure 6: Principal stress vector contour of upstream/downstream surface under analysis case 2: (a) upstream surface; (b) downstream
surface.

arch (approximately 1/4 arch results, number 16 dam
monolith).

(3) Generally after ten years dam prototype observations,
monitoring and reinforcement numerical analysis of
the dam downstream are basically the same.

3.4.2. Comparison of Dam Stresses. For analysis case 2, stress
distributions (Figure 6) on both upstream and downstream
dam faces satisfy the usual stress regularity of a double cur-
vature arch dam.The largest compressive stresses are between
3.3∼3.6MPa on the downstream face and 1.2∼2.6MPa tensile
on the upstream face. Numerical results show that the tensile
stress on the upstream surface is greater than that on the

downstream face. The stress distribution characteristics with
various calculated material parameters are shown in Table 6.

The comparison analysis is as follows.

(1) Under analysis case 2, the dam downstream surface is
predominantly in a compressive stress state adopting
the optimal parameters evaluation. The maximum
compressive stress when using D-ACO parameters is
−7.22MPa, greater than the cases of design parame-
ters and generalized least squares.

(2) Analyzing the two cases of temperature drop and
temperature rise, there is a tensile zone in the same
direction as the beam at the damdownstream surface.
The stress level is below 1MPa in both cases.
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Table 6: Characteristic value of dam stresses under analysis case 2.

Position Stress type Design (MPa) Generalized least squares (MPa) D-ACO (MPa)

Upstream surface Maximum tensile stress 1.24 (left side) 1.35 (left dam abutment) 2.56 (left side)
Maximum compressive stress −3.6 (EL 2100m) −3.67 (EL 2100m) −3.33 (EL 2093m)

Downstream surface Maximum tensile stress 0.61 (EL 2150m) 0.69 (EL2141m) 0.7 (EL 2151m)
Maximum compressive stress −7.52 (EL 2060m) −7.73 (EL 2060m) −8.12 (EL 2060m)

Interface Maximum tensile stress 0.61 (dam heel) 0.38 (dam heal) —
Maximum compressive stress −1.87 (EL 2030m) −1.88 (EL 2030m) —

Table 7: Point safety factor of abutments.

EL (m) Generalized least squares D-ACO
Left abutment Right abutment Left abutment Right abutment

2185 3.0 (gravity pier), 1.5∼2.0
(out of gravity pier) 2 2.0∼3.0 (gravity pier); 1.1∼1.5 (out of

gravity pier) 2.0

2148 1.5∼3, 1.2∼1.5 (fault) 2∼3 1.5∼3.0; 1.0∼1.5 (fault) 1.5∼2.0
2100 2∼3 2, 1.2∼1.5 (fault) 1.5∼3.0 1.5∼2.0; 1.2∼1.5 (fault)
2050 2∼3, 1.2∼1.5 (fault) 2 2.0∼3.0; 1.1∼1.5 (fault) 1.5∼2.0
2030 2 ∼ 3 2∼3 1.5∼3.0 1.5∼5.0

(3) The dam is in a stable stress state. Comparing the
results obtained with different numerical material
parameters, the characteristic of dam stress is in
agreement with that obtained by D-ACO.

(4) The comparison results show that the improved ant
colony algorithm (D-ACO) can effectively determine
the material mechanical parameters and reflects well
the actual dam deformation and dam stress distribu-
tion. The algorithm accuracy satisfies project safety
evaluation requirements.

3.4.3. Comparison on Overall Safety Factors. By employing
the material parameter obtained from D-ACO and gen-
eralized least squares, the overall dam safety factors are
shown in Table 7. Based on comparison results, the following
conclusions are illustrated.

(1) Under analysis case 2, dam foundation safety factors
are basically symmetric. After reinforcement, point
safety factor at the elevation EL 2150m at the left
bank is a little lower than that at the right. No overall
yielding appears.

(2) The riverbed always has the lowest safety factors, and
cracks first occur at the dam-foundation interface.
Once yielding zones and cracks occur, unbalanced
thrust forces will transfer to those zones with compar-
atively higher safety factors at both abutments, where
high bearing capacity levels develop. As the height-
width ratio of Lijiaxia arch dam is high, and there is
a large pedestal of thickness 30m, the safety factor in
the valley upstream is at least 2.0 in any case under
normal load, and there is no cracking.

(3) During dam overloading process, unbalanced forces
in the arch dam will transfer to the two banks,
under the water load of 3 times normal loads, the

depth of the crack upstream is about 1/4 of the dam
thickness, and the point safety factor is about 1.0∼2.0.
The carrying capacity of the riverbed will reduce and
transfers to areas with higher safety factors at both
banks. Under a water load of 3 times normal loads,
the dam can still work and without any yielding zone
at the downstream interface. Under a water load of 5
times, there is yielding at the downstream interface.

(4) Based on Table 7, the overall safety factor if using D-
ACO parameters is slightly lower than with the case
of generalized least squares. Abutment safety factors
are reduced by approximately 5% to 15%.

Above all, modified ACO showed effectively distributed
computing capabilities, strong robustness, and easiness to
combine with other algorithms, or FEM numerical code,
and can well avoid premature convergence phenomenon.The
proposal model can effectively solve for feedback multiple
parameters of dam concrete and rock material. Through
inverse analysis, the exact parameter values can be deter-
mined, and a precise evaluation of dam cracking and
deformation mechanism and the overall stability of dam-
foundation can be made.

4. Conclusions

Resulting from this study, a modified dam ant colony
optimization (D-ACO) model is proposed for obtaining
concrete and rockmechanical parameters of a large arch dam.
Based on field monitored deformations and the ant colony
optimization technique, a typical dam parameters feedback
problem was solved using a nonlinear back-analysis numer-
ical model. The basic D-ACO principle is introduction of
distributed computing, D-ACO initial value determination,
andD-ACOpheromone update, which is used to establish the
objective function. The numerical analysis is implemented
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through proposed dam ant colony algorithm. The mechan-
ical parameters are determined using this algorithm, and
construct solutions combined with nonlinear constitutive
relations.

By employing the proposed back analysis model, calcu-
lated deformations and a stability evaluation of the Lijiaxia
arch dam were compared with the monitoring results taken
over 10-year supervision period of the dam prototype. The
results demonstrated that the proposed model can effectively
solve for feedback multiple parameters of dam concrete and
rock material. Through inverse analysis, the exact parameter
values can be determined, and a precise evaluation of dam
cracking and deformation mechanism and the overall stabil-
ity of dam-foundation can be made.
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Numerical simulation based on finite element method is conducted to predict the location of pitting corrosion in reinforced
concrete. Simulation results show that it is feasible to predict corrosion monitoring based on ultrasonic guided wave in reinforced
concrete, and wavelet analysis can be used for the extremely weak signal of guided waves due to energy leaking into concrete. The
characteristic of time-frequency localization of wavelet transform is adopted in the corrosion monitoring of reinforced concrete.
Guided waves can be successfully used to identify corrosion defects in reinforced concrete with the analysis of suitable wavelet-
based function and its scale.

1. Introduction

Civil infrastructures frequently cause failure due to corrosion
of steel and rebar in concrete structures. Due to corrosion
billions of US dollars should be spent annually in repair,
rehabilitation, and reconstruction efforts of reinforced con-
crete structures. The fact makes it arguably the single largest
infrastructural problem facing the industrialized countries
[1]. Thus, it is very important to develop effective corrosion
monitoring technologies. A wide range of techniques have
been reported in the paper that can be employed for the
monitoring of corrosion of steel in concrete structures for the
purpose of diagnosing the cause and extent of the reinforce-
ment corrosion [2]. Most of the current techniques are based
on electrochemical methods such as half-cell potential map-
ping linear polarization. These techniques relate corrosion
rate and extent through assessment on surrounding concrete
medium. While many electrochemical techniques have been
well established, none of these techniques concentrate on
monitoring through direct condition assessment or measure-
ments on embedded steel. As alternative tools for moni-
toring steel corrosion, some physical based techniques have
been proposed [3, 4]. Compared with the electrochemistry
based approaches, these physical approaches can not only
provide supplemented tools for monitoring steel corrosion,
but also conduct more accurate condition assessment of steel

corrosion. Recently, the authors presented a review of some
physical based monitoring techniques for condition assess-
ment of corrosion in reinforced concrete in the past decades
[5].

Among the current available physical monitoring tech-
niques, the technique based on ultrasonic guided wave
(UGW) is popular due to the advantages for monitoring
corrosion related damage in reinforcing bars, so it has gained
popularities in the recent years [5]. However, one difficulty
of guided wave based technique for monitoring corrosion
in reinforced concrete is the limitation of monitoring range
for certain modes and frequencies [5, 6]. Unlike guided
wave propagation in other multilayered systems, such as a
metal pipeline in air, wave energy in steel bars embedded
in mortar or concrete is lost (i.e., attenuated) at high rates
due to leakage into the surrounding concrete. For the defects
test of steel bar embedded in concrete, the reflected signals
will be very weak, so the general time-frequency methods
have difficulty in extracting the weak reflection signals of
the defects in the detection signals. Meanwhile, there are
many interference factors in the process of the experiment,
for example, noise and the ideal boundary conditions which
are difficult to achieve, and so forth, so it is hard to extract
effective information of damage or defect from the received
signals using guided wave methods. It is necessary to first
investigate the problem by numerical simulation.
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There are two methods widely used for the numerical
simulation [7]. One is finite element method (FEM) and the
other is boundary element method (BEM). BEM has been
used in the wave guide of slab; for example, Cho and Rose [8]
analyzed the mode conversion of Lamb wave at the reflection
of boundary by BEM; Zhao and Rose [9] explored the guided
waves on the identification of the size of defect by simulating
various size and depth of defects on the slab using BEM.
FEM has been mostly used in the wave guide of tube; for
example, Demma [10] showed that a series of models of pipe
with defects was calculated using FEM and the results were
consistent with the experimental results. Moser et al. [11]
simulated the propagation of elastic wave in the sheet and
tubular structure using FEM. The results are fully consistent
with those fromexperiment, which further proves the validity
of the simulation in wave propagation using FEM. Cheng
[12] used shell element to simulate the defect monitoring
by longitudinal guided wave and get the relation curves
between reflection coefficient and circumferential length or
axial length of the defect in pipe. He et al. [13] studied the
propagation of guided waves in bending pipe using FEM.

However, most of the previous analyses concentrated on
thin wall pipe or slab using shell element in the simulation of
guided waves. The shell element can only be used to simulate
the pipeswith very thinwalls and is not suitable for themodes
of guided waves with larger radial displacements [8]. There
are few simulations for the rod structures. Therefore, it is
proposed to explore the numerical simulation of corrosion
monitoring of steel bar in reinforced concrete in this paper.

2. Numerical Simulation of
Corrosion Monitoring in Reinforcement

When the ultrasonic guided waves are excited at the end of
the steel bar and propagate along the axial direction of it, the
mutation on the section dimensions or material properties
of the steel bar will cause the strong discontinuity of the
propagation of guided waves [14], resulting in reflection
signals of guide waves from defects in the damage location.
By the time process features of guided wave signals for the
incidence, reflections fromdefects, and the end using sensors,
the damage identification and location can be achieved.

The corrosion productions of steel are Fe(OH)
2
, Fe(OH)

3
,

or Fe
3
O
4
, which are floc and have no strength. The pitting

corrosion will cause the reduction in the section area of the
steel bar, which is like notches formed in the surface of steel
bar. Though there is difference in the geometry between the
artificial defect (i.e., notch) and real corrosion in the steel
bar, the research results [15, 16] show that the reflections for
the mode L(0, 1) are almost the same for the artificial defect
and real corrosion defect under the conditions of the same
depth and circular length because the axial dimensions of
these two defects are much shorter than the wavelength of
mode L(0, 1). Therefore, the pitting corrosion is simulated by
notch fabricated in the surface of the steel bar in this paper.

2.1. Modeling and Meshing. When the numerical simulation
of guided waves is conducted using finite element method,

the first step is to establish finite element model of the simu-
lation component. According to the types of the established
models, the finite element models for guided wave detection
can be divided into the following three types: plane axial
symmetric element model, shell element model, and entity
unit model. These three models simplify respectively the
actual waveguide in different way, which results in the differ-
ences of the rationality and the complexity for the established
models [10]. This paper focuses on rod components, so the
shell element model is not applicable and only the plane
axial symmetric element model and entity unit model can
be employed. In order to save the amount of computation,
the plane axial symmetric element model is employed when
the calculated results are better for the model with axial
symmetry properties; otherwise, the entity unit model is
used.

When establishing the finite element model, meshing
is a very important step, and there is a high requirement
on the mesh division for the finite element simulation of
guided waves, in which the establishment of defect in the
simulation model of the guided wave is one of the important
issues. There are two main methods for modeling defect.
The first one is establishing directly the component model
of rod with defect and then meshing. In this way, defect
can be simply established and various types of defects can
be done, but the existence of defect destroys the regularity
of the model and it is very difficult to mesh the model by
mapping because the size of the defect is generally small.
The other method is progressing as follows: firstly, establish a
zero-defect model and map mesh and, then, remove the unit
at the defect position. In this way, the regular grids of model
can be achieved but the geometry of defect will be restricted
by the element shape. In order to get regular girds, the latter
method is adopted in this paper.

For the processing of boundary conditions, rigid bound-
aries are set at both ends of the cylinder steel bar [17].
At the same time, the axial boundary of concrete is set as
no reflection boundary to make the result more reasonable
in which uncertainty factors in simulation are eliminated,
because the steel bars are distributed along the longitudinal
direction of the concrete components in the actual on-line
detection and there is no reflection on the border for the
propagation of stress wave in concrete.

2.2. Signal Loading and Postprocessing. Research shows that
guided waves can be excited in the waveguide when instanta-
neous displacement is loaded in all nodes of certain section
in the model [18]. The incentive signal with the center
frequency of 75KHz is used in this paper for numerical sim-
ulation.The time-domain waveform of the signal is shown in
Figure 1.

Numerical simulation of guided waves in this paper is
the transient dynamic analysis. The excitation of guided
waves is completed when axial displacement in the time
history curve as shown in Figure 1 is applied in the left side
of steel model as “signal-loading.” In postprocessing, time-
displacement curve will be extracted and analyzed from the
nodes at the receiving location and the data of corresponding
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Figure 1: Excitation signal (center frequency: 75 KHz).

results will be outputted to a text file for later analysis and
processing.

2.3. Parameter Selection. It is the subject of transient elastic
dynamic problems for the propagation of guidedwaveswhich
is discrete by the finite element method in time and space
domain. There is important significance for the selection
of related parameters on the correctness of the results,
especially the length of space discrete unit and time step of
the discrete time.Themain parameters involved in this paper
are material, geometric, discrete, and incentive parameters,
respectively. The material parameters are elastic modulus,
Poisson’s ratio, and density which are related to thewaveguide
shown in Table 1.

Geometric parameters depend on the model, which
are mainly including the diameter and the length of the
component as well as locations of incentive and receiving, as
shown in Figure 2.

Discrete parameter is one of the most important parame-
ters in finite element simulation of guided wave and deter-
mines the precision of the finite element model. There are
unit length and time step included in the parameters, which
should be suitable for the small calculation error and enough
precision. Moser et al. [11] proposed that there are at least
20 units needed in each wavelength of guided wave in the
propagating direction and time step should be less than
0.8 times of the required time that guided wave propagates
through a unit.The expressions are shown in Table 2, where V
is the speed of the guided wave propagating in the waveguide.
According to Table 2, the axial length unit takes 2mm and
time step takes 0.1 𝜇s in the model in this paper.

Incentive parameters mainly involve the mode and the
frequency of excitation. Axial symmetric longitudinal modes
are commonly used in the actual detection.

2.4. Excitation and Receiving of the Longitudinal Mode of
Guided Wave in Reinforced Concrete. From the basic theory
of guided wave, the axial order number for axial symmetric
mode of guided wave is zero; consequently, the excitation and
receiving are also axially symmetric. There are only the axial
and radial displacements, no circumferential displacements
for axial symmetric longitudinalmode. Research results show

Receiving

Incentive

Defect

Concrete

Concrete

Steel bar

200 400 400

d
s
=
2
2

d
c
=
6
4

Figure 2: Layout of incentive and receiving (unit: mm).

Table 1: Material parameters of steel bar and concrete.

Parameter Steel bar Concrete
Poisson’s ratio 0.2865 0.27
Density (kg/m3) 7932 2200
Modulus (MPa) 215000 22000

Table 2: Discrete parameters.

Parameter Value
Unit length Δ𝑥 Δ𝑥 ≤ 𝜆/20

Time step Δ𝑡 Δ𝑡 ≤ 0.8 × Δ𝑥/V

that the longitudinal mode of guided waves can be excited
in the waveguide when instantaneous axial displacement is
loaded in all nodes of certain section in the model [19].
In order to eliminate the influence of flexural modes, axial
displacements of all the nodes at the receiving location are
added up and the better axial symmetric longitudinalmode is
obtained. According to this method, the axial symmetric lon-
gitudinal mode is excited and received in the reinforcement,
and the layout is shown as Figure 2.

According to the dispersion curve of group velocity for
the steel bar, the sine signal modulated by Hanning window
with ten cycles at the center frequency of 75KHz is applied
to all the nodes at the incentive location, which is along the
axial direction of the bar. The model is shown as Figure 3.

After solving, add up the axial displacement of all nodes
at the receiving location. The results are shown in Figure 4.
From the curve of displacement versus time in Figure 4,
it can be seen that there are two groups of sine signals
with ten cycles which are the passing signal and end echo
signal, respectively. The propagation distance of guided wave
from passing signal to echo signal is 1600mm, and the time
interval is 0.3326ms. Therefore, the velocity of the wave is
calculated as 4810m/s. From the dispersion curve of group
velocity of the steel bar, it is known that there are only the
modes L(0, 1) and F(1, 1) at the frequency of 75KHz and
the velocity of mode L(0, 1) is 4745m/s, which is almost the
same as the velocity from the above calculation. The results
show that the axial symmetric longitudinal mode L(0, 1) of
guided waves can be excited in the steel bar by applying
instantaneous displacement on the end of it and taking
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Figure 3: Scheme of axial symmetric longitudinal modal incentive.
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Figure 4: Waveform at receiving place after summation of all nodes
axial displacement.

the axial displacement of nodes at the receiving location. It is
also seen from Figure 4 that there is no other mode of waves
besides the passing and echo signals, which show that the
flexural mode F(1, 1) can be eliminated to get the pure mode
L(0, 1) from the summation of displacement of nodes at the
receiving location.

2.5. Pitting Corrosion Simulation. As mentioned earlier, the
reflection signal of notch is the same as that of actual pitting
corrosion, so the steel pitting corrosion is simulated by
removing the unit at the corrosion location in the numerical
simulation. Based on the established model, the member of
reinforced concrete and the locations of defect and receiving
position are designed as shown in Figure 2, which can avoid
the overlay signals between the reflection from defect and the
end.

The dimensions of defects are 2mm in width and 1/8∼1/2
times the perimeter in circumference length. The circumfer-
ential direction of the component is divided into 16 units and
4 units in radial direction. In this model the total number of
units and nodes is 214292 and 315556, respectively. It takes
5 hours to work in the laboratory computer. The extraction
model of steel bar from concrete is shown in Figure 5.

2.6. Simulation Results. The method is used to simulate
the propagation of guided waves in the model with defect.
Varying degrees of pitting are simulated by removing the steel

Figure 5: Finite element model of steel bar with defect.
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Figure 6:Detection signal with length of defect = 1/2 circumference.

units in the finite element model. Results are shown as
Figures 6, 7, and 8. From Figure 6, the defect echo and end
echo can be obviously identified.The damage location can be
determined by the velocity of mode L(0, 1) at the frequency of
75KHz and the propagating time of echo, which is the time
interval between passing signal and the defect echo, that is,
0.206ms in this case. Thus, the total propagating distance of
defect signal is as follows:

𝑆 = 𝐶 × 𝑡 = 4745 × 2.06 × 10
−4
= 0.977m = 977mm. (1)

The receiving location is 200mm far from the left end of
steel bar, so the location of defect 𝑥 is known as

𝑥 =

𝑆 + 200

2

= 588mm. (2)

Compared with the exact location of the defect in the
model, the calculation results are consistent with those of
the preset defect (error is within 2%). Results show that
it is feasible to simulate the detection of guided waves in
reinforced concrete by FEM and the built model is correct.
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Figure 7:Detection signal with length of defect = 1/4 circumference.
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Figure 8:Detection signal with length of defect = 1/8 circumference.

However, it is difficult to identify the reflection signal of
defect from Figure 8, because the signal is extremely weak
and intertwined with other forms of faint waves. As shown in
Figure 9, by amplifying directly the signals between 0.17ms
and 0.38ms in the time domain, it can be seen that the
refection wave is mixed together with a large number of
narrow pulse type of clutter waves and the waveform is
extremely too complex to distinguish the real reflection
signal. Therefore, more detailed requirement in time domain
or frequency domain is needed in adjusting the size of
window of the function. Therefore the following method of
wavelet analysis is to be used.

2.7. Identification of Weak Damage Signal by Wavelet Trans-
form. When the guided-wave based technique is used to
monitor corrosion defect in reinforced concrete, it is difficult
to extract the weak reflection signal of corrosion defect
from the detection signals by the general time-frequency
method. At the same time, the background of collecting
signals is influenced by various noises which is objective
existence caused by the experiment environment. As a result
it is difficult to intuit the effective identification of damage
information from the detected signals. Wavelet transform
is a kind of method for analyzing signal by 2 scales on
time, which has the characteristics ofmultiresolution analysis
and the very good characterization of local signal in time
domain and frequency domain [20, 21]. Therefore special
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Figure 9: Amplification of the original signal.

signals with certain characteristics (such as specific frequency
or waveform) can be carried out by this method to be
amplified and the extraction of signal detection and damage
identification can be achieved.

In fact, wavelet coefficient obtained by wavelet transform
is the correlation coefficient between the original signal
with wavelet basis function in the corresponding scale and
position which reflects the similarity between them [22].
Thus, it is a primary issue to select the appropriate wavelet
basis function before wavelet transform because in essence
it is the projection from the original signal to a set of
wavelet bases which have influence on the results of wavelet
transform. According to the characteristics of the wavelet
basis function [23], during the selection of wavelet bases,
the following factors are usually considered: the computing
speed, attenuation of wavelet base, precise reconstructing
of signal, presence of phase distortion, characteristics of
filtering, time-frequency resolution, orthogonality and how
to reduce the edge effect, and so forth. In the analysis of
high order singular signal, the disappearance of the wavelet
moment must be also considered. The wavelet is used in this
paper for the analysis of signals of corrosion monitoring in
the reinforced concrete, so the aspects of reasonable selection
of wavelet basis function mainly include compact support,
vanishing moment, regularity, orthogonality, and waveform.

There are a lot of wavelet functions available, such
as Gaussian, Mexican Hat, Daubechies, and Biorthogonal.
Because every wavelet function has its own structure and
characteristics, the analysis results are also different and
it is unadvisable to analyze all the different issues by the
same wavelet function. The properties of wavelet function
should be paid attention to in the application, which are
directly related to the time-frequency localization, singularity
detection, decomposition, and precision of reconstruction.
Therefore, when wavelet analysis technique is engaged in
damage identification for structural health monitoring, the
wavelet function should be fit for detection of local mutation
signal based on the features and purposes of analysis signals
[24].

Based on the above principles and the similarity and
power spectral matching between wavelet function and dete-
ction signals into account, this paper adopts Symlets wavelet
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to make the wavelet transform for the detection signals of
corrosion in reinforced concrete, which is an improvement of
the db wavelet proposed by Daubechies with orthogonality
and compact support. Compared with db wavelet, there is
significant improvement of symmetry in Symlets wavelet.The
feature can avoid the distortion of signal in its decomposition
and reconstruction.

Symlets wavelet is usually expressed as sym 𝑁 (𝑁 =
2, 3 . . . 8). When choosing wavelet function, the performance
and the length of the filter should be considered so as not to
affect the quality of waveform after wavelet transform [25].
Sym 1 wavelet cannot be used because its discontinuity of
filter. Though the filter lengths of sym 2 and sym 3 wavelet
are short, they are easily influenced by outside interference.
The waveforms of scale function and wavelet function of sym
4 and sym 8 are shown in Figures 10(a)–10(d). It is found
from the figures that not only the frequency characteristics of
wavelet function and scale function of sym 8 are better than
those of sym 4, but also the time domain resolution of sym
8 meet the requirements and its shape is more close to the
actual curve. Therefore, the sym 8 wavelet with approximate
symmetry, compact support, and biorthogonality is selected
as the wavelet base to decompose the detected signal of
corrosion monitoring in reinforced concrete.

One of the parameters to evaluate the characteristics of
wavelet function is the scale, which is in an inverse rela-
tionship to the decomposition frequency of the transforming
signal as shown in the following equation [26]:

𝐹
𝑎
× 𝑎 × Δ = 𝐹

𝑐
, (3)

where 𝑎 is the wavelet scale, Δ is the sampling period, 𝐹
𝑎
is

the frequency of the transforming signal, and 𝐹
𝑐
is the center

frequency of wavelet function and decided by the choice of
wavelet function. Because the center of frequency window
is related to the wavelet function, the relationship between
the scale and the center frequency depends on the wavelet
function and the sampling period.

It can be seen from (3) that the greater the scale, the lower
the frequency resolution of the analysis signal, and the more
characteristics gained in low frequency and vice-versa. The
mother wavelet will turn into a set of wavelet basis functions
after translation and scaling and then does the dot product
with the signals to be analyzed under different scales. After
that, the continuous wavelet transform will be achieved as
shown in the following equation:

CWT
𝑥 (
𝑎, 𝑏) =

1

√𝑎

∫

+∞

−∞

𝑥 (𝑡) 𝜓
∗
(

𝑡 − 𝑏

𝑎

)𝑑𝑡, (4)

where CWT
𝑥
(𝑎, 𝑏) is the continuous wavelet transform, 𝜓(𝑡)

is the basic wavelet or named mother wavelet, 𝜓∗ is its
conjugation, 𝑥(𝑡) is the signal to be analyzed, 𝑡 is the time,
𝑎 is the scale factor, and 𝑏 is the time shift parameter.

The wavelet transform is usually conducted using fast
algorithms by the software of Matlab in the practical appli-
cation. The remaining coefficient and wavelet coefficient in
the space of scale 𝑗 + 1 will be got after making weighted
summation of filter coefficients on the basis of the remaining

coefficient in the space of scale 𝑗, as shown in the following
equations:

𝑑
𝑗+1,𝑘
= ∑

𝑚

ℎ
0 (
𝑚 − 2𝑘) 𝑐𝑗,𝑚

,

𝑐
𝑗+1,𝑘
= ∑

𝑚

ℎ
1 (
𝑚 − 2𝑘) 𝑐𝑗,𝑚

,

(5)

where ℎ
0
(𝑛), ℎ
1
(𝑛) are the filter coefficients, 𝑑

𝑗+1,𝑘
and 𝑐
𝑗+1,𝑘

are, respectively, the remaining coefficient and the wavelet
coefficient in the space of scale 𝑗 + 1.

After decomposition, the signals in the scale 𝑗 are corre-
sponding to the wavelet coefficients 𝑐

𝑗,𝑘
. The information of

signals is complete and all components are preserved due to
the integrity of wavelet space, which provides the analysis of
the characteristics of the signal energy distribution.

In wavelet analysis, it is the first consideration of the
range of wavelet scale and its division because it will lead to
low recognition rate if the scale of wavelet is chosen blindly
[27]. Therefore, in order to analyze the response signals of
structure with target in detailed using wavelet transform, the
range of analyzed signal frequency should be determined
to get the corresponding scale range of wavelet function
according to (3). Therefore the number and size of scales
in wavelet transform will greatly affect the results of the
identification.

First, the waveform of sym 8 wavelet in the time domain
can be calculated using the file named centfrq.m in Matlab
[27], which determines the center of frequency window.
Results are shown in Figure 11, in which sym 8 wavelet
is shown in thick line and its center frequency is around
0.667Hz. The waveform of sine wave in the same frequency
is also shown in fine line for comparison.

In the case of unknown range of frequency in received
signals, the number of scales of wavelet transform can be
obtained by two ways. One is to estimate the range of signal
frequency and then choose the step length of the analyzing
frequency band. After dividing the range of frequency evenly,
the size of scales of each band can be calculated from
(3). The other way is to determine the size and number
of the analyzing frequency band directly by evenly divided
scales of wavelet, which will better reflect the band-pass
filter function of wavelet transform. In this way, the energy
characteristics of decomposed signal will be more obvious
and the identification precision of signals can be significantly
improved than the first one. Therefore, the evenly divided
scales of wavelet are directly employed to get the number
and size of analyzing band of signal frequency in this paper.
The analysis range of the wavelet scales is 1 to 199, and the
corresponding range of the signal frequency is 33.5 KHz to
6670KHz which is consistent with estimated range. The step
length of scale is 5; that is, the number of scale is 40. After
wavelet transform of the signals in Figure 9, the results are
shown in Figure 12.

After trial, it is found that it will make no contribution to
improve significantly the identification precision of the signal
by increasing the range of scales or decreasing the length
of step, because it has met the need of signal analysis when
the frequency range is corresponding to the scale range of
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Figure 10: Wavelet function and scale function of sym 4 & sym 8.
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Figure 11:Waveform of sym 8 in time domain (shown in thick line).

wavelet. It will increase the number and the redundancy of
detection signals and be unconducive to monitoring if the
range of scales is increased or the length of step is decreased.

There are different time scales for different signals (such
as noise, clutter, and defect reflection signal), so the results of
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Figure 12: Wavelet transform of the detection signals at different
scales.

wavelet transformwill be different due to the chosen scale. In
order to reflect themaximum similar degree between wavelet
basis function and the defect reflection signal, that is, to get
the maximum wavelet coefficient of defect reflection signal
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Figure 13: Detection signals after wavelet transform at scale of 89.

in the same scale, the corresponding scale can be obtained by
the conversion of (3), as shown by

𝑎 =

𝐹
𝑐

(𝐹
𝑎
× Δ)

, (6)

where, sampling periodΔ refers to the time step in numerical
calculation, which is 0.1 𝜇s in this case. 𝐹

𝑐
and 𝐹

𝑎
are the

center frequency of wavelet function and telltale signal (i.e.,
defect echo), respectively, which are 0.667Hz and 75KHz,
respectively, in this case.Thus the corresponding scale is 88.93
after calculation. Therefore, the scale of 89 is chosen and the
waveform of wavelet transform to reflect the defect reflection
signal is shown in Figure 13.

From the comparison of the results in Figure 13 with
those in Figure 9, the defect reflection signal at the time of
0.28ms from the detection signals which is obtained using
appropriate scale by wavelet transformmethod can be clearly
seen.The time of 0.28ms is the same as the flight time that the
echo of preset defect is needed, which proves that it is feasible
and effective of the proposed method.

3. Conclusions

In this paper, the application of guided waves in monitoring
corrosion of reinforced concrete is numerically simulated by
finite element method. The methods for model establish-
ment and critical parameters are analyzed by comparing the
characteristic of each model. The approach for exciting and
receiving guided wave with the longitudinal axial symmetric
mode in finite element simulation is provided. Based on the
preliminary numerical testing results, the pitting corrosion
in the steel bar is simulated. Wavelet analysis, which has
the time-frequency localization characteristic, is applied for
the detection of weak damage signal resulting from energy
leaking into concrete. The corrosion defects in reinforced

concrete can be identified by selecting suitable wavelet-based
function and scale. The numerical simulation is validated by
the satisfactory agreement between the simulation and actual
results.
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This paper investigates potential applications of the rough sets (RS) theory and artificial neural network (ANN) method on
structural damage detection. An information entropy based discretization algorithm in RS is applied for dimension reduction
of the original damage database obtained from finite element analysis (FEA). The proposed approach is tested with a 14-bay steel
truss model for structural damage detection. The experimental results show that the damage features can be extracted efficiently
from the combined utilization of RS and ANNmethods even the volume of measurement data is enormous and with uncertainties.

1. Introduction

Structures are very vulnerable to influence like impact,
earthquake and hurricanes. Therefore it is crucial for the
decision maker to know the damage and health status of
the structure in time, so that necessary maintenance can
be taken. Recently, more and more innovative structural
damage detection techniques have been applied to the
existing structures for Structural Health Monitoring (SHM),
especially large-scale structures, and many testing methods
are nondestructive [1–3]. Attention has been drawn to how
to use the current measurement data to produce a result with
less uncertainty regardless of measurement noises and envi-
ronmental variation, such as changing temperature,moisture,
and load condition [4]. Many different approaches have
been applied to solve the inaccurate measurement problem,
for example, Sohn et al. proposed a probabilistic damage
detection methodology to reduce measurement noises [5].
Worden and Dulieu-Barton investigated the influence of
uncertainties both in practical measurement and in finite
element model of damage detection [6], and they proposed
a statistical method to resolve the inaccuracy that resulted
from the modeling and measurement errors [7]. In recent
studies, intelligent information processing techniques such as
the autoregressive integrated moving average model, linear

regression technique, ANN methods, and grey models are
introduced to SHM applications.

ANN methods have been used extensively in struc-
tural damage identification. In practice, damage indexes in
structures are firstly extracted by using signal processing
techniques such as wavelet transform and Fourier analysis;
then ANN models are built to detect structural damages
from those indexes. It has been widely accepted that the
ANN methods have helped to achieve a greater accuracy in
structural damage detection. However, ANNhas two obvious
drawbacks when applying to a large number of data [8, 9].
The first one is that training an ANNmodel with big amount
of data is time consuming, and the second one is that ANN
cannot reach an analytical solution. In consequence, a reliable
ANNmodel that can select the relevant factors automatically
from the historical data is required.

As a useful mathematical tool, RS theory applies the
unclear relation and data pattern comparison based on the
concept of an information system with indiscernible data,
where the data is uncertain or inconsistent. The character-
istics of RS theory are to create approximate descriptions of
objects for data analysis, optimization, and recognition, and it
does not need the prior knowledge.Therefore usingRS theory
can evaluate the importance of various attributes and retain
some key attributes with no additional knowledge except for
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Table 1: Decision table general form.

Target Condition attribute Decision attribute
𝑋 𝐶

1
⋅ ⋅ ⋅ 𝐶

𝑛
𝑑

x1 𝑢
1,1

⋅ ⋅ ⋅ 𝑢
1,𝑛

V
1

𝑥
2

𝑢
2,1

⋅ ⋅ ⋅ 𝑢
2,𝑛

V
2

⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

𝑥
𝑚

𝑢
𝑚,1

⋅ ⋅ ⋅ 𝑢
𝑚,𝑛

V
𝑚

the supplied data required [10]. To date, the RS approach
has been applied in many domains, such as machine fault
diagnosis, stock market forecast, decision support systems,
medical diagnosis, data filtration, and software engineering
[11–14].

The classical RS model can only be used to process
categorical features with discrete values. For the RS based
damage index selection in structural damage identifica-
tion, a discretizing algorithm is required to partition the
value domains of real-valued variables into several inter-
vals as categorical features. Many discretization methods of
numerical attributes have been proposed in recent years,
including equal distance method, equal frequency method,
and maximum entropy method [9]. However, discretiza-
tion of numerical attributes may cause information loss
because the degrees of membership of numerical values
to discretized values are not considered [15, 16]. Recently,
a discretization algorithm based on information entropy
has been reported to be a potential mechanism for the
measurement of uncertainty in RS. The information entropy
has been widely employed in RS, and different informa-
tion entropy models have been proposed. In particular,
Düntsch and Gediga presented a well-justified information
entropy model for the measurement of uncertainty in RS
[17].

A novel application of integrating RS theory and ANN
is presented in this paper for structural health monitor-
ing and damage detection particularly for problems with
large measurement data with uncertainties. The objective
of the paper is to study how the RS and ANN tech-
niques can be combined to detect structural damages.
This method consists of three stages. First, RS will be
applied to find relevant factors for structural modal param-
eters derived from structural vibration responses. Then,
relevant information will be fed to the ANN as input.
Finally, a synthesizing RS-ANN model based on the data-
fusion technique will be used to assess the structural dam-
age.

This paper is organized as follows. In Section 2, a brief
introduction of fundamental theories onRSwith information
entropy is presented, and an overview of the ANN methods
is given in Section 3. A three-stage damage detection model
using combined RS and ANN technique is presented in
Section 4. Laboratory experiment of a 14-bay truss model
will be carried out to test and validate the proposed method
in Section 5. Finally, concluding remarks are summarized in
Section 6.

2. Information Entropy Based RS Theory

RS theory was proposed by Pawlak [18] as a new math-
ematical tool for reasoning about vagueness, uncertainty,
and imprecise information. In this section, we introduce
the concepts of decision table, discretization algorithm, and
information entropy in RS theory and explain their relation-
ships.

2.1. RS Theory. We have the following.

Definition 1. Decision table is a knowledge representation
system in the application of RS theory with a quaternary
(𝑋,𝑅, 𝑉, 𝑓) set, where 𝑋 is a set of targets, and 𝑅 is a set
of attributes, 𝑅 = 𝐶 ∪ 𝐷. 𝐶 and 𝐷 are condition attribute
set and decision attribute set, respectively. 𝑉 = ∪𝑉

𝑟
is a

set of attributes’ data range. 𝑉
𝑟
is the range of attribute 𝑟.

𝑓 : 𝑋 × 𝑅 → 𝑉; 𝑓 is an information function, which assigns
the range of each attribute. Table 1 is a typical decision table.

Definition 2. 𝑋 is a domain of discourse. 𝑃 and 𝑄 are
equivalence relations of universe 𝑋; then the 𝑃-positive
region of 𝑄 is defined by the union of all the objects of 𝑈

which can be classified as the equivalence class of𝑈/𝑄 by the
knowledge 𝑈/𝑃; that is,

POS
𝑃 (

𝑄) = ⋃

𝑍∈𝑋/𝑄

𝑃 (𝑍) . (1)

Definition 3. Let 𝑃 and 𝑄 be equivalence relations of 𝑈. If
(2) is satisfied, then 𝑟 ∈ 𝑃 is said to be 𝑄-dispensable in
𝑃; otherwise, 𝑟 ∈ 𝑃 is 𝑄-indispensable in 𝑃. If all 𝑟 are 𝑄-
indispensable in 𝑃, 𝑃 is said to be independent with respect
to 𝑄. Consider

POS
𝑃 (

𝑄) = POS
𝑃−{𝑟} (

𝑄) . (2)

Definition 4. If 𝑆 ⊆ 𝑃 is 𝑃-independent and POS
𝑆
(𝑄) =

POS
𝑃
(𝑄) is satisfied, then 𝑆 is said to be the 𝑄-reduct of 𝑃,

that is, RED
𝑄
(𝑃), and the union of all the 𝑄-indispensable

attributes is said to be the 𝑄-core of 𝑃, that is, CORE
𝑄
(𝑃).

The relation of these two notions is expressed as

CORE
𝑄 (

𝑃) = ∩RED
𝑄 (

𝑃) . (3)

2.2. Discretization Algorithm Based on Information Entropy.
Let 𝑈 ⊆ 𝑋 be a subset, and the number of instances is |𝑈|.
The number of jth (𝑗 = 1, 2, . . . , 𝑟) decision attribute is 𝑘

𝑗
. Let

the information entropy of this subset be

𝐻(𝑈) = −

𝑟(𝑑)

∑

𝑗=1

𝑝
𝑗
log
2
𝑝
𝑗
, 𝑝
𝑗
=

𝑘
𝑗

|𝑈|

. (4)

In general, 𝐻(𝑈) ≥ 0. If the information entropy is small, it
reveals that several decision attributes are predominant, and
the complexity is small. All the decision attributes especially
are the same, and 𝐻(𝑈) = 0. For the breakpoint 𝑐

𝑎

𝑖
in

the example, its decision attribute is 𝑗 (𝑗 = 1, 2, . . . , 𝑟); the
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Table 2: Structural damage database.

Damage case Damage condition Natural frequency ⋅ ⋅ ⋅ Mode curvature
Bay Position Degree 1 2 3 ⋅ ⋅ ⋅ 1 ⋅ ⋅ ⋅ 13

1 2 1 5% 8.76 32.34 61.57 ⋅ ⋅ ⋅ 0.006 ⋅ ⋅ ⋅ 0.006
2 2 1 10% 8.73 32.31 61.49 ⋅ ⋅ ⋅ 0.006 ⋅ ⋅ ⋅ 0.006
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

684 13 3 95% 7.84 24.53 52.32 ⋅ ⋅ ⋅ 0.006 ⋅ ⋅ ⋅ 0.018

Table 3: Minimum property set 1 after reduction.

Damage case Damage condition Natural frequency First order strain mode
Span Position Degree 1 2 3 1 ⋅ ⋅ ⋅ 12

1 2 1 5% 8.76 32.34 61.57 0.003 ⋅ ⋅ ⋅ 0.003
2 2 1 10% 8.73 32.31 61.49 0.004 ⋅ ⋅ ⋅ 0.003
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

684 13 3 95% 7.84 24.53 52.32 0.003 ⋅ ⋅ ⋅ 0.018

Table 4: Minimum property set 2 after reduction.

Damage case Damage condition Natural frequency Second order strain mode
Span Position Degree 1 2 3 1 ⋅ ⋅ ⋅ 12

1 2 1 5% 8.76 32.34 61.57 0.009 ⋅ ⋅ ⋅ −0.006
2 2 1 10% 8.73 32.31 61.49 0.012 ⋅ ⋅ ⋅ −0.006
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

684 13 3 95% 7.84 24.53 52.32 0.006 ⋅ ⋅ ⋅ −0.036

Table 5: Minimum property set 3 after reduction.

Damage case Damage condition Natural frequency Third order strain mode
Span Position Degree 1 2 3 1 ⋅ ⋅ ⋅ 12

1 2 1 5% 8.76 32.34 61.57 0.009 ⋅ ⋅ ⋅ 0.009
2 2 1 10% 8.73 32.31 61.49 0.015 ⋅ ⋅ ⋅ 0.009
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

684 13 3 95% 7.84 24.53 52.32 0.009 ⋅ ⋅ ⋅ 0.054

Table 6: Sections of each attribute set and condition attributes.

Damage case Natural frequency Strain mode
1 2 3 1 2 3 4 5 6 7 8 9 10 11 12

Set 1, DB 3 2 5 5 6 5 7 7 5 5 7 7 5 6 5
Set 2, DB 3 2 5 9 7 8 9 10 11 11 9 9 8 7 9
Set 3, DB 3 2 5 8 7 7 8 10 10 10 10 8 7 7 8
Set 1, DP 4 10 10 3 5 2 4 4 4 4 4 4 2 5 3
Set 2, DP 4 10 10 1 2 4 4 3 5 5 3 4 4 2 1
Set 3, DP 4 10 10 1 1 1 5 4 3 3 4 5 1 1 1

Table 7: Attribute set 1 rules generation for damage bay.

Damage case Natural frequency First order strain mode
1 2 3 1 2 3 4 5 6 7 8 9 10 11 12

1 3 2 3 4 3 3 2 3 3 3 4 2 3 3 3 2
2 3 2 3 5 3 3 2 2 2 3 2 2 2 3 2 2
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

139 3 2 2 2 3 2 2 2 3 2 2 2 3 3 5 12
140 2 1 1 2 2 2 2 2 2 2 2 2 2 2 5 12
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Table 8: Attribute set 2 rules generation for damage bay.

Damage case Natural frequency Second order strain mode
1 2 3 1 2 3 4 5 6 7 8 9 10 11 12

1 3 2 3 1 1 2 3 2 3 8 6 6 6 5 6 2
2 3 2 3 1 2 2 3 2 3 8 6 6 6 5 6 2
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

194 3 1 1 6 5 6 6 7 7 3 3 4 3 3 1 12
195 2 1 1 6 5 6 6 7 7 3 3 5 3 4 1 12

Table 9: Attribute set 3 rules generation for damage bay.

Damage case Natural frequency Third order strain mode
1 2 3 1 2 3 4 5 6 7 8 9 10 11 12

1 3 2 3 7 5 5 6 7 9 5 3 1 1 1 1 2
2 3 2 3 7 5 5 6 7 10 5 3 1 1 1 1 2
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

229 3 1 1 2 1 1 1 3 5 10 7 6 5 5 8 12
230 2 1 1 2 1 1 1 3 6 10 7 6 5 5 8 12

number of decision attributes less than 𝑐
𝑎

𝑖
in the set𝑈 is 𝑙𝑈

𝑗
(𝑐
𝑎

𝑖
),

and the number of decision attributes greater than 𝑐
𝑎

𝑖
in the

set 𝑈 is 𝑟𝑈
𝑗
(𝑐
𝑎

𝑖
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𝑈
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𝑎

𝑖
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𝑎

𝑖
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𝑖
) =

𝑟(𝑑)

∑

𝑗=1

𝑟
𝑈

𝑗
(𝑐
𝑎

𝑖
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(5)

Therefore the breakpoint 𝑐
𝑎

𝑖
could divide the set 𝑈 into

two subsets 𝑋
𝑙
and 𝑋

𝑟
. Let
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𝑙
) = −
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𝑝
𝑗
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𝑝
𝑗
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𝑖
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(6)

The information entropy of the breakpoint 𝑐𝑎
𝑖
to the set𝑈

is rewritten as

𝐻
𝑈
(𝑐
𝑎

𝑖
) =





𝑋
𝑙






|𝑋|

𝐻 (𝑋
𝑙
) +





𝑋
𝑟






|𝑋|

𝐻 (𝑋
𝑟
) . (7)

Assume that 𝐿 = {𝑌
1
, 𝑌
2
, . . . , 𝑌

𝑚
} is the equivalence

selected by decision table; the new information entropy of the
new breakpoint 𝑐 ∉ 𝑃 can be written as

𝐻(𝑐, 𝐿) = 𝐻
𝑌1

(𝑐) + 𝐻
𝑌2

(𝑐) + ⋅ ⋅ ⋅ + 𝐻
𝑌𝑚

(𝑐) . (8)

Let 𝑃 be the set of the chosen breakpoints, 𝐿 is an
equivalent set divided by breakpoint set 𝑃, 𝑆 is the set of
the initial breakpoint, and 𝐻 is the information entropy of
decision table; our discretization algorithm can be expressed
as follows.

Step 1. 𝑃 = 0; 𝐿 = {𝑋}; 𝐻 = 𝐻(𝑋).

Step 2. To any 𝑐 ∈ 𝑆, calculate 𝐻(𝑐, 𝐿).

Step 3. If 𝐻 ≤ min{𝐻(𝑐, 𝐿)}, go to the end.

Step 4. Select 𝑐max into 𝑃 to make 𝐻(𝑐, 𝐿) be minimum, 𝐻 =

𝐻(𝑐, 𝐿)𝑆 = 𝑆 − {𝑐}.

Step 5. To all 𝑈 ∈ 𝐿, if 𝑐max divide the equivalence 𝑈 into 𝑋
1

and𝑋
2
, then delete𝑈 from 𝐿 and join the equivalence𝑋

1
and

𝑋
2
into 𝐿.

Step 6. If any equivalence in 𝐿 has the same decision, go to
the end. Otherwise go to Step 2.

3. Artificial Neural Network (ANN)

An artificial neural network (ANN) is an information pro-
cessing paradigm inspired by biological nervous systems
like brains. Although ANNs model the mechanism of brain,
they do not have analytical function form, and therefore
ANNs are data based instead of model based. An ANN is
usually composed of a large number of highly interconnected
processing elements (neurons) working in unison to solve
specific problems.

The ANN used in this study is arranged in three layers
of neurons, namely, the input, hidden, and output layers. The
input layers introduce the model inputs, and the middle layer
of hidden units feeds into an output layer through variable
weight connections. The ANN learns by adjusting the values
of these weights through a back-propagation algorithm that
permits error corrections to be fed through the layers. Output
layer provides the estimations of the network. An ANN
is renowned for their ability to learn and generalize from
example data, even when the data is noisy and incomplete.
This ability has led to an investigation into the application
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Table 10: Attribute set 1 rules generation for damage position.

Damage case Natural frequency First order strain mode
1 2 3 1 2 3 4 5 6 7 8 9 10 11 12

1 3 10 8 2 3 1 2 2 2 2 2 2 1 3 1 1
2 3 9 7 3 1 1 2 2 2 2 2 2 1 1 1 1
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

251 1 2 1 1 1 1 1 1 1 1 1 1 1 1 3 3
252 1 1 1 1 1 1 1 1 1 1 1 1 1 1 3 3

Table 11: Attribute set 2 rules generation for damage position.

Damage case Natural frequency Second order strain mode
1 2 3 1 2 3 4 5 6 7 8 9 10 11 12

1 3 10 8 1 1 1 2 1 1 3 1 3 3 1 1 1
2 3 9 7 1 1 1 2 1 1 3 1 3 3 1 1 1
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

253 1 1 1 1 1 3 3 1 3 1 1 2 2 1 1 3
254 1 1 1 1 1 3 3 1 3 1 1 3 3 1 1 3

of ANNs to automated knowledge acquisition. They also
help to discern patterns among input data, require fewer
assumptions, and achieve a higher degree of prediction
accuracy.

4. The Hybrid Method

The common advantage of RS and ANN is that they do not
need any additional information about data like probability in
statistics or grade of membership in fuzzy-set theory [19]. RS
has proved to be very effective inmany practical applications.
However, in RS theory, the deterministic mechanism for
the description of error is too straightforward [20], and
therefore the rules generated by RS are often unstable and
have low classification accuracies. In consequence, RS cannot
identify structural damage with a high accuracy. ANN is
generally considered to be the most powerful classifier for
low classification-error rates and robustness to noise. The
knowledge of ANN is buried in their structures and weights
[21, 22]. It is often difficult to extract rules from a trained
ANN. The combination of RS and ANN is very natural for
their complementary features.

One typical approach is to use the RS approach as a
preprocessing tool for the ANN [12, 23]. RS theory pro-
vides useful techniques to reduce irrelevant and redundant
attributes from a large database with various attributes. ANN
has the ability to approach any complex functions and possess
a good robustness to noise. In practice, there are often vast
amounts of sensor data that are typically updated every few
minutes in SHM system. One of the most important issues of
RS theory is the reduction in dimension of the decision table
in terms of both attributes and objects, thereby reducing the
redundancy.

This paper will develop the structural damage model
by using the RS methodology to reduce the dimension of
the structural damage database before applying the ANN

method. Firstly, the following reductions can be derived
based on the RS theory: attribute reduction, object reduction,
and rule generation. Object reduction involves reducing the
rows of the database in terms of redundant objects (rows).
Rule generation involves the generation of If-Then rules from
the database. Then the ANN is trained to learn in order to
predict the damage conditions.

5. Experimental Validation

5.1. Test Structure. The test structure is a steel truss with 14
bays, shown in Figure 1. Each bay is 585mm long, 490mm
wide, and 350mm high. Totally, the steel truss has 52
longitudinal rods, 50 crosswise rods, and 54 diagonal rods.
Each rod is forged with steel pipe. The section of the rods is
hollow circular with an outer diameter of 18mm, and inner
diameter of 12mm. Node board uses equilateral angle steel.
Rods are bolted on the node board. Damages of the structure
are simulated by two kinds of reduced thickness rods. One is
2mm thick, and the other is 1mm thick.

Accelerometers are mounted on each node of the struc-
ture as shown in Figure 2. The sampling interval of measure-
ments retrieved from the data acquisition system is 5min.

5.2. Establishment of Damage Database. A FE model was
built to simulate the test structure as shown in Figure 3. In
this study, three types of damage conditions are investigated,
respectively, including damage bay, damage position, and
damage degree. Since the end bays have no upper rod, the
damage bay starts from the second span. Thus 12 bays are
assumed to be damaged. In these bays, damage positions in
upper rod, diagonal rod, and bottom rod are all known. For
damage degree, we simulate the stiffness from 95% to 5%
with the interval of 5%. In total there are 19 different kinds of
damage degrees. Combining these three damage conditions,
we have 684 damage conditions in total.
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Table 12: Attribute set 3 rules generation for damage position.

Damage case Natural frequency Third order strain mode
1 2 3 1 2 3 4 5 6 7 8 9 10 11 12

1 3 10 8 1 1 1 4 4 3 3 1 1 1 1 1 1
2 3 9 7 1 1 1 4 4 3 3 1 1 1 1 1 1
⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ ⋅

273 3 2 3 1 1 1 1 1 3 3 4 4 1 1 1 3
274 2 2 3 1 1 1 1 2 3 3 4 4 1 1 1 3

Table 13: Damage identification by using attribute set 1.

Expectation Bay Position Degree Recognition Bay Position Degree
1 7 upper 28.8% 1 7.32 1.28 15.96%
2 7 upper 62.2% 2 6.93 1.02 48.53%
3 7 diagonal 28.8% 3 7.23 1.97 30.68%
4 7 diagonal 62.2% 4 7.08 2.01 57.75%
5 7 bottom 28.8% 5 7.11 3.33 10.84%
6 7 bottom 62.2% 6 7.07 3.13 20.68%
7 5 upper 28.8% 7 5.12 1.17 40.52%
8 5 upper 62.2% 8 4.88 0.74 63.84%
9 5 diagonal 28.8% 9 4.53 1.45 82.56%
10 5 diagonal 62.2% 10 4.54 1.15 35.53%
11 5 bottom 28.8% 11 5.16 2.63 68.45%
12 5 bottom 62.2% 12 5.22 3.04 72.34%

Figure 1: Test structure.

According to the FEA results, 13 structural damage
indexes are extracted, including the first three natural fre-
quencies, the first three strain modes, the first three vibration
mode shapes, modal assurance criterion (MAC), coordinate
modal assurance criterion (COMAC), curvature mode, and
natural frequency square. These indexes, together with dam-
age conditions, form a 684 rows and 124 columns structural
damage database (decision table) in this study. Table 2 lists
part of the database. Note that in the damage position
column, number 1, 2, and 3 represent the upper rod, diagonal
rod, and bottom rod, respectively.

Figure 2: Accelerometer.

5.3. Attribute Reduction. In this section, application of RS to
data reduction involves three steps (see below).

5.3.1. Step 1: Reduction of Decision Table. The damage
database is reduced in batches as shown in Tables 3, 4, and
5. From the reduced database, it can be seen that the data
volume has been greatly reduced. The core of the database
is the first three natural frequencies. In order to ensure
the integrity of the damage indexes, less reduced condition
attributes are remained. There are 3 minimum properties in
total. They are the first three frequencies with the first order
strainmode (set 1), the first three frequencies with the second
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Table 14: Damage identification by using attribute set 2.

Expectation Bay Position Degree Recognition Bay Position Degree
1 7 upper 28.8% 1 6.24 1.34 13.41%
2 7 upper 62.2% 2 7.42 1.34 35.42%
3 7 diagonal 28.8% 3 7.14 1.84 42.52%
4 7 diagonal 62.2% 4 6.73 1.93 45.14%
5 7 bottom 28.8% 5 7.24 2.04 85.31%
6 7 bottom 62.2% 6 7.21 3.54 51.96%
7 5 upper 28.8% 7 4.76 1.42 45.15%
8 5 upper 62.2% 8 4.62 0.67 13.56%
9 5 diagonal 28.8% 9 5.25 2.02 41.08%
10 5 diagonal 62.2% 10 5.11 1.44 68.28%
11 5 bottom 28.8% 11 5.62 3.52 49.31%
12 5 bottom 62.2% 12 6.21 3.13 25.19%

Table 15: Damage identification by using attribute set 3.

Expectation Bay Position Degree Recognition Bay Position Degree
1 7 upper 28.8% 1 7.22 1.17 58.74%
2 7 upper 62.2% 2 5.82 0.74 20.84%
3 7 diagonal 28.8% 3 6.81 1.88 66.68%
4 7 diagonal 62.2% 4 7.03 2.35 59.52%
5 7 bottom 28.8% 5 6.81 2.63 60.39%
6 7 bottom 62.2% 6 7.59 3.04 63.84%
7 5 upper 28.8% 7 4.84 1.14 62.56%
8 5 upper 62.2% 8 5.04 1.36 83.15%
9 5 diagonal 28.8% 9 5.14 2.44 39.16%
10 5 diagonal 62.2% 10 5.15 1.97 43.18%
11 5 bottom 28.8% 11 4.91 3.74 25.44%
12 5 bottom 62.2% 12 4.70 3.02 72.82%

Figure 3: Test structure FE model.

order strain mode (set 2), and the first three frequencies with
the third order strain mode (set 3), respectively.

5.3.2. Step 2: Discretization of Reduced Decision Table.
Through the discretization of the three attribute sets, a set
of reduced decision tables can be obtained. The attribute

sets (1, 2, and 3) are discretized according to the decision
attributes, the damage bay (DB), and the damage position
(DP), respectively.

Table 6 summarizes the intervals of each decision
attribute resulted from the discretization of the three attribute
sets. It is found that, for the decision attribute of damage
bay, the intervals are much more in the strain mode con-
dition attributes than those in natural frequency condition
attributes. While for the decision attribute of damage posi-
tion, the intervals are much more at the natural frequency
condition attributes than those in strain mode condition
attributes. The result demonstrates that the strain mode has
moreweights in identification of structural damage bay, while
the natural frequency has more weights in identification of
structural damage position.

5.3.3. Step 3: Rules Generation. Rules generation is a key
step in the RS analysis. In this study, the rules are generated
from the discretized decision table in the form of knowledge.
According to the exclusive rule extraction method, the same
condition and decision attributes are removed. Therefore,
simplified decision tables are obtained as shown in Tables 7, 8,
9, 10, 11, and 12. These decision tables demonstrate that every
single damage case is unique.
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From Table 7 to Table 12, it can be seen that the rows of
each table are decreased to less than half of the original ones
after rules generation. Each attribute set has its own rule of
damage identification. The values of rule generation result
for damage bay are less than those for damage position on
average. It illustrates that the identification of damage bay is
easier than that of damage position.

5.4. Identification of Structure Damage Using ANN. In this
section, back-propagation ANN is applied to the reduced
database for further identification of structural damages.The
reduced database in terms of attributes can be described as
the best subset of variables which describe the structural
damage database completely. This reduction in number of
attributes decreases the time of decision-making process
and consequently reduces the cost of efficiency analysis. As
mentioned above, three attribute sets are chosen as the input,
and three damage conditions are chosen as the output to train
the ANN model. The back-propagation network computes
theweights in a recurrencemode from the last layer backward
to the first layer.

Using real data obtained from the experimental testing,
we put the experimentalmeasurements into the trainedANN
input layer to identify the structural damage. The results in
Tables 13, 14, and 15 show that the RS method determines the
group of input variables and generates the structural damage
rule sets before using ANN. While the performance of the
ANN model on identification of damaged degree is not very
good, the hybrid method proposed in the paper is helpful to
construct a good identification model for structural damage,
offering an excellent performance of identifying the damaged
bay and damaged position of the test structure.

6. Conclusions

In this paper, a novel method of combining RS and ANN
methods is applied to the identification of structural damages.
This study uses RS theory and integrates the inductive
reduction algorithm and discretization algorithm based on
information entropy to improve the ANN model for struc-
tural damage identification.Through a detailed experimental
analysis of a 14-bay truss structure, this paper presents and
discusses the conversion of damage index to RS object,
predicting variables selection, removal of redundant from
information table, and rules generation. The experiments
data is preprocessed and reduced by RS before using ANN for
identifying the damages of truss structure. The identification
accuracy is mainly attributed to RS since it can remove
redundant attributes without any classification information
loss. Furthermore, the improvement in tolerance and accu-
racy with the proposed method shows that there is a great
potential for integration of various techniques to improve the
performance of an individual technique.
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Through the wind velocity and direction monitoring system installed on Jiubao Bridge of Qiantang River, Hangzhou city, Zhejiang
province, China, a full range of wind velocity and direction data was collected during typhoon HAIKUI in 2012. Based on these
data, it was found that, at higher observed elevation, turbulence intensity is lower, and the variation tendency of longitudinal and
lateral turbulence intensities withmeanwind speeds is basically the same. Gust factor goes higher with increasingmeanwind speed,
and the change rate obviously decreases as wind speed goes down and an inconspicuous increase occurs when wind speed is high.
The change of peak factor is inconspicuous with increasing time and mean wind speed. The probability density function (PDF)
of fluctuating wind speed follows Gaussian distribution. Turbulence integral scale increases with mean wind speed, and its PDF
does not follow Gaussian distribution. The power spectrum of observation fluctuating velocity is in accordance with Von Karman
spectrum.

1. Introduction

Typhoon disaster is a major disaster in China, which has
caused serious property and casualty losses annually and
threatened sustainable development along the east coast of
China. To have a better understanding of bridge destruction
reasons from typhoon, wind characteristics near ground
during typhoon attack must be studied firstly. However,
experimental simulation of typhoon is very difficult because
of its particularity. This has led to field measurement that has
been recognized as the most effective research method and
long-term direction in wind-resistant research of structure
[1]. A huge mass of data was accumulated and parts of
research result had been used in model of conduct in
developed countries, where the field-measured research in
strong wind characteristics developed earlier. Database for
wind characteristics had been built in some countries, where
the research of wind engineering is developed [2–6]. China’s

field-measured research of wind characteristics developed
later but very fast; some valuable research results had been
achieved in recent years [7–12]. Currently, most researches
on near ground wind characteristics during typhoon attack
focus on buildings; few have been performed on bridges, but
it is important for wind engineering research.

In China, health monitoring systems have been installed
on many long span bridges [13–16] to capture health states of
bridges. Among all these systems, the health monitoring of
wind load is of primary importance to bridge health mon-
itoring systems because the health monitoring information
gathered could be used in bridge design and construction.
However, current practices of strong wind characteristics
using wind load monitoring system on bridge site are still
encountering shortage.

Based on the wind data measured from the anemometer
positioned on Jiubao Bridge at 6m height, Hangzhou city,
near-ground wind characteristics under typhoon HAIKUI in
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Figure 1: Experiment site and track of typhoon HAIKUI.
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Figure 2: The location and photo of anemometers.

2012 were discussed in this paper, which include wind speed
and direction, gust factor, turbulence intensity, peak factor,
turbulence integral scale, and power spectrum of wind speed.
Obviously, such studies are useful for promotions of wind-
resistant design of bridge in the future.

2. Site Description and Measurement
Characterization

2.1. Introduction of Typhoon HAIKUI. In 2012, the 11th
tropical storm “HAIKUI” (named by HAIKUI, number 1211
tropical cyclone), named from a Chinese marine animal,
headed to the coast of East China Sea at 17:00 on August
17, 2012, and landed at Zhejiang province in the morning
of August 8. The location of the eye was 640 km from
southwest of Zhejiang province, which was very close to the
test bridge. The maximum 10min mean wind speed at 10m
height was found to be 28m/s, and the lowest pressure was
980 hPa. Figure 1 shows a satellite view of the path of typhoon
HAIKUI and the experiment site. According to the statistical
results of meteorological data from Chinese Ministry of Civil
Affairs and Disaster Reduction Office, typhoon HAIKUI
caused 6 casualties in Zhejiang, Shanghai, Jiangsu, andAnhui
provinces and forced 2.173 million people to evacuate. The
most damaged area was Zhejiang province, resulting in 7.001
million people involved, 1.546 million people were forced to
move in emergency, and almost 5100 houses were destroyed.

Jiubao Bridge was located on Qiantang River, Hangzhou.
The construction work began on December 18, 2009, and was
completed in 2012. The bridge was designed to a standard
bidirectional and six traffic lanes freeway, combining with

80 km/h of speed limit and about 1855 meters in span
length. The whole bridge health monitoring systems which
were comprised of vehicle system, wind speed and direction
measurement system, and fatigue detection system were
installed and distributed on the bridge. The meteorological
data of typhoon was detected by a two-dimensional sonic
anemometer in the wind speed and direction measurement
system (see Figure 2). The anemometer, produced by British
Gill Company, was Windsonic and has a sampling frequency
of 4Hz. Wind direction was defined north as 0∘ along a
clockwise direction varying from 0∘ to 360∘. Specifications
and parameters of anemometer were considered with the
records indicated in Table 1.

3. Study of the Field-Measured Wind Data

3.1. Mean Wind Speeds and Wind Directions. Figures 3 and
4 show the time history of wind speeds and directions of
typhoonHAIKUI from0:00 onAugust 8, 2012, to 0:00August
9, 2012. Because typhoonHAIKUI did not directly impact the
experimental site in lateral direction, an uphill and a downhill
of wind speed were observed in the time history, indicating
that a peak value was recorded.

Before analyzing wind characteristics, the overall sample
needs to be separated into several segments by a specified
time interval. They are different from regulations of time
interval of mean wind speed among standards in many
countries, such as 3 s used in America [17] and India [18]
and 10min used in Japan [19], Europe [20], and China [21].
In this paper, according to Chinese standard, wind data was
separated into 144 samples, and the maximum 10min mean
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Table 1: Specifications of anemometer.

Brand (type) Wind speed Wind direction Measurement and structure

Gill
Windsonic

Range 0–60m/s (116 Knots) Range 0–359∘ Frequency 0.25Hz, 0.5Hz, 1Hz, 2Hz
or 4Hz

Accuracy ±2%; 12m/s Accuracy ±3∘ at 12m/s Parameter U and V

Resolution 0.01m/s (0.02 Knots) Resolution 1∘ Measurement
unit

m/s, knots, mph, kph,
ft/min

Reaction
time 0.25 s Reaction

time 0.25 s Size 142mm × 160mm

Lowest 0.01m/s / / Wight 0.5 Kg
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Figure 3: Instantaneous wind speed during typhoon HAIKUI.

0

50

100

150

200

250

300

350

W
in

d 
di

re
ct

io
n

Typhoon HAIKUI

0
6

:0
0

(2
0
1
2

-0
8

-0
8

)

0
0

:0
0

(2
0
1
2

-0
8

-0
8

)

1
2

:0
0

(2
0
1
2

-0
8

-0
8

)

1
8

:0
0

(2
0
1
2

-0
8

-0
8

)

0
0

:0
0

(2
0
1
2

-0
8

-0
9

)

Figure 4: Instantaneous wind direction during typhoon HAIKUI.
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Figure 5: 10min mean wind speed during typhoon HAIKUI.
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Figure 6: 10min mean wind direction during typhoon HAIKUI.
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Figure 7: 10min mean wind speed versus mean wind direction.

wind speed was 14.12m/s. Figures 5 and 6 show time histories
of 10min mean wind speed and horizontal wind direction.
Variations of 10min mean wind speed with horizontal wind
direction were shown in Figure 7, which made the variation
trend of mean wind speed with horizontal wind direction
intuitive.
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After breaking down to 10min time interval, the wind
speed vector was resolved into three components [22], two
of which are orthogonal, namely, 𝑢

𝑥
(𝑡) and 𝑢

𝑦
(𝑡), and can

be measured synchronously by a two-dimensional sonic
anemometer, denoting directions on 𝑥-axis and 𝑦-axis,
respectively. The horizontal wind speed 𝑈 and main wind
direction 𝜙 are calculated by the following formulas:

𝑈 = √𝑢
𝑥
(𝑡)

2

+ 𝑢
𝑦
(𝑡)

2

,

cos (𝜙) =
𝑢
𝑥 (
𝑡)

𝑈

, sin (𝜙) =
𝑢
𝑦 (
𝑡)

𝑈

,

𝜙 = arccos
𝑢
𝑥
(𝑡)

𝑈

+ step (−𝑢
𝑦 (
𝑡)) ⋅ 180

∘
,

(1)

where step(⋅) is step function, 𝑢
𝑥
(𝑡) is the mean wind speed

in 10min time interval along 𝑋-direction, and 𝑢
𝑦
(𝑡) has the

same meaning along 𝑌-direction.
The longitudinal fluctuating wind speed 𝑢(𝑡) and lateral

fluctuating wind speed V(𝑡) are obtained from

𝑢 (𝑡) = 𝑢𝑥 (
𝑡) cos𝜙 (𝑡) + 𝑢𝑦 (𝑡) sin𝜙 (𝑡) − 𝑈,

V (𝑡) = − 𝑢
𝑥 (
𝑡) sin𝜙 (𝑡) + 𝑢𝑦 (𝑡) cos𝜙 (𝑡) .

(2)

3.2. Turbulence Intensity. Turbulence intensity is considered
the relative index for intensity of turbulence and then deter-
mined as

𝐼
𝑖
=

𝜎
𝑖

𝑈

(𝑖 = 𝑢, V, 𝑤) , (3)

where 𝜎
𝑖
is the standard deviation of fluctuating wind speed

for component 𝑖 (𝑖 = 𝑢, V, 𝑤).
Similar diurnal patterns of 10min fluctuating wind speed

distribution are shown in longitudinal (Figure 8(a)) and
lateral (Figure 8(b)) directions. The changes in turbulence
intensities are slow between 00:00 and 12:00 on August 8,
with average turbulence intensities being 0.47 and 0.40 and
maximum values being 0.71 and 0.67 in longitudinal and
lateral directions, respectively. In both directions, a sharp
decrease is found in the period between 12:00 and 20:00 (the
lowest average intensities being 0.16 and 0.13, resp.) before an
increase in the period between 20:00 and 00:00 on August 9
(variation ranging from 0.1 to 0.7).

Figure 9 shows both longitudinal and lateral turbulence
intensity as a function of 10min mean wind speed. The
overall turbulence intensities reduce with decreased mean
wind speed. It is clear from Figure 9 that an obvious decrease
is found in turbulence intensities before mean wind speed
approaching 8m/s, but the changes become small whenmean
wind speed is greater than 8m/s.

Table 2 shows the ratio of average longitudinal turbulence
intensity to average lateral turbulence intensity in both
domestic and international field research results. It can be
seen from Table 2 that the ratio of the case is slightly larger
than that in Peng et al. [12] and Fu et al.’s [23] results but quite
close to the results from normal storm wind and typhoon by
Li et al. [9], Cao et al. [6], and Shiau and Chen [24–26].

3.3. Gust Factor. Gust factor is defined as the ratio of
maximum gust wind speed over average gust wind speed. It
can be expressed as

𝐺
𝑢 (
𝑡) = 1 +

max (𝑢 (𝑡))
𝑈

,

𝐺V (𝑡) =
max (V (𝑡))

𝑈

,

(4)

where max(𝑢(𝑡)) and max(V(𝑡)) are the maximum gust wind
speed in the period of 𝑡 for longitudinal and lateral fluctuates,
respectively.

Figure 10 shows the distribution of 3 s gust factor as a
function of 10min mean wind speed both in longitudinal
(Figure 10(a)) and lateral (Figure 10(b)) directions. An obvi-
ous decrease of gust factor under low wind speed can be
seen, but the rate of reduction goes smaller when wind speed
becomes high.The average ratio of longitudinal gust factor to
lateral gust factor is 0.30.

3.4. Peak Factor. There is a similarity in the definition of peak
factor as of gust factor. The following expression for peak
factor which describes the intensity of fluctuating wind speed
is employed:

𝑔
𝑢
=

�̂�
𝑡
− 𝑈

𝜎
𝑢

, (5)

where �̂�
𝑡
is the maximum value of 𝑡min average wind speed

of the longitudinal component of fluctuating wind velocity
record and 𝜎

𝑢
is the corresponding standard deviation.

The quantity of peak factor was determined from the
three-second averages, shown as a function of time during
a one-day period coincident with the passage of typhoon
HAIKUI (Figure 11) and 10minmeanwind speed (Figure 12).
In each figure, the distribution of the data is in the range of
0.6 and 2.5; the average and standard deviations are 1.52 and
0.34, respectively. A noticeable decrease was found from the
analysis of the average peak factor compared with Huang’s
results [12].

3.5. Probability Density Distribution. The probability density
function of wind speed fluctuations is customarily with
Gauss hypothesis. However, a similar statistical description
of the wind speed fluctuations is generally the lack of
certainty when applied to strong typhoon. Analysis of the
wind speed fluctuations in longitudinal (Figure 13) and lateral
(Figure 14) directions confirms a fairly good agreement with
a Gaussian distribution throughmoment estimationmethod.
It is believed the wind speed fluctuations are examined as
Gaussian processes in this region of wind speed.

3.6. Turbulence Integral Scale. Turbulence is a three-dimen-
sional spatial structure, and its nine parameters correspond
to fluctuating wind speeds in longitudinal 𝑢, lateral V, and
vertical 𝑤 directional components. For example, 𝐿𝑥

𝑢
, 𝐿𝑦
𝑢
, and

𝐿
𝑧

𝑢
are the average integral scales of longitudinal-dependent
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Figure 8: Variation of turbulence intensity during typhoon HAIKUI.
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Figure 9: Variation of turbulence intensities with wind speed.

Table 2: Ratios of turbulence intensity among the turbulence components.

Research man Wind Height (m) 𝐼
𝑢
: 𝐼V Sites

Tieleman [27] Normal strong wind 5 1 : 0.80 Holland
Cao et al. [6] Typhoon Maemi 10 1 : 0.83 Japan

Shiau
Typhoon Zeb [24]

26
1 : 0.98

Taiwan, ChinaTyphoon Babs [25] 1 : 0.78
Normal strong wind [26] 1 : 0.78

Fu et al. (2008) [23] Typhoon Sanvu 10 1 : 0.7 Guangzhou, China

Peng et al. [12] Typhoon Muifa
10 1 : 0.66

Shanghai, China20 1 : 0.65
40 1 : 0.74

Present test Typhoon HAIKUI 6 (upper bridge) 1 : 0.85 Hangzhou, China
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Figure 10: Variation of gust factors with wind speed.
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Figure 11: Variation of peak factor during typhoon HAIKUI.

turbulence component fluctuations in longitudinal, lateral,
and vertical directions, respectively. Turbulence integral scale
𝐿
𝑥

𝑖
is mathematically defined as

𝐿
𝑥

𝑖
=

1

𝜎
2

𝑖

∫

∞

0

𝑅
𝑖1𝑖2
(𝑥) 𝑑𝑥, 𝑖 = 𝑢, V, 𝑤, (6)

where 𝑅
𝑖1𝑖2
(𝑥) is the covariance function of fluctuating

components in two positions.
In general, spatial correlation needs to be transferred

into time correlation by Taylor hypothesis due to the fact
that simultaneously measuring recorded points in space are
complex and difficult. Thus, turbulence integral scale can
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Figure 12: Variation of peak factor with wind speed.

be calculated by autocorrelation function integral method
depending on Taylor hypothesis and interpreted as

𝐿
𝑥

𝑖
=

𝑈

𝜎
2

𝑖

∫

𝛼

0

𝑅 (𝜏) 𝑑𝜏, 𝑖 = 𝑢, V, 𝑤, (7)

where 𝑅(𝜏) is the autocorrelation function and 𝛼 is the
variable when autocorrelation coefficient drops to 0.05 [4].

In Figure 15, turbulence integral scales of longitudinal and
lateral components determined from 10min average show a
clear dependency on 10minmeanwind speed, and increasing
quantity is recorded by increased 10min mean wind speed.
For 10minmean wind speed is greater than 8m/s, turbulence
integral scales drastically change and distributed in a large
region between 100 and 250. From the statistical analysis
of Figure 16 for the turbulence integral scales both in lon-
gitudinal (Figure 16(a)) and lateral (Figure 16(b)) directions,
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Figure 13: Probability density function of longitudinal wind speed fluctuations.
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Figure 14: Probability density function of lateral wind speed fluctuations.

a similarity of probability density distribution is observed in
each component; as it is obviously asymmetrical and differs
from a standardized Gaussian distribution, in particular at
low turbulence integral scales which is between 20 and 40, the
probability is the largest with most data locate in this region.

3.7. Correlation. Autocorrelation describes the correlation of
two dependent values of a time series at different moments.
𝑋(𝑡) is here defined as a time series, and the correlation
function can be derived as

𝑅
𝑋𝑋
(𝑡
1
, 𝑡
2
) = 𝐸 [𝑋 (𝑡

1
)𝑋 (𝑡
2
)] . (8)

Whereas 𝑋(𝑡) denotes a stationary random process, the
correlation function can be derived as

𝑅
𝑋𝑋 (

𝜏) = 𝐸 [𝑋 (𝑡)𝑋 (𝑡 + 𝜏)] , (9)

where 𝑅
𝑋𝑋

is the autocorrelation function and 𝜏 is the
delaying time.

Indicating correlation intensity of wind speed fluctua-
tions for different directions, cross-correlation coefficient can
be expressed as

𝐶
𝑅(𝑖𝑗)

=

𝑅
𝑖𝑗 (
0)

√𝑅
𝑖𝑖 (
0)√𝑅𝑗𝑗 (

0)

, (10)
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Figure 15: Variation of turbulence integral scale with 10min mean wind speed.
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Figure 16: Probability density function of turbulence integral scale.

where 𝐶
𝑅(𝑖𝑗)

is cross-correlation coefficient of wind speed
fluctuations in 𝑖 and 𝑗 directions, 𝑅

𝑖𝑗
is cross-correlation

function of wind speed fluctuations in 𝑖 and 𝑗 directions,
and 𝑅

𝑖𝑖
and 𝑅

𝑗𝑗
are autocorrelation functions of wind speed

fluctuations in 𝑖 and 𝑗 directions, respectively.
The autocorrelation coefficients for both longitudinal and

lateral wind speed fluctuations are plotted in Figure 17 at
the average level of 10min time interval. It is found that a
noticeable similarity of tendency is observed from the two
plots; in particular with 𝜏 increases, the autocorrelation coef-
ficients for both directions decrease, whereas the longitudinal
autocorrelation coefficient is shown slightly larger than the
lateral autocorrelation coefficient at the same delaying time
𝜏.

3.8. Power Spectra of Wind Speed Fluctuations. Turbulent
power spectrum is a describer of turbulent energy distri-
bution in frequency domain and characteristics of wind
fluctuation. It can be expressed as [28]

𝑆
𝑢 (
𝑛, 𝑧)

𝑈
∗2

0

=

𝐴

(1 + 𝐵𝑓
𝛽
)
𝛾
, (11)

where 𝑛 is frequency; 𝑧 is the observed height; 𝑓 denotes
reduced frequency derived as 𝑓 = 𝑛𝑧/𝑈(𝑧); and 𝐴, 𝐵, 𝛽, and
𝛾 are undetermined parameters.

Functions of power spectra densities of wind speed fluc-
tuations were expressed in accordance with the Kolmogorov
principle as Davenport spectrum, Von Karman spectrum,
Simiu spectrum, Kaimal spectrum, and Harris spectrum.
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Figure 17: Autocorrelation coefficients of longitudinal and lateral
wind speed fluctuation component.

Based on the comparisons with field measurement and wind
tunnel test, Von Karman spectrum is believed as the best
fitted function for wind speed fluctuations. The longitudinal
fluctuating component can be expressed as [25, 29]

𝑆
𝑢 (
𝑛) =

2𝑢
2
𝐿
𝑥

𝑢

𝑈[1 + (2𝑐𝑛𝐿
𝑥

𝑢
/𝑈)

2

]

5/6
, (12)

where 𝑈 is mean wind speed; 𝐿𝑢
𝑥
is longitudinal turbulence

integral scale; 𝑢2 is standard deviation of the longitudinal
fluctuating component; and constant coefficient 𝑐 is 4.2065.

Power spectral densities of the longitudinal and lateral
fluctuating components are derived from the same character-
istic of turbulence hypothesis:

𝑆V (𝑛) = 𝑆𝑤 (𝑛) =
1

2

[𝑆
𝑢 (
𝑛) −

𝑛𝑑𝑆
𝑢 (
𝑛)

𝑑𝑛

] . (13)

For isotropic turbulences, V2 = 𝑤2 = 𝑢2, 𝐿𝑥
𝑢
= 𝐿
𝑦

V = 𝐿
𝑧

𝑤
,

some equations are obtained from plugging (12) into (13):

𝑆V (𝑛) =
V2𝐿𝑦V [1 + (8/3) (𝑐𝑛𝐿

𝑦

V/𝑈)
2

]
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2

]
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,
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𝑤
2
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𝑤
[1 + (8/3) (𝑐𝑛𝐿

𝑧

𝑤
/𝑈)

2

]

𝑈[1 + (2𝑐𝑛𝐿
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𝑤
/𝑈)

2

]
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.

(14)

If 𝐿𝑥V = 𝐿
𝑥

𝑤
= 0.5𝐿

𝑥

𝑢
for isotropic turbulences, the

expressions of Von Karman spectrum are derived from
plugging 𝐿𝑥V = 𝐿

𝑥

𝑤
= 0.5𝐿

𝑥

𝑢
into (14):

𝑛𝑆
𝑢 (
𝑛)

𝜎
2

𝑢

=

4𝑓

(1 + 70.8𝑓
2
)
5/6
,

𝑛𝑆
𝑖 (
𝑛)

𝜎
2

𝑖

=

4𝑓 (1 + 755.2𝑓
2
)

(1 + 283.2𝑓
2
)
11/6

, 𝑖 = V, 𝑤.

(15)

In Figures 18 and 19, field-measured power spectral
densities of longitudinal and lateral fluctuate components are

shown at wind speed of 13.56m/s and 7.88m/s, presenting
a good agreement with the Karman empirical spectra for
the whole set of data. However, the PSD data estimated by
field measurement are slightly larger than that by empirical
method when the reduced frequency 𝑛𝑧/𝑈(𝑧) is smaller than
0.1 or larger than 0.1.

4. Conclusions

Through a full-scale wind speed and direction monitoring
system on Jiubao Bridge inHangzhou city, this paper presents
a reliable study of wind speed and direction characteristics
during typhoonHAIKUI, such as timehistories ofmeanwind
speed and direction, turbulence intensity, peak factor, gust
factor, probability distribution of fluctuating velocity com-
ponent, correlation among fluctuating velocities, turbulence
integral scale, and the power spectrum of fluctuating velocity,
and the results are summarized as follows.

(1) Turbulence intensities decrease with increased ane-
mometer elevation for both longitudinal and lat-
eral components of mean wind speed. A remark-
able decrease of turbulence intensity is shown with
increased mean wind speed, typically at low mean
wind speeds (𝑢 < 8m/s), but an unknown tendency
when mean wind speed exceeds 8m/s. The ratio of
turbulence intensities of longitudinal component to
lateral component is 0.85 in this paper, indicating a
clear similarity with the results by Tieleman, Cao,
and Bao-Shi, whereas a certain deviation fromHuang
et al.’s results [11].

(2) Gust factors decreasewithmeanwind speed.Anobvi-
ous decrease of the change rate is found at low wind
speeds, but wind speed seems to have less impact on
the change rate when it becomes high. The average
ratio for gust factor of longitudinal component to
lateral component is 0.30. The upper and lower peak
factors are recorded as 0.6 and 2.5; the average and
standard deviation are 1.52 and 0.34, respectively. A
noticeable decrease is found from the analysis of the
average peak factor compared with Peng et al.’s results
[12].

(3) Probability density distribution of wind speed fluc-
tuations at different wind speeds agrees well with
a Gaussian distribution, which means the full-
measured recorded data of wind speed fluctuations
are in accordance with Gauss assumption.

(4) Increasing quantity of turbulence integral scales is
recorded by increased 10min mean wind speed. A
similarity of probability distributions of turbulence
integral scales of the three components is that each
distribution is obviously asymmetrical and does not
follow a standardized Gaussian distribution.

(5) Power spectral densities of recorded wind speed
fluctuations are fairly good in agreement with Von
Karman spectrum.
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Figure 18: Power spectral density of fluctuation wind speed components (𝑈 = 13.56m/s).
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Figure 19: Power spectral density of fluctuation wind speed components (𝑈 = 7.88m/s).
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After the Wenchuan earthquake in 2008, the Zipingpu concrete faced rockfill dam (CFRD) was found slabs dislocation between
different stages slabs and the maximum value reached 17 cm. This is a new damage pattern and did not occur in previous seismic
damage investigation. Slabs dislocation will affect the seepage control system of the CFRD gravely and even the safety of the dam.
Therefore, investigations of the slabs dislocation’s mechanism and development might be meaningful to the engineering design of
the CFRD. In this study, based on the previous studies by the authors, the slabs dislocation phenomenon of the Zipingpu CFRDwas
investigated.The procedure and constitutive model of materials used for finite element analysis are consistent.The water elevation,
the angel, and the strength of the construction joints were among major variables of investigation. The results indicated that the
finite element procedure based on a modified generalized plasticity model and a perfect elastoplastic interface model can be used
to evaluate the dislocation damage of face slabs of concrete faced rockfill dam during earthquake.The effects of the water elevation,
the angel, and the strength of the construction joints are issues of major design concern under seismic loading.

1. Introduction

A large earthquake (Ms = 8.0) occurred on May 12, 2008, in
Wenchuan, Sichuan Province, China. AfterWenchuan earth-
quake, field investigations showed that there were extensive
dislocations of face slabs along construction joints between
the second and third stages. The phenomenon of dislocation
of face slabs was previously summarized [1, 2]. The damage
mechanism of Zipingpu CFRD was also analyzed [1] based
on field investigation. It was concluded that dislocations of
face slabs were due to the permanent deformation of the
dam and the lower strength of the construction joints as
compared to the concrete slabs. However, most of these
summaries are phenomenological in nature.There have been
few numerical studies until now because of the limit of the
rockfill constitutive model development.

So far the equivalent linear analysis based on viscoelastic
constitutive models [3] is the main method used for the
dynamic response analysis of high CFRDs [4–6]. However,

the deformation calculated by the equivalent linear analysis
was elastic deformation and returned to zero at the end of
earthquake. That is to say, the seismic residual deformation
of the dam, which is important for the seismic design of
high CFRDs, cannot be obtained directly by this method,
especially the deformation history. To cover the shortage,
two approximate approaches are usually used to evaluate the
residual deformation of dams additionally. One is the limit
equilibriummethod for rigid block—Newmark sliding block
analysis [7]—based on the yield acceleration concept and
the other one is the global deformation method based on
the strain potential concept [8]. However, in the above two
approaches, dam’s dynamic response analysis and residual
deformation calculation process are separated artificially. In
fact, the residual deformation mainly occurred during the
earthquake.

Therefore, developing the elastic-plastic model of the
rockfill materials and related analysis procedure is important
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Figure 1: Dislocations of face slabs along construction joints between second and third stages.

for the CFRD dynamic analysis and earthquake damage sim-
ulation. Based on the generalized plasticity theory [9, 10], the
authors developed an elastic-plastic constitutive model of the
rockfills. The model could consider the pressure dependency
of rockfill materials under loading, unloading, and reloading
conditions and was used to simulate the construction process
and the dynamic responses of the Zipingpu CFRD during
Wenchuan earthquake successfully [11, 12].

In this paper, the validated dynamic finite element pro-
cedure was used to conduct a series of studies on the 3D
dynamic analysis in gaining additional insight into the effects
of water elevation, angle, and strength of the construction
joints on the performance of the slabs dislocation during
earthquake loading. The major results of study are summa-
rized and discussed.

2. Slabs Dislocation of Zipingpu Dam during
Wenchuan Earthquake

Zipingpu CFRD was obviously damaged during Wenchuan
earthquake [1, 2]. Detailed information of the dam has been
previously provided by the authors [12]. Serious dislocation
damage also occurred between stages II and III slabs at EL.
845m, as shown in Figure 1. The steel rebar in the concrete
slabswas bended to “Z” shape (Figure 1(b)). Concrete cracked
and fell off below the construction joints at EL. 845.

3. Constitutive Model

3.1. Generalized PlasticityModelModified for Rockfills. In this
study, the modified generalized model was used for the rock-
fill materials, and a perfect elastoplastic interface model with
pressure-dependent shear stiffness was employed to simulate
the interfaces between the face slabs and cushion gravel. For
further details, refer to [11, 12].This paper focuses on the slabs
dislocation of the dam during strong earthquakes.

4. Parameters Identification

4.1. Rockfill Materials. The rockfill material parameters are
provided in Table 1 [12].Themodel parameters are consistent
with those used in the simulation of the construction process

of the Zipingpu CFRD, and the capacity of the constitutive
model in describing the virgin loading, unloading, and
reloading and cyclic loading responses of the Zipingpu
rockfillmaterial is demonstrated in the previous paper [11, 12].

4.2. Interface. The interfaces between the concrete slabs and
cushion gravel were experimentally investigated by Zhang
and Zhang [13, 14]. The perfect elastoplastic interface param-
eters were calibrated using their test results and are listed in
Table 2 [12].

4.3. Vertical Slab Joints and Peripheral Joints. The linear
elastic interface model was used for slab joints and peripheral
joints. The parameters used in the dynamic analysis were
consistent with those in the previous study [12].

4.4. Construction Joints. In this study, the linear elastic
interface model was also used for construction joints and
the constructions were simulated based on the reduced
shear strength of concrete, the parameters are the same
with that used in [11, 12]. The dynamic shear strength of
the construction joints was assumed to be 0.545MPa in the
dynamic analysis and 1.365MPa in the static simulation.

5. Finite Element Analysis

5.1. 3D FE Program. With the developed elastic-plastic
model of the rockfill and interface model mentioned above,
using the object-oriented programming method, the authors
completed a three-dimensional finite element program—
geotechnical nonlinear dynamic analysis (GEODYNA) [15].
The GEODYNA program was used to simulate the construc-
tion process and dynamic responses of the Zipingpu CFRD
successfully.

5.2. FE Mesh. The same 3D finite element mesh of the
Zipingpu CFRD used in the construction process simulation
was adopted for the dynamic analysis [12]. In total, 23,994
elements were included in the mesh, including 614 slab
elements. Finally, the hydrodynamic pressure acting on the
face slabs was simulated in the dynamic analysis using the
adding mass method [16]; the mass element was defined by
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Table 1: Rockfill material parameters in the modified generalized plasticity model.
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Table 2: Parameters of the concrete-gravel interfaces of the Zip-
ingpu CFRD.
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single node, concentrated mass components. There are 317
added mass elements in total.

5.3. Input Ground Motions. As no bedrock acceleration time
histories were recorded at the dam site during Wenchuan
earthquake, bedrock acceleration time histories measured at
Mao Town, which is located 75 km fromZipingpuDam, were
adopted as input ground motions [17]. The acceleration time
histories and acceleration response spectrum are shown in
Figure 2. The measured horizontal acceleration time history
at Mao Town was scaled to have a PGA of 0.55 g and the
vertical one was assumed to be 2/3 of the horizontal.

6. Results and Discussions

The dynamic responses of the Zipingpu CFRD, including
the acceleration and the dam settlement during earthquake,
were described in the previous study [12]. In this paper, the
slabs dislocation and its main influenced factors would be
discussed mainly.

6.1. Water Elevation. During the Wenchuan earthquake,
the reservoir water elevation was at 828.76m, which was
lower than the construction joint elevation (EL. 845m)
between stages II and III slabs. In this study, the water
elevation was taken as EL. 828m and 878m (full reservoir
elevation) to study its influence. The simulated dislocation
distribution of the construction joints between stages II
and III slabs with the water elevation of EL. 828m, at the
end of the earthquake shaking, is illustrated in Figure 3,
and the maximum dislocation reached 7.98 cm. Though the
maximum simulated dislocation was less than the measured
dislocation (17 cm), the distribution is similar.This difference
of dislocation value could be because only shear failure was
considered in this study, while in reality tensile damage may
have contributed to the dislocation due to the separation
of the slabs from the cushion layers. Figure 4 reveals the
development of the dislocation history of the construction
joint element in which the maximum dislocation occurred
during earthquake shaking with different water elevations.
When the water elevation reached EL. 878m, the maximum
dislocation displacement was only 0.91 cm. It indicates that
the water elevation has a greater impact on the dislocation
of face slab. This indicated that water pressure supported the
upper part of the dam when the water elevation was higher

than the joint elevation. Without the support, the face slabs
dislocation would develop more easily.

However, it should be noted that even less dislocation
when the water elevation was higher than the joint elevation,
it is very dangerous since seepage would have occurred
and affected significantly the dam’s safety. It is therefore
concluded that face slabs of CFRDneed to be reinforced at the
construction joints, using measures such as stretching rebar
buried in the top of the dam, in order to increase the seismic
resistance.

6.2. Angle of the Construction Joints. As shown in Figure 5,
the angle of the construction joints was designed normal to
the face slab. However, it was constructed to be horizontal.
When the water elevation is EL. 828m, the development
of the development history of the typical construction joint
element during earthquake shaking with different water
elevation was illustrated as shown in Figure 6. With the angle
being normal to the face slab, the maximum dislocation is
only 0.11 cm, which is reduced greatly compared with the
horizontal angle.

6.3. Dynamic Strength of the Construction Joints. As men-
tioned in the section of parametric identification, the
dynamic shear strength of the construction joints was consid-
ered to be lower than the whole casting concrete. In the above
analysis, the dynamic shear strength of the construction
joints was assumed as 0.545MPa. In this section, the dynamic
strength of the construction joints was taken as 0.545MPa,
1MPa, 2MPa, and 2.73MPa (without construction joints) to
research its impact on the slabs dislocation.

Figure 7 illustrated the development of the typical con-
struction joint element dislocation with different dynamic
strengths during earthquake.The dislocation value decreased
from 7.98 cm to almost zero, while the dynamic strength
increased from 0.545MPa to 2.73MPa. It could be concluded
that measures enhancing the dynamic strength of the con-
struction joints would control the slabs dislocation effectively,
such as increasing the reinforcement ratio.

7. Discussion and Conclusions

The Zipingpu dam is the highest CFRD over 150m to
be subjected to strong earthquake shaking, and the slabs
dislocation is one of the typical damage phenomena not
found in previous earthquake. This event provides a rare
opportunity to verify the seismic design and safety evaluation
procedures for high CFRDs.The 3D dynamic response of the
Zipingpu dam during the Wenchuan earthquake was simu-
lated based on a modified generalized plasticity model for
rockfill materials in gaining additional insight into the effects
of water elevation, angle, and strength of the construction
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Figure 3: The simulated dislocation distribution of the construction joints between stages II and III slabs at the end of the earthquake.
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Figure 4:The slab dislocation development during earthquake with
different water elevations.

joints on the performance of the slabs dislocation during
earthquake loading.

The dislocation phenomenon that occurred during the
Wenchuan earthquake was successfully captured by the
proposed numerical procedure; however, the calculatedmag-
nitude was smaller than the measured magnitude. This dis-
crepancy may have arisen from the linear elastic assumption
of the concrete slabs and the simple shear failure model of
construction joints employed in this study.

Designed construction joints

Face-slab

Face-slab

Cushion gravel

Real construction joints

Figure 5: Diagram of the angle of the construction joints.

The effects of the water elevation, the angle, and the
strength of the construction joints are issues of major
design concern under seismic loading. Reinforcement at
the construction joints should be enhanced to restrain the
dislocation damage of the slabs. Furthermore, the angle of
the construction joints should be designed and constructed
as normal to the slabs, which will also decrease the slabs
dislocation to a great extent.
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The structural health monitoring system (SHMS) provides an effective tool to conduct full-scale measurements on existing bridges
for essential research on bridge wind engineering. In July 2008, Typhoon Fung-Wong lashed China and hit Sutong cable-stayed
bridge (SCB) in China. During typhoon period, full-scale measurements were conducted to record the wind data and the structural
vibration responses were collected by the SHMS installed on SCB. Based on the statistical method and the spectral analysis
technique, themeasured data are analyzed to obtain the typical parameters and characteristics. Furthermore, this paper analyzed the
measured structural vibration responses and indicated the vibration characteristics of the stay cable and the deck, the relationship
between structural vibrations and wind speed, the comparison of upstream and downstream cable vibrations, the effectiveness of
cable dampers, and so forth. Considering the significance of damping ratio in vibration mitigation, the modal damping ratios of
the SCB are identified based on the Hilbert-Huang transform (HHT) combined with the random decrement technique (RDT).The
analysis results can be used to validate the current dynamic characteristic analysis methods, buffeting calculation methods, and
wind tunnel test results of the long-span cable-stayed bridges.

1. Introduction

Sutong cable-stayed bridge (SCB), the longest cable-stayed
bridge in the world when it is open to traffic in 2008, is
regarded as the engineering achievement which makes the
main span of cable-stayed bridges develop from a few hun-
dred meters to thousand meters in the last few decades. The
structural stiffness of a long-span cable-supported bridge
drops significantly with the increase in the span length, which
makes the wind-induced vibration particularly important to
bridge safety. In 1940, theOldTacoma suspension bridge acci-
dent in the United States caused by the wind-induced flutter
made the government and research institutes fully aware of
wind-induced disaster for cable-supported bridges. However,
the trend toward increasing bridge span length and deck
width did make the wind-induced buffeting effect more and
more prominent to cable-stayed structures, so the field

monitoring on wind environment conditions and wind-
induced buffeting response becomes an important topic in
wind engineering research [1–6]. It is of great significance to
conduct full-scale measurement on existing bridges, which
is an important and practical method for wind engineering
research, capable of validating the reliability of existing buf-
feting theories, determining key parameters of current buffet-
ing response calculation techniques and exploring the bridge
buffeting behavior and mechanism [7–12].

The structural health monitoring system (SHMS) inte-
grating with anemometers and vibration sensors is installed
on lots of long-span bridges all over the world at the present
time. SHMS also provides a good platform for case studies
of the research on buffeting responses of full-scale long-span
bridge structures [13]. However, further research and analysis
on measured data processing methods are required in order
to carry out the refinement analysis on bridge buffeting
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Figure 1: View of Sutong cable-stayed bridge (SCB).

responses and validate the credibility of current buffeting re-
sponse control methods and techniques. As Typhoon Fung-
Wong passed through China from 29 to 30 July 2008, the full-
scale measurements on strong wind characteristics were car-
ried out by using the high-precision three-dimensional ultra-
sound anemometers, and the typhoon samples through the
bridge spotwere obtained. Based on the data recorded by ane-
mometers and accelerometers in the SHMS of SCB, themeas-
ured buffeting response characteristics of some key compo-
nents under Typhoon Fung-Wong were investigated in the
paper. The results can provide the measured information for
wind-induced buffeting safety assessment of SCB based on
the SHMS and the reference values for wind-resistant design
of other similar long-span cable-stayed bridges.

2. Project Background

The studied structure in this paper, SCB, is located in the east-
ern part of Jiangsu province between Nantong and Suzhou,
as shown in Figure 1. According to the highest construction
standards, SCB is a super-long-span cable-stayed bridge con-
structed by the complicated and advanced modern tech-
niques. Now, SCB is the second longest cable-stayed bridge
in the world and a record-breaking project in the bridge-
building history.

SCB is a double-tower double-cable-plane steel-box-gird-
er cable-stayed bridge with a main span of 1088m, as shown
in Figure 2(a). Streamline flat steel-box-girder is employed as
bridge deck, as shown in Figure 2(b). The total width of the
girder is 41.0m. Without wind mouth, the width of the roof
is 35.4m, the bottom is 9.0 + 23.0 + 9.0m, and the height of
the deck at centerline is 4.0m. Parallel wire cables are adopted
for structural suspension system, and the typical distance
between each cable on the deck is 16m. The back cable is in
the side span, and the distance between cables on towers is
2m. The number of cables on the bridge totally is 4 × 34 ×
2 = 272. The longest length of the cable is about 577m, and
the largest size of the cable is PES7-313. Main towers are in-
verted Y-shaped structures, including upper tower columns,
middle tower columns, lower tower columns, and lower
beams. The height of main towers is 300.4m, which is
230.41m height above the bridge deck. Between main towers
and the deck, there are horizontalwind-resistant bearings and
vertical viscous dampers. The type of main tower foundation

is 131 bored piles with the inner diameter of 2.8m.The layout
of piles is quincunx and 117m in length. The pile caps are
dumbbell-shaped; the plane size of each pile cap is 51.35m ×
48.1m; and the thickness is shifted from 5m on the edge to
13.324m.The size of connection beam between two pile caps
is 11.05m × 28.1m and 6m in thickness.

3. Description of Typhoon Fung-Wong

SCB is located in the downstream near the estuary of the
Yangtze River.The climate zone of the bridge site is inmidlat-
itude region and is part of subtropical southern moist mon-
soon climate.Themonsoon circulationmainly dominates the
climate of this area, which is mild, for four distinct seasons
with abundant rainfall; as a result, the climate is neither like
that of inland areas nor that of marine areas. The typhoon
during summer season likely induces the major critical
source of wind loads for bridge structures.

Reported by Taiwan Central Weather Bureau, the Ty-
phoon Fung-Wong developed and was defined as a tropical
depression on 25 July 2008 with its intensity increased con-
tinuously. Typhoon Fung-Wong entered into Taiwan at 6:50
local time (UTC+8) on 28 July and arrived Fujian province at
23:10 on 28 July. On the afternoon of 29 July, Typhoon Fung-
Wong attacked the southeastern part of the Jiangsu province,
and it finally weakened into tropical storm around 15:00 on 31
July. Measured wind data showed that it went across the site
of Sutong bridge between 23:46 on 29 July and 2:46 on 30
July. Figure 3 shows the route of Typhoon Fung-Wong. For-
tunately, the strength of Typhoon Fung-Wong was moderate
and it did not hit the Sutong bridge directly. Figure 4 shows
the typical samples of the simultaneous measurements of Ty-
phoon Fung-Wong from SHMS at the midspan of SCB.

4. Full-Scale Measurements on Sutong Bridge
during Typhoon Fung-Wong

4.1. Structural Health Monitoring System of SCB. Taking into
account the importance and research value of SCB structure,
SHMS is employed to predict and assess the health condition
of SCB during both construction stage and operation stage.
The overall sensor layout is shown in Figure 5.

Four 3D anemometers are installed in the SHMS of SCB.
Two anemometers are employed separately on the top of the
south and north tower each; the other two are placed on the
upstream and downstream side of the middle of the deck.
These anemometers on the SHMS can provide the measured
data of wind environment at the bridge spot. Forty dual-axis
accelerometers and six triple-axis accelerometers were inte-
grated in the SHMS of SCB to monitor vibration responses
of key components, such as the deck, cables, and main tower
structures.This paper focuses on the analysis of the data reco-
rded by the accelerometers installed on the deck and cables
under the typhoon condition.

4.2. Additional Field Measurements on Typhoon Fung-Wong.
The SHMS provides only average or maximum wind speed
and direction data. It does not collect continuous time history
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Figure 2: Configurations of Sutong bridge.

Figure 3: Moving track of Typhoon Fung-Wong.

wind speed and direction data when the frequency is greater
than 1Hz. Because of this limitation, the 1590-PK-020 three-
dimensional ultrasonic anemometer with high sampling fre-
quency and precision was installed in the midspan of SCB for
the additional field measurements during strong winds. The
1590-PK-020 anemometers are produced by the Gill Instru-
ments Limited, as shown in Figure 6.

Figure 7 shows the photo of adjusting the measurement
instruments during Typhoon Fung-Wong. The operational
temperature of anemometers was −40∼+70∘C, available
sound velocity was 300∼370m/s, and the allowable humidity
for the instrument was 5%∼100%. In order to avoid the excess
of measured data caused by the too-long recording time, the
sampling frequency in this study was set to 20Hz. For accu-
rately measuring the wind direction variation in typhoon pe-
riod, polar coordinate systemwas selected as the outputmode
of data. The wind speed measuring range for the instrument
in the test was set to 0∼45m/s; themeasurement accuracywas
set to 0.01m/s; the wind direction range was set to 0∼359.9∘
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Figure 4: Samples of Typhoon Fung-Wong.

with 0.1∘ as the measurement accuracy. North wind was de-
fined as 0∘ for anemometers data, and clockwise rotation is
defined as positive direction. For the buffeting response anal-
ysis of SCB, the north direction of anemometers was set to
point at Nantong along the axis of the bridge when installed.
Since there was a 10.6∘ angle difference between the North-
South direction and the longitudinal axis of the bridge, the ac-
tual wind direction is the sumof themeasuredwind direction
and the angle difference.
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Figure 5: Layout of sensors in SHMS of SCB.

Figure 6: 3D sonic anemometer.

5. Measurement and Analysis of Typhoon
Fung-Wong at Bridge Site

Compared to the anemometers installed in the SHMS, the
anemometers used in the fieldmeasurements have higher fre-
quency and accuracy. Therefore, the wind data recorded at
the bridge spot by using the 1590-PK-020 anemometer during
Typhoon Fung-Wong were selected for analysis in this study.
Consequently, the comparison and the verification of wind
characteristics between SHMS results and additional field
measurementswere conducted, which indicates that themax-
imum values, the mean values, and the turbulence wind
parameters are in good agreement during the same period.

Figure 7: Adjusting the measurement instruments.

5.1. Wind Speed and Direction. Measured data indicates that
wind speeds during 23:46 on 29th July to 2:46 on 30th July are
relatively stable and large. As a result, the characteristics of
strong wind during the three hours are selected for analysis.
The time interval is 1min in the analysis and there are total
180 time intervals. The mean wind speed and direction of
Typhoon Fung-Wong when it passed through the SCB spot
are shown in Figures 8(a) and 8(b), respectively.

Figure 8 shows that the mean wind speeds per minute
during Typhoon Fung-Wong at the bridge spot in the selected
time period are in the range of 10m/s to 20m/s, the mean
wind speed in the selected period is 15.02m/s, and the max-
imum value is 19.48m/s at the point 108min corresponding
to 01:34 on 30th July. The main wind direction is ESE and it
mainly changes from 115∘ to 124∘. Comparedwith the other ty-
phoons [11], the wind speed variation during Typhoon Fung-
Wong is relatively small, and the wind direction is stable. It is
clear that the wind speed reaches the peak value for around
70 minutes from the measured data at point 90min to those
at point 160min (corresponding time is from 1:16 to 2:26 on
30th July) in the selected time period, and the variation of
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Figure 8: Mean wind speed and the direction of Typhoon Fung-
Wong.

the wind speed and direction is relatively small. Therefore,
this time period can be chosen as the case study for full-scale
measurement on buffeting response of SCB during Typhoon
Fung-Wong.

5.2. Turbulence Intensity. As one of the key parameters deter-
mining the turbulence wind load acting on the structure, tur-
bulence intensity reflects the intensity of the fluctuatingwind,
which can be calculated by

𝐼
𝑖
=

𝜎
𝑖

𝑈

(𝑖 = 𝑢, V) , (1)

where𝑈 is the horizontal average wind speed; 𝜎
𝑖
is the stand-

ard deviation of the fluctuating components during the user-
defined averaging time interval.

During the Typhoon Fung-Wong, the along-wind and
across-wind turbulence intensity (𝐼

𝑢
and 𝐼V) were calculated

with time interval of 10 minutes, and the results were shown
in Figure 9.

As shown in Figure 9, the mean values of 𝐼
𝑢
and 𝐼V of

Typhoon Fung-Wong at bridge site were 10.14% and 9.04%,
respectively, whereas the maximum values of 𝐼

𝑢
and 𝐼V were

13.96% and 13.13%, respectively. The current wind-resistant
design specification for China highway bridges [14] suggests
that the 𝐼

𝑢
at 50∼70m above ground at the open-sea field

should be about 11%. Obviously, the measured results were
a little lower than the specification value. Meanwhile, the
specification suggests that 𝐼V should be equal to 0.88 𝐼𝑢 when
there are no measured data. In this study, 𝐼V was equal to
0.89 𝐼

𝑢
based on the mean values of the measured turbulence

intensity, which showed that the measured results are well
consistent with this rule. Figure 9 also indicates that there was
an obvious correlation between the 𝐼

𝑢
and the 𝐼V, and both of
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Figure 9: 10min turbulence intensity of Typhoon Fung-Wong.

8

6

10

12

14

8 9 10 11 12 13 14 15

Iu (%)

I v
(%
)

Figure 10: Relationship between 𝐼
𝑢
and 𝐼V of Typhoon Fung-Wong.

the turbulence intensity maximums appeared at the 18th data
point, which is shown in detail in Figure 10.

5.3. Turbulence Integral Length Scale. The turbulence integral
length scale of the boundary layer of the atmosphere usually
fluctuates in a wide range. Based on themeasured wind speed
and direction with time interval of 10minutes, the turbulence
integral length scale was calculated using the autocorrelation
function integral method as follows [1]:

𝐿
𝑥

𝑖
=

𝑈

𝜎
2

𝑖

∫

∞

0

𝑅
𝑖 (
𝜏) 𝑑𝜏 (𝑖 = 𝑢, V) , (2)

where 𝑈 is the horizontal average wind speed; 𝜎
𝑖
is the stan-

dard deviation of velocity fluctuations; and 𝑅
𝑖
(𝜏) is the auto-

correlation function of turbulence component 𝑖; the upper
limit of integration uses the value of 𝜏 when the correspond-
ing correlation coefficient decreases to 0.05. The along-wind
and crosswind turbulence integral length scale, 𝐿𝑥

𝑢
and 𝐿𝑥V,

were shown in Figure 11, respectively.
As shown in Figure 11, most of the 𝐿𝑥

𝑢
values range from

80m to 220m. The maximum, mean, and minimum 𝐿𝑥
𝑢

values were 314.7m, 131.5m, and 18.8m, respectively. The 𝐿𝑥V
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Figure 11: Turbulence integral length scale of Typhoon Fung-Wong.

value changes mainly from 30m to 100m. The maximum,
mean, and minimum 𝐿𝑥V values were 131.0m, 59.3m, and
11.9m, respectively. The comparison results among the Ty-
phoons “Fung-Wong,” “Matsa,” and “Wipha” [4] show that the
turbulence integral length scales of different strongwinds dif-
fer greatly. The turbulence integral length scales for each ty-
phoon are case-sensitive.

5.4. Turbulence Power SpectrumDensity. The specification in
China [14] adopts the horizontal wind spectrum expression
suggested byKaimal in 1972 as the design spectrum.Thewind
speed at 𝑍 altitude is 𝑈; then the along-wind turbulent wind
power spectrum density function is defined as

𝑛𝑆
𝑢 (
𝑛)

(𝑢
∗
)
2
=

200𝑓

(1 + 50𝑓)
5/3
. (3)

In (3), 𝑆
𝑢
(𝑛) is the along-wind spectral density function, 𝑛

is the natural fluctuation frequency, 𝑓 is the Monin coordi-
nate and 𝑓 = 𝑛𝑍/𝑈, and 𝑢∗ is the airflow friction speed.
Because there are nomeasured data of 𝑢∗, the variance of cor-
responding fluctuating component of wind velocity can be
calculated by the energy unitary method as [15]

𝜎
2

𝑢
= 6(𝑢

∗
)
2
. (4)

The comparison of the measured along-wind turbulence
power spectral density function at the bridge site and the
Kaimal spectrum is shown in Figure 12(a), where the value of
(𝑢
∗
)
2 is 0.968 (m/s)2 obtained by (4), and spectral analysis is

then calculated by using the maximum 10min wind speed.
The Hamming window was adopted to reduce the signal
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Figure 12: Analysis of along-wind turbulence power spectrum of
Typhoon Fung-Wong.

leakage in the frequency domain caused by signal truncation
in the time domain, and the segment smoothing technique
was used to reduce the random error of spectral estimates.
The comparison of the along-wind turbulence power spec-
trum at the period before typhoon (the mean wind speed is
12.28m/s), the period during typhoon (the mean wind speed
is 15.02m/s), and the period after typhoon (the mean wind
speed is 13.98m/s) is shown in Figure 12(b).

As shown in Figure 12(a), the measured along-wind tur-
bulence power spectrum density of Typhoon Fung-Wong co-
incided well with the Kaimal spectrum in general. Compared
with Kaimal spectrum, the measured spectrum coincided
well with it in the middle frequency region from 0.04Hz to
0.25Hz, and it was a little higher in both the low frequency
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and the high frequency regions, which is the difference
between the distribution characteristic of the measured wind
spectrums of the Typhoons “Matsa,” “Khanun,” and “Wipha”
[4]. Figure 12(b) shows that, with the increase of the mean
wind speed during typhoon, the measured turbulence power
spectrum value became larger, which was consistent with the
existing conclusions.

Since the measured spectrum curve of Typhoon Fung-
Wong was a little higher in both the low and the high fre-
quency regions, therefore, the curve expression with inflec-
tion points should be employed when fitting the curve. If the
expression in (2) to fit the curve was selected, the inflection
points that exist in the along-wind turbulence power spec-
trum of Typhoon Fung-Wong cannot be reflected. Since the
turbulence power spectrum density function is the basis of
wind field simulation, therefore, it is essential to propose a
new spectrum expression for accurately simulating the three-
dimensional turbulence wind field at bridge site.

The vertical turbulence power spectrum function often
adopts the Panofsky spectrum:

𝑛𝑆
𝑤 (
𝑛)

(𝑢
∗
)
2
=

6𝑓

(1 + 4𝑓)
2
. (5)

In (5), 𝑆
𝑤
(𝑛) is the vertical spectral density function; the

other symbols are identical to those defined in (2). The com-
parison between the measured vertical turbulence power
spectrum function and Panofsky spectrum can be seen
in Figure 13(a), and the comparison of the vertical turbu-
lence power spectrum at the period before typhoon, during
typhoon, and after typhoon is shown in Figure 13(b).

As indicated in Figure 13(a), the measured vertical turbu-
lence power spectrum density of Typhoon Fung-Wong did
not fit well with the Panofsky spectrum. The measured spec-
trum was higher than the Panofsky spectrum in the middle
frequency domain from 0.02Hz to 1Hz, which was similar
to the measured results from the SHMS. Therefore, the dis-
crepancy of Typhoon Fung-Wong was mainly caused by the
characteristic of the Typhoon Fung-Wong itself. Figure 13(a)
also shows that the measured vertical spectrum expression
still has inflection points while the Panofsky spectrumdoesn’t
have. If (4) was used to fit the measured spectrum curve by
revising the correlation parameters, however, it is difficult to
make the measured spectrum coincide perfectly with the
Panofsky spectrum in anyway. In addition, Figure 13(b) also
shows that, due to the characteristic of Typhoon Fung-Wong
itself, the measured vertical turbulence power spectrum
values were not obviously influenced by wind speed, which is
quite different from other typhoons [11]. The above wind
characteristics of Typhoon Fung-Wong should be paid atten-
tion to during the wind-induced buffeting analysis.

6. Buffeting Analysis of SCB Based on
Field Measured Data

The 8310-type acceleration sensors, produced by the Kistler
Company in Switzerland, are used in the SHMSof SCB.Refer-
ring to the sensor parameters, the allowable operation tem-
perature ranges from −40 to +85∘C and the setup sampling
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Figure 13: Analysis of the vertical turbulence power spectrum of
Typhoon Fung-Wong.

frequency is 20Hz. Each sensor was carefully calibrated be-
fore installation. During Typhoon Fung-Wong, acceleration
responses at the key sections were real-time recorded. Since
the influence of temperature and vehicle load was relatively
little at night, the data from 1:16 to 2:16 on 30th July 2008 was
analyzed.

6.1. Buffeting Acceleration Response Analysis of the Deck Based
on Measured Data. In the SHMS of SCB, the vibration re-
sponses at seven key sections of the deck were selected to be
monitored, including five sections at the main span and two
sections at the side span.The layout of sensors in each section
is shown in Figure 14.
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Figure 14: Layout of sensors for deck vibration monitoring in SCB.
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Figure 15: Measured lateral, vertical, and torsional accelerations.

In this paper, the measured acceleration responses at the
midspan section of the deck (sectionACC2-5) were analyzed,
as shown in Figure 15. The lateral (Lat) and vertical accelera-
tion (Ver Acc) responses were the average of recorded data
from two sides of the same section. Torsional acceleration
(Tor Acc) response was obtained from dividing the difference
of twomeasured vertical acceleration data by 31.8m (distance
between the two sensors). For convenience of comparison,
the torsional acceleration responses weremultiplied by 15.9m
(half of the distance between the two vertical sensors).

6.1.1. The Measured Acceleration Response RMS Value of
the Deck. In order to analyze the relationship between the
measured acceleration response and the wind speed, the
1min measured acceleration response RMS values of section
ACC2-5 was calculated. The relationship between the 1min
RMS values of measured lateral, vertical, and torsional accel-
eration responses of the deck and the 1 min mean wind speed
is plotted in Figure 16. As shown in Figure 16, the lateral,

vertical, and torsional acceleration response RMS values
of the deck generally increase with wind speed. However,
some randomness appears because of the influence of the
stochastic factors such as the wind direction and the spatial
correlation. Without the decomposition of wind direction, it
is difficult to obtain an effective evaluation equation based on
the relationship of themeasured acceleration RMS values and
the wind speed.

6.1.2. Spectral Analysis of Measured Acceleration Response
of the Deck. Spectral analysis on lateral, vertical (upstream
and downstream), and torsional acceleration responses at
the midspan of the deck was carried out by means of FFT
technique and the analysis results are shown in Figure 17. In
the analysis, the Hamming window was used to reduce the
signal leakage in the frequency domain and the piecewise
smoothing technique was used to reduce the random error
of spectral estimates. 1-hour sample data (72000 numbers)
were divided into 19 subsegments. The length of subsegment
was selected as 6min (7200 numbers) and the overlapped
length was 3min (3600 numbers). Figure 17 shows that the
measured results of upstream and downstream sides at the
same section were in agreement, so the credibility of sensors
was validated.

The natural frequencies of the Sutong bridge are obtained
from the spectral analysis [16]. The natural frequencies
obtained by the FEmethod, themeasured frequencies during
TyphoonFung-Wong, andnormalwindy conditions are com-
pared.The 1st lateral bending, vertical bending, and torsional
vibration of the deck were listed in Table 1. Table 1 also shows
the modal damping ratios identified during different wind
conditions.

As shown in Table 1, all of natural frequencies of the first
mode during Typhoon Fung-Wong are lower than those dur-
ing normal windy conditions, which is consistent with the
phenomenon presented by Siringoringo and Fujino [17]. The
𝐸
𝑓2

values exhibit that the measured first vertical, lateral
bending, and torsional modes of the deck during Typhoon
Fung-Wong could match the FE calculated modes well, and
all four 𝐸

𝑓2
values are less than 5%. Therefore, the existing

FE model is capable of carrying out structural analysis
reliably. In addition, the 𝐸

𝑓2
value associated with the lateral

bending mode is relatively large, which is mainly due to the
horizontal wind-resistant bearings installed on SCB. These
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Figure 17: Spectra of deck acceleration response at the middle of the deck.
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Table 1: Natural frequencies and modal damping ratios of the SCB.

Vibration modes 1st sym L 1st sym V 1st sym T 1st anti-sym T
𝑓mf (Hz) 0.112 0.186 0.542 0.611
𝑓mn (Hz) 0.118 0.195 0.558 0.629
𝑓
𝑐
(Hz) 0.107 0.185 0.544 0.603
𝜁
𝑓
(%) 3.65 3.24 1.23 1.26
𝜁
𝑛
(%) 2.73 2.41 0.80 0.85
𝐸
𝑓1

(%) −5.4 −4.8 −3.0 −2.9
𝐸
𝑓2

(%) 4.5 0.5 −0.4 1.3
𝐸
𝜁

25.2 25.6 34.9 32.5
Note: sym: symmetric; L: lateral; V: vertical; T: torsional; 𝑓mf: frequency measured during Typhoon Fung-Wong; 𝑓mn: frequency measured during normal
wind; 𝑓𝑐: calculated frequency based on FE method; 𝜁𝑓: damping ratio identified during Typhoon Fung-Wong; 𝜁𝑛: damping ratio identified during normal
wind; 𝐸𝑓1 = [(𝑓mf − 𝑓mn)/𝑓mf] × 100%; 𝐸𝑓2 = [(𝑓mf − 𝑓𝑐)/𝑓mf] × 100%; 𝐸𝜁 = [(𝜁𝑓 – 𝜁𝑛)/𝜁𝑓] × 100%.

bearings are used to limit the transverse displacement of the
steel-box girder. However, the constraint of bearings could
not be accurately simulated in numerical calculation. It can
be proved that the bearings play an important role in dynamic
characteristics of long-span cable-stayed bridges.

The Hilbert-Huang transform (HHT) combined with the
random decrement technique (RDT) is used to identify the
modal damping ratios of the SCBbased on themeasured deck
acceleration response. Firstly, the measured acceleration re-
sponse is decomposed into a series of intrinsic mode func-
tions (IMF) using the empirical mode decomposition (EMD)
method. The free vibration response of associated modes of
the SCB is then obtained using the RDT. Finally, the total
damping ratios of the associated vibration modes are identi-
fied from the free vibration response by theHilbert transform
[18]. Based on the aerodynamic damping estimated from the
wind tunnel tests [1] at Tongji University, the modal damping
ratio of SCB is finally obtained by deducting the correspond-
ing aerodynamic damping ratio from the identified total
damping ratio.

Table 1 also shows that all of the natural damping ratios of
the first mode during Typhoon Fung-Wong are higher than
those during normal wind, which is also consistent with the
research results by Siringoringo and Fujino [17]. In addition,
the identified 𝜁 values corresponding to the torsional vibra-
tion modes are relatively large, which should be paid special
attention to when modeling the long-span cable-stayed
bridges.

6.2. Buffeting Response Analysis of the Cables
Based on Measured Data

6.2.1. The RMS Value of Measured Cable Acceleration
Response. Since the wind-rain induced vibrationmechanism
of cable still needs to be clarified and most of the existing
researches focus on the wind tunnel tests [19–23], the field
tests on the cable vibration responses are of great signifi-
cance. 12 cables are selected for monitoring in the SHMS
of SCB, as shown in Figure 5. Similar to the analysis of the
deck, themeasured data of in-plane and out-of-plane acceler-
ation responses of cables were analyzed at the same time.The

measured acceleration responses of the longest cable of SCB
(section ACC2-11) were analyzed here. In order to compare
with each other conveniently, the measured results of up-
stream and downstream were not averaged. The relationship
between the 1min acceleration response RMS values of sec-
tion ACC2-11 and the 1min mean wind speed is shown in
Figure 18.

As can be seen in Figure 18, the in-plane and out-of-plane
acceleration response RMS values of upstream and down-
stream stay cables increased with the wind speed. Moreover,
some randomness appears which is in agreement with the ex-
isting research results. For the same section, the in-plane and
out-of-plane vibration characteristics of both the upstream
and the downstream cables exhibit a strong correlation.
Figure 18 also indicates that, compared with the existing
results [24], both the in-plane and the out-of-plane vibration
responses of cables of SCB under Typhoon Fung-Wong are
small. This is owing to the control effects of the dampers
installed near the anchor ends of cables. In addition, Figure 18
shows that the control effects of dampers on the in-plane
vibration are obviously better than those on the out-of-plane
vibrations.

6.2.2. Spectral Analysis of Cable Measured Acceleration
Response. Similar to the analysis of the deck, spectral analysis
on in-plane and out-of-plane acceleration responses was
carried out by using FFT methods. Linear coordinates were
employed as the transverse and longitudinal axes for spectral
analysis on cables, while the combination of logarithmic co-
ordinates and linear coordinates was employed for the spec-
tral analysis on the data of deck.Therefore, it is easy to identify
the cable vibration frequencies. The spectral analysis results
of the upstream and downstream cables were compared, as
shown in Figure 19.

As shown in Figure 19, there was a clear discrepancy be-
tween the in-plane and out-of-plane acceleration response
amplitudes on the same cable. However, the in-plane and out-
of-plane vibration characteristics were very close to each
other; the frequency values of each order were almost the
same, and the contribution of each order frequency compo-
nent to vibration responses of cables was also close to each
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Figure 18: Acceleration response RMS of stay cable versus mean wind speed.
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Figure 19: Spectra of stay cable acceleration response.
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other. Although upstream frequency values are also close
to the values of downstream cable, the contribution of each
order frequency component to vibration responses of cables
was different. The frequencies above 3.75Hz played a sig-
nificant role in the contribution of upstream cable vibration
responses, while the frequencies above 3.38Hzdominated the
vibration responses of the downstream stay cables. Consider-
ing the structural symmetry of SCB, it can be concluded that
the wind environment of the windward and leeward cables
was different because of the wake effects.

7. Conclusions

(1) The specification suggests that 𝐼V should be equal to
0.88𝐼
𝑢
when there are no measured data. As for the

Typhoon Fung-Wong, the mean values of 𝐼V were
equal to 0.89𝐼

𝑢
based on the measured values. It

showed that themeasured results can well conform to
this rule. In addition, therewas an obvious correlation
between the 𝐼

𝑢
and the 𝐼V.

(2) The measured along-wind turbulence power spec-
trum density of Typhoon Fung-Wong coincided well
with the Kaimal spectrum in general, especially in
the middle frequency region from 0.04Hz to 0.25Hz.
However, the measured vertical turbulence power
spectrum density of Typhoon Fung-Wong did not fit
well with the Panofsky spectrum.

(3) In general, the acceleration RMS values of both the
deck and the stayed cables become larger as the
wind speed increases. The measured data also exhibit
strong randomness. Therefore, in order to obtain the
relationship between RMS values andwind speed, it is
essential to preprocess the data. For instance, decom-
pose the wind speed vectors.

(4) The calculated dynamic characteristics are in good
agreement with the measured ones, validating the re-
liability of the FE model. It provides baseline FE
model for the following comparisons between the cal-
culated and the measured results. The relatively large
difference in lateral bending frequency indicates that
the precise simulation of wind-resistant supports
is important for the modal analysis of long-span
bridges.

(5) During the Typhoon Fung-Wong, all of the natural
frequencies of the first mode are lower than those
obtained during the normal windy condition, while
all of the natural damping ratios of the first mode
during Typhoon Fung-Wong are higher. In addition,
the identified 𝜁 values corresponding to the torsional
vibration modes are relatively large, which should be
paid special attention to when conducting dynamic
analysis on SCB.

(6) The measured vibration characteristics of upstream
and downstream cables demonstrate remarkable reg-
ularity, but there was a great discrepancy on the con-
tributions of each mode frequency component. It im-
plies that the wind environments of the windward

and leeward side are different. After the wind flows
past the windward cables, the wakes affect the leeward
wind environment.

(7) The comparison between the measured data and the
results from other studies reveals the effectiveness of
dampers installed around anchor ends of the cables.
Therefore, dampers can be used to reduce the vibra-
tion acceleration of cables during the strong winds,
especially the in-plane acceleration components.
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The sudden stiffness reduction in a structure may cause the signal discontinuity in the acceleration responses close to the damage
location at the damage time instant. To this end, the damage detection on sudden stiffness reduction of building structures has
been actively investigated in this study. The signal discontinuity of the structural acceleration responses of an example building is
extracted based on the discrete wavelet transform. It is proved that the variation of the first level detail coefficients of the wavelet
transform at damage instant is linearly proportional to the magnitude of the stiffness reduction. A new damage index is proposed
and implemented to detect the damage time instant, location, and severity of a structure due to a sudden change of structural
stiffness. Numerical simulation using a five-story shear building under different types of excitation is carried out to assess the
effectiveness and reliability of the proposed damage index for the building at different damage levels. The sensitivity of the damage
index to the intensity and frequency range of measurement noise is also investigated. The made observations demonstrate that the
proposed damage index can accurately identify the sudden damage events if the noise intensity is limited.

1. Introduction

The widely used vibration-based damage assessment meth-
ods require modal properties that are obtained from signals
via the traditional Fourier transform (FT) [1, 2]. There are
a few inherent characteristics of the FT that might affect
the accuracy of damage identification. The FT is not able to
present the time dependency of signals and it cannot capture
the evolutionary characteristics that are commonly observed
in the signals measured from naturally excited structures
[3, 4]. This factor adds difficulties to the implementation
aspect of the FT-based damage detection techniques.Wavelet
transform (WT) can be viewed as an extension of the
traditional FT with the adjustable window location and size
which has recently emerged as a promising tool for structural
health monitoring (SHM) and damage detection due to its
inherent properties [5–7].

The earliest work on applying wavelet analysis in SHM
dated back to the work of Yamamato and his group in 1995.
The cumulative damage of a building with bilinear restoring

force subjected to a real earthquake ground motion was
estimated in terms of the accumulated ductility ratio, which
is related to the number of spikes in the wavelet results
[8, 9]. The wavelet approach for online detection of a sudden
stiffness loss was studied and the results were compared
with other approaches such as a neural network based
online approximation technique and the empirical mode
decomposition (EMD) method. Hou et al. [10] proposed a
wavelet-based approach to identify the damage time instant
and damage location of a simple structural model with
breakage springs. By decomposing a vibration signal in the
time domain using wavelet analysis, the discontinuity in
the signal will form a signal feature, termed damage spike,
in the wavelet details. Sohn et al. [11] incorporated wavelet
transforms with the Holder exponent to capture the time
varying nature of discontinuities. Vincent et al. [12] and Yang
et al. [13, 14] used empirical mode decomposition, developed
by Huang et al. [15, 16], to decompose the vibration signal
to capture the signal discontinuity. Xu and Chen [17] carried
out experimental studies on the applicability of EMD for
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detecting structural damage caused by a sudden change of
structural stiffness. Chen and Xu [18] proposed two online
detection approaches to the sudden damage detection.

The sudden stiffness reduction in a structure may cause
the signal discontinuity in the acceleration responses close
to the damage location at the damage time instant. In
reality, the signal discontinuity around damage instant due
to sudden stiffness loss can be taken as a kind of signal
singularity and can be detected by the WT. However, the
severity of damage events cannot be depicted by the current
developed WT based detection approaches. To this end, the
damage detection on sudden stiffness reduction of building
structures has been actively investigated in this study. The
signal discontinuity of the structural acceleration responses
of an example building is extracted based on the discrete
wavelet transform (DWT). It is proved that the variation
of the first level detail coefficients of the WT at damage
instant is linearly proportional to the magnitude of the
stiffness reduction. A new damage index is developed and
implemented in this paper to detect the damage time instant,
location, and severity of a structure due to a sudden change of
structural stiffness. Numerical simulation using a five-story
shear building under different types of excitation is carried
out to assess the effectiveness and reliability of the proposed
damage index for the building at different damage levels. The
sensitivity of the damage index to the intensity and frequency
range of measurement noise is also investigated. The made
observations demonstrate that the proposed damage index
can accurately identify the damage time instant and location
in the building due to a sudden loss of stiffness. The relation
between the damage severity and the proposed damage index
is linear.The proposed damage index can identify the damage
events from the contaminated acceleration responses if the
noise intensity is limited.

2. Wavelet Transform

Morlet and Grossmann initially proposed wavelet theory and
Meyer developed the mathematical foundations of wavelets.
The two America-based researchers, Daubechies [19, 20] and
Mallat [21], changed this by defining the connection between
wavelets and digital signal processing. Wavelets have been
applied to a number of areas, including data compression,
image processing, and time-frequency spectral estimation. A
mother wavelet 𝜓(𝑡) is a waveform that has limited duration
and an average value of zero and the wavelet kernel can be
expressed by

𝜓
𝑎,𝑏 (

𝑡) =

1

√𝑎

𝜓(

𝑡 − 𝑏

𝑎

) , (1)

where 𝑎 and 𝑏 are dilation and translation parameters,
respectively. Both are real numbers and 𝑎 must be positive.
Similar to the short time Fourier transform, one can ana-
lyze square-integrable function 𝑓(𝑡) with wavelet transform,

which decomposes a signal in the time domain into a two-
dimensional function in the time-scale plane (𝑎, 𝑏) as follows:

𝐶 (𝑎, 𝑏) = ∫

+∞

−∞

𝑓 (𝑡) 𝜓𝑎,𝑏 (
𝑡) 𝑑𝑡=

1

√𝑎

∫

+∞

−∞

𝑓 (𝑡) 𝜓(

𝑡 − 𝑏

𝑎

)𝑑𝑡.

(2)

The term frequency instead of scale has been used in order
to aid in understanding, since a wavelet with large-scale
parameter is related to low-frequency content component
and vice versa. The mother wavelet 𝜓(𝑡) should satisfy the
following admissibility condition to ensure existence of the
inverse wavelet transform such as

𝐶
𝜓
= ∫

+∞

−∞





�̂� (𝜔)






2

|𝜔|

𝑑𝜔 < +∞, (3)

where �̂�(𝜔) is the Fourier transform of 𝜓(𝑡). The existence of
the integral in (3) requires that

�̂� (0) = 0, i.e., ∫
+∞

−∞

𝜓 (𝑥) 𝑑𝑥 = 0. (4)

The signal 𝑓(𝑡) can be reconstructed by an inverse wavelet
transform of 𝐶(𝑎, 𝑏) as defined by

𝑓 (𝑡) =

1

𝐶
𝜓

∫

+∞

𝑎=−∞

∫

+∞

𝑏=−∞

𝐶 (𝑎, 𝑏) 𝜓𝑎,𝑏
(

𝑡 − 𝑏

𝑎

)

1

𝑎
2
𝑑𝑎 𝑑𝑏. (5)

The calculatingwavelet coefficients at every possible scale will
generate a lot of redundant data. A discrete version of the
wavelet is often utilized by discretizing the dilation parameter
𝑎 and the translation parameter 𝑏 in real signal processing.
The procedure becomes much more efficient if dyadic values
of 𝑎 and 𝑏 are used. That is,

𝑎 = 2
𝑗
; 𝑏 = 2

𝑗
𝑘 𝑗, 𝑘 ∈ 𝑍, (6)

where 𝑍 is a set of integers. This sampling of the coordinates
(𝑎, 𝑏) is referred to as dyadic sampling because consecutive
values of the discrete scales differ by a factor of 2. Using the
discrete scales of WT, one can define the discrete wavelet
transform (DWT) [21] as follows:

𝐶
𝑗,𝑘
= ∫

+∞

−∞

𝑓 (𝑡) 𝜓𝑗,𝑘 (
𝑡) 𝑑𝑡 = 2

−𝑗/2
∫

+∞

−∞

𝑓 (𝑡) 𝜓 (2
−𝑗
𝑡 − 𝑘) 𝑑𝑡.

(7)

The signal resolution is defined as the inverse of the scale
1/𝑎 = 2

−𝑗, and the integer 𝑗 is referred to as the level. The
signal can be reconstructed from the wavelet coefficients 𝐶

𝑗,𝑘

and the reconstruction algorithm is called the inverse discrete
wavelet transform as follows:

𝑓 (𝑡) =

+∞

∑

𝑗=−∞

+∞

∑

𝑘=−∞

𝐶
𝑗,𝑘
2
−𝑗/2

𝜓 (2
−𝑗
𝑡 − 𝑘) . (8)

Another function 𝜙(𝑡), referred to as the scaling function,
is important for the numerical implementation of the fast
wavelet transform [19]. Suppose now that the dyadic scale is
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used for 𝑎 and 𝑏, and consider a reference level 𝐽. Applying
(7) for this case one obtains a set of coefficients as follows:

𝑐𝐷
𝐽 (
𝑘) = ∫

+∞

−∞

𝑓 (𝑡) 𝜓𝐽,𝑘 (
𝑡) 𝑑𝑡. (9)

The coefficient 𝑐𝐷
𝑗
(𝑘) is known as the level-𝐽 detail coef-

ficients. Using the dyadic scale level 𝐽 yields the level-𝐽
approximation coefficients as follows:

𝑐𝐴
𝐽 (
𝑘) = ∫

+∞

−∞

𝑓 (𝑡) 𝜙𝐽,𝑘 (
𝑡) 𝑑𝑡. (10)

In theDWT, a signal can be represented by its approximations
and details. The detail at level 𝑗 is defined as

𝐷
𝑗 (
𝑡) =

+∞

∑

𝑘=−∞

𝑐𝐷
𝑗 (
𝑘) 𝜓𝑗,𝑘 (

𝑡) (11)

and the approximation at level 𝑗 is defined as

𝐴
𝐽 (
𝑡) =

+∞

∑

𝑘=−∞

𝑐𝐴
𝐽 (
𝑘) 𝜙𝑗,𝑘 (

𝑡) . (12)

It becomes obvious that
𝐴
𝐽−1

= 𝐴
𝐽
+ 𝐷
𝐽
,

𝑓 (𝑡) = 𝐴𝐽 (
𝑡) + ∑

𝑗≤𝐽

𝐷
𝑗 (
𝑡) .

(13)

3. Signal Feature due to Sudden Damage

The dynamic responses of a five-story shear building sub-
jected to a sudden stiffness reduction at its first story under
three different external excitations are computed. The mass
and horizontal stiffness of the undamaged building are
uniform for all stories as shown in Figure 1. The mass and
horizontal stiffness of the each floor are 𝑚 = 1.3 × 10

6 kg
and 𝑘 = 4.0 × 10

9N/m, respectively. The Rayleigh damping
assumption is adopted to construct the structural damping
matrix, and the damping ratios in the first two modes of
vibration of the building are set as 0.05.The original building
is supposed to suffer a sudden 20% stiffness reduction in
the first story with the horizontal stiffness reducing from
4.0×10

9N/m to 3.2×109N/m, while the horizontal stiffness
in other stories remains unchanged.The frequency reduction
due to 20% stiffness reduction in the first story is small with
a maximum reduction of nomore than 5% in the first natural
frequency.

The sinusoidal excitation, seismic excitation, and impulse
excitation are, respectively, utilized to calculate the accelera-
tion responses of the example building to examine the signal
features due to sudden stiffness reduction.The seismic excita-
tion used is the first 10-second portion of the El-Centro 1940
earthquake ground acceleration (S-N component) with a
peak amplitude of 1.0m/s2. A sinusoidal excitation expressed
by the following equationwith 10-second duration is assumed
to act on each floor of the building:

𝑓 (𝑡) = 1300 ⋅ sin (4𝜋𝑡) (0 ≤ 𝑡 ≤ 10 s) (kN) . (14)

k1

k2

k3

k4

k5

m1

m2

m3

m4

m5

Figure 1: Elevation of a five-story building model.

An impulse excitation represented by 0.1m/s initial veloc-
ity is supposed to occur at the first floor of the building. The
damage time instant of the building is set as 6.0 s for seismic
excitation and sinusoidal excitation and as 0.2 s for impulse
excitation. The equation of motion of the example building
with a 20% sudden stiffness reduction at its first story at
the given time instant is established. The dynamic responses
under each type of external excitation are computed by using
the Newmark-𝛽 method with a time interval of 0.002 s. The
two factors in theNewmark-𝛽method are selected as 𝛼 = 1/2
and 𝛽 = 1/4 [22, 23].

The computed acceleration time histories of the first floor
under seismic excitation are displayed in Figure 2. It is diffi-
cult to find the signal feature due to sudden damage by direct
visual inspection of the original acceleration responses. The
0.2-second portion of the acceleration responses is expanded
to permit a close look at the signal feature due to sudden
damage event. It is seen that there exists a sudden jump in
the original signal at the damage time instant. The structural
acceleration time histories of the first floor under sinusoidal
and impulse excitation are also displayed in Figures 3 and 4,
respectively. Similar to the observations made from seismic
excitation, the direct inspection on original signals cannot
directly find the signal feature due to sudden damage event.
A detained investigation on small time portions indicates the
sudden jump of original acceleration responses at damage
time instants as shown in the figures. The sudden reduction
of horizontal stiffness of the first floor causes a clear signal
discontinuity in the acceleration response time history at the
damage time instant.

Figure 5 displays the power spectrum of acceleration
responses with and without sudden damage events. It is
clear that the change in the spectrum amplitude induced by
the sudden damage is very small which cannot provide the
enough information to capture the damage event. Moreover,
the exact damage instant still cannot be determined in
the frequency domain based on the fast Fourier transform.
Further inspection of the spectrum curves indicates that
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Figure 2: Signal discontinuity due to sudden damage (seismic excitation).
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Figure 3: Signal discontinuity due to sudden damage (sinusoidal excitation).
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Figure 4: Signal discontinuity due to sudden damage (impulse excitation).

the structural acceleration responses present quite different
spectrum properties under different external excitations. If
the building is subjected to El-Centro earthquake, the power
spectrum has a relatively wide frequency range, and the first
two natural frequencies can be effectively identified. The
impulse excitation signal, however, holds very short time
interval and a very wide frequency range. The acceleration
responses of the impulse excited building present very abun-
dant frequency components and four natural frequencies
can be identified from the power spectrum. To compare the
spectrum components of sinusoidal, seismic, and impulse
excitation, one can conclude that the structural responses
subjected to impulse excitation have the most abundant high
frequency components.

Since the signal discontinuity is of very high frequency,
the wavelet transform is applied to decompose the original
acceleration responses. Figure 6 displays the first level detail
coefficients of wavelet transform for acceleration responses
under seismic excitation. It can be seen that the signal
discontinuity is reserved in the first level detail coefficient
only instead of in the approximation components. This is
because the first level detail component often contains the
highest frequency component of the original signal. To

extract inherent signal feature due to sudden damage from
the signal discontinuity in the original acceleration response
time history, the acceleration responses of the building under
each type of excitation are computed for a sudden reduction
of stiffness at the first story with different damage levels and
damage time instants. Similar observations can bemade from
the decomposed detail coefficients of the wavelet transform
of the acceleration responses under sinusoidal and impulse
excitations.

4. Damage Index

Let us consider a SDOF system subjected to a sudden stiffness
reduction under impulse excitation.Themass of the system is
denoted as𝑚, the damping ratio 𝜉 of the system is supposed to
remain unchanged before and after sudden damage, and the
stiffness is denoted as 𝑘 which will have a sudden reduction
at time instant 𝑡

𝑖
as follows:

𝑘 = {

𝑘
𝑢

(0 ≤ 𝑡 ≤ 𝑡
𝑖
)

𝑘
𝑑

(𝑡
𝑖
< 𝑡) ,

(15)
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Figure 5: Power spectrum of acceleration responses of the first floor before and after sudden damage event.

in which 𝑘
𝑢
and 𝑘

𝑑
are the stiffness of undamaged and

damaged system, respectively. The initial velocity and dis-
placement due to the impulse excitation are assumed to be
0 and V

0
, respectively. The circular frequency of the system

before and after sudden damage can be expressed as

𝜔
𝑢
= √

𝑘
𝑢

𝑚

; 𝜔
𝑑
= √

𝑘
𝑑

𝑚

. (16)

Define a frequency reduction coefficient 𝛼 that varies from 0
to 1 as follows:

𝜔
𝑑
= 𝛼 ⋅ 𝜔

𝑢 (0 < 𝛼 < 1) . (17)

The stiffness reduction can be expressed as

Δ𝑘 = 𝑘
𝑑
− 𝑘
𝑢
= 𝑚(𝜔

2

𝑑
− 𝜔
2

𝑢
) = 𝑚𝜔

2

𝑢
(𝛼
2
− 1) . (18)

The equation of motion of the SDOF system before sudden
damage is

̈𝑦+ 2𝜉𝜔
𝑢
̈𝑦+ 𝜔
2

𝑢
𝑦 = 0. (19)

The above equation can be solved in terms of the given initial
conditions, and the structural dynamic responses are

𝑦 (𝑡) = 𝐴
𝑢 (
𝑡) V0𝑒
−𝜉𝜔𝑢𝑡

⋅
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𝜔
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2
,
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𝑒
−𝜉𝜔𝑢𝑡

(𝐵
𝑢 (
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𝐴
𝑢 (
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2
) ,

̈𝑦(𝑡) = − V
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𝜔
𝑢
𝑒
−𝜉𝜔𝑢𝑡

⋅

[𝐴
𝑢 (
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2
) + 2𝜉𝐵

𝑢 (
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√1 − 𝜉
2

,

(20)



6 The Scientific World Journal

in which

𝐴
𝑢 (
𝑡) = sin(𝜔

𝑢
𝑡√1 − 𝜉

2
) ,

𝐵
𝑢 (
𝑡) = cos(𝜔

𝑢
𝑡√1 − 𝜉

2
) .

(21)

Let us take the time instant 𝑡
𝑖
as the starting point of the SDOF

system after sudden damage and use a new time axis 𝑡
1
=

𝑡−𝑡
𝑖
.Then, the equation ofmotion of the system after damage

becomes

̈𝑦
𝑑
+ 2𝜉𝜔

𝑑
̈𝑦
𝑑
+ 𝜔
2

𝑑
𝑦
𝑑
= 0 (𝑡 > 𝑡

𝑖
) . (22)

The initial conditions for (10) can be expressed as

𝑦
𝑑 (
0) = 𝑦 (𝑡
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𝑢
(𝑡
𝑖
) V
0
𝑒
−𝜉𝜔𝑢𝑡𝑖

⋅

1

𝜔
𝑢
√1 − 𝜉

2
,

̇𝑦
𝑑 (
0) = ̇𝑦(𝑡

𝑖
) = V
0
𝑒
−𝜉𝜔𝑢𝑡𝑖

(𝐵
𝑢
(𝑡
𝑖
) −

𝐴
𝑢
(𝑡
𝑖
) 𝜉
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2
) .

(23)

The damping ratio of a civil engineering structure is often
very small; that is, √1 − 𝜉2 ≈ 1. The acceleration response
at the time instant 𝑡

1
is

̈𝑦
𝑑
(𝑡
1
)

=

V
0
𝜔
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𝑒
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(24)

Furthermore, the time interval should be very small to
describe the sudden stiffness reduction properly; thus

Δ𝑡 = 𝑡
𝑖+1

− 𝑡
𝑖
→ 0,

𝐴
𝑑 (
Δ𝑡) = sin(𝜔
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2
) ≈ 0,
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2
) ≈ 1.

(25)

Therefore, the acceleration response at the time instant 𝑡
𝑖+1

is
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(26)

The first level detail coefficients of wavelet transform of the
acceleration responses before sudden damage 𝑐𝐷 ̈𝑦(𝑡)

1
can be

expressed as

𝑐𝐷
̈𝑦(𝑡)

1
(𝑘) = ∫

+∞

−∞

̈𝑦(𝑡) 𝜓1,𝑘 (
𝑡) 𝑑𝑡. (27)

The first level detail coefficients of wavelet transform of the
acceleration responses after sudden damage 𝑐𝐷 ̈𝑦𝑑(𝑡1)

1
can be

expressed as

𝑐𝐷
̈𝑦𝑑(𝑡1)

1
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−∞

̈𝑦
𝑑
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(𝑡
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) 𝑑𝑡
1
. (28)

The variation of first level detail coefficients of theWT before
and after the sudden damage event can be given as

𝑐𝐷
𝑖+1

1
(𝑘) − 𝑐𝐷

𝑖

1
(𝑘) = ∫

+∞

−∞

( ̈𝑦(𝑡
𝑖+1
) − ̈𝑦(𝑡

𝑖
)) 𝜓
1,𝑘 (

𝑡) 𝑑𝑡.

(29)

Considering that the damping ratio of a civil engineering
structure is often very small, the above expression can be
simplified as

𝑐𝐷
𝑖+1

1
(𝑘) − 𝑐𝐷

𝑖

1
(𝑘)

= −
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⋅ sin(𝜔
𝑢
𝑡
𝑖
√1 − 𝜉

2
)𝜓
1,𝑘 (

𝑡) 𝑑𝑡.

(30)

The above equation reveals that the variation of first level
detail coefficients of the WT before and after a sudden
damage event is approximately linear to the sudden stiffness
reduction for given initial velocity, damage instant, and
structural parameters before damage. If the time interval Δ𝑡
for sudden damage is further regarded as a fixed value, (30)
indicates that the acceleration response discontinuity due to
sudden stiffness reduction can be reflected by the variation
rate of first level detail coefficients of the wavelet transform at
damage instant. A damage index, DI

𝑖
, is defined to reflect the

signal discontinuity due to sudden damage at the time instant
𝑡
𝑖
as follows:

DI
𝑖
=











𝑐𝐷
𝑖+1

1
(𝑘) − 𝑐𝐷

𝑖

1
(𝑘)

Δ𝑡











(𝑘 = 2, 3, . . . , 𝑛 − 1) , (31)

whereΔ𝑡 = 𝑡
𝑘+1

−𝑡
𝑘
and 𝑛 is the total number of time intervals

for the whole response time history. This damage index is
computed in the time domain and it is an instantaneous index
suitable for online structural health monitoring application.
The linear relationship between the proposed damage index
and the sudden stiffness reduction can be observed as follows:

DI
𝑖
∝ |Δ𝑘| . (32)

5. Damage Detection

5.1. Selection of Mother Wavelet. To examine the feasibil-
ity of the proposed damage index and damage detection
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Figure 7: The Daubechies wavelets (db1–db4).

approaches, the first floor of the five-story building is
supposed to suffer different levels of the sudden stiffness
reduction, but the sudden damage occurs at the same time.
Six damage scenarios are considered in the numerical inves-
tigation. Listed in Table 1 are the damage severities and the
five natural frequencies of the building before and after the
sudden damage. It is seen from Table 1 that the stiffness
reduction in the first story of the building affectsmainly lower
natural frequencies. It is noted that if the stiffness reduction
in the first floor is less than 10%, the maximum frequency
change is no more than 2%. In addition, the variations of the
higher mode shapes are much smaller than those of the lower
mode shapes.

Wavelet transform can be utilized to detect the signal
singularity due to sudden stiffness change. While the detec-
tion efficiency depends on many factors such as wavelet
vanishing moments, supporting length in the time domain,
frequency components of original acceleration responses,
and signal noise. Thus, three different Daubechies mother
wavelets db1, db2, and db4 are utilized to examine the effects
of properties of mother wavelets on the detection on the
structural sudden damage. The vanishing moments of the
db1, db2, and db4 wavelets are 1, 2, and 4, respectively,
and they have the gradually increased supporting length as
plotted in Figure 7. The basic principles of wavelet transform
prove that the longer the wavelet supporting length is, the
finer the distinguishing ability in the frequency domain is.
Therefore, the mother wavelet with long supporting length is
more suitable for detecting the higher frequency components
in the original signal.

To examine the feasibility of the proposed damage index
and damage detection approaches for identifying damage
events, the acceleration responses of the aforementioned five-
story shear building to the seismic excitation, sinusoidal
excitation, and impulse excitation are computed, respectively.
The building is subject to a 20% sudden stiffness reduction
at times 6.0 s, 6.0 s, and 0.2 s in the first story of the
building under seismic excitation, sinusoidal excitation, and
impulse excitation, respectively. The time step used in the
computation is 0.002 seconds.

Shown in Figure 8 are the damage detection results
using db1, db2, and db4 for 20% sudden stiffness reduction,
respectively. It can be seen from Figure 8(a) that, no matter
which mother wavelet is used, the damage index of the first
floor is very large only at time 𝑡= 6.0 seconds, which is exactly
the moment when the stiffness of the first story is suddenly
reduced by 20%. The damage indices of the first floor at all
other time instants are very small so that the damage index at
time 𝑡 = 6.0 seconds looks like a spike.Therefore, the damage
time instant can be easily identified by the occurrence time
of the sharp damage index. It is demonstrated that the DWT
based approach using all the three Daubechies wavelets can
accurately detect the damage time instant of the building
subjected to sinusoidal excitation. For the building excited
by El-Centro ground motion, DWT using db1 wavelet fail
to detect damage instant while the approach using db2 and
db4 wavelet successfully captures the damage events. For
the impulse excited case, only the DWT using db4 wavelet
can accurately detect the damage instant due to sudden
stiffness change. In reality, the sudden stiffness loss will cause
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Figure 8: Damage detection using different db wavelets.

Table 1: Natural frequency before and after sudden damage.

Damage extent Frequencies (Hz)
𝑓
1

𝑓
2

𝑓
3

𝑓
4

𝑓
5

0% 2.513 7.335 11.563 14.854 16.941
1% 2.508 (−0.18%) 7.324 (−0.15%) 11.55 (−0.11%) 14.85 (−0.05%) 16.94 (−0.01%)
2% 2.504 (−0.36%) 7.313 (−0.30%) 11.54 (−0.21%) 14.84 (−0.11%) 16.94 (−0.03%)
5% 2.490 (−0.94%) 7.278 (−0.78%) 11.50 (−0.53%) 14.81 (−0.26%) 16.93 (−0.07%)
10% 2.464 (−1.97%) 7.218 (−1.62%) 11.44 (−1.06%) 14.78 (−0.52%) 16.92 (−0.14%)
20% 2.407 (−4.41%) 7.088 (−3.48%) 11.32 (−2.18%) 14.71 (−1.01%) 16.90 (−0.26%)
40% 2.253 (−11.6%) 6.781 (−8.16%) 11.07 (−4.50%) 14.57 (−1.92%) 16.86 (−0.46%)
Note: values in brackets are the percentage of change in natural frequency.
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Figure 10: Damage detection using db4 wavelets.

a sudden jump in acceleration responses at damage instant
whichmay commonly introduce high frequency components
into the original response signals. The crucial procedure in
detecting sudden damage is to extract the high frequency
components from original acceleration responses using the
wavelet transform.The frequency components of acceleration
responses of building subjected to sinusoidal excitation are
quite simple and the high frequency signal induced by sudden
damage is quite different from other signal components.
All the three selected wavelets can easily detect the signal
singularity and damage event. As far as the seismic excited
damage building is concerned, the acceleration responses
containmore high frequency components than those induced
by sinusoidal excitations. The distinguishing ability in the
frequency domain of the db1 wavelet is coarse due to its
short supporting length in the time domain, which makes it
impossible to capture the sudden damage event under seismic
excitations.

The damage events can be captured by using the db2
and db4 wavelets due to their finer distinguishing ability
than db1 wavelet, in particular in high frequency range.
The damage events of the example building under impulse
excitations aremore difficult to be detected because abundant
high frequency components of acceleration responses may
overlap the high frequency signal induced by sudden stiffness
reduction. If the extent of the damage event is minor,

the energy of damage signal is too small to be reflected to
the decomposed wavelet coefficients.The comparison among
different mother wavelets indicates that only the db4 wavelet
with fine frequency distinguishing ability can accurately
capture the damage event of the building under impulse
excitation.

5.2. Damage Time Instant. The first floor of the five-story
building is supposed to suffer different levels of sudden
stiffness reduction, but the sudden reduction occurs at the
same time. Two mother wavelets, namely, db2 and db4,
are utilized in this section to study their performance for
different damage extents as shown in Figure 9. It is clear that
the db2 wavelet can accurately capture the damage features
without noise contamination. For small damage cases (1%
damage), the energy of damage signal is very small and
the detail coefficients of the damage signal are too small to
form a distinct spike at damage instant. The db4 wavelet
with stronger frequency distinguishing ability can detect the
minor damage event. Therefore, the damage detection on
sudden stiffness reduction is carried out based on db4wavelet
in the following sections.

The variations of damage index with time under sinu-
soidal excitation and impulse excitation using db4 wavelet
are displayed in Figure 10. The building is subject to
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Figure 11: Damage detection for each floor using db4 wavelet.
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Figure 12: Damage detection using different db wavelets under seismic excitation.

the same damage severity at the first story only, but it occurs
at time 𝑡 = 6.0 seconds for sinusoidal excitation and at time
𝑡 = 0.2 seconds for impulse excitation. Again, the sharp
damage index appears only at themoment of sudden stiffness
reduction at the first floor. Thus, the damage time instant
can be easily captured from the observed occurrence time of
the sharp damage index. While the detection effects reduce
with the decreasing damage extent. This is because the signal
energy of the minor damage extent holds little information
about damage event and the projected wavelet coefficients are
too small to form a distinct spike at damage instant. Under
this circumstance, the mother wavelet with higher vanishing
moments and longer supporting length also cannot improve
the damage detection efficiency.

5.3. Damage Location. Figure 11 shows the variations of
damage index with time for each floor of the building under
the sinusoidal, seismic, and impulse excitations. It is seen
from Figure 11(a) that the damage index of the first floor
is very large only at time 𝑡 = 6.0 seconds, which is exactly
the moment when the stiffness of the first story is suddenly
reduced by 20%. It is essential to compare the variation of
wavelet coefficients based damage index of the first floor
with those of the second, third, fourth, and fifth floors of
the building. The sharp spike appears clearly only at the first
floor, and no sharp spike emerges in other floors. Therefore,
by analyzing the distribution of spike along the height of the
building, the damage location can be easily identified at the
first story of the building.

The variations of damage indices with time for each
floor of the building are shown in Figure 11(b) for seismic
excitation using the DWT. The sharp damage index appears

only at the moment of sudden stiffness reduction at the first
floor. Thus, the damage location can be easily captured from
the observed sharp spikes and its distribution along the height
of the building. Similar results are also obtained from the
building subject to sinusoidal excitation. For the impulse
excited case, however, the DWT based detection approach
may not give satisfactory results for the building with small
damage event (1% sudden stiffness reduction).This is because
the signal fluctuates significantly immediately after the initial
velocity and the energy of damage signal is quite weak.

5.4. Damage Severity. The parameter investigation is carried
out in this section to find the sensitivity of damage index to
damage severity so as to examine the validity of the proposed
damage index and damage detection approaches. The first
floor of the example building is supposed to suffer different
levels of sudden stiffness reduction, but the damage time
instants remain unchanged. The damage indices of the first
floor of the building subjected to the seismic excitation are
plotted in Figure 12 for the sudden stiffness reduction from
1% to 40%. It can be seen that, even for small damage events
such as 1% to 5% sudden stiffness reduction, the proposed
approach can easily capture the damage features without
considering noise contamination.Themagnitude of the sharp
damage index also increases with increasing damage severity.
Similar observations can be made from the building subject
to sinusoidal excitation as shown in Figure 13(a). For the
building under impulse excitation, however, the proposed
approaches may not provide satisfactory detection effects
for the building with very small damage event (1% damage
severity) as shown in Figure 13(b).
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Figure 13: Damage detection using db4 wavelets.

The magnitudes of damage index of the example build-
ing subjected to different damage severities in the first
story under seismic, sinusoidal, and impulse excitations are
computed and listed in Table 2. The relationship between
damage index and damage severity is also displayed in
Figure 14 together with a linear fit in which 𝑥 represents
damage severity (stiffness reduction) and 𝑦 represents dam-
age index. It is observed that there exists a linear rela-
tionship between damage index and damage severity for
the building under either seismic or sinusoidal or impulse
excitation.Themagnitudes of the damage index increase with

the increasing extents of the stiffness reduction for a given
external excitation and the slope of the linear fit is different
for the building under different excitations. The proposed
damage index and detection approach can be used to find the
damage time instant and damage location from themeasured
structural responses. Then, one can measure the external
excitation and input to the structural model with a sudden
stiffness reduction at the identified damage location and at the
identified damage time instant to determine the slope of the
linear relationship between the damage severity and damage
index.The linear relationship can be used finally to determine
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Table 2: Variations of damage index with damage severity.

Damage severity 1% 2% 5% 10% 20% 40%
DI (seismic excitation) 2.625 5.223 13.017 26.004 51.960 103.814
DI (sinusoidal excitation) 5.172 10.344 25.857 51.704 103.369 206.579
DI (impulse excitation) 1.256 2.519 6.309 12.623 25.244 50.457

0

100

200

300

D
am

ag
e i

nd
ex

Damage severity (%)
0 5 10 15 20 25 30 35 40 45

Seismic excitation

Sinusoidal excitation
Impulse excitation
y = 1.26156 ∗ x − 0.00103

y = 2.595 ∗ x − 0.01286

y = 5.16434 ∗ x − 0.00668

Figure 14: Relationship between damage index anddamage severity.

the damage severity in the actual structure in terms of the
damage index identified from the actual structure.

5.5. Effects of Signal Noise. The effect of measurement noise
on the quality of the damage detection is a key issue needed
to be addressed in real application. Hou et al. [10] reported
that the damage spike identified from the wavelet transform
coefficients could be weakened by measurement noise and
strongmeasurement noise could lead to the failure of damage
detection. In reality, the sudden damage event may introduce
a high frequency component to acceleration responses of a
structure and the effects of both measurement noise intensity
and frequency range on the damage detection are thereby
examined [16].Themeasurement noise in structural response
is assumed to be a random white noise. Three frequency
ranges are considered: (1) white noise with frequency range
from 0 to 50Hz; (2) white noise with frequency range from 0
to 100Hz; and (3) white noise with frequency range from 0 to
250Hz. The measurement noise intensity is defined as

Noise intensity = RMS (noise)
RMS (signal)

× 100%. (33)

Displayed in Figures 15, 16, and 17 are damage detection
results using the contaminated acceleration responses at
the first floor under the sinusoidal, seismic, and impulse
excitations, respectively. The noises are introduced with two
noise intensities and three noise frequency ranges described
as above. The sudden stiffness reduction in the first story of

the building is 20%. To check the original acceleration time
histories contaminated with noise, one can find that, with
increasing noise frequency range, the acceleration responses
are more fluctuating and the signal discontinuity at the dam-
age time instant becomes weak. It is clear from Figure 15 that
the proposed index can still identify the damage time instant
from the polluted acceleration responses at the first floor for
the designated twonoise intensities and three noise frequency
ranges when subjected to sinusoidal excitation. Furthermore,
the spatial distribution of damage indices along the height
of the building can indicate the damage location from the
acceleration responses with noise contamination. Similar
observations can be made from the detection observations of
the example building subjected to the seismic excitation, as
shown in Figure 16. In the impulse excitation case, however,
the proposed approach fails to identify the damage time
instant and damage location when the noise frequency range
is from 0 to 250Hz and the noise intensity is 5%, as shown in
Figure 17.

The effects of measurement noise on the damage detec-
tion are assessed and the results indicate that both the
noise intensity and the frequency range have a remarkable
influence on the results fromDWTbased detection approach.
If the noise frequency range is too narrow to overlap the
sudden damage signal with high frequency components, the
influence of noise intensity on detection accuracy is small.
Otherwise, the detection accuracy will decrease with the
increase of noise intensities.

6. Concluding Remarks

Thedamage detection on sudden stiffness reduction of build-
ing structures has been actively investigated in this study.
The signal jump of the structural acceleration responses of an
example building due to sudden damage is examined and the
signal discontinuity is extracted based on the discrete wavelet
transform. It is proved that the variation of the first level
detail coefficients of the wavelet transform at damage instant
is proportional to the magnitude of the stiffness reduction.
In this regard, a new damage index based on the DWT is
proposed in terms of the slope of the decomposed detail
coefficients of wavelet transform to detect the damage time
instant, damage location, and damage severity.

Extensive numerical simulations have been executed on a
five-story shear building to assess the performance of DWT
based detection approach. The made observations indicate
that the DWT based detection index proposed in this study
can accurately identify the damage time instant and damage
location due to a sudden stiffness reduction in terms of the
occurrence time and spatial distribution of damage index
spikes.The proposed damage index is linearly proportional to
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Figure 15: Detection results from contaminated acceleration responses (sinusoidal excitation).
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Figure 16: Detection results from contaminated acceleration responses (seismic excitation).
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Figure 17: Detection results from contaminated acceleration responses (impulse excitation).

damage severity, but the slope of the linear function depends
on external excitation and damage time instant. A possible
way of determining damage severity has been suggested using
the calibrated structural model and the measured excitation.
The proposed damage index can identify the damage events
from the contaminated acceleration responses if the noise
frequency range is limited. If the noise frequency range is
wide enough, the reliability of damage detection using the
proposed approach remarkably deteriorates with the increase
of noise intensity.
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The field of structural health monitoring is concerned with accurately and reliably assessing the integrity of a given structure to
reduce ownership costs, increase operational lifetime, and improve safety. In structural health monitoring systems, fiber Bragg
grating (FBG) is a promising measurement technology for its superior ability of explosion proof, immunity to electromagnetic
interference, and high accuracy. This paper is a study on the dynamic characteristics of fiber Bragg grating (FBG) sensors applied
to a submarine pipeline, as well as an experimental investigation on a laboratory model of the pipeline. The dynamic response
of a submarine pipeline under seismic excitation is a coupled vibration of liquid and solid interaction. FBG sensors and strain
gauges are used to monitor the dynamic response of a submarine pipeline model under a variety of dynamic loading conditions
and the maximum working frequency of an FBG strain sensor is calculated according to its dynamic strain responses. Based on
the theoretical and experimental results, it can be concluded that FBG sensor is superior to strain gauge and satisfies the demand
of dynamic strain measurement.

1. Introduction

Submarine pipelines have been worldwide utilized in the
field of offshore oil/gas exploitation [1] and have to endure
long-term water load and accidental collisions. In addition,
they are exposed to corrosion, erosion, and scour in harsh
environment which all add to aggravate the damages.

More and more researchers have put great effort into the
research of pipeline monitor in recent years and intelligent
methods have been developed to monitor pipeline damage
and positioning. Some network based on GPRS andmethod-
ology based on piezoelectric guided wave propagation were
designed and used for pipeline monitoring [2–4]. However,
the methods mentioned above have not been widely applied
in engineering due to their shortcomings such as low sensi-
tivity, poor long-term stability, and short lifespan.

Structural health monitoring (SHM) systems have shown
great potential in monitoring the responses of a bridge sys-
tem, diagnosing the current structural conditions, predicting

the expected future performance, providing information for
maintenance, and validating design hypotheses [5–7]. FBG
sensor, which can be used as a part of structural health
monitoring (SHM) systems, attractsmore andmore attention
for its irreplaceable advantages such as simple structure, high
sensitivity and accuracy, antielectromagnetic interference,
strong reliability, good stability, quasidistributed measure-
ment, easy network formability, and the capability available
for real-time online monitoring [8, 9]. The application of
optical fiber Bragg grating (FBG) sensors in structural health
monitoring (SHM) of composite materials and structures has
increased considerably in recent years [10].

Furthermore, submarine pipelines constructed in seismi-
cally active regions may be damaged under seismic load. The
response of a submarine pipeline is a coupled vibration of
liquid and solid interaction. The influencing factors for the
dynamic responses of a submarine pipeline are very complex.
The dynamic interactions may cause the structures to suffer
from fatigue damages and/or catastrophic failures due to an

Hindawi Publishing Corporation
e Scientific World Journal
Volume 2014, Article ID 808075, 9 pages
http://dx.doi.org/10.1155/2014/808075

http://dx.doi.org/10.1155/2014/808075


2 The Scientific World Journal

excitation frequency approaching natural frequencies of the
structure.Therefore, the evaluation of the dynamic responses
of pipelines is extremely important in relation to safety and
reliability.

It is necessary to understand the actual stress state of the
pipeline in order to design submarine pipelines reasonably.
Effective technical methods should be used to detect the
signal under various loads and disease effects. Zeitoun et al.
investigated the effects of applying the 2nd-order wave
theory in predicting the kinematics on the pipeline dynamic
response [11]. The dynamic responses of the pipeline under
the 2nd-order wave theory and the linear wave theory were
compared through finite elements analysis.

Recent research and development activities in structural
health monitoring using FBG sensors have been critically
reviewed [12]. The FBG sensor can well acclimatize itself to
the severe environment surrounding the submarine pipeline
due to its advantages. In monitoring structures in harsh
environment, optical fiber sensors demonstrate superiority
to conventional electric sensors in their immunity of electro-
magnetic interference [13].

Panopoulou et al. [14] used FBG sensors to detect the
variations of the dynamic features of a structure made of
two joint steel bars in the presence of artificial damage. A
new system for structural health monitoring of composite
aerospace structures based on real-time dynamic fiber Bragg
gratings was developed by Capoluongo et al. [15]. Also, an
intelligent health monitoring system of aerospace compos-
ite structures based on dynamic strain measurements was
developed in order to identify the structural state condition
in an exhaustive way [16]. The embedded FBG sensors
applied as tools for modal analysis or in monitoring local and
dynamic strains are demonstrated, which has paved the way
for developing new methods in structural health monitoring
[17].

Among the optical fiber sensors based on varied prin-
ciples, fiber Bragg grating (FBG) sensors are the most
promising candidates to effectively replace conventional
strain gauges for long-term monitoring applications in harsh
circumstances [18]. With the development of the natural gas
industry and the establishment of network of gas pipelines,
gas leakage has become a big problem in the field of security
of gas pipeline network system. A new method based on
FBG strain sensor has been proposed for leakage detection
of natural gas pipeline [19–21]. Although FBG sensors have
been applied to the monitoring of bridges, dams, piles, and
so forth [22], there are few demonstrations in the continuous
monitoring of the performance of submarine pipelines, and
even fewer are the application of FBG accelerometers.

In this work, dynamic properties of FBG sensors are
studied. Namely, the lag time and the maximum working
frequency of FBG strain sensors are investigated by analyzing
the transmission of the strain. Moreover, a model of the
submarine pipeline is experimented to validate the reliability
of FBG accelerometers and to test the dynamic properties of
FBG strain sensors. Furthermore, the efficiency of frequency
multiplexing techniques of FBG sensors for structural moni-
toring over long distance is demonstrated.

2. Dynamic Characteristics of
FBG Strain Sensors

2.1. FBG Sensing Principle. A fiber Bragg grating is a periodic
structure fabricated by exposing photosensitized fiber core
to ultraviolet light. When the FBG is illuminated with a
broadband light source, any induced strain in the FBG is
encoded as a wavelength shift of the light reflected by the
FBG. A resonance for light traveling down the FBG core
satisfies the following Bragg equation:

𝜆B = 2𝑛effΛ, (1)

where 𝜆B is the Bragg wavelength, or the wavelength of the
light that is reflected by a fiber Bragg grating, 𝑛eff is the
effective refractive index of the fiber core, andΛ is the grating
period. Both the effective refractive index and the grating
period vary with changes in strain and temperature imposed
on the fiber. The mechanism for applied strains to shift the
Bragg wavelength is through expansion or contraction of
the refractive index. These effects are well understood, and
when adequately modeled, provide a means for predicting
strain and temperature of the fiber. If only the dominant
linear effects of these two factors on an FBG are considered,
neglecting higher-order cross-sensitivities, the amount of
Bragg wavelength shift can be represented by the linear
relationship

Δ𝜆B = 𝛼𝜀 ⋅ 𝜀 + 𝛼𝑇 ⋅ Δ𝑇, (2)

where 𝛼
𝜀
is the strain sensitivity coefficient of the FBG sensor,

𝛼
𝑇
is temperature sensitivity coefficient, Δ𝑇 is the change of

temperature, and 𝜀 is strain.
The strain coefficient 𝛼

𝜀
of an FBG strain sensor packaged

by a stainless steel tube is different from bare fibers since
packaged FBG sensors suffer from strain loss when glued to
host material with different Young’s modulus. In our work,
static loading tests were first performed to calibrate the strain
coefficient of FBG sensors. The steel tube packaged sensor is
glued onto the surface of a plexiglass plate with the epoxy
resin, and then a tensile experiment was carried out. The
plexiglass plate is loaded step by step from 0 𝜇𝜀 to 500 𝜇𝜀. In
the range of linear elasticity, the measured strains by the FBG
strain sensor were considered consistent with those by bare
FBGs and strain gauges. It was found that the coefficient of
bare FBG on plexiglass plate is 1.02 × 10−3 and that of a tube-
packaged FBG strain sensor is 6.789 × 10−4 [23].

2.2. Lag Time of Strain Wave Transmitting between Host
Specimen and FBG Strain Sensors. Under tensile tests, strain
wave transmits fromhost specimen to FBG strain sensor [24].
The whole propagation process consists of four steps: strain
wave propagating in host specimen; strain wave propagating
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in adherence coating; strain wave propagating in FBG strain
sensor.

(1) Strain Wave Propagating in Host Specimen. The propaga-
tion velocity of a strain wave in host specimen is

] = √
𝐸

𝜌

, (3)

where ] is the propagation velocity of a strain wave, 𝐸 is the
Young’s modulus of measured elastic material, and 𝜌 is the
density of elastic material.

The propagation time 𝑡 of a strain wave in the elastic
material is

𝑡 =

ℎ

]
, (4)

where ℎ is the thickness of the elastic material.

(2) StrainWave Propagating inAdhesive Coating.Thetime of a
strain wave transmitting in adhesive coating to an FBG strain
sensor is very short. Suppose the propagation velocity of a
strainwave in adhesive layer (epoxy resin) is 1000m/s and the
thickness of adhesive layer is 0.03mm; thus the propagation
time in the adhesive layer is

𝑡adhesive =
ℎ

]
=

0.03

1000 × 1000

= 3 × 10
−8 s. (5)

(3) Strain Wave Propagating in an FBG Strain Sensor. The
outer, middle, and interior layers of the packaged FBG
strain sensor are steel tube, epoxy resin, and a bare FBG,
respectively.Thewave propagates via the tube and epoxy resin
and then reaches the glass fiber (bare FBG). Assuming that
the radius of the steel tube 𝑅 is 0.5mm, the thickness of the
tube m is 0.15mm, the diameter of the bare FBG is 0.25mm,
] = 4500m/s in steel, and ] = 1000m/s in epoxy resin,
consequently, the propagation time of a strain wave in the
steel tube is

𝑡tube =
ℎ

]
=

𝑚

4500 × 1000

+

𝑅 − 𝑚 − 𝑑

1000 × 1000

=

0.15

4500 × 1000

+

0.5 − 0.15 − 0.25

1000 × 1000

= 1.33 × 10
−7 s.

(6)

The lag time of the tube-packaged FBG strain sensor is

𝑡
𝑡
= 𝑡adhesive + 𝑡tube = 3 × 10

−8
+ 1.33 × 10

−7

= 1.63 × 10
−7 s.

(7)

It can be seen that the lag time of strain propagation is
very short between elastic material and bare FBG, which can
be ignored in engineering.

2.3. Maximum Working Frequency of an FBG Strain Sensor.
To obtain the maximum working frequency of FBG strain

𝜀

𝜀0

x1

x2

x

l0

𝜆

𝜀 = 𝜀0sin
2𝜋x

𝜆

Figure 1: The response property of FBG strain sensor to sine strain
wave.

sensor, sine strain wave and step strain wave are assumed,
respectively.

(1) Sine Function of Strain Wave. The FBG strain sensor
response property to a sine strain wave is shown in Figure 5.
The strain measured by the FBG sensor is the average of
strains along total effective length.Therefore, the amplitude of
the measured strain is less than peak value of the transmitted
actual strain wave. In Figure 1, the maximum value of the
measured strain can be obtained, only when the FBG strain
sensor gets across the middle position of the strain wave
with the highest amplitude. With the strain wavelength 𝜆

and packaged length 𝑙
0
, the coordinates of sensor ends are

𝑥
1
= (𝜆/4) − (𝑙

0
/2) and 𝑥

2
= (𝜆/4) + (𝑙

0
/2), respectively.

So 𝜀
𝑝
as the average measured strain of effective length is the

maximum value; namely,

𝜀
𝑝
=

∫

𝑥2

𝑥1

𝜀
0
sin (2𝜋/𝜆) 𝑥 𝑑𝑥

𝑥
2
− 𝑥
1

= −

𝜆𝜀
0

2𝜋𝑙
0

(cos 2𝜋
𝜆

𝑥
2
− cos 2𝜋

𝜆

𝑥
1
) =

𝜆𝜀
0

𝜋𝑙
0

sin
𝜋𝑙
0

𝜆

.

(8)

𝑒 is defined as the error of measured strain and actual
strain

𝑒 =










𝜀
𝑝
− 𝜀
0

𝜀
0










=










𝜆

𝜋𝑙
0

sin
𝜋𝑙
0

𝜆

− 1










. (9)

Obviously, the error between measured and actual strains
increases with the increase of the length of sensors.

For measured elasticity structure,

𝜆 =

]
𝑓

, (10)

where ] is the wave velocity of strain sensor and 𝑓 represents
the vibration frequency of a measured structure and that is
the maximum working frequency of FBG strain sensor.

For FBG strain sensor,

𝜆 = 𝑛𝑙
0
, (11)

where 𝑛 is the ratio between strain wavelength and the length
of FBG strain sensor (𝑛 = 𝜆/𝑙

0
).
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Table 1: Maximum working frequency of FBG strain sensor (strain wave is sine wave).

𝜆/𝑙
0
(𝑛) 20

Effective length
𝑙
0
(mm) 20 25 30 40

Sensor is glued onto steel
𝑓 (kHz) (] = 4500m/s) 11.25 9 7.5 5.625

Sensor is glued onto plexiglass
𝑓 (kHz) (] = 1700m/s) 4.25 3.4 2.83 2.125

Sensor is glued onto concrete
𝑓 (kHz) (] = 3500m/s) 8.75 7 5.83 4.375

Sensor is glued onto rubber
𝑓 (kHz) (] = 30m/s) 0.075 0.06 0.05 0.0375

Table 2: The maximum working frequency of FBG strain sensor (strain wave is step wave).

Effective length 𝑙
0
(mm) 20 25 30 40

Sensor is glued onto steel
𝑓 (kHz) (] = 4500m/s) 99 79.2 66 49.5

Sensor is glued onto plexiglass
𝑓 (kHz) (] = 1700m/s) 37.4 29.92 24.93 18.7

Sensor is glued onto concrete
𝑓 (kHz) (] = 3500m/s) 77 61.6 51.33 38.5

Sensor is glued onto rubber
𝑓 (kHz) (] = 30m/s) 0.66 0.528 0.44 0.33

Substitution of (11) into (10) yields the following equation:

𝑓 =

]
(𝑛𝑙
0
)

. (12)

Note that in (12), this equation simply shows that the
working frequency of an FBG strain sensor relates to ] and 𝑛.
Table 1 lists themaximum frequencies of an FBG strain sensor
in different materials (𝑛 = 20).

(2) Step Function of Strain Wave. Suppose the strain wave is a
step wave, and Figure 2 presents the response property of an
FBG strain sensor to a step strain wave.

There is a lag time for the measured strain to reach
the highest amplitude because of the travelling time for the
strain wave across the whole length of the FBG sensor. The
theoretical output wave and real output wave are shown in
Figure 2. 𝑡

𝑘
is the rising time (which is the time of the output

measured value changing from 5 percent or 10 percent of
the final stable value to 95 percent or 90 percent of the final
stable value). Suppose that 𝑡

𝑘
is the time of the output value

changing from 10 percent to 90 percent of the final stable
value, 𝑡

𝑘
= 0.8𝑙

0
/]. The working frequency of the FBG sensor

is 𝑓 = 0.35/𝑡
𝑘
for the step wave input from Sun et al.; that is,

𝑓 =

0.35]
0.8𝑙
0

= 0.44

]
𝑙
0

. (13)

From (13), it can be seen that the working frequency of
an FBG strain sensor relates to ] and 𝑙

0
. Table 2 lists the

maximum frequencies of an FBG strain sensor in different
materials.

𝜀

t l0

V

10%
90%

tk
tk = 0.8t0/V

100%

Figure 2: The response property of FBG strain sensor to step wave.

Figure 3: Underwater shaking table and submarine pipeline model
in experiment.

(3) In Case That the Strain Wave Is in Other General Forms.
For other general wave forms, the minimum value of the
results from computing (12) and (13) is supposed as the
working frequency of an FBG strain sensor. Function 𝑓(𝑥),
in which the periodic time is 𝑇, can be expanded into a
trigonometric series as follows:

𝑓 =

𝑎
0

2

+

∞

∑

𝑛=1

(𝑎
𝑛
cos 𝑛𝜔𝑥 + 𝑏

𝑛
sin 𝑛𝜔𝑥) , (14)
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where 𝜔 = 2𝜋/𝑇, 𝑎
0
is constant, and

𝑎
𝑛
=

2

𝑇

∫

𝑇/2

−𝑇/2

𝑓 (𝑥) ⋅ cos 𝑛𝜔𝑥𝑑𝑥, 𝑛 = 0, 1, 2, . . . ;

𝑏
𝑛
=

2

𝑇

∫

𝑇/2

−𝑇/2

𝑓 (𝑥) ⋅ sin 𝑛𝜔𝑥𝑑𝑥, 𝑛 = 0, 1, 2, . . . .

(15)

Consequently, the error analysis of measured and actual
strains 𝑒 can be calculated in a similar manner like that of a
sine wave ((8) and (9)).
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Figure 7: Strain induced by sine wave.

3. Submarine Pipeline Model and
FBG Sensor System

3.1. The Physical Model. The physical model of a submarine
pipeline is fabricated of plexiglass tubes as shown in Figure 3.
The outer diameter of the model is 110mm, the thickness of
the tube is 2.8mm, and Young’s modulus is 5GPa. Figure 4 is
a sketch of the underwater shaking table.

3.2. Underwater Shaking Table. Vibration experiments of the
submarine pipeline model were performed on the underwa-
ter shaking table [25]. The movable part of the shaking table
lies in the middle of a flume in which maximum water depth
allowed is 1.0m. The meshwork of the energy dissipation
is installed in each side of the flume along horizontally
excited direction in order to avoid the influence of water wave
reflection.

3.3. Types of FBG Sensors and the Monitoring System. Three
different types of FBG sensors, for measuring temperature,
strain, and acceleration, respectively, were used in the experi-
ments to assess their performance in dynamic measurements
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Figure 8: Strain course induced by El Centro wave.
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Figure 9: Strain course induced by Northridge wave.
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under various measurement tasks. The FBG stain sensors
can be divided into two types: one is bare FBG sensor and
the other is tube-packaged FBG sensor. There were totally
ten FBG strain sensors used in our experiments, among of
which five were bare FBG sensors and the other five were
tube-packaged FBG sensors. Figure 5 shows the positions of
strain sensors on the pipeline model. Moreover, two FBG
accelerometers were used, one of which was mounted on
the surface of the shaking table and the other is placed at
the top of the model (shown as Figure 6). A separate FBG
temperature sensor, which was laid on the ground freely, was
introduced mainly for the compensation of FBG wavelength
shifts due to variation of environmental temperature.

3.4. Remote Monitoring. To test the potential feasibility of
FBG sensors for long distance structural health monitoring,
a demodulation unit (FBG-SLI) for FBG sensors and a laptop
PCwere set up in an office, which locates around one hundred
meters away from the experiment model. The optical signals
from the thirteen FBG sensors were multiplexed in four
multiplexing fiber units, and transmitted through single
mode optical fibers to the demodulation unit in the relative
remote office. The decrease of intensity of light over one
hundred meters in our experiments is almost invisible and
can be surely neglected. Such observations show that FBG
sensors are suitable for remote structural health monitoring
when the transmitting single mode optical fibers are bitterly
curved.

4. Dynamic Loading Tests

Various tests of the submarine pipeline model on the shaking
table in our laboratory were conducted to validate its per-
formance. At first, swept sine excitations were employed to
identify the first several natural frequencies of the submarine
pipeline model.

4.1. Strain Response. The length of an FBG strain sensor 𝑙
0

in this experiment is 40mm; ] is 1700m/s in plexiglass. Let
𝑛 = 20. From (12), the highest working frequency is 𝑓 =

]/(𝑛𝑙
0
) = 1700/(20 × 0.4) = 2.125 kHz. From (13), the highest

working frequency is 𝑓 = 0.44]/𝑙
0
= 18.7 kHz; hence, in this

experiment, the highest working frequency of an FBG sensor
is 𝑓 = 2.125 kHz, and the maximum vibration frequency of
the shake table is 50Hz; the FBG strain sensor can sufficiently
measure the dynamic strains of the model.

Figure 7 shows the horizontal strain atmidspanmeasured
by an FGB strain sensor. The dynamic input was a sine wave
in horizontal direction with the frequency of 4.8Hz. It can be
seen from Figure 7 that the tendency of the strain response
is also a sine wave. Figure 8 is the strain history induced
by the El Centro wave. It can be seen that the horizontal
strain response measured by FBG sensor is the same as the
one monitored by electric strain gauge at the midspan. For
the electromagnetic interference of environment, the noise of
electric strain gauges is about 25𝜇𝜀. It is much larger than
the noise of an FBG sensor, which is only 2 𝜇𝜀. Compared
with electric strain gauges, an FBG sensor shows its special
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Figure 10: Power density spectrum of the acceleration response of
the shaking table for sine excitation.
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advantage of immunity to electromagnetic interference and
good capability in measuring the dynamic strain of vibration
system with low frequencies. The dynamic excitation in
Figure 9 is the Northridge wave in horizontal direction, and
the strain at 1/4 span is symmetrical with that at 3/4 span.

4.2. Acceleration Response. Figures 10 and 11 show the power
spectrum density functions of the FBG acceleration resp-
onses on the surface of the shaking table and on the top of
the submarine pipeline model, respectively. The submarine
pipeline model is excited by the shaking table with sine waves
of 4.8Hz underneath. From these figures, we can see that the
resonant frequency is round 4.8Hz, which approximately is
equal to the excitation frequency.

However, there is a problem associated with the demodu-
lation unit currentlywe are using.That is, the higher sampling
frequency was fluctuating due to the hysterics of the PZT for
its relative small linear range. Resolution and accuracy had to
be sacrificed for the sake of the stableness of sampling time
intervals, especially for the FBG accelerometers.
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5. Conclusions and Discussions

This paper computes the lag time and the maximum work-
ing frequency of FBG strain sensors applied to submarine
pipeline monitoring. Based on the analysis, the maximum
working frequency of an FBG strain sensor satisfies the
requirement of dynamic strain measurements. In other
dynamic strainmeasurements, theworking frequency of FBG
strain sensor can be obtained by using (12) and (13).

Dynamic loading tests were performed in this paper to
validate the feasibility of using packaged FBG as reusable
strain sensors and accelerometers. Underwater seismic shak-
ing table was utilized to provide the appropriate excitations.
Preliminary results show that the FBG sensors mounted
on the surface of the host material to be measured have
advantage over the classical strain gauges with respect to
accuracy and anti-interferences besides its superior ability for
long distance structural health monitoring.
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speed internal strain measurements in composite structures
under dynamic load using embedded FBG sensors,” Composite
Structures, vol. 92, no. 8, pp. 1905–1912, 2010.

[18] R. Liang, L. Hongnan, S. Li, and L. Dongsheng, “Development
of tube-packaged FBG strain sensor and application in the
vibration experiment of submarine pipelinemodel,”Proceedings
of SPIE, vol. 5634, pp. 8–103, 2005.

[19] A. Bouazza, T. Vangpaisal, H. Abuel-Naga, and J. Kodikara,
“Analytical modelling of gas leakage rate through a geosynthetic
clay liner-geomembrane composite liner due to a circular defect
in the geomembrane,” Geotextiles and Geomembranes, vol. 26,
no. 2, pp. 122–129, 2008.

[20] W. Zou, K.-P. Yu, and X.-H. Wan, “Research on the gas-leak-
age rate of unsteady ventilated supercavity,” Journal of Hydrody-
namics, vol. 22, no. 5, pp. 736–741, 2010.

[21] H. Qingmin, J. Wenling, Z. Shuhui, R. Liang, and J. Ziguang,
“Natural gas pipeline leakage detection based on FBG strain
sensor,” in Proceedings of the 5th Conference on Measuring
Technology and Mechatronics Automation, 2013.

[22] H.-N. Li, D.-S. Li, and G.-B. Song, “Recent applications of
fiber optic sensors to health monitoring in civil engineering,”
Engineering Structures, vol. 26, no. 11, pp. 1647–1657, 2004.



The Scientific World Journal 9

[23] D. K. Alan and A. Michael, “Fiber grating sensors,” Journal of
Lightwave Technology, vol. 15, no. 8, pp. 1442–1463, 1997.

[24] R. Yunjiang, “In-fiber Bragg grating sensors,” Measurement
Science and Technology, vol. 8, no. 4, pp. 355–375, 1997.

[25] L. Sun, H.-N. Li, L. Ren, andQ. Jin, “Dynamic responsemeasur-
ement of offshore platformmodel by FBG sensors,” Sensors and
Actuators A: Physical, vol. 136, no. 2, pp. 572–579, 2007.



Research Article
Damage Identification for Large Span Structure Based on
Multiscale Inputs to Artificial Neural Networks

Wei Lu, Jun Teng, and Yan Cui

Shenzhen Graduate School, Harbin Institute of Technology, Shenzhen 518055, China

Correspondence should be addressed to Jun Teng; tengj@hit.edu.cn

Received 10 March 2014; Accepted 3 May 2014; Published 25 May 2014

Academic Editor: Ting-Hua Yi

Copyright © 2014 Wei Lu et al. This is an open access article distributed under the Creative Commons Attribution License, which
permits unrestricted use, distribution, and reproduction in any medium, provided the original work is properly cited.

In structural health monitoring system, little research on the damage identification from different types of sensors applied to
large span structure has been done in the field. In fact, it is significant to estimate the whole structural safety if the multitype
sensors or multiscale measurements are used in application of structural health monitoring and the damage identification for large
span structure. A methodology to combine the local and global measurements in noisy environments based on artificial neural
network is proposed in this paper. For a real large span structure, the capacity of the methodology is validated, including the
decision on damage placement, the discussions on the number of the sensors, and the optimal parameters for artificial neural
networks. Furthermore, the noisy environments in different levels are simulated to demonstrate the robustness and effectiveness of
the proposed approach.

1. Introduction

Structural damage identification has taken increasing atten-
tion from the scientific and engineering communities
because the unpredicted structural failure could cause catas-
trophic, economic, and human life loss. A reliable and
effective damage identification methodology is significant to
maintain safety and capacity of structures [1–3]. Due to the
advantages of abilities of artificial neural networks (ANNs)
for nonlinear function approximation and high robust, the
damage identification methodologies using ANNs have been
widely researched over years.

Although there are many accepted damage identification
methods using ANNs, the optimizations, such as the struc-
tures and parameters of ANNs, as well as the damage indexes,
are researched and improved in order to obtainmore accurate
results. Vibration-based damage identification method that
utilized ANNs to identify defects of an experimental model
was proposed [4], where a steel beam was used as a structure
and seven piezoelectric accelerometers were mounted on the
top surface of the beams. With the beam response recorded
from accelerometers and data acquisition system, the damage
caused by cuts of the height was identified and the different
damage cases were recognized as well. A seismic damage

identification method based on artificial neural networks
and modal variables was researched, which was verified with
simulated data on a-5-storey office building [5]. However,
it is found that the approach was quite sensitive to modal
errors. Besides these acceleration and vibration based damage
identification methods using ANNs were proposed, such
as damage detection in a truss-type structure by means of
vibration [6], damage identification in beam-like composite
laminates by using the combination of natural frequencies
and mode shapes as the input for ANNs [7], and so on. Fur-
thermore, there were also strain-based damage identification
methods that used ANNs, one of which is the prediction on
crack positions and lengths of a lap-joint structure with the
structural strain measurements as the input of ANNs [8].

However, the inputs of the ANNs are the features or
measurements from single type of sensor, while suitable
measurements from various types of sensors and datamining
in various measurements can support more effective results
[9]. Thus, this paper focuses on the inputs of ANNs; the mul-
tiscale inputs to ANNs are used to discuss the effectiveness of
damage identification for large span structure.

The rest of the paper is organized as follows. In Section 2
the strategy to identify the damage by using artificial neural
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networks is firstly proposed, especially the construction
on input parameters. In Section 3 a real large span space
structure is introduced, including the dimensions, the char-
acteristics, and the transient seismic analysis. In Section 4 the
influences by using different parameters, inputs of ANNs, and
different levels of noises are compared, while the conclusions
are offered in the final section of the paper.

2. Damage Identification Using ANNs

2.1. The Structure of BP Neural Networks. The damage iden-
tification method is carried out by BP neural networks
(BPNNs), whose full name is Back-Propagation Network.
BPNN is a multilayer network, in which the weight value
is trained by nonlinear differential equation. Because of
the simple structure and fabricability of the BPNNs, it has
been widely used in many research fields including function
approximation, pattern recognition, information classifica-
tion, data compression, and so on. However, there is still no
clear criterion to determine the most appropriate network
architecture for a certain system. Some scholars have proved
that the neural network structure with two hidden layers can
get better recognition results [10], so the BPNN with two
hidden layers is taken into the consideration of the damage
identification in this paper. Except for determining the input
vector of the neural network-based damage identification, the
optimization of the neural network structure also needs to
consider several important parameters including the selec-
tion on the number of training sample sets, the number
of neurons in hidden layers, the transfer function, and the
training function.

Transfer Functions and Training Functions. The BPNNs for
damage identification have one input layer, two hidden layers,
and one output layer. The transfer functions are the tan-
sigmoid function, the linear function, and linear function,
respectively. There are many kinds of training functions,
while different training functions are suitable for the dif-
ferent neural network structure [11]. The training functions
used to discuss the optimal neural network in the paper
are listed as (1) Levenberg-Marquardt algorithm [12], (2)
Scaled Conjugate Gradient algorithm [13], (3) the Resilient
Back-Propagation algorithm [14], (4) Gradient Descent
with Momentum algorithm [15], (5) Gradient Descent with
Momentum and Adaptive Learning Rate algorithm [15],
(6) Fletcher-Reeves Conjugate Gradient algorithm [16], and
(7) the BFGS Quasi-Newton algorithm [17]. The training
functions are abbreviated in T-LM, T SCG, T RP, T GDM,
T GDX, T CGF, and T BFG.

The Number of the Neurons in Hidden Layers. The optimal
number of neurons in a hidden layer varies with different
input and output, which is usually achieved by reiterative
trials and accumulated experience [18]. The neuron number
of the hidden layers may be approximately determined by the
following equation [19]:

𝑖 = √𝑚 + 𝑛 + 𝐴, (1)

where 𝑖, 𝑚, and 𝑛 are the numbers of neurons in hidden
layer, input layer, and output layer, respectively. 𝐴 denotes an
empirical constant, commonly ranging from4 to 8 depending
on the actual system.

2.2. The Inputs of Neural Network. The inputs of the neural
network for damage identification are selected as three
scenarios: one is the strain damage parameter, one is the
acceleration damage parameter, and the last one is the
multiscale damage parameter combined with strain damage
parameter and acceleration damage parameter [20].

The strain damage parameter vector is defined as

𝑑
𝜀
= [𝑑𝜀1
𝑑
𝜀2
⋅ ⋅ ⋅ 𝑑
𝜀𝑖
⋅ ⋅ ⋅ 𝑑
𝜀𝑛] , (2)

where 𝑑
𝜀𝑖
is the normalized strain damage parameter vector

generated by the strain time series measured from the
𝑖th selected strain sensor.

The acceleration damage parameter vector is defined as

𝑑
𝜙
= [𝑑𝜙1
𝑑
𝜙2
⋅ ⋅ ⋅ 𝑑
𝜙𝑖
⋅ ⋅ ⋅ 𝑑
𝜙𝑚] , (3)

where 𝑑
𝜙𝑖

is the damage parameter generated by the
𝑖th selected mode shape.

The multiscale damage parameter vector is defined as

𝑑
𝜙𝜀
= [𝑑𝜙
𝑑
𝜀] = [
𝑑
𝜙1
𝑑
𝜙2
⋅ ⋅ ⋅ 𝑑
𝜙𝑚
𝑑
𝜀1
𝑑
𝜀2
⋅ ⋅ ⋅ 𝑑
𝜀n] .

(4)

2.3. The Outputs of Neural Network and Evaluation. For the
same input vectors of the neural network, different network
architectures take different identification results. In order to
evaluate whether the architecture of neural network is the
optimal one or not, the absolute average error 𝑒 is taken as the
selection criterion. For a given input of neural network and
network architecture,𝑚 times tests are carried out to test the
neural networkmodel.The absolute average error 𝑒 is defined
as

𝑒 =

(𝑒
1
+ 𝑒
2
+ ⋅ ⋅ ⋅ + 𝑒

𝑚
)

𝑚

,

𝑒
𝑖
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𝑗
− ∑𝛼

𝑗

∑𝛼
𝑗












(𝑖 = 1, 2, . . . , 𝑚; 𝑗 = 1, 2, . . . , 𝑞) ,

(5)

where 𝛼
𝑗
and 𝛼

𝑗
are the identification value and theoretical

value of damage extent on 𝑗th damage location, respectively.

Because the noise is usually accompanied by the mea-
surements from sensors, the noisymeasurements are given in
different noise levels.The robustness of the proposedmethod
can be proofed by estimating the antinoise performance of
damage identificationmethod.Here the noise level is the ratio
of the root mean square (RMS) of the noise to the RMS of the
signal time series [21], which can be defined as

𝑒 =

𝑟
𝑛

𝑟
𝑡

× 100%, (6)

where 𝑒 is the noise level; 𝑟
𝑛
is the root mean square of noise;

and 𝑟
𝑡
is the root mean square of the signal time series.
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Table 1: The main natural frequencies of the intact shell structure.

X transitional Y transitional Z transitional

Mode Period(s) Mode mass
participation factor Mode Period(s) Mode mass

participation factor Mode Period(s) Mode mass
participation factor

2 0.780 0.773 1 0.839 0.753 3 0.734 0.215
4 0.599 0.033 4 0.599 0.026 8 0.484 0.004
7 0.491 0.022 7 0.491 0.038 16 0.351 0.017
10 0.425 0.010 9 0.443 0.014 27 0.298 0.017
14 0.359 0.005 17 0.338 0.003 28 0.296 0.079
18 0.334 0.004 19 0.333 0.010 29 0.289 0.048

Figure 1: The finite element model of Beijing National Aquatics
Center.

3. Researched Structure

3.1. Structure Description and Its Finite Element Model. The
steel superstructure of Beijing National Aquatics Center is
a new kind of polyhedron spatial frame structure, whose
outside size is 176.5389m in length, 176.5389m in width, and
29.3786m in height. Polyhedron space has high repeatability,
where the polyhedral cell in internal structure just needs
four kinds of rod length and three types of nodes. The
steel structure of National Aquatic Center is analyzed by
finite element software SAP2000, and the node is set to be
rigid connection and the member is set to be space beam
element. The members are subjected to bending moment,
shear, tension, or compression and torsion, simultaneously
[22]. Its finite element model is shown in Figure 1.

3.2. Modal Analysis. The main natural frequencies of the
intact structure can be obtained from structural modal
analysis, which are shown in Table 1. The orders of the mode,
the frequency values, and themass participation factors to the
corresponding mode are listed in Table 1, where the first six
main modes are listed for each vibration direction.

3.3. Seismic Effect Analysis. The structural analysis for the
polyhedron space frame is that the members are subjected
to the normal force and biaxial bending moments, while
most joints are not subjected to lateral force and the lateral
force is so small to a small number of members. The
maximum moment occurs at the two ends of member and

3043

9337

2039

Figure 2: The displacement peak points.

the bending moments on the two ends are almost in the
opposite direction. The analysis results for the structure
which is subjected to seismic action in three directions [22]
are described as follows: (1) the displacement peak value in
𝑍 direction is 0.735m, which occurs at the node (number
2039) located at the center of the long span roof (Figure 2); (2)
the displacement peak value in 𝑌 direction is 0.322m, which
occurs at the node (number 9337) located at the end of one
bottom chord of roof (Figure 2); (3) the displacement peak
value in 𝑋 direction is 0.286m, which occurs at the node
(number 3043) located at the surface of left wall (Figure 2);
(4) the range of the normal force to the member is from
−4.49017 × 103 kN to 4.3187 × 103 kN, while the top chord
members are subjected to themaximum compression and the
bottom chord members are subjected to maximum tension;
and (5) the plastic hinge state of roof based on the dynamic
elastoplastic analysis is shown in Figures 3 and 4 [23], where
the structure is subjected to rare seismic action.

3.4. Damage Model and Load Cases. The five bottom chord
members around the node number 2039 are selected to
be the damage case according to the analysis result of the
structure which is subjected to seismic action. The selected
damage locations are shown in Figure 5. In SAP2000, the
structural damage extent is simulated by changing the elastic
modulus of steel elements, so the different damage extents
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Figure 3: The plastic hinge state of roof by moment𝑀
𝑦
.

Figure 4: The plastic hinge state of roof by moment𝑀
𝑧
.

can be simulated by changing the elastic modulus of the five
elements. The reduced elastic moduli of the five elements
for simulating minimum and maximum damage extents are
0.95𝐸 and 0.50𝐸, respectively. The 0.03𝐸 is taken to be the
damage extent interval; the 16 damage extent scenarios and
16 structural damage models can be simulated finally.

The training, validation and prediction data for BPNNare
from the structural analysis results on various damagemodels
which are subjected to 36 kinds of earth pulsation load cases
and the earth pulsations are simulated bywhite noises. For the
first load case, the amplitudes of simulated white noise in 𝑋,
𝑌, and 𝑍 direction are, respectively, 0.10, 0.08, and 0.06; that
is, the acceleration amplitudes of simulated earth pulsations
in these directions are 0.10m/s2, 0.08m/s2, and 0.06m/s2,
respectively; the frequency range is from 0.5Hz to 20Hz; the
period is 10 s and the time step is 0.02 s. The time series of
simulatedwhite noise in three directions are shown in Figures
6, 7, and 8.

For other load cases, amplitudes of each white noise in
three directions only are changed, which implies that the
acceleration amplitudes of earth pulsations in three directions

Table 2: The values of the load cases.

Number X direction
(m/s2)

Y direction
(m/s2)

Z direction
(m/s2)

1 0.100 0.080 0.060
2 0.150 0.120 0.090
3 0.175 0.140 0.105
4 0.200 0.160 0.120
5 0.225 0.180 0.135
6 0.250 0.200 0.150
7 0.275 0.220 0.165
8 0.300 0.240 0.180
9 0.325 0.260 0.195
10 0.350 0.280 0.210
11 0.375 0.300 0.225
12 0.400 0.320 0.240
13 0.425 0.340 0.255
14 0.450 0.360 0.270
15 0.475 0.380 0.285
16 0.500 0.400 0.300
17 0.525 0.420 0.315
18 0.550 0.440 0.330
19 0.575 0.460 0.345
20 0.600 0.480 0.360
21 0.625 0.500 0.375
22 0.650 0.520 0.390
23 0.675 0.540 0.405
24 0.700 0.560 0.420
25 0.725 0.580 0.435
26 0.750 0.600 0.450
27 0.775 0.620 0.465
28 0.800 0.640 0.480
29 0.825 0.660 0.495
30 0.850 0.680 0.510
31 0.875 0.700 0.525
32 0.900 0.720 0.540
33 0.925 0.740 0.555
34 0.950 0.760 0.570
35 0.975 0.780 0.585
36 1.000 0.800 0.600

are changed. The amplitudes of 36 kinds of simulated earth
pulsations are shown in Table 2. So there are totally 576 kinds
of damage cases data, as there are 16 kinds of damage models
and 36 kinds of load cases. The data separation for training
group, validation group, and prediction group are shown in
Table 3.

According to Tables 3 and 6 scenarios are included in
validation group; 6 scenarios are included in prediction group
and 336 scenarios are included in the training group.
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Figure 5: The placements of the five damaged elements.
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Figure 6:The acceleration time series in𝑋 direction of the first load
case.
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Figure 7:The acceleration time series in𝑌 direction of the first load
case.

4. Results and Discussions

4.1. Sensitivity Analysis on Damage Parameter Index

4.1.1. Sensitivity Analysis on Strain Damage Parameter and Its
Selection. The MAC value is used to evaluate the sensitivity
of the selected damage parameters, where the smaller value
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Figure 8:The acceleration time series in𝑍 direction of the first load
case.

Table 3: The data for training, validation, and prediction.

Group Damage model (elastic
modulus after damage)

Load cases
(number, as shown

in Table 2)
Validation group 0.80𝐸 6, 12, 18, 24, 30, 36
Prediction group 0.65𝐸 5, 10, 15, 20, 25, 31
Training group The other 14 kinds The other 24 kinds

of MAC is, the more sensitivity of the damage parameter is
[20].

The candidate placements for strain sensors are shown in
Figure 9, which are labeled as 𝑠1, 𝑠2, 𝑠3, 𝑠4, 𝑠5, 𝑠6, 𝑠7, 𝑠8, 𝑠9,
𝑠10, and 𝑠11, respectively. By optimizing the placements of
strain sensors and the selection of time steps, more sensitive
strain damage parameter vectors can be determined.

Five scenarios on the number and placements of strain
sensors are set as follows: (1) 𝑠1, 𝑠2, 𝑠3, 𝑠4, 𝑠5, 𝑠6, 𝑠7, 𝑠8,
𝑠9, 𝑠10, and 𝑠11; (2) 𝑠6, 𝑠7, 𝑠8, 𝑠9, 𝑠10, and 𝑠11; (3) 𝑠6, 𝑠7,
𝑠8, 𝑠9, and 𝑠10; (4) 𝑠6, 𝑠8, 𝑠9, and 𝑠10; and (5) 𝑠6, 𝑠8, 𝑠10,
respectively. Six kinds of time step are defined to discuss the
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Figure 9: The previous placements of strain sensors.

Table 4: The MAC values of damage parameter induced by strain sensors.

Time steps Scenario on the number and placements of strain sensors
1 2 3 4 5

5 0.921 0.598 0.803 0.610 0.216
7 0.727 0.362 0.669 0.290 0.372
9 0.403 0.203 0.002 0.048 0.338
11 0.903 0.679 0.844 0.715 0.342
13 0.631 0.441 0.761 0.361 0.558
15 0.526 0.284 0.005 0.082 0.257

optimal strain damage parameter, which are five steps, seven
steps, nine steps, eleven steps, thirteen steps, and fifteen steps,
respectively.

For each strain damage parameter vector, the calculation
results of sensitivity are shown in Table 4. The MAC values,
compared between the damage scenario where the structure
is in 0.95𝐸 damage and subjected to the 2nd load case and the
damage scenario where the structure is in 0.50𝐸 damage and
subjected to the 7th load case, are shown in Table 4. It can be
seen from Table 4 that the minimum value of MAC is 0.005,
where the strain damage parameters are from the 3rd scenario
on the number and placement of strain sensors and the 15
time steps. Thus there are 75 elements in the strain damage
parameter vectors, while the number of neurons for the input
layer of BPNN is 75.

In order to validate the effectiveness of the strain damage
parameter, the noisymeasurements are considered, where the
strainmeasurements, the noisy strainmeasurements, and the
noise are shown in Figures 10, 11, and 12, respectively.

The MAC values of strain damage parameter vector
using noisy measurements are compared in Tables 5 and 6.

Table 5: The MAC values of stain damage parameter vector
extracted from different load cases.

Noise levels Damage extents
0.92𝐸 0.83𝐸 0.71𝐸 0.59𝐸 0.50𝐸

0.00 0.0051 0.0050 0.0048 0.0047 0.0046
0.01 0.0477 0.0709 0.3940 0.2398 0.1891
0.02 0.0579 0.0650 0.2540 0.0139 0.0313
0.04 0.0001 0.2316 0.1417 0.0008 0.0180
0.08 0.0001 0.0373 0.0012 0.2914 0.0024
0.10 0.3863 0.0268 0.0010 0.0036 0.0118

The noise levels are 0.01, 0.02, 0.04, 0.08, and 0.10. The MAC
values, compared between the damage scenario where the
structure is in 0.95𝐸 damage and subjected to the 2nd load
case and the damage scenario where the structure is in the
corresponding damage extents in the table and subjected to
the 7th load case, are shown in Table 5. The MAC values,
compared between the damage scenario where the structure
is in 0.95𝐸 damage and subjected to the 2nd load case and the
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Figure 10: The time series of the strain sensor without noise.
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Figure 11: The time series of the strain sensor with noise.
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Figure 12: The time series of noise with 4% noise level.

Table 6: The MAC values of stain damage parameter vector
extracted from the same load case.

Noise levels Damage extents
0.92𝐸 0.83𝐸 0.71𝐸 0.59𝐸 0.50𝐸

0.00 1.0000 0.9998 0.9989 0.9961 0.9905
0.01 0.4538 0.5548 0.2523 0.6695 0.0366
0.02 0.0072 0.0011 0.0037 0.0129 0.0000
0.04 0.0042 0.0068 0.0235 0.0261 0.0015
0.08 0.1638 0.1018 0.0064 0.0010 0.0000
0.10 0.0692 0.0682 0.2063 0.0292 0.0657

damage scenario where the structure is in the corresponding
damage extents in the table and subjected to the 2nd load case,
are shown in Table 6.

It can be known from Tables 5 and 6 that the values
of MAC are becoming smaller with the increase in damage
extent when the measurements are without noises, which is
in accordance with the theory analysis. In the opposite side,

The simulated damage elements
The placements of acceleration sensor
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Figure 13: The previous placements of accelerometer.

the variation on the value ofMAC is becoming inconspicuous
when the measurements are noisy.

4.1.2. Sensitivity Analysis on Acceleration Damage Parameter
and Its Selection. The candidate placements for accelerom-
eters are shown in Figure 13, which are labeled as 𝑎1, 𝑎2,
𝑎3, 𝑎4, 𝑎5, 𝑎6, 𝑎7, 𝑎8, and 𝑎9, respectively. By optimizing
the placements of accelerometers and the selection of mode
shapes, more sensitive acceleration damage parameter vector
can be determined.

Five scenarios on the number and placements of
accelerometers are set as follows: (1) 𝑎1, 𝑎2, 𝑎3, 𝑎4, 𝑎5, 𝑎6, 𝑎7,
𝑎8, and 𝑎9; (2) 𝑎2, 𝑎5, 𝑎6, 𝑎7, 𝑎8, and 𝑎9; (3) 𝑎4, 𝑎5, 𝑎6, 𝑎7,
𝑎8, and 𝑎9; (4) 𝑎3, 𝑎4, 𝑎7, 𝑎8, and 𝑎9; and (5) 𝑎6, 𝑎7, 𝑎8, and
𝑎9, respectively. Six modes are selected to discuss the optimal
acceleration damage parameter in three vibration directions
separately.

For each acceleration damage parameter vector, the cal-
culation results of sensitivity are shown in Tables 7–9. The
MAC values, compared between the damage scenario where
the structure is in 0.95𝐸 damage and subjected to the 2nd
load case and the damage scenario where the structure is in
0.50𝐸 damage and subjected to the 7th load case, are shown
in Tables 7–9. It can be seen from Table 7 that the smaller
values of MAC are from the 2nd, 7th, 10th, and 14th modes,
while the number and placement of accelerometers are from
the 1st scenario. It can be seen from Table 8 that the smaller
values of MAC are from the 4th, 17th, and 19th modes, while
the number and placement of accelerometers are from the 3rd
scenario. It can be seen from Table 9 that the smaller values
of MAC are from the 3rd, 16th, 27th, and 29th modes, while
the number and placement of accelerometers are from the
1st scenario. Thus there are 90 elements in the acceleration
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Table 7: The MAC values of acceleration damage parameter in X
transitional direction.

Mode Number of accelerometers
9 6 6 5 4

2 0.042 0.367 0.602 0.533 0.049
4 0.055 0.522 0.033 0.533 0.906
7 0.055 0.264 0.092 0.335 0.611
10 0.036 0.216 0.440 0.954 0.224
14 0.001 0.010 0.002 0.331 0.001
18 0.242 0.405 0.348 0.472 0.148

Table 8: The MAC values of acceleration damage parameter in Y
transitional direction.

Mode Number of accelerometers
9 6 6 5 4

1 0.234 0.933 0.608 0.230 0.581
4 0.010 0.861 0.002 0.060 0.810
7 0.009 0.779 0.062 0.162 0.046
9 0.086 0.900 0.204 0.417 0.268
17 0.100 0.648 0.085 0.071 0.737
19 0.221 0.842 0.231 0.020 0.669

Table 9: The MAC values of acceleration damage parameter in Z
transitional direction.

Mode Number of accelerometers
9 6 6 5 4

3 0.003 0.027 0.102 0.423 0.007
8 0.397 0.021 0.222 0.464 0.044
16 0.081 0.299 0.024 0.201 0.004
27 0.039 0.041 0.236 0.014 0.082
28 0.039 0.041 0.236 0.014 0.082
29 0.010 0.018 0.054 0.074 0.023

damage parameter vectors, while the number of neurons for
the input layer of BP neural network is 90.

In order to analyze the effectiveness of the selected accel-
eration damage parameter vectors, the MAC values on noisy
acceleration measurements are discussed. The acceleration
measurements, the noisy accelerationmeasurements, and the
noise are shown in Figures 14, 15, and 16, respectively.

TheMACvalues of acceleration damage parameter vector
using noisy measurements are compared in Tables 10 and 11.
The noise levels are 0.01, 0.02, 0.04, 0.08, and 0.10. The MAC
values, compared between the damage scenario where the
structure is in 0.95𝐸 damage and subjected to the 2nd load
case and the damage scenario where the structure is in the
corresponding damage extents in the table and subjected to
the 7th load case, are shown in Table 10. The MAC values,
compared between the damage scenario where the structure
is in 0.95𝐸 damage and subjected to the 2nd load case and the
damage scenario where the structure is in the corresponding
damage extents in the table and subjected to the 2nd load case,
are shown in Table 11.

Table 10:TheMAC values of acceleration damage parameter vector
extracted from different load cases.

Noise levels Damage extents
0.92𝐸 0.83𝐸 0.71𝐸 0.59𝐸 0.50𝐸

0.00 0.1057 0.0843 0.0673 0.0568 0.0512
0.01 0.1601 0.1471 0.1013 0.0769 0.0765
0.02 0.0957 0.0912 0.0140 0.0146 0.0914
0.04 0.0301 0.0229 0.1233 0.0617 0.0809
0.08 0.6297 0.4090 0.3884 0.5173 0.3854
0.10 0.0028 0.0039 0.0024 0.0015 0.0039
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Figure 14: The time series of the accelerometer without noise.
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Figure 15: The time series of the accelerometer with noise.

0 2 4 6 8 10

Time (s)

0.2

0.1

0

−0.1

−0.2Ac
ce

le
ra

tio
n 

no
ise

 (m
/s
2
)

Figure 16: The acceleration noise with 10% noise level.

It can be known from Tables 10 and 11 that the value
of MAC is becoming smaller with the increasing in damage
extent when themeasurements arewithout noises, which is in
accordance with the theory analysis. However, the variation
on the value of MAC is becoming inconspicuous when the
measurements are noisy.
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Table 11: TheMAC values of acceleration damage parameter vector
extracted from the same load case.

Noise levels Damage extents
0.92𝐸 0.83𝐸 0.71𝐸 0.59𝐸 0.50𝐸

0.00 0.9999 0.9976 0.9868 0.9573 0.9064
0.01 0.9994 0.9832 0.9772 0.9725 0.9987
0.02 0.9659 0.9552 0.9213 0.9900 0.7671
0.04 0.9574 0.9265 0.9902 0.9799 0.9832
0.08 0.7293 0.2113 0.8939 0.1842 0.5951
0.10 0.9585 0.8510 0.2923 0.9885 0.3672

Table 12: The MAC values of multiscale damage parameter vector
extracted from different load cases.

Noise levels Damage extents
0.92𝐸 0.83𝐸 0.71𝐸 0.59𝐸 0.50𝐸

0.00 0.0378 0.0297 0.0233 0.0194 0.0173
0.01 0.0578 0.1018 0.0877 0.0385 0.0632
0.02 0.0871 0.0632 0.0141 0.0145 0.0149
0.04 0.0014 0.0373 0.0001 0.0011 0.0003
0.08 0.0029 0.0028 0.0011 0.1455 0.0090
0.10 0.0001 0.0001 0.0013 0.0010 0.0028

Table 13: The MAC values of multiscale damage parameter vector
extracted from the same load case.

Noise levels Damage extents
0.92𝐸 0.83𝐸 0.71𝐸 0.59𝐸 0.50𝐸

0.00 0.9998 0.9966 0.9805 0.9342 0.8550
0.01 0.9991 0.9799 0.9534 0.9685 0.9976
0.02 0.7203 0.7306 0.8239 0.9694 0.6904
0.04 0.2148 0.2052 0.3055 0.3178 0.0898
0.08 0.0291 0.1810 0.8410 0.0998 0.5351
0.10 0.3614 0.7199 0.2158 0.8808 0.0038

Table 14: The number of neurons in hidden layers of neural
networks.

𝐴1 𝐴2 1st hidden layer 2nd hidden layer
4 2 13 6
6 2 15 6
6 4 15 7
8 5 17 8

4.1.3. Sensitivity Analysis on Multiscale Damage Parameter.
Based on the optimal selection on the strain damage param-
eter and the acceleration damage parameter, the sensitivity
of multiscale damage parameter is analyzed. The MAC
values of multiscale damage parameter vector using noisy
measurements are compared in Tables 12 and 13. The noise
levels are 0.01, 0.02, 0.04, 0.08, and 0.10. The MAC values,
compared between the damage scenario where the structure
is in 0.95𝐸 damage and subjected to the 2nd load case and the
damage scenario where the structure is in the corresponding
damage extents in the table and subjected to the 7th load case,
are shown in Table 12. The MAC values, compared between

the damage scenario where the structure is in 0.95𝐸 damage
and subjected to the 2nd load case and the damage scenario
where the structure is in the corresponding damage extents
in the table and subjected to the 2nd load case, are shown in
Table 13.

It can be seen from Tables 12 and 13 that the multiscale
damage parameter vector is more sensitive to the damage
extent compared with both the strain damage parameter
vector and the acceleration damage parameter.

4.2. Selection on Architecture of Neural Networks

4.2.1. The Number of the Training Groups. Five kinds of
training groups are chosen to obtain the optimal predicted
values which can be used to compare the effectiveness of
the multiscale damage parameter and sole-scale damage
parameter. Based on the training group and all the 24 kinds
of load cases listed in Table 3, the front 8, 10, 11, 12, and 14
kinds of damage models are selected separately to give the
different number of training groups, which are 192 training
groups, 240 training groups, 264 training groups, 288 training
groups, and 336 training groups.

4.2.2. The Number of Neurons in Hidden Layers. According
to the empirical equation (1) and by taking the strain damage
parameter vector as the input and assuming that the constant
value for the first hidden layer is A1 and the constant value for
the second hidden layer is A2, there are four given choices on
the number of neurons in hidden layers, which are shown in
Table 14. For the acceleration damage parameter vector, the
same number of neurons in hidden layers is selected to be
discussed.

4.3. Damage Identification Based on Sole-ScaleMeasurements.
The data from validation groups are used to choose the
optimal architecture of the neural networks which have the
different sets and number of neurons in the hidden layer. It
is shown in Table 15 that the training function T-LM is used,
while the optimal architecture of neural network is chosen by
theminimumvalue of themaximumerrors based ondifferent
noise level interferences. Similarly, the optimal architectures
of neural networks using the different training functions are
chosen and listed in Tables 16 and 17.

It can be known from Tables 16 and 17 that the training
functions for the optimal architecture of neural networks
with the strain damage parameter or acceleration damage
parameter are both the Levenberg-Marquardt algorithm.
The data from prediction groups are used to evaluate the
effectiveness of the neural networks, where the optimal
architecture of neural network is used. The prediction errors
and maximum errors for each scenario in prediction group
are shown in Tables 18 and 19. Meanwhile, the average errors
are calculated based on all the prediction scenarios which are
in the same noise level and they are shown in Table 20. It
can be seen from Table 20 that the maximum average errors
using the strain damage parameter and acceleration damage
parameter are 16.1% and 16.5%, respectively, which are based
on their own optimal neural network architecture.
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Table 15: The identification errors of neural networks based on strain damage parameters.

Training functions Sets Neurons Noise levels Maximum error
0.00 0.01 0.02 0.04 0.08 0.10

T LM 192 (13,6) 0.057 0.195 0.264 0.180 0.156 0.164 0.264
T LM 192 (15,6) 0.118 0.365 0.202 0.182 0.231 0.230 0.365
T LM 192 (15,7) 0.064 0.256 0.185 0.172 0.714 0.117 0.714
T LM 192 (17,8) 0.066 0.346 0.252 0.153 0.172 0.198 0.346
T LM 240 (13,6) 0.040 0.202 0.151 0.186 0.161 0.162 0.202
T LM 240 (15,6) 0.068 0.156 0.151 0.134 0.279 0.127 0.279
T LM 240 (15,7) 0.046 0.182 0.135 0.925 0.172 0.150 0.925
T LM 240 (17,8) 0.077 0.343 0.194 0.246 0.165 0.157 0.343
T LM 264 (13,6) 0.086 0.400 0.182 0.509 0.228 0.164 0.509
T LM 264 (15,6) 0.239 0.380 0.174 0.750 0.149 0.160 0.750
T LM 264 (15,7) 0.082 0.164 0.176 0.151 0.197 0.192 0.197
T LM 264 (17,8) 0.041 0.245 0.222 0.163 0.309 0.172 0.309
T LM 288 (13,6) 0.044 0.136 0.390 0.145 0.112 0.165 0.390
T LM 288 (15,6) 0.144 0.157 0.196 0.142 0.122 0.149 0.196
T LM 288 (15,7) 0.067 0.242 0.224 0.178 0.404 0.257 0.404
T LM 288 (17,8) 0.095 0.158 0.268 0.109 0.128 0.141 0.268
T LM 336 (13,6) 0.082 0.111 0.125 0.103 0.255 0.114 0.255
T LM 336 (15,6) 0.039 0.149 0.245 0.126 0.273 0.193 0.273
T LM 336 (15,7) 0.044 0.169 0.130 0.081 0.128 0.484 0.484
T LM 336 (17,8) 0.040 0.322 0.196 0.149 0.067 0.055 0.322

Table 16: The choice of the best neural network based on the strain damage parameters.

Training functions Sets Neurons Noise levels Maximum error
0.00 0.01 0.02 0.04 0.08 0.10

T LM 288 (15,6) 0.144 0.157 0.196 0.142 0.122 0.149 0.196
T SCG 192 (15,6) 0.286 0.275 0.177 0.266 0.199 0.206 0.286
T RP 264 (15,7) 0.261 0.229 0.391 0.308 0.295 0.335 0.391
T GDM 192 (15,6) 1.073 0.572 1.031 1.633 0.826 1.580 1.633
T GDX 240 (17,8) 0.493 0.304 0.392 0.593 0.297 0.087 0.593
T CGF 192 (13,6) 0.251 0.214 0.169 0.153 0.268 0.305 0.305
T BFG 192 (15,6) 0.499 0.484 0.198 0.184 0.184 0.240 0.499

Table 17: The choice of the best neural network based on the acceleration damage parameters.

Training functions Sets Neurons Noise levels Maximum error
0.00 0.01 0.02 0.04 0.08 0.10

T LM 264 (13,6) 0.083 0.153 0.158 0.148 0.167 0.168 0.168
T SCG 192 (15,7) 0.196 0.486 0.429 0.307 0.365 0.223 0.486
T RP 240 (15,6) 0.075 0.194 0.296 0.276 0.261 0.256 0.296
T GDM 288 (15,6) 0.838 1.008 1.190 0.679 1.021 1.462 1.462
T GDX 240 (15,6) 0.172 0.105 0.274 0.195 0.204 0.332 0.332
T CGF 240 (15,7) 0.156 0.230 0.151 0.173 0.201 0.197 0.230
T BFG 192 (15,7) 0.303 0.428 0.339 0.193 0.211 0.144 0.428

4.4. Damage Identification Using Multiscale Measurements.
The multiscale damage parameter, combined with the strain
damage parameter and the acceleration damage parameter,
is used to discuss the effectiveness of damage evaluation.
The same procedure on selecting the optimal architecture
of neural network is processed to the multiscale damage

parameter, where the Levenberg-Marquardt algorithm is the
best training function for multiscale damage parameter. The
errors of the prediction scenarios are listed in Table 21 and
the errors comparison of using different damage parameters
with the optimal architectures of neural networks is shown in
Table 22. It can be seen fromTable 22 that themaximumerror



The Scientific World Journal 11

Table 18: The identification errors of forecasted cases based on strain damage parameters.

Number Damage extents Load cases Noise levels Maximum error
0.00 0.01 0.02 0.04 0.08 0.10

1 0.65𝐸 5 0.186 0.086 0.247 0.124 0.145 0.129 0.247
2 0.65𝐸 10 0.013 0.022 0.084 0.097 0.274 0.048 0.274
3 0.65𝐸 15 0.046 0.087 0.037 0.002 0.037 0.065 0.087
4 0.65𝐸 20 0.030 0.041 0.278 0.021 0.114 0.102 0.278
5 0.65𝐸 25 0.036 0.144 0.140 0.042 0.103 0.109 0.140
6 0.65𝐸 31 0.019 0.104 0.180 0.138 0.108 0.165 0.180

Table 19: The identification errors of forecasted cases based on acceleration damage parameters.

Number Damage extents Load cases Noise levels Maximum error
0.00 0.01 0.02 0.04 0.08 0.10

1 0.65𝐸 5 0.147 0.012 0.209 0.145 0.118 0.210 0.210
2 0.65𝐸 10 0.108 0.112 0.077 0.244 0.086 0.041 0.244
3 0.65𝐸 15 0.002 0.065 0.159 0.007 0.054 0.232 0.232
4 0.65𝐸 20 0.071 0.265 0.104 0.146 0.006 0.034 0.265
5 0.65𝐸 25 0.018 0.251 0.068 0.078 0.101 0.013 0.251
6 0.65𝐸 31 0.011 0.283 0.029 0.108 0.061 0.174 0.283

Table 20: The identification errors of the forecasted cases based on optimal neural networks.

Input vector Sets Neurons Noise levels Maximum error
0.00 0.01 0.02 0.04 0.08 0.10

Strain 288 (15,6) 0.055 0.081 0.161 0.071 0.130 0.103 0.161
Acceleration 264 (13,6) 0.059 0.165 0.108 0.121 0.071 0.117 0.165

Table 21: The identification errors of forecasted cases based on multiscale damage parameters.

Number Damage extents Load cases Noise levels Maximum error
0.00 0.01 0.02 0.04 0.08 0.10

1 0.65𝐸 5 0.179 0.100 0.009 0.043 0.021 0.003 0.179
2 0.65𝐸 10 0.109 0.110 0.051 0.112 0.083 0.110 0.110
3 0.65𝐸 15 0.173 0.152 0.118 0.135 0.006 0.122 0.173
4 0.65𝐸 20 0.166 0.028 0.353 0.019 0.164 0.025 0.353
5 0.65𝐸 25 0.065 0.005 0.061 0.109 0.218 0.053 0.218
6 0.65𝐸 31 0.001 0.125 0.115 0.210 0.063 0.124 0.210

Table 22: The identification errors of forecasted cases based on three different input vectors.

Input vectors Sets Neurons Noise levels Maximum error
0.00 0.01 0.02 0.04 0.08 0.10

Strain 288 (15,6) 0.055 0.081 0.161 0.071 0.130 0.103 0.161
Acceleration 264 (13,6) 0.059 0.165 0.108 0.121 0.071 0.117 0.165
Combination 336 (19,6) 0.059 0.096 0.118 0.126 0.085 0.106 0.126

using multiscale damage parameters is obviously smaller
than that using strain damage parameter or acceleration
damage parameter, while the prediction results based on
multiscale damage parameter are better than those based on
strain damage parameter or acceleration damage parame-
ter. Simultaneously the identification results show that the
proposed damage identification method based on multiscale
damage parameter can effectively synthesize the measured

information from two kinds of sensors and provide better
identification results.

5. Conclusions

The paper proposed an effective damage identification meth-
od based on themultiscalemeasurements from strain sensors
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and accelerometers using artificial neural networks. The
conclusions are obtained as follows.

(1) According to the principle of MAC, the method of
sensitivity analysis on structural damage index is
given and the optimal damage parameter vector is
determined.

(2) The optimal architectures of neural networks using
the strain damage parameter and acceleration damage
parameter as the input are discussed and selected,
while the identification errors are listed for each
scenario in prediction groups.

(3) The optimal architecture of neural networks using
the multiscale damage parameter as the input is
discussed and selected, while the identification errors
are compared with those using the sole-scale damage
parameter, such as strain damage parameter and
acceleration damage parameter. The proposed dam-
age identification method is proofed to be effective
and the identification errors of performance are
better.

(4) Theproposedmethod can be used for a real large span
space structure and the elastoplastic analysis should
be processed at the beginning of selecting unfavorable
structural members.

Conflict of Interests

The authors declare that there is no conflict of interests
regarding the publication of this paper.

Acknowledgments

This work is supported by the National Science Foundation
of China (Grant no. 51308162), Natural Scientific Research
Innovation Foundation in Harbin Institute of Technology
(HIT.NSRIF.2015085), and the Supporting Project for Junior
Faculties of Harbin Institute of Technology Shenzhen Grad-
uate School.

References

[1] W. Fan and P. Qiao, “Vibration-based damage identification
methods: a review and comparative study,” Structural Health
Monitoring, vol. 10, no. 1, pp. 83–111, 2011.

[2] H. Li, T. Yi, M. Gu, and L. Huo, “Evaluation of earthquake-
induced structural damages by wavelet transform,” Progress in
Natural Science, vol. 19, no. 4, pp. 461–470, 2009.

[3] T. H. Yi, H. N. Li, and H. M. Sun, “Multi-stage structural
damage diagnosis method based on energy-damag theory,”
Smart Structures and Systems, vol. 12, no. 3-4, pp. 345–361, 2013.

[4] J. Li, U. Dackermann, Y.-L. Xu, and B. Samali, “Damage
identification in civil engineering structures utilizing PCA-
compressed residual frequency response functions and neural
network ensembles,” Structural Control and Health Monitoring,
vol. 18, no. 2, pp. 207–226, 2011.
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Based on tests on six L-shaped RC columns with 500MPa steel bars, the effect of axial compression ratios and stirrup spacing
on failure mode, bearing capacity, displacement, and curvature ductility of the specimens is investigated. Test results show that
specimens with lower axial load and large stirrup characteristic value (larger than about 0.35) are better at ductility and seismic
performance, while specimens under high axial load or with a small stirrup characteristic value (less than about 0.35) are poorer
at ductility; L-shaped columns with 500MPa steel bars show better bearing capacity and ductility in comparison with specimens
with HRB400 steel bars.

1. Introduction

Concrete structures with specially shaped columns offer
advantages such as avoiding prominent corners in a room,
increasing usable floor area, and reducing dead load of the
structure combined with the use of light infilled walls, so as
to bewidely applied inmultistoried and high-rise buildings in
China. Scholars have conducted great amount of experiment
on specially shaped concrete frames and components in
recent years [1, 2]. However, specially shaped columns are
weak at bearing capacity and seismic performance owing to
the relatively smaller cross-section area. The column root
is the key part controlling the failure of the total structure
according to previous test results of the frames [3, 4]. L-
shaped columns are the corner columns in specially shaped
concrete structures with asymmetric sections so the internal
forced state is even more complex [5].

The use of high-strength steel bars as reinforcement
in concrete elements has the potential to reduce problems
associated with the placement of reinforcing steel and reduce
the costs in shipment. These cost savings are expected to
be nearly proportional to the increase in yield stress of the
reinforcement. There have been numerous research achieve-
ments on high-strength reinforcement in concrete structures

recently in the developed countries [6–8]. The required
amount of longitudinal reinforcement can be reduced greatly
while maintaining almost the same deformability with the
specimens using normal-strength bars [9, 10]. In this paper,
the application of a new type of steel bar with high strength
and good ductility named 500MPa steel bar is investigated
(this kind of steel bar has been recommended by the “Code
for design of concrete structures” in China (GB50010-2010)).
Although steel bars with strength up to 500MPa have been
widely used in developed countries, such as the United States
and European countries, they were not employed in the
constructional industry until recently in developing countries
like China. Owing to the difference of the building code
system between China and developed countries, the former
experimental data on 500MPa steel bars provided by the
developed world could only be partially referenced and more
physical evidences are needed to guarantee the security and
building functions after the utilization of 500MPa steel in
the structures. In order to provide technical reference on
employing this material in China and revising the China
code “Technical specification for concrete structures with
specially shaped columns,” 6 L-shaped column specimens
with 500MPa bars were designed and tested under reverse
cyclic loading.
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S stands for stirrup spacing.
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Figure 1: Section dimension and reinforcement details of L-shaped columns.

2. Experimental Investigation

2.1. Test Specimens and Material Properties. Six specimens
were tested under lateral displacement reversals. The speci-
mens can be assigned into two groups, the first group (L60L,
L75L, and L90L) with an axial compression ratio of 0.09
(the corresponding axial load is 200 kN) and the second
group (L60S, L75S, and L90S) with an axial compression ratio
of 0.24 (the corresponding axial load is 550 kN). The axial
compression ratio is defined as 𝑛 = 𝑁/𝑓

𝑐
𝐴, where 𝑁 is

the axial load, 𝐴 is the cross-sectional area, and 𝑓
𝑐
is the

prism compressive strength of the concrete.These specimens
were named by unified rules; that is, the first letter stood
for cross-sectional shape, the following number for stirrup
spacing, and the last letter for axial compression ratio (L =
low axial compression ratio and S = high axial compression
ratio). Figure 1 shows the plan and elevation views of the test
specimens. Identical type and amount of longitudinal steel
bars without lap splices were applied with a 90∘ hook at the
end to ensure proper anchorage, whereas compound stirrups
with 135∘ hooks were used as transverse reinforcement. The
test specimens had 500mm deep, 1350mm long, heavily
reinforced beams at the bottom, simulating stiff foundation.
The bottom beams were fixed to the strong floor by anchor
bolts. In addition, one L-shaped column specimen with
HPB235 stirrups and HRB400 longitudinal bars, named as
L60-400, is selected to be the reference specimen, which has
the same geometric property and reinforcement arrangement
with the specimen L60L.

C50 grade concrete and 500MPa reinforcement were
used for the specimens. The material properties are shown in
Table 1. The specified concrete compressive strength by cubic
tests was 51.6MPa at 28 days, while concrete compressive
strength by prism tests was 31.6MPa. The sizes of the
test specimens are 150mm × 150mm × 150mm for cubic
compressive strength test and 150mm × 150mm × 300mm
for prism compressive strength test. The values from the two
kinds of tests are quite different owing to the size effect and
the difference in the test equipment. Normal weight aggregate
with a nominalmaximum size of 25.4mmwas applied for the
concrete.The columnswere cast upright by a continuous pour
from a single batch of concrete.

2.2. Test Setup, Instrumentation, and Loading Protocol. The
specimens were loaded as shown in Figure 2. Constant
axial load was applied at the top of each specimen by a
hydraulic jack, whereas lateral load was applied near the top
by a bidirectional hydraulic actuator with a 500 kN loading
capacity and a ±300mm linear stroke. The lateral loads and
the total column lateral displacements of the column were
monitored by a load cell and a linear variable differential
transducer (LVDT), respectively. Strains of steel and concrete
are monitored by electric resistance strain gauges. On the
other hand, two inclinometers were attached to the bottom
of the columns to measure the rotation contributed by local
discontinuous deformation.The loading protocol is shown in
Figure 3. The specimen was defined to fail when lateral load
deteriorates to 85% of the peak load or the specimen cannot
bear the axial load.

3. Test Results and Analysis

3.1. Failure Mode and Crack Pattern. The general crack
patterns observed for the specimens within the same group
were identical.The first flexural horizontal cracks occurred at
an applied load of 40 kN for specimens of group one whereas
50 kN for group two, which is located on the web near the
bottom of the column. The increase of the applied load
resulted in propagation of the cracks and initiation of new
flexural cracks along the specimen. A further increase in load
extended the existing flexural cracks into flexure-shear cracks
and generated vertical cracks along the longitudinal bars. In
general, the specimens under higher axial load cracked later
and have larger crack angles (angles to horizontal axis).

There were two kinds of failure modes for these speci-
mens, flexural failure and axial failure. The typical flexural
failure was gradual failure which was controlled by crushing
of the concrete in the plastic zone near the column base.
Specimens that failed in this mode showed obvious post-
peak softening behavior and good ductility. In this test, the
specimens L60L, L75S, and L75L failed in the flexural mode.
The axial failure occurs when severe crushing of the concrete
and buckling of the vertical bars in the plastic hinge zone
caused a severe degeneration in axial bearing capacity of the
specimen and the residual axial bearing capacity is inferior
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Figure 2: Loading equipment.
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Figure 3: Loading protocol.

to the applied axial load (Figure 4). This kind of failure is not
gradual and there is no evident postpeak softening behavior.
In this test, the specimens L60S, L75L, and L75S failed in
the axial mode. The plastic hinge was formed in both failure
modes for all the specimens. The crack pattern and failure
mode are shown in Figure 5. The design shear span ratio for
the specimens is 3 and shear effect is not relatively significant,
so none of the stirrups yield prior to the failure of steel bars.
There were more cracks located on the flanges for specimens
with 500MPa steel bars in comparison with specimens with
400MPa steel bars, which depicted that the flanges could be
more sufficiently employed to resist shear force in specimens
with high strength steel.

Measurement results of the strain gauges on stirrups
showed that stirrups of L75L, L90L, L75S, and L90S yield in
the end.Although stirrups of the other twodid not yield in the
end, their stress was on high level (the stirrup strain of L60L
reaches about 55% of yield strain, and L60S reaches about
73%). The high stresses of stirrups in the plastic zone of the
column investigated the fact that stirrups effectively confined
the core concrete.

3.2. Hysteresis Behaviors. Figure 5 summarizes the lateral
load-displacement behaviors of the test specimens.

It is observed that hysteretic loops of specimens with
lower axial load have relatively plumper shape, whereas
hysteretic loops of specimens with higher axial load have
pinched shape. For specimens with identical axial load,
hysteretic loops of specimens with less transverse reinforce-
ment covered smaller area. The backbone load-displacement
curves of specimens with lower axial load have longer and
milder postpeak descending branches, whereas the other
specimens have shorter and sharper descending branches.
The aforementioned results indicated that increasing trans-
verse reinforcement and decreasing axial load could improve
ductility and seismic performance of the specimen.

3.3. Bearing Capacity and Displacement Ductility. The dis-
placement ductility is usually measured by displacement
ductility factor, expressed as

𝜇
Δ
=

Δ
𝑢

Δ
𝑦

, (1)

where 𝜇
Δ
is the displacement ductility factor, Δ

𝑢
is the lateral

displacement at the loading point of the column when the
specimen fails (specimens are thought to fail when lateral
load declines to 85%of the ultimate load), andΔ

𝑦
is the lateral
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(a) Low axial load (b) High axial load

Figure 4: Failure mode of L-shaped columns.

Table 2: Test results of L-shaped columns.

Specimen Load/kN Displacement/mm Displacement ductility factor
Yield Ultimate Yield Ultimate Failure

L60L 131 150 10.15 12.83 33.20 3.27
L60S 174 204 8.53 14.47 19.58 2.30
L75L 136 150 8.82 13.60 27.05 3.06
L75S 200 235 7.26 14.31 16.27 2.24
L90L 158 177 8.83 13.00 22.01 2.49
L90S 189 220 8.46 15.42 16.78 2.10
Data in the table are test results loading in positive direction; webs of L-shaped columns were under compression at that time.

displacement at the loading point when the specimen yields.
The calculated results are presented in Table 2.

Analytical results of the first group of specimens (L60L,
L75L, and L90L) indicate that the stirrup spacing has no
impact on the bearing capacity. The displacement ductility
ratio 𝜇(L60L) > 𝜇(L75L) > 𝜇(L90L) indicates that the
ductility could be improved by decreasing stirrup spacing.
The failing displacements are reduced with the increase in
the stirrup spacing due to the better confinement to core
concrete provided by the more intense stirrups whereas the
yield displacement is independent of it. Similar conclusion on
displacement ductility ratio could be obtained for the second
group of specimens (L60S, L75S, and L90S).

Specimens under higher axial load have larger bearing
capacity, poorer displacement ductility, smaller yield dis-
placements, and failing displacements in comparison with
specimens under lower axial load. Concrete of the specimens
with higher axial load crush earlier resulted in faster strength
degeneration, more brittle member postpeak behavior, and
poorer seismic performance.

3.4. Specimens with 500MPa Bars versus Specimens with
HRB400 Bars. Generalized bearing capacity 𝛾 is defined to

measure the bearing capacity eliminating the influence of
column height and concrete strength, expressed as

𝛾 =

𝑀

𝑓
𝑐
𝐴

, (2)

where 𝑀 is the base moment of the column considering
second-order effect, 𝑓

𝑐
is the prism compressive strength of

the concrete, and 𝐴 is the cross-section area of the column.
The comparison results between L60L and L60-400 are
shown in Table 3. The unit of 𝛾 is “10−2m”.

Backbone lateral load-displacement curves of two speci-
mens in the form of generalized bearing capacity are shown
in Figure 6.

Table 3 and Figure 6 show that L-shaped columns with
500MPa bars have bearing capacity which is approximately
15% higher than L-shaped columns with HRB400 bars and
larger yield displacement.Their backbone load-displacement
curves have longer elastic branch as well as relatively longer
and milder descending branch, depicting better seismic
performance.However, the initial stiffness of these specimens
is decreased.

3.5. CurvatureDuctility. Curvature ductility is a performance
index estimating section ductility which is only related to
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Figure 5: Load-deflection behaviors of L-shaped columns.

Table 3: Behavior of L-shaped columns with different bars.

Specimen Generalized carrying capacity 𝛾/10−2m Displacement/mm Displacement ductility ratio
Yield Ultimate Yield Ultimate Failure

L60L 6.15 7.05 10.15 12.83 33.20 3.27
L60-400 5.24 6.12 8.14 15.24 25.38 3.12

the rotation of the plastic hinge. The plastic hinge length is a
primary parameter in calculating the rotation and curvature
ductility factor.

3.5.1. Determination of the Plastic Hinge Length. The plastic
hinge model is popular in predicting the flexural behavior
of the beam or column members due to its simple and clear
mechanical concept. In this model, the plastic hinge length
𝑙
𝑝
is the essential parameter representing the specific length

along the member in which the plastic deformation is con-
centrated, located usually in the end region of the members.
In the original work, it is determined by the shape of the
curvature profile of the specimen, so it is a mathematical
quantity rather than a physical quantity. However, scholars
were not stopped from putting their efforts in finding a way
to directly measure the plastic hinge length in a test and there
have been several methods towards it [11, 12]. The measured
plastic hinge length is equal to the mathematical quantity in
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Figure 6: Contrast between L60L and L60-400.

the original work since they are identical in the definition,
that is, the specific length along the member in which the
plastic deformation is concentrated. The difference is that
the original work got this length through a mathematical
way while the measurement method got it by relating it with
certain physical quantities such as the quantities concerning
the compression strain field. In this test, as a modification
of the compression strain field method, we monitored the
axial deformation profile along the specimenswhich is closely
related to the magnitude of damage in the critical zone, the
concrete spalling/crushing region, and the yielding length of
the longitudinal bars as discussed in [11] and found there
was a breakpoint in the deformation curves under large
displacement stage. The monitored deformation curves of
specimens are shown in Figure 7.The breakpoint divided the
deformation profile into two parts: one with concentrated
deformation and the other without concentrated deforma-
tion. We took it for granted that the length of the region with
concentrated deformation was just the plastic hinge length
𝑙
𝑝
based on the aforementioned definition of it. Figure 7

indicates that the plastic hinge length increases with increase
of the axial compression ratio.

There are already numerous empirical equations estab-
lished for calculating the plastic hinge length.These equations
are mainly based on regression analysis on test results. Since
the data points in this test were too few to establish an equa-
tion for calculating 𝑙

𝑝
of L-shaped columns, we compared

the test value of 𝑙
𝑝
and values obtained from the empirical

equations to find out one equation with the best agreement
with the test results.This equationwill be applied in the future
curvature analysis of L-shaped columns temporarily before
there is enough experimental data to implement a specific
equation for L-shaped columns. Table 4 shows the contrast
between test and calculated values of the plastic hinge length.
The formulae used in this paper are described as follows.

(1) Park and Priestley Equation. Based on regression analysis
on the test results of 20 specimens, Park and Priestley

proposed an empirical equation to determine the plastic
hinge length, considering the impact of the column height
and diameter of the longitudinal bars [13], expressed as

𝑙
𝑝
= 0.08𝐿 + 6𝑑

𝑠
, (3)

where 𝑙
𝑝
is the plastic hinge length, 𝐿 is the column height,

and 𝑑
𝑠
is the diameter of the longitudinal bars.

(2) Paulay and Priestley Equation. Paulay and Priestley
modified (3) so that the following equation was proposed,
in which the impact of different longitudinal bar strength is
considered [14]:

𝑙
𝑝
= 0.08𝐿 + 0.022𝑑

𝑠
𝑓
𝑦
, (4)

where 𝑙
𝑝
is the plastic hinge length, 𝐿 is the column height,

𝑑
𝑠
is the diameter of longitudinal bars, and 𝑓

𝑦
is the yield

strength of the longitudinal bars.
Equation (4) is the basis for the plastic hinge length

equation in the China code “Guidelines for seismic design of
highway bridges (JTG/TB02-01-2008)” and theCaltrans code
“Seismic Design Criteria.”

(3) Telemachos Equation. The equation of the plastic hinge
length recommended by Panagiotakos and Fardis [15] for
reinforced concrete specimens under cyclic load is

𝑙
𝑝
= 0.12𝐿 + 0.014𝑑

𝑠
𝑓
𝑦
, (5)

where 𝑙
𝑝
is the plastic hinge length, 𝐿 is the column height,

𝑑
𝑠
is the diameter of longitudinal bars, and 𝑓

𝑦
is the yield

strength of the longitudinal bars.

(4) Zahn Equation. Zahn proposed an equation of the plastic
hinge length considering the impact of the axial compression
ratio [16].Theplastic hinge length of the specimens is reduced
under low axial compression based on test results. Consider

𝑙
𝑝
= (0.08𝐿 + 6𝑑

𝑠
) (0.5 + 1.67𝑛) , (6)

where 𝑙
𝑝
is the plastic hinge length, 𝐿 is the column height,

𝑑
𝑠
is the diameter of longitudinal bars, and 𝑛 is the axial

compression ratio, whichwill be assigned to 0.3when 𝑛 ≥ 0.3.

(5) Equation Recommended by Eurocode 8. The following
equation is recommended by Eurocode 8 [17]:

𝑙
𝑝
= 0.1𝐿 + 0.015𝑑

𝑠
𝑓
𝑦
, (7)

where 𝑙
𝑝
is the plastic hinge length, 𝐿 is the column height,

𝑑
𝑠
is the diameter of longitudinal bars, and 𝑓

𝑦
is the yield

strength of the longitudinal bars.

(6) Equation Recommended by JRA Code. The following
equation is recommended by the JRA code based on the
research of Ruangrassamee and Kawashima [18]:

𝑙
𝑝
= 0.2𝐿 − 0.1ℎ, (8)

where 𝑙
𝑝
is the plastic hinge length, 𝐿 is the column height,

and ℎ is the section width along the loading direction, 0.1ℎ ≤
𝑙
𝑝
≤ 0.5ℎ.
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Figure 7: Deformation of border fiber at the bottom of L-shaped columns.
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Table 4: Comparison between test values and calculated values of length of plastic hinge.

Specimen Test value/mm Park and Priestley/mm Paulay and Priestley/mm Telemachos/mm Zahn/mm Eurocode 8/mm JRA/mm
L60L 150 180 290.6 257.5 126.1 245.9 170.9
L60S 175 180 290.6 257.5 180 245.9 170.9
L75L 125 180 290.6 257.5 126.1 245.9 170.9
L75S 150 180 290.6 257.5 180 245.9 170.9
L90L 125 180 290.6 257.5 126.1 245.9 170.9
L90S 150 180 290.6 257.5 180 245.9 170.9

Table 5: Curvature ductility of L-shaped columns.

Specimen 𝑙
𝑝
/m 𝜑

𝑦
/m−1 𝜑

𝑢
/m−1 𝜃

𝑝
/rad 𝜇

𝜙

L60L 0.150 0.04265 0.2860 0.03650 6.71
L60S 0.175 0.03584 0.1371 0.01773 3.83
L75L 0.125 0.03706 0.2651 0.02851 7.15
L75S 0.150 0.03050 0.1256 0.01427 4.12
L90L 0.125 0.03710 0.2020 0.02061 5.44
L90S 0.150 0.03555 0.1234 0.01318 3.47
L60-400 0.130 0.03015 0.1890 0.02065 6.27
Data in the table are test results loading in the positive direction; webs of L-shaped columns were under compression at that time. 𝑙𝑝 of specimen L60-400 is
calculated by Zahn equation.

Table 4 shows that values calculated by the Park and
Priestley equation, Zahn equation, and equation recom-
mended by the JRA code have a good agreement with the test
results. The value calculated by Zahn equation considering
the impact of the axial compression ratio has the highest
precision, while values calculated by Paulay and Priestley
equation, Telemachos equation, and equation recommended
by Eurocode 8 code are larger than test values, which will be
unsafe in the design procedure.

3.5.2. Curvature Ductility. Based on the research of Priestley
and Park [13], the ultimate curvature under the limit state of a
cantilever column is located in the plastic zone at the bottom
of the column. Equations expressed as (9) could be derived
from the curvature profile corresponding to the yield of the
specimen:

𝜑
𝑦
=

3Δ
𝑦

𝑙
2
, (9)

where 𝜑
𝑦
is the yield curvature, Δ

𝑦
is the yield displacement,

and 𝑙 is the column height.
The ultimate curvature can be calculated by the following

equation:

𝜑
𝑢
=

Δ
𝑢
− (𝜑
𝑦
𝑙
2
/3)

𝑙
𝑝
(𝑙 − (𝑙

𝑝
/2))

+ 𝜑
𝑦
, (10)

where 𝜑
𝑢
is the ultimate curvature, Δ

𝑢
is lateral failing

displacement of the loading point, and 𝑙
𝑝
is the plastic hinge

length.
The curvature ductility factor of the specimens could be

calculated as expressed in

𝜇
𝜙
=

𝜑
𝑢

𝜑
𝑦

. (11)

The ultimate plastic rotation could be calculated by the
following equation:

𝜃
𝑝
= (𝜑
𝑢
− 𝜑
𝑦
) 𝑙
𝑝
. (12)

The analytical results from (9)∼(12) are presented in
Table 5. In the analytical process, the value of 𝑙

𝑝
measured

in the test was used for the specimens except L60-400. For
the specimen L60-400, the value of 𝑙

𝑝
calculated by Zahn

equation was used as there is no test value for it and Zahn
equation was proved to have the best agreement with the test
results in the former section.

The aforementioned test results show that the displace-
ment ductility ratio of the specimen L60L(S) is larger than
the specimen L75L(S); however, the curvature analysis gives
a reverse result that the curvature ductility factor of the
specimen L60L(S) is a little smaller than the specimen
L75L(S).These results show that curvature ductility could not
continue to be improved by increasing the amount of the
transverse reinforcement with a stirrup characteristic value
superior to approximately 0.35. The stirrup characteristic
value is an index to evaluate the amount of the stirrups,
defined as 𝜆 = 𝜌V𝑓𝑦V/𝑓𝑐, where 𝜆 is the stirrup characteristic
value, 𝜌V is the volume stirrup ratio, 𝑓

𝑦V is the yield strength
of the stirrups, and 𝑓

𝑐
is the prism compression strength

of the concrete. The analytical results also show that the
ultimate plastic rotation of L60L(S) is 28% (24%) larger than
L75L(S), proving that plastic deformability could continue to
be improved by increasing the amount of stirrups.

The curvature ductility factor and the ultimate plastic
rotation of the specimen L60-400 are smaller than those of
L60L and L75L but larger than those of L90L (the stirrup
characteristic value of L90L is 0.294 which is greater than
0.267 of L60-400). The poor performance of L90 is perhaps
owing to the overlarge spacing. These results indicate that
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the curvature ductility of the L-shaped columns could be
improved utilizing 500MPa bars under the premise that
appropriate stirrup spacing was applied in the design process.

4. Conclusion

Based on test results of L-shaped columns with 500MPa
bars under cyclic loading, the following conclusions are
investigated.

(1) The specimens L60L, L75S, and L75L failed in the
flexural mode whereas specimens L60S, L75L, and
L75S failed in axial mode in the test; the plastic
hinge was formed in both failure modes; the width
of the flexural-shear cracks could be limited by
increasing the amount of transverse reinforcement;
the flanges of L-shaped columns with 500MPa bars
could be employed more sufficiently in comparison
with columns with 400MPa bars.

(2) The L-shaped columns with low axial load have
better seismic performance and ductility with rela-
tively larger stirrup characteristic value (larger than
approximately 0.35), whereas those with high axial
load or with too small stirrup characteristic value
(less than approximately 0.35) have poorer seismic
performance and ductility.

(3) The ultimate moment and the displacement ductility
factor of the L-shaped columns with 500MPa steel
are 15% and 5% larger, respectively, than the specimen
with 400MPa bars. The yield displacements, the ulti-
mate displacements, and the displacement ductility
factors of the L-shaped columns could be improved
by increasing transverse reinforcement, while the
bearing capacity is not affected by the amount of
transverse reinforcement.

(4) The plastic hinge length of the L-shaped columns
increases with the increase of the axial compression
ratio. The values of plastic hinge length calculated by
the Zahn equation have the best agreement with the
test results.

(5) The curvature ductility of L-shaped columns with
500MPa steel bars is larger than the specimen with
400MPa bars with stirrup spacing inferior to 75mm;
however, reverse results will be observed with stirrup
spacing superior to 75mm. Curvature ductility could
be improved by increasing the amount of stirrups
unless the stirrup characteristic value exceeds approx-
imately 0.35. In that case the curvature ductility
factors tend to be constant while the ultimate plastic
rotations continue to increase.
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Many long-span bridges have been built throughout the world in recent years but they are often subject to multiple types of
dynamic loads, especially those located in wind-prone regions and carrying both trains and road vehicles. To ensure the safety
and functionality of these bridges, dynamic responses of long-span bridges are often required for bridge assessment. Given that
there are several limitations for the assessment based on field measurement of dynamic responses, a promising approach is based
on numerical simulation technologies. This paper provides a detailed review of key issues involved in dynamic response analysis
of long-span multiload bridges based on numerical simulation technologies, including dynamic interactions between running
trains and bridge, between running road vehicles and bridge, and between wind and bridge, and in the wind-vehicle-bridge
coupled system.Then a comprehensive review is conducted for engineering applications of newly developed numerical simulation
technologies to safety assessment of long-span bridges, such as assessment of fatigue damage and assessment under extreme events.
Finally, the existing problems and promising research efforts for the numerical simulation technologies and their applications to
assessment of long-span multiload bridges are explored.

1. Introduction

Many long-span bridges have been built throughout the
world in the past few decades to meet the economic, social,
and recreational needs of communities. Some of these bridges
have main span lengths of more than 1000m (see Figure 1),
such as the Akashi Kaikyo Bridge (1,991m, Japan, 1998),
the Xihoumen Bridge (1,650m, China, 2009), the Great
Belt Bridge (1,624m, Denmark, 1998), and the Run Yang
Bridge (1,490m, China, 2005). Some of them carry both
road and rail traffic, such as the Tsing Ma Bridge (1,377m,
Hong Kong, 1997), the Minami Bisan-Seto Bridge (1,100m,
Japan, 1989), and the 25 de Abril Bridge (1,013m, Japan,
1966). Most of these bridges are located in wind-prone
regions, and long-span length makes them susceptible to
strong crosswinds. Further, the increases in traffic volume
and gross vehicle weight that accompany economic devel-
opment significantly affect the local dynamic behavior of

such bridges.Most of long-span bridges aremultiload bridges
since they are simultaneously suffering combined effects of
multiple dynamic loading, such as railway, highway, andwind
loading. Multiload bridges play significant roles in the entire
transportation system, and thus it is critically important to
protect such immense capital investments and ensure user
comfort and bridge safety.

However, the strength and integrity of these bridges will
decrease during the serviceability stage due to the degra-
dation mechanisms induced by traffic, wind, temperature,
corrosion, and environmental deterioration. In order to
detect the abnormal changes through nondestructive testing
(NDT) technology or periodical evaluation, a fundamental
but critical step is to obtain dynamic responses at some
critical bridge locations. The mostly concerned dynamic
responses of a multiload bridge may include global response
(displacement, velocity, and acceleration) and local response
(acceleration and stress), which are mainly induced by
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(a) Akashi-Kaikyo Bridge (b) Xihoumen Bridge

(c) Great Belt Bridge (d) Run Yang Bridge

Figure 1: Examples of long-span bridges.

traditional live load (such as highway, railway, and wind
loading) or accidental live load (such as ship impact and
earthquake). Structural intrinsic characteristics could be
extracted from these dynamic responses (or vibration signals)
to develop all sorts of vibration-based damage detection tech-
niques. A well-known family of them is based on structural
dynamic characteristics (such as frequencies, mode shapes,
damping ratios, and strainmode shapes) and their derivatives
[1–3]. Some damage identification approaches were proposed
based on the dynamic responses of bridge structures under
moving vehicle loads [4–6]. The dynamic responses of long-
span bridges also could be used for structural assessment,
for example, fatigue assessment at the critical locations over
the service history of the bridge [7–10] and assessment of
extreme events such as complex traffic congestion coupled
with moderate or even strong wind [11].

Over the past decades, on-structure long-term structural
health monitoring systems (SHMSs) have been implemented
on long-span bridges in Europe, the United States, Canada,
Japan, Korea, China, and other countries [12]. They are
installed in newly constructed bridges and existing bridges
for monitoring structural behavior in real time, evaluating
structural performance under various loads, and identifying
structural damage or deterioration [13]. To comprehen-
sively understand the bridge performance, dynamic bridge
responses are important monitoring items of structural
health monitoring. Global responses (such as displacement)
are measured by GPS and accelerometers [14, 15], and local
responses (such as strain/stress) are normallymeasured in the
critical bridge components andwidely used for fatigue assess-
ment [16]. Although dynamic responses have been measured
for those bridges installed with SHMSs, condition evaluation

based on measurement still has some limitations: (1) it is
difficult to identify all of the local critical locations, and even
so, it is uneconomical to monitor all critical locations in long
term; (2) not every fatigue-critical location is suitable for
sensor installation; (3) it is difficult to obtain measurement
data in the extreme events (such as combination of traffic
congestion and strong wind) which rarely happen; (4) it
is hard to exactly predict the influence of possible traffic
growths based on field measurement only. Integrating with
numerical simulation technologies and field measurements
is an alternative approach which is able to overcome the
limitations of evaluation approaches only based on measure-
ments. The information on the concerned dynamic loadings
measured by the SHMS could be taken as inputs for the
numerical simulation, and the computed dynamic responses
could be compared with the measured ones in the validation
[17].

However, numerical simulation of dynamic response of
a long-span multiload bridge is not an easy job, because
it requires a complex dynamic finite element model of the
bridge including all important bridge components, various
dynamic loading models for running trains, running road
vehicles, and high winds, and interactive models between
the bridge and wind, bridge and trains, and bridge and
road vehicles [17]. This paper focuses on recent research and
applications of numerical simulation technology for dynamic
response of long-span multiload bridges. Firstly, key issues
involved in dynamic response analysis of long-spanmultiload
bridges based on numerical simulation technologies are
reviewed in Section 2. The applications of newly developed
numerical simulation technologies to safety assessment of
long-span bridges are subsequently reviewed in Section 3.
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Figure 2: Finite element model of suspended deck module: (a) hybrid 3D bridge model [22]; (b) full 3D model [25].

Finally, the existing problems and promising research efforts
for the numerical simulation technologies and their appli-
cations to assessment of long-span multiload bridges are
explored in Section 4.

2. Numerical Simulation: Dynamic Responses
of Long-Span Multiload Bridges

For themost complex situation, a long-spanmultiload bridge
which is located at a wind-prone region carries both railway
and highway traffic, and thus the combined effect of running
trains, running road vehicles, and wind is acting on the
bridge. Several key issues are involved in this complicated
situation, such as dynamic interaction between running
trains and bridge, dynamic interaction between running road
vehicles and bridge, and dynamic interaction between wind
and bridge. To give a comprehensive review, the above three
key issues will be individually reviewed in Sections 2.1 to
2.3 and then the dynamic interactions of wind-vehicle-bridge
system as a whole are then reviewed in Section 2.4.

2.1. Dynamic Interaction between Trains and Bridge

2.1.1. Modeling of a Cable-Supported Bridge. In early research
in this area, simplified bridge models were employed to
study vehicle-bridge interactions. For example, a cable-stayed
bridge was simulated as a beam resting on an elastic founda-
tion by Meisenholder and Weidlinger [18] for the dynamic
analysis of cable-stayed guideways subject to track-levitated
vehicles moving at high speeds. Mao [19] investigated the
impact factor of a cable-stayed bridge, which was assumed
to be formed of continuous elastic beams supported by
intermediate elastic supports.

More recently, with the development of finite element
(FE) technology, it has become common practice to use a
computer software package to establish a finite elementmodel
(FEM) of a cable-supported bridge. This technology estab-
lishes an accurate bridge model that takes into account the
geometric nonlinear behavior of a cable-supported bridge.
To make the bridge model close to the realistic bridge
in terms of its dynamic properties, the modal frequencies

and shapes determined by dynamic tests are used for fur-
ther model validation or updating. Many FEMs of cable-
supported bridges have been established for the analysis of
train-bridge interactions. The Tsing Ma Suspension Bridge
in Hong Kong can be used as an example to illustrate
the various bridge models that have been established for
analysis. The first generation of Tsing Ma Bridge model was
a spinal beam model [20] in which the hybrid steel deck was
represented by a single beam with equivalent cross-sectional
properties, two bridge towers made of reinforced concrete
that were modeled by three-dimensional Timoshenko beam
elements, and cables and suspenders that were modeled by
cable elements to account for geometric nonlinearity due
to cable tension. The model was validated by comparing it
with measurements of the first 18 modal frequencies and
shapes of the actual bridge. Using this model, Guo et al.
[21] predicted the dynamic displacement and acceleration
responses of coupled train and bridge systems in crosswinds.
However, they modeled the bridge deck as a simplified spine
beam of equivalent sectional properties and were thus unable
to capture the local stress and strain behavior of the bridge.
A second-generation bridge model (hybrid 3-dimensional
model) was established to overcome this weakness [22]. The
modeling work is based on the previous model developed by
Wong [23]. In this model, 15,904 beam elements were used
to model the bridge deck to closely replicate the geometric
details of the complicated deck in reality (see Figure 2(a)).
The railway beams and rails were modeled by beam elements
to allow the accurate computation of the contact forces
between the bridge and railway vehicle. The deck-plates
carrying the road vehicles were modeled by plate elements
to allow the accurate computation of the contact forces at
the contact points between the road surface and the vehicle
tires. The bridge deck was modeled to closely replicate the
geometric details of the complicated deck which is required
for calculation of the action of the wind forces. The bridge
model was also updated using the first 18 measured natural
frequencies and mode shapes. Based on this model, Xu et al.
[24] computed the stress and acceleration responses of local
critical components under running trains, and Chen et al.
[17] computed dynamic stress response induced by railway,
highway, and wind loading.
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Figure 3: Dynamic model of a railway vehicle [51].

However, the hybrid 3D model is still not fine enough
for criticality analysis of bridge structures which requires
results at strain/stress level, especially for some bridge details.
For example, the orthotropic decks (steel deck-plates sup-
ported by U-shape troughs) were modeled by plate ele-
ments with equivalent depths so that the measured results
from strain gauges at the surfaces of deck-plates or U-
shape troughs had no counterparts in computation results.
Therefore, Duan et al. [25] established the third-generation
bridge model (full 3D model) for performance evaluation
at stress/strain level (see Figure 2(b)). In this model, the
major structural components were modeled in detail and the
connections and boundary conditions are modeled properly,
which results in about half million elements for the complete
bridge model. The strain/stress responses induced by a
train passing through the bridge were calculated by static
influence linemethod and comparedwithmeasured results in
the calibration.

Although full 3D bridge model provides the possibility
for exact stress analysis at the local components, large com-
putational efforts are needed for the refined section model
with complicated structural details. Li et al. [26] proposed a
multiscale FE modeling strategy for long-span bridges. The
global structural analysis was carried out using the beam
element modeling method at the level of a meter. The local
detailed hot-spot stress analysis was carried out using shell
or solid elements at the level of a millimeter. Based on
this model, the global dynamic response of the bridge and
local damage accumulation of two typical weld details of
the bridge under traffic loading were numerically analyzed.
Multiscale FE modeling scheme was also proposed by Zhang
et al. [27] based on the equivalent orthotropic modeling
method (EOMM). Bridge details withmultiple stiffenerswere
modeled with shell elements using equivalent orthotropic
materials. Based on this model, Zhang et al. [10] computed
the dynamic stress responses of long-span bridges under
combined dynamic loads from winds and road vehicles.

2.1.2. Modeling of Trains. Previously, running vehicles were
commonlymodeled as a series of moving forces, either due to
limits on computational capacity or because it is easier to find
the analytical solutions inmany cases [28–37].This treatment
neglects the effect of interactions between the bridge and
running vehicles. For this reason, the moving load model is
suitable only for the case in which the mass of the vehicle
is small relative to that of the bridge or when the vehicle
response is not of interest [38]. For cases in which the inertia
of the vehicle cannot be regarded as small, a moving mass
model should be adopted instead [39–42]. More recently, the
emergence of high-performance computers and advances in
computer technology hasmade it feasible tomore realistically
model the dynamic properties of the various components of
moving vehicles [43–48].

In a more sophisticated railway vehicle model, the sus-
pension mechanisms are modeled by springs, the damping
effect of the suspension systems and air-cushion by dashpots,
and the energy dissipating effect of the interleaf mechanism
by frictional devices. Using this technique, a tractor-trailer
is represented as two discrete masses, each of which is
supported by two sets of springs and dashpots or frictional
devices [38]. To represent the various dynamic properties
of railway vehicles, vehicle models that contain dozens of
degrees of freedom (DOFs) have been devised and used by
[49–52]. To investigate the dynamic interaction between a
long suspension bridge and running trains, Xia et al. [51]
considered a train composed of a sequence of identical
railway vehicles. Each railway vehicle was assumed to consist
of a rigid car body resting on front and rear bogies, with each
bogie supported by two wheelsets (see Figure 3). Five DOFs
were assigned to the car body and to each bogie to account
for vertical, lateral, rolling, yawing, and pitching motions. In
contrast, only three DOFs were assigned to each wheelset to
account for vertical, lateral, and rolling motions.

Many vehicle models have been established for vehicle-
bridge interaction analysis. In most of these studies,
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Figure 4: Finite element model of a railway vehicle: (a) elevation view; (b) side view; (c) isometric view; (d) model details [52].

the equations of motion of the vehicles were derived
analytically. However, a great inconvenience of this method
is that the equations of motion of the whole vehicle-bridge
system must be rederived if the vehicle type is changed.
Furthermore, it is very difficult to derive the equation of
motion for a complex vehicle model containing a large
number of DOFs, such as the articulated components of a
TGV train with an 85-DOF dynamic system [53]. General
commercial FE software has recently been adopted to make
vehicle modeling more easily applicable for different vehicle
types [54]. Li et al. [55] described a four-step procedure
for modeling a four-axle railway vehicle by beam elements:
(1) the nodes and elements for the car body, bogies, and
wheelsets, respectively, are defined by using beam elements so
that the spatial geometric configuration of each component
can be built (see Figure 4); (2) sectional properties and
material properties are assigned to each beam element;
(3) rigid-arms and suspension units (systems) are used to
connect the three components; (4) constraints are assigned
to form a complete finite element model of the vehicle.

2.1.3. Modeling of Rail Irregularities. Track irregularities rep-
resent an important source of excitation for bridges during
the passage of railway vehicles. Track irregularitiesmay occur
as a result of initial installation errors, the degradation of
support materials, or the dislocation of track joints. Four
geometric parameters can be used to quantitatively describe
rail irregularities: the vertical profile, cross level, alignment,
and gauge [49, 50, 56]. Vertical profile and cross level irreg-
ularities chiefly influence the vertical vibrations of vehicles
and of the bridge, whereas alignment, gauge, and cross
level irregularities initiate horizontal transverse vibrations
of vehicles and the bridge and also the torsional movement
of the bridge [57]. Track irregularities may be periodic or
random. Random irregularities are due to wear, clearance,
subsidence, and insufficient maintenance. For engineering
applications, random irregularities can be approximately
regarded as stationary and ergodic processes that can be
generated from measured results or simulated by numerical
methods. Several numerical methods have been proposed
for the simulation of random rail irregularities, such as
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the trigonometry series, white noise filtration, autoregressive
(AR), and power spectral density (PSD) sampling methods.
Among these methods, the PSD sampling method has been
widely adopted due to its high computational accuracy. The
lateral and vertical irregularities could be all assumed to
be zero-mean stationary Gaussian random processes and
expressed through the inverse Fourier transformation of a
PSD function [58]:

𝑦
𝑠 (
𝑥) =

𝑁

∑

𝑘=1

√2𝑆 (𝑓
𝑘
) Δ𝑓 cos (2𝜋𝑓

𝑘
𝑥 + 𝜃
𝑘
) , (1)

where 𝑆(𝑓) is the PSD function; 𝑓
𝑘
= 𝑓l + (𝑘 − 1/2)Δ𝑓;

Δ𝑓 = (𝑓
𝑢
− 𝑓l)/𝑁; 𝑓𝑢 and 𝑓𝑙 are the upper and lower cutoff

frequencies, respectively; and 𝜃
𝑘
is the random phase angle

uniformly distributed between 0 and 2𝜋. Rail irregularity in
railway engineering is commonly represented by a one-sided
PSD function.

The PSD functions of rail irregularities have been devel-
oped by different countries. Based on the PSD functions of
rail irregularities developed by the Research Institute of the
China Railway Administration, Zhai [59] expressed all rail
irregularities using the unified rational formula as follows:

𝑆 (𝑓) =

𝐴 (𝑓
2
+ 𝐵𝑓 + 𝐶)

𝑓
4
+ 𝐷𝑓
3
+ 𝐸𝑓
2
+ 𝐹𝑓 + 𝐺

, (2)

where 𝑓 = 1/𝜂 (m−1) is the spatial frequency in cycle/m (𝜂 is
the wavelength) and𝐴 to𝐺 are the parameters recommended
by Zhai [59] specifically for vertical and lateral rail irregular-
ities.

2.1.4. Solution Methods. The dynamic analysis of vehicle-
bridge coupled system requires two sets of equations of
motion for the bridge and vehicles, respectively. These
describe the interaction or contact forces at the contact
points of the two subsystems. Because the contact points
move from time to time, the system matrices are generally
time dependent and must be updated and factorized at each
time step. The various solution methods can be generalized
into two groups according to whether or not an iterative
procedure is needed at each time step.

The first group ofmethods solves the equations of motion
of a coupled vehicle-bridge system at each time step without
iteration. This approach has been widely used in coupled
vehicle-bridge analysis [51, 53, 60–69]. These methods have
good computational stability and are convenient for dealing
with vehicle-bridge interaction problems when the vehicle
model is relatively simple. The main disadvantage is that
the equations of motion of the coupled system are time
dependent, and thus the characteristic matrices must be
modified at each time step. In addition, the equations of
motion of the coupled vehicle-bridge system become very
difficult to determine if nonlinear wheel-rail contacts and
nonlinear vehicle models are considered.

The second group of methods solves the equations for the
vehicles and bridge separately and requires an iterative pro-
cess to obtain convergence for the displacements of the vehi-
cles and bridge at all contact points. Given that the conditions

of wheel-rail contact geometry and contact forces are rather
complex, a stable integration method adopting a small time
interval is needed for obtaining the convergence of vehicle
and bridge subsystems at the contact points in each time step.
Many studies have applied this type of method to investigate
vehicle-bridge interactions [70–76]. The advantage of these
methods is that the dynamic propertymatrices in the two sets
of equations of motion remain constant, which is convenient
for the consideration of nonlinear vehicle-bridge interactions
and nonlinear vehicle models [55]. However, in engineering
applications, the iterative convergence is a critical problem
with this type of method. The low convergence rate and
occasional divergence of the solution have also been noted
[77]. Li et al. [55] investigated the performance of these
iterative schemes using the Wilson-𝜃 method, Newmark-𝛽
method, and an explicit integrationmethod proposed byZhai
[59] and found that the latter gave amuch higher convergence
rate than the former two methods.

Most of the above methods solved the equations of
motion of a coupled vehicle-bridge systemusing the nonjump
model, which assumes that the moving vehicle traveling
along the bridge is always in contact with the rails, no
matter what the sign is of the contact forces. This is not
always true in view of the physics of the moving vehicle
which simply sits on the upper surfaces of the rails. The
interaction forces between the moving vehicle and the bridge
depend on the motions of the vehicle, the flexibility of the
bridge, and the track irregularities. Li et al. [55] utilized
a jump model to solve vehicle-bridge interaction problem
using a noniterative Runge-Kutta method and found that
the acceleration responses of the car body using the wheel-
jump model are smaller than those using the wheel nonjump
model when the vehicle speed exceeds 300 km/hr. Antolin et
al. [78] proposed a nonlinear wheel-rail interaction model
which considers nonlinear wheel-rail contact forces in the
interaction as well as realistic wheel and rail profiles and
applied it for analysis of dynamic interaction between high
speed trains and bridges.

2.2. Dynamic Interaction between Road Vehicles and Bridge.
Section 2.1 gave a detailed literature review of the dynamic
interactions between trains and bridges. As there are some
fundamental differences between trains and road vehicles,
this section reviews the modeling of road vehicles, the
simulation of road vehicle flow, and the modeling of road
surface roughness.

2.2.1. Modeling of Road Vehicles. To analyze the dynamic
interaction between a bridge and running road vehicles, a
model of road vehicles must be established. A sophisticated
road vehiclemodel is required tomake the simulation as real-
istic as possible. A road vehicle is modeled as a combination
of several rigid bodies, each of which is connected by a set of
springs and dashpots which model the elastic and damping
effects of the tires and suspension systems, respectively.There
are various configurations of road vehicles, such as a tractor
and trailer with different axle spacing. Road vehicle models
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that contain several DOFs have been devised for vehicle-
bridge interaction analysis. For example, Guo and Xu [79]
modeled a 17-DOF four-axle heavy tractor-trailer vehicle (see
Figure 5) to investigate the interaction between vehicles and
a cable-stayed bridge. A total of three DOFs were assigned
to rigid bodies representing either the tractor or the trailer
to account for vertical, rolling, and pitching motions. Only
one DOFwas assigned to the rigid body representing the axle
set moving in the vertical direction. Different vehicle models
are adopted in wind-vehicle-bridge interaction analyses. Xu
and Guo [80] modeled a 13-DOF two-axle road vehicle (see
Figure 6) for the dynamic analysis of a coupled road vehicle
and bridge system under turbulent wind. Five DOFs were
assigned to the vehicle body with respect to its center of
gravity to account for vertical, lateral, rolling, yawing, and
pitching motions, and two DOFs were assigned to the front
and rear axle sets to account for motions in the vertical and
lateral direction.MoreDOFs are needed to account for lateral
crosswinds.

2.2.2. Simulation of Road Vehicle Flow. On long-span bridges
there is a high probability of the simultaneous presence of
multiple road vehicles, including heavy trucks. This may
lead to larger amplitude stress responses and greater fatigue
damage of the local bridge components than would be the
case with only one road vehicle. The simulation of road
vehicle flow is thus important in the analysis of the dynamic
interaction between road vehicles and bridges. Rather simple
patterns of road vehicle flow have been assumed in most

vehicle-bridge coupled dynamic analyses [79, 81, 82] in which
either one or several vehicles are distributed on the bridge
in an assumed (usually uniform) pattern. Obviously, such
assumptions do not represent actual road traffic conditions.
Recently, Chen and Wu [83] modeled the stochastic traffic
load for a long-span bridge based on the cellular automaton
(CA) traffic flow simulation technique. In this study, they
simulated a complicated road vehicle flow on long-span
bridges in terms of vehicle number, vehicle type combination,
and driver operation characteristics, such as lane changing,
acceleration, or deceleration.

2.2.3. Modeling of Road Surface Roughness. Road surface
roughness is an important factor that greatly affects vehicle-
bridge interactions. Paultre et al. [84] pointed out that road
surface or pavement roughness can significantly affect the
impact response of a bridge. The roughness or surface profile
depends primarily on the workmanship involved in the
construction of the pavement or roadway and how it is main-
tained, which, although random in nature, may contain some
inherent frequencies [38]. In most cases, surface roughness,
which is three-dimensional in reality, is often approximated
by a two-dimensional profile. To account for its random
nature, the road profile can be modeled as a stationary
Gaussian random process and derived using a certain power
spectral density function. Other methods similar to this have
been widely adopted by researchers studying vehicle-induced
bridge vibration [65, 70, 71, 85–90]. Dodds and Robson [91]
developed power spectral density functions that were later
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modified and used byWang and Huang [87] and Huang et al.
[92]. This approach was also adopted by literatures [79, 81] in
their dynamic analyses of coupled vehicle-bridge and wind-
vehicle-bridge systems.

2.3. Dynamic Interaction between Wind and Bridge. When
a long-span cable-supported bridge is immersed in a given
flow field, the bridge will be subject to mean and fluctuating
wind forces. To simulate these forces, a linear approximation
of the time-averaged static and time-varying buffeting and
self-excited force components must be formulated [93, 94].
As dynamic bridge responses are of concern in this study, only
buffeting and self-excited forces are considered and reviewed
in this section.

2.3.1. Buffeting Forces. Buffeting action is a random vibration
caused by turbulent wind that excites certain modes of vibra-
tion across a bridge depending on the spectral distribution
of the pressure vectors [95]. Although the buffeting response
may not lead to catastrophic failure, it can lead to structural
fatigue and affect the safety of passing vehicles [96]. Hence,
buffeting analysis has received much attention in recent
years in research into the structural safety of bridges under
turbulent wind action [81, 95, 97–102].

By assuming no interaction between buffeting forces and
self-excited forces and using quasi-steady aerodynamic force
coefficients, the buffeting forces per unit span Feibf on the 𝑖th
section of a bridge deck can be expressed as [103]

Feibf =
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where 𝐷ei
bf, 𝐿

ei
bf, and 𝑀

ei
bf are the buffeting drag, lift, and

moment, respectively; 𝑢
𝑖
and 𝑤

𝑖
are the horizontal and

vertical components, respectively, of fluctuating wind at the
𝑖th section; 𝜌 is the air density; 𝑈

𝑖
is the mean wind speed

at the 𝑖th section of the bridge deck; 𝐵
𝑖
and 𝐿

𝑖
are the width

and length of the 𝑖th bridge section; 𝐶
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the drag, lift, and moment coefficients, respectively, of the
𝑖th bridge segment; 𝐶
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wind incident on the horizontal plane of the deck; and 𝜒
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are the aerodynamic transfer
functions between the fluctuating wind velocities and the
buffeting forces.

It can be found from this equation that a series of
time histories of fluctuating wind velocity {𝑢

𝑖
, 𝑤
𝑖
}
𝑇 in the

longitudinal and vertical directions at various points along
the bridge deck is needed to carry out a detailed buffeting
analysis. To simulate the stochastic wind velocity field, the
fast spectral representation method proposed by Cao et al.
[104] that is based on the spectral representation method
developed by Shinozuka and Jan [105] is often adopted. This
method rests on the assumptions that (1) the bridge deck is
horizontal at the same elevation, (2) the mean wind speed
and wind spectra do not vary along the bridge deck, and
(3) the distance between any two successive points where
wind speeds are simulated is the same. The time histories
of the along-wind component 𝑢(𝑡) and the upward wind
component 𝑤(𝑡) at the jth point can be generated using the
following equations [104]:
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where Δ𝜔 = 𝜔up/𝑁𝑓 is the frequency interval between the
spectral lines;𝑁

𝑓
is the total number of frequency intervals;

𝜔up is the upper cutoff frequency; n is the total number of
points at which wind speeds are simulated; 𝑆uu and 𝑆ww are
the along-wind and vertical wind spectrum, respectively; 𝜑lm
is a random variable that is uniformly distributed between 0
and 2𝜋; L is the span length; and 𝜆 is a parameter that usually
falls between 7 and 10.

In reality, the equivalent buffeting forces in (3) are actually
associated with the spatial distribution of the wind pressures
on the surface of the bridge deck. Ignoring the spatial
distribution or aerodynamic transfer function of the buffeting
forces across the cross-section of the bridge deck may have
a considerable impact on the accuracy of buffeting response
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Figure 7: Buffeting wind pressures and buffeting forces at nodes [22].

predictions. Furthermore, the local structural behavior of
the bridge deck associated with local stresses and strains,
which are prone to causing local damage, cannot be predicted
directly by the current approaches based on equivalent
buffeting forces. In this regard, Liu et al. [22] proposed an
approach to consider the spatial distribution of buffeting
forces on a bridge deck structure based on wind pressure
distributions from wind tunnel tests (see Figure 7).

2.3.2. Self-Excited Forces. In addition to buffeting action,
flutter instability caused by self-excited forces induced by
wind-structure interactions is an important consideration
in the design and construction of long-span suspension
bridges [96], because the additional energy injected into the
oscillating structure by the aerodynamic forces increases the
magnitude of vibration, sometimes to catastrophic levels [95].
The self-excited forces on a bridge deck are attributable to
the interactions between wind and the motion of the bridge.
When the energy of motion extracted from the flow exceeds
the energy dissipated by the system through mechanical
damping, the magnitude of vibration can reach catastrophic
levels [106]. Expressing self-excited forces in the form of
indicial functions was first suggested by Scanlan [94]. Based
on the assumption that self-excited forces are generated in a
linear fashion, Lin and Yang [107] simplified the self-excited
forces acting on a bridge deck and expressed them in terms
of convolution integrals between the bridge deck motion and
the impulse response functions:
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where 𝐼
𝜓
(𝜓 = Dh, Dq, 𝐷𝜃, Lh, Lq, 𝐿𝜃, Mh, Mq, 𝑀𝜃)

is the impulse function of the self-excited forces, in which
𝜓 represents the corresponding force components and he,
qe, and 𝜃𝑒 are the equivalent vertical, lateral, and torsional
displacements, respectively, at the center of elasticity of the
bridge deck section. The relationship between the aero-
dynamic impulse functions and flutter derivatives can be
obtained by taking the Fourier transform of (7) [98]:
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where the overbars denote the Fourier transform operation;
the terms containing 𝑖 represent imaginary parts;𝑃∗

𝜓
, 𝐻
∗

𝜓
, and

𝐴
∗

𝜓
(𝜓 = 1, 2, . . . , 6) are dimensionless flutter derivatives

obtained from wind tunnel tests; 𝐾 = 𝜔𝐵/𝑈 is the reduced
frequency; and 𝜔 is the circular frequency of vibration.

According to classical airfoil theory, the impulse func-
tions can reasonably be approximated by a rational function
[108]:
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where the value of 𝑚 determines the level of accuracy of
the approximation; 𝐶

1
, 𝐶
2
, 𝐶
𝑙+2

, and 𝑑
𝑙+2
(𝑙 = 1, 2, . . . , 𝑚)

are the frequency independent coefficients; and ] = 2𝜋/𝐾

is the reduced mean wind velocity. By equating the real
and imaginary parts in the comparison of (8) and (9), the
relationship between the dimensionless flutter derivatives
and the coefficients 𝐶𝜓

1
, 𝐶
𝜓

2
, 𝐶
𝜓

𝑙+2
, and 𝑑𝜓
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(where 𝜓 = Dh,

Dq, 𝐷𝜃, Lh, Lq, 𝐿𝜃, Mh, Mq, 𝑀𝜃 and 𝑙 = 1, 2, . . . , 𝑚) can
be established.These coefficients are determined by using the
nonlinear least-squares method to fit the measured flutter
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derivatives at different reduced frequencies. The expression
of the aerodynamic impulse functions in the time domain
can be obtained by taking the inverse Fourier transform of
the impulse functions. By substituting the related impulse
response functions into (5b), the self-excited lift force at the
𝑖th section of bridge deck can then be derived as
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In practice, the terms 𝐶𝐿𝜃
3,𝑖
, 𝐶
𝐿ℎ

3,𝑖
, and 𝐶𝐿𝑞

3,𝑖
, which are related to

additional aerodynamic masses, are normally neglected, and
the value of 𝑚 is often taken as 2 [101]. Similar formulations
for self-excited drag and moment can be derived with
analogous definitions. The self-excited forces at the 𝑖th node
of the bridge deck can thus be expressed as
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where 𝑉𝜓l+3,𝑖 (𝜓 = Dh, Dq, 𝐷𝜃, Lh, Lq, 𝐿𝜃, Mh, Mq) are the
convolution integrations of the 𝑖th node and can be calculated
using a recursive algorithm. For example,
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The self-excited forces expressed by (9) relate to the center
of elasticity of the 𝑖th deck section. Hence, the force model
must be distributed to the nodal points of the section. A
distribution based on the rigid body motion relationships
between themotions at the nodal point and those at the center
of elasticity of the deck section [109] was applied by Liu et
al. [22]. In this study, by applying the virtual work principle,
the self-excited forces at the center of elasticity of the given
section were distributed to all nodes (see Figure 8).

2.4. Dynamic Interactions in a Wind-Vehicle-Bridge System.
When trains and road vehicles are running on long-span
bridges under crosswinds, complicated dynamic interac-
tions occur among the trains, road vehicles, cable-supported
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Figure 8: Self-excited forces at the centre of elasticity and at the nodes in the 𝑖th deck section [22].

bridge, and wind.The buffeting response of the bridge due to
crosswind is superimposed on the dynamic response of the
bridge due to railway and road vehicles. The large vibration
of the bridge will in turn considerably affect the safety
and ride comfort of the drivers of the road vehicles. Thus,
the dynamic responses of a coupled vehicle-bridge system
under crosswinds are of great concern to both engineers and
researchers.

Detailed reviews of the dynamic interactions between
trains and bridges, between road vehicles and bridges, and
between wind and bridges have been given in the previous
sections. However, the interaction between wind and vehicles
must also be taken into account in a coupled wind-vehicle-
bridge analysis. Many studies have investigated wind-vehicle
interactions in the past few decades. Balzer [110] developed
a theory to estimate the aerodynamic forces on a moving
vehicle using Taylor’s hypothesis of “frozen turbulence.” For
engineering applications, Cooper [111] proposed the power
spectral density (PSD), square-root coherence function,
phase-lag function, and aerodynamic admittance function
to model the unsteady side forces on a moving vehicle and
laid down the foundations for investigating the effects of
wind on a moving vehicle in the frequency domain. Baker
developed a theoretical model that describes the dynamics of
vehicles in crosswinds in the time domain [112, 113], which
was later extended to include driver behavior [114]. Baker
[115, 116] further investigated both the steady and unsteady
aerodynamic forces acting on a variety of vehicles and carried
out extensive studies of the interaction between aerodynamic
forces and moving vehicles. These approaches have all been
applied in coupled vehicle-bridge analysis. For example, Xu
et al. [101] simulated the aerodynamic wind forces acting
on running road vehicles using the quasi-steady approach,
and Xu and Ding [117] derived and simulated the steady
and unsteady aerodynamic forces acting on a moving railway
vehicle in crosswinds in the time domain.

Based on these separate studies on the various types
of dynamic interactions among wind, vehicles (trains or
road vehicles), and long-span bridges, several researchers
in the last decade have examined the wind-vehicle-bridge
coupled system as a whole. For instance, studies have been
carried out on coupled road vehicle and cable-stayed bridge
systems [81, 82, 118] and on coupled train and cable-supported
bridge systems in crosswinds [101, 117, 119–121]. In the
recent years, several new advances have been made both
in numerical simulation technologies and in wind tunnel
measurements. Chen et al. [17] proposed a wind-vehicle-
bridge framework which enables considering the dynamic
effects induced by simultaneous actions of railway, highway,

and wind loading, and it was applied to analyze dynamic
stress of long suspension bridges. Li et al. [122] extended the
wind-vehicle-bridge couple analysis to the case of two trains
meeting on a long-span suspension bridge. Chen and Wu
[118] proposed a semideterministic analytical model which
is able to consider dynamic interactions between the bridge,
wind, and stochastic “real” traffic. Based on the wind tunnel
tests, Dorigatti et al. [123]measured crosswind loads on high-
sided vehicles over long-span bridges, taking three different
vehicles (van, double deck bus, and lorry) and two different
bridge deck configurations into consideration. Zhu et al.
[124] investigated aerodynamic coefficients of road vehicles
by adopting different road vehicles types, wind directions,
and vehicle positions. Li et al. [122] studied the effects of
sudden changes of wind loads as the train passing through
a bridge tower or two trains passing each other by using
the wind tunnel test rig with moving train models. Han
et al. [125] developed an experimental setup for measuring
the aerodynamic characteristics of vehicles and the bridge
in wind tunnel and then investigated the influences of
parameters adopted in the tests.

3. Applications of Simulation Technology to
Bridge Assessment

After reviewing the key issues of numerical simulations
for dynamic response of long-span multiload bridges, this
section will review the engineering applications of the newly
developed technologies to safety assessment of long-span
bridges, such as assessment of fatigue and assessment under
extreme events.

3.1. Assessment of FatigueDamage. Steel structures are widely
used in long-span bridges. Research by the ASCE [126] indi-
cates that 80–90% of failures in steel structures are related to
fatigue and fracture. Several disasters resulting from fatigue-
induced bridge failure have occurred in history. For instance,
46 people died in the collapse of the Silver Bridge (USA,
1967), and 32 people lost their lives in the collapse of the
Sungsoo Grand Bridge (South Korea, 1994). These disasters
teach us that fatigue is an important aspect of the safety of
steel bridges, and action should be taken to prevent similar
fatigue-induced bridge failures. In the past few decades,
fatigue assessment of steel bridges has attracted increasing
attention from both governments and bridge engineers, and
relevant provisions have been stipulated in several codes and
standards [127–130].
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It has great advantages to evaluate fatigue damage of long-
span bridges based on numerical simulation, especially for
a multiload bridge which suffers multiple types of dynamic
loading, such as railway, highway, andwind loading.Different
from sudden structural damage, fatigue damage accumulates
with load-induced dynamic stress (or stress fluctuation) over
the service life of a bridge lasting for more than 100 years.
The increase in traffic volume and gross vehicle weight that
accompany economic development is very likely to happen
in the long period. Numerical simulation technology can be
an ideal tool to study influences of traffic growth patterns
to fatigue damage of bridge. In addition, slender long-
span bridges built in wind-prone regions also suffer from
considerable wind induced vibration, which appears within
a wide range of wind speeds and lasts for almost the whole
design life of the bridge. Given the simultaneous presence
of multiple vehicles and wind, it is necessary to consider
combined effects of traffic loading (railway and/or highway
loading) and wind loading in the fatigue assessment. Since
multiple loading is concerned in a long time period, there
are a large number of loading combinations for multiple
loading in different intensities. It is almost unavailable for
field measurement to obtain such complete information, but
numerical simulation could be a good choice to determine
dynamic responses of a long-span bridge under multiple
loading.

A number of structural health monitoring systems
(SHMSs) have been installed on numerous recently built
long-span bridges, and a variety of sensors are used for mon-
itoring bridge loadings (e.g., traffic, wind, and earthquakes)
and conditions (including global and local responses) to
ensure bridge safety and user comfort under in-service con-
ditions. Well-known examples include Tsing-Ma Bridge in
Hong Kong, Akashi Kaikyo Bridge in Japan, Binzhou Yellow
River Bridge in China, and Jindo Bridge in Korea. Integration
of numerical simulation technologies and measurement data
of structural health monitoring systems (SHMSs) installed
on long-span bridges will make the fatigue assessment more
reliable for several reasons: (1) it is a perfect validation by
using field measurement data of the different types of loading
as input of numerical simulation and the measured dynamic
responses for comparison with the computed ones; (2) a large
number of measured loading data could be used to establish
loading databases or probabilistic models of different loads.

In the recent years, several researchers [7–10] applied
the newly developed numerical simulation technologies to
fatigue assessment of long-span bridges. Chen et al. [7]
proposed a framework for fatigue analysis of a long-span
suspension bridge under railway, highway, and wind loading
by integrating computer simulation with SHMSs, and it
was applied to evaluate fatigue damage of the Tsing Ma
Suspension Bridge over its design life as a case study. Based
on this work, Chen et al. [8] proposed a framework for
fatigue reliability analysis of long suspension bridges under
multiple loading, inwhich the probabilisticmodels of railway,
highway, and wind loading were established based on the
measurement data acquired from the SHMS of the Tsing
Ma Bridge. Wu et al. [9] proposed a reliability-based fatigue
approach for slender long-span bridge, and the combined

dynamic loading effects from wind and traffic as well as
the associated uncertainties were considered. Based on the
assumption that dynamic magnification related to vehicle
dynamics can be neglected in long suspension bridges, Chen
et al. [8] established a framework for fatigue reliability anal-
ysis. To account for different types of long-span bridges with
the span length ranging from a few hundred to thousands of
meters, Zhang et al. [10] proposed a more general framework
which includes multiple random variables for the dynamic
loads in a bridge’s life cycle for the vehicle-bridge-wind
dynamic system, such as road profile, vehicle speed, andwind
velocity and direction, among other effects.

3.2. Assessment under Extreme Events. The aforementioned
fatigue assessment mainly focuses on damage accumulation
induced by stress fluctuations under normal operational
condition in a long-term period. For long-span bridges, in
addition to the normal operational conditions in which wind
speeds are small ormoderate and traffic scenarios are normal,
there are some extreme event conditions. Extreme eventsmay
include complex traffic congestion on the bridge, coupled
with moderate or even strong wind [11]. For example, severe
traffic congestions may be formed on the bridge as a result
of an evacuation or a partial blockage of driving lanes due to
traffic accidents, construction, ormaintenance. For hurricane
evacuations, there are usually a lot of road vehicles passing
through the bridge before the landfall of the hurricane while
the wind speed may become pretty high already [131].

Although the excessive dynamic responses of the bridges
under extreme events are rare, it is also critical since it
may cause critical damage initiation or accumulation on
some local bridgemembers. Furthermore, the extreme events
(e.g., heavy traffic) may even trigger the collapse of the
whole bridge by breaking the “weakest link,” especially when
some hidden damage or design flaw has not been detected.
One recent example is the Minnesota Bridge failure which
occurred during rush hours with heavy traffic although traffic
loads may not be the direct cause of failure. For slender long-
span bridges, strong wind may also cause threats by working
interactively with heavy traffic loads. Therefore, even though
the extreme cases associated with congested traffic and/or
windy weather may be relatively rare and the durations
could be short, it is still important for bridge engineers to
appropriately look into these unusual extreme events during
structural design and life-time management of these critical
infrastructures [11].

The dynamic performance of long-span bridges under
combined actions of strong winds and running road vehicles
has been studied by many researchers in recent years [17, 79,
81, 82, 132]. Most of them studied bridge dynamic perfor-
mance under road traffic inwhich only one or several vehicles
distributed in an assumed (usually uniform) pattern on long-
span bridges were considered. Extreme events such as traffic
congestion coupled with strong wind were out of concern
in those studies. Recently, Wu and Chen [11] conducted
a research on the assessment of long-span bridges under
extreme events, which includes complex traffic congestion
coupled with moderate or even strong wind. This study
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applied the cellular automaton (CA) traffic model to the
simulation of the actual traffic flow through the bridge,
defined representative scenarios for the extreme events, and
numerically studied the bridge performance under these
possible extreme events.

4. Conclusions and Recommendations

Dynamic responses of long-span bridges are often required
for assessing the safety of these bridges and can be determined
by numerical simulation technologies. This paper provides a
detailed review of key issues involved in dynamic response
analysis of long-span multiload bridges based on numerical
simulation, including dynamic interactions between running
trains and bridge, between running road vehicles and bridge,
and between wind and bridge, and in the wind-vehicle-
bridge coupled system.Then, the review work was conducted
for engineering applications of newly developed numerical
simulation technologies to safety assessment of long-span
bridges, such as assessment of fatigue damage and assessment
under extreme event condition. Although technologies for
numerical simulation of dynamic responses of long-span
multiload bridge have achieved great advances in past few
decades and successfully applied to several important bridges,
it is still far from reach its maturity and enable to take
place of traditional fieldmeasurement.The existing problems
and promising research efforts at least include the following
aspects.

(1) After multiple types of dynamic interactions being
considered in the complex system, computational
efficiency is a bottleneck problem for numerical
simulation of dynamic response of a long-span bridge.
Typically when multiple loads are involved, a large
number of loading combinations for multiple load-
ings must be considered in the assessment.

(2) It is rather complex for the time-depending wind
loads acting on a long-span bridge and running vehi-
cles, especially for the case of rapid change of wind
loads, such as a train passing through a bridge tower
or two trains passing each other. The aerodynamic
characteristics of vehicles and the bridge under differ-
ent loading scenarios can be determined through the
wind tunnel testing and used in numerical simulation
of dynamic responses of the bridge and vehicles.

(3) It is a new trend to integrate numerical simulation
technologies and measurement data of structural
health monitoring systems (SHMSs) installed on
long-span bridges, whichmakes the safety assessment
of bridge structures more reliable. Measured struc-
tural responses could be used to validate numerical
simulation approach, and measured loading infor-
mation could be used for generating statistical or
probabilistic models of multiple loads.

(4) It is important to study dynamic responses of bridge
structures under extreme events, such as congested
traffic coupled with windy weather, which happens in
a long-span bridge. For the assessment under extreme

events using numerical simulation technologies, sim-
ulation of traffic flow and definition of representative
scenarios of the extreme events are key issues.

(5) It is necessary to consider the effects of typhoon
winds on the safety assessment of long-span bridges
in a reasonable way. Few researches do this mostly
because a probabilistic distribution of wind speed
and direction specifically for typhoons is required
for assessment, but there are insufficient measured
records to establish a reliable probabilistic typhoon
wind model.
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Issues of load combinations of earthquakes and heavy trucks are important contents in multihazards bridge design. Current load
resistance factor design (LRFD) specifications usually treat extreme hazards alone and have no probabilistic basis in extreme load
combinations. Earthquake load and heavy truck load are considered as random processes with respective characteristics, and the
maximum combined load is not the simple superimposition of their maximum loads. Traditional Ferry Borges-Castaneda model
that considers load lasting duration and occurrence probability well describes random process converting to random variables and
load combinations, but this model has strict constraint in time interval selection to obtain precise results. Turkstra’s rule considers
one load reaching its maximum value in bridge’s service life combined with another load with its instantaneous value (or mean
value), which looks more rational, but the results are generally unconservative. Therefore, a modified model is presented here
considering both advantages of Ferry Borges-Castaneda’s model and Turkstra’s rule. The modified model is based on conditional
probability, which can convert random process to random variables relatively easily and consider the nonmaximum factor in load
combinations. Earthquake load and heavy truck load combinations are employed to illustrate the model. Finally, the results of a
numerical simulation are used to verify the feasibility and rationality of the model.

1. Introduction

The current American bridge design specifications are main-
ly based on AASHTO load and resistance factor design
methodology, which are fully calibrated against gravity load
and live load. In AASHTO LRFD bridge design specifications
[1], a typical bridge is designed for 75 years’ service life and
load distributions are assumed to be normal and resistance to
be lognormal. And a reliability index 3.5 is used to calibrate
the safety of the bridges in strength I limit state. However,
when extreme loads are considered, the sectional dimensions
and construction cost would be increased substantially if
similar criteria are placed [2]. Against extreme loads, each
one has its own unique approach, principally because the data
and statistics are rare. This fact makes it difficult to properly
consider extreme loads in a consistent fashion.

In recent years, bridges are subject to more and more
diversified natural hazards, and the frequencies of various

extreme hazards also seem to be increasing, which bring
great threats to safety of the bridges so as to bring potential
danger to personal life and property safety. The concept of
multihazards design is quoted in many papers and reports
at present [3–7]. An organization of Multidisciplinary Center
for Extreme Events Research (MCEER) was established, and
one of the tasks is to develop a framework to systematically
expand the LRFD specification to multihazard (MH)-LRFD
for bridges. Many scholars and organizations have made
many studies on the effect of a single extreme load on bridge
[8–11]; however, there are only a few reports of studies on the
effect of multiple extreme loads on performance of the bridge
during its whole service life [12–14].

When there is only one extreme load (such as earth-
quakes, scour, vessel collisions, etc.), the load combination
includes an extreme load and dead load and in such case
no matter whether the extreme load is a random variable
or random process, its combination only relates to the
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maximum value. It is quite a different situation when two
or more extreme loads are considered in the combinations.
Because the intensity of extreme load is a function related
to time and even two extreme loads occur simultaneously in
a short time, the probability for them to reach their highest
intensities at the same time is very low, which means that
when multiple extreme loads are combined, the maximum
combined load is not simply the superimposition of their
maximum value. Among many load combination models,
Ferry Borges-Castaneda model [15], Turkstra’s rule [16], and
Wen’s method [17, 18] are the most frequently used. However,
they have their own advantages and disadvantages. Loads
lasting duration and occurrence probability are considered
in Ferry Borges-Castaneda model, and the conversion of
random process to random variables and the combination
with other random variables are well described; however,
it has strict requirement for time interval. Turkstra’s rule
considers that a load reaches the maximum value during
design life of the bridge combined with the instantaneous
value (or mean value) of another load. This rule is more
practical and reasonable, but the results are generally uncon-
servative [19].Wen’s load coincidencemethod does not give a
rational explanation of corelation in the probability of failure
of different events.

In this paper, a model based on conditional probability
is proposed to combine advantages of the Ferry Borges-
Castaneda model and Turkstra’s rule to achieve a more
reasonable result of load combination. Then earthquake load
and heavy truck load combinations are employed to illustrate
the model.

2. Basic Modeling

Earthquake load usually lasts for a short time and has
enormous destructive power, while the frequency of heavy
trucks is relatively high and some overloaded trucks or
multiple trucks “running side by side” bring damage to the
bridge greatly. It should be noticed that the maximum 75-
year truck load was usually great and can be considered as
extreme load. Generally, extreme load is of low occurrence
probability and great intensity and even lower chance of
simultaneous occurrences. Even the extreme loads do occur
simultaneously; the chances that they achieve their respective
maximum value are very low. Therefore, the common occur-
rence frequencies of different extreme loads are generally
not considered [20]. According to Ferry Borges-Castaneda
model, Turkstra’s rule, and Wen’s method, it is assumed that
the earthquake load and heavy truck load comply with stable
Poisson process; the probability and times at any point of time
during design service life of the bridge comply with Poisson
distribution.The load histories of earthquake load and heavy
truck load during their respective time intervals are the
functions of time and intensity accompanied with great
randomness, whichmakes load combination very difficult. To
simplify the combination, it is assumed that the earthquake
and heavy truck loads maintain the maximum value during
their respective time history (as shown in Figure 1). Although
such assumption is conservative, the problem of combination
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Figure 1: Assumption of load in its duration.
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Figure 2: Model of Ferry Borges-Castaneda method.

is greatly simplified. To a certain extent, “combination of
time history” is not necessarily more advantageous than
the simplified combination because bridge design also takes
the maximum combination into consideration and it also
increases the level of calculation difficulty. Ferry Borges-
Castaneda model that considers load lasting duration and
occurring probability well describes randomprocess convert-
ing to random variables and load combinations of earthquake
and heavy truck load.Thebasic combination thought of Ferry
Borges-Castaneda model can be expressed as Figure 2.

Note that in Figure 1 𝑓
𝑋
(𝑥) is the probability density

of load in 𝜏 interval, which is the function of time and
load intensity. The occurrence of load is determined through
Poisson distribution. When only two random processes are
considered, assume that the time interval of load 1 is 𝑡

1
, that

of load 2 is 𝑡
2
, and 𝑡

1
≥ 𝑡
2
. Under only one kind of loads,

the maximum value of load 2 in 𝑡
1
interval can be described
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with (1) and the maximum value of load 1 in 𝑇 period can be
obtained through

𝑥max,𝑡1 = max
𝑡1

[𝑥
2
] , (1)

𝑥max,𝑇 = max
𝑇

[𝑥
1
] . (2)

One of the main tasks of load combination is to find the
maximum value of combined load under multiple kinds of
loads in the service life of bridge. Therefore, based on the
assumptions of load definition of Ferry Borges-Castaneda
model, themaximum value of load combination in 𝑡

1
interval

is max (𝑥max,𝑡1 + 𝑥1) (see Figure 2); then the maximum value
[21] in 𝑇 period can be obtained through

𝐹
𝑋 max,𝑇 (𝑥) = [𝐹𝑋 (𝑥)]

𝑛
, (3)

where 𝐹
𝑋 max,𝑇(𝑥) is the cumulative distribution function

(CDF) of the maximum value of combined load in 𝑇
period; 𝐹

𝑋
(𝑥) is the cumulative distribution function of load

combination in 𝑡
1
interval; 𝑛 is integer, which can be obtained

from 𝑇 and 𝑡; namely, 𝑛 = 𝑇/𝑡.

3. A Modified Model for Load Combination

According to the Ferry Borges-Castaneda model, the service
life of the bridge can be divided into equal time interval 𝑡;
if it is small enough, the results are nearly precise. However,
the interval of time depends on many factors; it is not small
enough and the duration of the maximum load effect of each
load within a time interval, such as heavy truck passing a
common bridge, is relatively certain, while this “duration” is
usually shorter than time interval 𝑡.Therefore, the probability
of simultaneous occurrences is not equal to the product of
respective occurrence probabilities of the loads. If they are
made to be equal, the probability of maximum load effect is
exaggerated so as to lead to conservative results. It is assumed
that the probability of occurrence probability of load 1 within
interval 𝑡 is 𝑝

1
, that of load 2 is 𝑝

2
, and the probability of

simultaneous occurrences is 𝑝.The probability of load 1 event
in its duration is 𝑝

1𝑟
and the probability of load 2 event in its

duration is 𝑝
2𝑟
; then we can find

𝑝
1
⋅ 𝑝
2
̸=𝑝
1𝑟
⋅ 𝑝
2𝑟
; 𝑝 ≥ 𝑝

1𝑟
⋅ 𝑝
2𝑟
. (4)

Besides, power conversion of probability curves is
required when using Ferry Borges-Castaneda model. For
example, converting probability curve in a long time 𝑇

0
to

that in an interval 𝑡, when 𝑇
0
≫ 𝑡, the probability curves

may have error after root of large number and the error
is cumulative, especially for curves with values on negative
part of 𝑋 axis (such as normal distribution curve). For
earthquake, annual probability curve is obtained from the
USGSMapping [22] and the computation of multiple powers
for curve conversion is needed. Therefore, the number of
powers should be controlled to prevent loss of data because
the number is too large.

Based on these problems, Ghosn et al. [20] improved
the Ferry Borges-Castanedamodel.However, Ghosn believed

Heavy trucks

Heavy trucks 
and 

earthquakes

Earthquakes

Figure 3: Illustration of heavy trucks and earthquakes sample space.

that there must be trucks on the bridge within the duration of
earthquake. This assumption is one of the important reasons
causing the conservative results of Ghosn’s model. According
to the report of Nowak and Szerszen [23–26], it is assumed
that it takes 8 seconds for a heavy truck to pass through a
commonbridge and 600 trucks to pass through the bridge per
day, and seismic excitation duration is 40 seconds. Also it is
assumed that the heavy truck passing through a bridge during
the earthquake meets the condition of Poisson process. The
effective lasting duration of earthquake is 𝜏

𝑒
and the time

for the heavy truck passing through the bridge is 𝜏
𝑡
; the

probability of the heavy truck on the bridge during the
earthquake is 𝑃(𝑒

𝑒,tr); then,

𝑃 (𝑒
𝑒,tr) ≤ 1 − 𝑒

−𝜆(𝜏𝑒+𝜏𝑡)
, (5)

where 𝜆 is the frequency of heavy trucks.
The probability is less than 30% when (5) holds the equal

mark. Since the times of trucks passing through a common
bridge are limited in a given exposure time, the probability
has little change when 6 andmore trucks passing through the
bridge based on Poisson distribution.

Since the number of earthquakes in a 75-year return
period is usually few, it is mentioned in the report of Ghosn
et al. [20] that, according to USGS Mapping, the number of
earthquake in San Francisco in a 75-year return periodwill be
600 and 150 in Seattle, 38 in Memphis, 30 in New York, and 1
in St. Paul, which are far less than millions of heavy trucks in
bridge’s service life.

The earthquake and heavy truck load combinations are
different from other extreme load combinations (except for
scour), and the probability of simultaneous occurrences can-
not be ignored just as described above. In case of earthquake
load and heavy truck load combination, the combination
situations include heavy truck load only, heavy truck load
and earthquake load, and earthquake load only (as shown
in Figure 3). If they are put together (viz., they are treated
in one sample space), the sampling probability of earthquake
is small since the number of trucks is far more than that of
earthquake; thus the most concerned probability of earth-
quake effect is “very small,” which is obviously abnormal.
Earthquake and heavy truck are two kinds of loads and
their impact levels are different. In other words, although
the number of earthquake occurrence is less, its destructive
power and impact are larger. Besides, from a different point
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Figure 4: Illustration of load combination ofmodifiedmodel, where
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Figure 5: Computing model of the bridge.

of view, the probability of earthquakes to come across heavy
trucks is obviously different from that of heavy trucks to come
across earthquakes while passing the bridge. Since there are
many heavy trucks, the probability of heavy trucks to come
across earthquakewhile passing the bridge is far less than that
of the earthquake to come across heavy trucks. For a common
bridge, the time interval for heavy trucks to cause maximum
load effect is shorter than the lasting duration of earthquake.
In such case, if heavy trucks are treated as the benchmark,
no uniform and definite results will be obtained (because
multiple heavy trucks may correspond to one earthquake).

To sum up, heavy trucks and earthquakes load are
two kinds of loads with different natures and should be
put in different sample spaces for their combination. The
destructive power of earthquake is larger and the lasting
duration of earthquake is longer than that of heavy trucks
passing a common bridge. Therefore, it is proper to consider
earthquake as the condition for load combination.

In consideration of the complexity of earthquake and
heavy truck load combinations, amodifiedmodel will “inves-
tigate and review” heavy trucks based on earthquake; namely,
theremay be ormay not be heavy trucks on the bridge during
the effective time interval of earthquake. If former condition
happens, there may be multiple trucks at the same time or
only one truck, as shown in Figure 4. It is assumed that the
load effect within each time 𝑡

1
is independent and has the

same distribution.
Analysis of the truck issues based on earthquake con-

dition will make the most concerned extreme load such
as earthquake load outstanding and clear, make load effect
combination clarified, and prevent the “confusion” when
sample spaces are mixed, so as to simplify the concept of load
effect combination. During each time 𝑡

1
(a long time period),

incorporating the conception of Turkstra’s rule, the difference
is that the heavy truck load here is not instantaneous value or
mean value. Since heavy truck is “observed”when earthquake
has happened, earthquake should be analyzed by number
and then earthquake and heavy truck combination could
be considered. The expected numbers of earthquakes are
provided by USGS Mapping Project.

The cumulative distribution, 𝐹
𝑒
(𝑥), of load for one earth-

quake’s occurrence is defined by

𝐹
𝑒 (
𝑥) = [𝑃𝑦 (

𝑥)]

1/𝑛𝑒𝑦
, (6)

where 𝑛
𝑒𝑦
is the annual average number of earthquake; 𝑃

𝑦
(𝑥)

is the annual cumulative probability function curve of earth-
quake load.

Note that 𝑛
𝑒𝑦

may not always appear as an integer for
calculation accuracy and convenience according to different
areas and is related to total occurrence number of earthquake.

On the basis of reliability theory, combining heavy truck
with earthquake, the cumulative distribution function of
possible maximum truck load 𝐹tr(𝑥) is calculated using the
following equation:

𝐹tr (𝑥) = [𝐹 (𝑥)]
(𝑛tr ⋅𝑛𝑒)
, (7)

where 𝑛tr is the quantity of heavy trucks in effective combined
action time of earthquake and heavy trucks; 𝐹(𝑥) is the load
cumulative distribution function of a single heavy truck; 𝑛

𝑒
is

the number of earthquake meeting with heavy trucks.
The maximum value of combination of earthquake load

and heavy truck load is obtained through (3).The probability
of the earthquakes “alone” (without a heavy truck passing
by) is considered through the probability of earthquake
occurrence 𝑃(𝑒only). 𝑃(𝑒𝑒,tr) is the probability of combined
action of earthquake and heavy truck; then there is 𝑃(𝑒

𝑒,tr) +
𝑃(𝑒only) = 1. Based on earthquake condition, the modified
model can be expressed as

𝑃 (𝑋 ≤ 𝑥, 𝑒) = 𝑃 (𝑋 ≤ 𝑥, 𝑒𝑒,tr) + 𝑃 (𝑋 ≤ 𝑥, 𝑒𝑒,only)

= 𝑃 (𝑋 ≤ 𝑥 | 𝑒
𝑒,tr) ⋅ 𝑃 (𝑒𝑒,tr)

+ 𝑃 (𝑋 ≤ 𝑥 | 𝑒
𝑒,only) ⋅ 𝑃 (𝑒only)

= 𝐹
𝑒,tr (𝑥) ⋅ 𝑃 (𝑒𝑒,tr) + 𝐹𝑒,only (𝑥) ⋅ 𝑃 (𝑒only) ,

(8)
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Figure 6: The possible probability distribution of trucks combined with earthquake.
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Figure 7: Probability distribution of truck load effects with maximum number.

where 𝐹
𝑒,tr(𝑥) is the cumulative distribution function of

load combining earthquake with heavy trucks; 𝐹
𝑒,only(𝑥) is

the cumulative distribution function of load of the rest
earthquakes “alone.”

Therefore, considering both combination of earthquakes
and heavy trucks and earthquakes “alone,” the probability
density function of total load is calculated as

𝑓com (𝑥) = 𝑃 (𝑒𝑒,tr) 𝑓𝑒,tr (𝑥) + 𝑃 (𝑒only) 𝑓𝑒,only (𝑥) , (9)

where 𝑓
𝑒,tr(𝑥) is the probability density function of load

combining earthquakes with heavy trucks; 𝑓
𝑒,only(𝑥) is the

probability density function of load of earthquakes “alone.”
Since the methodology in this paper is based on the con-

dition of earthquake, the whole load combination is divided
into thosewith earthquake condition andwithout earthquake
condition, which are “alternative.” The “circumstance” with-
out earthquake is the situation of remaining heavy trucks,
which refer to those not coming across earthquake (since the
number of trucks coming across earthquake is limited and is
ignorable compared to millions of trucks; it is assumed that
the number of “remaining” heavy trucks remains the same).
Therefore, the joint cumulative probability distribution func-
tion of earthquake and heavy truck load combination is given
as

𝐹max,𝑇 (𝑥) = 𝐹com (𝑥) ⋅ 𝐹tr,only (𝑥) , (10)

where 𝐹max,𝑇(𝑥) is the joint cumulative probability function
of earthquake load and heavy truck load in time 𝑇 period;
𝐹com(𝑥) is the cumulative probability function in earthquake
condition; 𝐹tr,only(𝑥) is the cumulative probability function of
maximum value of heavy trucks in time 𝑇 period.

To sum up, the procedures of load (effects) combination
based on earthquake condition are generally summarized as
follows.

(1) Determine the time intervals of earthquake load and
heavy truck load.

(2) Calculate the occurrence frequency 𝜆 of heavy truck
load during the time interval according to the sta-
ble Poisson process assumption and calculate the
occurrence probability and probability distribution
function of heavy truck load within the interval.

(3) Check the expected (or annual) number of earth-
quakes within 𝑇 period with reference to USGS
Mapping and calculate the distribution of maximum
earthquake load within 𝑡

1
using (6).

(4) Determine the probability of earthquake and heavy
trucks coming across each other.

(5) Determine the number of heavy trucks of occurrence
within the time interval of earthquake and calculate
the possible maximum value distribution function
with (7) when the heavy trucks and earthquake are
combined.

(6) Determine the number of earthquakes combinedwith
the trucks and calculate the cumulative distribution
function of the combined portion of earthquake and
heavy trucks.

(7) Using (8) and (9), calculate the maximum value dis-
tribution function of combined portion of earthquake
and heavy trucks and the portion of earthquake alone
under earthquake condition.
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Figure 8: Probability distribution of earthquake load effects in 75 years.
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Figure 9: Probability distribution of earthquake load effects alone.

(8) Calculate the final maximum value distribution using
(10).

(9) If constant load effect such as dead load participates
in the combination with other load effects, it should
be combined with the dead load effect within 𝑇 (such
as 75 years) period.

4. Numerical Simulation and Example

In order to illustrate the feasibility and clarity of the
methodology of load combination described in the preceding
section, a simple example of load combination simulation is
presented here. In order to illustrate themethod clearly, some
simplifications are made, which include the assumption that
the earthquake load is given by𝑀 = 𝑊⋅𝐴⋅𝐻, where𝑀 is the
column bent moment,𝑊 is superstructure weight, 𝐴 is peak
ground acceleration (PGA), and 𝐻 is column calculation
height. The truck load is given by 𝑀 = 𝐹 ⋅ 𝑒, where 𝐹 is
the truck weight and 𝑒 is the eccentricity between the vertical
center axis of the truck and the vertical axis of the column.
The effects of soil and secondary effect of gravity are ignored.
The computing model of the bridge is shown in Figure 5.The
main configuration of the bridge is𝑊 = 500 ton,𝐻 = 6.0m,
and 𝑒 = 4m, and the bridge locates in Seattle, USA. Further
it is assumed that the maximum number of trucks on one
lane is two in one direction and in a special site heavy truck
may have an average number of 1000. Moses [27]suggested
heavy trucks approach a normal distribution with a mean
of 300 kN and a standard deviation of 80 kN (coefficient of
variable: COV=26.5%) andmore heavier truck situations can
be obtained through basic assumption above.The earthquake

curve can be found from USGS mapping, which includes
PGA and frequency of exceedance and could be converted
to cumulative curve [13, 14]. According to USGS mapping,
the expected number of earthquakes in Seattle is 2, and then
there will be 150 in 75 years’ service life of common bridge.
The results are given in Figure 5 to Figure 14.

According to Figures 6 and 7, the maximum truck load
combined with earthquake is between the single common
truck load and the maximum 75-year truck load, which is
reasonable because the larger the earthquake is, the smaller
the occurrence probability is and the smaller the probability
of coming across heavier trucks will be, and, on the contrary,
the smaller the earthquake is, the larger the occurrence
probability is and the larger the probability of coming across
heavier trucks will be.

Figure 8 to Figure 12 show the results of combinations
under earthquake condition. According to the results in
Figures 9 and 10, the curves of load combinations change
after the situation of earthquake coming across trucks is
considered. In this example, because the probability of com-
ing across between heavy trucks and earthquake is relatively
small, we can see from the results that the shape of probability
curve under earthquake only is similar with that of 75 years’
maximum earthquake load curve, but with the mean moving
leftwards. Figure 11 shows the load combination of earth-
quake load effects alone combined with those of earthquake
and truck load effects combination portion, and the result is
of similar shape with the maximum earthquake load in 75
years, but with the mode larger than that under earthquake
only. Figure 12 shows the combination of the maximum
load under earthquake condition and the maximum load of
“remaining” heavy trucks. Consideration of the comparison
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Figure 10: Probability distribution of earthquake load effects combined with truck load effects.
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Figure 11: Probability distribution of earthquake load effects alone combined with those of earthquake and truck load effects combination
portion.

between them is the solution of their different sample spaces,
and the one with smaller contribution according to the
comparison will be omitted.

Figure 13 shows general comparison of the results using
the modified model with the results of the traditional Ferry
Borges model. In the figure, “Truck and earthquake new” is
the cumulative probability curve of maximum value calcu-
lated with the model in this paper, “Truck and earthquake
original” is the probability curve calculated with the tra-
ditional model (with reasonable time interval), and “Truck
and earthquakeT-Direct” is the probability curve of direct
load combination of the earthquake and heavy truck loads
in their 75 years. According to the results, we can observe
that (1) “Truck and earthquakeT-Direct” curve is on the right
end; “Truck and earthquake original” curve and “Truck and
earthquake new” curve are partially crossing and lapping
over and are close. (2) According to the value, their means
are truck and earthquakeT-Direct > truck and earthquake
original > truck and earthquake new and the coefficients
of variation are close. Figure 14 shows the comparison on
the reliability index corresponding to Figure 13. According to
the bar graph, the reliability index of the new model is the
maximum that is nearest to the 3.5, followed by the original
model, and that of the direct load combination in 75 years is
the minimum.

5. Conclusions

According to the disadvantages of Ferry Borges-Castaneda
model, the unreasonable assumption of Ghosn’s improved

model, and the merit of Turkstra’s rule, a modified model
of multihazard load combination is proposed in this paper.
The model considers load effect combinations based on
earthquake conditions.

Compared with the traditional Ferry Borges-Castaneda
method, the main advantages of this methodology include
the following: it can prevent the complexity of sampling in
multiple load sample spaces and it pays more attention to
extreme load such as earthquake load. Based on load occur-
rence frequency, this methodology does not focus on one
extreme load effect but on their joint effects. This methodol-
ogy combines advantages of Ferry Borges-Castaneda model
and idea of Turkstra’s rule. It is like the Ferry Borges-
Castaneda model in general and the Turkstra’s in partial,
whose implications are more definite and the thought is clear.

Another advantage is to prevent the cumulative error due
to the root of large numbers of earthquake curve. Since the
Ferry Borges-Castaneda model requires earthquake curve to
be reducedwithin time interval 𝜏 (for e.g., 30 seconds), cumu-
lative distribution of earthquake curve generally requires the
root of 1051200 (year to time interval 𝜏), while the new
method generally needs only root of a small number. Besides,
the product of multiple cumulative distributions is used to
calculate the maximum value of load combination in this
model, whichwill simplifymultiple load combination greatly.
If the probability of multiple extreme loads simultaneous
occurrences is very low, their combination is the product of
their respective cumulative distribution, which simplifies the
calculation a lot.

With respect to the simulation value, the means of
the new method is the minimum and the maximum with
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Figure 12: Probability distribution of load effects under earthquake condition combined with remaining truck load effects in 75 years.
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Figure 13: Comparison of cumulative probability curves with
different methods.
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curves in Figure 13.

reliability index, while the value of combination in 𝑇 period
is the most conservative. Furthermore, the results of different
regions may be different because the earthquakes of the
chosen regions are greatly different. For example, earthquakes
in California are frequent, and thus the load combination is

greatly affected by earthquake. Earthquakes in St. Paul are less
frequent, and thus the impact is mainly from the trucks. For
New York, the impacts from neither earthquake nor trucks
can be ignored and the participation of earthquake and heavy
trucks in the results is approximate.
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