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Editorial
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&is special issue provided a forum for presentation and
discussion of the latest findings and developments in the
area of earthquake engineering. It is well known that
earthquakes are catastrophic events inducing major hu-
man and economic losses. Structural failure may be
avoided if preventive measures, such as the enhancement
of various earthquake-resistant measures, are properly
implemented. Assessment and enhancement of the seis-
mic performance of buildings and structures is therefore
of paramount importance.

&is special issue contains a collection of eight original
research papers covering concrete-filled steel tubular as well
as CFRP-confined CFST stub columns, beam-to-column
connections, double-layered truss walls, STS container
cranes, liquid storage tanks, double-walled hollow pipe
members, and a case study of a plate girder bridge.

A paper by C. Hansapinyo et al. presents an experi-
mental study on the cyclic behavior of inclined concrete-
filled steel tubular columns.&e effect of inclination angle,
concrete strength, and wall thickness on the loading ca-
pacity, ductility, and energy dissipation is investigated. A
paper by Z.-J. Lyu et al. presents numerical results based
on cyclic tests on different types of industrial rack joints.
&e geometrical factors in beam-to-column connections
affecting the dynamic behavior of the braced racks are
investigated with the aim of enhancing the seismic per-
formance of the connections. A paper by Y. Guo and Y.
Zhang presents a comparative study on the structural

behaviors of concrete-filled steel tubular stub columns
having both inner and outer confinements using CFRPs
for seismic performance improvement of structures. A
paper by Ishikawa studies partial cylindrical truss walls
equipped with damper connections subjected to hori-
zontal earthquake motions with the objective of en-
hancing the seismic performance of the structure. A paper
by Q. H. Tran et al. investigates the suitability of two
nonlinear static analysis procedures, i.e., capacity spec-
trum method and equivalent linearization method, for
studying the seismic behavior of ship-to-shore container
gantry cranes. A paper by A. Tsipianitis and Y. Tsom-
panakis focuses on the fragility analysis of tanks isolated
by sliding bearings of various pendulum types by con-
sidering the isolators’ displacements due to near-fault
earthquakes. A paper by M. N. Aye et al. surveys the
damages sustained by some bridges affected by the 2016
Kumamoto Earthquake and evaluates the seismic re-
sponse of the Tawarayama Bridge via numerical modeling
and analysis. A paper by L. Zhaohong et al. reports an
experimental study on double-walled hollow pipe speci-
mens subjected to low-cycle loading tests in order to
investigate their energy dissipation and antiseismic
performance.

It is the hope of the Editorial Team that this special issue
will contribute in advancing the state-of-the-art towards
seismic performance evaluation and improvement of future
structures.
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Steel pallet racks (SPRs) are characterized by boltless beam-column connections (BCCs). *e role of BCCs becomes more
significant during hazardous conditions such as earthquakes. Due to the great number of beam-end connector types and member
geometries, the accurate evaluation of their structural behavior, especially under seismic loads, seems to be very difficult to
perform so far. In this paper, the authors present results of simulation based on cyclic tests on different types of industrial rack
joints by the finite element (FE) modeling of connections.*is paper mainly investigates the BCC geometrical factors affecting the
dynamic behavior of braced racks. Design indications are consequently provided in order to guarantee a globally homogenous
ductility among different BCC configurations under seismic actions.

1. Introduction

Opposite of what happens for traditional civil engineering
structures, the material of steel member for high-rise steel
pallet racks (SPR) is thin and lightweight, and storage
pallet racking systems can usually carry live load many
times larger than the dead load with an extraordinary
height [1]. However, this well-recognized advantage is
counterbalanced by a structural response that is too
complex to predict, especially under earthquakes. Main
reason maybe that dynamic behavior of pallet racks is
affected by not only the particular geometry of their
structural members made by high slender thin-walled,
open-section profiles (hence leading to local, global and
even distortional buckling problems) but also beam-to-
column connections representing a strong nonlinear
behavior. It is generally considered that the beam-end
connector is the most critical part of the assembly which
determines the dynamic stability of SPR in the down-aisle
direction [2].

In view of its importance, the most recent design codes,
such as that of the RMI [3], EN15512 [4], and AS4084 [5],
suggest individual experimental testing and define testing
protocols with a marginal difference to predict the moment-
rotation (M–θ) behavior of beam-to-column connections.
Bajoria and Talikoti [6] adopted a double cantilever test
method and compared with the single side cantilever beam
test method. After that, the finite element simulation model
was established based on the test. *e superiority of the
double cantilever test method and the feasibility of the finite
element simulation were verified. Monotonic experimental
tests were conducted in [7] to investigate the flexural be-
havior of connections under hogging loading in a single
cantilever test setup. Several groups of beam-upright con-
nections with different constructional details, such as the
upright’s profile, the thickness, and the number of tabs in the
beam-end connector, were investigated. *ese tests high-
lighted that the failure mode of connections mainly depends
on the relative thickness between the upright and the beam-
end connector. Bernuzzi and Castiglioni [8] performed
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a series of 11 monotonic and 11 cyclic tests on two different
types of beam-to-upright connections used in Europe. *e
experimental results obtained from the monotonic tests
indicated that the connections were characterized by sig-
nificant ductile behavior. Federico Gusella et al. [9] pre-
sented results of monotonic and cyclic tests on four
different types of industrial rack joints to illustrate the
influence of the welding layout of beam-end connectors on
the structural response and failure mode of joints. In ad-
dition, as one of the universal methods for evaluating
seismic performance of connections, Tang and Chouw [10]
describe a series of full-scale shake table tests performed to
extend the understanding of the uplift behavior of inter-
locking columns. It is no doubt that experimental in-
vestigations are expensive and difficult to repeat. *erefore,
a suitable solution is to derive a particular uniform M–θ
relationship for each connection type in terms of geometric
parameters through finite element (FE) modeling. *e
structural behavior of rack connections has been also in-
vestigated by finite element numerical models. In [11],
results of experimental tests on rack beam-end connections
using both a cantilever and a double cantilever test setup
were compared with those obtained through nonlinear
finite element analyses, which were found to match well
with the full-scale frame tests. *e influence of the mod-
eling of beam-column joints on the overall structural re-
sponse of pallet racks was investigated in the numerical
studies developed in [12], where frame models with
semirigid joints were suggested, and in [13], where the
importance of taking into account the cyclic behavior of
connections to perform more reliable dynamic nonlinear
analyses was underlined. Markazi et al. [2] conducted tests
on the four different types of commercially available beam-
end connectors to determine the parameters governing an
efficient beam-end connector. Carlos [14] presented ex-
perimental findings about the beam-column connection
under static and cyclic loads. *e similarity of the static and
cyclic failure modes indicate that the failure was controlled
entirely by the connecting elements. Yin et al. [15] adopted
some indexes such as the energy dissipation capability and
the displacement ductility factor to explore the bearing
capacity and energy dissipation of several variations of
speed-lock connections of cold-formed steel storage racks.
Mashaly et al. [16] presented a simple and accurate three-
dimensional (3D) finite element model (FE) capable of
predicting the actual behavior of beam-to-column joints in
steel frames subjected to lateral loads. In this paper, the
surface-to-surface element was used instead of node-to-
node element to enhance the model. *e FE results showed
good correlation with the experimental one. However,
reports about relationship between the structure features of
SPR BCCs and its dynamic behavior have not been seen so
far.

Based on the cyclic behavior of SPR BCC’s test, this
paper presents the results of simulation performed on the
specimens of different BCC configurations using FE software
ABAQUS. In terms of hysteretic loop and backbone curve,
this paper discusses the structure geometrical factors af-
fecting the dynamic behavior of braced racks. Moreover, the

authors quantify the global ductility and stiffness de-
terioration of specimens in comparison with the design
standard values. Finally, the paper highlights the vulnera-
bility of braced racks to connection failures and provides
design indications for a more ductile rack design with good
BCC configurations.

2. Cyclic Experiment Investigation

2.1. Connection Types and Specimen Details. In this study,
two tests were carried out in order to declare the accuracy of
the results obtained by the finite element models established
using FE software ABAQUS. All the test specimens in-
cluding columns, beams, and beam-end connectors were
manufactured from cold-formed steel. *e material prop-
erties of them are given in Table 1.

In steel pallet racks, the rivet connection is commonly
used because of its flexible installation, as shown in Figure 1.
*erefore, in this study, the rivet connection was adopted to
identify the effects of various parameters which may affect
the overall seismic performance of beam-to-column con-
nections. Details of the rivet connection are shown in
Figure 2. *ese specimens were distinguished by two dif-
ferent columns and beam depths. Each specimen consists of
a 400mm long column and a 750mm long beam, which was
manufactured in accordance with the FEM 10.2.08 [17].
M100 and M120 columns and B80 and B100 beams were
selected according to the actual situation of enterprise. Both
beam-end connectors have three rivets. Detailed specimen
parameters are given in Table 2.

2.2. Test Setup and Instrumentation. In this study, the
cantilever test method was adopted to obtain the hysteresis
curve of the beam-to-column connections. *e test setup
consists of a testing frame, a loading device, and displace-
ment transducers, as illustrated in Figure 3. *e column was
fixed on the column welding plate, and the beam was
connected to the column by the connector. In the test, the
measuring plate used to reflect the rotation angle θ was
installed on the beam, and two displacement transducers
were installed on the plate for collecting the variation of
deflection δ.*e loading point had been applied at a distance
of 400mm from the surface of the upright. During the test,
the loading device imposed a preload on the beam in ad-
vance, which is 10% of the expected failure load and then
unloaded. *e load was gradually increased till the con-
nector failed. During the test, the data measured by the
displacement transducers and pressure sensors were
recorded by the data acquisition card, and then M-θ curves
were generated by processing the data.

2.3. Cyclic Loading Protocol. *e cyclic loading protocol was
based on the variable amplitude load control mode. Before
yielding, the load was increased by 1000N for each level, and
the load was repeated twice. After yielding, the load was still
increased 1000N every step but repeated once. *e cyclic
loading protocol is illustrated in Figure 4. When the force
was downward, the direction was seen as positive, the angle θ
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Table 1: Material properties of specimens.

Young’s modulus, E (GPa) Poisson’s ratio, μ Yield strength, fy (MPa) Ultimate strength, fu (MPa)
210 0.3 235 390

Column

Beam-end connector

Rivet

Beam

Figure 1: *e rivet connection.

Column

Beam-end connector

Beam

Clearance

Rivet

Figure 2: Details of the rivet connection.

Table 2: Detailed specimen parameters.

Column Column thickness (mm) Beam Number of rivets Beam-end connector thickness (mm)
Test 1 M120 2.5 B100 3 4
Test 2 M100 2.5 B80 3 4

�e measuring
plate and

displacement
transducers

Column

Beam

Loading device

Testing frame

Figure 3: *e test setup.
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was negative, the load was negative, and vice versa.When the
sample’s connector, welding spot, or column holes appeared
obviously damaged, the test stopped.

3. Finite Element Simulation

In this study, the three-dimensional model of different
combinations of beam-to-column connections was de-
veloped to evaluate the effect of different parameters. In
this paper, six parameters that might affect the seismic
performance of the beam-to-column connections were
selected, such as column thickness, beam depth, thickness
of the beam-end connector, and the welding position of
beam to the beam-end connector. Details of specimens
are listed in Table 3. Specimens A only made changes to
the beam depth to analyze the influence of beam depth on
the seismic performance of beam-to-column connections.
Similarly, specimens B, C, D, E, and F were used to an-
alyze the influence of column thickness, thickness of the
beam-end connector, the welding position of the beam,
number of rivets, and clearance between column and
beam-end connector, respectively. To ensure the accu-
racy, the details such as the flange’s opening, the stiffener,
and the fillet were reserved. *en, a finite element model
was established using the commercial FE software
ABAQUS.

3.1. Material Properties and Element Types. Different com-
binations of beam, column, and beam-end connector as-
semblies were modeled. *e material properties of all the
three components listed in Table 1 were used for FE
modeling (FEM). Element C3D10 (a 10-node quadratic
tetrahedron) was used for all the three parts of an assembly.

3.2. Connection Modeling and Surface Interaction.
Contact nonlinearity was incorporated into the FE model by
defining the interactions among column, beam-end

connectors, and rivets. *e surface-to-surface interactions
(front and side) between the column and the beam-end
connector were defined through tangential frictionless be-
havior, as shown in Figure 5(a). Similarly, the surface-to-
surface interactions between the column and rivets were
defined in two ways: (i) normal hard contact, as shown in
Figure 5(b), and (ii) tangential frictionless contact, as shown
in Figure 5(c). *e former was defined to avoid the relative
movement between the surfaces of the column and the rivet,
whereas the latter was defined to restrain the sideways
movement (normal to longitudinal axes) of the column.

3.3. Loading and Boundary Conditions. Loading and
boundary conditions were consistent with the test setup. In
the experimental setup, both column ends were clamped and
the column moves only up and down as a rigid body.
*erefore, similar boundary conditions were applied to end
of beams and the column. Upper and lower column ends are
pinned support, that is, three degrees of freedom of X, Y, and
Z were constrained, and freedom in Z direction was con-
strained for the beam. *e concentrated force has been
applied at a distance of 400mm from the column’s face.
Similar loading procedure was adopted for FE analysis.

3.4. Simulation Results

3.4.1. Failure Mode. Comparing experimental results with
simulation results, failure modes of the FE model exhibited
close agreement with the experimental results. Under the
cyclic load, holes were gradually deformed due to tension
and compression of rivets and swinging of beams. After test,
column holes appeared as gaps and rivets and the beam-end
connector underwent obvious deformation. A comparison
of failure modes in both experimental and FE analysis is
presented in Figure 6. Deformation of the abovementioned
components together resulted in failure of the beam-column
connection.

–6000

–4000

–2000

0

2000

4000

6000

0 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18Lo
ad

 (N
)

Cycle no.

Cyclic loading protocol

Figure 4: *e cyclic loading protocol.
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3.4.2. Hysteretic Loop and Backbone Curve. Based on ex-
perimental data, the nondimensional moment-rotation
curves are drawn in Figure 7. *e hysteresis loops show
a z-shape during loading. Along with the increase of force,
the slope of hysteretic loop keeps changing and decreasing
and strength and stiffness decreasing. *e maximum
bending moment in the first cycle of each group is greater
than in subsequent two cycles because of the deterioration
undergone by the connector device.

Backbone curve analysis is one of the methods to analyze
seismic performance. For each connection, the backbone
curve is a line that connects peak points of the cyclic
moment-rotation curve. *e backbone curves from hys-
teretic moment-rotation responses are shown in Figure 8. By
comparison, it can be found that experimental results are in
close agreement with the backbone curves of simulation
results, but there are greater errors in individual points and
mainly appeared in the latter part of cyclic load. On the other
hand, to achieve the same rotation of the backbone curves,
the bending moment required by the finite element model is
slightly larger than that of the test. *e main reason for the
error is that the finite element model does not consider
geometric errors and initial defects, which will cause
backbone curve difference.

3.4.3. Rotation Ductility Factor. Ductility is an important
index to evaluate seismic performance of structure [15]. *e
ductility factor μ is usually defined by the following equation:

μ �
θu
θy

, (1)

where θu is the limit state (e.g., ultimate) rotation and θy is
the yielding rotation.

In this study, because there is no definite yielding point
in Figure 8, to figure out the yielding rotation, a revised
general yielding moment method (GYMM) [18] is
employed. A schematic sketch of the method is shown in
Figure 9. Based on a backbone curve of moment-rotation
relation in Figure 9, OH is a line that represents the elastic
theory value and intersects with the horizontal line of the
ultimate load C at H. *en, a vertical line passing H in-
tersects with backbone curve at A. Point H’ is the in-
tersection point of line OA and line CH.*en, a vertical line
passing H’ intersects with the backbone curve at B, which is
the yielding point. *e horizontal axis value of point B is
identified as the yielding rotation θy. Limit state rotation θu
is the value that corresponds with the limit state (or ultimate)
moment Mu [15]. *en, the ductility factors of all connec-
tions for both positive and negative loading are calculated
and provided in Table 4.

3.4.4. Stiffness Deterioration Index. For cyclic loading, dis-
placement increases gradually to the limit state rotation θu
while stiffness reduces with cycles. *is stiffness de-
terioration can be calculated from the hysteresis loops. *e
relationship of stiffness K and rotation θ can be analyzed
based on the data. As shown in Figure 10, polyline C′-B′-A′-
O-A-B-C is a simplified “trifold” backbone curve after di-
mensionless processing. *e slope K1 of DE is positive
unloading stiffness. In order to calculate the stiffness de-
terioration index, relative stiffness K1/K0 and relative

Table 3: Details of specimens.

ID Column Column thickness
(mm)

*ickness of beam-end connector
(mm)

Beam
depth

Beam
position

Number of
rivets Clearance

A

A-1 M120 2.5 4 B80 Upper 3 1
A-2

(standard) M120 2.5 4 B100 Upper 3 1

A-3 M120 2.5 4 B120 Upper 3 1

B

B-1 M120 2 4 B100 Upper 3 1
B-2

(standard) M120 2.5 4 B100 Upper 3 1

B-3 M120 3 4 B100 Upper 3 1

C
C-1

(standard) M120 2.5 4 B100 Upper 3 1

C-2 M120 2.5 4 B100 Upper 4 1

D

D-1
(standard) M120 2.5 4 B100 Upper 3 1

D-2 M120 2.5 4 B100 Middle 3 1
D-3 M120 2.5 4 B100 Lower 3 1

E

E-1
(standard) M120 2.5 4 B100 Upper 3 1

E-2 M120 2.5 5 B100 Upper 3 1
E-3 M120 2.5 6 B100 Upper 3 1

F

F-1
(standard) M120 2.5 4 B100 Upper 3 1

F-2 M120 2.5 4 B100 Upper 3 2
F-3 M120 2.5 4 B100 Upper 3 3
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rotationΔ1/Δ+
u need to be calculated, whereΔ1 is the rotation

corresponding to the unloading point of each hysteresis
loop, K0 is initial stiffness, and Δ+

u is the rotation corre-
sponding to the positive yield point. Similarly, K2, K3, and
K4 are negative loading stiffness, negative unloading stiff-
ness, and positive loading stiffness, respectively. K2/K0,

Δ2/Δ+
u; K3/K0, Δ3/Δ−u; and K4/K0, Δ4/Δ−u are calculated,

respectively.
In the study, taking M120 column as an example, the

stiffness degeneration curve is fitted using MATLAB
lsqcurvefit function, and the fitted curves are shown in
Figure 11. Calculate the stiffness deterioration as follows:

Tangential side
contact surfaces 

Tangential front
contact surfaces

(a)

Rivet surface Column surface 

Hard contact surfaces 

(b)

Rivet surface

Column surface

Tangential contact surfaces

(c)

Figure 5: Surface-to-surface interaction among components. (a) Interactions between column and the beam-end connector. (b) Normal
hard contact between column and rivets. (c) Tangential frictionless contact between column and rivets.
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Figure 8: Comparison of experimental and simulation backbone curves. (a) M100 and (b) M120.
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Figure 6: Comparison of simulation and experimental deformation. (a) Deformation of rivets and beam-end connector and (b) gap of
holes.
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Figure 7: *e hysteresis loops.
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positive unloading stiffness:
K1

K0
� −2.427 ln

Δ1
Δ+

u

  + 3.153,

negative loading stiffness:
K2

K0′
� 3.447e

−1.281 Δ2/Δ+
u( ),

negative unloading stiffness:
K3

K0′
� 3.102e

−1.198 Δ3/Δ−u( ),

positive loading stiffness:
K4

K0
� −1.825 ln

Δ4
Δ−u

  + 1.257.

(2)

Similarly, stiffness deterioration rules of other groups
were also calculated. It was found that the fitting formulas
and degeneracy rules were basically the same. With cyclic

loading and unloading, stiffness of structures showed ob-
vious deterioration.

After comparing forms of the stiffness deterioration
curve fitting formula, it was found that the fitting formulas of
the positive unloading and loading stiffness degeneration
curves were in the forms of formulas (3) and (4) respectively,
while the negative loading and unloading stiffness de-
terioration curves were in the forms of formulas (5) and (6),
respectively. *erefore, the stiffness deterioration can be
compared by comparing the values of “a” and “h” in the
positive stiffness degeneration. For negative stiffness de-
generation, the variation of “d” and “g” is small. *erefore,
only the “c”’ and “‘f’” values need to be compared to evaluate
the deterioration rate of negative stiffness. According to
calculation results of the positive and negative stiffness
degeneration of various beam-column connections, the
values of a, h, c, and f were extracted, respectively, for
analysis of the stiffness deterioration, and the results are
shown in Table 5. *e absolute difference rate in the table is
obtained by taking the standard specimen as the de-
nominator, and the difference is the increase or decrease
relative to the previous result. *e comparison of the ab-
solute difference is shown in Figure 12.

K1

K0
� −a ln

Δ1
Δ+
u

  + b, (a> 0, b> 0), (3)

K4

K0
� −h ln

Δ4
Δ−u

  + i, (h> 0, i> 0), (4)

K2

K0′
� ce
−d Δ2/Δ+

u( ), (c> 0, d> 0), (5)

K3

K0′
� fe
−g Δ3/Δ−u( ), (f> 0, g> 0). (6)

4. Parametric Analysis and Assessment

*e FE model that was developed to validate the experi-
mental testing was further extended for parametric analysis.

M

H H′ C

B

A

0

Mu

My

Backbone curve

θy θu
θ

Figure 9: Schematic illustration of the general yielding moment
method.

Table 4: Ductility factors of different connections.

ID Ductility factor Absolute difference
rate (%)

A
A-1 1.764 7.45

A-2 (standard) 1.906 /
A-3 2.035 6.77

B
B-1 1.795 5.82

B-2 (standard) 1.906 /
B-3 2.009 5.40

C C-1 (standard) 1.906 /
C-2 2.175 14.11

D
D-1 (standard) 1.906 /

D-2 1.985 4.14
D-3 1.912 <1%

E
E-1 (standard) 1.906 /

E-2 2.053 7.71
E-3 2.095 9.92

F
F-1 (standard) 1.906 /

F-2 1.875 2.46
F-3 1.718 9.86

M/Mu

K4

K3
K2

K1G

A D B

C

EO

F

B′

C′

A′

θ/θu

Figure 10: Stiffness deterioration calculation diagram.

8 Advances in Civil Engineering



*e analyzed parameters are as follows: variation in beam
depth, column thickness, and number of rivets in the beam-
end connector, variation in the thickness of the beam-end
connector, variation in the welding position of beams to the
beam-end connector, and variation in the clearance between
the column and the beam-end connector. Different sizes of
specimens were chosen for parametric analysis to observe
the connection response.

By comparing ductility factors in Table 4 and stiffness
deterioration rules in Table 5 of different combinations,
except for the number of rivets, the effect of the thickness of
the beam-end connector and clearance on the stiffness
deterioration and ductility is slightly greater than the other
three factors. *e impact of different parameters on the
seismic performance of beam-to-column connections was
analyzed as follows.

4.1. Effect of Varying Beam Depth, Column 6ickness, and
Number of Rivets in the Beam-End Connector. With speci-
mens A, the FEM results can be further utilized to assess the

effect of beam depth. Compared with B100 beam, the ductility
factor of the B80 beamwas decreased by 7.45%, while for B120
beam, the ductility factor showed an increase of 6.77%. *e
positive unloading stiffness deterioration was increased by
9.64%, and the B120 beam was decreased by about 9.23%.
Other stiffness deteriorations showed the same rule, which is
compared to the B100 beam, the stiffness deterioration of the
B80 beam decreased more rapidly, and the B120 decreased
slowly. To figure out the effect of column thickness and
number of rivets in the beam-end connector, specimens B and
C showed that increasing the column thickness(2mm,
2.5mm, and 3mm) and number of rivets(from three to four),
the ductility increased, and the stiffness deterioration slowed
down.

4.2. Effect of Welding Position of Beam to the Beam-End
Connector. Parametric analysis was performed on speci-
mens D in order to assess the effect of welding position of
beam to the beam-end connector. *e FE analysis of
specimens D was performed to assess the effect of the
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Figure 11: *e stiffness deterioration of BCC under the cyclic loading protocol. (a) Positive unloading stiffness. (b) Negative loading
stiffness. (c) Negative unloading stiffness. (d) Positive loading stiffness.
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Table 5: Deterioration comparison of positive and negative stiffness.

ID
Positive unloading stiffness Negative loading stiffness Negative unloading stiffness Positive loading stiffness

a Absolute difference
rate (%) c Absolute difference

rate (%) f Absolute difference
rate (%) h Absolute difference

rate (%)

A

A-1 2.661 9.64 3.665 6.32 3.271 5.45 1.973 8.11
A-2

(standard) 2.427 / 3.447 / 3.102 / 1.825 /

A-3 2.203 9.23 3.209 6.91 2.827 8.87 1.613 11.62

B

B-1 2.694 11.01 3.632 5.37 3.347 7.32 2.017 10.52
B-2

(standard) 2.427 / 3.447 / 3.102 / 1.825 /

B-3 2.197 9.48 3.159 8.36 2.808 9.47 1.593 12.71

C
C-1

(standard) 2.427 / 3.447 / 3.102 / 1.825 /

C-2 2.052 15.45 3.002 12.91 2.765 10.86 1.405 23.01

D

D-1
(standard) 2.427 / 3.447 / 3.102 / 1.825 /

D-2 2.209 9.00 3.196 7.28 2.904 6.38 1.618 11.34
D-3 2.431 0.16 3.426 0.06 3.098 0.12 1.834 0.49

E

E-1
(standard) 2.427 / 3.447 / 3.102 / 1.825 /

E-2 2.105 13.27 3.109 9.81 2.822 9.03 1.466 19.67
E-3 2.096 13.64 2.757 10.21 2.519 9.49 1.423 22.03

F

F-1
(standard) 2.427 / 3.447 / 3.102 / 1.825 /

F-2 2.485 2.39 3.525 2.26 3.158 1.81 1.913 4.82
F-3 2.723 12.20 3.803 10.32 3.601 16.09 2.258 23.73
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Figure 12: Continued.
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welding position of beam to the beam-end connector.
Judging from the analysis results, when the beam was
middle-welded, the seismic performance was the best, when
the beam was up-welded and down-welded, the seismic
performance was basically the same.

4.3. Effect of Variation in the 6ickness of the Beam-End
Connector. Parametric analysis was performed on speci-
mens E in order to assess the effect of the thickness of the
beam-end connector. In specimens E, 4mm, 5mm, and
6mm thick beam-end connectors were used. Increasing the
thickness of the beam-end connector from 4mm to 5mm
and 6mm (specimen E) significantly affected the ductility
(increased by 7.71% and 9.92%) and the stiffness de-
terioration of the connection. Taking the positive unloading
stiffness as a base, the 5mm and 6mm thickness were

decreased by 13.27% and 13.64%, respectively. In general,
the stiffness appeared a greater deterioration.

4.4. Effect of Variation in the Clearance between Column and
the Beam-End Connector. Clearance between the column
and the beam-end connector was 1mm, 2mm, and 3mm in
the FE analysis of specimens F. Increasing clearance from
1mm to 2mm, the ductility factor showed a smaller increase
(2.46%) and slight stiffness deterioration appeared (≤5%).
When increasing clearance from 1mm to 3mm, significant
decrease in the ductility factor was observed (9.86%). At the
same time, stiffness had a greater deterioration.

5. Conclusion

In this paper, the cyclic responses of different combinations
of beam-to-column connections were investigated in order
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Figure 12: *e comparison of stiffness deterioration. (a) Positive unloading stiffness. (b) Negative loading stiffness. (c) Negative unloading
stiffness. (d) Positive loading stiffness.
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to study the influence of different parameters on the dy-
namic behavior of the beam-to-column connections. *ese
parameters included column thickness, beam depth,
thickness of the beam-end connector, and the welding
position of beam to the beam-end connector. Utilizing the
cantilever test method, cyclic loading tests were conducted
to explore their dynamic behaviors. By comparison with
ductility factors and stiffness deterioration index, based on
different configurations of beam-to-column connections
except for the number of rivets, the effect of the thickness of
the beam-end connector and clearance on the stiffness
deterioration and ductility was slightly greater than the other
three factors. Increasing beam-end connector thickness
from 4mm to 5mm and 6mm significantly improved the
ductility and the stiffness had a slighter deterioration. When
increasing clearance from 1mm to 2mm, the ductility factor
showed a smaller increase, and slight stiffness deterioration
appeared. But when increasing clearance from 1mm to
3mm, the ductility factor showed significant decrease and
stiffness had a greater deterioration. In summary, increasing
thickness of the beam-end connector can significantly im-
prove the seismic performance of connections. Although
increasing the clearance between the column and the beam-
end connector is better for the assembling of steel pallet rack,
it needs to be elaborately selected because it greatly reduced
the performance of connections. *e results in our paper
seem to be preliminary; however, it has been observed that
the dynamic behavior of SPR BCCs relies on geometrical
parameters. *e increasing demand of cold-formed thin-
walled steel in high-rise rack needs to explore reliable and
simple methods of accurate prediction of the behavior of
storage racks and contents, which should be in a close
coordination and interaction with the experimental test.
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Liquid-filled tanks are effective storage infrastructure for water, oil, and liquefied natural gas (LNG). Many such large-scale tanks
are located in regions with high seismicity. )erefore, very frequently base isolation technology has to be adopted to reduce the
dynamic distress of storage tanks, preventing the structure from typical modes of failure, such as elephant-foot buckling, di-
amond-shaped buckling, and roof damage caused by liquid sloshing. )e cost-effective seismic design of base-isolated liquid
storage tanks can be achieved by adopting performance-based design (PBD) principles. In this work, the focus is given on sliding-
based systems, namely, single friction pendulum bearings (SFPBs), triple friction pendulum bearings (TFPBs), and mainly on the
recently developed quintuple friction pendulum bearings (QFPBs). More specifically, the study is focused on the fragility analysis
of tanks isolated by sliding-bearings, emphasizing on isolators’ displacements due to near-fault earthquakes. In addition,
a surrogate model has been developed for simulating the dynamic response of the superstructure (tank and liquid content) to
achieve an optimal balance between computational efficiency and accuracy.

1. Introduction

)e safe functioning of liquid storage tanks is of paramount
importance, especially in seismic prone regions, since this
severe natural hazard can lead to large-scale technological
disasters, the so-called NATECH events. In general, cylin-
drical liquid storage tanks are structures that are widely used
to store water, petrochemicals, and liquefied natural gas
(LNG). Many such tanks are located in areas subjected to
strong ground motions, and the seismic risk is higher com-
pared to conventional structures due to devastating conse-
quences. Failures of storage tanks due to earthquakes can
cause leakages and explosions, as shown in many cases in the
past earthquakes (Northridge (1994); Kobe (1995); Chi-Chi
(1999)). In any case, a robust performance-based seismic
design is required, as significant socioeconomical losses and
environmental problemsmay result from even aminor failure.

Compared to ordinary structures (such as buildings and
bridges), liquid storage tanks present different dynamic
behavior due to liquid-tank interaction, since they are

subjected to inertial earthquake loads and hydrodynamic
pressures. )e mechanical model of Housner [1] represents
this behavior in a realistic manner. More specifically, the
hydrodynamic response of the tank-liquid system is di-
vided in two uncoupled components: the impulsive com-
ponent (i.e., the lower part of the liquid that moves
horizontally and follows the tank wall movements) and the
convective component (i.e., the upper part of the liquid that
generates the sloshing motion). Many studies [2–4] have
shown the dominance of impulsive liquid component on
the global tank seismic response. In contrast, the convective
component can be neglected since it is associated to long
periods (which is >6 sec for the examined tanks), that are
substantially higher compared to the fundamental period
of the tank-liquid system (approximately 2 sec for the
examined isolated tanks, while it is <0.2 sec for fixed-base
conditions). )us, typical forms of storage tank failures in
past earthquakes (e.g., “elephant foot” and “diamond
shape” buckling types) are mostly related to the impulsive
component and less caused by liquid sloshing [5].
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Base-isolation technology is considered as an efficient
approach to reduce the seismic vulnerability of liquid storage
tanks. )e fundamental concept of base-isolation is the
“decoupling” of structure from ground motions by installing
isolators, i.e., devices with low horizontal and high vertical
stiffness to accommodate the vertical loads of the structure.
)erefore, the stresses and accelerations imposed on the
tank are notably reduced, even if the displacements are quite
high due to the increased deformability of the flexible
bearings [6, 7]. Some large-scale liquid storage tanks isolated
by friction isolators are presented in EPS [8]. Firstly, two
LNG tanks of Revithoussa, Greece, each having a capacity of
65.000m3, are equipped with totally 424 SFPB isolators.
Secondly, two large LNG tanks located in Melchorita facility
in Peru [9] are isolated by TFPBs, where earthquakes with
magnitude >8 of Richter scale may occur.

Many studies have been devoted to the seismic analysis
and vulnerability assessment of liquid storage tanks base-
isolated with friction isolators. Firstly, Wang et al. [10]
studied the effectiveness of SFPBs installed at the base of
cylindrical tanks using a hybrid structure-hydrodynamic
numerical model. Parameters such as tank aspect ratio,
friction coefficient of SFPBs and earthquake intensity were
examined. It was concluded that the impulsive pressures can
be significantly reduced due to seismic isolation, while the
convective pressures were slightly changed. Jadhav and
Jangid [11] compared the seismic response of liquid storage
tanks isolated by elastomeric bearings and sliding systems,
while the continuous liquid mass of the tank was modeled as
lumped masses, namely, sloshing mass, impulsive mass, and
rigid mass. Using a similar simplified model of the masses,
Panchal and Jangid [12] investigated the seismic response of
liquid storage tanks isolated with variable friction pendulum
system (VFPS). Based on the assumption of the concentrated
masses, the kinematic equations for the VFPS and the
storage tank were formed and solved. It was concluded that
using VFPS as base-isolation system for liquid storage tanks,
their seismic response could be controlled within desirable
limits.

)e work of Abali and Uckan [13] reported the efficiency
of SFPBs in controlling the earthquake response of slender
tanks compared to squat tanks. More specifically, a para-
metric analysis was conducted taking into account isolation
period, tank aspect ratio and coefficient of friction. It was
derived that base shear was reduced for both squat and
slender tanks. Conversely, sloshing displacements of squat
tanks were not significantly changed. )e double variable
frequency pendulum system (DVFPS) that isolated the
liquid storage tank was included in the numerical model of
Soni et al. [14]. )e examined DVFPS was analyzed for
different geometry and friction coefficient values. )e main
conclusions derived from this study were that DVFPS with
higher initial stiffness from top sliding surface to bottom
presented better behavior for slender tank, while the isolator
having the same initial stiffness and coefficient of friction
performed better for the squat tank.

Seleemah and El-Sharkawy [15] investigated the dy-
namic response of elevated squat and slender liquid storage
tanks isolated by elastomeric and sliding bearings (SFPB).

In addition, the behavior of the storage tanks was compared
for the cases where the isolators were placed at the bottom
or at the top of the supporting structure. It was reported
that base isolation affected in a beneficial manner the
slender tanks and less the corresponding squat tanks.
Furthermore, when an elevated tank was isolated with
SFPBs, it presented better seismic performance than with
elastomeric bearings. In addition, the examined tank
presented better seismic behavior when isolators were
placed at the top of the shaft support.

Panchal and Jangid [16] examined the seismic behavior
of liquid storage tanks equipped with variable curvature
friction pendulum system (VCFPS) under near-fault ground
motions. )e most important parameters for this in-
vestigation were the fundamental period, the friction co-
efficient, and the tank aspect ratio. It was found that the
VCFPS is a quite effective seismic isolation device in con-
trolling base shear, sloshing displacement, and the impulsive
displacement of liquid storage tanks.

Moeindarbari et al. [17] investigated the efficiency of
SFPB and TFPB installed at elevated liquid storage tanks
subjected tomultihazard level excitations. TFPB is capable of
performing multiple level analysis at different hazard sce-
narios, such as Service Level Earthquake (SLE), Design Basis
Earthquake (DBE), and Maximum Credible Earthquake
(MCE). Hence, the results revealed that TFPB outperformed
the SFPB, since the adaptive performance of TFPB played an
important role in decreasing the seismic demand on the
liquid storage tanks. Similarly, the effectiveness of two
isolation systems of elevated storage tanks was studied by
Paolacci [18]. Records from the Kocaeli Earthquake (1999)
were used for the dynamic analysis of high damping rubber
bearing (HDRB) and SFPB installed at the elevated tanks
located in Habas pharmaceutics plant in Turkey. It was
concluded that elevated tanks isolated both by HDRB and
SFPB presented major reductions in base shear as well as
stress levels in the tank’s wall. Due to the limitation of
maximum bearing displacement and the higher value of
sloshing displacement for the HDRB, the SFPB was con-
sidered as the superior isolation scheme for this specific case
study.

Bagheri and Farajian [19] investigated the impact of PGA
level and special characteristics of near-fault impulses on the
earthquake performance of liquid storage tanks isolated by
SFPBs. A mechanical model that accurately estimated the
seismic response of the liquid storage tank was adopted. )e
results indicated that SFPB is an effective isolation system,
capable of reducing critical parameters, such as impulsive
displacement, overturning moment, and base shear, while
the sloshing displacement did not present significant
changes. Phan et al. [20] conducted a seismic fragility
analysis of elevated liquid storage tanks isolated by concave
sliding bearings (CSB). For this purpose, a lumped-mass
simplified model was used for the examined tank. )e cloud
method was applied for the seismic fragility assessment,
where nonlinear dynamic analysis through a linear re-
gression-based probabilistic model was implemented. CSB
scheme was found to be an effective isolation system for the
reduction of the seismic demand on the tank.
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In the majority of the aforementioned studies, the
seismic response and/or vulnerability assessment of liquid
storage tanks base-isolated by SFPBs or TFPBs was in-
vestigated. )e influence of many critical parameters (i.e.,
base shear, aspect ratio, isolation period, etc.) on the results
was examined, and it was proven that single-stage (SFPBs)
and multistage (such as TFPBs) friction bearings were ef-
fective in reducing the seismic response, even when strong
near-fault excitations were imposed. On the other hand, the
newly appeared QFPB is a state-of-the-art seismic isolation
device capable of accommodating very large displacements
and performing complex multistage behavior [21]. It con-
sists of six spherical sliding surfaces with five effective
pendula. To the best of the authors’ knowledge, seismic
vulnerability assessment of liquid storage tanks isolated by
QFPBs has not been reported in the literature.

Accordingly, in this study, which is an extension of
a recent conference paper of the authors [22], the seismic
vulnerability assessment of liquid-filled tanks isolated by
different types of friction isolators is examined, following
performance-based design (PBD) principles. More specifi-
cally, the study is focused on the response of single-surface
isolators SFPBs, and the corresponding multiple-surface
isolators: TFPBs and QFPBs. Utilizing peak ground accel-
eration (PGA) as the intensity measure (IM) and isolator
displacement as the damage index (DI) for three earthquake
hazard levels, fragility analysis is performed for each of these
three sliding bearing configurations. Surrogate numerical
models, based on the work of Bakalis et al. [23], have been
developed for modeling both squat and slender liquid storage
tanks. Compared to detailed finite element simulations, such
models combine the minimization of computational cost with
adequate accuracy of the dynamic response calculations.)ey
consist of a concentrated impulsive mass that is attached to
a vertical beam element supported by rigid beam spokes.
Moreover, they can be implemented utilizing any general-
purpose structural analysis software and can be used for either
static or dynamic analysis.

2. Friction-Based Isolation Devices

2.1. Single Friction Pendulum Bearings. Figure 1(a) depicts
a typical SFPB, which is a device that uses its special geo-
metrical setting to provide seismic isolation [24]. )e
pendulum motion is represented by the spherical bearing
surface, while the period of the isolator depends on the
radius of curvature of the concave sliding surface. Addi-
tionally, another critical feature of SFPB is that the center of
resistance coincides with the center of mass. )us, the
torsion response of the superstructure is limited. )erefore,
parameters such as structural response, ductility, and energy
dissipation can be controlled, and damage to building
structural and nonstructural members and contents can be
minimized or even avoided.

2.2. Triple Friction Pendulum Bearings. TFPB is an adaptive
sliding isolation system that can exhibit different stiffness
and damping properties during its operation [25] and

represents the new generation of friction isolators. It utilizes
multiple spherical concave sliding surfaces, thus, both low
transmissibility of vibration to the superstructure and zero
residual displacements at the sliding structure after an
earthquake are provided [26]. Hence, its operation is dif-
ferent from the conventional sliding bearings that exhibit
constant stiffness and energy dissipation. In TFPBs, different
combinations of curvature and friction of sliding interfaces
can be selected. Moreover, these parameters can be adjusted
depending on the imposed excitation levels. )erefore,
multiple performance objectives can be achieved, which is
ideal from a PBD perspective.

A TFPB consists of three friction pendulum mecha-
nisms, which are activated at different stages as the seismic
demand is amplified. As illustrated in Figure 1(b), these
mechanisms are created via four concave surfaces in a single
bearing. According to Constantinou et al. [27], the two inner
surfaces share the same values for their friction coefficients
(μ2 � μ3) and radius of curvature (R2 �R3). Analogously, it is
also common that the outer concave surfaces have the same
values (μ1 � μ4) and (R1 �R4). In a typical TFPB functioning,
sliding occurs in different surfaces as the displacement
demand increases. When TFPB approaches its maximum
displacement capacity, the surfaces change again due to the
fact that the displacement restraints of the sliders are
reached, causing incremental hardening behavior [28].

)e calculated values of the force-displacement curve for
the TFPB configuration that has been used in the current
investigation are shown in Figure 2(a). As it can be easily
noticed, it is divided into several parts, depending on the
selection of geometrical and frictional parameters. )e hor-
izontal force of TFPB is a combination of the friction force
and the restoring force due to the curvature of the spherical
surfaces. Normalized horizontal force, F/W, is conveniently
used, since the resultant force, F, is proportional to the vertical
force,W. Evidently, TFPB is ideal for PBD, since by selecting
appropriate values for friction coefficients and radii of cur-
vature for each surface, different behavior under service level
earthquake (SLE), where sliding occurs on surfaces 2 and 3;
design basis earthquake (DBE), where motion stops on
surface 2 and sliding occurs on surfaces 1 and 3; and max-
imum considered earthquake (MCE), where sliding occurs on
surfaces 1 and 4 can be achieved [8, 17].

2.3.Quintuple FrictionPendulumBearings. According to Lee
and Constantinou [21], the newly developed QFPB is an
extended version of TFPB. In particular, it consists of six
spherical sliding surfaces, five effective pendula, and nine
operation regimes (Figure 1(c)) in a single bearing. )e
computed force-displacement curve of the examined QFPB is
depicted in Figure 2(b).)e adaptability of isolator behavior is
increased due to the increased number of pendula and sliding
patterns. )us, although the functioning is similar, it is ca-
pable of a more complex and multistage performance com-
pared to TFPB. Additionally, QFPB is ideal for high
displacement demands due to severe earthquake excitations.

Similar to TFPBs, QFPBs can also be implemented
within a PBD framework. Although the number of sliding
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surfaces is increased (six for QFPBs vs. four in the case of
TFPBs as shown in Figures 2(a) and 2(b), respectively), the
performance levels remain the same in this investigation, in
particular, service level earthquake (SLE), where sliding
occurs on surfaces 3 and 4; design basis earthquake (DBE),
where motion stops on surface 6 and sliding occurs on
surfaces 2 and 5; and maximum considered earthquake
(MCE), where sliding occurs on surface 1.

2.3.1. Model Validation. In this section, the analytical and
experimental validation of QFPBs utilizing finite element
software SAP2000 [29] is presented, following the recom-
mendations of Lee and Constantinou [21]. )e isolator is
simulated in the software as a series model, combining one
triple friction pendulum (FP) element with one double FP
element. )e double FP isolator is actually a “condensed”
triple FP element. )is is achieved by specifying arbitrary
values of the radius of curvature and friction coefficient that
lead to motion initiation of the inner sliding surfaces. In this
manner, the double FP isolator operation is performed
utilizing SAP2000 (Figure 3(a)).)e configuration examined
has friction coefficient values: μ3 � μ4 < μ5 ≤ μ2 < μ6 ≤ μ1.

Figures 4 and 5, respectively, illustrate the force-dis-
placement curves taken from a recent study [21] for the
experimental (tested in the experimental setup at the Uni-
versity at Buffalo [30]) and the analytical QFPB models,
which are compared to the numerical results of the same
configurations obtained herein utilizing SAP2000 software.
Firstly, the experimental model of one QFPB (Table 1) based
on the multistage experimental setup of the isolator tested at
the University at Buffalo [30] is validated numerically via
SAP2000 software. A harmonic excitation with frequency
equal to 0.005Hz was imposed to the tested QFPB, together
with a constant vertical load of W� 88964.4N. )e dis-
placement amplitude of the imposed harmonic motion was
equal to 127mm, since this was the displacement capacity of
the testing device. Figure 4 illustrates the validation of QFPB
with respect to the experimental model. As it can be noticed
in this plot, there is an excellent matching of the force-
displacement curves of the experimental model and the
corresponding isolator model developed in SAP2000.

)e second validation is performed by comparing the
obtained numerical results with the corresponding ones of
the analytical QFPB model for another case study [21]. In
this example, a sinusoidal harmonic excitation is imposed to
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Figure 1: (a) Section view of SFPBs, (b) TFPBs, and (c) QFPBs, where numbers correspond to different sliding surfaces (adopted from [21]).
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Figure 2: (a) Computed force-displacement curves for the examined bearing configurations: (a) TFPBs and (b) QFPBs.
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the isolator, having an amplitude of approximately 1m, equal
to the displacement limit of the analytical model. Further
information considering the force-displacement expressions
used for the current validation can be found in the detailed
study of [21]. By observing Figure 5, it can be noticed that the
numerical isolator model developed utilizing SAP2000 cap-
tures exactly the behavior of the analytical model. Hence, the
QFPB configuration presented in Figure 5 has been con-
sidered suitable for the fragility analysis of the examined
liquid storage tanks. Consequently, after the successful vali-
dation of the present numerical implementation of the ex-
amined isolators, a detailed parametric study has been
performed regarding their implementation for the seismic
isolation of liquid storage tanks, as it will be presented in the
sequence.

3. Multistep Dynamic Analysis

For such critical infrastructures as liquid storage tanks, a wide
range of ground motion records should be taken into account
for the reliable implementation of performance-based design.

Consequently, a huge number of nonlinear dynamic analyses
need to be executed in an incremental manner. Incremental
dynamic analysis (IDA) and multiple-stripe dynamic analysis
(MSDA) are the most frequently applied methods [31]. Such
methods are widely used in earthquake engineering for
seismic performance assessment of various types of struc-
tures. )ey are based on the simple concept of scaling each
ground motion until it leads to the collapse of the examined
structure. MSDA is ideal for performance-based evaluation of
structures using a set of ground motion records at multiple
performance levels. Many sets of analyses are performed for
multiple peak ground acceleration (PGA) levels, where at each
analysis (stripe) a number of structural analyses are per-
formed for a group of ground motion records, which are
scaled every time to a specific PGA value. In this way, a set of
intensity measure and damage index values is produced.

)erefore, obtaining the relation between the seismic
intensity level and the corresponding maximum response
quantity of the base isolation system is the main objective of
these multistep procedures. A suitable intensity measure
(IM) and an engineering demand parameter (EDP) describe
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Figure 4: Comparison of current numerical QFPB model with experimental results derived from Lee and Constantinou [21].
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Figure 3: (a) Series model of QFPB with a pair of double and triple FP elements and (b) model equipped with QFPBs as implemented in
SAP2000 (adopted from [21]).
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the seismic intensity level and the friction isolators response,
respectively. Generally, the following steps are implemented
for both MSDA and IDA procedures: (a) create an efficient
nonlinear finite element model for performing repeated
nonlinear dynamic analyses, (b) select an appropriate group
of natural or artificial accelerograms, (c) choose proper IM
and EDP, and (d) select scaling factors in order to run the
analyses and obtain the IM-EDP curves.

4. Fragility Function Evaluation

Seismic fragility is associated to the probability of exceed-
ance of a limit state for a given seismic intensity level.
Typically, a fragility function is defined by a lognormal
cumulative distribution function (CDF) [32]:

P(C|IM � x) � Φ
ln(x/θ)

β
 , (1)

where P(C|IM� x) is the probability that a ground motion
with IM� x will lead to structural collapse, V denotes the
standard normal CDF, θ is the median of the fragility
function and β is the standard deviation of lnθ. Regarding

the selection of IM, the PGA is a valid choice for liquid
storage tanks due to the impulsive load pattern [20, 33, 34].

In the current study, fragility curves related to SFPBs,
TFPBs, and QFPBs displacements are calculated for different
performance levels, namely, 50% probability of exceedance
in 50 years (i.e., SLE), 10% probability of exceedance in 50
years (i.e., DBE), and 2% probability of exceedance in 50
years (i.e., MCE). In the present investigation, the meth-
odology for fragility function fitting proposed by Baker [32]
has been adopted, in which by performing repeated dynamic
analyses for all ground motions and for each IM level
a number of failures (i.e., in terms of isolators’ displacement)
is determined. )e probability of zj failures being observed
out of nj groundmotions having IM� xj is represented by the
following binomial distribution [32]:

P zj collapses in nj ground motions  �
nj

zj

⎛⎝ ⎞⎠p
zj

j

· 1−pj 
nj−zj

,

(2)

in which pj is the probability that a ground motion with
IM� xj will cause failure of the structure.

When analysis data are obtained at multiple IM levels,
the product of the binomial probabilities at each level
provides the likelihood for the entire data set:

likelihood � 
m

j�1

nj

zj

⎛⎝ ⎞⎠p
zj

j 1−pj 
nj−zj

, (3)

where m is the number of IM levels and Π is a product over
all levels. Substituting Equation (1) for pj, the fragility pa-
rameters are explicitly included in the likelihood function:

Table 1: Parameters of the QFPB model (taken from [21]).

Radius (m) Height (m) Coefficient of friction Displacement
capacity (m)

R1 � 0.4572 h1 � 0.03556 μ1 � 0.12 d1 � 0.0381
R2 � 0.2032 h2 � 0.03048 μ2 � 0.085 d2 � 0.03302
R3 � 0.0508 h3 � 0.02286 μ3 � 0.015 d3 � 0.01397
R4 � 0.0508 h4 � 0.02286 μ4 � 0.015 d4 � 0.01397
R5 � 0.2032 h5 � 0.03048 μ5 � 0.035 d5 � 0.03302
R6 � 0.4572 h6 � 0.03556 μ6 � 0.11 d6 � 0.0381
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Figure 5: Comparison of current numerical QFPB model with analytical results derived from Lee and Constantinou [21].
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likelihood � 

m

j�1

nj

zj

⎛⎜⎝ ⎞⎟⎠Φ
ln xj/θ 

β
⎛⎝ ⎞⎠

zj

· 1−Φ
ln xj/θ 

β
⎛⎝ ⎞⎠⎛⎝ ⎞⎠

nj−zj

. (4)

While the maximization of the likelihood function
produces the estimates of the fragility function parameters as
follows:

θ̂, β̂  � argθ,β max 
m

j�1

⎧⎨

⎩ln
nj

zj

⎛⎜⎝ ⎞⎟⎠ + zj lnΦ
ln xj/θ 

β
⎛⎝ ⎞⎠

+ nj − zj lnΦ
ln xj/θ 

β
⎛⎝ ⎞⎠

⎫⎬

⎭.

(5)

5. Base-Isolated Liquid Storage Tanks

5.1. General Details. )e storage tank models presented by
Haroun [35] (Tank B and T types) are used in this work.
More specifically, Tank B (Figure 6(a)) is a squat cylindrical
tank with height to radius ratio H/R� 0.67. )e radius of the
first tank is R� 18.29m, the height of liquid surface is
H� 12.192m, the tank wall thickness is t� 0.0254m, and the
total weight of the liquid content is W� 126273.45 kN. )e
second model (Figure 6(b)) is a slender cylindrical tank with
height to radius ratio H/R� 3. Tank T has radius R� 7.32m,
heightH� 21.96m, width t� 0.0254m, and the liquid weight
isW� 36245.4 kN.)e fundamental periods of the two tank-
liquid systems are Tf-B � 0.162 sec and Tf-T � 0.188 sec, for
Tanks B and T, respectively.

5.2. SurrogateModels. Modeling of liquid storage tanks is not
an easy task due to the hydrodynamic response of the tank-
liquid system [13, 19, 23]. In general, detailed finite-element
models are computationally demanding [36]. To reduce the
computational load and model complexity, one common
approach is to develop valid simplified models to effectively
replace the complicated three-dimensional (3D) models [37].
)erefore, a simplified representation of the liquid storage
tank is adopted herein, based on the so-called “Joystick
model” of fixed-base tanks [23].)e developed Joystickmodel
consists of a vertical beam element carrying the impulsive
mass that is supported by fully rigid beam-spokes, which in
turn are supported by the sliding bearings (Figure 6). )e two
examined models are validated by accurate matching of the
impulsive fundamental period (Ti) provided by Eurocode 8-
Part 4 [38] recommendations for liquid storage tanks.

As aforementioned, the hydrodynamic response is
mainly affected by the impulsive liquid component. )e
convective liquid mass is neglected since several studies
[18, 39, 40] have proven that although the impulsive pressure
is reduced due to seismic isolation, the convective pressure
remains practically unchanged. Moreover, the effects of the

convective part of liquid content can be separately estimated
[23]. In the developed surrogate model, the weight of the
water is represented as lumped masses at the base beam-
spokes of the tank (Figure 6). )erefore, the vertical load is
directly applied to the friction isolation devices. )e self-
weight of the tank can be omitted as it is only 5% of the total
tank mass [12, 16, 29, 34].

5.3. Design of Isolation Bearings. Generally, the design of
structural isolation systems is an iterative process, since the
bearing properties are influenced by the structural prop-
erties. Firstly, the maximum bearing displacement has to be
evaluated, which is mostly affected by the target period of the
isolated system, the weight of the superstructure, and the
intensity level of the imposed seismic excitation.

In this study, the equivalent linear force (ELF) procedure
according to Eurocode 8 (Soil A, ci � 1.4, ag � 0.36 g) is
applied for the preliminary design of tank isolation system
[41]. )e selected SFPB has friction coefficient μ� 0.08,
radius of curvature R� 1.88m, theoretical period of 2.75 sec,
and displacement limit of 0.305m. )e TFPB properties are
listed in Table 2 and the total displacement limit for MCE
level is 0.762m, which is the sum of all partial displacement
limits. Finally, a QFPB with the properties is shown in
Table 3, while the total displacement limit of 1.04m (i.e., the
sum of all displacements in Table 3) for MCE level is
computed following the methodology developed by Lee and
Constantinou [21]. )e vertical load on the bearings is equal
to 2.9MN for the squat tank and 2.7MN for the slender tank,
respectively.

5.4. Numerical Modeling and Earthquake Selection. As
previously mentioned, each Joystick tank model, which is
supported either on SFPBs, TFPBs, or QFPBs, is simulated
utilizing the finite element software SAP2000 [29]. )is
simplified tank model consists of a vertical beam element
carrying the impulsive mass and is supported by fully rigid
beam-spokes that represent the tank base. )e properties of
the vertical beam were determined using simple structural
analysis calculations following the recommendations of
Eurocode 8-Part 4 [38]. In order to test the isolators under
strong excitations, the near-fault earthquake ground mo-
tion set produced within the FEMA/SAC Project [42] is used
in this investigation (www.nisee.berkeley.edu/elibrary/files/
documents/data/strong_motion/sacsteel/motions/nearfault.
htm). Time-histories derived from natural and simulated
records are included in this suite of accelerograms. )e use
of a sufficient number of properly selected excitations (i.e.,
exhibiting certain characteristics to avoid using an excessive
number of records and maintaining an optimal balance
among computational cost and accuracy) in conjunction
with a huge number of MSDA/IDA analyses is imperative in
order to achieve reliable fragility analysis results.)e specific
suite of acceleration time-histories consists such a case, since
it is a well-established set of impulsive ground motions, with
epicentral distances less than 10 km and very high PGA
recorded values ranging from 0.45 g to 1.07 g, which is
usually used in fragility analysis studies [43].
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More specifically, for each of the three performance
levels, the selected twenty earthquake records are suitably
scaled and then they are imposed at the isolated Joystick
models until displacement limits are reached. Regarding
the numerical analyses, the fast nonlinear analysis (FNA) is
ideal for structural systems in which the nonlinear re-
sponse is concentrated at the base isolation system, while the
superstructure remains elastic [29]. FNA is a computation-
ally efficient approach and is often preferred than direct-
integration schemes. )e damping for the structural system
is taken equal to 5% and for the impulsive liquid component
equal to 2% [44, 45].

6. Numerical Results

6.1. Fragility Curves. As aforementioned, maximum dis-
placement of the different TFPBs and QFPBs sliding
schemes is associated to three hazard levels. Accordingly,
using the data listed in Tables 2 and 3 and the isolator
configurations previously described, the values presented in
Table 4 were computed. For instance, for the TFPB and DBE
level, the resulting displacement is derived by adding d∗2 to
d∗6 , which gives a displacement limit equal to 0.699m.
Figure 7 illustrates the adopted performance-based ap-
proach for the three examined isolator schemes. More
specifically for the examined three hazard levels: dotted blue

curves represent SLE, continuous red curves denote DBE,
and dashed black curves correspond to MCE. A similar
correlation of isolators’ performance with respect to the
three hazard levels has been adopted by Moeindarbari et al.
[17] for TFPBs.

Firstly, SLE level with 50% in 50 years probability
of exceedance (resulting to displacement limits equal to
0.084 m for TFPBs and 0.095 m for QFPBs) is represented
by the inner pendulum mechanism of the bearings;
secondly, DBE level with 10% in 50 years probability of
exceedance, which results to displacement limits of
0.423 m for TFPBs and 0.699m for QFPBs; and lastly,
MCE level with 2% in 50 years probability of exceedance
of the maximum allowable displacement, which are equal
to 0.762 m for TFPBs and 1.04 m for QFPBs. Additionally,
the simple SFPB scheme is compared with the two
multistage isolators, which is designed only for MCE level
(with corresponding displacement limit of 0.305m) with
2% in 50 years probability of exceedance [8].

Impulsive mass (mi)

Elastic beam element
Rigid beam-spokes

Friction isolators

hi
XY

(a)

Impulsive mass (mi)

Rigid beam-spokes

Friction isolators

Elastic beam element
hi

XY

(b)

Figure 6: Joystick models for a squat (a) and a slender tank (b).

Table 3: Design parameters for the QFPB isolated squat tank.

Sliding surface Effective radius of curvature (m) Coefficient of friction Displacement limit (m)
Surface 1 R1,eff � 5.84 μ1 � 0.1 d∗1 � 0.344
Surface 2 R2,eff � 1.12 μ2 � 0.06 d∗2 � 0.134
Surface 3 R3,eff � 0.508 μ3 � 0.01 d∗3 � 0.047
Surface 4 R4,eff � 0.508 μ4 � 0.01 d∗4 � 0.047
Surface 5 R5,eff � 1.12 μ5 � 0.03 d∗5 � 0.134
Surface 6 R6,eff � 3.76 μ6 � 0.07 d∗6 � 0.337

Table 2: Design parameters for the TFPB isolated squat tank.

Friction coefficient Radii of curvature (m) Height (m) Effective radii (m) Displacement limit (m)
µ1,slow � μ4,slow � 0.09 R1 �R4 � 2.235 h1 � h4 � 0.102 R1,eff �R4,eff � 2.133 d∗1 � d∗4 � 0.34
µ2,slow � μ3,slow � 0.071 R2 �R3 � 0.406 h2 � h3 � 0.076 R2,eff �R3,eff � 0.33 d∗2 � d∗3 � 0.041

Table 4: PBD levels of friction pendulum isolators.

Isolator type SLE DBE MCE
SFPB - - 0.305m
TFPB 0.084m 0.423m 0.762m
QFPB 0.095m 0.699m 1.04m
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Accordingly, the probability of collapse considering the
isolators’ displacements for TFPBs and QFPBs different
sliding mechanisms (depending on the hazard level) and
SFPBs, is displayed in the fragility curves presented in
Figure 8. Extreme PGA values are used to demonstrate the
high capabilities of modern multistage isolators, while for
fixed-base tanks the maximum PGA is much less (i.e.,
usually up to 1 g) [20, 34]. )e embedded plot in Figure 8
shows the performance of all isolators within the range of
more realistic expected PGA values, where the differences
among the “truncated” fragility curves, especially for the

lower PGA levels is more evident. It can be seen that for the
case of the minor earthquake hazard scenario of SLE (where
sliding occurs at the inner sliding surfaces), TFPBs presents
better results than QFPBs. )is is attributed to the values of
friction coefficients, since TFPBs have higher values
(μ2 � 0.06, μ3 � 0.071) compared to QFPB (μ3 � μ4 � 0.01).
)us, it is reasonable that sliding surfaces with lower values
of friction coefficients will reach the displacement limit
earlier than corresponding surfaces with higher values. On
the other hand, for the more severe seismic scenarios of
DBE and, especially, in MCE, it is evident that the QFPBs

(a) (b)

(c)

Figure 7: PBD levels in terms of isolator displacements for (a) SFPB, (b) TFPB, and (c) QFPB isolation schemes.
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present significantly better results with respect to the ob-
tained fragility estimates.

Hence, both TFPBs and QFPBs can withstand high
displacement amplitudes, achieving thus lower failure
probabilities even at higher seismic levels. It can be noticed
that the multistage bearings of TFPBs and especially QFPBs
play an important role, since they assist liquid storage tanks
to maintain their structural integrity and functioning. It is
also evident that these devices provide much better pro-
tection to the superstructure under severe seismic excita-
tions compared to simple SFPBs.

6.2. Comparison of Tank Accelerations. When a fixed-base
liquid storage tank is considered, then its probability of failure
presents high values even for medium intensity levels (as
expressed in terms of PGA values), which is not the case for
base-isolated tanks [20, 34]. Base-isolation reduces the ac-
celeration levels transmitted to the superstructure, and it can
be assumed that due to isolation the tank behaves linearly
even for quite high seismic intensity levels; thus, damages are
avoided in the superstructure for the usually expected range of
PGAs. Consequently, the emphasis related to failure of the
whole system is given in the present investigation on the
isolator displacements; thus, the probability of failure actually
refers to the exceedance of the allowable isolators’ displace-
ment limits for various performance levels.

Nonetheless, when the imposed PGA reaches extreme
values as examined herein, the transmitted acceleration, i.
e., the acceleration that is measured at tank’s base above the
isolators, can also reach significant values, depending on
the special characteristics of the excitation. )is is in-
dicatively illustrated in Figure 9, which depicts the maxi-
mum accelerations values (i.e., maximum value of the
reduced acceleration transmitted to the superstructure) at
the tank base level above the isolators for each of the twenty
near-fault records. As it can be easily noticed, the storage
tank equipped with TFPBs presents the highest values of

base accelerations, especially for three records (9, 16, and
18). )e superstructure isolated with SFPBs presents lower
values, but as shown in the fragility analysis (Figure 8),
these isolators exhibit higher collapse probabilities. In most
cases, the base accelerations of storage tanks isolated with
QFPBs are lower compared to those obtained by TFPBs and
close to the ones corresponding to SFPBs. )erefore, it is
derived that overall QFPBs present better results compared
to TFPBs and SFPBs, since it is an effective isolator con-
figuration that combines lower probabilities of collapse in
terms of sliding displacements and low values of base
accelerations transmitted to the superstructure.

6.3. InfluenceofTankSlendernessRatio. )eplots in Figure 10
illustrate the influence of tank slenderness ratio (H/R) in the
fragility curves. It is reminded that three bearing types were
examined, the single-stage SFPBs and the multistage TFPBs
andQFPBs. As it can be seen in this plot, due to the presence of
the isolators, the fragility curves are not influenced by slen-
derness ratio, since there is not any significant difference
among squat and slender tanks. In contrast to this finding,
unanchored slender tanks are more susceptible to uplifting
phenomena than the corresponding squat tanks [46]. Re-
garding TFPBs, for DBE and MCE levels, squat tanks are
slightly less vulnerable compared to slender tanks at low to
medium PGA values. For increased seismic intensity and
higher probability of collapse, the fragility curves are almost
identical. For SLE level, there is not any observable difference.
In the case of SFPBs and for MCE scenario, squat tanks are
slightly less vulnerable than slender tanks for PGA values
between 0.5 g and 1.0 g. For the case of QFPBs, SLE and DBE
levels do not present any difference, while for the MCE level,
the slender tanks are marginally less vulnerable compared to
squat tanks at low PGA values.

6.4. Influence of λmax Factor. A fragility analysis considering
performance deterioration due to aging, contamination, etc.
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Figure 9: Base accelerations of storage tanks equipped with SFPB, TFPB, and QFPB isolators.
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of isolators is performed for the squat tank, by incorporating
λmax factor in the design of TFPBs friction isolators. )is
parameter is directly applied to the nominal value of the
coefficient of friction to forecast aging and deterioration
phenomena that will affect the performance of friction
isolation bearings [47]. According to the recommendations
of Constantinou et al. [27], the value of 1.1 is selected for
aging and 1.05 for contamination, and λmax factor is cal-
culated as the product of these two values.

As it can be noticed from Figure 11, the incorporation of
λmax in the design of friction isolators for the squat tank
affects the results for the more severe hazard levels. Espe-
cially for the higher seismicity intensity levels (DBE), the
TFPBs designed with the factor λmax present better per-
formance, while for the low seismicity intensity level (SLE),
there are only marginal differences.

7. Conclusions

2In this paper, the seismic vulnerability of liquid storage
tanks isolated with three types of sliding bearings, namely,

SFPBs and the multistage TFPBs and QFPBs were in-
vestigated. More specifically, the displacement capacity of
SFPBs and of the different pendulum mechanisms of TFPBs
and QFPBs were associated to three PBD levels (SLE, DBE,
and MCE) by performing repeated dynamic nonlinear an-
alyses. A high displacement capacity is a very crucial pa-
rameter for the isolators used to protect such critical
infrastructures, especially against severe near-fault earth-
quakes. Additionally, the resulting base accelerations
transmitted at the storage tanks isolated with the afore-
mentioned devices were compared. In order to achieve
optimal balance between computational efficiency and ac-
curacy, simplified models were developed for the realistic
representation of the hydrodynamic response of liquid
storage tanks.

)e following conclusions can be derived from the
present investigation:

(a) Friction isolation bearings with multistage and
adaptive behavior (TFPBs and mostly QFPBs)
present superior seismic performance compared to
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Figure 10: PBD fragility curves of squat and slender tanks using SFPBs, TFPBs, and QFPBs isolators.
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single bearings (SFPBs).)us, they have the ability of
accommodating much larger displacements (i.e.,
higher PGA demand levels).

(b) In general, as expected, the QFPB is the superior
isolator device due to its ability to withstand higher
displacements at different PBD levels.

(c) Regarding the base accelerations of storage tanks
isolated with different friction bearings, the best
results are derived from the superstructure equipped
with QFPBs. A QFPB is an efficient base-isolation
scheme that can combine the accommodation of
large displacement amplitudes of near-fault excita-
tions with low base acceleration values. )us, it can
protect the structural integrity of such critical in-
frastructure even at high seismic demand levels.

(d) )e slenderness ratio of the cylindrical base-isolated
storage tanks via SFPBs, TFPBs, and QFPBs do not
significantly affect the fragility estimations when
maximum isolator displacements are considered.

(e) )e future performance deterioration in the design
of sliding bearings, represented by the factor λmax,
can influence the fragility analysis results. More
specifically, when this factor is incorporated in the
analysis, the base-isolated liquid storage tanks
present a slightly less vulnerable performance for the
higher seismic demand levels.
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(is paper presents an experimental study on the cyclic behavior of fifteen concrete-filled steel tubular columns subjected to vertical
cyclic loading. All test samples’ cross-sectional area is 75× 75mm2 square, and they are 500mm long.(emain variables in the test are
the thickness of the steel tube (1.8 and 3.0mm with the width-to-thickness ratios (b/t) of 41.7 and 25), the strength of the infilled
concrete (no-fill, 23MPa, and 42MPa), and the inclined angle (0, 4, and 9 degrees).(e results show that all samples failed due to local
buckling in compression followed by tearing of the steel tube in tension.(e inclination angles of 4 and 9 degrees decreased the vertical
compressive capacity of the 1.8mm vertical hollowed steel column by 34 and 39 percent, respectively. However, the infilled concrete
and thicker tube (3.0mm) could substantially reduce the adverse effect of the inclination angle. (e compressive ductility of the
hollowed column with the thinner tube was significantly enhanced by the infilled concrete as well.

1. Introduction

A number of buildings and structures have been constructed
not only to achieve the functional purpose but also to acquire
an aesthetic purpose. Hence, for an architectural reason,
buildings with irregularity have been frequently designed
such as dome, arch, slender, and inclined columns. For the
construction of such structures, steel becomes popular as the
high ratio in strength-to-weight characteristic minimizes the
negative effect of the mass in the irregular buildings. In
addition, its reliable material properties, easy construction
procedure, and time efficiency have made the steel more
widely adopted. In general, steel performs well under tensile
force and gives a ductile manner which is desirable for the
seismic resistance design. However, it performs quite poor
under compression load with the increase of slenderness.
Especially for thin-wall steel member, the local buckling is
possibly formed and eventually failed before it reaches the
yield point. (is undesirable mechanism causes the strength
reduction in steel structures.

To enhance the compressive loading capacity, sectional
stiffeners with additional lips are included for the thin-wall

steel open sections [1]. For the hollow section, filling of the
concrete inside is the most popular solution. It is well
recognized that the concrete-filled steel tube column
(hereinafter, CFST column) provides an outstanding be-
havior not only loading capacity but also an admirable
durability. (e steel hollow section performs as casting form
and reinforcement. Furthermore, the CFST column also
helps reduce construction time due to its construction
simplicity. With the benefits of the CFST columns, using of
the columns becomes widely adopted for multistorey
building construction [2] and bridge piers [3]. In addition,
the CFST columns also offer the advantage of preventing
progressive collapse of buildings under blast loading [4].
However, there are some complications in the calculation of
its capacity. Estimation of loading capacity of the CFST
column is not just a direct superposition of the individual
capacity of the infilled concrete and the hollow steel. (e
combination of the materials results to confinement of the
infilled concrete and buckling prevention of the thin-wall
steel. Hence, many previous researches focused on de-
termination of parameters affecting the interaction.
Schneider [5] conducted an experimental and analytical
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study on the behavior of short, concrete-filled steel tube
columns concentrically loaded in compression to failure.
(e effect of thickness, length, and section dimension of the
CFST column on the concrete confinement, bearing ca-
pacity, and ductility was addressed. With the advancement
in materials, the effect of high material strength was in-
vestigated by Liu et al. [6] and Zhou et al. [7]. Using of
carbon fiber reinforced polymer (CFRP) to confine the CFST
columns was investigated by Guo and Zhang [8]. (e study
indicated the increase of confinement using the outer CFRP
especially for the square column. (e effect of heat on the
CFRP-confined CFSTcolumnwas investigated by Chen et al.
[9].

For loading capacity prediction and code comparisons,
Han et al. [10] proposed a mechanic model based on a series
of CFSTcolumn tests considering the composite action. (e
predicted load-deflection relationship conformed with the
test results. A nonlinear finite element numerical model was
adopted by Abed et al. [11] to predict compressive behavior
of CFSTcolumns.(e study indicated the effect of diameter-
to-thickness ratio (D/t) as the main variable governing the
compressive behavior. (e underestimation of the axial
capacity calculated by design codes, for example, AISC,
ACI318, AS, and EC4, reduces as theD/t ratio increases. Liu
et al. [6] found that unequal widths of the two sides of
concrete-filled rectangular hollow section led to poor per-
formance in bearing capacity and ductility. Hence, square
section was suitable for the CFST column. Regarding the
comparison of loading capacity with design codes, EC4 gave
a close prediction with 6% difference. For other codes, AISC
and ACI codes underestimated the ultimate load by 16% and
14%, respectively.

Most of the studies focused on stub columns. Buckling of
slender CFST columns was investigated by Ruoquan [12],
Vrcelj and Uy [13], and Goode et al. [14]. (e study indicated
the accuracy of the bearing capacity using methods presented
by EC4. (e benefit of using the CFST columns in seismic is
also appreciated. Under seismic loading, the CFSTperformed
very well as confirmed by cyclic load tests and analyses
conducted by Hansapinyo [15], Abdalla et al. [16], Mao and
Xiao [17], and Buachart et al. [18]. Due to the buckling re-
straint, ductility and energy dissipation capacity are increased.

(e more complicated behavior can be seen when the
CFST is subjected to combined axial and bending loading or
when the loading is not aligned with the member axis. (ese
situations can be easily found for an irregular structural
arrangement in a building. Figure 1 shows schematic view of
inclined CFST column application in buildings. Opened
view, long span, and unique style building can be achieved.
However, only a few researches discussed about the loading
capacity of the inclined CFST column. Han et al. [19] ex-
perimentally investigated the influence of the angle of in-
clination and tapered CFST columns under compressive
loading. It was found that the increase of the inclined angle
tended to reduce the bearing capacity of the column. Failure
patterns of hollow steel section were both inward and
outward buckling. In the CFST columns, only outward
buckling could be observed as a result of the constraining
effect provided by the infilled concrete.

Although many researches have been conducted in the
field of CFSTcolumns, there have been only a few studies on
the behavior of inclined CFSTcolumns under cyclic loading.
(erefore, this study was aimed to analyse the behavior of
inclined CFST columns when subjected to cyclic loading.
Fifteen CFST columns were tested under vertical cyclic load
until they reach the state of failure. (e effect of inclination
angle, concrete strength, and wall thickness on the loading
capacity, ductility, and energy dissipation is discussed.

2. Experimental Works

2.1. Samples and Experimental Setup. A total of 15 samples
were experimentally examined in this study. For all samples,
the cross-sectional depth (b) is 75× 75mm2 and the length
(l) is 500mm. (e length-to-depth ratio (l/b) is 6.67, en-
abling the prevention of overall column buckling. (e
variables in this test are the infilled concrete strength,
thickness of the steel tube, and the inclination angle, as
shown in Table 1. (e sample nomenclature is defined to
identify three investigated parameters. (e initial letter “T”
stands for the thickness of the steel tube. (e second letter
“C” stands for the designed cylindrical compressive strength
of the infilled concrete, and the last letter “A” stands for the
inclination angle of the tested samples. For example, the
sample with label of T1.8C20A4 indicates the sample with
the thickness of steel tube of 1.8mm, filled with designed
20MPa concrete, and the inclination angle is 4 degrees. It is
noted that the compressive strength was tested for 28-day
compressive strength which were 23 and 42MPa, re-
spectively, for the targeted 20 and 40MPa concretes. A
coupon tensile test was made to determine the yielding and
the ultimate tensile strength of the steel tubes. (e yield
strength was 264 and 382MPa for T1.8 and T3.0, re-
spectively. (e ultimate strength was 305 and 441MPa for
T1.8 and T3.0, respectively. Based on EC4 [20], for the local
buckling resistance design, the maximum limit of the width-
to-thickness ratios (b/t) is calculated using (1). For samples
with 1.8mm and 3mm thick steel tube, the ratios are about
41.7 and 25, which are, respectively, below the limits of 49.1
and 40.9. For a CFSTmember, the potential of local buckling
is estimated using a width-to-thickness ratio parameter R
[21] as shown in (2). In the equations, fy, E, and ] are yield
strength, elastic modulus, and Poisson’s ratio of steel, and k
is the buckling coefficient, k � 4n2, where n � 1 and 2 for
unstiffened section and stiffened section with one stiffener
on each wall. For the composite columnwith the thickness of
1.8 and 3.0mm, the parameter R is 0.80 and 0.58, re-
spectively, which is lower than the limit of 0.9 [21].

b
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���
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. (2)

Other important factors for the composite column de-
sign are the steel contribution ratio (δ) and confinement
factor (ξ), which are expressed in (3) and (4), respectively.
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(e simplified design of the composite column, according to
EC4 [20] and ACI318 [22], assumes the plastic resistance of
the column composite section under compressive load (N0)
by the sum of the resistances of the concrete and steel. With
the assumption, the steel contribution ratio (δ) is limited
between 0.2 and 0.9. (e ratios of the test composite samples
are ranged from 0.42 to 0.76 as shown in Table 1. Hence, they
meet the requirement.

δ �
fyAs

N0
�

fyAs

0.85f′cAc + fyAs
, (3)

ξ �
fyAs

0.85f′cAc
. (4)

In preparation of the CFST columns, fresh concrete was
filled into the steel tubular section. During the casting, fresh
concrete was vibrated. (en, the CFST columns were kept in
the curing process for at least 28 days. (ereafter, the CFST
samples were welded to end plates and stiffeners at both ends as
illustrated in Figure 2.(e end plates were holed in the position
for bolting to the loading machine. Two stiffeners were welded

to the column ends along the inclined center line to increase the
joint welding strength under tension and control the in-plane
bending. Consequently, the sample was put into a universal
testing machine (200 tons) and all testing conditions were set,
including strain gauges and transducers in 2 horizontal di-
rections and 1 vertical direction as shown in Figure 2.

2.2. Cyclic Load Test. (e test column was arranged in the
loading machine as an inclined column in nonsway struc-
ture, and the boundary conditions are specified as illustrated
in Figure 3. At both ends, samples were restrained in
horizontal (x, y), vertical (z), and rotation (r) movement.
(e inclination generates more complex acting force
compared to the concentric axial loading. It can be seen that
all forces, including bending, shearing, and compressive or
tensile forces, are at both ends of the column. Larger in-
clination angle introduces higher eccentricity leading to high
eccentric bendingmoment. In a condition when amember is
inclined appreciably, shear is found to be predominant and
shear capacity demand should be strictly considered. (e
cyclic vertical load was applied on the top of the samples. As

(a) (b)

Figure 1: Example of application of inclined column.

Table 1: Samples.

Number Sample B (mm) T (mm) θ (deg) b/t R f′c (MPa) δ ξ Ncu (kN) SIc Ntu (kN) SIt
1 T1.8C0A0 75 1.8 0 41.7 — — 1 — 150.0 1.00 150.7 1.00
2 T1.8C0A4 75 1.8 4 41.7 — — 1 — 99.0 0.66 150.6 1.00
3 T1.8C0A9 75 1.8 9 41.7 — — 1 — 91.1 0.61 150.5 1.00
4 T1.8C20A0 75 1.8 0 41.7 0.80 23 0.56 1.30 268.2 1.00 162.4 1.00
5 T1.8C20A4 75 1.8 4 41.7 0.80 23 0.56 1.30 260.0 0.97 163.4 1.01
6 T1.8C20A9 75 1.8 9 41.7 0.80 23 0.56 1.30 253.3 0.94 162.2 1.00
7 T1.8C40A0 75 1.8 0 41.7 0.80 42 0.42 0.71 413.8 1.00 152.8 1.00
8 T1.8C40A4 75 1.8 4 41.7 0.80 42 0.42 0.71 334.5 0.81 192.5 1.26
9 T1.8C40A9 75 1.8 9 41.7 0.80 42 0.42 0.71 327.8 0.79 164.5 1.08
10 T3.0C0A0 75 3.0 0 25.0 — — 1 — 340 1.00 345 1.00
11 T3.0C0A4 75 3.0 4 25.0 — — 1 — 330 0.97 342.4 0.99
12 T3.0C0A9 75 3.0 9 25.0 — — 1 — 325.9 0.96 309.1 0.90
13 T3.0C20A0 75 3.0 0 25.0 0.57 23 0.76 3.13 436.5 1.00 350.2 1.00
14 T3.0C20A4 75 3.0 4 25.0 0.57 23 0.76 3.13 427.9 0.98 342.4 0.98
15 T3.0C20A9 75 3.0 9 25.0 0.57 23 0.76 3.13 343.7 0.79 326 0.93
Note. Ncu and Ntu are, respectively, the ultimate loading capacity under compression and tension. SIc and SIt are, respectively, the strength index under
compression and tension (6).
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a result, the samples were subjected to both elongation and
contraction.(emagnitude of each cycle was specified using
the percentage of the estimated deformation at yield point
(ey) as shown in the following equation:

ey �
fy

E
× L, (5)

where ey is the estimated vertical deformation at yield point,
fy is the yield strength (MPa), E is the modulus of elasticity
of the steel tube (MPa), and L is the total length of the
sample (mm). (e cyclic load pattern can be divided into 2
parts. At initial step before the expected yielding, a series of
single-cycle load of 0.25ey, 0.50ey, 0.75ey, and 1.00ey was
applied.(ereafter, a series of three-cycle load of 2.0ey, 4.0ey,
6.0ey, and 8.0ey continued to be applied (Figure 4). (e
samples were tested until they reached the failure state.

3. Experimental Results

3.1. Failure Mode and Axial Load Capacity. Under the in-
cremental increase of the cyclic load as shown in Figure 4, all
the samples behaved linearly at the early loading stage. With

the larger applied cyclic deformation, local buckling
appeared under compressive loading, followed by tension
yielding and tearing of the steel tube at the same column
section. (e yielding and steel tearing led to the complete
loss of load bearing capacity. (e samples without the
infilled concrete were first damaged due to local buckling
under the compressive loading, leading to drastic decrease of
compressive capacity. With the increase of displacement
loading, tension yielding at the local buckling section was
generated, but the tension capacity was maintained until the
tearing of the tube. However, for the CFSTcolumn (with the
infilled concrete), major buckling of the steel tube occurred
after the tensile yielding. (e inclination angle decreases the
vertical cyclic compressive loading capacity of the hollowed
steel column with thinner wall (t�1.8mm, b/t� 41.7). (e
strength index under compressive loading (SIc) indicating
the effect of the inclination angle as calculated by (6) is 0.66
and 0.61, respectively, for the 4-degree and 9-degree inclined
columns, as shown in Table 1 and Figure 5. However, the
inclination angles of 4 and 9 degrees insignificantly reduced
the vertical loading capacity of the hollowed columns with
thicker wall (t� 3.0mm; b/t� 25). (e strength index of the
two columns is 0.97 and 0.96, respectively. Hence, it can be
said that the local buckling capacity of the slender wall

Stiffener 

Stiffener 

Column 

Top plate 

Bottom plate 

L
θ

b
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t

(a)

Displacement transducer
Strain gauge 
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Figure 2: CFST column sample and instrumental setup.
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Figure 3: Boundary conditions and induced column forces.
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hollowed steel column is significantly affected by the in-
clination angle. For the CFST columns, local compressive
buckling was restrained, and hence, they experienced only
outward local buckling. Hence, the CFST columns could
carry more compressive loads after local buckling. Infilled
concrete reduced negative effect of inclination angle is
shown in Figure 5. (e ultimate compressive loading ca-
pacity of the column was obtained when the confined steel
walls suffered large tensile strain and torn. At this loading
stage, concrete core confinement was decreased and con-
crete crushing was observed. As an example, Figure 6 shows
the failure of T3.0C20 series samples. It can be seen that the
local buckling plane shown as the broken line was formed in
a direction perpendicular to the longitudinal direction. (e
inclination leading to end eccentricity results to nonuniform
longitudinal compressive stress. As shown in Figure 6 for the
T3.0C20 series samples, buckling was more severe on the
face with higher compression (face “a”) compared with the
opposite face (face “b”).

SI �
Nu,inc

Nu,ver
, (6)

where SI is the strength index. Nu,inc and Nu,ver are the ul-
timate strength of inclined and vertical samples, respectively.

3.2. Cyclic Behaviors and Hysteretic Loop. (e hysteretic
loops of all samples are shown in Figure 7. (e hysteretic
loops illustrate that the columns performed in the elastic
manner at the initial stage of the test. (e tensile loading
capacity was maintained after the peak for all samples. In the
cases of hollow steel columns, the compressive strength was
much lower than those in CFST columns and the strength
dropped drastically after the compressive peak load. Under
the tension side, the infilled concrete and the inclination
insignificantly influenced the tension-resisting behavior.

From Figure 7, the hysteretic loop of the infilled concrete
columns under compression is more stable compared with
those of the unfilled columns. (e compressive capacity
gradually decreased after the peak compressive load. (is
desirable behavior leads to higher ductility which will be
explained in Section 3.3. (e inclination angle delays the
sudden drop of the compressive strength after the peak
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Figure 5: Compressive strength index due to inclination angle.
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Figure 6: Failure pattern of T3.0C20 series samples. (a) T3.0C20A0. (b) T3.0C20A4. (c) T3.0C20A9.
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Figure 7: Hysteretic loop. (a) T1.8C0A0. (b) T1.8C0A4. (c) T1.8C0A9. (d) T1.8C20A0. (e) T1.8C20A4. (f ) T1.8C20A9. (g) T1.8C40A0. (h)
T1.8C40A4. (i) T1.8C40A9. (j) T3.0C0A0. (k) T3.0C0A4. (l) T3.0C0A9. (m) T3.0C20A0. (n) T3.0C20A4. (o) T3.0C20A9.
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because the inclination angle decreases the ultimate com-
pressive loading capacity and results to higher ductility.

3.3. Ductility and Equivalent Viscous Damping Ratio. (e
ductility determines the ability of a structure to maintain the
load carrying capacity after the commencement of yielding
to the ultimate displacement. Park [23] proposed the defi-
nition of ductility factor (μ) as the ratio of the equivalent
yield displacement (dy) to the ultimate displacement (du). As
shown in Figure 8(a), the backbone curves of all samples are
drawn, and the ductility factor can be determined. (e
results are shown in Table 2 and Figure 8(b) which indicates
that the inclination angle increases the ductility under
compression loading. (e smallest compressive ductility
factor of 2.8 is from T1.8C0A0, the unfilled thin steel tube

column with zero inclination angle. Filling of lower strength
concrete (23MPa) in the thin hollow steel column can
enhance the ductility factor from 2.80 to 5.83. However, the
thinner section filled with higher concrete compressive
strengthmay result in the substantial increase of strength but
less efficient in ductility enhancement.

(e equivalent viscous damping ratio (ζeq) indicates
energy dissipation capacity during inelastic response. (e
estimation of the ratio expressed by Chopra [24] was
implemented in this study, as shown in (7). In the elastic
range, the equivalent viscous damping ratios of all of the
samples are in the range of 2.3–7.3%. (e values are between
14.4 and 28.7 in the inelastic range. (e inclination angle
seems to have no effect on the ratio, as shown in Figure 9(b).
(e infilled high strength concrete (42MPa) tends to decrease
the damping ratio of the thinner CFST columns.

Maximum load

15%
strength

drop

Deformation

Lo
ad

0.75Pmax

Pmax

dy du

(a)

0.00
2.00
4.00
6.00
8.00

10.00
12.00
14.00
16.00
18.00

0 2 4 6 8 10

C
om

pr
es

siv
e d

uc
til

ity
 fa

ct
or

Inclination angle (θ)

T1.8C20
T3.0C0

T1.8C0
T1.8C40
T3.0C20

(b)

Figure 8: Ductility factor. (a) Determination of the ductility factor. (b) Compressive ductility factor of the samples.

Table 2: Ductility factor and equivalent viscous damping.

Number Sample
Ductility in compression Ductility in tension Equivalent viscous

damping ratio
dy (mm) du (mm) μ (deg) dy (mm) du (mm) μ (deg) Elastic Inelastic

1 T1.8C0A0 0.25 0.70 2.80 0.30 5.10 17.00 6.5 25.1
2 T1.8C0A4 0.15 1.00 6.67 0.25 4.75 19.00 7.3 23.2
3 T1.8C0A9 0.15 1.40 9.33 0.25 4.90 19.60 4.5 22.2
4 T1.8C20A0 0.6 3.5 5.83 0.2 4.5 22.50 6.9 26.0
5 T1.8C20A4 0.5 5.0 10.00 0.15 5 33.33 5.2 23.1
6 T1.8C20A9 0.35 5.2 14.86 0.15 4.85 32.33 5.9 24.7
7 T1.8C40A0 0.45 2.45 5.44 0.35 2.75 7.86 5.2 14.4
8 T1.8C40A4 0.5 4.25 8.50 0.3 4.6 15.33 5.2 23.6
9 T1.8C40A9 0.5 5.0 10.00 0.3 4.85 16.17 5.7 15.7
10 T3.0C0A0 0.25 1.60 6.40 0.30 4.20 14.00 3.5 24.4
11 T3.0C0A4 0.10 2.4 12.00 0.15 4.15 27.67 3.3 26.3
12 T3.0C0A9 0.20 3.1 15.50 0.15 4.10 27.33 4.1 25.2
13 T3.0C20A0 0.7 3.75 5.36 0.4 4.1 10.25 6.2 28.7
14 T3.0C20A4 0.4 4.4 11.00 0.5 3.5 7.00 4.8 25.5
15 T3.0C20A9 0.4 5.1 12.75 0.4 2.95 7.38 2.3 22.7
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ζeq �
1
2π

Ap

Ae
× 100. (7)

4. Conclusions

In this paper, CFST inclined columns were tested under
vertical cyclic load. From the test results, the following
conclusions can be drawn:

(1) (e local buckling capacity of the slender wall
hollowed steel column is significantly affected by the
inclination angle. (e strength index (SI) under
compressive loading of T1.8C0 samples is 0.66 and
0.61, respectively, for the 4-degree and 9-degree
inclined columns. However, the inclination angles of
4 and 9 degrees insignificantly reduced the vertical
loading capacity of the hollowed columns with
thicker wall (t� 3.0mm, D/t� 25). (e strength
index of the columns is 0.97 and 0.96, respectively.

(2) (e infilled concrete enhanced the compressive cy-
clic behavior of the steel hollow section. For the
ductility, filling of lower strength concrete (23MPa)
in the thin hollow steel column can enhance the
ductility factor from 2.80 (T1.8C0A0 sample) to 5.83
(T1.8C20A0 sample). However, the thinner section
filled with higher concrete compressive strength may
result to the substantial increase of strength but less
efficient in ductility enhancement. (e inclination
angle decreases the ultimate compressive loading
capacity and results to the higher ductility.

(3) For the equivalent viscous damping ratio, the values
of all samples are between 14.4 and 28.7 in the in-
elastic range. (e inclination angle seems to have no
effect on the ratio.(e infilled high strength concrete
(42MPa) tends to decrease the damping ratio of the
thinner CFST columns.
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Ship-to-shore (STS) container gantry cranes, used at terminals for loading and unloading containers from a ship, are an important
part of harbor structures. *e size and weight of modern STS container cranes are increasing to satisfy the demand for bigger
ships. *is is expected to result in more lateral load when excited by seismic motions. *e existing Korean STS container cranes
did not behave properly during several recent moderate earthquakes in South Korea. Typical Korean STS container cranes must be
checked for the earthquake-resistant capacity. In this research, two nonlinear static analyses procedures, also known as pushover
analyses, commonly used for seismic design of buildings, namely, capacity spectrummethod and equivalent linearizationmethod,
are comprehensively studied to check their suitability for studying seismic behavior of STS cranes. Results obtained by these two
nonlinear static analysis methods are then compared with the results obtained by nonlinear time-history analyses of the STS
cranes by exciting them with nine recorded earthquake time histories around worldwide.*e behaviors of the cranes are analyzed
in terms of the total base shear, drift, and base uplift. *e comparisons indicate that the nonlinear static methods can be
appropriate for estimating the total base shear and drift of the portal frame of a container crane. *e pushover analyses also
provide information on performance levels as defined in ASCE/SEI 41-13, of a typical Korean STS container crane. Furthermore, it
is observed that the uplift response of the crane is strongly influenced by the duration of an earthquake.

1. Introduction

Nonlinear static analysis (NSA), also known as pushover
analysis (PA), is an effective tool for performance assessment
of a structure under a seismic event. It requires less cal-
culation than nonlinear dynamic analysis and avoids using
a set of ground motion time histories [1]. As expected, NSA
takes a shorter time but is less accurate than the time-history
analysis (THA)method since it uses static analysis to capture
dynamic effects. *e overall steps of the NSA method in-
clude the selection of load patterns, nonlinear analysis of the
structure to obtain the capacity curve, calculation of dis-
placement demand using a response spectrum, and the
assessment of the performance of the structure [1].*ere are
several NSA methods with the same basic overall schemes,

but the detailed steps required to implement them are
different. Some of the concepts officially incorporated in
design guidelines include capacity spectrum method (CSM)
and displacement coefficient method (DCM) as adopted in
ATC-40 [2] and ASCE-41 [3], N2 method as proposed in
Eurocode 8 [4], and equivalent linearization method (ELM)
and displacement modification method (DMM) as pre-
sented in FEMA 440 [5]. In addition, several researchers
proposed other procedures. *ey include the adaptive ca-
pacity spectrum method (ACSM) by Casarotti and Pinho
[6]; the improved capacity spectrum method (ICSM) by
Fajfar [7], Lin and Chang [8], and Mingkui et al. [9]; modal
pushover analysis (MPA) by Chopra and Goel [10], Freeman
[11], Sucuoglu, and Gunay [12]; adaptive modal combinations
(AMC) by Kalkan and Kunnath [13]; and the iterative
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displacement coefficient method (IDCM) by Ćosić and Brčić
[14]. *ese methods generally give different results. *e def-
inition of the performance point/displacement target and the
selection of lateral load patterns used in these methods are the
two major reasons for the different results [15]. It is important
to note that most of these studies were developed for buildings.

For a special steel structure such as a ship-to-shore (STS)
container crane, very different from buildings, as shown in
Figure 1, the use of NSA for seismic analyses are expected to
be different, with their unique support conditions. In this
study, two NSAmethods, conventional CSM of ATC-40 and
the ELM of FEMA 440, are selected for further consider-
ation. *ey are selected because they provide a graphical
relationship between the capacity of a structure and the
seismic demand, and it is relatively easy for engineers to
estimate the maximum displacement by using them. In
addition, these methods are recommended in many design
guidelines and standards worldwide.

*e seismic behavior assessment of a typical STS con-
tainer crane used in South Korea is specifically addressed in
this paper. A three-dimensional (3D) finite element (FE)
model generated by SAP2000 is analyzed first by CSM and
ELM. *e results of these NSA methods are then verified by
exciting the crane by nine scaled recorded ground motion
time histories. *e results obtained by CSM and ELM were
then compared with the more comprehensive and accurate
nonlinear THA. *e primary objective of this study is to
investigate whether commonly used NSA methods de-
veloped for the seismic design of buildings can also be used
for a STS container crane. For a comprehensive comparison,
the uplift response, base shear, and drift are specifically
addressed and compared in this study.

2. Nonlinear Static and Dynamic Analyses

2.1. Capacity Spectrum Method (CSM) Procedure. CSM was
first proposed by Freeman et al. in 1975 [16] and later in-
troduced in ATC-40 in 1996 [2] and FEMA 274 in 1997 [17]. It
is a graphical procedure. *is method provides a special
treatment for reduction of the seismic demand to intersect the
capacity curve in spectral coordinates to find a performance
point [2]. An interesting study related to CSM was the
AutoCSM method proposed by Guyader and Iwan [18].
AutoCSM is an automated Excel sheet, in which the improved
effective linear periods are used to replace the secant period
used in the conventional CSM. Essentially, the seismic demand
is reshaped by a modification factor. In addition, to improve
the accuracy of CSM,Chopra andGoel [19] proposed the use of
the constant-ductility inelastic design spectra instead of the
elastic damped spectra of the conventional CSM, commonly
denoted as ICSM. *e procedure is controlled by the ductility
factor. Lin and Chang [8] improved ICSM by using the real
absolute acceleration response spectrum instead of the pseu-
doacceleration response spectrum, especially for them system
with equivalent viscous damping ratio βeq > 10% and period
T> 0.15 s. Later, Mingkui et al. in 2006 [9] proposed two
improvements for the conventional CSM. *ey considered
inelastic demand spectra by using yield strength factor as an

elastoplastic index. *ey also defined and formulated the de-
sign acceleration response spectra from the China design
building code. Based on the energy equivalent criterion, the
equivalent single degree of freedom (SDOF) system was esti-
mated instead of bilinear modeling of pushover curves under
the assumption of area equivalence. In 2007, Casarotti and
Pinho [6] proposed another procedure, especially for bridge
applications, known as ACSM.*ey constructed an equivalent
single-mode capacity curve by combining multimodal push-
over response curves. It can be used to study multiple degree of
freedom (MDOF) continuous span bridges, considering both
flexible and rigid superstructures. Gencturk and Elnashai in
2008 [20] proposed a method for seismic evaluation of wood-
frame structures.*e results showed a significant improvement
in the accuracy of CSM as updating the bilinear idealization of
the structural system based on the selected trial performance
point on the capacity diagram. Recent studies also compared
and verified methods proposed by Causevic and Mitrovic [21]
and Ferraioli et al. [22]. As discussed previously, the use of NSA
for the design of STS crane is very limited. *e question re-
mains whether the conventional CSM as suggested in ATC-40
for the design of buildings can also be used for the design of
STS containers.

*e conventional CSM procedure consists of the fol-
lowing steps as illustrated in Figure 2 [10]:

(1) Construct the pushover curve, which represents the
relationship between the base shear Vb and the roof
displacement Δroof .

(2) Convert the pushover curve to a capacity diagram by
transforming Vb to the spectral acceleration Sa and
Δroof to the spectral displacement Sd by using the
following equations:

Sai �
1

α1W
 Vbi,

Sdi �
1
Γ1ϕroof1

 Δroof ,

(1)

where W is the total dead load of the structure and
applicable portions of other loads (i.e., service live
loads), ϕroof1 is the amplitude of mode 1 at the roof
level, and Γ1 and α1 are the modal participation
factor and the modal mass coefficient for the first
natural mode, respectively. *ey can be calculated as
follows:

Γ1 �


N
i�1 wiϕi1( /g


N
i�1 wiϕ

2
i1( /g

,

α1 �


N
i�1 wiϕi1( /g 

2


N
i�1wi/g  

N
i�1 wiϕ

2
i1( /g 

.

(2)

(3) Convert the elastic response spectrum (Sa versus T

diagram) to the acceleration—deformation response
spectrum format (Sa versus Sd format or “ADRS”)
using the following equation:
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Sdi �
T2

4π2
Saig, (3)

where T is the natural period of the system vibrating
within linearly elastic range (u≤ uy).

(4) Plot the demand and capacity diagrams on the top of
each other. Instead of dynamic analyses, a sequence
of equivalent linear systems with successively
updated values of the natural period of the structure,
Teq, and total equivalent viscous damping, βeq,
provide a basis for estimating the deformation of the
inelastic system [10]. *e total viscous damping βeq
of the equivalent linear system is defined as follows:

βeq � β0 + κβeq, (4)

where β0 is the viscous damping ratio of a bilinear
system for vibrations in linear range (u≤ uy), κ is the
adjustment factor depending on structural behavior,
and βeq is the equivalent viscous damping ratio as
defined in (5). It can also be expressed in detail in (6)
for bilinear systems based on Figure 3.

βeq �
1
4π

ED

ES
, (5)

βeq �
2
π

(μ− 1)(1− α)

μ(1 + αμ− α)
, (6)
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Figure 1: 3D numerical FE model of Korea STS container crane.
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where ED and ES are the energy dissipated in the
nonlinear system (area of enclosed by hysteresis
loop) and linear system (area of triangle), re-
spectively, μ � um/uy is the ductility factor, α is the
post-yield stiffness ratio, and ksec is the secant
stiffness. *e natural vibration period of the
equivalent linear system can be calculated as follows:

Teq � T

���������μ
1 + αμ− α



. (7)

(5) Convert Sd from step 4 to Δroof or an individual
component deformation and then compare them
with the limiting values for the specified perfor-
mance goals [10, 19].

Δroof � Sdiϕroof1Γ1, (8)

Vb � α1SaW, (9)

where all the parameters in (8) and (9) are already
explained in (1) and (2).

2.2. Equivalent Linearization Method (ELM) Procedure.
Similar to CSM, ELM requires a response spectrum family
and uses estimates of ductility to obtain effective period and
effective damping. In both procedures, the global de-
formation demand (including elastic and inelastic) on the
structure is computed from the response of an equivalent
SDOF system. *e difference is in the technique used to
obtain the maximum displacement demand [5]. In con-
ventional CSM, the equivalent stiffness of inelastic system is
assumed to be the secant stiffness and the equivalent
damping is related to the area under the capacity curve as
illustrated in Figure 3. In ELM, however, the equivalent
stiffness is estimated from effective period Teff and effective
damping βeff derived from statistical analyses, expressed as
functions of ductility μ [5]. Teff and βeff optimized for ap-
plication to any capacity curve can be estimated as follows:

For 1.0< μ< 4.0,

βeff � 4.9(μ− 1)
2 − 1.1(μ− 1)

3
+ β0,

Teff � 0.2(μ− 1)
2 − 0.038(μ− 1)

3
+ 1 T.

(10)

For 4.0≤ μ≤ 6.5,

βeff � 14 + 0.32(μ− 1) + β0,

Teff � [0.28 + 0.13(μ− 1) + 1]T.
(11)

For μ> 6.5,

βeff � 19
0.64(μ− 1)− 1
[0.64(μ− 1)]2

 
Teff

T
 

2
+ β0,

Teff � 0.89

������������
μ− 1

1 + 0.05(μ− 2)



− 1⎛⎝ ⎞⎠ + 1⎡⎢⎢⎣ ⎤⎥⎥⎦T.

(12)

*e above expressions are limited for the initial period of
vibration T from 0.2 to 2.0 s [5]. *e effective acceleration
aeff must lie on the capacity curve and coincide with the
maximum displacement dmax. *us, the modification factor
M, defined by (13), is used to adjust the demand spectrum.
*e modified ADRS (MADRS) procedure is described and
depicted in Figure 4 [5].

M �
amax

aeff
. (13)

2.3. Nonlinear Modal Time-History Analysis. To verify the
NSA methods, nonlinear modal THA is used in this study. It
is also known as fast nonlinear analysis (FNA) in SAP2000.
*e fundamental equilibrium equation of FNA can be
expressed as [23, 24]

M€u(t) + C _u(t) + Ku(t) + RNL(t) � R(t), (14)

where M, C, and K are the mass, proportional viscous
damping, and stiffness matrices, respectively, the RNL(t) is
the nonlinear object force vector from the sum of the forces
in the nonlinear elements, and R(t) is the applied load. At
each point of time, the uncoupled modal equations are
solved exactly within the elastic structural system, whereas
forces within the predefined nonlinear DOF (indexed within
RNL(t)) are solved through an iterative process which
converges to satisfy equilibrium. In (14), the nonlinear forces
are treated as external loads and a set of load-dependent ritz
(LDR) vectors, Φ, is generated to accurately capture the
effects of those forces.

*e input earthquake time histories used in this study
consist of nine horizontal ground motions with magnitude
ranging from 6.53 to 7.6. All the data were obtained from
Pacific Earthquake Engineering Research Center (PEER)
[25]. Table 1 shows seven near-fault ground motions (simply
assumed with a rupture distance <15 km) and 2 far-fault
ground motions.

3. A Case Study of Numerical Modeling for
a Typical Korean STS Container Crane

3.1. Numerical Simulations. *e STS container crane con-
sidered in this study is located at a seaport in South Korea.
Most of the structural components were made of stiffened
hollow box sections, except for diagonal braces, which were
tubes, and forestays and backstays, which were wide-flange

Displacement

Fo
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umuy

fy(1 + αμ – α)
fy

k ksec
ESED

1

αk

Figure 3: SDOF nonlinear system and equivalent viscous damping
due to hysteretic energy dissipation.
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shapes.*e properties of materials comply with the Japanese
industrial standards (JIS) JIS-SM490Y and JIS-STK490. *e
general dimensions of the crane, that is, outreach, crane
gage/span, backreach, and height, are illustrated in Figure 1.
A 3D FE model of the container was developed by the
SAP2000 software package, as discussed earlier. In the FE
representation, the total number of elements is 9916: 9912
frame elements and 4 gap elements.*e forestays, backstays,
and diagonal braces were assigned end releases; hence, these
elements worked as truss elements. All nonstructural loads,
that is, stairs, drive trucks, stowed pins, machinery house,
1/2 festoon, snag device, and boom hoist rope, were applied
as concentrated or distributed loads. *e modal shapes,
natural periods, and frequencies of the first and third mode
analyzed by the Ritz vectors method are shown in Figure 5.

3.2. Selection of Seismic Demand. Several boreholes were
driven in the area of the seaport to consider the site soil
conditions. *e soil investigation report showed that the
shear wave velocity for the top 30m of ground for the five
boreholes of the S-PS logging test were from 247m/s to
447m/s, as shown in Table 2. As a result, the soil profile types
ranged from SC to SD according to Korean Building Code
[26], as shown in Table 3. In this study, the soil type SD was
selected. For the crane’s site, seismic zone I was considered
to be appropriate, and a seismic zone factor S� 0.22 g was
assigned for the maximum considered earthquake (MCE),
with a return period of 2400 years. *e design acceleration
response spectrum of soil type SD was then developed

corresponding to site coefficients Fa (for short period) and Fv
(for 1 s period), of 1.36 and 1.96, respectively. From the 5%
damping elastic response spectrum of soil type SD, as shown
in Figure 6 (the red curve), the Sa at the fundamental period
(mode 3 with T�1.35 s) is 0.21 g. To verify the results of
nonlinear static analyses, the response spectra of nine
recorded ground motions, as shown in Table 1, were then
scaled to a spectral acceleration Sa of 0.21 g at the funda-
mental period. *e scaled response spectra of the recorded
ground motions and design response spectrum according to
KBC 2016 are shown in Figure 6.

3.3. Nonlinear Static Analysis and Damage Criteria. *e
plastic hinges were assigned to the portal frame as illustrated
in Figure 7 assuming that they develop at the end of the
frames using concentrated plasticity model [23, 27]. *e
properties of plastic hinges are suggested in ASCE/SEI 41-13
[3]. For portal beams, the moment-curvature (M-ϕ) re-
lationship is sufficient to model the hinges assuming no axial
force is acting in them. Although interaction relationship of
the axial force (P) and the moments (M) in both axes is
required for portal columns of a 3Dmodel, a pinned support
is used for the pushover analysis to generate large portal
deformations during autoincrement static pushing.*e limit
state obtained by pushover analyses can be applied to THA
for a FE model using gap elements because the structural
capacity is independent of the loading [28]. According to the
structural performance levels and damage defined in
ASCE/SEI 41-13 for buildings, the expected performance
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Figure 4: Modified acceleration-displacement response spectrum (MADRS).

Table 1: Unscaled ground motions recorded during several earthquakes.

Number (GM) Earthquake name Year Station Mag. Mechanism RRUP (km) PGA (g)
1 Imperial Valley-02 1940 El Centro array #09 6.95 Strike slip 6.1 0.28
2 Imperial Valley-06 1979 El Centro array #06 6.53 Strike slip 1.4 0.45
3 Landers 1992 Barstow 7.28 Strike slip 35 0.13
4 Landers 1992 Yermo Fire station 7.28 Strike slip 24 0.24
5 Loma Prieta 1989 Gilroy-Gavilan Coll. 6.93 Rev. oblique 10 0.36
6 Northridge-01 1994 Newhall-Fire Sta. 6.69 Reverse 5.9 0.58
7 Northridge-01 1994 Sylmar-Converter Sta. 6.69 Reverse 5.4 0.62
8 Kobe, Japan 1995 KJMA 6.90 Strike slip 1.0 0.83
9 Chi-Chi, Taiwan 1999 TCU065 7.62 Rev. oblique 0.6 0.79
Note. RRUP is the closest distance to the rupture plane (rupture distance).
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levels for steel container cranes (considering as steel moment
frame, SMF) are shown in Table 4. In previous studies,
derailment, defined as the reduction of the axial reaction of
at least one leg base to be zero due to sufficient lateral loads,
was considered as a damage state [28]. However, it is re-
ported that a crane was repaired by repositioning it on the
rails by jacking systems and mobile crane when it was
derailed without any damage to the upper structure, that is,
the repair of a Krupp crane at the Port of Oakland in the past
in this way [29]. Hence, derailment is assumed to be the only
form of the crane’s movement without damage of the
structure, and the portal frame is still considered to be
elastic. Consideration of slight derailment is not considered
as a damage state in this study. *e damage state considered
in this study focuses only on the structural behavior of the
portal frame. Several other damage criteria for STS container
cranes were suggested in previous studies [28, 30], as briefly
summarized in Tables 5 and 6, based on observations of
damages of container cranes subjected to past earthquakes,
testing of scaled models on shaking table, and analyses of FE
models.

For the NSA procedures, a concentrated force was ap-
plied at the boom level, as illustrated in Figure 7, under
displacement-controlled analyses. *e results of pushover
analyses indicate that both columns reach the limit states at
the same portal drift level even when the concentrated force
is applied in the seaward or landward direction. In addition,
since the cross sections of the waterside and landside legs are
slightly different, they are expected to have similar stiffness
and strength. As a result, Figure 7 indicates that both col-
umns reach the immediate occupancy (IO), life safety (LS),
and collapse prevention (CP) levels at a portal drift of ap-
proximately 1.6%, 1.8%, and 2.2%, respectively. In this study,

the complex stiffened box sections of the portal columns have
been converted into unstiffened box section for simplicity.
*e section of the top of the portal columns is illustrated in
Figure 8. *e x-axis and y-axis are the trolley-travel direction
and gantry-travel direction (along the rails), respectively. It is
noted that the hollow box sections at the top of the portal
columns of the Korean crane are smaller than those of crane
J100, as mentioned in Table 6. Even the overall height of the
Korean crane is greater than that of the J100. Past records
indicate that there were few moderate to large earthquakes in
Korea. *us, an optimization of the general stiffness of the
whole structure of a crane with less emphasis on the seismic
effect can reduce the initial cost for the owner.

*e ADRS diagrams consisting of both capacity and
seismic demand are shown in Figure 9. *e CSM and ELM
were performed under the seismic demand of KBC 2016
with a selected damping ratio of 1.5% as suggested by
Kosbab for a jumbo container crane [28, 31]. *e results
from both pushover methods are similar. *e performance
point of CSM indicates that the total base shear and max-
imum horizontal displacement at the top of the portal frame
are 1691.82 kN and 10.6 cm, respectively. *e total base
shear and maximum displacement obtained from ELM are
1691.86 kN and 10.6 cm, respectively, with a ductility ratio
μ � 1.0 and the modification factor M � 1.

3.4. Dynamic Analyses. For the input ground motions, the
effect of vertical excitation is high when the spectral accel-
eration Sa of the crane (with a natural period of 0.3 s) is greater
than 0.5 g, as observed in the experimental study by Kosbab
For lower Sa, the effect of vertical excitation on the portal drift
is around 0.1% [28]. In this study, the vertical groundmotions
are neglected with the assumption that their amplitudes are
attenuated by the effect of quay wall and local site.

*e nonlinear modal THAwas considered incorporating
the P-Δ effect. *e Rayleigh damping, β, which relates to the
mass and stiffness matrix, was calculated by (15) and (16),
considering mode 1 (boom torsion) and mode 3 (portal
sway) as shown in Figure 5.

β � a0
1

2ωn

+ a1
ωn

2
. (15)

Mode 1, T = 3.82 s, f = 0.26 Hz

(a)

Mode 3, T = 1.35 s, f = 0.74 Hz 

(b)

Figure 5: Numerical fundamental periods and modal shapes: (a) boom torsion and (b) portal sway.

Table 2: Soil investigation at a seaport in South Korea.

Boreholes Shear wave velocity GL. −30m, vs (m/s) Soil types
BH-1 406 SC
BH-2 252 SD
BH-3 447 SC
BH-4 247 SD
BH-5 337 SD
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Assuming that the frequencies of the two modes are ωi

and ωj, having an equal damping ratio of 1.5%, the co-
efficients a0 and a1 can be obtained as follows:

a0 � β
2ωiωj

ωi + ωj

,

a1 � β
2

ωi + ωj

.

(16)

During the operation, the crane is not fixed to rails or
quay wall. For nonlinear THA, therefore, a gap link element
is used to simulate the contact between trucks and rails. *e
gap element is activated when structures come closer and
deactivated when they go far away [23]. *e axial force will
be set to zero when the portal leg is uplifted.*e gap element
does not disengage in the horizontal direction during
uplifting. It is also the limit of this support boundary as
discussed in detail by Kosbab [28]. However, a gap element
(or a similar type called no tension element) was proven to
be suitable to assess the uplift response as proposed by
Chaudhuri et al. [32]. *e results of the THA together with
the NSA methods are discussed in detail in Section 4.

4. Results and Discussions

4.1. Drift Response. In contrast to the global drift analysis of
a building at the roof level, most of the plastic hinges were

observed to be developed in the portal frame of the crane
during past earthquakes. Furthermore, the portal frame is
the main structure to support the whole upper structures.
*us, the horizontal displacement or drift at the top of the
portal frame is commonly considered [33, 34], as shown in
Figure 10.*e drift at the top of the portal frame (denoted as
portal drift) of a container crane provides information on
how much of the horizontal deformation occurs at the
fundamental mode in the trolley travel direction. Besides
measuring the portal drift, the drift at the top of upper legs
and apex is monitored along with the corresponding height,
as shown in Figure 10. *e average drift of the portal frame,
top of upper leg, and apex are estimated to be 0.61%, 0.26%,
and 0.18%, corresponding to heights of 16.6m, 47.1m, and
76.6m, respectively, in the trolley travel direction from THA
under nine ground motions with scaled PGA ranging from
0.10 g to 0.32 g. *e results of both pushover analyses using
CSM and ELM, shown in Figure 9, are in good agreement
with that of THA. In particular, the average portal drift of
0.64% is 0.03% larger than that of THA. On the other hand,
by using the deformation of the fundamental mode, the
displacements of the apex obtained from pushover analyses
are significantly larger compared to the time-history ana-
lyses, with an error of over 16%. *e portal drifts obtained
from time-history and pushover analyses indicate that the
crane behaviors are in the elastic state under seismic exci-
tations, based on the performance levels in Figure 7.
According to other performance levels and damage criteria

Table 3: Site classification of KBC 2016.

Soil types Soil profile name
Average properties on the upper 30m of the site profile

Shear wave
velocity, vs (m/s)

Standard penetration
resistance, N (blows/30 cm)

Soil undrained shear
strength, su (×10−3MPa)

SA Hard rock >1500 — —
SB Rock 760 to 1500 — —
SC Very dense soil and soft rock 360 to 760 >50 >100
SD Stiff soil 180 to 360 15 to 50 50 to 100
SE Soft soil <180 <15 <50
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as summarized in Tables 5 and 6, the cranemight work in the
damage degree I as defined by PIANC and between DR and
IU levels according to Kosbab’s proposal.

4.2. Total Base Shear. *e total base shears obtained from
CSM and ELM analyses are plotted in Figure 11. *e total
base shear is observed to be almost unrelated to the scaled

Table 4: Structural performance levels and damage based on ASCE/SEI 41-13 [3].

Elements Immediate occupancy (IO) Life safety (LS) Collapse prevention (CP)

For vertical elements of SMFs (i.
e., portal columns of the crane)

Minor local yielding at a few
places. No fractures. Minor
buckling or observable
permanent distortion of

members.

Hinges form. Local buckling of
some beam elements. Severe
joint distortion but shear

connections remain intact. A few
elements may experience partial

fracture.

Extensive distortion of beams
and column panels. Many

fractures at moment
connections, but shear

connections remain intact.

Overall damage Light Moderate Severe

Table 5: Damage criteria for cranes according to PIANC [30].

Level of damage Degree I Degree II Degree III Degree IV

Displacement Without
derailment With derailment Without overturning Overturning

Peak response stresses/strains
(i) Upper
structures Elastic Elastic Plastic (<μ/εmax for upper

structure)
Plastic (≥μ/εmax for upper

structure)

(ii) Portal frame Elastic Plastic (<μ/εmax for portal
frame) Without collapse Collapse

(iii) Toe Elastic Damage to toe (including pull-out of vehicle, fracture of anchor/brakes)
Note. μ and εmax are the ductility factor and strain limit for the structure, respectively.

Table 6: Performance levels and limit states proposed by Kosbab [28].

Level of
damage/elements Derailment (DR) Immediate use (IU) Structural damage (SD) Complete collapse (CC)

Whole structures Derailed without any
damage to the structure

Minor structural damage
(not significantly impacts its

operational capacity).
Derailment may or may not

have occurred

Extensive damage and will not
be suitable for use without

major repairs, but not collapse

Local buckling near the
portal joints can quickly

lead to global instability and
eventual collapse

Portal frame Elastic

Lower limit: elastic. High
limit: some minor buckling
of hollow sections (within
the portal frame or not)

A portal
deformation< deformation at
max. load capacity up to the
point of ultimate ductility

Portal deformation
surpasses the estimated
point of max. ductility

Overall damage Derailed Minor damage Major damage Collapse
Limit state in terms of portal drift (for reference)
(i) Crane J100 1.3% 2.0% 3.0% 4.5%
(ii) Crane LD100 — 1.5% 2.0% 3.0%
(iii) Crane LD50 1.5% 1.9% 2.5% 3.5%

18
2c

m

190cm 190cm

18
2c

m

Waterside leg, tf = 2.0cm
Landside leg, tf = 1.6cm 

Waterside leg, tw = 1.6cm 
Landside leg, tw = 1.2cm Flange

Web

(a) (b)

x

y

Figure 8: Hollow box elements: (a) original stiffened section and (b) simplified unstiffened section.
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PGA, magnitude, and rupture distance. For an example, the
maximum total base shear is obtained from a minimum
PGA ground motion, which is the Landers earthquake at
Yermo Fire station in 1992 (GM-4) with a PGA of 0.1 g, or
the earthquake with a relatively high PGA value of around
0.24 g (GM-2) at a short rupture distance (1.4 km), generates
a lower structural response of 1415.73 kN, compared with
the average value of 1674.93 kN for the nine ground motion
excitations. *e total base shears obtained from pushover
methods show higher values than the average obtained from
THA. In particular, the results for CSM and ELM are
1691.82 kN and 1691.86 kN, respectively, as mentioned in
the previous section. From this observation, it can be
concluded that the pushover methods are suitable for
seismic analysis of a STS container crane.

4.3.Uplift Behavior. *e uplifting of a crane will result in the
redistribution of the load and will change the horizontal

displacement of the whole structure. *e uplift is defined by
two conditions: (1) the vertical displacement of the uplifted
leg should be a positive value or zero (a negative value means
the gap element is still “close”), and (2) the vertical reaction
of the uplifted leg is zero. In this study, four portal legs, two
landside legs (node 10 and 20) and two waterside legs (node
30 and 40) as shown in Figure 1, are considered to study
uplift responses. Figure 12 shows the potential uplift (in
terms of vertical response/displacement) and the time of
occurrence of the landside leg (node 20) and waterside leg
(node 30). It is noted that the term “potential uplift” is used
because the full uplift was not occurred under the earth-
quake demand as discussed in Section 3.2, just a slight uplift
might happen in this study. *e full uplift of a crane leg is
considered when a leg totally wins against the initial gravity
load, which meets both conditions as mentioned above. It
can be observed that the potential uplift of landside leg will
occur sooner than that of the waterside leg, except for GM-3,
GM-8, and GM-9.*e reason could be that the center of total

0

10

20

30

40

50

60

70

80

90

0 5 10 15 20

H
ei

gh
t o

f c
ra

ne
, H

 (m
)

Horizontal displacement, (cm) 

Individual GM
Average of GMs
Pushover

Apex (3)

Top of upper leg (2)

Top of portal
leg (1)

(3)

(1)

(2)

δ

(a)

0

10

20

30

40

50

60

70

80

90

0 0.2 0.4 0.6 0.8

H
ei

gh
t o

f c
ra

ne
, H

 (m
)

Dri� (%)

Apex (3)

Top of upper leg (2)

Individual GM
Average of GMs
Pushover

Top of portal
leg (1)

(b)

Figure 10: Height of crane versus (a) horizontal displacement and (b) drift.
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mass is not at the center of the two portal legs. *e total mass
concentrates closer to the waterside legs than the landside
legs.*us, the first uplift will occur at the landside legs. When
a leg is uplifted, the axial force of the opposite leg will increase
significantly. In particular, in this study, it is observed that the
maximum axial compressive force increases up to 1204.96 kN
on the landside leg (node 10) due to the upward vertical
response/displacement of the waterside leg when excited by
the Landers earthquake (GM-4) at Yermo Fire station. It is
interesting to note that the increase of the axial force of node
10 is approximately 49.5% compared with the initial gravity
force of that node of around 2434.86 kN.

On the other hand, the vertical response of crane leg is
observed to be strongly influenced by the ground motions’
characteristics. Figure 13 indicates that the amplitude of

vertical response/displacement decays significantly with
time after reaching the peak value when subjected to short-
duration earthquakes such as GM-2, GM-5, GM-6, and GM-
8. However, the vertical response maintains large amplitude
for a long time when excited by long-duration earthquakes
even when the acceleration amplitude is not as high as in
GM-4, GM-7, and GM-9. It can be stated that a long-
duration earthquake may generate uplift and for a long
period of time even when the input ground motion is of low
amplitude. Assessment of the uplift behavior is an important
issue that should be considered in the seismic design of
a container crane to predict the overloading on the portal
legs. It is noted that a positive value of the vertical response
shown in Figure 13 means that the crane’s leg moves upward,
whereas a negative value indicates a compression (downward
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Figure 13: Time-history vertical response of the landside leg (node 20). (a) Imperial Valley-02 (GM-1). (b) Imperial Valley-06 (GM-2). (c)
Landers, Barstow (GM-3). (d) Landers, Yermo Fire Station (GM-4). (e) Loma Prieta (GM-5). (f ) Northridge-01, Newhall (GM-6). (g)
Northridge-01, Sylmar (GM-7). (h) Kobe, Japan (GM-8). (i) Chi-Chi, Taiwan (GM-9).
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movement), comparing with the state after analyzing gravity
load. When taking into account both static analysis (gravity
load analysis) and dynamic analysis, the value of vertical
displacement is still negative in all cases, indicating no full
uplift occurrence. For example, under subjected by the
earthquake GM-4 (Landers at Yermo fire station), the
landside leg (node 20) results in a positive value of 0.034 cm
for dynamic analysis and a negative value of −0.058 cm for
gravity load analysis; thus, the value considering both cases of
analysis is approximately −0.024 cm by summation. *is
means that the crane might be slightly uplifted and will be
fully uplifted if the value of displacement reaches zero, and the
vertical reaction of the crane leg is zero as well.

5. Conclusions

*is study represents a preliminary investigation for the
seismic behavior of a typical Korean STS container crane.
*e complex seismic response of the crane is estimated by
representing it by a 3D FE model. Nonlinear time-history
analysis and both CSM and ELM pushover analyses methods
are used to analyze the crane and compare the results.
Several key observations can be made based on the results
obtained from this study. *ey are as follows.

*e conventional CSM and ELM are found to be suf-
ficient to analyze a STS container crane. In particular, the
relative errors of the portal drift and total base shear
obtained from pushover methods are 4.6% and 1.0%, re-
spectively, comparing with those using the nonlinear time-
history analyses. However, the horizontal displacements of
the apex of the crane obtained from CSM and ELM appear to
be overestimated because these methods consider only the
fundamental mode, whereas the nonlinear time-history
analysis uses the superposition principle of multiple modes.

Assessment of uplift response is an important issue that
should be considered in the seismic analysis of a container
crane. It is clearly seen in this study that the axial force of the
landside legs increases nearly 50% of the initial gravity force,
as the waterside legs are slightly uplifted. *us, a gap ele-
ment, which is integrated into most of the commercial
software, is appropriate for modeling base support to study
the uplift behavior. On the other hand, the uplift response is
strongly influenced by the characteristics of the ground
motions. *e potential uplift can have large amplitude for
a long time when excited by long-duration earthquakes even
when the acceleration amplitude may not be high.

*e portal drifts of the typical Korean STS container
crane corresponding to performance levels of IO, LS, and
CP, as defined in ASCE/SEI 41-13, are 1.6%, 1.8%, and 2.2%,
respectively. *ese values can be used as damage limits for
the fragility analysis.
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,is study deals with partial cylindrical truss walls equipped with damper connections due to horizontal earthquake motions. ,e
damper connection consists of an aluminum ball joint, an aluminum hub, and a steel bolt. A ductile elongation of the steel bolt due
to a tensile stress is expected by avoiding the brittle collapse. ,e study proposes a fuse-type connection by means of yield of the
steel bolt due to tension stress realized by the ductile failure collapse mechanism of the wall-type spatial structure. ,e proposed
truss wall with the fuse-type connection can realize a deformation of nodes within the restriction for avoiding a nonstructural
member damage. It is confirmed in the dynamic elastoplastic analysis that the control of the dynamic collapse mechanism such as
the steel bolt elongation can avoid a brittle collapse mechanism such as a chain of member buckling.,e evaluation method is also
proposed by means of the limit displacement considering a ductility factor of the steel bolt within 2.0.

1. Introduction

,is study deals with the dynamic elastoplastic analysis
considering a member buckling, and the fuse-type con-
nection consists of an aluminum ball joint, an aluminum
hub, and a steel bolt. A ductile elongation of the steel bolt
due to a tensile stress is expected by avoiding the brittle
collapse in our previous paper [1–3]. ,e study proposes
a fuse-type connection by means of yield of the steel bolt due
to tension stress realized by the ductile failure collapse
mechanism of the wall-type spatial structure.

,e seismic response characteristics of spatial structures
such as roof and wall types depend on their form and
support conditions, and several reviews [4, 5] and guidelines
[6–13] quoting many studies have been published depending
on the performance of building structures. Several perfor-
mance prediction methods have been developed for this
purpose; however, the earthquake resistance capacity of
spatial structures requires the variation of the form and the
support condition, and it is very difficult to apply them to
wall-type spatial structures. For the performance design,
several prediction methods such as a pushover analysis and
an adaptive capacity spectrum method have been developed
for structures such as buildings and bridges [14–18].

,e control of the dynamic collapse mechanism is also
proposed to improve the earthquake resistance capacity by
a damper connection such as the steel bolt elongation.

Effect of the member buckling and yield elongation of the
steel bolt on the seismic response out of the plane is shown in
comparison with the response of the wall structure subjected to
the horizontal earthquake motions. ,e earthquake evaluation
method is also proposed considering the dynamic collapse
mechanism. A validity of the proposed method is shown by
means of the accuracy between the analysis and the estimation.

2. Examples of Aluminum Truss Structures

Since earthquake resistance standards in Japan were im-
proved, buildings which were designed on the basis of old
seismic standards before 1981 need to be reinforced quickly
on the basis of the exiting new ones.

,e aluminum braces are useful for seismic retrofitting of
existing buildings because they achieve good workability in the
erection site and reduce the seismic loading and additional loads
on the foundations due to their lightweight and aluminum alloy
members owing to their long-term corrosion resistance.

Figure 1 shows double-layer latticed walls and roofs
made of an aluminum alloy truss system, and the walls
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resist in-plane shearing load in an earthquake. Figures 1(a)
and 1(b) show the entrance canopy of the office and the
atrium at the entrance of the railroad station, and they are
L-shaped application of an aluminum truss wall. ,e truss
walls achieve structural rigidity and strength on seismic
loading, and the slender members with cladding prevent
daylight. Figures 1(c) and 1(d) are CG images of seismic
retrofit of RC school buildings using the aluminum truss
walls.

3. Connection Design of an Aluminum
Truss Wall

We propose two types of connection systems: an aluminum
ball-jointed truss wall and aluminum pin-connected braces.
As described in more detail below, both systems have im-
proved in their plastic deformability to resist excessive seismic
loads. In our previous paper [1], the brittle collapse mecha-
nism of the truss wall structure to resist lateral loads has been
investigated to evaluate the earthquake resistance capacity.

Figure 2 illustrates the aluminum alloy ball-jointed truss
connection used to retrofit; this nodal connection consists of
aluminum parts and a steel bolt. All aluminum parts are
extruded, and in heat-treated aluminum alloy 6061-T6, the
end plug is welded at its edge to the strut by using a friction
welding method. Friction welding, which is one of the
various welding processes, is known for high joint efficiency
and high reliability in comparison withMIG or TIGwelding.
,e collar transfers the compression stress, and the steel bolt

transfers the tension stress.,e bolt is made of high-strength
steel; the figure of the bolt is slimmed in the axle of the bolt as
shown in Figure 2.

,e connection of the truss wall is designed by means of
the condition such as Ncr > BNu, where Ncr is a member
buckling or an ultimate strength of the welded joint and BNu
is an ultimate strength of the bolt. ,e bolts are able to extend
by excessive tensile loading in a major earthquake; therefore,
the truss wall structure achieves a good hysteretic curve as
described in Figure 3. In our previous paper [2], it is in-
vestigated that the fuse-type connection realizes the tension
yield of the steel bolt before the member buckling occurs.

(a) (b)

(c) (d)

Figure 1: Aluminum truss walls and retrofit.

Hub

Collar
Fricton welding

End plug

Bolt
Strut

Yield zone

Figure 2: Yielding bolt mechanism.
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4. Truss Members including Joints
and Modeling

,e fuse connection consists of two hubs, two collars, two
bolts, and a strut, as shown in Figure 4. ,e steel bolt resists
against the tension axial stress, and the collar resists against
the compression axial stress, as far as the resistance
mechanism of the axial stress between the hub and strut is
concerned. Figures 5–7 show the numerical analysis model
in this study.

5. Hysteresis Models of the Truss Member

,e present analysis adopts an assumption that struts buckle
due to compression and yield under tension. Figure 8 shows
the hysteresis curves used for the slenderness ratio of
a member. ,e maximum compressive stress σcr is de-
termined using (1) which considers member crookedness

and the residual stresses existing in the strut. Figure 9 shows
the hysteresis curves of the steel bolt which yields under
tension and slips under compression.,e hub resists against
the compression instead of the yielding bolt. ,e yield stress
σy and Young’s modulus E are taken to be 210MPa and
70GPa, respectively. ,e maximum compressive stress σcr is
calculated by (1), and the maximum tension stress of the
weld fracture is taken to be 0.71σy due to a tension axial
stress. ,e initial tension stress is not introduced in the steel
bolt:

λ
Λ
≤ 1.0 : σcr �

F

1− 0.5(λ/Λ)2 
,

λ
Λ
> 1.0 : σcr �

F

2(λ/Λ)2 
,

Λ �

����

π2E
0.5F



�
37.17

��
F

√ � 81.1.

(1)

6. Time-History Analysis of the Truss Wall

Geometric and material nonlinearity is considered in the
time-history analysis of the truss walls subjected to the
horizontal earthquake motion of El Centro NS (PGA:
5.61 m/sec2). ,e Rayleigh damping matrix is used in
this analysis. ,e damping factor h � 0.02 is used for first
and second vibration modes in the damping matrix.
,e numerical integration method uses the Newmark
method. β�1/4 is used in this study because β� 1/4
will be unconditionally stable for the seismic response
analysis.

6.1. Analysis Model of the Double-Layer Partial Cylindrical
Truss Wall. ,e truss wall has a configuration as shown
in Figure 10. ,e length is 14m with 7 grids, and the
height is 7.2 m with 4 grids. ,e bottom nodes are con-
strained for all directions. ,e top nodes are free for the
horizontal plane (X direction). ,ey are restrained for the
vertical direction (Y direction) and out of the plane (Z
direction).

An aluminum alloy A6061-T6 is used in the strut, and
a high tensile strength steel SCM435 with the yield
strength of 649 N/mm2 is used in the connection steel bolt.
A truss model is used in the analysis. ,e model is
a lightweight structure made of an aluminum alloy. ,e
structure can bear the dead load, which is confirmed as the
static design.

Table 1 shows the member length L (mm), the slen-
derness ratio λ, the cross-sectional secondary radius i (mm),
and the sectional area A (mm2). ,e member is determined
by the earthquake-proof design using the base shear co-
efficient of 1.0. And the strength of pullout of the bolt such as
the yield axial force is also shown in Table 1.

6.2. Vibration Characteristics and Seismic Responses of the
Truss Wall. ,e natural period and the vibration mode of

Horizontal load

Horizontal displacement

Member buckling
Fracture of welded joints

Yielding of bolts Fracture of bolts

Qcr
BQx
BQy

Figure 3: Hysteretic curve of the truss wall used to retrofit.

Hub Bolt

Strut

End plug

Collar

Figure 4: Truss system.

Figure 5: Mechanism of stress transfer.
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the two walls with the 1m and 0.4mwall depths are obtained
by means of the eigenvalue analysis, respectively. ,e first
and third natural periods T1 and T3 are shown in Figure 11.
,e corresponding vibration modes are also shown in
Figure 11, respectively. It is seen that the shear deformation
mode of a wall appears in the first vibration mode of the two
walls and the third mode of the wall with the 1m depth. ,e
out-of-plane shape in the third mode of the wall with the
0.4m depth also appears due to the lower bending rigidity
than in the wall with the 1m depth. ,e study focuses on the
out-of-plane deformation of the thin depth wall subjected to
earthquake motions.

6.3. Dynamic Response Behavior of the Truss Walls Subjected
toEarthquakeMotions. In the present study, the earthquake
resistance capacity of the dome is evaluated by in-
vestigating the maximum horizontal displacement δmax at
the top of the wall subjected to horizontal earthquake
motions with the peak ground acceleration (PGA) multi-
plied by the PGA amplification factor λE. ,e damage limit
artificial earthquake motion with a phase characteristic of
the El Centro NS wave is used in the seismic response
analysis. ,e PGA is taken to be 1.12m/sec2. ,e re-
lationship between λE and δmax of the two walls with
different wall depths is shown in Figures 12 and 13. ,e

location of the steel bolt yield is shown in Figure 14 at the
beginning of the bolt yield and the member buckling,
respectively. It is seen in the results that the bolt yield
precedes the member buckling and the linear relationship
between λE and δmax is kept within the plastic region from
the beginning of the bolt yield to the beginning of the
member buckling.,is means that the response control can
be feasible by means of the fuse-type connection such as the
steel bolt yielding elongation.

,e time-history energy response of the restoring force
of the member and the damping of the structure to the
in-plane (X) and out-of-plane (Z) directions is shown in
Figures 15 and 16, respectively. It is seen in the wall with
depths that the structural damping almost absorbs the input
energy due to the seismic response just before the member
buckling occurs.,emember buckling induces the absorbed
energy in the case of the wall with 1m depth subjected to
earthquake motions with λE � 9.4. ,e out-of-plane also
consumes energy greater due to member buckling as seen in
Table 2. On the contrary, a sudden dynamic collapse of the
wall with the 0.4m depth occurs just after the member
buckling because of the bending rigidity out of the plane
with the less wall depth.

,e maximum strains of the steel connection bolt in
both depths are 2 times less than the first yield strain as
shown in Figure 17. It is confirmed in the study that all
members in both walls are also 2 times less than the first
yield strain.

7. Evaluation Method of the Response
Estimation by means of the
Limit Displacement

,e comparison between the PGA amplification factor λE
of the input earthquake motion and the maximum dis-
placement δmax to the horizontal in-plane (X) direction at
the top of the wall with the 1m and 0.4m wall depths is
shown in Figure 18 by means of the dynamic analysis. And
the proposed estimation method uses the limit displace-
ment. ,e limit displacement δud is defined in the study as
1.2δy1 in the red line in Figure 18. ,e structural yield
displacement δy1 is the horizontal in-plane displacement δ
at the top of the wall just on the first occurrence of the steel
bolt yield. It is also noticed that a ductility factor of the
steel bolt is taken to be within 2.0 at the limit displacement
δud. ,is is the reason that the limit displacement δud is
taken to be 1.2δy1. ,e structural buckling displacement

Joint connectionJoint connection

Strut member

Z

Y

X

Figure 6: Components of the member.

Figure 7: Truss model of each element for analysis.
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–1.0 1.0
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5
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1

Figure 8: Hysteresis model of the aluminum strut.
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δy2 is the horizontal in-plane displacement δ at the top of
the wall just on the first occurrence of the strut member
buckling.

,e evaluation method of the response estimation by
means of the limit displacement is the first to calculate the
δmax using the linear relationship between λE and δmax. It can
be evaluated for engineers that the dynamic collapse occurs
in the case of δmax larger than δud. ,e estimation value λEU
is practically calculated by the proposed method using the

response analysis. ,e proposed method can be applied to
the wall with an aspect ratio of the shear-dominant de-
formation type.

8. Conclusions

,is study deals with the partial cylindrical truss wall with
the damper joint connection due to horizontal earthquake
motions. It is confirmed in the dynamic elastoplastic analysis
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Constraint for Y and Z directions
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Figure 10: Analysis model of the double-layer partial cylindrical truss wall.
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Figure 9: Hysteresis model of the steel bolt.
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that the control of the dynamic collapse mechanism such
as the steel bolt elongation can avoid a brittle collapse
mechanism such as a chain of member buckling. Effect of the
member buckling and yield elongation of the steel bolt on
the seismic response out of the plane is also shown in

comparison with the response of the wall structure subjected
to the horizontal earthquake motions.

,e evaluation method is also proposed by means of the
limit displacement considering a ductility factor of the steel
bolt within 2.0. ,is means that the response control can be

(a2) �ird mode T3 = 0.050s

(a1) First mode T1 = 0.234s

(a)

(b2) �ird mode T3 = 0.049s

(b1) First mode T1 = 0.185s

(b)

Figure 11: ,e first and third vibration modes and natural periods. (a) Wall depth: 1.0m. (b) Wall depth: 0.4m.

TABLE 1: Member characteristics of the truss wall.
Wall depth: 1.0m

Strut (mm) Sectional
area (mm2)

Cross-sectional
secondary

radius (mm)

Member
length (mm)

Slenderness
ratio/limit

slenderness ratio
Chord member of X direction ϕ180× t21 10489.8 56.7 1705 0.367
Chord member of Y direction ϕ180× t21 10489.8 56.7 1400 0.305
Web member ϕ150× t12 5202.5 49.0 1162 0.240

Bolt (mm) Sectional
area (mm2)

Member
length (mm)

Minimum
elongation (%)

Yield axial
force (kN)

Chord member of X direction ϕ30.0 706.9 200 16 452.3
Chord member of Y direction ϕ30.0 706.9 200 16 452.3
Web member ϕ15.0 254.5 267 16 162.9

Wall depth: 0.4m

Strut (mm) Sectional
area (mm2)

Cross-sectional
secondary

radius (mm)

Member
length (mm)

Slenderness
ratio/limit

slenderness ratio
Chord member of X direction ϕ180× t21 10189.8 56.7 1705 0.367
Chord member of Y direction ϕ180× t21 10189.8 56.7 1400 0.305
Web member ϕ150× t12 5202.5 49.0 994 0.240

Bolt (mm) Sectional
area (mm2)

Member
length (mm)

Minimum
elongation (%)

Yield axial
orce (kN)

Chord member of X direction ϕ30.0 706.9 200 16 452.3
Chord member of Y direction ϕ30.0 706.9 200 16 452.3
Web member ϕ15.0 254.5 228 16 162.9
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Figure 14: Continued.
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Figure 14: Location of the bolt yield of the wall depth with 1m and
0.4m. (a) Case of λE � 7.4 (1m depth). (b) Case of λE � 9.4 (1m
depth). (c) Case of λE � 7.6 (0.4m depth).
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Figure 15: Time-history energy response of the restoring force of
the member and the damping of the structure to the in-plane (X)
direction component. (a) 1m wall depth (λE � 7.4). (b) 0.4m wall
depth (λE � 7.6). (c) 1m wall depth (λE � 9.4). RE� restoring force
energy; DE� damping energy.
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Table 2: Ratio of the total energy in the out-of-plane (Z) direction to that in the in-plane (X) direction.

Failure type Wall depth (m) λE
Consumption energy in the in-plane

direction Ei (kN·m)
Consumption energy in the out-of-plane

direction Eo (kN·m) Eo/(Ei +Eo) (%)

Steel bolt yield 1.0 7.4 1937.8 30.33 1.54
0.4 7.6 1814.7 137.83 7.06

Member
buckling 1.0 9.4 5588.6 790.69 12.39
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Figure 17: Relationship between stress and strain of the web member. (a) 1m wall depth before the member buckling (λE � 7.4). (b) 0.4m
wall depth before the collapse (λE � 7.6).
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feasible by the damper connection such as the steel bolt
elongation due to tension stress.
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+is paper reports a damage survey and seismic analysis of a bridge. In the first part, the damage survey of some bridges that were
affected by the 2016 Kumamoto Earthquake was discussed. Among these bridges, the Tawarayama Bridge, which is a plate girder
bridge located very close to an active fault line, was particularly considered. +is bridge incurred severe damage because of the
earthquakes’ epicenters very close to the bridge. +e damage mechanism that can occur in this type of bridge was elucidated.
During the damage survey, parts of Tawarayama Bridge were examined to determine the damage in order to examine the factors of
occurrence and damage mechanism. In the second part, the seismic responses of Tawarayama Bridge were analyzed using
ABAQUS software, and beam elements were applied for the structural members. Firstly, the time-history responses were analyzed
using both longitudinal and transverse direction earthquake ground motions separately and simultaneously to investigate the
dynamic response of the bridge. Both undamped and damped conditions were considered. For the dynamic response analysis, the
recorded earthquake acceleration data of Ozu Station were applied for both undamped and damped conditions considering both
east-west (EW) and north-south (NS) directions simultaneously and the damped condition for these directions separately. In
addition, a damped model was analyzed by applying design earthquake input data obtained from the Japanese Seismic Design
Specifications for Highway Bridges. Consequently, five cases were established for seismic response analysis. Subsequently, the
seismic responses of Tawarayama Bridge were investigated, and the behavior of the lower lateral members was examined
considering the observed buckling of these members during the damage survey. +e field survey and dynamic response analysis
indicate that the buckling design of the lower lateral members should be considered in the future design of bridges.

1. Introduction

A series of earthquakes occurred in Kumamoto, Japan, in
April 2016. +e first earthquake with a magnitude of 6.5
(Japan Meteorological Agency (JMA) seismic intensity of 7)
occurred on April 14. +is earthquake was a foreshock, and
it was followed by a mainshock with a magnitude of 7.3
(JMA seismic intensity of 7) on April 16. Within two days
after the mainshock, more than 140 aftershocks, including at
least 11 with a magnitude of 4.5 and one with a magnitude of
6, occurred in this region [1]. Mashiki town and Higashi
Ward of Kumamoto were severely affected as the epicenters

were located there. Many buildings and transportation in-
frastructures were damaged by these earthquakes. According
to the records, the total fatality after the mainshock was 69
individuals, 364 individuals were seriously injured, and
1,456 suffered minor injuries, as of June 30, 2016. Overall,
8,044 buildings totally collapsed, 24,274 were half or partially
destroyed, and 118,222 suffered moderate damage. Many
bridges too were damaged [2, 3].

+is study focuses on the damage incurred by bridges,
especially plate girder bridges, during this series of earthquakes.
Usually, buckling design is rarely considered in the design of
lower lateral members of bridges. However, after the 2016
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Kumamoto Earthquake, considering the observed buckling of
the lower lateral members during the damage survey, concerns
arose about the need for a buckling design for these members.
It is essential to confirm the buckling of lower lateral members
in a bridge by analytical methods to decide whether the
buckling design of these members should be incorporated in
future bridge designs. +erefore, a seismic response analysis of
a plate girder bridge, whose lower lateral members underwent
buckling, was carried out using the recorded earthquake
motion data of the 2016 Kumamoto Earthquake.

+e first section of this paper presented the introduction.
+e second one details the damage survey of bridges. +e
third one presents an overview of a plate girder bridge,
namely, Tawarayama Bridge. +e next two sections present
the damage survey and seismic response analysis of Tawar-
ayama Bridge. +e response of the bridge subjected to the
recorded motion of the 2016 Kumamoto Earthquake is then
presented. Finally, some important findings and conclusions
of the site survey and numerical analysis are presented.

2. Damage Survey of Bridges

2.1. Summary of Earthquake Data. According to the JMA,
seven earthquakes with a high intensity (four with a mag-
nitude of 5.4-5.9, two with a magnitude of 6.4–6.5, and one
with a magnitude of 7.3) occurred in the same area between
April 14 and 16. +e epicenter was at Mashiki town in
Kumamoto Prefecture [1].

Table 1 lists the time of occurrence, magnitude, and
maximum seismic intensity of the largest earthquakes that
occurred on April 14–16. Figure 1 shows a map presenting
the locations of Kumamoto, Mashiki, and Mount Aso.

2.2. Overview of Bridge Damage. Among the 3,000 bridges
in Kumamoto Prefecture, about 40 bridges, including Aso
Bridge and Minami-Aso Bridge, were affected severely by
the earthquake. Furthermore, 70 bridges under the
Kumamoto Prefecture administration were damaged. In
addition, the JR Kyushu Shinkansen (bullet train) was
suspended because of the damage to the bridge on Kyushu
Expressway. Although most bridge piers were not damaged
after the foreshock, many bridges were severely damaged
after the mainshock. In the Kumamoto region, pier set-
tlement was the characteristic damage observed [2, 3].
Observation of the locations of damaged bridges on the
map shows that most of these bridges were concentrated
near faults, as shown in Figure 2 [4].

Bridges on Tawarayama Bypass, which is an important
route connecting Kumamoto and Miyazaki Prefectures,
were also damaged. Figure 2(a) is derived from an active
fault database compiled by the National Institute of Ad-
vanced Industrial Science and Technology [4]. +e thin red
line at the center of the figure and the thick blue line show
the Futagawa active fault and Prefectural Road No. 28, re-
spectively. +ere are six bridges on Tawarayama Bypass;
most of these bridges are curved bridges as the route passes
through mountains. +ey were constructed in compliance
with the 1996 version of specifications for highway bridges.

2.3. Overview of Damage to Ookirihata Bridge. Ookirihata
Bridge is a five-span continuous curved bridge with a total
length of 265.4m. Girders supported by laminated rubber
bearings and rubber joint load bearings are used as end
supports. During this large-scale earthquake, the laminated
rubber bearings underwent shear destruction, and the girder
experienced a relative displacement of about 70 cm in the
transverse direction. +e main girder section prevented
direct contact (collision) in the abutment parapet, pre-
venting damage to the superstructure. +is can be clearly
seen in Figure 3(a). Figure 3(b) shows that a large step
occurred at the expansion joint of Ookirihata Bridge [2, 3].
+e bridge collapse-prevention cable was also deformed in
a direction perpendicular to the bridge’s axis. +is led to
rupture, and the girder fell down from its rubber bearing.
+is situation is depicted in Figure 3(c).

2.4. Overview of Damage in Other Bridges. Among the
damaged bridges, Aso Bridge and Furyo First Bridge, sit-
uated on the prefectural road across the Kyushu Express-
way, collapsed totally. Aso Bridge collapsed because of
a huge landslide, about 710m high, with a dip angle of
33°. Figures 4(a) and 4(b) show the collapse of Aso Bridge
and Furyo First Bridge, respectively.

Some bridges, such as Hatanaka Dai-ichi Bridge, had to be
urgently demolished. In Hatanaka Dai-ichi Bridge, the tops of
piers completely collapsed, as shown in Figure 5. Figure 6
shows the damaged condition of Yokoe Bridge in Yatsushiro.
In this bridge, the intermediate pier settled by about 2.3 m,
causing the detachment of the bridge and sidewalk stairs [2, 3].

3. Overview of Tawarayama Bridge

Tawarayama Bridge is located on Prefectural Road No. 28,
which is a route connecting Takamori with the vicinity of the
downtown area of Kumamoto city center. It is a three-span
girder bridge with a total length of 140m, a maximum span
length of 61.5m, and an effective width of 8.5m. +e sub-
structure consists of inverted T-type abutments (A1 and A2)
and overhung piers (P1 and P2), and the foundation consists
of caisson piles.+e location of Tawarayama Bridge is shown
in Figure 7. Figure 8 shows the longitudinal profile of the
bridge. Figure 9 shows the plan view of the bridge; here, A1
represents the abutment on the Kumamoto side and A2
represents that on the Takamori side.

Furthermore, in the plan view, piers P1 and P2 represent
the piers on the Kumamoto side and Takamori side,

Table 1: Time of occurrence, magnitude, and maximum seismic
intensity [1].

Time of occurrence Magnitude Maximum seismic intensity
4/14 21:26 6.5 7
4/14 22:07 5.8 6 (lower)
4/15 00:03 6.4 6 (upper)
4/16 01:25 7.3 7
4/16 01:45 5.9 6 (lower)
4/16 03:55 5.8 6 (upper)
4/16 09:48 5.4 6 (lower)
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Kumamoto

(a)

Mashiki Mount Aso

50.8 km

12.7 km

Kumamoto

(b)

Figure 1: (a)+e location of Kumamoto. (b) Distances between Kumamoto andMashiki andMount Aso. Source: https://www.google.co.jp.
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respectively. Figure 10 shows a cross section of the super-
structure. Abutments A1 and A2 are constructed as single
columns with a deep foundation. +e bridge is nearly
straight and has a cable-type girder collapse-prevention
structure, which connects the girder and the bridge abut-
ment parapet. Rubber bearings are used, and side blocks are
provided at the girder ends only.

4. Site Survey of Tawarayama Bridge after
the Earthquake

A site survey of Tawarayama Bridge was carried out. +e
damage was investigated by the Structural Mechanics Labo-
ratory of Kumamoto University, led by Professor Toshitaka
Yamao and Professor Akira Kasai, as the bridge was seriously

Prefectural road no. 28
(Tawarayama Bypass) 

Active fault lines

(a)

N

Ookirihata Bridge

Susukinohara BridgeKuwazuru Bridge

Tawarayama BridgeOoginosaka Bridge

Active fault

(b)

Figure 2: (a) Futagawa fault [4]. (b) Tawarayama Bypass and locations of bridges.
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damaged owing to its proximity to the active fault line. +e
deformation of the whole bridge can be seen in Figure 11,
which was generated using a three-dimensional (3D) scanning
technique that was developed by Yuta Ushitsuka.

According to the site survey data, all piers and abutments
moved in the NE direction, and the movement and settle-
ment of each abutment and pier were as follows:

(i) Abutment 1 moved 1,759mm toward Takamori and
1,924mm toward the valley and underwent a set-
tlement of 410mm.

(ii) Pier 1 moved 1,369mm toward Takamori and
1,201mm toward the valley.

(iii) Pier 2 moved 680mm toward Takamori and
1,006 mm toward the valley.

(iv) Abutment 2 moved 501mm toward Takamori and
769mm toward the valley.

+e settlements of each bridge’s abutments and piers are
shown in Figure 11(c).

70cm

Bridge girder displaced
to the valley side 

(a)

(b)

Connection hole Broken prevention cable

Rubber bearing

(c)

Figure 3: (a) Relative displacement of the girder, (b) damage to the
expansion joint, and (c) damage to the bearing in Ookirihata
Bridge.

(a)

(b)

Figure 4:+e collapse of (a) Aso Bridge and (b) Furyo First Bridge.

Figure 5: Damage to the tops of the piers of Hatanaka Dai-ichi
Bridge.

Figure 6: Damage and detachment of the bridge and sidewalk
stairs of Yokoe Bridge.
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4.1. Damage at Abutments. +e settlement of the deck slab
occurred at the east side (A2 side) of the bridge because of
the girders falling off from the rubber bearings and tilting of
the abutment. A deck slab settlement of 53 cm was observed
(Figure 12). +e movement of the abutment by about 80 cm
toward Takamori and the falling of the girder from the
rubber bearing at abutment A2 are shown in Figure 13.

At the west side (A1 side, Figure 14), the road em-
bankment collapsed because of the soil movement, exposing
the pile foundation under the abutment. +e base of
abutment A1 was severely damaged, as shown in Figure 15.
+e shear deformation of the rubber bearing at abutment A1
is clearly seen in Figure 16.

250 mm

250 mm

500 mm

A1

P1 P2

A2

34.75 m

140.0 m

138.5 m

42.25 m
500 mm

61.5 m

10.0 m

25.0 m
23.0 m

7.0 m

Figure 8: Longitudinal profile.

A1 P1

35.5 m
140.0 m

61.5 m 43.0 m

P2 A2

Figure 9: Plan view.

G1

0.6 m
9.7 m

8.5 m
0.6 m

25
 m

G2 G3 G4

CL

Figure 10: Cross section of the superstructure.

Figure 7: Location of Tawarayama Bridge.
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N

A1 A2P2P1

Valley 
side

Mountain
side 

Kumamoto
side (east) Takamori

side (west)

Takamori 1759 mm
Valley 1924 mm

Takamori 1369 mm
Valley 1201 mm

Takamori 680 mm
Valley 1006 mm

Takamori 501 mm
Valley 769 mm

(a)

1759 mm toward Takamori
1924 mm toward valley 

1369 mm toward Takamori
201 mm toward valley 

680 mm toward Takamori
1006 mm toward valley 

501 mm toward Takamori
769 mm toward valley 

(b)

Settlement of 410 mm Settlement of 230 mm
Settlement of 385 mm

Settlement of 840 mm

(c)

Figure 11: (a) Overall deformation of Tawarayama Bridge, (b) horizontal displacement of abutments and piers, and (c) settlement of
abutments and piers.

53cm

Figure 12: Damage to abutment A2 (exterior).
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4.2. Damage to the Piers. +e rubber bearings at P2 were
seriously damaged. One of the four rubber bearings under
girder 1 completely collapsed. Many cracks that formed at
the base of the pier were investigated. +e following figures
show the damage to the rubber bearing and the cracks that
formed at the base (Figures 17–19).

4.3. Damage to Girders. Figure 20 shows the deformation of
the main girder and pier P1 as seen from the A1 side. +e
main girder bent and underwent inward deformation about
20m from the A1 side while moving toward P1. Bucking in
the vicinity of the lower lateral structure was confirmed near
P1 and P2. +e deformation of girder G3 is shown in
Figure 21.

Move ~80 cm to
Takamori side 

(a)

(b)

Figure 13: Damage to abutment A2 (interior).

Figure 14: Damage to abutment A1 (exterior).

Figure 15: Damage to abutment A1 (interior).

(a)

(b)

Figure 16: Damage to the dampers at abutment A1 (interior).

(a)

(b)

Figure 17: Damage to the piers.
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4.4. Damage Mechanism. Figure 22 shows the original and
deformed shapes of Tawarayama Bridge. +e dotted line
shows the original shape, and the solid line shows the de-
formed shape.

According to the damage survey presented in Sections
5.1–5.3, the impinging of the lower horizontal members
buckling may be attributed to the compressive force acting
on the bridge deck from both abutments A1 and A2 or to the
displacement of the abutments toward the bridge girder.
Figure 23 illustrates the deformation mechanism of the main
girder and lower lateral members.

In this study, this event is considered the most important
destructive mechanism. +e extent of the compressive force
that should be assumed for the seismic design of the bridge
girder has not been verified yet. In addition, the actual
ground motion was larger than what was assumed. +ere-
fore, there is a need to identify the ground motion at the
sites. According to this survey, in the future, the seismic
design of bridge girders should be considered on the basis of

the buckling phenomenon of these girders in response to
ground motion corresponding to a seismic intensity of 7.

5. Seismic Response Analysis

+ere were many papers concerning the seismic response
analysis, seismic design specification of the bridges, and
damages of bridges published bymany researchers. Aso et al.
[5] carried out nonlinear earthquake response analysis of PC
cable-stayed bridge. Nazmy [6] presented seismic analysis
and design evaluation of continuous plate-girder bridges
with the help of a case study. Itani et al. [7] emphasized on
seismic behavior of steel girder bridge superstructures to
know the behavior of steel plate girder bridges during the
earthquakes. Park et al. [8] simulated the seismic perfor-
mance subjected to near-fault ground motion. Usami et al.
[9] performed dynamic analysis to evaluate the seismic
performance of steel arch bridges against major earthquakes.
Kawashima and Unjoh [10] summarize the seismic design
specifications for highway bridges after the 1995 Kobe
Earthquake. Altın et al. [11] carried out dynamic analysis of
suspension bridges and full-scale testing in which the effects
of large deflections are taken into account. Takahashi and
Hoshikuma [12] explored the damages of road bridges in-
duced by the ground motion in the 2011 Great East Japan
Earthquake and summarized the characteristics of damage
to road bridges induced by the ground motion. Cahya et al.
[13] also investigated seismic response behavior using static
pushover analysis and dynamic analysis of half-through steel
arch bridge under strong earthquake. +e 2016 Kumamoto
Earthquake survey report published by the Asia-Pacific
Economic Cooperation [14] and an overview of damage to
roads and bridges in Nishihara area by Narazaki and Kong
[15] presented the damage conditions of bridges during the
2016 Kumamoto Earthquake. +ere was a research on the
collapse process of cable-stayed bridges under strong seismic
excitations by Wang et al. [16]. According to all these re-
search works, it is obvious that the seismic response analyses
and seismic design specifications of bridges as well as
damage survey of bridges are essential. So, in the present
study, a seismic response analysis of a plate-girder bridge,
whose lower lateral members underwent buckling, was
carried out using the recorded earthquakemotion data of the
2016 Kumamoto Earthquake. ABAQUS (Simulia, 2017)
software [17] was used to create a finite element (FE) model
of Tawarayama Bridge. In this model, beam elements were
used to study the buckling behavior. According to the design
drawing sheets, L-, T-, I-beams were used for cross-bracing,
top and bottom chords, and cross-beams, respectively. For
rubber bearings, spring elements were applied in the FE
model. +e material properties of the model used in the
numerical analysis were SM490 with a yield stress (σy) of
315MPa and a Young’s modulus (E) of 205GPa for the main
girder steel beams, SMA400w with a yield stress (σy) of
245MPa and a Young’s modulus (E) of 205GPa for all
bracing members, and concrete with a Young’s modulus (E)
of 30.35GPa.

+e nonlinearity of the material was considered for
the steel elements, which are the main elements of the

(a)

(b)

Figure 18: (a) Deformed rubber bearing under girder 1 at pier 2.
(b) A rubber bearing that fell on the ground.

Figure 19: Cracks at the base of the pier.
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plate girder and lower lateral members. Beam elements
were used for concrete piers. +e equivalent Young’s
modulus was used to account for steel reinforcements
too. +e equivalent Young modulus used for P1 and P2
is 36.18 GPa and 38.14 GPa, respectively. In the present
study, the elastic linear hardening model was used to
consider the elastoplastic behavior of steel. +e elastic
linear hardening models of SM490 and SMA400w
grade steels are shown in Figure 24 [18, 19]. +e FE model
created using ABAQUS CAE software is shown in
Figure 25.

Beam type B31 (two-node linear beam) was used in the
FE model. Spring elements were installed between piers and
girders in all six directions to represent the rubber bearings
in the real bridge. Dashpot coefficients were also applied, and
the equation used and values are shown in the next section.
A detailed calculation of the spring stiffness is presented in

the next section. Multipoint constraint (MPC) beam type
was used between the girders and connections of the bracing
members.

5.1. Calculation of Spring Stiffness from the Properties of
Rubber Bearings. In the FE model of Tawarayama Bridge,
spring elements were used for rubber bearings between
girders and piers and abutments. +e following for-
mulae were used to calculate the spring stiffness in the
model [20].

For the horizontal direction,

Kso �
G0A

 te
,

Kst �
G0A

 te
.

(1)

For the vertical direction,
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⎧⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎩

(2)

where Kso, Kst, and Ky are the spring stiffnesses in the
horizontal and vertical directions,G0 is the shear modulus, A
is the area of the rubber bearing, te is the thickness of the
laminated rubber, E is Young’s modulus, S is the shape
factor, a is the width of the rubber bearing, and b is the
length of the rubber bearing.

+e springs were installed at A1, P1, P2, and A2 between
abutments or piers and girders. At each abutment and pier,
four springs are installed under each girder. +e values of
each parameter used and the calculated spring stiffnesses are
listed in Table 2.

5.2. Seismic Input Data. +e recorded earthquake data
from Ozu Station were used as seismic input data. +e
earthquake acceleration waves for the north-south (NS) and
east-west (EW) directions are shown in Figures 26 and 27
[21]. +e maximum acceleration occurred around 26 s in
both directions. +e values and times of occurrence are also
shown in the figures. For Tawarayama Bridge, EW is the
longitudinal direction and NS is the transverse direction.
Both directions were considered to investigate the seismic

(a)

(b)

Figure 20: Deformation of the main girders and buckling of the
lower lateral members.

Figure 21: Deformation of girder 3.
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response of the bridge. In addition to the recorded earth-
quake data, analyses using the design earthquake data,
considering level II, type II ground, ground motion type I,
were also carried out [1, 20].

5.3. Numerical Analysis. For the numerical analysis, a con-
stant time step of 0.01 s was utilized. MPC beam constraints
were applied for the contacts between themembers.+emodel

was assumed to have no residual stresses and no initial
crookedness modes. +e elastoplastic behavior of the steel
material was considered during the analysis. First, an eigen-
value analysis was carried out in order to understand the vi-
bration characteristics of the bridge. +e values of the Rayleigh
damping coefficients, α and β, as determined from this analysis,
are 0.6 and 0.002, respectively, for concrete and 0.11 and 0.0005,
respectively, for steel materials. +e seismic response analysis
with a ground acceleration input and a constant dead load was

Original shape
Deformed shape

A1 P1 P2 A2

Buckling of the lower
horizontal member

Bending of the
main girder

Inward deformation
of the main girder

Abutment was pushed,
and it fell down

Dropping of
rubber bearing

Kumamoto
side

Takamori
side

Figure 22: Deformation mechanism of the whole bridge.

Inward rotation

Compressive
force 

Deformation of lower lateral members

(a)

Deformation of side
girders due to axial
compression force

Inward rotation of the
girder due to rigidity

of the deck 

(b)

Figure 23: Deformation mechanism of the main girder and lower lateral members.
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performed using the FEM ABAQUS program, which can
account for geometric and material nonlinearities. In the
analysis, both undamped and damped conditions were applied.
For the undamped model, both transverse and longitudinal
earthquake waves were applied simultaneously. For the
dampedmodel, three cases were examined. In the first case, the
earthquake wave was applied only in the EW direction. In the
second one, the wave was applied only in the NS direction.
Finally, in the last one, the wave was applied in both longi-
tudinal and transverse directions. In addition to Ozu Station
data, level II, type II ground, ground motion type I, and
earthquake data were also applied under the damped condi-
tion, and both EW and NS directions were considered in the
analysis. +e dashpot coefficients, c, that were used in the
analysis are listed in the following Table 3. +e dashpot co-
efficient equation used is as follows [17]:

c �
2kξ
ω

, (3)

where c is the dashpot coefficient, k represents stiffness, ξ is
the damping ratio, and ω is the natural frequency.

6. Seismic Response Behavior of the Plate
Girder Bridge

+e seismic response behaviors of the plate girder bridge will
be discussed in this session for four different parts. First, the
stress states in the lateral bracing members are presented,
and then, the behavior of the spring is discussed. +ereafter,
the trajectory curves of the piers are illustrated. Finally, the
behavior of the lower lateral bracings is examined.

6.1. Stress States in the Lateral Bracing Members. +e stress
states of all lateral bracing members for all five cases are
presented in this section. +e locations of all bracings are
shown in Figure 28, and the stress states and maximum
stress locations are shown in Figure 29.
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Figure 24: Stress-strain relationship for (a) SM490 and (b) SMA400w grade steels.
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Figure 25: FE model of Tawarayama Bridge.
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+e present bridge has a total of 394 lateral bracing
members. Among them, 66 members in the undamped case,
16 members in the design earthquake (EQ) case, and six
members in the EW and NS case exceed the σ/σy value of 1,
and for the EW case and NS case, the σ/σy value of no
members exceeds 1. For each of the abovementioned cases,
the number of members whose σ/σy values are between 0.8
and 1 is 100, 13, 2, 5, and 10, respectively. +e σ/σy values of
other members are less than 0.8. +e maximum σ/σy value is
1.59 in the undamped case. Detailed data are listed in Table 4.
+e member with the maximum σ/σy value is an inclined
member of P-bracing (bracing at piers) between G1 and G2.
Most of the members with σ/σy values close to 1.5 are found
near P1 and P2 (P-bracing and bottom bracing). +e σ/σy
values ofmost of the bracings andA-bracingmembers are less
than 0.8. +e minimum σ/σy value of 0.02 was found at
A-bracing (bracing at abutments).

6.2. Deformation of the Spring Element. +is section dis-
cusses the deformation of the spring elements, which were

used as rubber bearings in the bridge. Springs were installed
at 16 locations (four for each pier and abutment) between
the girder and piers/abutments, which are shown in
Figure 30. Figure 31 presents the load-displacement re-
lationship curves of a spring at P2 under the undamped
condition in both longitudinal and transverse directions.
+e dotted lines in the figure show the theoretical dis-
placement criteria of spring elements.

+e theoretical displacement criteria of spring elements
for each pier and abutment are listed in Table 5.

+e displacement of all springs in all cases except in the
undamped case was within their displacement criteria. In the
undamped case, the displacement of springs at A2, P1, and
P2 in the longitudinal direction and that of P2 in the
transverse direction exceed the displacement criteria. +e
maximum displacement of springs occurred between 25.5 s
and 26.8 s, which is close to the time when the maximum
acceleration occurred.

At A1 and P1, displacements of the springs in the
transverse direction are greater than those in the longitu-
dinal direction for the design EQ case and NS case, whereas

Table 3: Dashpot coefficients, c, for each abutment and pier.

(A1, dir 1,3) (A1, dir 2) (A2, dir 1,3) (A2, dir 2) (P1, dir 1,3) (P1, dir 2) (P2, dir 1,3) (P2, dir 2)
k 794.117 461637 1132.87 561661 4254.54 1.43E+ 06 6250 1.13E+ 06
c 15.88234 9232.74 22.6574 11233.22 85.0908 28528.2 125 22683.8
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Figure 26: Earthquake input acceleration wave in the NS direction.

Table 2: Properties of the rubber bearings and spring stiffnesses.

Part G0 (N/mm2) a (mm) b (mm) A (mm2) te (mm) n  te (mm) S E (N/mm2) Kso (Nm/mm) Kst (tf/cm) Kv (tf/cm)
A1 0.785 450 450 202500 12 17 204 9.375 456.064 794.117 794.117 461637
P1 1.177 600 650 390000 22 5 110 7.091 392.883 4252.54 4252.54 1420410
P2 1.177 750 750 562500 36 3 108 5.208 213.555 6250 6250 1134190
A2 0.785 450 450 202500 13 11 143 8.654 388.961 1132.87 1132.87 561661
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Figure 27: Earthquake input acceleration wave in the EW direction.
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the longitudinal displacements of the springs are more
dominant in the other cases. For A2 and P2, the maximum
spring displacements in the longitudinal direction are
greater than those in the transverse direction in all other
cases, except for the NS case. +e ratio of longitudinal to
transverse displacements of P2 for EW and NS cases is 1.9,
which is larger than the values of others (around 1).+is fact
and the fact that the spring displacement of P2 exceeds the

displacement criteria in both longitudinal and transverse
directions may be the reason why one of the rubber bearings
at the P2 pier fell down. +e displacements of springs in the
longitudinal and transverse directions for all cases are shown
in Figure 32.

6.3. Trajectory Curve of Piers. +e trajectory curves of
piers were established in order to determine their
response during the earthquake. +ese curves are shown in
Figure 33. Among the five cases, the undamped case is more
dominant, followed by the design earthquake one. It is clear
that the displacements in the EW (longitudinal) and NS
(transverse) directions are only dominant in their re-
spective direction for both P1 and P2. +e undamped
displacements of both piers are more dominant in the

σmax/σy=1.59

Figure 29: Members with the maximum σ/σy value.

Table 4: Number of members according to σ/σy values.

σ/σy value Undamped Design EQ EW NS EW and NS
σ > 1 66 16 0 6 0
0.8< σ ≤ 1 100 13 2 5 10
σ < 0.8 228 365 392 383 384
Max. σ 1.59 1.2 0.85 1.2 0.97

Y

XZ

A bracing
Bottom bracing
Bottom bracing 1

Bottom bracing 2
Bracing

Main girder and cross beam
P bracing

Figure 28: Locations of bracings.
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transverse direction. +e design EQ displacements are also
dominant in the transverse direction, although they are not
very different from the undamped displacement, whereas
the EW and NS displacements are nearly identical in both
directions.

6.4. Behavior of Lower Lateral Bracings. +e time history
displacement response curves and force-displacement
curves of some lower lateral bracing members were
plotted in order to understand the behavior of lower lateral
bracing members. +e stresses of some of these members
exceeded the maximum stresses, leading to hardening.
Hence, some members exhibited an elastoplastic behavior,
whereas some exhibited an elastic behavior only. Among
the ten selected members shown in Figure 34, eight
members buckled in the undamped case, five buckled in

the design EQ, and two each buckled in the EW and the
EW and NS cases. In the NS case, no member buckled.
Figure 35 shows that the members around P2 have
a greater tendency to buckle, especially under the damped
condition.

+e lengths of the members, maximum forces, Euler’s
buckling load, and buckling conditions for the undamped
case are listed in Table 6. +e buckling conditions for all
bracing members for each case are presented in Table 7. No
member buckled only in the EW case. In all the other cases,
members exhibited a buckling behavior under earthquake
motion. +ese data imply that the damper plays an im-
portant role in the buckling of members.

7. Discussion and Conclusion

In this study, field surveys of Tawarayama Bridge were
conducted in order to review the actual conditions and
damage mechanism that could have caused the deformation
observed in the first part of this study. According to this
damage survey, the following conclusions can be drawn.

(1) A large ground motion occurred near Tawarayama
Bridge. +is led to the movement of the entire
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Figure 31: Force-displacement curves for the spring at pier 2.

Table 5: Displacement criteria of spring elements.

Pier/abutment Displacement criteria (mm)
Pier 1 275
Pier 2 270
Abutment 1 510
Abutment 2 375
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XZ

Figure 30: Location of springs.
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bridge in the NE direction (toward Takamori side
in the longitudinal direction and toward the
valley in the transverse direction). As a result,
a large compressive and rotational force acted on
the bridge girder.

(2) +e lower lateral members buckled, and the rubber
bearings underwent shear deformation.+emovements
weremuch larger in A1 and P1, and so the deformations
of the bridge girder in both the flange and the web could
be clearly seen.
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Figure 32: Spring displacement of the spring in each abutment and pier for all cases: (a) longitudinal direction and (b) transverse direction.
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(3) Extensive damage occurred in every abutment
and pier. +e most serious damage included
the exposure of the pile foundation and shear
deformation of rubber bearings at abutment A1,
the tendency of overturning of abutment A2,
buckling at P1, and the falling off of one of the four
rubber bearings at P2.

(4) +e possible damage mechanism may be attributed to
the compressive force acting on the bridge deck from
both abutments A1 and A2 or to the approaching of
the abutments toward the bridge girder.

+e second part of the study was a numerical analysis of
Tawarayama Bridge. +e numerical analysis is subdivided
into eigenvalue analysis and seismic response analysis
subject to the ground motion. +e seismic analysis was
carried out with the earthquake acceleration input data for
longitudinal and transverse directions separately and si-
multaneously in order to investigate the seismic behavior of
the bridge. +e current findings and conclusions of these
analyses are summarized as follows:

(1) According to the eigenvalue analysis, the displace-
ment in the transverse direction is dominant inmode

1, whereas that in the longitudinal direction is clear
in mode 3. +e movements of the bridge in both
directions occurred in the real situation too. In mode
2, a vertical rotation is noticeable. +is behavior is
similar to the rotation of the bridge girder toward the
valley side during the 2016 Kumamoto Earthquake.

(2) +e relative stresses in most bracing members are
lower than 0.8 when considering the earthquake input
data in only one direction. For the recorded bilateral
earthquake input data of Ozu Station, the relative
stresses of ten members exceeded 0.8 and those of the
other members were below 0.8. For design earthquake
data, the σ/σy values of 16 members exceeded 1, those
of 13 members exceeded 0.8, and those of the rest
were less than 0.8. For the undamped model, the
numbers of the members with σ/σy exceeding 1 and
0.8 were 66 and 100, respectively.

(3) While observing the displacement of springs, which
represent the rubber dampers in the actual condi-
tion, spring displacements beyond the displacement
criteria can be found only in the undamped case,
especially for the springs at P2.

Table 6: Buckling conditions of ten selected members under the undamped condition.

Member 1 2 3 4 5 6 7 8 9 10
Length (mm) 3895 3895 3895 3895 1947 3695 3695 3695 3695 1847
Max. force (N) 543107 552285 571835 541638 577698 597243 532315 581386 528864 567483
Euler’s buckling load (N) 192618 192618 192618 192618 770471 214057 214057 214057 214057 856228
Buckle or not Buckle Buckle Buckle Buckle Not buckle Buckle Buckle Buckle Buckle Not buckle

Table 7: Buckling conditions of all members in different earthquakes.

Undamped Design EQ EW NS EW and NS
Number of buckled members 66 16 0 6 39
Number of unbuckled members 100 378 394 388 355
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(4) +e performance of piers differs according to the
cases. For the undamped and design earthquake
cases, displacement in the transverse direction is
dominant, and for the EW and NS case, displace-
ments in both directions are quite similar. +e
displacements in the EW and NS case are dominant
in their respective directions. Among the five cases,
the undamped cases are dominant.

(5) No buckling behavior is observed in the EW case,
whereas six members buckled in the NS case. It is
observed that some members exhibit a buckling
behavior even in the design earthquake case. Overall,
39 members buckled under the recorded earthquake
motion in the EW and NS directions. Here, 66
members buckled during the analysis under the
undamped condition. In the real situation, it was
confirmed that the rubber bearings underwent shear
deformation, and one rubber bearing from P2 fell off.
+e buckling of lower lateral members was also
clearly observed.

(6) +us, it can be concluded that the buckling of the
lower lateral members should be given due impor-
tance in further bridge designs, especially for bridges
with lower damping.

In the present work, only the recorded acceleration was
considered as the input data for dynamic analysis, and large
geometric deformations and bridge collapse-prevention
cables were not considered. So, further studies should in-
clude these facts as analysis input data to obtain more ac-
curate results.
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-is paper introduces a double-walled hollow pipe (DWHP) that demonstrates good corrosion resistance and mechanical
properties and that can be used in pipeline transportation and structural stress components in marine, freshwater, and corrosive
environments. We designed and machined the specimens to meet the bending bearing capacity using a cross section method. We
conducted low-cycle loading tests of the specimens to investigate the energy dissipation capacity of the DWHP, the effects of
different geometrical parameters, and the concrete-filled strength of the DWHP on energy dissipation capacity. -e results show
that the failure forms of the specimens are similar.-e geometrical characteristics of the specimens, the cohesive function between
the concrete and the steel plate, and the strength of the concrete-filled pipe showed a significant influence on the mechanical
properties of the specimens. Hysteretic curves are plump and possess a high capacity for energy dissipation.-e energy dissipation
capacity of the specimen decreases with an increase in the slenderness ratio. -e slope of strength degradation decreases with any
increase in the strength of the concrete-filled pipe.We optimized the section design of the component by improving the constraint
effect coefficient, and we effectively improved its stability by adding stiffeners to the inner side of the outer wall of steel.

1. Introduction

Stainless steel-concrete steel double-walled hollow pipe
(DWHP) is a new type of structural component that can
be used in engineering for suspended crossover pipes,
building structural members, bridges, and offshore platform
piles [1]. Because of the high cost of stainless steel materials,
they should not be used in engineering applications in large
quantities. -e outer wall of steel can have a thin stainless
steel form. -e DWHP section pattern is shown in Figure 1.
Steel pipe (e.g., oil and gas pipelines) and the formation
of a sandwich component can be used as a new type of
combined pipe for pipeline transportation.-e cross section
of a pipe is a composite structure.

In this study, double-walled hollow-walled concrete-
filled steel tubular (CFST) members are considered to
have low-cycle fatigue properties.

Scholars have conducted significant research on the
mechanical properties of double-walled hollow tube com-
ponents. Wang et al. [2] and Zhao et al. [3] have studied the

bearing capacity of CFSTs under axial compressive stress and
proposed that the confining force between steel pipe and
concrete significantly improves the bearing capacity of
members. Zhao et al. conducted an axial compression load
test on six double-walled hollow-walled CFSTs [4].-e effect
of slenderness ratio on the bearing capacity was studied.
-e bearing capacity of the pipe was found to decrease as the
slenderness ratio increased. Elchalakani et al. studied the
ductility and failure modes of eight circular concrete-filled
double-walled hollow-walled CFST columns under axial
compressive load [5]. -e experimental results are in close
agreement with the standard Load and Resistance Factor
Design (LRFD) specification for structural steel buildings
[6]. Uy [7] conducted an experimental study on 30 squares of
CFST and analyzed the effect of concrete grade and slen-
derness on the mechanical properties of concrete-filled steel
tubes. -e results showed that the bearing capacity of CFST
columns decreased along with the slenderness ratio and
increased along with an increase in concrete grade. Zhao and
Grzebieta [8] conducted an experimental study on eight
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square concrete hollow stub columns with short columns and
five long columns and showed the ratio of outer diameter to
thickness to have a significant influence on the performance
of hollow-walled CFSTcolumns. Test results have shown that
the failure mode of an outer steel wall is similar to that of solid
CFST, and the failure mode of an inner steel tube is similar to
that of an empty steel tube. Han conducted experiments on
a new type of external stainless steel hollow steel tube concrete
columns and proposed bearing capacity formula [9]. Huang
and Li [10, 11] studied the mechanical properties of hollow-
walled CFSTunder torsional load and steel tube initial stress,
respectively, and proposed formulas to guide the engineering
design. Lu [12] conducted an experimental study on the fire
resistance of six hollow-walled CFST columns. -is study
examined the combined effect of two layers of steel pipe and
a concrete sandwich between composite column specimens,
which could be fully exerted under the fire load. Liu [13]
conducted a double-walled hollow-tube seismic performance
test and finite element analysis. Wang assessed the load-
displacement relationship of three kinds of CFSTs and one
square concrete-filled double-skin steel tube under re-
ciprocating load [14]. Hong et al. studied the mechanical
properties and failure modes of five double-walled hollow
CFST short columns that were subjected to compressive,
flexural, and shear stresses. -e initial stiffness and ultimate
load of the double-walled hollow-tube columns decreased as
the shear span ratio increased [15].

-is research mainly considered the influence of section
type, slenderness ratio, and other factors on the bearing
capacity and seismic performance of tubes. It did not fully
consider the influence of sandwich concrete strength, size
effect, or the thin-walled outer layer on the mechanical
properties of DWHP components.

On the basis of these research studies, we studied the
energy dissipation and antiseismic performance of double-
walled hollow CFST members. -rough low-cycle loading
tests of three specimens, we conducted an analysis of the
effects of the geometrical characteristics and filled concrete
strength of stainless steel (thin steel outer wall)-concrete
steel double-walled hollow-tube specimens on the me-
chanical properties, including hysteretic capacity, bearing
capacity, and stiffness degradation. In conducting this re-
search, we have provided the basis for the research and
application of new composite tube members.

2. Test Specimen Design

2.1. Test Specimen Size. To analyze the influence of the
thickness of the outer pipe and the strength of the interlayer
concrete on the mechanical properties of that pipe, we
conducted a comparative analysis in which we kept the
inner pipe consistent and changed the parameters of
the outer pipe and the strength of the concrete. We selected
the wall thickness of the outer pipe according to the sectional
stratification method proposed in [1]. We calculated the
outer wall thickness t1, the inner wall thickness t2, the
thickness of the concrete interlayer h, the inner diameter (d),
the outer diameter (D), and the bending bearing capacity
(M) as follows [1]:

h �
D−d

2
− t1,

M �  Mk,

� 2 
n

k�0
σs1,kys1,kdAs1,k + σs2,kys2,kdAs2,k + σc,kyc,kaAc,k ,

(1)

where

ys1,k �
D

2
sin θk − 0.5 dθ( ,
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d

2
sin θk − 0.5 dθ( ,

yc,k �
D

2
− t1 sin θk − 0.5 dθ( ,

(2)

where σs1,k is the outer steel pipe k stratified zone with
compressive stress, σs2,k is the inner steel pipe k stratified
zone with compressive stress, and σc,k is the k stratified zone
concrete compressive stress.

We used the inner tube parameter as the set value to
determine the diameter of the outer tube, concrete strength,
andmaximum bendingmoment (M). We used a cross section
method to calculate the required outer-wall thickness.

According to the requirements of test equipment and the
mechanical analysis of test components, we designed a total
of three double-walled hollow-walled concrete specimens.
-e total specimen height was 1520mm, and the net height
was 1200mm. We used Q235 steel. We filled the specimens
with two types of concrete with different degrees of strength:
C60 and C40.

-e materials and geometrical dimensions of each
specimen are given in Table 1.

2.2. Specimen Material Strength. We used the MTS electro
hydraulic servo universal testing machine with inner and
outer tube steel with unilateral tensile state yield strength of
fyi and fyo, ultimate tensile strength of fui and fuo, elastic
modulus Ei, Eo, and other mechanical properties; we de-
termined the cubical compressive strength of the C60 and
C40 concrete. We used (3) to calculate the nominal steel
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Figure 1: DWHP section pattern.
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content (αn) of the pipe and (4) to calculate the steel pipe
confinement effect coefficient (ξ).

-e material properties and other parameters are given
in Table 2.

In Table 2,

αn �
As0

ACE
, (3)

ξ � αn

fy0

fck
, (4)

where As0 is the outer tube cross section area and ACE is the
outer area surrounded by steel pipe.

3. Test Equipment and Loading System

Considering the second-order (P-Δ) effect of the compo-
nent, we used a column loading mode. -e test device was
composed of a concrete floor, a frame to support the vertical
load, a beam, and a rolling support. -e specimen loading
device is shown in Figure 2. We used a DGS-4 computer-
controlled electro hydraulic servo-loading system to re-
ciprocate specimen loading.-e bottom of the specimen was
connected using a fixed steel base, and the top was connected
with a crossbeam. -e beam was connected to the distri-
bution beam and the horizontal actuator, as shown in Figure
2(a). A vertical load exerted by the hydraulic jack (100 t)
above the distribution beam was transmitted to the test piece
through the distribution beam and the crossbeam so that the
test piece was axially compressed. We used a horizontal
actuator (maximum test force of 250 kN, stroke of ±75mm)
on the specimen’s horizontal reciprocating load. -e rolling
support moved freely along the horizontal direction of the
track. -e rolling support and the crossbeam ensured that
the top of the test specimen moved horizontally without
twisting or bending.

We applied a vertical hydraulic jack to the specimen to
test constant axial force and used the symmetrical dis-
placement method to load the specimen’s horizontal re-
ciprocating load.

In the test, we preloaded the vertical load first, and then
preloaded the horizontal load step by step. -e loading
scheme is shown in Figure 3. When the displacement am-
plitude was less than 6mm, we loaded it in increments of

1.5mm. When the amplitude was larger than 6mm, we
loaded it in steps of 6mm. -e load cycle for each stage was
completed three times. Damage to the outer wall of the steel
tube was the failure criterion for the test. [16].

4. Test Phenomenon and Analysis of Results

4.1. Failure Mode. Figure 4 shows the failure modes of the
three test specimens under the action of fatigue load with the
same axial compression ratio. -e failure occurred toward
the end of the specimen, and the damage property was
caused by the bending failure. We subjected the specimens
to repeated low-cycle loading. When we subjected the test
specimen to low cyclic loading, the drum area at the end of
the outer steel pipe appeared first, forming a plastic hinge
area. Finally, fatigue damage formed in the plastic hinge
area at the end of the outer steel pipe, which eventually
caused the final damage. During the test, we observed that
the outer steel pipe had an obvious tearing failure, which was
accompanied by the sound of concrete fracturing. We ob-
served that the concrete fractured after the outer wall was
damaged. -e bearing capacity of the specimen did not drop
abruptly at any point from the loading to the final de-
struction of the outer wall, and the specimen did not sustain
any overall damage, which showed its good ductility and
low-cycle fatigue resistance.

4.2. Hysteretic Curve. Figure 5 shows the specimen’s
moment-curvature (M-φ) hysteretic curve. At the initial
stage of test loading, the area covered by the hysteretic curve
of the test piece was small. We observed very little residual
deformation of the test piece, and rigidity degeneration was
not readily visible. -e test piece was in an elastic working
state. After the initial stage of the test loading, the area of
the package gradually increased along with an increase in the
number of loading cycles and the control displacement.
-e hysteretic curve tilted toward the displacement axis. -e
rigidity of the specimen began to decrease and entered
the plastic working state. When we applied the maximum
load, the specimen-bearing capacity and energy consump-
tion began to decline gently.

Comparing the M-φ hysteretic curves of the specimens,
we found the following: (1)-e hysteresis curve of DWHP-1
was fuller, and the peak load capacity was greater than

Table 1: Geometric parameters of specimens.

Number Concrete grade D0 × t0 (mm) Di × ti (mm) ASO (mm2) ACE (mm2)
DWHP-1 C60 140× 2 76× 3 867.1 14527
DWHP-2 C60 140× 2 76× 3 867.1 14527
DWHP-3 C40 110× 2 76× 3 678.6 8825

Table 2: Material performance parameters of specimens.

Number αn (%) ξ fyi (MPa) fyo (MPa) fui (MPa) fuo (MPa) Ei (MPa) Eo (MPa) fcu (MPa)
DWHP-1 5.969 0.42 301 288 442 407 1.56E5 1.77E5 63.43
DWHP-2 5.969 0.64 301 288 442 407 1.56E5 1.77E5 42.07
DWHP-3 7.690 1.65 301 288 442 407 1.56E5 1.77E5 42.07
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DWHP-2 and DWHP-3 specimens for the same geometric
size, steel strength, and axial compression ratio. In this way,
ductility and energy dissipation capacity of the specimens
can be improved by appropriately increasing the strength of
the concrete. (2) -e specimen of DWHP-3 had a smaller
section size and a lower strength level of concrete. -e
hysteretic curve was full, without a significant pinch phe-
nomenon and showed good hysteretic performance. -e
analysis showed that although the cross section dimension of
the DWHP-3 specimen was the smallest, the restraining
effect coefficient ξ of this specimen was the largest, which

was 2.5 times that of specimen DWHP-2 and 3.9 times that
of specimen DWHP-1. Improving the component con-
finement factor can reduce the section size or the strength
grade of the concrete, which is the purpose of optimizing the
design of the structure.
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Figure 2: Loading device for specimen. (a) Sketch of sample
loading device and (b) sample loading device spot map.
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Figure 3: Sketch of loading scheme.
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Figure 4: Failure modes of specimens. (a) Lower-end tearing of
DWHP-1, (b) upper-end tearing of DWHP-2, and (c) lower-end
tearing of DWHP-3.
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4.3. Skeleton Curve. We obtained the P-Δ skeleton curve of
the specimen by first connecting the peak load points of the
testedM-φ hysteretic curve to each target displacement [17].
-e results are shown in Figure 6. Under low-cycle loading,
the specimens underwent four working stages: elasticity,
yield, peak, and damage. At the initial stage of specimen
loading, the skeleton curve developed linearly. When the
curve was loaded with an obvious inflection point, the
specimen began to yield, and the stiffness began to degrade.
As the control displacement increased, the stiffness of the
specimen degenerated further. When the peak point of the
skeleton curve was reached, the degradation of the bearing
capacity of the specimen changed more smoothly. -e re-
sults showed that the degradation rate of DWHP-2 was
greater than that of DWHP-1 and smaller than that of
DWHP-3. DWHP-3 showed significant degradation at the
target displacement of ±20.

We analyzed the phenomenon by which the double-wall
sandwich-filled concrete under the constraint of the double
steel pipe in a three-dimensional compression could im-
prove the strength of filled concrete, allow the concrete to be
filled with steel to provide lateral support, and protect the
thin steel wall from local instability. Under these working
conditions, the specimen showed good overall plasticity and
ductility. -e outer side of the steel pipe had a thin steel
layer, however, and its stability was greatly influenced by the
bond between the concrete and the steel plate, and the
strength of the concrete had a great influence on the ductility
of the components. Within a certain range, the strength of
the concrete could effectively increase the specimen ductility
and improve fatigue resistance. -e analysis showed that the
reinforcement of the steel plate and the concrete could be
strengthened by adding reinforcing ribs inside the outer
wall, which effectively improved the local stability of the
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Figure 5: M-φ hysteretic loops of specimens. (a) Specimen
DWHP-1, (b) specimen DWHP-2, and (c) specimen DWHP-3.
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Figure 6: M-φ skeleton loops of specimens.
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component. -e addition of an outer-wall stiffener is shown
in Figure 7.

4.4. Hysteretic Energy Consumption. We used the plastic
hysteretic energy of the component to evaluate the seismic
behavior of the structure. -e numerical value was pro-
portional to the seismic performance of the structure. -e
better the seismic performance of the buildings, the greater
the plastic hysteretic energy value would be. In this ex-
periment, the sum of the energy absorbed by the specimen
was expressed as the area of the closed hysteretic loop
formed after one week of the test specimen’s circulation
[17, 18]. We calculated the total hysteretic energy of the
specimen according to the following equation:

Wp � 
n

i�1
Wi, (5)

where n is the ith cycle load times and Wi is i-hysteretic loop
energy value.

-e size of the area enclosed by the hysteretic ring re-
flects the pros and cons of the seismic performance of the
structure to a certain extent.-e energy dissipation values of
the top of the member at each stage of the displacement cycle
are given in Table 3.

To facilitate a comparative analysis, we assessed the axial
loading-displacement curve fitted to each ring hysteretic
loop, using the size of that area to indicate the hysteretic
energy value. -e sum of the energy dissipation values of the
specimen in the displacement cycle at various stages is
shown in Figure 8.

-e hysteretic energy dissipation diagrams of DWHP-2
and DWHP-1 show that the other conditions are the same.
When the concrete strength changed from 42.07MPa to
63.43MPa, the hysteretic energy of the specimen was con-
trolled and changed from 2659.4 kN·mm to 4426.5 kN·mm,
an increase of 1.66 times.

Compared with DWHP-3 and DWHP-2, the hysteretic
energy loss of DWHP-3 was greater than that of DWHP-2
before the initial displacement and before the displace-
ment of the 30mm hysteretic energy value. When the
control displacement was greater than 30mm, the DWHP-3

hysteretic energy value had a sudden downward trend and
gradually fell below the DWHP-2 hysteretic energy value.
When the control displacement reached ±42mm, the
bearing capacity of DWHP-3 decreased to about 80% of
the peak load. -e energy dissipation value of DWHP-3
began to increase as the target displacement increased, but
the range of increase was obviously smaller than that of
DWHP-2. An analysis of these test results suggested that
the high-strength concrete made up for the brittleness
defects of the material under the restraint of the double-
layer steel pipe inside and outside greatly improved the
energy-absorbing and damping capacity of the component.
Because of the thin-walled steel pipe, under the condition
of the same concrete strength, the size of the component
had a greater impact on energy dissipation capacity. When
the strength of the member reached about 80% of the yield
load, the energy dissipation capacity of the ASTM-3 small
section member had a downward trend when the dis-
placement of the target was 30mm.

Fine stone concrete

Thin steel
outer wall

Reinforcing 

Inner tube

Figure 7: Section type of the stiffener pipe.

Table 3: Energy dissipation of each cycle of specimen
displacement.

Displacement
Hysteretic energy consumption (kN·mm)
DWHP-1 DWHP-2 DWHP-3

±6 48.49 45.29 32.96
±12 244.19 131.69 197.74
±18 444.58 201.09 332.2
±24 792.99 407.09 559.95
±30 1160.9 649.53 833.49
±36 1723.7 992.97 788.83
±42 2249.4 1279.5 754.16
±48 2921.8 1817.2 929.64
±54 3613.1 2305.3 1102.5
±60 4426.5 2659.4 1258.5
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Figure 8: Hysteretic energy of specimens.
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4.5. Stiffness Degradation. We used the equivalent stiffness
to show the stiffness decay of the specimen under low-cycle
loading. -e stiffness of each specimen was the ratio of
the corresponding load value to the target displacement
value when the target displacement was reached for the first
time. Equivalent stiffness of the specimen expression [19] is
shown in the following:

K �
P

Δ
. (6)

Equivalent stiffness decay curve when the specimen is
loaded is shown in Figure 9.

As shown in Figure 10, the stiffness degeneration trend
of each specimen was similar; all specimens experienced

a degeneration process that changed from fast to slow. In the
initial stage of loading, the specimen was in a flexible
working condition and had the most rigidity. With the
gradual increase of displacement of the experimental target,
concrete cracks and continuous development of specimens
increased until plastic deformation gradually occurred.
When the relative slip between the inner and outer steel
pipes and the filled concrete occurred, the restraint effect of
the steel pipe on the core concrete began to weaken. -e
initial stiffness of specimens DWHP-1 and DWHP-2 with
the same cross section size and different concrete strength
was about 4.5 and 3.0, respectively. However, the degeneracy
curves were basically the same and their stiffness degen-
erated similarly. -e initial stiffness of DWHP-2 and
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Figure 9: Degeneration rigidity loops of specimens. (a) Specimen DWHP-1, (b) specimen DWHP-2, and (c) specimen DWHP-3.
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DWHP-3 with the same concrete strength and different
cross section dimensions was about 3.0 and 1.7, respectively.
-e linear regression curves showed that the degeneracy rate
of DWHP-3 was larger than that of DWHP-2.

According to the analysis of the test phenomenon, the
initial elastic stiffness of the specimen was closely related to
the concrete strength, whereas the stiffness degradation rate
was less affected by the concrete strength under the re-
ciprocating loading. -e cross section dimension had
a significant effect on the initial elastic stiffness and the rate
of stiffness degradation. -e larger the initial cross section
stiffness, the lower the rate of stiffness degradation would be.

4.6. Intensity Degradation. -e specimen’s bearing capacity
was largest when the specimen reached the target dis-
placement for the first time. -e calculated value of the

degradation of bearing capacity was the load value Pi when
the specimen reached the displacement at the ith time and
was divided by the load value P1 when the specimen reached
displacement the first time. We compared the second load
value under each control displacement with the first load
ratio of P2/P1 to analyze the bearing capacity of the spec-
imen decay. -e bearing capacity degradation curve for each
specimen is shown in Figure 10.

-e results show that under the action of repeated low-
cycle loading, the internal damage of the specimen de-
veloped, and the bearing capacity gradually decayed. -e
bearing capacity decay rule of each specimen was similar to
the decay of bearing capacity of three specimens, and there
was no significant attenuation of bearing capacity during the
entire experiment. -e loading rate of specimen DWHP-1
decayed slowly, and the slope of strength degradation was
the smallest. -e slope of bearing capacity degradation of
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Figure 10: Degeneration loading loops of specimens. (a) Specimen DWHP-1, (b) specimen DWHP-2, and (c) specimen DWHP-3.
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specimen DWHP-2 was similar to that of specimen DWHP-
3. As shown, under cyclic loading, the slope of degradation
was greatly affected by the strength of concrete. -e higher
the strength was, the smaller the slope of degradation was
and the smaller the effect of size effect was.

5. Conclusion

According to the quasistatic test method, we conducted
a low-cycle fatigue test of three double-walled hollow CFST
specimens with different geometrical characteristics and
different filled concrete strengths. -e main conclusions are
as follows:

(1) We calculated the bending design of DWHP using the
cross section method. -rough a low-cycle loading
test, the results showed that the strength grade of the
C60 sandwich concrete, under the same geometrical
size, steel strength, and axial compression ratio, had
better ductility and energy dissipation capacity than
that of the C40 concrete specimen. -e ductility and
energy dissipation capacity of the specimens could be
improved by strengthening the concrete. Analysis
showed that although the cross section dimension of
DWHP-3 specimen was the smallest, the restraining
effect coefficient ξ of this specimen was the largest,
which was 2.5 times that of specimen DWHP-2 and
3.9 times that of specimen DWHP-1. -e DWHP-3
specimen still had good ductility and energy dissi-
pation capacity by improving the confinement factor
to appropriately reduce the section size or strength
grade of the concrete to optimize the design of the
structural section.

(2) -e combination of DWHP concrete sandwich
members, concrete, and steel worked together to
ensure that the mechanical properties provided the
specimens with higher strength and ductility. But the
outer side of the steel pipe was a thin steel layer, and
the bond between the concrete and the steel plate had
a significant influence on the stability of the concrete.
Because of the cohesive force, the strength of the
concrete did not have an obvious influence on the
local instability of the components. -e analysis
showed that addition of reinforcing ribs on the inner
side of the outer wall of the steel pipe could improve
the adhesion of the thin steel plate to the concrete,
which could effectively improve the local stability of
the specimens.

(3) -e composite cross section of the outer steel pipe
for the thin steel layer, under the conditions of the
same concrete strength, showed that the size of the
component had a greater impact on energy dissi-
pation capacity. When the strength of the specimens
reached about 80% of the yield load, the energy
dissipation capacity of the small section specimens
had a downward trend when the displacement of the
target was 30mm. -e main cause of the smaller
yield displacement was the smaller geometrical di-
mension of the specimen.

(4) Under cyclic loading of DWHP, the strength deg-
radation slope of the C60 sandwich concrete was
obviously lower than that of the C40 concrete
specimen. -e slope of the strength degradation of
the specimens decreased with an increase in the
strength of the filled concrete within a certain range,
but the strength degradation slope was less affected
by geometric characteristics.
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.is paper presented a comparative study of concrete-filled steel tubular (CFST) stub columns with three different confinement
types from carbon fiber reinforced polymer (CFRP): outer circular CFRP, inner circular CFRP, and outer square CFRP. .e
compressive mechanism and physical properties of the composite column were analyzed firstly aiming at investigating the
confinement effect of CFRP. Ultimate axial bearing capacity of these three CFRP-confined CFSTcolumns was calculated based on
Unified.eory of CFSTand elastoplastic limit equilibrium theory, respectively. Meanwhile, the corresponding tests are adopted to
validate the feasibility of the two calculation models. .rough data analysis, the study confirmed the ultimate strength calculation
results of the limit equilibrium method were found to be more reliable and approximate to the test results than those of Unified
.eory of CFST..en axial bearing capacity of the pure CFSTcolumn was predicted to evaluate the bearing capacity enhancement
ratio of the three types of composite columns. It was demonstrated that the averaged enhancement ratio is 16.4 percent, showing
that CFRP-confined CFST columns had a broad engineering applicability. .rough a comparative analysis, this study also
confirmed that outer circular CFRP had the best confinement effect and outer square CFRP did better than inner circular CFRP.
.e confinement effect of CFRP increased with the decrease of concrete strength, and it was proportional with relative proportions
of CFRP and steel under the same concrete strength.

1. Introduction

Carbon fiber reinforced polymers (CFRPs) have been
widely used in repair and retrofit of deficient structures in
recent decades, because externally bonded CFRP material
in the form of sheets or plates is particularly well suited for
flexure and shear [1, 2]. In many engineering fields, the
CFRP-metal composite tanks or tubes have been used
widely, such as gas tank used in motor vehicle and pipeline
system for transporting high pressure gas or liquid used in
municipal engineering or chemical engineering. CFRP
materials, as external jackets for the confinement of
reinforced concrete columns, can enhance strength and
ductility [3–6]. .e superior mechanical and physical
properties of CFRP make them excellent candidates to
repair and retrofit steel structures as well. Concrete-filled

steel tubular (CFST) structures have been studied and used in
civil engineering widely for many years [7]. However, steel
tubes are susceptible to degradation due to corrosion and its
thin-walled section before concrete hardening [8], which
results in the decrease of axial strength of the CFST column
[9]. .erefore, the CFRP-metal tube can also be used in civil
engineering, for example, the CFRP-steel composite tube in-
filled with concrete has been used as the column [10], and
CFRP has also been used to reinforce damaged CFSTcolumn
[11]. As discussed by Gu [12], Li et al. [13], and Wang et al.
[14], most of the research conducted has focused on the use
CFRP for CFST structure. Carbon fiber sheets or plates are
attached to a steel tube or concrete in a CFST member to
increase its bearing capacity and ductility. It was concluded
that the ultimate lateral strength and flexural stiffness of
CFRP-repaired CFST beam-columns increased with the
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increasing number of CFRP layers. Meanwhile, the ductility
of specimens increased slightly with the number of CFRP
layers. And, as discussed by Tao et al. [15], the CFRP cylinder
can also impede buckling of the stub column leading to
dramatic improvements in buckling and postbuckling be-
havior of the entire system. Wang et al. [16, 17] conducted
axial compression experiments for thirty-two circular CFRP-
confined CFST columns and twenty-four square CFRP-
confined CFST columns. Analyses of the tested results
show that the steel tube and its outer CFRP material can
cooperate both longitudinally and transversely. .erefore, all
these studies draw upon the concepts that complementary
action between steel tube and concrete was strengthened
through the higher confinement of CFRP.

Upon the abovementioned research, other types of
composite columns have also been proposed. Karimi et al.
[18] proposed a type of FRP-encased steel-concrete com-
posite columns in which a circular FRP was placed around
the steel I-section and had the concrete filled between the
steel I-section and the FRP tube. Feng et al. [19] proposed
a steel-concrete-FRP-concrete column which had a square
steel tube as the outer layer and a circular filament-wound
FRP tube as the inner layer, with concrete filled both be-
tween these two layers and within the FRP tube. .e results
of these studies showed that the strength of concrete, FRP,
and steel could be effectively utilized in the composite
columns.

All those research achievements confirmed that the
composite column has its feasibility in theoretical research
and engineering practice, showing a great potential for more
development. Compressive strength is an important pa-
rameter for structural members, and most of those researches
listed above were concentrated on the superposition method
to calculate the ultimate compressive strength, so different
formulas were deduced for every cross section of the CFRP-
confined CFSTcolumns. .erefore, the purpose of this paper
is to build unified methods applicative to different sections of
the composite column by the idea of Unified.eory of CFST
and limit equilibrium theory. .e focus of this study is to
investigate three different technology CFRPs to strengthen
CFST stub columns through a comparative study of three
different confinement types: outer circular CFRP, inner cir-
cular CFRP, and outer square CFRP. Compressive mecha-
nism and physical properties of these three CFRP-confined
CFST columns were analyzed firstly aiming at investigating
the confinement effect of CFRP on CFST columns. Two
theoretical calculation models are presented to obtain the
axial compressive capacity of CFRP-confined CFST columns.
One is the Unified .eory of CFST [20]: the equivalent
confinement coefficient is proposed with consideration of
different sections of steel tubes and CFRP cylinders, and then
formulas are derived from Unified.eory of CFST to predict
the bearing capacity of the composite column under com-
pression. .e other is elastoplastic limit equilibrium method:
twin-shear unified strength theory (TDUST) [21] is applied to
analyze the ultimate state of steel tube and concrete, re-
spectively, and then the ultimate bearing capacities of the
composite column are obtained by the limit equilibrium
method. .e theoretical predictions were compared with the

experimental results to validate the feasibility of the two
calculation models. Lastly, the CFRP confinement effects on
the axial bearing capacity were analyzed by comparison of
these three CFRP-confined CFST columns.

2. Working Mechanism

Based on the summary of existing researches, three types of
CFRP-confined CFSTcolumns are considered with different
CFRP confinements including outer circular CFRP, inner
circular CFRP, and outer square CFRP, as shown in Figure 1.
.e CFRP cylinder is wrapped outside the circular CFST
column in Type a; CFRP cylinder is placed inside the square
CFST in Type b, and CFRP cylinder is wrapped outside the
square CFST column in Type c. As can be seen in Figure 1,
steel tubes together with the confined concrete can resist the
axial compression remarkably, while the CFRP cylinders can
provide the lateral confinement to the steel tube or concrete
directly and make the composite column behave better
indirectly.

As we all know, during the process of compression of the
composite columns, there exists horizontal deformation
when the vertical load acts on the whole section. Take the
example of Type a in Figure 1, concrete is filled in the circular
tube wrapped by the CFRP sheet, so its simplified model of
stress can be plotted in Figure 2.

Concrete’s horizontal deformation coefficient was small
at the beginning of the axial load, so the lateral stress p from
steel tubes and CFRP sheet is not evident. With the in-
creasing axial compression, concrete’s horizontal de-
formation starts to gradually increase especially after the
column yielding. .ere would be many microcracks hap-
pened in concrete after the column entered into plastic
stage [22], but both the CFRP cylinder and steel tube can
confine the concrete to postpone its expansion. .e con-
crete can be regarded as three-dimensioned compressed,
the steel tubes can be regarded as thin-walled cylinders, and
CFRP is only tensile in the circumferential direction as
shown in Figure 2. .e ultimate state considers the fol-
lowing failure modes of the CFRP-confined CFST column:
steel tube bucking and CFRP sheet rupturing [23, 24].
Although the CFRP cylinder has no direct contribution to
the axial bearing capacity, the transverse fiber sheets
contribute to the strength enhancement by confining the
CFST column in whole (see Type a, c in Figure 1) or in part
(see Type b in Figure 1), leading to a higher compressive
strength of the column. .erefore, the wrapping CFRP can
lead to a significant improvement in the inelastic axial
deformation capacity prior to buckling and an improved
load carrying capacity after buckling.

3. Calculations by Unified Theory of CFST

Unified .eory of CFST was presented by Professor Zhong
Shan-tong in 1993 [25]. It considered CFST as a unified
body, and a new composite material was used to study its
behaviors. It was a new method to design and simplify the
design work. Unified .eory of CFST has been extended to
calculate the compressive strength of the composite CFST
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columns with various confining materials and various cross
sections under various loadings [26]. For CFRP-confined
CFSTcolumns, the concrete is still confined by the steel tube
directly, and this confining effect is absolutely strengthened
by the CFRP cylinder. One composite material can also be
considered to assess its behaviors, but the confining effect
should be reevaluated deriving from the steel tube and CFRP
cylinder. We can extend deeper research works into CFRP-
confined CFST columns, so one equivalent confinement
coefficient ξssc is presented, which can be expressed as

ξssc �
ksAsfs + kcfAcffcf

Acfck
, (1)

where As, Ac, and Acf are the cross section areas of the steel
tube, concrete, and CFRP cylinder, respectively; fs and fcf
are the yield strengths of steel and CFRP, respectively; fck is
the standard compressive strength of the concrete; ks and kcf
are the coefficients with consideration of section form of the
confining material. Because in the composite column, there
are two difform materials to confine concrete, the effect of
restraint is different from circular section to square section.
Generally, the coefficient of circular section is taken as the
basic parameter 1, and for square section, it is 0.74 [27].

.en the composite strength fssc of the stub column can
be calculated by the formula derived from Unified.eory of
CFST, and the equation can be expressed as

fssc � 1.212 + aξssc + bξ2ssc fck, (2)

where a and b reflect the contributions of confining ma-
terials and concrete, respectively. .ey can be calculated by
the following formula:

a �
0.1759fss

235 + 0.974
,

b �
−0.1038fck

20 + 0.0309
,

(3)

where fss is the weighted average of the confining materials
including both the steel tube and CFRP cylinder, which is
calculated by

fss �
Asfs + Acffcf

As + Acf
. (4)

.erefore, it is recommended to use the following for-
mula to calculate the bearing capacity of the CFRP-confined
CFST stub column.

N
1
y � Afssck, (5)

where A is the cross section area of the whole column and
N1

y is the bearing capacity calculated by Unified .eory of
CFST.

4. Calculations by Limit Equilibrium Theory

4.1. Basic Assumptions. In this theoretical model for
obtaining the axial compressive capacity, we can quantita-
tively analyze how much the confinement is influenced by
the steel tube and CFRP..e interface between the steel tube
and the CFRP sheet is constrained; the radial stress in the
steel tube is ignored, and the steel tube is under biaxial stress;
the CFRP material is linear elastic, and only the lateral stress
is considered, so the stress along the fiber direction is

Steel tube

Concrete

CFRP cylinder

(a)

Steel tube

Concrete

Concrete

CFRP cylinder

(b)

CFRP cylinder

Concrete

Steel tube

(c)

Figure 1: Cross section types of CFRP-confined CFSTcolumns. (a) Outer circular CFRP. (b) Inner circular CFRP. (c) Outer square CFRP.

p

σf

p
σf

Figure 2: Stress model in the composite column under compression. (a) Concrete. (b) Steel tube. (c) CFRP cylinder.
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considered; the radial stress and the longitudinal stress are
ignored.

Based on the above assumptions, the ultimate axial
bearing capacity of CFRP-confined CFST columns can be
calculated by

N
2
y � Ns + Nc, (6)

where N, Ns, and Nc are vertical bearing capacities of the
steel tube and concrete, respectively. N2

y is the bearing ca-
pacity calculated by limit equilibrium theory. In the state of
limit equilibrium, every part of the composite column can be
analyzed using TSUST [21].

4.2. Twin-Shear Unified Strength +eory (TSUST). .e
TSUST considers the two larger principal shear stresses and
the corresponding normal stresses and their different effects
on the failure of materials. When the relationship function
between them reaches one ultimate value, the material can
be defined as failure at this state which is formulated as
follows:

F � τ13 + bτ12 + β σ13 + bσ12(  � C,

when τ12 + βσ12 ≥ τ23 + βσ23,
(7a)

F′ � τ13 + bτ23 + β σ13 + bσ23(  � C,

when τ12 + βσ12 ≤ τ23 + βσ23,
(7b)

where τ12, τ23, and τ13 are the principal shear stresses,
τ13 � (σ1 − σ3)/2, τ12 � (σ1 − σ2)/2, and τ23 � (σ2 − σ3)/2;
σ12, σ23 and, σ13 are the corresponding normal stresses on
the principal shear stress element; σ1, σ2, and σ3 are the
principal stresses, σ1 ≥ σ2 ≥ σ3; b is a weighting coefficient,
reflecting the relative effect of the intermediate principal
shear stress τ12 or τ23 on the strength of materials; C
equals to the material strength; β is the influence co-
efficient of positive stress on material damage. Denoting
the tension-compression strength ratio as α � σt/σc, we
rewrite (7a) and (7b) in terms of principal stresses as
follows:

F � σ1 −
α

1 + b
bσ2 + σ3(  � σt, when σ2 ≤

σ1 + ασ3
1 + α

,

(8a)

F′ �
1

1 + b
σ1 + bσ2( − ασ3 � σt, when σ2 ≥

σ1 + ασ3
1 + α

.

(8b)

4.3. Formula of Ultimate Capacity. By the principle of same
area, the square cross section of the steel tube can be
transformed into a circular one. B and ts are the side length
and thickness of the square steel tube, and ro and to are the
radius and thickness of the equivalent circular steel tube,
respectively. .e formulas are shown as follows:

ro �
B
��
π

√ � 0.5642B,

to �
ro − B− 2ts( 

��
π

√ � ro − 0.5642 B− 2ts( .

(9)

Meanwhile, because the confinement of the square steel
is uneven along its side, the equivalent reduction factor
should be considered to reduce the same confinement of the
equivalent circular steel tube. Denoting thickness-side
length ratio υ � t/B, the expression of the equivalent re-
duction factor ξ � 66.4741υ2 + 0.9919υ + 0.41618 [28].
Meanwhile, there are effective and noneffective confining
zones of the concrete inside the square steel tube. In this
paper, the concrete strength reduction factor is considered to
ignore these two influences. .e concrete strength reduction
factor is taken as cμ � 1.67D−0.112

o [28], whereDo is the inside
diameter of the equivalent circular steel tube.

.e simplified stress model of confined concrete is
shown in Figure 2(a). .e stresses can be explicated by
0> σ1 � σ2 > σ3, σ1 � σ2 � p. For σ2 ≥ ((σ1 + ασ3)/(1 + α)).
Substituting them into the stress expression of TSUST, the
following expression can be obtained as

σ3 � σc � fck + kcp, (10)

where kc is the lateral stress coefficient. In TSUST, kc can be
calculated by cohesion and friction angle at material failure
state. According to the test of Richart [22], kc has been taken
as 4.1 simply here; p is the lateral stress on the concrete, and
the lateral stress on concrete is from both the steel tube and
CFRP cylinder for Type a and c as shown in Figure 1, so it
can be expressed by

p � σf + σrs, (11)

where σf � tcffcf /rcf and σrs � tsfs/rs; tcf and rcf are the
thickness and radius of the CFRP cylinder, respectively; ts
and rs are the thickness and radius of the steel tube, re-
spectively. While for Type b in Figure 1, the concrete should
be divided into exterior concrete and internal concrete
under different lateral stresses. Exterior concrete is only
confined by the steel tube, but internal concrete is consid-
ered both the steel tube and CFRP cylinder. .en the axial
bearing capacity of the concrete can be expressed as

Nc � fck + kcp( Ac. (12)

As can be seen in Figure 2(b), the steel tube is con-
strained by inside concrete so it can bear some vertical load
under the ultimate state of the whole column, η is assumed
as the strength reduction factor of the steel tube, and then
the stress state of steel tubes can be explicated by
σ3 � σz � ηfs, σ2 � σr � 0, σ1 � σθ � pro/ts. For |σ3|> σ1
and σ2 ≥ ((σ1 + σ3)/(1 + α)), substitute them into the stress
expression of TSUST, the following expression can be
obtained:

pro

ts(1 + b)
− ηfs � fs. (13)
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.en η was obtained as 0.65 by experimentation and
statistical data [29], so the ultimate capacity of the steel tube
can be calculated by

Ns � nfsAs. (14)

Lastly, the ultimate capacity of CFRP-confined CFST
column can be expressed as follows:

N
2
y � ηfsAs + fck + kcp( Ac. (15)

5. Comparison and Analysis

.e three types of CFRP-confined CFST stub columns
shown in Figure 1 have been tested under axial compression
[13, 30, 31]. Calculations N1

y and N2
y, obtained by Unified

.eory of CFST and limit equilibrium theory, respectively,
are listed in Table 1 together with the test results Nt. .e
calculated results both have good agreement with the test
results within small errors less than 20%. Comparing the
value of N2

y/Nt and N1
y/Nt shown in Table 1, we can find that

N2
y obtained by the limit equilibrium method is more ac-

curate and reliable than N1
y obtained by the method of

Unified .eory of CFST. On the other hand, the method of
Unified .eory of CFST is simple and easy to realize since it
just considers the column as one composite material, while
the method of limit equilibrium method sound complicated
since it applies TSUST to analyze every component of the
composite column. .erefore, these two methods can both
be applied to investigate the axial bearing capacity of CFRP-
confined CFSTstub columns, and they can provide reference
for engineering design. .en axial bearing capacity of pure
CFST columns can be predicted by the limit equilibrium
method in order to evaluate the bearing capacity im-
provement due to the CFRP confinement. By reviewing test
results, the bearing capacity enhancement rate is described
as the expression of (Nt-NCFST)/NCFSTas shown in Table 1. It
was found that the averaged bearing capacity enhancement

rate of CFRP-confined CFSTstub columns is 16.4 percent in
comparison with the pure CFSTcolumns. Because the CFRP
sheet is very thin, it is demonstrated that the bearing capacity
of the composite columns improves more than the corre-
sponding pure CFST columns with the nearly same cross
section area. .erefore, it is very applicable to use CFRP to
strengthen the CFST column, and the composite columns
can result in significant savings in column size, which ul-
timately realize the material potency and bring economic
benefits.

.rough data analysis of the calculated and experi-
mental results, it can be found that concrete strength and
the relative proportions of CFRP and steel are the main
parameters to influence the axial bearing capacity of the
composite column. .e confining mechanism of CFRP and
axial bearing capacity improvement needs to be validated,
so the relative proportions of CFRP and steel is proposed
according to the concept of equivalent confinement co-
efficient ξssc (1). .e relative proportions of CFRP and steel
ξcf /st considers strength, content, and confining effect of
section form, that is,

ξcf/st �
kcfAcffcf

ksAsfs
. (16)

Since the test results of the bearing capacity of the stub
columns have a certain degree of dispersion and some
parameters need to be taken as the same value, the calculated
axial bearing capacity Ncc is used to describe the bearing
capacity enhancement ratio with the expression of (Ncc-
NCFST)/NCFST, which reflects the function of the CFRP
cylinder to confine the CFST column, where NCFST is the
calculated value for the corresponding pure CFST column.
Ncc is obtained by limit equilibrium theory.

.e relationship between (Ncc−NCFST)/NCFST and ξcf /st
for the three types of composite columns is shown in
Figure 3. In reference to the experimental data in Table 1,
fck of Type b and Type c is taken as 40.15MPa similar to
Type a, and Figure 3(a) shows the relationship between
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Figure 3: Relationship between (Ncc−NCFST)/NCFST and ξcf/st. (a) fck � 40.15. (b) Different fck.
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(Ncc−NCFST)/NCFST and ξcf /st under the same concrete
strength. .e relationship is linear and directly pro-
portional to the CFRP-wrapped composite columns with
the outer circular CFRP or outer square CFRP because the
outer CFRP cylinder strengthens the whole CFST column.
But for the inner circular CFRP-confined columns, there is
no linear proportion because inner CFRP only strengthens
its inside concrete directly. It can also be found that outer
circular CFRP has the best confinement effect to provide
the highest bearing capacity enhancement ratio at the same
relative proportions of CFRP and steel. Meanwhile, outer
square CFRP does better than inner circular CFRP as
shown in Figure 3(a), that is, CFRP as external jackets can
provide the better confinement than the internal one. On
the other hand, we choose the basic parameters of outer
square CFRP-confined CFST columns in Table 1 to get the
relationship between (Ncc−NCFST)/NCFST and ξcf /st under
different concrete strength as shown in Figure 3(b). For
every group, the steel tube and the concrete are the same, so
the bearing capacity enhancement ratio is linear and direct
proportional to the content of the CFRP cylinder. Among
the four groups, with the decrease of concrete strength, the
bearing capacity enhancement ratio increases with the
improvement of relative proportions of CFRP and steel. It
indicates that the confinement effect of CFRP increases
with the decrease of concrete strength..e reason is mainly
that the contributions of the CFRP cylinder are the dis-
placement resistance of the CFSTcolumn, and low-strength
concrete has the better deformation capacity to make the
CFRP play better especially during the postbuckling
process.

6. Conclusions

.is paper presented a comparative study of concrete-filled
steel tubular (CFST) stub columns with three different
confinement types from carbon fiber reinforced polymer
(CFRP): outer circular CFRP, inner circular CFRP, and outer
square CFRP. CFRP-confined CFST column takes the ad-
vantage of not only the good performance of CFST but also
a substantial improvement in higher confinement of CFRP.
.e compressive mechanism and physical properties of
the composite column were analyzed firstly aiming at in-
vestigating the confinement effects of the different CFRP on
CFST Columns.

Two methods based on Unified .eory of CFST and
elastoplastic limit equilibrium method have been applied to
investigate the axial bearing capacity of CFRP-confined
CFST stub columns. .e calculated results have good
agreement with the test results. .rough data analysis, the
study confirmed the ultimate strength calculation results of
limit equilibrium method were found to be more accurate
and reliable than that of Unified.eory of CFST. .en axial
bearing capacity of pure CFST columns was predicted to
evaluate the bearing capacity improvement factor coming
from the CFRP confinement. It was demonstrated that the
averaged enhancement ratio is 16.4 percent, showing that
the three kinds of CFRP-confined CFST columns had
a broad applicability.

CFRP can increase CFST members’ bearing capacities
significantly because complementary action between the
steel tube and concrete is strengthened through CFRP. .e
relationship between the bearing capacity enhancement
ratio and relative proportions of CFRP and steel is nearly
linear, especially for the CFRP-wrapped columns with the
outer circular CFRP or outer square CFRP. .rough
a comparative analysis, this study confirmed that outer
circular CFRP had the best confinement effect and outer
square CFRP did better than inner circular CFRP. .e
confinement effect of CFRP increased with the decrease of
concrete strength, and it was proportional with relative
proportions of CFRP and CFST under the same concrete
strength.

Data Availability

All data used for this paper are publicly available and ac-
cessible online. We have annotated the entire data building
process and empirical techniques presented in the paper. We
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did not directly draw upon these sources for the empirical
analysis, these efforts confirmed our understanding of the
scope, scale, and accuracy of the CFRP-confined CFST
columns.
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