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Rising of terrorist bombing threats and industrial explosion
accidents highlight the necessity and importance of struc-
tural protections against intentional and accidental loadings
such as blast and impact. Consequences of such extreme
loading conditions have been found to be catastrophic with
massive personnel injuries and fatalities, economic loss, and
immeasurable social disruption in their wake. It is therefore
imperative to enlighten design of modern structures with
consideration of protections against such extreme loadings.

Blast and impact loadings have the natures of short du-
ration and high energy intensity, which results in very different
structural response as compared to when subjected to con-
ventional quasi-static and less intense dynamic loading such as
wind load and seismic load. %e analysis and design of
conventional structures, therefore, cannot be directly imple-
mented to the design of protective structures against extreme
loadings. Moreover, structural response and material behav-
iour under blast and impact loading are usually nonlinear and
time-dependent, involving complex stress states due to stress
wave propagation. Simplified analysis and design approaches
are not necessarily leading to reliable predictions. Compre-
hensive understanding about loading characteristics, dynamic
material properties, and dynamic response predictions of
structures are crucial to reliable and accurate predictions.

Recently, various efforts, including experiment testing,
numerical simulation, and analytical derivations, have been

devoted to achieving a reliable analysis and design of pro-
tective structures. Experimental testing includes both lab-
oratory and field tests, which can demonstrate actual
structural behaviours and also be used to validate the fidelity
of the numerical model. With the advancement of computer
technology and computational mechanics, different nu-
merical methods have been developed and employed to
model structural response to blast and impact loadings.
Simplified approaches such as single-degree-of-freedom and
close-form solutions have been used to predict and analyze
structural response. All in all, analysis and design of pro-
tective structures against blast and impact loadings, in
general, is still a challenge.

%is special issue aims to present the state-of-the-art
research studies and understandings on the analysis and
design of structures against blast and impact loadings as well
as other common extreme disaster loadings. Four of the
included articles cover an overview of existing blast tests and
structural responses under blast loading which include
reinforced concrete element, steel concrete structure, and
polyurethane foamed aluminum composites. %e two arti-
cles by P. Y. Yuan et al. and J. Yang et al. discussed response
of structures under impact loadings. Moreover, the mech-
anism of progressive collapse as well as mechanics of other
structure responses is also included, which provides fun-
damental mechanics for the understanding of structural
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behaviour. Last but not least, the understanding of material
dynamic properties plays an important role in the analysis of
structure response under dynamic loading. %ree articles on
the study of dynamic material properties including a review
of the torsional split Hopkinson pressure bar system are also
collected in this special issue, showing complexity of strain
rate-dependent materials.
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A viscous-slip interface model is proposed to simulate the contact state between a tunnel lining structure and the surrounding
rock. -e boundary integral equation method is adopted to solve the scattering of the plane SV wave by a tunnel lining in an
elastic half-space. We place special emphasis on the dynamic stress concentration of the lining and the amplification effect on
the surface displacement near the tunnel. Scattered waves in the lining and half-space are constructed using the fictitious wave
sources close to the lining surfaces based on Green’s functions of cylindrical expansion and the shear wave source. -e
magnitudes of the fictitious wave sources are determined by viscous-slip boundary conditions, and then the total response is
obtained by superposition of the free and scattered fields. -e slip stiffness and viscosity coefficients at the lining-surrounding
rock interface have a significant influence on the dynamic stress distribution and the nearby surface displacement response in
the tunnel lining. -eir influence is controlled by the incident wave frequency and angle. -e hoop stress increases gradually
in the inner wall of the lining as sliding stiffness increases under a low-frequency incident wave. In the high-frequency
resonance frequency band, where incident wave frequency is consistent with the natural frequency of the soil column above
the tunnel, the dynamic stress concentration effect is more significant when it is smaller. -e dynamic stress concentration
factor inside the lining decreases gradually as the viscosity coefficient increases. -e spatial distribution and the displacement
amplitudes of surface displacement near the tunnel change as incident wave frequency and angle increase. -e effective
dynamic analysis of the underground structure under an actual strong dynamic load should consider the slip effect at the
lining-surrounding rock interface.

1. Introduction

Analyses of seismic damage incurred by disasters such as the
Kobe earthquake, Chi-Chi earthquake, and Wenchuan
earthquake have shown that underground structures might
be severely damaged during strong earthquakes, resulting in
massive economic and societal losses [1–5]. As the scope and
scale of modern underground structures continually in-
crease, the seismic design grows increasingly complex. In
theory, wave scattering and dynamic stress concentration
effects should be considered for large underground struc-
tures during the seismic wave propagation process. To this
effect, it is of great significance to study the seismic response
and hazards feature of underground structures.

In general, the calculation methods include the analyt-
ical method [6–9], finite element method [10–12], finite
difference method [13–15], boundary element method
[16–19], boundary integral equation method [20–23], etc. It
is worthmentioning that all of these studies assumed that the
lining and surrounding rock are completely bonded. In
actuality, however, there are varying degrees of slip between
the tunnel and surrounding rock—especially in the case of
intense dynamic loading. Yi et al. [24] studied the dynamic
response of a tunnel lining with a sliding interface under an
incident P wave based on an interface contact model. Fang
and Jin [25, 26] proposed a viscoelastic interface model to
solve the dynamic response of a tunnel lining under different
interface stiffness and viscosity coefficients with incident P
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and SV waves. Ping et al. [27] calculated the maximum
moment and axial force of a circular shield tunnel under
interface slip and no-slip states based on an equivalent
stiffness circle.

It should be noted that the abovementioned research
works based on interface contact models were mainly
limited to deep-buried tunnels, while the response of
shallow-buried tunnels differs significantly from that of
deep-buried ones [28]. Yi et al. [29] presented an analytical
solution to the out-of-plane dynamic response of a shallow
tunnel lining under the action of a plane SH wave including
interface contact stiffness, incident angle, wave frequency,
and tunnel depth as these factors affect the dynamic stress
concentration of the lining. Fang et al. [30] investigated a
lined tunnel in a semi-infinite alluvial valley with an elastic-
slip interface and analyzed the dynamic stress distribution
around the circular tunnel subjected to SH waves.

However, until now, few studies have explored the
seismic response of shallow tunnels under incident SV waves
with the interface-slipping model due to the complexity of
multimode coupling and hybrid boundary conditions. We
used an indirect boundary integral equation method
(IBIEM) to solve the scattering of the plane SV wave by a
tunnel lining in a half-space based on the viscous-slip in-
terface model.-is method had been used effectively to solve
the dynamic response of the tunnel structure [31, 32].

-is study aims to investigate the dynamic stress con-
centration effect of the tunnel lining and the surface dis-
placement amplification near the tunnel with a viscous-slip
interface. We assessed the influence of parameters such as
incident wave frequency and angle, viscous-slip interface
stiffness, and viscosity coefficient on the overall dynamic
response of the lining and surrounding rock. -is study can
provide a theoretical basis for the seismic design of actual
underground engineering structures under intense dynamic
loads.

2. Calculation Model

As shown in Figure 1, the elastic half-space contains an
infinitely long tunnel lining. Both the lining and the half-
space are linearly isotropic homogeneous elastic media. -e
viscous-slip state between the tunnel and the surrounding
rock can be assumed to consist of a series of linear springs
and dampers. -e parameters related to the half-space and
the tunnel are shown in Table 1.

Let the buried depth of the tunnel be d, the inner and
outer radii of the lining be a1 and a2, and the inner and outer
boundary surfaces of the lining be S0 and S, respectively.
Assume that the plane SV wave is incident at an angle θα
from the half-space.

3. Calculation Method

In this study, we considered the cylindrical shear wave
source in the half-space as the fundamental solution. -e
indirect boundary integral equationmethod and viscous-slip
boundary condition were used to solve the scattering of

plane waves by tunnel linings and the dynamic response
around the tunnel lining [20].

3.1.Wave FieldAnalysis. -e total half-space wave field can
be viewed as a superposition of a half-space free field
(without tunnel linings) and a scattering field. We first
carry out a free field analysis. -e shear wave potential
function in the half-space is denoted as ψ (plane strain
state), and the plane SV wave with circular frequency ω is
incident at angle θα. In the Cartesian coordinate system,
the incident SV wave potential function can be expressed
as follows:

ψ(i)
(x, y) � exp −ikα1 x sin θα −y cos θα(  . (1)

For the sake of simplicity, the time factor exp(iωt) is
omitted here. Incident plane SV waves generate reflected P

waves and SV waves on the surface of the half-space. -eir
specific expressions are shown in [16].

Scattered fields are generated in the half-space of a lined
tunnel and in the interior of the lining. -e fields can be
determined by superimposing all the expansion wave and
shear wave sources on the virtual wave source surface inside
and outside the lining, respectively. Assuming that the
scattered field in the half-space is generated by the virtual
source face S1, the displacement and stress in the half-space
are as follows:

ui(x) � 
b

b x1( G
(s)
i,1 x, x1(  + c x1( G

(s)
i,2 x, x1(  dS1,

σij(x) � 
b

b x1( T
(s)
ij,1 x, x1(  + c x1( T

(s)
ij,2 x, x1(  dS1,

(2)

where x ∈ D1 and x1 ∈ S1. b(x1) and c(x1) correspond to
the density of P and SV wave sources at the x1 position on
the virtual wave source surface S1, respectively. G

(s)
i,l (x, x1)

and T
(s)
ij,l(x, x1) denote Green’s function of displacement and

stress in the elastic half-space, respectively (lower scale index
l � 1 or 2 corresponding to P and SV wave sources
i, j � x, y), and function automatically satisfies the wave
equation and surface boundary conditions.

dGround surface

Viscoelastic interface

SV waves

θα

θ

Elastic half-space D1

x

x1

y

S

S0

D2

o1

a2

a1

y1

o

Figure 1: Seismic response model of tunnel lining with the viscous-
slip interface.
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-e internal scattering field of the lining is obtained by
superimposing the action of all the expansion wave sources
and shear wave sources on the virtual wave source surfaces
S2 and S3. -e internal displacement and stress of the lining
are expressed as follows:

ui(x) � 
b

d x2( G
(l)
i,1 x, x1(  + e x2( G

(t)
i,2 x, x2(  dS2

+ 
b

f x3( G
(t)
i,1 x, x3(  + g x3( G

(t)
i,2 x, x3(  dS3,

σij(x) � 
b

d x2( T
(s)
ij,1 x, x2(  + e x2( T

(t)
ij,2 x, x2(  dS2

+ 
b

f x3( T
(t)
ij,1 x, x3(  + g x3( T

(t)
ij,2 x, x3(  dS3,

(3)

where x ∈ D2, x2 ∈ S2, and x3 ∈ S3. d(x2) and e(x2), re-
spectively, correspond to the density of P and SV wave
sources at the x2 position on the virtual wave source surface
S2. f(x3) and g(x3) correspond to the density of P and SV
wave sources at the x3 position on the virtual wave source
surface S3. G

(t)
i,l and T

(t)
ij,l indicate the displacement and stress

Green’s functions in the lining, respectively.
-e total displacement and stress fields in the half-space

are obtained by superposition of the scattered wave field and
the free field in the half-space. -e internal reactions of the
lining are all generated by the scattered fields within it.

3.2. Boundary Conditions and Solutions. We built a viscous-
slip interface model to determine the influence of the in-
terface effect on the dynamic response. -e lining and the
half-space were connected by linear springs and dampers
(Figure 1). Spring and damper parameters are represented
by stiffness and viscosity coefficients. In this model, the
boundary conditions at the interface between the lining and
the half-space (S) are as follows:

u
s
x − u

t
x �

σs
nn

kn

+ δn

z us
x − ut

x( 

zt
, r � a2( ,

u
s
y − u

t
y �

σs
nt

kt

+ δt

z us
y − ut

y 

zt
, r � a2( ,

σs
nn � σt

nn; σs
nt � σt

nt, r � a2( ,

σt
nn � 0; σt

nt � 0, r � a1( ,

(4)

where superscripts s and t correspond to the half-space and
the lining, respectively; kn and kt are the normal and tan-
gential stiffness coefficients of the viscous-slip boundary; and
δn and δt are the normal and tangential viscosity coefficients

of the viscous-slip boundary, respectively. To secure a nu-
merical solution to the problem, we first discretely separate
the inner and outer surfaces of the lining and the virtual
wave source surfaces S1, S2, and S3. -e number of discrete
points on the inner and outer surfaces of the lining is set to
N, and the number of discrete points on the virtual wave
source surfaces S1, S2, and S3 is N1. -e scattered dis-
placement and stress fields in the half-space can be expressed
as follows:

ui xn(  � bn1G
(s)
i,1 xn, xn1(  + cn1G

(s)
i,2 xn, xn1( ,

σij xn(  � bn1T
(s)
ij,1 xn, xn1(  + cn1T

(s)
ij,2 xn, xn1( ,

(5)

where xn ∈ S and xn1 ∈ S1 (n � 1, . . . , N and n1 �

1, . . . , N1). bn1 and cn1 are the density of P wave and SV wave
sources at the n1th discrete point on the virtual source
surface S1. Similarly, the scattering field inside the lining can
be constructed from discrete wave sources on S2 and S3. -e
scattering displacement and stress fields are

ui xn(  � dn2G
(t)
i,1 xn, xn2(  + en2G

(t)
i,2 xn, xn2( 

+ fn3G
(t)
i,1 xn, xn3(  + gn3G

(s)
i,2 xn, xn3( ,

σij xn(  � dn2T
(t)
ij,1 xn, xn2(  + en2T

(t)
ij,2 xn, xn2( 

+ fn3T
(t)
ij,1 xn, xn3(  + gn3T

(t)
ij,2 xn, xn3( ,

(6)

where xn ∈ S, xn2 ∈ S2, and xn3 ∈ S3 (n � 1, . . . , N, n2 �

1, . . . , N1, and n3 � 1, . . . , N1).
A linear system of equations can be obtained by syn-

thesizing the above formulas:

W1 + B1( Y1 + F � W2 + B2( Y2 + W3 + B3( Y3,

H1Y1 + F � H2Y2 + H3Y3,

T2Y2 + T3Y3 � 0,

(7)

where W1, W2, and W3 are the displacement Green’s in-
fluence matrix of the discrete points on the outer surface of
the lining of the discrete wave source on S1, S2, and S3,
respectively; B1, B2, and B3 are boundary displacement
matrices obtained from boundary conditions; H1, H2, and
H3 are the stress Green’s influence matrix of the discrete
points on the outer surface of the lining of discrete source
points on S1, S2, and S3, respectively; T2 and T3 correspond
to the stress-green-influenced matrix of the discrete points
on the inner surface of the lining of the source points of S2
and S3; Y1, Y2, and Y3 are the virtual wave source density
vectors (to be determined) on S1, S2, and S3, respectively; and
F is the free field vector. System (7) can be solved using the
least-squares method. -e virtual wave source density is
obtained, and then the scattered field is obtained. -e total
wave field can be obtained by superimposing the scattering

Table 1: Half-space and tunnel parameters.

Domain Shear modulus Poisson’s ratio Density Longitudinal wave speed Transverse wave speed Virtual source surface
Half-
space D1 μ1 ]1 ρ1 cα1 cβ1 S1

Tunnel D2 μ2 ]2 ρ2 cα2 cβ2 S2 and S3
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field and the free field, and then the displacement and stress
of the half-space and any point in the lining can be
calculated.

4. Numerical Example and Validation

In this section, the ratio of the buried depth of the tunnel to
the inner radius of the lining is d/a1 � 1.0; the ratio of the
inner and outer radii of the lining is a1/a2 � 0.9. Poisson’s
ratios v of the half-space and the lining material are both
0.25.-ematerial’s hysteretic damping ratio is 0.001, and the
density ratio of the half-space and lining material is
ρ1/ρ2 � 0.8. -e ratio of the shear wave speed in the half-
space and the lining is cβ1/cβ2 � 0.2. We define η as the
dimensionless incident frequency η � 2a1/λ1 � ωa1/πcβ1. η
represents the ratio of the inner diameter of the tunnel to the
half-space shear wavelength.

We define the dimensionless dynamic stress concen-
tration factor (DSCF) as DSCF � |σθθ/σ0| � |σθθ/μk2

β1|.
DSCF represents the absolute value of the ratio of the cir-
cumferential stress σθθ of the lining hole to the amplitude σ0
of the incident wave stress in the half-space; k∗ is the di-
mensionless stiffness factor of the viscous-slip interface, and
k∗ � kna1/μ1 � kta1/μ1; and δ

∗ is the dimensionless viscosity
factor of the viscous-slip interface, and δ∗ � δt/a1 � δn/a1. In
this paper, the dimensionless stiffness factor k∗ is 1, 5, 10,
and 20, respectively. -e dimensionless viscosity factor δ∗ is
0. We found that the interface is essentially in a no-slip state
when k∗ exceeds 20, so when the stiffness factor exceeds 20,
we specify the interface is the no-slip state.

In order to verify the correctness of the IBIEM method,
we first let k∗ be 100 and δ∗ be 0, which is equivalent to the
state of consolidation without slip, and then compare it with
the state of no slip in [20]. To more fully prove the accuracy,
we choose the spectrum analysis of the different locations of
the lining and compare them with [20]. -e calculation
positions are at θ� 90° (the top of the lining), 45°, 0°, −45°,
and −90° (the bottom of the lining), respectively, as shown in
Figure 2.-e DSCF of θ� 90° (the top of the lining) and −90°
(the bottom of the lining) is 0, so it is not shown in Figure 2.
As shown in Figure 2, the results calculated by the IBIEM
method are quite consistent with the results in [20]. -is
proves the correctness of our calculation method.

5. Numerical Analysis

5.1. DSCF of Inner and Outer Lining Wall Surfaces under
Single-Frequency Incident Wave

5.1.1. Influence of Stiffness Factor k∗. Figures 3–6 show the
distribution of DSCF in the inner and outer wall of a rigid
lining under an incident SV wave. Among them, the di-
mensionless incident frequency η is 0.25, 0.5, 1, and 2, re-
spectively. -e incidence angle θα is 0° and 30°, respectively;

As shown in Figures 3–6, under an incident plane SV
wave, the DSCF distribution curves of inner and outer wall
surfaces of the lining are similar. -e inner wall stress
amplitude is considerably larger than that of the outer wall.
When the SV wave is incident at low frequency (η� 0.25,

0.5), the DSCF of the inner lining wall surface increases as
the stiffness factor k∗ increases while the DSCF of the outer
wall decreases as k∗ increases. When η � 0.5 and θα � 0°, k∗

is either 1, 5, 10, or 20; the DSCF of the outer wall surface is,
respectively, 23.79, 23.04, 21.45, and 19.91.

When the SV wave is obliquely incident, the increase and
decrease amplitudes of the DSCF of the inner and outer wall
surfaces is smaller than the normal incidence. When
η � 0.25, θα � 0°, and k∗ � 1, the DSCF of the inner wall
surface is 51.71. It is 58.39 when k∗ � 20 marking an increase
in amplitude of 13%. When k∗ � 1, the DSCF of the outer
wall surface is 37.21, corresponding to 16.26 when k∗ � 20,
and the amplitude of increase is 56%. When η � 0.25,
θα � 30°, and k∗ � 1, the DSCF of the inner wall surface is
46.74 and it corresponds to 50.34 when k∗ � 20, and the
increase in amplitude is 8%. When k∗ � 1, the DSCF of the
outer wall surface is 28.64, corresponding to 20.15 when
k∗ � 20 at a decrease in amplitude of 30%.

When SV wave is incident with frequency η � 1, the
DSCF of the inner and outer wall of the lining decreases with
the increase of k∗, and the dynamic stress concentration on
the inner and outer wall surfaces is very significant when
k∗ � 1. If the SV wave is obliquely incident, the DSCF of the
inner wall surface is to 69.60 when k∗ � 1, which is 2.1 times
as much as the peak 32.93 under k∗ � 20. -e peak DSCF of
the outer wall surface is 60.36, which is 2.8 times as much as
the corresponding peak value 21.92 under k∗ � 20. -e SV
wave is inclined at an angle of 30°; the peak DSCF on the
inner wall of the lining is 67.78 when k∗ � 1, which is 2.3
times as much as the peak 29.62 under k∗ � 20. Section 3.2
discusses this phenomenon in detail.

When the SV wave is incident at high frequency (η � 2),
the DSCF curve on the inner and outer wall surfaces of the
lining oscillates very sharply along the circumference of the
hole. -ere is no obvious relationship between the vibration
regularity and k∗. When the SV wave is inclined at an
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Figure 2: DSCF spectrum distribution on the inner lining wall
surface.
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incidence of 30°s and k∗ � 1, the DSCF of the inner and
outer wall surfaces is minimal: the peak value of the inner
wall falls to 12.64.When k∗ � 20, the peak values of the hoop
stress of the inner and outer wall surfaces are 27.50 and
23.26, respectively.

5.1.2. Influence of Viscosity Factor δ∗. Figure 7 shows the
distribution of DSCF of the outer lining wall surface under
an incident SV wave. -e dimensionless incident frequency
η is 0.25, 0.5, and 1, respectively; the incident angle θα is 0°
and 30°, respectively. -e dimensionless stiffness factor
k∗ � 5, and the viscosity factor δ∗ is 1, 10, or 100.

As shown in Figure 7, the DSCF of the outer wall of the
lining decreases gradually as interfacial viscosity factor δ∗
increases. However, the influence of the viscosity factor δ∗
on the circumferential stress distribution of the lining
gradually weakens as incident wave frequency increases. For
example, when the SV wave is of low frequency (η � 0.25) at

normal incidence, the DSCF of the outer wall is 27.32 when
δ∗ � 1, that is, 2.3 times the corresponding value of 11.90
when δ∗ � 10 and 2.6 times the corresponding value of 10.43
when δ∗ � 100. -e SV wave is under η � 1 at normal in-
cidence. -e DSCF of the outer wall is 25.56 when δ∗ � 1,
1.35 times the corresponding value of 18.93 when δ∗ � 10,
and 1.39 times the corresponding value of 18.43 when
δ∗ � 100.

Compared to the normal incidence, the influence of the
viscosity factor on the amplitude distribution of the cir-
cumferential stress of the lining weakens at oblique in-
cidence. When the SV wave is incident at an angle of 30°, the
spatial distribution of the circumferential stress of the lining
is relatively gentle along the circumference of the hole. In the
low-frequency region (η � 0.25), when δ∗ � 1, the DSCF of
the outer wall is 23.99, which is equal to 1.3 times the value of
18.23 when δ∗ � 100. When η � 1 and δ∗ � 1, the DSCF of
the outer wall of the lining is 27.12, which is 1.1 times the
corresponding value of 23.60 when δ∗ � 100.
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Figure 3: DSCF distribution on lining the inner wall under the incident SV wave (θα � 0°): (a) η � 0.25; (b) η � 0.5; (c) η � 1; (d) η � 2.
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5.2. Lining Internal DSCF Spectrum Analysis. Figures 8
and 9 show the influence of the dimensionless stiffness
factor k∗ on the DSCF at different positions of the inner and
outer walls of the tunnel lining when the SV wave is per-
pendicularly incident in the spectrum state, and the viscosity
factor δ∗ is 0. Calculation positions were same as in Section
3, and the DSCF of θ � 90° (the top of the lining) and −90°
(the bottom of the lining) is not shown in Figures 8 and 9.
Similar to our observations in the model without slipping,
the stress of the lining is sensitive to changes in frequency.
-e spectrum curve also has obvious peaks and troughs. -e
peak frequency here corresponds to the natural frequency in
the soil column above the lining [33].

As shown in Figure 8, under an SV wave with normal
incidence, the interface slip stiffness factor k∗ significantly
affects the internal stress spectrum of the lining. When
k∗ � 1, the stress amplification effect in the resonance re-
action section is particularly obvious. At the first-order

resonance frequency (η � 0.16), the stress peak at θ � 45°
reaches 70.0; and at the η � 0.96 resonance frequency, the
stress at θ � 0° has a peak of 77.2. -e stress peak in the
resonance band gradually decreases as the stiffness factor k∗

gradually increases. For example, when k∗ � 20 (near the
no-slip state), the stress peaks at the first two resonance
frequencies at θ � 45° are approximately 63.4 and 34.0.
When the stiffness factor is small, the restraining effect of the
lining on the upper soil column weakens and the response
amplitude of the lining-upper soil column system in the
resonant state is rather large, causing an increase in the
corresponding stress amplitude.

-e resonance frequency point also is offset to a certain
extent as the sliding stiffness factor increases. When k∗ is 1,
5, and 10, the first-order resonance frequency is 0.16, 0.18,
and 0.20, respectively. -is is due to the fact that the overall
stiffness of the soil column above the lining increases as slip
stiffness factor increases, and the stress spectrums of k∗ � 10
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Figure 4: DSCF distribution on lining the outer wall under the incident SV wave (θα � 0°): (a) η � 0.25; (b) η � 0.5; (c) η � 1; (d) η � 2.
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and k∗ � 20 are similar. According to the spatial distribu-
tion, the stress spectrum curves at several typical observation
points markedly differ. If the stress peak at θ � 45° occurs at
the first-order natural frequency, the stress peak at θ � 0°
occurs at the second-order natural frequency.

As shown in Figure 9, the frequency variation rule of the
DSCF spectrum curve of the outer wall is similar to that of
the inner wall, but the outer wall DSCF spectrum is generally
smaller than the inner wall. When k∗ is 1, 5, 10, and 20, the
peaks of the inner wall DSCF reach 77.24, 65.65, 64.05, and
63.44 while the peaks of the outer wall DSCF are 64.14, 29.14,
24.87, and 22.33, respectively.

Figure 10 shows the DSCF spectrum of the outer wall
surface of the lining based on the influence of the in-
terfacial viscosity factor δ∗, where the peak of the DSCF
spectrum of the outer wall decreases as the viscosity factor
δ∗ increases. When δ∗ is 1, 10, and 100, the DSCF peaks are
30.43, 21.10, and 20.57, respectively. Increase in the vis-
cosity factor δ∗ causes greater energy loss during the

sliding process, which in turn causes the DSCF of the
lining surface to attenuate.

5.3. Displacement Amplitude of Ground Surface. Figures 11
and 12 show the surface displacement amplitude distribu-
tion above the tunnel lining as-affected by interface slip
stiffness factor k∗ under an incident SV wave. -e surface
displacement amplitude in the figure was standardized
according to the displacement amplitude of the incident
wave. -e dimensionless incident frequency η is 0.25 and
0.5; the incident angle θα is 0° and 30°, and the dimensionless
slip stiffness factor k∗ is 1, 2, 10, and 20. -e interface
viscosity factor δ∗ is 0.

Figures 11 and 12 show that when the SV wave has low
frequency (η � 0.25) at normal incidence, the spatial dis-
tribution of surface displacement is basically consistent
under different slip stiffness. -e variations in the stiffness
factor k∗ have a considerable influence on the horizontal and
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Figure 5: DSCF distribution on lining the inner wall under the incident SV wave (θα � 30°): (a) η � 0.25; (b) η � 0.5; (c) η � 1; (d) η � 2.
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vertical displacement amplitudes of the ground surface near
the lining.-e standard amplitude |Ux/Asv| of the horizontal
displacement above the tunnel lining increases, while the
standard amplitude |Uy/Asv| as k∗ increases. -e surface
horizontal displacement amplitudes at k∗ � 1, 5, 10, and 20
were 2.04, 2.23, 2.29, and 2.32, respectively, while the vertical
displacement amplitudes were 1.71, 1.41, 1.27, and 1.16,
respectively.

When the SV wave is incident at an angle of 30° and at a
low frequency (η � 0.25), any change in slip stiffness factor
k∗ has little effect on the horizontal displacement above the
tunnel lining surface but does influence the spatial distri-
bution and amplitude of the vertical displacement. -e
influence of k∗ gradually increases as the incident frequency
of the SV wave increases (η � 0.5) while the spatial distri-
bution and amplitude of the lining’s surface displacement
also markedly change. -e 30° oblique incidence has more
significant effects than the normal incidence. Take the
vertical incidence of the SV wave (Figure 12(a)) as an

example: at the position of the lining directly above the
surface (i.e., x � 0), the horizontal displacement amplitude
of the surface decreases as k∗ increases.-e amplitude is 1.47
when k∗ � 1, and the corresponding values for k∗ � 5, 10, and
20 are 1.16, 1.05, and 0.98, respectively. Just above the two
sides, the horizontal displacement amplitude increases as k∗

increases.

6. Conclusion

-e boundary integral equation method was applied to solve
the seismic response of a tunnel lining in an elastic half-
space under incident plane SV waves based on a viscous-slip
interface model. -e effects of key factors such as incident
wave frequency and angle, interface slip stiffness, and in-
terfacial viscosity coefficient on the dynamic stress response
of the tunnel lining in elastic half-space and the surface
displacement near the tunnel lining were analyzed. Main
conclusions can be summarized as follows:
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Figure 6: DSCF distribution on lining the outer wall under the incident SV wave (θα � 30°): (a) η � 0.25; (b) η � 0.5; (c) η � 1; (d) η � 2.
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Figure 7: DSCF distribution on outer lining wall surfaces under incident SV waves: (a)η � 0.25, θα � 0°; (b) η � 0.25, θα � 30°; (c) η � 0.5,
θα � 0°; (d) η � 0.5, θα � 30°; (e) η � 1, θα � 0°; (f ) η � 1, θα � 30°.
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Figure 8: DSCF spectrum distribution on the inner lining wall surface under the vertically incident SV wave: (a) θ � 45°; (b) θ � 0°;
(c) θ � −45°.
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Figure 9: DSCF spectrum distribution on the outer lining wall surface under the vertically incident SV wave: (a) θ � 45°; (b) θ � 0°;
(c) θ � −45°.
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Figure 10: DSCF spectrum distribution on the outer lining wall surface under the vertically incident SV wave (δ∗ � 0, 1, 10, and 100):
(a) θ � 45°; (b) θ � 0°; (c) θ � −45°.
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(1) -e interface slip stiffness factor significantly affects
the dynamic stress distribution of the tunnel lining;
the response characteristics are controlled by the
incident wave frequency. When the slip stiffness is
small, the internal stress of the lining changes very
radically along the space around the hole, and the
spatial distribution of the dynamic stress is highly
complex. When the slip stiffness is large (k∗ ≥ 20),
the dynamic response is close to that of the nonslip
model.
Under an incident low-frequency wave, increase in
interface slip stiffness causes a gradual increase in the

circumferential stress of the inner wall. -e dynamic
stress concentration is more significant in the no-slip
state than the slip state. When the SV wave is in-
cident with η � 1 (close to the high-frequency res-
onant frequency band), the dynamic stress
concentration effect inside the lining is very signif-
icant when the interface slip stiffness coefficient is
small (k∗ � 1). Under high-frequency wave in-
cidence (η � 2), the influence of slip stiffness co-
efficient on the dynamic stress of the lining is more
complex and spatial oscillation of the dynamic stress
is more severe.
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Figure 11: Surface displacement amplitudes near tunnel lining under the incident SV wave (η � 0.25): (a) surface horizontal displacement
amplitude; (b) surface vertical displacement amplitude; (c) surface horizontal displacement amplitude; (d) surface vertical displacement
amplitude.
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(2) -e viscosity factor of the viscous-slip interface also
has a significant influence on the dynamic stress
distribution of the tunnel lining. As the viscosity
factor increases, the DSCF of the lining outer wall
decreases gradually; however, this effect gradually
weakens as the incident wave frequency increases.
-e influence of the viscosity coefficient under a
normally incident plane SV wave is greater than that
under a wave with oblique incidence.

(3) -e interface slip stiffness factor has a significant
effect on the DSCF spectrum characteristics of the
tunnel lining surface. When the slip stiffness is small

(k∗ � 1), the dynamic stress amplification effect in
the high-frequency resonance reaction section is
more obvious. -e stress peak in the resonance band
gradually decreases as the slip stiffness increases. -e
resonance frequency point is also offset to a certain
extent as slip stiffness increases.

(4) When the SV wave is incident at a low frequency, the
spatial distribution of surface displacements above
the lining under different slip stiffness is essentially
constant, but the displacement amplitudes are quite
different. Any increase in SV wave incident fre-
quency and incidence angle has a significant effect on
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Figure 12: Surface displacement amplitude near tunnel lining under the incident SV wave (η � 0.5): (a) surface horizontal displacement
amplitude; (b) surface vertical displacement amplitude; (c) surface horizontal displacement amplitude; (d) surface vertical displacement
amplitude.
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both the spatial distribution of surface displacement
near the lining and the amplitude of said surface
displacement.

In this study, we analyzed only the 2D seismic response
of a shallow lined tunnel based on the viscous-slip interface
model of a uniform space in half-space. Similar seismic
response analyses of uneven sites and 3D tunnels merit
further research.
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In order to study the diffusion law of grouting slurry in sand areas, the grouting of cement slurry in sand was analyzed by the
indoor grouting test under different water-cement ratios, grouting pressures, grouting amounts, and soil qualities, and the law of
the post-grouting slurry is obtained.(e results show that the grouting method is affected by the grouting pressure, water-cement
ratio, grouting amount, and soil quality. Under the same grouting pressure, the diffusion modes of different water-cement ratio
grouts in sands with different permeability coefficients, which are mainly manifested as osmotic diffusion, are basically the same;
under the same water-cement ratio, when the grouting pressure is relatively small, the diffusion of modes of slurry is mainly
osmotic in sand. (e diffusion radius of cement slurry in sand has a good power function relationship with grouting pressure,
water-cement ratio, permeability coefficient, and grouting amount. And, the empirical function model of slurry diffusion radius is
proposed by regression analysis. (e research results provide a certain theoretical and experimental reference for post-grouting in
sandy areas.

1. Introduction

Geotechnical engineering reinforcement plays an impor-
tant role in its stability and safety, especially for fractured
rock mass and soft soil layer [1–7]. While drilling and
punching piles for mud-retaining walls in sand areas, there
are problems such as muddy ground, stress relaxation,
sediment, and disturbance of bearing end resistance so that
the pile-end resistance and pile side friction resistance are
significantly reduced [8–12]. In order to eliminate the
hidden dangers such as pile-bottom sediment and pile mud
film, the foundation treatment grouting technology was
quoted into the foundation pile and the grouting con-
struction technology of the bored pile was formed. (e
grouting technology was also widely used in geotechnical
engineering [13–18]. (e technology adopts pressure
grouting measures by adopting pile end (hole bottom) and
pile side (hole wall) and uses the slurry to compact, split,
infiltrate, fill, and solidify the pile-end bearing layer and
sediment and the pile surrounding mud. (e knot and

other functions are used to increase the strength of the soil
around the pile, thereby increasing the ultimate bearing
capacity of the pile. At the same time, the grouting pa-
rameters are determined based on engineering experience.
Many scholars have studied the diffusion mechanism of
slurry by theoretical analysis, model test, and on-site
monitoring [19–23]. Kusakabe et al. [24] carried out an
indoor test of the post-grouting of the prefabricated piles
with the bearing layer being sandy soil. It is considered that
the failure form of the precast piles after grouting at the pile
end is the puncture failure of the column and the splitting
of the grouting body. Mullins et al. [25] furthered the study
of the bearing mechanism of grouting after pile foundation
in nonclay. Kleinlugtenbelt et al. [26] and other scholars
[27–31] conducted a grouting model test of loose sand and
soil layers. Gothäll and Stille [32, 33] led a study of ex-
pansion effect of cracks during grouting and also analyzed
the interaction between cracks. Mohamed [28] studied the
mechanism and regularity of slurry diffusion and filling
under different experimental conditions. Nikbakhtan et al.
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[34] studied the anisotropy of the slurry diffusion law under
hydrodynamic conditions and promoted the development
of grouting theory. Zhang et al. [35] studied the diffusion
law of cement slurry in clay. Qian et al. [36] discussed the
possibility of multiple grouting, revealing the relationship
between the diffusion and filling of the slurry in the pores,
the number of grouting, and the permeability coefficient
and porosity of the rock mass. Besides, the grouting
technology was also widely used to strengthening fractured
rock mass, improving soil properties, etc. [2, 3, 37, 38].
However, there are few studies on the diffusion properties
and mechanism of the slurry in the sand area. Reasonable
grouting parameters are used to avoid the waste of engi-
neering investment and the conditions for ensuring the
quality of the project. (erefore, good grasp of diffusion
mechanism of the slurry in the sand area is the premise to
determine the parameters of the grouting process.

In order to solve the problems and deficiencies in the
above research, this paper will analyze the mechanism of
post-grouting slurry diffusion in the sand soil area and study
the diffusion law of slurry under different factors through the
laboratory test so as to provide theoretical and experimental
reference.

2. Experimental Design of Post-Grouting Slurry
Diffusion Law

(e sand grouting chamber test with three different per-
meability coefficients was designed in the experiment. (e
physical properties of the sand and cement used are shown in
Tables 1 and 2. (e permeability coefficients of the three
different sands are 0.11 cm/s, 0.13 cm/s, and 0.93 cm/s. (e
designed grouting pressure is 0.2MPa, 0.3MPa, 0.4MPa, and
0.5MPa, and the water-cement ratio is 0.4, 0.5, 0.6, 0.8, and
1.0. Each group of sand permeation coefficient was tested in
25 groups to study the effects of grouting technical parameters
on slurry diffusion in sand such as different permeability
coefficient, slurry water-cement ratio, grouting pressure, and
grouting amount.(e indoor simulated pressure grouting test
device is shown in Figures 1 and 2. (e device comprises an
air compressor, a pressure regulating valve, a pressure vessel, a
measuring instrument, a test frame, and a test die. (e air
compressor is suitable for a pressure less than 0.8MPa and a
displacement of 120 L/min; the test mold was made of
seamless steel tubes with an inner diameter of 150mm and
wall thickness of 10mm, and the mold height was 300mm.
During the test, the air compressor outputs high-pressure gas
and the pressure regulating valve controls the pressure of
high-pressure gas at a certain value. (en, the high-pressure
gas was input into the pressure vessel. Under the action of
grouting pressure, the slurry flows through the grouting pipe
and is injected into the test mold.

3. Analysis of Test Results of Post-Grouting
Slurry Diffusion Law

3.1.CharacteristicsofGroutedConcretion inSand. Figures 3–5
show the morphology of grouted concretion of different

sand samples, with the grouting pressure of P � 0.2MPa and
water-cement ratio (W/C) of 0.5, 0.6, 0.8, and 1.0.

It can be seen from Figures 3–5 that the slurry is mainly
infiltrated and diffused in the sand by spherical or elliptical
spherical diffusion; the samples with the permeability co-
efficient k1 � 0.11 cm/s and k2 � 0.13 cm/s are in the same note.
Under the same grouting condition, the morphology of
nodules is basically similar. When the grouting pressure is
relatively small, the cement slurry is mainly osmotic diffused.
(rough osmotic diffusion, cement slurry fills the pores
between sand particles and solidifies sand particles, which
improves the strength and bearing capacity of sand soil.

(e analysis shows that when the slurry is relatively
thick, that is, the water-cement ratio is relatively small, the
cement slurry coexists in the soil by permeation diffusion
and compaction diffusion. (e cement slurry first penetrates
and diffuses into the far sand and fills the sand pores. As a
good filter material, under the action of high and stable
grouting pressure, the free water in the cement slurry is
forced to filter through the sand body so that the concen-
tration of the cement slurry in the sand pores increases and a
circle of high strength and density cement sand stone body is
formed near the mouth of the grouting pipe. Subsequently,
since the grouting pressure does not increase any longer and
is less than the creping pressure, the following slurry cement
particles cannot pass through the soil so as to squeeze the
surrounding soil to form a spherical bubble phenomenon in
the center of the sample. When the water cement-ratio is
relatively large, the cement slurry mainly diffuses in an
infiltration manner, and at the same time, the pressure
filtration effect is accompanied by the entire grouting
process.

3.2. Influence of Water-Cement Ratio on Slurry Diffusion.
When the permeability coefficients are k1� 0.11 cm/s,
k2� 0.13 cm/s, and k3� 0.93 cm/s, the grouting pressures are
P � 0.2MPa, 0.3MPa, 0.4MPa, and 0.5MPa, respectively. (e
relationship between the slurry diffusion diameter and the
slurry water-cement ratio is shown in Figures 6–9.

It can be seen from Figures 6–9 that when the grouting
pressure is constant, the diffusion diameter of the cement
slurry in the sand increases with the increase of the water-
cement ratio of the slurry. For the sand sample with the
permeability coefficient k1 � 0.11 cm/s and k2 � 0.13 cm/s,
when the grouting pressure is P � 0.2MPa, the relation-
ship between the slurry diffusion diameter and the water-
cement ratio and the morphology of the grouted concretion
are similar. When the grouting pressure is greater than
0.2MPa and the slurry water-cement ratio is 0.5 :1 to 1 :1.0,
the diffusion diameter increase range of the slurry is slowed
down. When the grouting pressure is 0.4MPa and 0.5MPa
and the water-cement ratio is 0.8, the slurry diffusion di-
ameter reaches the maximum value of the inner diameter of
the test mold and the diffusion diameter reaches 150mm. In
addition, when the permeability coefficient of the sand
sample is k1 � 0.11 cm/s, the water-cement ratio of the slurry
is 0.4, the grouting pressure is 0.2MPa, and the diffusion
diameter is 65 cm. When the grouting pressure of the sand
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sample is 0.3MPa, the diffusion diameter is 79mm, the
grouting pressure is 0.4MPa, and the slurry diffusion di-
ameter is 87mm.When the grouting pressure is 0.5MPa, the
slurry diffusion diameter is 112mm. It can be seen from the
above analysis that when the slurry is thicker, the diffusion
range of the slurry is smaller. (erefore, it is recommended
that the slurry water-cement ratio should not be less than 0.5
when grouting the sand soil.

3.3. Influence of Grouting Pressure on Slurry Diffusion.
When the sand samples with the permeability coefficients
k1 � 0.11 cm/s, k2 � 0.13 cm/s, and k3 � 0.93 cm/s are under
the condition that the water-cement ratio is 0.4, 0.5, 0.6, 0.8,
and 1.0, the slurry diffusion diameter and the injection
relationship between slurry pressure is shown in
Figures 10–12. (e morphology of the concretion with a
permeability coefficient of k2 � 0.13 cm/s in the slurry water-
cement ratio of 0.5 is shown in Figure 13. When the water-
cement ratio is in the range of 0.4∼0.6, the slurry diffusion is
greatly affected by the grouting pressure and the diffusion
diameter increases with the increase of the grouting pres-
sure; when the permeability coefficient is k1 � 0.11 cm/s, and
the slurry water-cement ratio is in the range of 0.4 and 0.5,
the slurry diffusion diameter of the sand increases linearly
with the grouting pressure.

For sands with a permeability coefficient of k2 � 0.13 cm/
s and k3 � 0.93 cm/s, when the water-cement ratio of the
slurry is in the range of 0.4 and 0.5 and the grouting pressure
is increased from 0.2MPa to 0.3MPa, the diffusion range of
the slurry increased rapidly. When the water-cement ratio is
0.4, and the slurry diffusion diameter is about 110mm, the
water-cement ratio is 0.5 and the slurry diffusion diameter is
about 130mm. When the grouting pressure continues to
increase to 0.5MPa, the slurry diffusion diameter increases
by about 10mm.

Table 1: Physical properties of sand.

Soil sample Natural density
ρ (g/cm3)

Natural moisture
content w (%) Proportion G1 Pore ratio e Porosity n (%)

Permeability
coefficient k (cm/s)

S1 1.95 21.98 2.69 0.68 40.31 0.11
S2 1.93 22.81 2.64 0.68 40.63 0.13
S3 1.96 20.72 2.79 0.72 41.95 0.93

Table 2: Physical properties of cement.

Loss on ignition (%) Fineness (%) Initial setting
(time/min)

Final setting
(time/min) Stability Flexural strength

(MPa)
Compressive strength

(MPa)
≤2.5 1.2 120 240 Qualified ≥7.5 ≥48.0

Air
compressor

Pressure
valve

Electronic
scale

Serous fluid

Sample

Steel
support Discharge

port

Figure 1: Schematic diagram of the test device.

Figure 2: Test device real map.
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When the grouting pressure is 0.3MPa and 0.4MPa, and
the slurry water-cement ratio is 0.5, the cement slurry has a
dense cement slurry at the grouting nozzle. (e test phe-
nomenon shows that when slurry water-cement ratio is
relatively small, the diffusion mode of slurry gradually
changes from osmotic grouting to compaction grouting with
the increase of grouting pressure. (e concentration of
slurry near the nozzle of the grouting tube is much larger
than the concentration of slurry outside the concretion. And,
there is osmotic effect, that is, the smaller the slurry water-
cement ratio is, the more obvious the seepage effect of the
sand medium shows.

When the slurry water-cement ratio is 0.8 and 1.0, the
slurry penetrates and diffuses to the entire test mold di-
ameter at a low grouting pressure of 0.2MPa. From the test
results and the morphology of each concretion, when the
slurry water-cement ratio is relatively small, that is, the
slurry is relatively thick, the diffusion mode of the slurry is
related to the size of the grouting pressure; when the slurry
water-cement ratio is relatively large, that is, the slurry is

relatively thin, the diffusion diameter of slurry increases with
the increase of grouting pressure.

3.4. Influence of Grouting Amount on Slurry
Diffusion. Figures 14–22 are diagrams showing the corre-
spondence relationship between the grouting amount of
each test piece and the slurry diffusion diameter. Under the
same grouting pressure and with the same soil sample, the
diffusion diameter of the slurry generally increases with the
increase of the water-cement ratio of the slurry. When the
water-cement ratio increases to 0.8, the slurry diffusion
diameter reaches 150mm; the corresponding grouting
volume generally increases with the increase of water-
cement ratio. When the water-cement ratio is 1.0, the
grouting diffusion diameter reaches the required grouting
amount of 150mm, but the grouting volume of slurry with a
diffusion diameter up to 150mm is smaller than that of
water-cement ratio of 0.8. When the water-cement ratio is
0.8, the same soil sample with the same grouting pressure,

74.50mm

(a)

121.92mm

(b)

134.92mm

(c)

150.00mm

(d)

Figure 3: Shape of concretion of sample after different water-cement ratios of soil sample. (a) W/C� 0.5. (b) W/C� 0.6. (c) W/C� 0.8. (d)
W/C� 1.0.

85.66mm

(a)

133.22mm

(b)

150.0mm

(c)

150.00mm

(d)

Figure 4: Shape of concretion of sample after grouting with different water-cement ratios of soil sample S2. (a)W/C� 0.5. (b)W/C� 0.6. (c)
W/C� 0.8. (d) W/C� 1.0.

97.55mm

(a)

115.08mm

(b)

150.0mm

(c)

150.00mm

(d)

Figure 5: Shape of concretion after sample grouting with different water-cement ratios of soil sample S3. (a) W/C� 0.5. (b) W/C� 0.6. (c)
W/C� 0.8. (d) W/C� 1.0.
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the slurry diffuses to the entire test mold diameter, and the
required grouting amount is the largest. When the two kinds
of sand bodies have permeability coefficient k1� 0.11 cm/s
and k2� 0.13 cm/s, under the same grouting pressure and
with the same water-cement ratio, the grouting amount is
basically close.

4. Post-Grouting Slurry Diffusion Radius
Function Model

4.1. Factors Affecting Slurry Diffusion

4.1.1. Influence of Soil Properties on Post-Grouting. In the
bored pile, the injectability, permeability, and compactness
of the soil layer at the pile end and the pile side are the main

factors affecting the grouting effect at the pile end and the
pile side. (e diffusion of slurry in the soil layer is an im-
portant factor affecting the grouting effect, and the im-
portant factor affecting the diffusion of the slurry is the
injectability of the soil. (e injectability of the soil is affected
by the structural characteristics of the soil, the particle size of
the slurry, and the rheological properties of the slurry.
Among the factors, soil particle gradation and slurry particle
size are the two main factors affecting injectability.

According to the existing engineering experience, the
cement slurry water-cement ratio used for post-grouting of
bored piles is generally 0.4–0.9, most of which are
suspended-type slurry. When the effective diameter of pores
between soil particles is smaller than the diameter of cement
particles, the slurry cannot be injected into the soil. When
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Figure 6: Characteristics of slurry diffusion (P � 0.2MPa).
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Figure 7: Characteristics of slurry diffusion (P � 0.3MPa).
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Figure 8: Characteristics of slurry diffusion (P � 0.4MPa).
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Figure 9: Characteristics of slurry diffusion (P � 0.5MPa).
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the effective diameter between the soil particles is larger than
the cement particles, but if the effective diameter of the soil is
not large enough, the slurry flows slowly in the pores of the
soil and the diffusion range of the slurry will be small and it
may not be injected into the soil so that the pregrouting
effect is not achieved. (erefore, the slurry can flow
smoothly into the soil only in a sufficiently large soil pore.

If the post-grouting soil is coarse-grained soil, the soil
layer has high porosity.(e slurry carries out infiltration and
consolidation and compaction on the pile-end and pile side
soil layers.(e strength and deformation modulus of the soil
around the pile end are increased to generate the enlarged
head of the grouted stone body so that the area and ultimate
bearing capacity of the pile end are increased, and the area

around the pile is enlarged to widen the pile diameter,
thereby improving the pile side friction.

If the post-grouting soil layer is fine-grained soil, the soil
layer has poor soil injectivity. (e slurry is compacted and

D
ia

m
et

er
 o

f m
or

ta
r d

iff
us

io
n 

(m
m

)

0.1 0.2 0.3 0.4 0.5 0.6
0

20

40

60

80

100

120

140

160

0.5
0.8

Water-cement ratio
0.4
0.6
1.0

Grouting pressure, P (MPa)

Permeability coefficient k = 0.11cm/s

Figure 10: Characteristics of slurry diffusion (k1 � 0.11 cm/s).
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Figure 11: Characteristics of slurry diffusion (k2 � 0.13 cm/s).
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Figure 12: Characteristics of slurry diffusion (k3 � 0.93 cm/s).

Figure 13: Concretion morphology.
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Figure 14: Characteristics of slurry diffusion (P � 0.2MPa,
k1 � 0.11 cm/s).
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Figure 15: Characteristics of slurry diffusion (P � 0.3MPa,
k1 � 0.11 cm/s).
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Figure 16: Characteristics of slurry diffusion (P � 0.4MPa,
k1 � 0.11 cm/s).
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Figure 17: Characteristics of slurry diffusion (P � 0.2MPa,
k2 � 0.13 cm/s).

Grouting quantity
Diameter of mortar diffusion

0.4 0.5 0.6 0.7 0.8 0.9 1.0 1.1
300
350
400
450
500
550
600
650
700
750
800

60
70
80
90
100
110
120
130
140
150
160

 Water-cement ratio, W/C 

G
ro

ut
in

g 
qu

an
tit

y,
 Q

 (m
l)

D
ia

m
et

er
 o

f m
or

ta
r d

iff
us

io
n 

(m
m

)

Figure 18: Characteristics of slurry diffusion (P � 0.3MPa,
k2 � 0.13 cm/s).
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Figure 19: Characteristics of slurry diffusion (P � 0.34MPa,
k2 � 0.13 cm/s).
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Figure 20: Characteristics of slurry diffusion (P � 0.2MPa,
k3 � 0.93 cm/s).
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filled with the pile-end and the pile side soil layers. (e soil
formed by the composite grouting of the grouted stone body
is formed at the pile end, the load can be transmitted through
the reticular stone body, and even the load can act on the
reticular stone body so that the ultimate bearing capacity of
the single pile is greatly increased.(emechanical properties
of the soil on the pile side are improved, and the frictional
resistance on the side of the pile is increased.

Whether post-grouting is at the pile end or on the pile
side, the bearing capacity of the foundation pile increases by
the coarse-grained soil layer rather than the fine-grained soil
layer. (erefore, the post-grouting of the bored pile in the
coarse-grained soil layer with good permeability and strong
injection can fully improve the bearing capacity of the
foundation pile.

4.1.2. Influence of Grouting Amount and Grouting Pressure
on Post-Grouting. When the conditions, such as the char-
acteristics of the post-grouting formation, grouting equip-
ment, pile size, grouting process, and grouting pressure, are

the same, the larger the grouting amount is, the larger the
diffusion radius of the slurry in the soil layer is, and the load-
bearing capacity has increased.

(emagnitude of the grouting pressure is closely related to
the diffusion area of the slurry in the soil layer. When the
grouting pressure is high, the fine cracks in the rock and soil
are cracked after being subjected to high pressure; therefore,
the injectivity of soil is improved. When there is a weak part in
the soil, the high-pressure slurry flows to a weak part. When
the grouting pressure reaches the starting pressure, the slurry
is split and grouted in the soil layer, and a network of stone
formation is formed in the soil layer to improve the soil in
density, strength, etc. At the same time, the high grouting
pressure can filter out the excess water in the slurry so that the
strength of the rockmass of the pile side and the pile side slurry
increases. Under the same conditions, when the grouting
pressure is large but does not exceed the starting pressure, the
diffusion radius of the slurry in the soil layer is large and the
permeability is strong; when the grouting pressure is small, the
diffusion radius of the slurry is small and the penetration is
small and poor. However, when the grouting pressure is
greater than the severity and strength of the overburden layer,
it will cause damage to the foundation and its superstructure.
(erefore, the post-grouting pressure is not as large as pos-
sible, and the grouting pressure should be reasonably de-
termined based on the basic principle of nondestroying the
stratum structure or only a small amount of local damage.

4.2. Function Model of Slurry Diffusion Radius. From the
above test results and the analysis of factors affecting post-
grouting, it is known that the diffusion radius of the slurry is
related to soil quality, grouting pressure, grouting amount,
water-cement ratio. and other factors. (e existing research
results show that [26–28], the slurry diffusion radius has a
power function relationship with the factors, such as the
grouting pressure P, the grouting amount Q, the water-
cement ratio W, and the permeability coefficient k. (e
diffusion radius of the cement slurry in sand is calculated
according to the following mathematical model:

y � ax
b
1x

c
2x

d
3x

e
4. (1)

According to the indoor test results of the sand-medium
diffusion mode, the diffusion radius and grouting amount of
the grouted tube bodies in the sand medium are shown in
Table 3.

(e regression analysis was carried out on the test results
in Table 3.(e diffusion radius function of the cement slurry
in the sand was

R � 1.9065k
0.0461

W
0.2333

P
0.1168

Q
0.2491

, (2)

where R is the diffusion radius (cm) of cement slurry, K is
the permeability coefficient of sandy soil (cm/s), W is the
cement slurry water-cement ratio, P is the grouting pressure
(MPa), and Q is the grouting volume (ml).

It can be seen from equation (2) that the most important
factor affecting cement grout diffusion in sand is the
grouting quantity, and at the same time, it is affected by the
grout parameters: grout water-cement ratio and grouting
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Figure 21: Characteristics of slurry diffusion (P � 0.3MPa,
k3 � 0.93 cm/s).
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Figure 22: Characteristics of slurry diffusion (P � 0.4MPa,
k3 � 0.93 cm/s).
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pressure. (e structural characteristics of sand such as
permeability coefficient and porosity have relatively little
influence on the slurry diffusion.

4.3. Validation. (e geology where a bridge is located is
sandy soil, with a sand particle content of 84.05%, silt
particle content of 15.95%, porosity of n � 41.15%, and
permeability coefficient of k� 0.67 cm/s. Cement slurry is

used for grouting. (e slurry diffusion radius calculated by
formula (2) and the field test value are shown in Table 4.
From Table 4, the comprehensive consideration of perme-
ability coefficient, grouting quantity, water-cement ratio,
and grouting pressure is taken. (e slurry diffusion radius
calculated by formula (2) is compared with the measured
value. (e maximum error is 13.18%, the minimum error is
7.94%, and calculated values and measured values are in
good agreement.

Table 3: Statistics of grouted concretion test data.

Data
number

Permeability coefficient k
(cm/s)

Porosity n

(%)
Grouting amount

Q (ml)
Water-cement
ratio W/C

Grouting pressure P

(MPa)
Diffusion radius R

(mm)
1 0.11 40.31 384.61 0.5 0.2 37.25
2 0.11 40.31 474.02 0.6 0.2 60.96
3 0.11 40.31 587.52 0.8 0.2 67.46
4 0.11 40.31 582.91 1 0.2 75.00
5 0.11 40.31 472.54 0.5 0.3 49.50
6 0.11 40.31 537.60 0.6 0.3 65.63
7 0.11 40.31 875.55 0.8 0.3 75.00
8 0.11 40.31 649.34 1 0.3 75.00
9 0.11 40.31 450.53 0.5 0.4 54.50
10 0.11 40.31 659.43 0.6 0.4 57.44
11 0.11 40.31 637.51 0.8 0.4 75.00
12 0.11 40.31 576.25 1 0.4 75.00
13 0.13 40.63 263.73 0.5 0.2 42.83
14 0.13 40.63 566.55 0.6 0.2 66.65
15 0.13 40.63 725.4 0.8 0.2 75.00
16 0.13 40.63 662.37 1 0.2 75.00
17 0.13 40.63 615.43 0.5 0.3 61.84
18 0.13 40.63 566.45 0.6 0.3 66.71
19 0.13 40.63 625.00 0.8 0.3 70.33
20 0.13 40.63 569.51 1 0.3 75.00
21 0.13 40.63 428.65 0.5 0.4 64.35
22 0.13 40.63 763.12 0.6 0.4 69.58
23 0.13 40.63 650.23 0.8 0.4 71.05
24 0.13 40.63 609.36 1 0.4 75.00
25 0.93 41.95 208.82 0.5 0.2 48.75
26 0.93 41.95 566.54 0.6 0.2 57.54
27 0.93 41.95 637.57 0.8 0.2 75.00
28 0.93 41.95 478.52 1 0.2 75.00
29 0.93 41.95 355.74 0.5 0.3 65.59
30 0.93 41.95 360.84 0.6 0.3 67.58
31 0.93 41.95 450.57 0.8 0.3 72.59
32 0.93 41.95 428.61 1 0.3 75.00
33 0.93 41.95 253.65 0.5 0.4 64.45
34 0.93 41.95 310.53 0.6 0.4 69.58
35 0.93 41.95 401.26 0.8 0.4 75.00
36 0.93 41.95 358.77 1 0.4 75.00

Table 4: Comparison between the calculated value and the measured value.

No. Permeability coefficient
k (cm/s)

Grouting quantity
Q (ml)

Water-cement
ratio W/C

Grouting pressure
P (MPa)

Diffusion radius R (mm)
Calculated

value
Measured
value

Error
(%)

1 0.67 1518 0.5 1.3 621 715 13.18
2 0.67 1856 0.6 1.2 785 857 8.45
3 0.67 2368 0.8 1.5 1099 979 12.24
4 0.67 2688 1.0 1.2 1280 1387 7.70
5 0.67 2849 0.8 1.6 1332 1234 7.94
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5. Conclusion

(1) (e post-grouting of sand is mainly based on per-
meable grouting, but the grouting mode is affected
by grouting pressure, water-cement ratio, grouting
amount, and soil quality. Under the same grouting
pressure, the diffusion mode of slurry with different
water-cement ratios in sand with different perme-
ability coefficients is basically the same, which is
mainly manifested as permeation and diffusion.

(2) Under the samewater-cement ratio and the relatively
small grouting pressure, the slurry is mainly infil-
trated and diffused in the sand. With the increase of
grouting pressure, when a certain pressure value is
reached, the slurry penetration and compaction
diffusion exist simultaneously.

(3) (e diffusion radius of cement slurry in sand has a
good power function relationship with grouting
pressure, water-cement ratio, permeability co-
efficient, and grouting amount. And, the empirical
function model of slurry diffusion radius is proposed
by regression analysis. It provides a certain guiding
basis for the practical application of the project.
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Surges induced by rock landslides that enter water at a high speed are extremely destructive. ,e initial surge height and spread
characteristic are important references used in disaster precaution and risk assessment. In this study, twenty groups of
orthogonal experiments of landslide-induced impulse wave were conducted, the details of the self-propulsion of ships were
designed, the values of the propeller, rudder, and shafting were calculated, and the model of the propeller and rudder was
processed. ,e validity of the model system was verified from a turning test, zig-zag maneuver test, and free attenuation test.
,e interactions between landslides and water and between landslide-induced wave and ships are analyzed by performing an
orthogonal model test and determining the difference among the initial wave heights of landslide surges caused by different
landslide volumes. ,e model test can compare and analyze the influences of different landslide volumes and navigation
positions on the nonlinear behavior of ships, thereby proposing control methods and measures for safe sailing in waters with
landslide-induced surges and providing a theoretical basis for disaster prevention and reduction in the channel of a reservoir
area or a hydraulic structure.

1. Introduction

,e height of waves can range from tens of meters to over
100m when the water rushing to the opposite bank or to
water-retaining structures is stirred up by large surges such
as a large landslide body from the reservoir bank rushing
into the reservoir at a high speed [1–3]. Simultaneously, the
shape and depth of a river channel in a reservoir area are
extremely complicated, and the time that a surge wave
reaches the shore varies. Some surge waves will rise,
whereas others will exhibit reflection and refraction,
thereby generating extremely complex fluctuations on the
water surface of the entire reservoir area [4, 5]. Landslide-
induced surges may cross the dam crest and may destroy
hydraulic buildings and threaten the safety of dams and
downstream properties. Rocky soil from landslides may

block rivers, particularly in severe cases [6]. ,erefore, the
effect of landslide-induced surge on ships should be taken
into account.

In recent years, extensive analytical investigations have
been performed to study the motions of extremely large
ships during tsunami, and an effective floating tsunami
protection wharf was established [7–9]. To investigate the
motions of a tsunami, Makino and Koba [10] proposed a
new method based on the big data of a vessel. ,e big data of
a ship refer to a collective data group that consists of the data
sent from the ship’s journey and the details of the ship’s
journey. A number of numerical simulations investigated
vessel motions and considered several feasible scenarios to
evaluate the progress of appropriate discrete-event
simulation-based ship evacuation processes [11, 12]. ,e
time-domain Rankine sourcemethod was developed to solve
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motion of ship advancing with steady forward speed in
waves [13, 14]. ,e authors reviewed the progress of ship
antiroll tanks and developed a quasi-linear theory for
“rectangular” antirolling tanks [15, 16]. ,e motion char-
acteristics of ships were studied with four degrees of free-
dom, and the near-field and far-field disturbances in Green’s
function by Faltinsen andMichelsen [17], Fein et al. [18] and
Scullen and Tuck [19]. Sen [20] evaluated the effects of
nonlinear terms on the calculation results of the motion
response of a ship. Bulian and Cercos-Pita addressed ship
dynamics in presence of sloshing, coupled with a 3D weakly
compressible smoothed-particle hydrodynamics [21]. Wu
and Hermundstad [22] used nonlinear time-domain equa-
tions to calculate ship motion response and wave load.
Aniel-Quiroga et al. studied the interaction between tsunami
waves and coastal structures as these are the first to receive
the tsunami’s energy [23]. ,e probability of invasion was
lowered for the Gulf of Alaska and Hawaii [24, 25]. Silva and
Soares [26] described a nonlinear strip theory model in the
time domain of ship motions with six degrees of freedom.
Neves and Rodŕıguez [27] introduced a third-order math-
ematical model to illustrate the intense parametric excitation
related to cyclic changes in the restoration features of a
vessel.

Recently, some experimental tests have been performed
to investigate the characteristics of landslide-induced
waves and ship motions. Ataie-Ashtiani and Nik-Khah
[28] analyzed the wave period, amplitude, and energy
caused by surges by conducting 120 sets of model tests.
Fritz et al. [1] considered the effects of different charac-
teristic parameters on surges through three-dimensional
physical tests and analyzed the flow field characteristics
caused by surges. de Carvalho and Antunes do Carmo [29]
investigated the influencing factors and pressure magni-
tude on a reservoir bank of landslide-induced surges by
conducting model tests. Some investigations have been
performed based on basic theory. Sayed and Hamed [30]
assessed the reaction of a two degree-of-freedom quadratic
coupling system with the effects of parametric and har-
monic excitations. Heller and Hager [5] analyzed the
waveform characteristics of the pulse waves generated by
landslide-induced surges based on nonlinear theory. A ship
model resistance test was conducted to study the motion of
the ship model in ice floes [31].

In the,ree Gorges Reservoir, the volume of 24 million
soil slid into the channel river, cut off the river, and caused a
landslide-induced wave that is more than 20m high that
capsized some ships, thus causing significant economic
losses. ,e interaction between a landslide-induced wave
and a ship is seldom studied. ,is paper investigates the
propagation law of landslide-induced surges in complex
curved river channels, strengthens the early warning and
prevention of geological disasters in reservoir areas, and
explores the nonlinear effects of landslide-induced surges
on the primary degree-of-freedom motion response of a
ship based on a series of landslide surge tests. ,e safe
navigation range of ships in the reservoir area is also
evaluated.

2. Model Test Design

2.1. River Channel Model. ,is study is based on the situ-
ation of a river wharf section in the ,ree Gorges Reservoir.
,e river channel model adopts a geometric scale of 1 : 70 to
simulate the river section, which is from the 36 km mileage
to the 330 km mileage of the channel river, and the length is
approximately 6 km. ,e model was constructed using a
section method, and the river bottom terrain was produced.
,e generalized model can analyze the dynamic changes of a
landslide body. ,e landslide body was built with a certain
ratio that adopted a number of stones with different spec-
ifications according to survey data. ,e friction coefficient is
reduced owing to the pressure reduction between stones and
particles when fine particles slide between the stones. Fig-
ure 1 shows the topographic drawing of the channel. In the
model test, the channel model was built according to the
actual scale ratio, as shown in Figure 2.

2.2. Ship Model. According to the survey data, owing to the
rapid development of the local economy, a container ship is
the primary ship type around the region of landslides. Last
year, the containerized freight volume was 1.152 million
tons, and the trend is gradually increasing. Such an external
environment imposes increasingly higher requirements on
the tonnage of ships and the navigation capacity of water-
ways. ,e ship type is a 3500T container ship in the model
test. ,e survey data are shown in Figure 3.

,e ship model was designed at a scale of 1 : 70 based on
geometric similarity, similar gravity, and similar motion.
,e ship model was self-navigating and made of wood
boards, wooden strips, and fiber-reinforced plastic (FRP).
,e longitudinal and transverse skeletons of the ship were
first produced following the design drawings of the ship.
Subsequently, the outer and inner plates of the ship were cut,
bent, and fixed by bonding. ,e ship was coated with glass
FRP to waterproof it. Finally, the completed ship model was
verified and painted. ,e data are shown in Table 1. ,ese
data include the primary dimensions of the container ship,
revolutions per second, torque and thrust values, rudder
dimensions, etc.

,emotive power of a sailing ship depends on themotor,
the motor was linked to the propeller by the shafting, ro-
tational speed of propeller count on the value of different
voltages. ,e primary parameters of the motor are shown in
Table 2.

,e design of the shafting was based on the design
specifications of the ship, and the diameter of the shafting is
not less than the calculated results, as follows:

d � 98K

�������������
Ne

ne

570
σb + 157

 
3



, (1)

where d indicates the diameter of the shafting, K indicates a
coefficient, K � 1.26, Ne indicates the power of the shafting,
ne indicates the speed of the shafting, and σb indicates the
tensile strength of the material.
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,e design of the propeller should not only satisfy the
requirements of installation, but should also satisfy the
requirements of design speed. According to the parameters
of the ship and the empirical formula, the specific param-
eters of the propeller are shown in Table 1, and the propeller
geometry is shown in Figure 3.

,e size of the rudder area will affect the maneuverability
of the ship. If the rudder area is maintained within a

reasonable range, the navigation resistance of the ship will
not increase, and the navigation stability of the ship will be
maintained. According to the empirical formula, the cal-
culation is as follows:

μ � 0.72∗ 0.55− 0.004∗
L

V
 ∗

Cb ∗B

L
,

AR � μLd(1 + 0.08).

(2)

According to the rules of shipbuilding, the total area of
the rudder is not less than that calculated using the following
formula:

AR �
TL

100
1 + 50C

2
b

B

L
 

2
 . (3)

,e specific parameters of the rudder are shown in
Table 1. ,e rudder geometry is shown in Figure 4. Figure 4
shows the photograph of the ship model, propeller geom-
etry, rudder geometry, and the details of the self-propulsion.

2.3. Arrangement of Channel and Measuring Points. In ac-
cordance with the second point of Article 10, Chapter 2 of
the Regulations on Navigation Safety of the Water Traffic
Control Area of the ,ree Gorges Water Control Project
(2016), a ship should rely on the channel on the starboard
side when navigating the ,ree Gorges Reservoir. During
the test, the ship model may exhibit a large amplitude sway
under landslide surges, which causes yaw, collision,
stranding, and other accidents. To ensure a successful test,
the final route was set to 0.5m from the right side of the
centerline of the channel and 3.5m from the shore.

Five experiments were performed for each group; the
first experiment was to determine the position of the initial

Table 1: Primary parameters of the ship.

Parameter Real ship Ship model
Length (m) 94.5 1.350
Beam (m) 15.1 0.216
Deep (m) 9.0 0.129
Draft (m) 5.6 0.08
Cb 0.7 0.7
Cp 0.69 0.69
Displacement (t/g) 3500 t 10150 g
Area of rudder (m2/cm2) 14.3 2.9
Rudder height (m/cm) 4.1 5.9
Aspect ratio 1.72 1.72
Number of blades Z 4 4
Propeller diameter (m/cm) 3.1 4.4
Screw pitch (m/cm) 2.6 3.7
Disk ratio 0.67 0.67

Figure 1: Topographic drawing of the channel.

Figure 2: Layout of channel model.
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Figure 3: Bar chart of container throughput.

Table 2: Primary parameters of motor.

Voltage Power Maximum
speed Maximum torque Reduction ratio

24V 750W 3000 r/min 4.6Nm 2.23 :1
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impulse wave and to affix the wave gauges. ,e second
experiment was to determine the position of the container
ship and to improve the accuracy of the measurement. ,e
others were to acquire the height of the initial wave and the
motion values of the ship about the roll and pitch; sub-
sequently, the average values of those data were calculated as
the experimental values of the results of the group.

In the model test, monitoring point no. 2 is the in-
tersection of the landslide track extension line and the
navigation line. Monitoring point no. 3 is the intersection of
the middle section of the curve and the navigation line.
Monitoring point no. 1 is located on a straight segment. ,e
distance from the first point to the second point is equal to
the distance between the second and third points, as shown
in Figure 5. ,e sliding blocks are according to the actual
situation of the landslide and are composed of different sizes,
as shown in Figure 6.

3. Test Conditions

,e design of the rocky landslide model adopts a single-
factor test for the plan. Considering that the horizontal
velocity component of landslide body is larger, the energy
exchange between the landslide and the water is sufficient.
An angle of 40° was selected for the landslide to enter the
water.,e water has three levels: 145, 155, and 175m, during
the operation of the,ree Gorges Reservoir. Combined with
the actual water level during operation and the depth of the
river, the river channel is generally processed for testing and
other elements. ,e water level for the model test was set to
0.74m based on the scale ratio conversion. ,e ship sails
along the prefabricated route at a constant speed of 0.7m/s
and passes through position nos. 1, 2, and 3 to investigate the
surges of two landslides with different volumes in the water
and the influence of complex motions on the response of the

ship. ,e first landslide has a length of 1m, a width of 0.5m,
and a thickness of 0.6m.,e second landslide has a length of
1m, a width of 1.5m, and a thickness of 0.4m. ,e water is
still, and wind is absent during the test. ,e model test
consists of 45 groups, and the typical conditions of the test
for four groups are provided in Table 3.

4. Experimental Verification

4.1. Experimental Verification of Landslide-Induced Wave.
In order to verify the correctness of the model test, this paper
selects the same experimental model and test parameters as
that of the Heinrich [32]. ,e landslide body size is
0.5m∗ 0.5m.,e angle of slope is 45 degrees, and the depth
of water is 0.4m. ,e landslide body slides under the action
of gravity. ,e experimental results coincide with that of
Heinrich basically. ,erefore, this paper establishes the
experimental model which can simulate landslide-induce
wave accurately (Figure 7).

4.2. Turning Test. To verify the validity of the model test, the
maneuverability of the ship is decided by the steering,
turning, collision avoidance, and other behaviors, which are
closely related to the ship’s rotary performance. ,erefore,
the rotary performance of the ship is the only standard to
measure the maneuverability of the ship. ,e rotary test was
performed in the laboratory of Chongqing Jiaotong Uni-
versity. ,e experimental tank is 50m long and 30m wide.
,e rotary program was written using Visual Basic language,
and a Differential Global Positioning System (DGPS) was
equipped within the ship to capture its position information
during navigation.

In order to obtain the higher accuracy of the position, the
position system of DGPS and the differential technology
were used in the process of the model test. A GPS receiver
was placed on the reference station for observation. Based on
the precise coordinates of the reference station, the corrected
data from the reference station to satellite were calculated;
the accurate data were sent out promptly, and the corrected
data were observed and received by the reference station.
,e information of trajectory was corrected, thus improving
the accuracy of the positioning.

At the beginning of the model test, the angle of the
rudder was controlled zero, the ship was maintained in a
straight line, and a signal was sent to change the rudder
angle. Next, the ship model started to enter the rotational
motion, and the position information was recorded by
DGPS during the model test. When the ship entered a stable
state of rotation, the diameter of rotation was recorded. ,e
data of the turning test in the state of 15°, 25°, and 35° are
shown in Figure 8. ,e results of turning test conformed to
the basic requirements of ship model. ,e turning test re-
sults of different rudder angles are shown in Table 4.

4.3. Zig-Zag Maneuver Test. To verify the validity of the
model test and to study the maneuvering state of the ship
model in the water area, the zig-zag maneuver test was
performed.,e voltage of the primary engine of the ship was

Figure 4: Ship model.
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controlled before the model test, and the ship was sailing in a
straight line at a fixed speed. ,e steering command was
issued by the controller. First, the ship model should steer
10° to the right and this state was maintained. Gradually, the
ship model should turn to the right. When the heading angle
is 10°, the shipmodel should steer 10° to the left andmaintain
this state. ,e ship model turned to the right and the angular
velocity of the bow decreased gradually until it disappeared,
and then the ship model turned to the left. When the bow
angle is the same as the rudder angle, the rudder was turned
to the right. ,e process above was recorded, and the
navigation position and trajectory of the ship model were
recorded by DGPS. ,e data of the zig-zag maneuver test in

the state of 10° and 20° are shown in Figure 9. ,e results of
the zig-zag maneuver test conformed to the basic re-
quirements of ship model.

It can be seen from Figure 9 that the general trend of
trajectory is consistent, the error is less than 10%, and the
model test meets the requirements of accuracy, so it can
provide the guarantee for the results of the model test.
However, there is no symmetry with respect to y dis-
placement value, and the main reasons are as follows:

Firstly, the model test was carried out in the pool of
Chongqing Jiaotong University. As a result, it was difficult to
achieve the ideal situation of no wind and no flow. Secondly,
the actual loading condition of container ship was carried

Table 3: Operating of the test.

Number Angle of entering water (°) Water depth (m) Speed (m/s) Position of ships Landslide volume (L×B×D (m))
Case 1 40 0.74 0.7 1 1× 0.5× 0.6
Case 2 40 0.74 0.7 2 1× 0.5× 0.6
Case 3 40 0.74 0.7 3 1× 0.5× 0.6
Case 4 40 0.74 0.7 2 1× 1.5× 0.4

4

3.
5 8.31 3.2 5.11

Navigation
track

Navigation
 centerline#1 #2

Landslide point

#3

Figure 5: Route and layout of measuring points.

Figure 6: Arrangement of sliding blocks.
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out in the process of model test that was not up to fully
loaded condition. ,irdly, the interaction between propeller
and rudder affected the efficiency of the rudder. Lastly, the
process of steering was linear; the actual situation was in
inconsistent with it; the response of ship model to the rudder

deflection was very slow and so it becomes difficult to de-
termine the suitable frequency of hydrodynamic forces.

As we can see from Figure 10, with the increase of rudder
angle, the heading angle increases gradually, the differences
between two cases are very small, and the time history curves
of the heading angle and rudder angle agree well with the
requirements of the standards for ship maneuverability
resolution [33, 34]. It contains the 1st and 2nd overshoot
angle.,e response of ship to the first rudder angle is in good
agreement with the first overshoot angle. ,is shows that
ship model has better maneuverability.

4.4. Free Attenuation Test. ,e degrees of freedom of the
motion of the ship in the vertical plane exhibit the recovery
characteristic. ,e ship model deviates from the position of
equilibrium under an external loading. When the external
force disappears, the ship will return to the original position,
which depends on its own recovery characteristic. Under the
free state, the roll motion and pitch motion of the ship are
attenuated in static water. ,e natural period and di-
mensionless damping coefficient can be obtained by ana-
lyzing the attenuation curve; subsequently, the accuracy of
model test can be verified. ,e decay curve of roll motion is
shown in Figure 11, and the decay curve of pitch motion is
shown in Figure 12.

5. Analysis of Test Results

5.1. PropagationCharacteristics of Landslide Surge. ,e wave
height and landslide surge cycle were measured using an
ultrasonic wave acquisition analyzer designed and developed
by the Southwest Transportation Science Research Institute
of Chongqing Jiaotong University. Seven measuring points,
which measure the initial surge and the surge along the path,
were established. ,e straight road, curve, and river section
areas were the primary measurement areas. Among the
measuring points, measuring point no. 1 is the center point
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Table 4: Turning test data.

Element Test results
Rudder angle (°) 35 25 15
Speed of ship (m/s) 0.7
Vertical intercept (m) 4.3 5.3 7.6
Horizontal intercept (m) 2.1 3.1 5.2
Turning radius (m) 5.7 8.1 13.1
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of the area where the landslide enters the water. ,e data
acquisition system collects the wave height and period data
from different areas. ,e acquisition time is generally 200 s,
and the frequency is 50Hz. Two types of landslide bodies
enter the water during the test. ,e large landslide volume
has a length of 1m, a width of 1.5m, and a thickness of 0.4m.
,e small landslide volume has a length of 1m, a width of
0.5m, and a thickness of 0.6m.

Figure 13 shows that a certain delay occurs in the
landslide data, under different volumes, with the same en-
trance angle into the channel model of 0.74m.,e landslide-
induced surge is irregular and asymmetric under the two
operating conditions. ,e surges are spread incompletely
during the early stage of landslide entry into the water. Over
time, the front edge of the surges becomes steep and the

water level rises and reaches its maximum value within an
extremely short time. ,e wave height decreases rapidly and
becomes a small-amplitude oscillation, and the water surface
gradually returns to the stationary state after the landslide
surge reaches a high peak. ,e landslides with different
volumes are accompanied by considerable energy loss as
they enter the water. ,e lost energy is transformed into the
heat energy and kinetic energy of the water.,e height of the
first wave caused by the landslide is different. ,e volume of
the large landslide is twice that of the small landslide. ,e
height of the first wave generated by the large landslide is
thrice that of the small landslide. ,e height of the first wave
caused by the landslide body that entered the water increases
with landslide volume. When the landslide that enters the
water has a different volume, the time that the first wave
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height reaches its peak varies. When the landslide volume is
large and the speed of the spreading surges caused by the
landslide entering the water is fast, the water waves
spreading along the coast and the influential scope of the
disaster are expanded.

5.2. Influence ofDifferentNavigationPositions on ShipMotion
Response. ,e rectangular landslide block enters the water
with a length of 1m, a width of 0.5m, and a thickness of
0.6m when the ship passes the river’s monitoring points 1, 2,
and 3 at a constant speed of 0.7m/s. ,e self-developed ship
attitude acquisition device measures the rolling motion and
pitch motion amplitudes of the ship and subsequently
compares and analyzes the relevant provisions of the Inland
River Ships Statutory Inspection Technical Regulations to
determine the safe navigation range of the ship.

As shown in Figure 14, the shapes of the rolling motion
curve at three locations are similar and a time difference of
themaximum peak period node exists.,e shipmodel sailed
to different positions, and the maximum amplitude of the
rolling motion satisfied the requirements of the rules. ,e
landslide-induced surges carried most of the energy to the
vicinity of the ship and generated the maximum hydrody-
namic pressure on the ship. ,e landslide body enters the
water when the ship sails to position no. 1. ,e landslide
surge is centered on the entry point of the landslide body,
scatters and propagates around it, and interacts with the
ship. ,e ship has a rolling motion amplitude of 4°, and it
continues to sail forward. ,e ship acquires a large rolling
motion amplitude after encountering the secondary wave of
the landslide surge and the reflected wave on the opposite
bank, with a maximum value of 6°. ,e ship depends on its
own recovery torque and recovery damping and gradually
returns to a stable state. ,e landslide surge occurs suddenly
when the ship sails to position no. 2, and the ship has a large
rolling motion amplitude with a maximum value of 11°.

Moreover, the motion amplitude of the ship is gradually
reduced when the ship encounters an initial high peak surge.
,e landslide body enters the water at a high speed when the
ship travels to position no. 3. A chasing state occurs between
the landslide-induced surge and the sailing ship. Energy
decreases gradually with an increase in the propagation
distance of the wave surges, which has a minimal effect on
the ship’s rolling motion amplitude. ,e rolling motion
amplitude of the ship exhibits a small fluctuation and is
relatively stable.

As shown in Figure 15, a landslide occurs when the ship
sails to position nos. 1, 2, and 3. ,e ship model sailed to
those different positions, and the maximum amplitude of the
pitching motion satisfied the requirements of the rules. ,e
maximum rolling direction of position nos. 1 and 2 is dif-
ferent and noticeable and is attributed to the difference in the
force position of the ship depending on the landslide surge.
,e landslide surge acts on the stern of the ship when the
ship sails at position no. 1, and the maximum pitch value is
1.8°. ,e landslide surge acts on the tail of the ship when the
ship sails at position no. 2, and the maximum pitch value is
1.25°. ,e speed of the landslide surge is less than that of the
ship when the ship sails to position no. 3. ,e ship sails in
still water to generate waves caused by its traveling. After the
reflection onto the bank wall, a small amplitude effect is
observed on the ship’s pitch.

5.3. Influence of Different Quantities of Landslides on Ship’s
Motion Response. Figure 16 shows the effect of different
numbers of landslides on the ship’s motion response after
the landslides enter the water. ,e maximum amplitude of
the rolling motion of the ship model satisfied the re-
quirements of the rules.,e landslide-induced surge spreads
into the channel and interacts with the ship after a large
number of landslide bodies (length� 1m, width� 1.5m, and
height� 0.4m) enter the water.,e waveforms differ slightly
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when the surges caused by different numbers of landslides
are transmitted to the vicinity of the ship.

,e time history curve of the ship’s rolling motion
contains two peaks. ,e first peak is reached when the initial
surge propagates to the ship’s navigation position and in-
teracts with the ship. ,e maximum amplitude of the rolling
motion is 10.5°, and the reverse effect of the landslide surge is
not initiated. ,e second peak occurs when the landslide-
induced surge impacts the soil bank slope. ,e water depth
becomes shallow and narrow, the wave energy gathers, and
the surge wave spreads slowly. At this point, a wave
propagates at a slightly slower speed, and its latter peak
cannot catch up. A certain degree of water wall is formed
after the reflection across the opposite shore, which interacts
with the ship. ,e maximum rolling motion amplitude is

8.5°, and the ship’s rolling amplitude decreases with time.
,e secondary damage of the ship caused by the landslide-
induced surge and the violent shaking degree of the ship
under the landslide-induced surge should be considered
during a real voyage. ,e shifting of the ship’s load, which
changes the overall center of gravity of the ship and causes it
to tilt, should be prevented. ,e stability of the ship in-
creasingly deteriorates, and the ship’s recovery torque be-
comes smaller than the external moment of the landslide,
thereby causing the ship to overturn.

As shown in Figure 17, the ship experiences landslide
surges caused by different landslide bodies that enter the
water during its voyage. ,e maximum amplitude of the
pitching motion of the ship model satisfied the requirements
of the rules. ,e change in the ship’s pitch undergoes oc-
currence, development, and decay processes with remark-
able changes in the pitching motion amplitude of the ship.
,e propagation speed of the landslide surges is relatively
fast, the interaction with the ship is early, and the maximum
longitudinal amplitude is 1.75° when a large number of
landslide bodies enter the water. ,e interaction time with
the ship is delayed, and the maximum longitudinal ampli-
tude is 1.25° when a small number of landslide bodies enter
the water. ,e effect of landslide surges caused by different
numbers of landslides on the ship’s pitching motion exhibits
a single-peak effect. ,e impact of the initial surge on the
ship should be considered during the ship’s navigation. ,e
ship stall caused by a huge landslide surge, which deviates
from the channel, pushes the ship toward the shore, and
causes the ship to overturn and sink, should be investigated.

,e primary engine should be started, the bow direction
should be adjusted appropriately, and the spread direction of
the landslide-induced surge should be forwarded when a
sudden landslide occurs during the voyage. ,e minimum
cross section of the bow should be swayed toward the
landslide-induced surges to divert their direction from the
two sides of the hull. ,e hull’s own streamline can effec-
tively disperse the impact of landslide-induced surges,
therebymaximizing the ship’s protection and is conducive to
preventing the tilting or tipping over of the ship on one side
owing to landslide-induced surges.

6. Discussion and Conclusions

Based on field investigations, literature review, and model
tests, this study obtained the characteristics of a ship when
landslide-induced surges occur, and the impact of these
surges on the ship’s motion response. ,e emergency sit-
uation of maintaining safe navigation when a landslide
entered the water was assumed, which was conducive to
engineering feasibility demonstration and governance. ,e
conclusions are summarized as follows:

(1) ,e waveform of the landslide-induced surge
exhibited evident asymmetry, wherein the peak was
large and the trough was small with strong non-
linearity. ,e height of the wave decreased rapidly
after the first wave of landslide-induced surge, and
the wave energy decreased gradually with increased
propagation distance.
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(2) ,e aspect ratio reduced when the volume of the
landslide body was large, and the first wave height of
the landslide-induced surge was high. When the
number of landslides was large, the speed of
landslide-induced surges was high.

(3) ,e landslide-induced surge exerted the greatest
impact on the ship when it passed position no. 2,
followed by position no. 1, and finally, position no. 3.
In an actual navigation, the distance from the
landslide point should be controlled, the impact of
landslide-induced surges on the ship should be re-
duced, and the collision of the ship with coastal fixed
structures and different degrees of damage under
landslide-induced surges should be prevented.

(4) When the number of landslides was large, the impact
on the motion response of a sailing ship was con-
siderable. In engineering practice, the landslide
volume should be controlled to prevent the impact of
the first wave and secondary wave peaks on the ship.
,e secondary damage of landslide-induced surges
to the ship should be considered, and a warning
system for landslide-induced surge disasters should
be constructed to reduce the damage to ships.

(5) A ship should be stagnated appropriately, the double
anchors should be dropped, and the long anchor
chain should be loosened to ensure the ship’s stability,
decrease the extent of rolling and pitch motions of the
ship, and mitigate the impact of landslide-induced
surges on the ship when large-scale landslide-induced
surges occur during a voyage.,e ship should wait for
the gradual return of tranquility on the river surface
and avoid dangerous water areas.
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Two columns of thin-walled concrete-filled steel tubes (CFSTs), in which tube seams are connected by self-tapping screws, are axial
compression tested and FEM simulated; the influence of local buckling on the column compression bearing capacity is discussed.
Failuremodes of square thin-wall CFSTcolumns are, first, steel tube plate buckling and then the collapse of steel and concrete in some
corner edge areas. Interaction between concrete and steel makes the column continue to withstand higher forces after buckling
appears. A large deflection analysis for tube elastic buckling reflects that equivalent uniform stress of the steel plate in the buckling
area can reach yield stress and that steel can supply enough designing stress. Aiming at failure modes of square thin-walled CFST
columns, a B-type section is proposed as an improvement scheme. Comparing the analysis results, the B-type section can address
both the problems of corner collapse and steel plate buckling. 1is new type section can better make full use of the stress of the
concrete material and the steel material; this type section can also increase the compression bearing capacity of the column.

1. Introduction

When concrete filled steel tube (CFST) columns are under
compression, the lateral expending of the concrete is con-
strained by the surrounding steel tube; this surrounding
constraint can compress the concrete into a multidirectional
compression state and increase the strength and deformation
capacity of concrete, while the local buckling of the steel tube
is restrained by the infill concrete. For this reason, CFST
columns exhibit excellent structural performance [1–3].
Furthermore, in CFST columns, compared with reinforced
concrete (RC) columns, all steel material is located at the
perimeter of the cross section. 1us, the contribution of the
steel section to flexural capacity can be maximized [4]. On the
contrary, compared with RC frame structures, CFSTcolumn-
steel beam frame structures would have no formwork and
could be completely prefabricated [5]. 1is structural system
can improve construction quality in rural areas where there is
a lack of construction technology and provide the possibility
of prefabrication and assembly for Chinese rural housing.

Since “New Rural Construction” was proposed by
Chinese government in 2005, rural construction in China

has been enhanced yearly. Historically, limited to certain
economic means, most Chinese rural housing areas adopted
masonry structures [6] because masonry houses have sim-
plified construction [7] and good heat insulation [8].
However, brittleness and low bearing capacity [9] caused
serious damage of rural masonry housing during earth-
quakes. Common earthquake damage phenomenon of
masonry housing is inclined or “X”- shaped cracks
appearing in walls between windows or spandrel wall, and
structures often collapsed seriously [10], as shown in Fig-
ure 1. Since 2008, the year of the Wenchuan Earthquake, the
seismic performance of rural housing has received increased
attention in China, “Aseismatic Structure Atlas of Rural
Housing” (DBJT13-58) [11] is promulgated by the Fujian
Provincial Construction Department, and “Practical Illus-
tration of Rural Housing’s Aseismatic Structure” [12] is
published by the Architectural Design Institute of Zhejiang
Province. Frame structural systems are suggested to replace
masonry structures for new rural housing.

Most rural housings areas contain low-rise buildings,
and according to “Code for design of concrete structures”
(GB50010-2010) [13], the reinforcement ratio is suggested as
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0.6%–5%. Take an example of a commonly used RC column
section in rural housings, the size is 400mm× 400mm.
Usually, the sum of the reinforcement ratio and the stirrup
ratio is approximately 2%. If all reinforcements and stirrups
are steel tubes that have the same volume of steel materials
and side length b of the column section, the thickness of the
steel tube is t� 2mm, and b/t� 200. 1is type of CFST
column is called thin-walled CFST, and it is different from
columns in the current design specification CECS159
(China) [14], ACI-318 (U.S.) [15], AISC-360 (U.S.) [16],
BS5400 (U.K.) [17], and AIJ (1997) [18], which aimed at
using columns with steel pipe thickness greater than 6mm.

Steel tubes of thin-walled CFST columns need to be cold
formed and rolled, and tube junctions cannot be welded
because of the thin thickness. Furthermore, the problem of
local buckling of thin-walled CFST columns is more prom-
inent. In this study, 2 thin-walled CFSTcolumns in which tube
seams are closed by self-tapping screw are axial compression
tested and FEM simulated; the influence of local buckling to
column compression bearing capacity is discussed.

2. Experimental Program

2.1. Test Specimens. All steel tubes are cold formed by Q345
steel, the filling concrete is C30, and the material properties
are shown in Table 1. Ec and fc are the compression module
and compression strength of concrete, respectively; Es and fy
are elastic module and yield strength of steel, respectively.
1e specimen with length l� 650mm is named Z650 and
that, with l� 1200mm, is named Z1200. All column sections
are 200mm× 200mm square, and the tube thickness is
1mm. Each seam of the steel tube is connected by 2 team
self-tapping screws. Spacing between screw teams is 60mm
in the horizontal direction and 50mm in the vertical di-
rection. Each screw is 20mm in length and 5mm in di-
ameter.1emanufacturing process of steel tubes is shown in
Figure 2, and specimen sizes are shown in Figure 3.

2.2.ExperimentalDevices. A compression tester is used on the
specimens with a 2000 kN applied load. Strain gauges are
pasted on top, middle, and bottom parts of the column sur-
faces. Two dial indicators are arranged symmetrically to

measure the total compressing deformations of the specimens.
Experimental devices are shown in Figure 4. At the beginning,
50 kN is applied as a preloading stress; in formal loading, 50 kN
is treated as the increment of each loading step, and the loading
speed is controlled as 3.5–4.5 kN/s until specimens reach the
maximum bearing capacity. 1en, the control loading is
changed in increments of 0.1mm deformation in each step.

2.3. Test Phenomenon. Caused by the large width/thickness
ratio, the stability of the steel tubes is low, and buckling
appeared on each tube. Failure modes of the specimens are
shown in Figure 5, and the compression force (P)-steel tube
vertical strains relation curves are shown in Figure 6.

1e failure processes of specimens are similar. At the
beginning of load, the column deformation increased
steadily with the increase of compression. According to the
testing phenomenon and the counter bend point shown in
Figure 4, buckling appeared on the tube surface, which

(a) (b)

Figure 1: Common earthquake damage phenomenon of masonry housing: (a) inclined or “X”- shaped cracks; (b) collapse of the whole area
of masonry housing.

Step 1

Self-tapping
screws Tensioning

Step 2

Step 3

Step 4 Step 5

Figure 2: Manufacturing process of steel tubes.

Table 1: Material properties.

C30 Q345
Ec fc Es fy
(GPa) (MPa) (GPa) (MPa)
30 20.1 200 310
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Figure 4: Experimental devices.
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Figure 5: Failure modes of the specimens: (a) Z650; (b) Z1200.
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reached 30%–40% maximum bearing capacity without
screws when loading under compression. When loading
compression with screws reached 70%–80% maximum
bearing capacity, buckling appeared on the tube surface.
With increased compression deformation, buckling
appeared more seriously. After loading reached the maxi-
mum bearing capacity, the corner of the steel tubes de-
formed seriously, the bearing capacity decreased quickly,
and the steel tubes expand outwards. A tearing sound was
made by adhesive tapes which are fixed wires, and some taps
dropped because of the large tube deformation. Cracking
could be heard from concrete in the tubes. It can be observed
from the failure specimens after tests that buckling waves are
all three-dimensional sinusoidal surface shaped. Vertical
spans of the buckling waves with or without screws on the
surfaces are all similar as the spacing distance of the screws.

2.4. P-Δ Curves. P-specimen deformation (Δ) curves are
shown in Figure 7. It can be observed that bearing capacity of
Z650 is 1032.00 kN, and the failure deformation is 0.89mm;
bearing capacity of Z1200 is 1052.90 kN, and failure de-
formation is 1.66mm. According to the P-Δ curves, it can be
observed that this type of column has low ductility.

According to the failure process and P-Δ curves, it can be
observed that the strength and stiffness of the corner areas and
capacity to resist buckling of the tube plate are two important
factors that influence the structural failure modes and bearing
capacity. At the beginning of the test, the corner edges have
higher stiffness than the steel tube plate, and the corner edges
withstand greater pressure loads than the plate areas. 1ese
loads caused easy damage to the edges. In this period, edges
and screws provide a constraining effect to limit plate
buckling. When the load is nearly the bearing capacity, the
concrete corners and steel corners are collapsed, and
some screws are largely deformed. 1e constraining effect on
the steel plate change becomes weaker, causing a rapid

development of steel buckling. As a result of the large buckling
deformation of steel tubes and less steel-provided ductility, the
bearing capacity of the columns increased with a no-signifi-
cant plastic stage and decreased suddenly, which is similar as
plain concrete columns. 1us, improving the section size and
bending stiffness of the steel corner areas is necessary.

3. Elastic Calculation of Tube Buckling

3.1. Interaction between Tubes, Concrete, and Screws.
Each seam of the steel tube seams is connected by 2 team
self-tapping screws. At the beginning of loading, screws and
tube are not in complete close contact, gaps exist between the
screw hats and the tube, and gaps are present between the
screw bodies and holes on the tube. Since the screws cannot
fully constrain the steel tubes at that time, tubes bulge out
under vertical pressure until touching the screw hats. At the
same time, tubes could also slide relative to the screws. 1e
tube sliding and bulge phenomena are shown in Figure 8.
After screws and tubes are fully touched, the screw hats
restrained the tube buckling and lateral expansion. 1e
expansion restraint caused a hoop effect of the steel tube on
concrete. Furthermore, screws transfer vertical force be-
tween the concrete and steel tubes. 1is transfer effect can
limit relative sliding between concrete and concrete, giving a
full section the same compression displacement.

Interaction between concrete and the steel tube is shown
in Figure 9. Buckling waves are all three-dimensional si-
nusoidal surface shaped. 1e buckling peak is farthest from
the concrete, and the stress states of steel in buckling peaks
are under vertical compression and lateral tension. Buckling
troughs touched surfaces of the concrete, and these troughs
are counter bend lines of the steel tube. In trough areas, the
steel tube buckling toward the inside is limited, and the
concrete and steel tubes compress to each other laterally.
1is compression effect makes a supporting to buckling
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Figure 6: Compression force (P) and steel tube vertical strains relation curves: (a) Z650; (b) Z1200.
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steel, and it makes buckling still have the compression
bearing capacity. Furthermore, compression between the
steel and concrete contact surface and compression to the
concrete, which is caused by the lateral tension of the steel
tube, gives the concrete a triaxial compression stress state.
1us, the bearing capacity and column stiffness are not
decreased immediately after steel buckling appearance.

3.2. Analysis of Small Deflection. According to research by
Shi-Xu [19], the buckling steel area can be sampled as a thin
plate model on which clamped restraint and concrete can be
considered as a rigid base. According to small deflection
theory and the principle of potential energy, the critical
buckling load is as follows:

pcry � kcr
π2E

12 1− μ2( 

t

b
 

2
, (1)

where Poisson’s ratio μ � 0.3 and the steel plate wide-
thickness ratio b/t � 200. For tube surfaces where there are
no screws, buckling appeared when the mean pressure strain
εz � 0.0005 and pcry � 100MPa; using these values into Eq.
(1), it can be calculated that kcr � 21.84. For tube surfaces
where there are screws, buckling appeared when mean
pressure strain εz � 0.0010 and pcry � 200MPa; using these
values in Eq. (1), it can be calculated that kcr � 43.68. Reflect
screws not only provide steady seal connection to steel tubes
but can also improve the buckling resistance ability of the
tubes.

3.3. Large Deflection Analysis for Tube Elastic Buckling.
1e simplified calculation model for the buckling area is
shown in Figure 10, where b is the lateral span of the
buckling area (tube width) and h is the vertical span of the
buckling area. Assuming that the concrete is a rigid sub-
strate, ignoring the shearing effect in the steel plate and
the bending resistance of the steel plate, the buckling area
can be sampled as a steel film. 1erefore, the boundary
conditions of the buckling area are w(x � 0) � 0, w(x �

b) � 0, (zw(x � 0)/zy) � 0, and (zw(x � b)/zy) � 0, and
function of buckling is as follows:
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Lateral stress of the buckling area is

σx �
E

1− μ2
εx + μεY( . (4)

1e equivalent uniform stress is py � 
b

0 σy dx; py is
balanced to ph (components along the z axis of σx, as shown
in Figure 11). 1us, the equilibrium equation can be
obtained:
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b
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When w � 0, py � p0 � pcry, so

py �
E

2 1− μ2( 
·
1
t

·
a2

η2b6
J(η) + pcry. (9)

According to Eq. (9), after panel buckling, py increased
with the increase of a2, as shown in Figure 12. 1is means
after buckling appeared, the equivalent uniform stress of the
steel plate in the buckling area can reach yield stress, and it
can supply enough designing stress.

4. Elastoplastic Analysis by FEM

4.1. Model Information. In this situation, the concrete
damaged plasticity model (Lee and Fenves, 1998) of
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ABAQUS is used. 1is concrete-damaged plasticity model
includes the compressive strength enhancement of con-
crete resulting from confinement and the postpeak soft-
ening behavior resulting from concrete crush. According to
“Code for design of concrete structures” (GB50010-2010),
concrete compression stress-strain relationships are as
follows:

z

y

x

b

h
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Figure 10: Simplified calculation model for the buckling area.
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Figure 13: Models information.
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where fc is the concrete strength and εc is the corresponding
strain.

1e yield criterion of steel is related to Mises yield
strength:

k �
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 ,

(11)

where σ1, σ2, and σ3 are principal stresses of steel and fy is
the steel yield strength.

1e model sizes are same as that of the test specimens.
1e names of the models are 650mm as C6 and 1200mm as
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Figure 15: Concrete and steel tube stress distributions of models of structural failure: (a) C650; (b) C1200.
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C1200. As shown in Figure 13, the steel tube and concrete
are solid elements, the self-tapping screws are simplified as
truss elements, and the truss elements are the embedded
region constrained to the entire model. 1e tangential
contact model between the steel and concrete is Coulomb
friction, and the normal contact model between steel and
concrete is a hard contact model. 1e feet of the column
model are fixed, and compression is applied on the top
surface as deformation.

4.2. Results Analysis. P-Δ curves of the analysis results
are shown and compared with the experimental results in
Figure 14; the analysis results are highly fitted to the ex-
perimental results. As it is observed from the results, for
model C650,Pm� 1002.03 kN, Δm � 0.89mm, Py � 973.71 kN,
Δy � 0.85mm, and Δu� 0.89mm; for model C1200,
Pm � 933.61 kN, Δm � 1.64mm, Py � 967.44 kN, Δy � 1.59mm,
and Δu� 1.66mm, where Pm is the maximum bearing ca-
pacity, and Δm is the corresponding deformation; Py is the
yield compression force, and Δy is the corresponding de-
formation; and Δu is the failure deformation. 1e deviation
between the analysis results and the experimental results is no
more than 10%.

1e stress distributions of the concrete and steel tube
models, when structural failures occur, are shown in Fig-
ure 15. Concrete corner edges in C650 and C1200 are
crushed. Of these two models, in the vertical direction,

concrete compression stress was gradually increasing from
the bottom and top sides to the middle; in the lateral di-
rection, the compression stress of the concrete corners is
higher than that of the concrete middle parts. Upon C650
failure, most areas of the steel tube plate and all steel corner
edges yield, theMisses stress of the corners are higher than of
steel tube plate; buckling appears on the middle part of tube,
and the steel corner edge is collapsed. Upon C1200 failure,
nearly all areas of the steel tube yield, and many buckling
areas appear on the steel tube.

According to analysis results and the experimental re-
sults, the Misses stress of the corners is higher than that of
the steel tube plate. It is a result of internal force distribution
between steel tube plates and steel corner edges. 1ese steel
corner edges have higher bending rigidity than steel tube
plates and can keep stable when the steel tube plate buckling
occurs. 1us, from the top side and the bottom side to the
middle part of the tube, compression stress of the tube plates
will transfer to the steel corner edges in a shear stress form.
1is internal force distribution is shown in Figure 16. 1is
phenomenon makes the steel corner edges to collapse easily,
as shown in Figure 17.

5. Column Section Optimization

To address the problem that steel corner edges are easily
collapsed, an optimization model L650 is developed, and its

Shear
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panel

Corner
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py1
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py2

ph ph

¦Óz

Figure 16: Internal force distribution between steel tube plates and steel corner edges.
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steel tube is shown in Figure 18. In L650, corner edges are
strengthened to be L-shaped steels and are connected to
1mm thickness steel plates using self-tapping screws. 1is
optimization section is named the “L-typed section.”
According to the analysis results, the deformation and stress
of the L650 tube when column failure occurs are presented in
Figure 19. It can be observed that many buckling areas
appeared on the steel tube, and the steel plates stress is very
low. Only strengthened steel corners but no additional re-
straint for the steel plate will make corner areas bear more of
the internal force. 1us, the steel corners are easier to
damage, and plate buckling can be more serious. It is
necessary to increase bending stiffness of steel plates and
make more constraint on the plates. 1is new method
should not increase steel consumption greatly and must use
an easy construction method.

Aimed at improving stability of tube plates, an opti-
mization section which is named as “B-typed section” is
proposed and shown in Figure 20. In this new type section,
tube plates are changed to be closed-type steel plates. In the
B-typed section, the ridge of the closed-type steel plate is
implanted in concrete, and the ridges increased the inertia
moment of the steel plate; these increased the stability of the
sample. Models B650 and B1200 are in the B-typed section,
and their lengths are 650mm and 1200mm, respectively.
Compression of these two models was modeled in software
Abaqus, and the concrete stress and steel stress of B650 and
B1200 when model failure occurred are shown in Figure 21.
Compared with L650, the steel tube stress in the B-typed
section models is more uniform, both in steel corner edges
and tube plates yield, and buckling of the steel tube is
controlled. Compared with C650 and C1200, more concrete

Connected by
self-tapping screw

Steel panelL–shaped
steel

200

200

10
6

220

Figure 18: Steel tube of optimization model L650.

(a) (b)

Figure 17: Collapse modes of steel corner edges.
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areas are crushed in the B-typed sectionmodels, whichmean
concrete stresses are more fully used.

P-Δ curves of these models are shown in Figure 22, and a
factor μ�Δy/Δu reflects ductility. Compared with B650, C650
Pm increases 30.12%, failure deformation Δu increases 29.12%,
and μ increases 8.08%. Compared with L650, C650 Pm in-
creases 56.77%, failure deformation Δu increases 26.07%, and
μ increases 3.89%. Compared with B1200, C1200 Pm increases
11.39%, failure deformation Δu increases 3.01%, and μ in-
creases 2.37%. 1e out-of-plane relative deformation
curves are drawn in Figure 23. Of the 650mm length column
models, L650 is the most seriously deformed out-of-plane,
and B650 is the least deformed. B1200 is less deformed out-of-
plane than C1200. 1ese results reflect that the B-type section
can address both problems of corner collapse and steel plate

buckling. 1us, this new type section can make better use of
the concrete material and steel material stress and increase the
compression bearing capacity of the column.

6. Conclusion

Experimental and analysis results prove that self-tapping
screws can connect tube seams of square thin-walled CFST
columns firmly. Moreover, failure modes of square thin-
walled CFSTcolumns are steel tube plate buckling and then
the collapse of steel and concrete in some corner edge areas.
Causes of these failure modes including the following: (1)
the steel tube is too thin to maintain stability; (2) the in-
ternal force distribution between the steel tube plates and
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Figure 19: Deformation and stress of the L650 tube upon column failure.
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the steel corner edges make steel corner edges easier to
collapse.

Interaction between concrete and steel supports
buckling steel and creates a triaxial compression stress
state in concrete. 1is causes the bearing capacity and
column stiffness not to decrease immediately after the
appearance of steel buckling. Furthermore, according to

Eq. (9), after panel buckling, py is the two increasing
function of the deflection 2a, and steel can supply enough
designing stress. However, collapse of steel and concrete in
the corner edge areas caused the column bearing capacity
to decrease quickly.

Aiming at failure modes of square thin-walled CFST
columns, a B-type section is proposed as an improvement

–0.3

–0.6

–1.2

–3.2

–5.0

–6.9

–8.8

–10.7

–12.6

–14.5

–16.3

–18.2

–20.1

Crush

Concrete principal
stress (MPa)

Concrete principal
stress (MPa)

–0.3

–0.6

–1.2

–3.2

–5.0

–6.9

–8.8

–10.7

–12.6

–14.5

–16.3

–18.2

–20.1

Crush

(a)

315

288

262

236

210

184

158

132

105

79

53

26

0.3

Mises stress of
steel (MPa)

315

288

262

236

210

184

158

132

105

79

53

26

0.3

Mises stress of
steel (MPa)

(b)

Figure 21: Concrete stress and steel stress of (a) B650 and (b) B1200.
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scheme. Comparing the analysis results, the B-type sec-
tion can address both the problems of corner collapse and
steel plate buckling. 1us, this new type section can better
make full use of the stress of the concrete material
and steel material; this type section can also increase
the compression bearing capacity of the column.
Compared with a traditional thin-walled CFST column
section (C-type), the proposed method has the following
improvements:

(1) Section area and stiffness of steel corners is increased,
and the proposed method provided stronger bearing
capacity and higher stability.1emethodmakes steel

corners be broken later than concrete collapse,
providing both higher bearing capacity and better
ductility in B-type columns.

(2) Larger bending stiffness of closed-type steel plates
and embedding effect between plate and concrete
limit buckling of the steel plate are exhibited. As a
result, steel plates provide more bearing capacity,
and the material is more fully used.

(3) In a B-type section, the collapse risk of steel corners
is decreased, and the column ductility is increased
because more steel plates have limited buckling and
can join vertical plastic deformation.
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Currently, the robustness of precast reinforced concrete frames is attracting wide attention. However, avoiding “strong beams and
weak columns” during strengthening against progressive collapse is a key problem. To discuss this problem, an experimental study
on two 1/2-scale precast frame subassemblages under a pushdown loading regime was carried out in this paper. One specimen was
strengthened with carbon fibre-reinforced polymer (CFRP) sheets on the beam sides. /e middle parts of the CFRP sheets were
anchored with hybrid fibre-reinforced polymer (HFRP) anchors. Another specimen was not strengthened. /e failure mech-
anisms, failure modes, and strengthening effect are discussed. /e strengthening effect is very obvious in the early catenary action
stage. No shearing failure develops on HFRP anchors, which proves that the anchoring method is effective. Based on the ex-
perimental results, analytical models and preventive strengthening design and construction measures to mitigate progressive
collapse of the precast RC frame are proposed.

1. Introduction

Although there is a very small probability of progressive
collapse of structures [1], such collapse may cause serious
consequences, such as the collapse of the Ronan Point
Apartment in London in 1968 [2]. Recently, China has
striven to develop precast buildings. Compared to the
studies carried out on cast-in-place structures, limited
studies have been carried out to research the behavior of
precast concrete frames for prevention of progressive col-
lapse. /e studies on strengthening against progressive
collapse are also necessary.

/ere are some studies on the progressive collapse re-
sistance of precast concrete frame structures. Qian and Li [3]
tested a series of three-dimensional precast structures with
different connection types, including slab-beam connections
and beam-column joints. In addition to the wet connections,
Qian and Li [4] also tested precast concrete substructures
with dry connections under a pushdown loading regime to

investigate the effects of connection types on the behavior of
precast concrete structures to mitigate progressive collapse.
Kang and Tan et al. [5, 6] tested the precast frame sub-
assemblages with a middle column removal and discussed
the effects of engineered cementitious composites on pro-
gressive collapse resistance. Nimse et al. [7] studied the
behavior of wet precast beam-column joints under pro-
gressive collapse scenario and concluded that all three
precast joints were superior to the cast-in-place joint in
terms of load capacity and ductility after strengthening the
longitudinal rebar configuration. About the numerical
simulation, Pan et al. [8] studied the behavior of beam-
column joints and the progressive collapse performance of
unbonded posttensioned precast concrete frame structures
with finite element models which were established in
OpenSEES, and Feng et al. [9] presented a numerical in-
vestigation of the progressive collapse behavior of the precast
RC frame subassemblages. Some researchers have also
conducted tests on strengthening against the progressive
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collapse of structures [10–18]. Qian and Li [10, 11] tested a
series of flat slab substructures to assess the effectiveness of
proposed CFRP and GFRP strengthening schemes for im-
proving the progressive collapse behavior. Kim et al. [12]
tested ten RC beams to examine the effectiveness of the
anchorage methods using CFRP anchors and/or U-wraps.

However, strengthening of precast RC structures against
progressive collapse is a difficult problem, especially for
structures that need to consider seismic performance si-
multaneously [19]. For structures with no problem of
seismic performance but with insufficient progressive col-
lapse resistance, the conventional strengthening methods for
beams may cause “strong beams and weak columns” and
weaken the seismic performance of structures. /en, col-
umns have to be strengthened. Such a repeated process
increases the cost significantly. To address this problem, in
this study, we attempted to improve the traditional CFRP
sheet strengthening method and tested the subassemblages
of precast RC frames. Two assembled monolithic sub-
assemblages of precast RC frames (scale � 1 : 2) were
designed and constructed. One subassemblage was
strengthened with CFRP sheets bonded on the beam sides,
anchored with carbon fibre and steel fibre hybrid fibre-
reinforced polymer (C/S HFRP) anchors, and compared
with another unstrengthened specimen to discuss their
progressive collapse resistance.

2. Experimental Content

2.1. Specimen Design. According to the local standard
drawings of Shanghai (DBJT08-116-2013) [20], a four-floor
concrete frame structure was designed. According to the
requirements of the alternate load path method, a two-span
subassemblage at the bottom floor was used as the research
object. Two specimens were designed and constructed at a
scale ratio of 1 : 2 (Figure 1). /e specimens were made by
the assembled monolithic method. /e first concrete casting
accomplished the precast part of beams, side columns, and
seats, while the second concrete casting connected these
members and filled concrete into beam-column joints and
the upper parts of the beams. At the middle column joint,
reinforcing bars of the beams were connected by full-grout
sleeves. /e reinforcing bars of beams used HRB400 with a
diameter of 12mm./e yield strength and ultimate strength
of the reinforcing bars were 442MPa and 617MPa, re-
spectively./e reinforcing bars of columns applied HRB400,
which had a diameter of 14mm. /e stirrup was done using
HPB300 with a diameter of 8mm. /e strength grade of the
concrete was C40.

/e stress mechanism of the beams throughout the
collapse process can be divided into three action stages [1]:
flexural action (FA), compressive arch action (CAA), and
catenary action (CA). /e strengthened specimen had to
make the CFRP sheets remain basically inactive in FA and
CAA but work completely in CA. Hence, CFRP sheets with a
single-layer width of 15 cm, a calculated thickness of
0.167mm, and a tensile strength of 3243MPa were bonded
manually on the side surface of the beams continuously. At
the two ends of side columns, steel plates and expansion

bolts were used as anchors. Next, wedge blocks with a slope
gradient of 0.1 were placed at 8 beam-column transitions by
polymer concrete. HFRP anchors were applied along the
CFRP sheets. Figure 2 shows the left half-span anchor ar-
rangement. Each anchor (Figure 3) was formed by 12
bundles of carbon fibres (the length of the “root” part was
6 cm, and the diameter of the “umbrella” part was 6 cm). For
each anchor, four pieces of 304 Cr–Ni stainless steel wires
(diameter � 0.3mm) were added.

2.2. Test Methods. To fully simulate the lateral tie force of
columns during collapse and help the subassemblage enter
the CA successfully, setting effective lateral constraints at the
side columns of the two ends is extremely important. /e
triple lateral constraint shown in Figure 4 was adopted.
Firstly, the base of the specimen was fixed on the test bench
with channel steel members, steel plates, and screws; sec-
ondly, two channel steel members clamping side columns
were installed; then, both ends of the channel steel members
were fixed on the steel columns of the test bench; finally, two
square steel tube members were supported on the channel
steel members.

Displacement-controlled loading process was applied.
When the actuator displacement was less than 40mm, the
loading process was applied at a very slow rate of 0.25mm/
min. When the displacement was between 40mm and
104mm, the loading process was carried out at a rate of
1.0mm/min. When the displacement was greater than
104mm, the loading process was implemented at a rate of
2mm/min. Since the stroke of the actuator was 400mm,
unloading began at 400mm. A 500mm-high box iron im-
post was inserted between the actuator and middle column,
and then, the reloading was carried out until the specimen
finally collapsed. It should be noted that the short unload-
reload curve is not plotted in Figure 6. /e arrangement of
the measuring points is shown in Figure 5. LC is the strain
measuring point of concrete; LS is the strainmeasuring point
of rebar; LM is the displacement measuring point; LP is the
CFRP strain measuring point; LF is the force sensor; and LN
is the measuring point in the channel steel members and
square steel tube members in the lateral constraint.

3. Experimental Results

3.1.Load-DisplacementCurvesandFailureProcess. /e load-
displacement curves at the middle column of the
unstrengthened specimen and the strengthened specimen
are shown in Figure 6. With increasing displacement, the
subassemblage can be divided into three loading stages.

As shown in Figure 6, the OA segment on the curve is the
FA stage. Microcracks with 0.01∼0.05mm width developed
on the upper edges of the beams near the side columns and
on the lower edges of the beams near the middle column.

/e AB segment on the curve is the CAA stage. Cracks
developed continuously and extended towards the middle
span of the beams. Due to continuous cracking in the tensile
regions, the neutral axis of the beams close to the side
columns moved downward continuously, while the neutral
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axis of the beams close to the middle column moved upward
gradually, forming the compressive arch mechanism. /e
beams produced outward thrust, which made the side
columns generate outward displacements. In the late CAA,
tensile cracks extended continuously, and concrete in the
compressive zone was crushed gradually, accompanied by
the sound of concrete peeling off. /e load capacity of the
unstrengthened specimen decreased to 40 kN when the

displacement of the middle column reached about 200mm,
and it was maintained between 40 kN and 50 kN. When the
displacement exceeded 54.3mm, the strengthened specimen
developed the first CFRP local debonding. At this moment,
the load was 61 kN. With constantly increasing displace-
ment, the CFRP near the middle column produced the
peeling sound continuously. /e region with CFRP local
debonding and local fracture expanded from the bottom
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Figure 3: Details of the HFRP anchors. (a) Steel wires and carbon fibres, (b) HFRP anchors, (c) CFRP sheet andHFRP anchor, and (d) CFRP
sheet anchored with HFRP anchors.

1900

1

1

300 300

20
0

Steel sleeve

ϕ8@95

Length 180
Column
300 × 200

10
0

12
5 22

5

20
0

ϕ8@75

300150
1200

300400

20
0

12
7519

00

22
5

2 2

20
0

400

2–21–1

20
0

2 12

2 12

8 14

Figure 1: Details of the subassemblage.

Advances in Civil Engineering 3



1900

LM-1

LM-2

LC-2
LS-2
LP-1

LC-1

LM-3

LC-4

LP-2 LP-3
LS-3

LS-4
LC-6

LM-4

LC-8

LM-5

LC-10

LP-5

LC-9 LC-11
LS-7

LS-8
LC-12

LM-6

LM-7
LP-6

LC-5 LC-7

LF

LS-5
LP-4
LS-6

LC-3
LS-1

1900
300

Figure 5: Measuring point arrangement.

0
0 100 200 300 400 500 600 700 800

10

20

30

40

50

60

70

80
5

4

3

3

2

2

1

1

×

×

×

×
×

×

×

×C

B

A

Fo
rc

e (
kN

)

Displacement of middle column (mm)

The first time that CFRP debonds
×

1

Z

O

Z

Unstrengthened specimen
Strengthened specimen Z The position of 0.2L

Rebar fracture×

Figure 6: /e load-displacement relation curves of the middle column. (1) Bottom rebar near the middle column. (2) Top rebar near the
right column. (3) Top rebar near the left column. (4) Bottom rebar near the left column. (5) Top rebar near the middle column.

Anchor bolt

Channel
steel Split bolt

Square steel 

Steel column
Specimen

Actuator

(a) (b)

Figure 4: (a) Lateral constraint arrangement. (b) Side view of lateral constraint.

4 Advances in Civil Engineering



upward. When the displacement reached 70mm and the
load was 56.5 kN, the CFRP fracture region near the middle
column exceeded to the HFRP anchor position. /e dis-
placement corresponding to the end point of CAA (point B)
for the unstrengthened specimen and strengthened speci-
men was approximately 250mm.

/e BC segment on the curve is the CA stage. When the
tensile crack extended through the whole concrete section,
concrete in the compressive region was crushed completely.
/e load on the middle column was born entirely by the
longitudinal reinforcement of the beams and the unbroken
CFRP sheets. For the unstrengthened specimen, top bars of
the right span were broken first when the displacement of
the middle column reached 276mm. /e load capacity
decreased sharply from 45 kN to 20 kN. Simultaneously,
concrete in the compressive region of the beam produced
abundant fragments. As displacement increased, the rein-
forcing bars of the beams fractured successively. Finally,
with a loud sound, the specimen lost load capacity after all
reinforcing bars of the beams fractured. At this moment, the
displacement was 730mm, and the load was 73 kN. For the
CFRP strengthened specimen, some parts of CFRP sheets
near the middle column were debonded and fractured when
the subassemblage entered CAA (Figure 7(a)). CFRP
debonding failure also occurred near the region of the
umbrella part of the HFRP anchor close to the middle
column (Figure 7(b)). When the displacement of the middle
column reached 640mm, the specimen finally collapsed./e
ultimate collapse states of these two specimens are shown in
Figures 8(a) and 8(b).

After failure of the subassemblages, the sleeves of
reinforcing bars were removed and cut. No evident damage
was observed in the sleeve section (Figure 9). Moreover,
there was no evident damage on the cast-in-place and
precast concrete interfaces. /e progressive collapse failure
process of the precast concrete subassemblage was the same
as the progressive collapse failure process of the cast-in-place
concrete subassemblage described in previous associated
studies. /is process was mainly divided into FA, CAA, and
CA. No negative impacts were produced on the longitudinal
rebar joint (grout sleeve) and the cast-in-place and precast
concrete interfaces. In contrast, the sleeve arrangement in
this test enhanced the anchor of the longitudinal rebar,
which prevented anchor failure of the longitudinal rebar
(pulling out of the longitudinal rebar) in experiments de-
scribed in other studies. /is result indicated that the
subassemblage of the precast concrete frame was not inferior
to the subassemblage of the cast-in-place concrete frame
with the same reinforcement in terms of progressive col-
lapse. However, reinforcement of precast concrete members
is of the characteristic of “large rebar diameter and large
rebar spacing.” In other words, the number of reinforcing
bars in the precast concrete member is lower than that in the
cast-in-place concrete frame under the same reinforcement
ratio. After CAA and CA, reinforcing bars in the structure
developed tensile failure gradually. Hence, the number of
reinforcing bars was negatively correlated with randomness
of failure. /is feature was one of the disadvantages of
precast concrete structure.

Based on a comparison between the strengthened
specimen and the unstrengthened specimen, the load ca-
pacities of the strengthened specimen in CAA and early CA
were higher than those of the unstrengthened specimen./e
first, second, and third rebar fracture points of the
strengthened specimen appeared later than those of the
unstrengthened specimen. /e CFRP fractured completely
when the middle column deformation reached 0.2 times the
beam span (catenary ultimate deformation of structure
regulated in DOD 2010 [21]). /is result revealed that the
strengthening scheme in this test achieved good effect.
However, the result still had a certain mismatch with the
expected effect (CFRP remained inactive or served slightly in
FA and CAA but worked completely in CA). /is situation
was mainly caused by the downward bonding position of the
CFRP sheets relative to the neutral axis of the beam and
inadequate layers of the CFRP sheets. /e ultimate de-
formation of the strengthened specimen was less than that of
unstrengthened specimen, as shown in Figure 6. Because the
fracture of reinforcing bars had some randomness, the ul-
timate deformation of specimens had some randomness,
too.

/e increase coefficient is defined as  
(ΔP · Δδ)/  Δδ,

where P and δ are the load and displacement of the middle
column, respectively. /e increase coefficient in different
stages is shown in Figure 10. In FA, CFRP was almost in-
active, and the increase coefficient was close to zero. /e
increase coefficients were 7.05% in CAA and 24.59% in CA,
indicating that CFRP mainly played a role in CA. However,
in this test, the CFRP sheets bore too much load in CAA and
had to be improved in the further study.

3.2. Horizontal Displacements of Side Columns. In CAA, the
side columns developed outward lateral displacements
when the middle column moved downward. In CA, the
side columns generated inward horizontal displacements.
/erefore, changes in the axial force in the beam and
conversion of the stress mechanism of the subassemblage
could be deduced by observing the transformation be-
tween positive and negative horizontal displacements of
the side columns. If the side column displacements were
positive, columns moved outward. If the side column
displacements were negative, columns moved inward. /e
side column displacements curves of the unstrengthened
specimen and the strengthened specimen are shown in
Figure 11.

In the whole loading process, the side column dis-
placements of the unstrengthened specimen and the
strengthened specimen ranged between 3mm (outward)
and −3mm (inward). /ese results indicated that the lateral
displacement constraint was very effective.

/e strain curves of the square steel tube members in
the lateral constraint are shown in Figure 12, which il-
lustrates that the square steel tube members were pulled
first and then compressed, and they accounted for ap-
proximately 10% of the displacement constraint. In the
triple lateral constraints scheme (pulling-resistant ground
anchors, antibending constraint of channel steel members,
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and antistretching-compression constraint of square steel
tube members), loads that were undertaken directly by the
square steel tube members were relatively small and mainly
played a role in enhancing the integrity and stability of
constraints.

3.3. Strain ofRebar. Before the CA, the strain growth rates of
reinforcing bars in the tensile region of beams were higher
than those of reinforcing bars in the compression region. In
the progressive collapse design, the deformation capacity of
the beam end section can be increased by increasing the
reinforcement ratio of the beam-column joint or adopting
special structural measures. Since the CFRP shared some

longitudinal rebar stress, the strain growth of the rebar in the
strengthened specimen was lower than that in the
unstrengthened specimen (Figure 13).

3.4. Strain of CFRP. In the collapse process, the principal
cracks of the beam focused on the beam end near the beam-
column joint, so the CFRP strain was also concentrated in
these positions, showing a monotonic upward trend. /e
CFRP strain decreased near the middle of the beam span,
and the strain in themiddle beam span was compression first
and then extension (Figure 14).

4. Analytical Models

4.1. Flexural Action Stage. In the FA stage, the analytical
models for RC beams strengthened with CFRP sheets on the
beam sides are relatively simple. Zhang et al. [22] proposed a
practical design method. Chen et al. [23] also presented a
practical calculation method. Chinese Strengthening Code
[24] also gave the design method and construction sug-
gestions for RC beams strengthened with CFRP sheets on the
beam sides.

4.2. Compressive Arch Action Stage. /e analytical models
for the CAA stage are relatively complicated. Park and
Gamble [25] proposed one of the most widely used CAA

(a) (b)

Figure 7: CFRP failure characteristics of the strengthened specimen near the middle column in CA. (a) CFRP debond and fracture. (b)
CFRP debond.

(a) (b)

Figure 8: Collapse failure of the subassemblages. (a) CFRP strengthened specimen. (b) Unstrengthened specimen.

Figure 9: Sliced sleeve section.
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analytical models. Park and Gamble’s model was modified
and validated by Su et al. [26] and Qian and Li [27]. Yu
and Tan [28] and Kang and Tan [29] updated Park
and Gamble’s model by calculating iteratively the force-
displacement relationship of RC beams at the CAA stage.
Lu [30] also updated Park and Gamble’s model for
RC beams with and without slabs. Zeng [31] proposed
a model to predict the CAA load capacity of FRP
strengthened RCmembers. However, the CAA calculation
model considering RC beams strengthened with CFRP
sheets on the beam sides has not been reported in the
relevant literature.

Park and Gamble’s model is modified herein to be used
for RC beams strengthened with CFRP sheets on the beam
sides. It is assumed that (1) the compressive effect of the
CFRP sheet is not considered and (2) the peak CAA dis-
placements of the unstrengthened specimen and the
strengthened specimen are the same. /en, based on Park
and Gamble’s model, when the width of the CFRP sheet is
larger than h−c, the CAA load capacity of the strengthened
specimen can be derived as follows:
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where b and h are the width and height of the beam, re-
spectively; fc′ is the concrete cylinder compressive strength;
β1 is the ratio of the depth of concrete equivalent stress block
to the depth of the neutral axis; l is the total span; β is the
ratio between the net span and the total span l; T, Tf , and T′
are tensile resultant force of steel bars at the beam section
near the middle column, tensile resultant force of CFRP
sheets at the beam section near the middle column, and
tensile resultant force of steel bars at the beam section near
the side column, respectively; Cs and Cs′ are compressive
resultant forces of steel bars at the beam sections near the
middle column and side column, respectively; d′ is the
thickness of the concrete cover; δ is the peak displacement
corresponding to the peak load; c is the relative depth of the
compression zone at the beam section near the middle
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Figure 10: Increase coefficient of load capacity in different stages.
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column and is determined as shown in Equation (2); εt is the
total axial strain due to beam axial deformation and support

longitudinal displacement and is determined as shown in
Equation (3):

c �
h

2
−
δ
4
−
βl2

4δ
εt −

T′ −T−Cs′ + Cs −Tf

1.7fc′β1b
, (2)
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where Ec is the concrete elastic modulus and S is the support
rigidity in the horizontal direction.

/en, we can calculate the increment of load capacity
with the following equation:
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Figure 13: Strain of the longitudinal rebar on beam end sections of subassemblages. (a) Strain of (1) top rebar near side column and (2)
bottom rebar near middle column. (b) Strain of bottom rebar near side column. (c) Strain of top rebar near middle column.
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where P0
CAA and ε0t are the load capacity and the total axial

strain due to beam axial deformation and support longi-
tudinal displacement of the unstrengthened specimen,
respectively.

For the experiment result of this paper, ΔPexp
CAA is

7.29 kN, while ΔPcal
CAA calculated with Equation (4) is

6.98 kN, and the relative error is −4%. /e calculated value
matches the test data very well. However, it should be noted
that this result may be a coincidence, and more tests should
be carried out to further prove the accuracy of Equation (4).

4.3.CatenaryActionStage. Yi and He [32] provided a simple
analytical method to calculate the catenary action. Pham and
Tan [33] also provided a simplified model of catenary action
in reinforced concrete frames under axially restrained
conditions. Alogla et al. [34] proposed an analytical model to
predict the structural behavior of RC beams under column
removal scenario considering the effect of bar fracture and
the reduction in beam effective depth due to concrete
crushing. However, the CA calculation model for RC beams
strengthened with CFRP sheets on the beam sides has not
been reported in literature.

In order to simplify the analysis, according to the cat-
enary mechanism, we neglect the contribution of concrete to
tension and only consider the tension of steel bars and FRP
sheets, and we also assume that the anchorage of steel bars is
in good condition and ignore the difference between precast
concrete and cast-in-place concrete, so, when the catenary
ultimate deformation occurs, the CA load capacity of the
strengthened specimen is

PCA � PRC + PFRP, (5)

where PRC is the CA load capacity of the unstrengthened
subassemblage [32] and PFRP is the load capacity provided by
the CFRP:

PRC �
8φδ3mEtAs

L3 , (6)

where φ is the deformation adjustment coefficient of the
rebar; δm is the catenary ultimate deformation, and its value

is 0.2L according to existing codes (e.g., DOD 2010) [21]; Et
is Young’s modulus of the beam; As is the longitudinal rebar
sectional area, and L is the beam span:

PFRP � 2csAffFRP sin θ, (7)

where cs is the reduction coefficient of the load capacity.
When δm ≤ 0.2L, cs � 0.172. In the experiment, we observed
that CFRP developed local debonding and fracture in FA
and CAA during actual loading, and the effective sectional
area of the CFRP sheet decreased in CA. /erefore, the
reduction coefficient of the load capacity of CFRP should be
introduced. cs of the “designed CA” (between the begin-
ning of CA and the time when the vertical displacement
reached 0.2L) was calculated as 0.172 according to re-
gression of test data. Af is the sectional area of the CFRP
sheet. fFRP is the tensile strength of the CFRP sheet. sin θ is
the sine value of the beam end rotation when the vertical
displacement of the middle column reached 0.2L, and its
value is 0.196.

/erefore, the CA load capacity of the strengthened
specimen can be determined from Equations (5)–(7):

PCA � 0.064φEtAs + 0.392csAffFRP. (8)

It should be noted that the empirical coefficients of
Equation (8) are only regressed from very limited test data,
so more tests should be carried out to further improve the
accuracy of Equation (8).

5. Construction Suggestions

For precast concrete beams, the anchorage of the longitu-
dinal rebar can be enhanced by arranging sleeves reasonably,
and attention should be paid to the treatment of the interface
between cast-in-place and precast concrete.

(1) Bonding technology of CFRP sheets: CFRP sheets are
suggested to bond to the beam side near the neutral
axis of the beam. Slope processing should be applied
at the beam-column transition. If the slope gradient
is greater than 0.1, additional anchoring measures
such as steel plate anchors should be employed. If the
CFRP sheet is bonded on the lower or upper surface
of the beam side, the corresponding verification
should be implemented to avoid overall fracture of
the CFRP sheet during FA or CAA. From the ex-
perimental results, the main stress areas of CFRP
sheets are at both ends of the beams, so we can bond
CFRP sheets and anchor HFRP anchors at both ends
of the beams but not along the full span.

(2) Anchoringmethod of CFRP sheets:/e goal of setting
HFRP anchors is to avoid large-scale debonding
failure of CFRP sheets in FA and CAA and suc-
cessfully transit to CA. According to references
[35, 36], the debonding load PFAN of the CFRP sheet
with HFRP anchors can be calculated as follows:
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(9)

where fc is the concrete strength, bc is the width of the
concrete specimen, Lf is the bond length of CFRP, tp is the
calculated thickness of CFRP, bp is the CFRP width, Ep is the
elasticity modulus of CFRP, and kam is the increase co-
efficient of the load capacity of the specimen. According to
previous studies by our research team [37], kam is suggested
to be 1.6.

6. Conclusions

(1) /e lateral constraint used in this paper is a triple
constraint scheme, including the pulling-resistant
ground anchors, antibending constraint of the
channel steel members and antistretching-
compression constraint of the square steel tube
members. Test results prove that such lateral con-
straints are effective. /e progressive collapse process
of the assembled monolithic RC frame subassemblage
is the same as that of the cast-in-place structure de-
scribed in the previous literature and is also mainly
divided into FA, CAA, and CA. /e same phenom-
enon is observed in the strengthened subassemblage.

(2) No evident damage is observed at the longitudinal
rebar connector (grout sleeve) and cast-in-place and
precast concrete interfaces. Obviously, the assembled
monolithic RC frame has no inherent disadvantage
in progressive collapse resistance compared to the
cast-in-place RC frame under the premise of equal
reinforcement ratio and normal construction.
However, the rebar of the precast concrete structure
is of the characteristic of “large rebar diameter and
large rebar spacing.” In other words, the number of
rebar in the precast concrete beam is lower than that
in the cast-in-place concrete beam under the same
reinforcement ratio. Rebar develop tensile failure
gradually after CAA and CA. /erefore, the number
of rebar is negatively correlated with the randomness
of failure, which is one of the disadvantages of the
precast RC frame.

(3) In this paper, a strengthened specimen with CFRP
sheets bonded on the side surfaces of the beam is

studied. /e load capacity is not increased signifi-
cantly in FA and CAA, which is advantageous for
maintaining “strong columns and weak beams.” /e
strengthening effect is very obvious in early CA. No
shearing failure develops on HFRP anchors, which
proves that the anchoring method is effective. Before
the ultimate catenary deformation (0.2L) regulated
by existing codes (e.g., DOD 2010), this strength-
ening scheme can meet engineering needs. However,
when the deformation exceeds 0.2L, as the CFRP
sheet fractures gradually, the CFRP sheets no longer
work. Bonding CFRP sheets as close as possible to
the neutral axis of the beam sides is suggested. Two-
layer or more CFRP sheets or composite strength-
ening schemes, such as external bonding of CFRP
sheets and near surface mounting (NSM) of CFRP
rebar, should be used to improve the strengthening
effect.

(4) Finally, based on the CAA and CA analytical models
in the literature, considering the effect of CFRP
sheets, the modified analytical models and con-
struction measures for beams strengthened with
CFRP sheets on the beam sides to mitigate pro-
gressive collapse of the RC frame are proposed.
However, more tests should be carried out to further
prove the accuracy of Equations (4) and (8).
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A brief review of experimental methods for testing blast effects on structures is presented. Methods are classified in four groups:
field tests, shock tubes, pendulum systems, and new techniques (blast simulator). Description of each method is given together
with overall specification of possible instruments used in each test. In today’s modern era of computers which are becoming
powerful tool implemented in all aspects of life and also scientific research, comparison of experimental and numerical techniques
is also given. Comparison of data obtained from different experimental methods show that careful planning and execution leads to
reliable results in terms of pressure, impulse, stress, and damage quantification.

1. Introduction

,e blast resistance of different types of civilian and mil-
itary structures against accidental explosions and terrorist
attacks is an important security issue. Attacks towards
vulnerable structures can cause a large number of casualties
especially if total collapse occurs. Reducing vulnerability of
existing and future buildings and transportation terminals
is a topic of major concern for researchers in both civil and
material engineering. ,e fields in which research is being
focused are primarily blast loading predictions, material
behaviour when subjected to high-rate loading, structural
response to impulsive loading, and protective and retro-
fitting measures [1]. Structural damages caused by blast
loading are the combination of both immediate effects and
consecutive hazards, among which is progressive collapse.
,is catastrophic failure mode occurs when the initial
failure of one or several key load-carrying members causes
a more widespread failure of the surrounding members
what leads to complete collapse of the whole structure [2].
Consequently, it is of great importance to investigate and
improve the response of structures to blast loading.
Compared to other construction materials, concrete is
generally known to have a relatively high extreme blast

resistance capacity. However, to improve resistance against
extreme blast loads, some existing concrete structures require
additional retrofitting [3]. To enhance the blast performance
of concrete, two main procedures have been widely used. ,e
first consists of adding steel, carbon, or polypropylene fibres
as an internal reinforcement to get a fibre-reinforced concrete,
and second method for reduction of damage is by protecting
structure with external elements such as aluminium foam or
steel sheets [4]. One of the most useful information when
assessing the consequences of a blast event on a building
would be the accurate evaluation of dynamic response and
residual load-carrying capacity of the primary supporting
members. ,ere has been a growing trend in the engineering
community to find integrated solutions for the design of
infrastructures across various hazards, namely, multihazard
engineering.Multihazard engineering is the search for a single
design concept which can adequately fulfil the demands of
multiple hazards [5]. Since protection is never an absolute
concept and there is a level of high cost associated with a given
damage level of protection, proper assessment tools must be
employed to determine within reasonable degree of accuracy
the level of vulnerability of existing and new structures.
Furthermore, in blast design, one can also determine an
acceptable level of damage that a structure can tolerate [6].
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Blast testing in general seems to best mimic the real situation
of blast action on an object. It definitely can replicate with
high fidelity complex configurations and conditions that
appear in a real situation and are extremely difficult if not
impossible to simulate in a theoretical or a computational
model. Testing naturally accounts for the real material be-
haviour no matter how complex they are, and for the real
conditions, no matter how nonideal they look like, whether
these are support conditions or connections with other ele-
ments, or poor workmanship. Testing may better simulate the
behaviour of secondary systems, utilities, and buildings oc-
cupants’ response to the severe vibratory response of the
building to blast. However, testing has its obvious limitations
such as cost, environment hazard, safety risk, length of time to
achieve results, limited number of repetitions, and almost
inability to perform parameters studies [7].

,e paper is divided into two main parts. ,e first part
describes the most common types of experiments simulating
blast loading. With the description of each type of the ex-
periment, tables with names of the researchers and basic
information (e.g., type of structural element and its di-
mensions, material, generated pressure, and impulse) are
given.,e second part describes numerical methods of blast-
loading simulations.

2. Experimental Techniques

Experimental techniques can be classified as field tests, shock
tubes, blast pendulum systems, blast simulator, blast
chambers, and material property tests. Each technique has
its own setup and specific characteristics but all have same
final goal, and that is to try to simulate blast loading as
realistically as possible.

2.1. Field Tests. Practical experience related to structural
response of ordinary civilian buildings subjected to different
military or terror attacks was accumulated in recent years, as
a consequence of different terror actions and military
conflicts. ,e accumulated data from actual incidents and
experience gained from different studies, including blast
tests, can be implemented in improvement of calculation
and design tools, as well as design requirements and
guidelines related to design of new buildings and for ret-
rofitting (strengthening) of existing buildings [7].

,e field blast tests involve tedious preparation of test
specimens, prediction of blast load, and usage of high-end
instrumentation such as high-speed cameras, pressure
sensors, and validation of experiments. Due to the limita-
tions of cost and possible blast charge weight to be used for
the research, the charge weight usually has to be limited to a
specific maximum value [8]. Blast resistance tests are nor-
mally performed on small-scale specimens of less than 2m in
each dimension.,is is because full-scale tests are expensive,
complex to handle, and difficult to monitor in terms of
physical parameters that characterize the blast event and the
specimen response [9]. ,e charges used are also scaled, and
their dimensions became smaller than charges that can be
potentially used in the eventual attack [4].

Experimental investigation using filed test can be con-
ducted using one of the two potential test types. ,ese are full-
scale or small-scale blast test. ,ere are advantages and dis-
advantages of both types of test. Small-scale tests are usually
much cheaper and can be performedmore easily than full-scale
tests. If blast wave propagation is considered inmany cases, this
may lead to reliable results due to the existence of similarity
laws. To satisfy the scaling laws, the scaled tests are conducted
with reduced amounts of explosives, and this is an advantage
that yields smaller safety distances and enables testing at more
accessible testing areas. However, considerations may entirely
change when structural response involving inelastic de-
formations and damage are considered. ,is is especially
pronounced in cases of reinforced or masonry buildings which
have complicated nonlinear characteristics and extremely
complex cracking and failure and size-dependent construc-
tional details. Under such conditions, full-scale tests often
become the preferred alternative. Full-scale tests are not easy
decision because they involve considerable higher costs, larger
amounts of explosives, heavier elements, installation, and
overall support. One possible field test setup can be seen in
Figure 3 of Schenker et al. [9] that shows typical field test setup
for full-scale test, military range with large open space for free
blast pressure clearing, and an array of test specimens placed on
a different standoff distance with regard to explosive charge.
Small-scaled field test could provide valuable information on
many different parameters important for blast design (windows
tests, panel tests, steel elements, reinforced concrete (RC) el-
ements, joint elements, and protective cladding) but they
cannot offer information about interaction of those elements in
global response of the structure. Testing of the entire building
may identify the role of its different elements in the near-
collapse case when these elements may form alternative paths
for load transfer and reduce the likelihood of progressive
collapse of the building under consideration.,ese phenomena
can be tested only in full-scale tests [7].

,e largest portion of conducted field tests is related to the
research of behaviour of concrete slabs [4, 9, 11–14]. Re-
searchers are focused on detecting new ways for slab
strengthening by using different types of materials as concrete
aggregate [15], adding steel [16–21], carbon [22], and poly-
propylene [4, 23] fibres or using higher resistance concrete
classes [24]. Experiments on columns are also conducted in the
attempt to determine whether or not seismically designed
bridge or building columns are capable of sustaining signif-
icant blast load before collapsing or is it necessary to conduct
retrofitting [5, 25–31]. Tests are summarized in Table 1.

Field tests are usually conducted on military test sites
(Figures 1 and 2) and very rarely in laboratory setting,
i.e., blast chambers, except in cases of small-scale tests where
small amounts of explosives are used (milligrams or grams).
Main reason for this is the full size of blast pressures that
would be exerted on room walls if the experiment would be
conducted inside relatively small laboratory. Usually there is
no adequate venting of the laboratory that would enable safe
clearing of blast waves without severely damaging room and
injuring its occupants. Test sites are large open spaces usually
located outside main urban centres (remote locations)
appropriated for various activities of military training, among
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which is also training with explosive charges. Specialized
personnel, trained for explosive handling and detonation,
usually conduct experiments. Danger of personnel injury
reduces to minimum because operators and researchers are
securely located in protective structures, concrete bunkers,
during the detonation of explosive charge. Depending on the
needs of researchers, various instruments can be planned for
data acquisition. Detailed descriptions of various instruments
used can be found in Section 2.5. Depending on the tested
element, supporting structure is usually constructed in order
to provide desired boundary condition. If columns are tested,
besides massive foundations that simulate fixed bearings,

additional steel [5, 29] structure is constructed for simulating
column top/head boundary condition. ,is additional
structure is also used for mounting extra mass on the top of
the column to simulate mass of the bridge superstructure, if
bridge columns or mass of the upper building storeys are
tested or if columns from public or residential buildings are
tested. Possible setting for column testing is also to lay col-
umns flat with the ground [32] or to bury the column [33].
Columns are buried in such a way that one of the faces is
exposed to the blast pressure. ,is reduces the influence of
clearing, additional pressure wave refraction, and reflection.
In this setting, adequate standoff distance is provided with

Table 1: Field tests.

Author Year Element
type Material Scale/dimensions

(m) Charge type Charge
weight (kg)

Standoff
distance
(m)

Ðuranović [11] 2002 Slabs RC 1 : 4 and 1 :10 PE4 0.078 0.1–0.5
Rodriguez-Nikl [25] 2006 Columns RC and RC + ACJ 1 :1 AFNO 558 4.36

Ohtsu et al. [23] 2007 Slabs RC, PPFRC, PVAFRC, and
PEFRC 0.6 × 0.6 SEP 10 Contact

Wei et al. [12] 2007 Slabs RC 1.22 × 1.22 TNT 1.16 and 1.71 Contact
Fujikura et al. [26] 2008 Columns RC and CFST 1 : 4 N/A N/A N/A
Fujikura and Bruneau
[27] 2008 Columns RC and RC+SJ 1 : 4 N/A N/A N/A

Schenker et al. [9] 2008 Slabs RC and FRC 1 :1 TNT 1000 20
Davis et al. [28] 2009 Columns RC 1 : 2 AFNO N/A N/A

Wu et al. [16] 2009 Slabs NC, UHPFC, RUHPFC, and
EBFRP 2 × 1 Comp B 1–20 0.75–3

Williamson et al. [29] 2010 Columns RC 1 : 2 AFNO N/A N/A
Fujikura and
Bruneau [5] 2010 Columns RC and RC+SJ 1 : 4 N/A N/A N/A

Yusof et al. [8] 2010 Panels RC and SFRC 0.6 × 0.6 N/A 1 0.6
Fujikura and
Bruneau [30] 2011 Columns RC and CFST 1 : 4 N/A N/A N/A

Wang et al. [13] 2012 Slabs RC 1 :1, 1 : 1.25 and 1 :
1.67 TNT 0.19–0.94 0.3, 0.4

and 0.5
Foglar and Kovar [17] 2013 Slabs RC and FRC 6 × 1.5 TNT 25 15–30

Tabatabaei et al. [22] 2013 Panels RC and LCFRC 1.83 × 1.83 AFNO 38.5 1.065, 1.37
and 1.675

Yankelevsky et al. [7] 2013 Buildings RC 1 :1 N/A N/A N/A

Zhao and Chen [14] 2013 Slabs RC 1 × 1 TNT 0.2, 0.31 and
0.46 0.4

Castedo et al. [4] 2015 Slabs RC, RC+SS, SFRC, and PPFRC 1 :1 PG2, RDX 2 and 15 1 and 0.5
Foglar et al. [18] 2015 Panels RC and FRC 6 × 1.5 TNT 25 0.45
Li et al. [24] 2015 Slabs NSC and UHPC 2 × 1 N/A 1 kg Contact
Mao et al. [19] 2015 Slabs UHPFRC 0.6 × 0.6 PE4 0.21 0.5
Mazurkiewicz et al.
[31] 2015 Columns HKS-300 1 :1 HE 4 0.5

Alengaram et al. [15] 2016 Slabs NC, OPSC, OPSFRC 2 × 1 TNT 1, 5 and 10 1.5

Codina et al. [32] 2016 Columns RC 1 :1 Gelamon
VF65 12.3 0.6 and 1

Xu et al. [33] 2016 Columns UHPFRC and HSRC 1 :1 Emulsion
exp. 1.4–48 1.5

Wu and Li [20] 2017 Slabs RC and RC+ALFC 2 × 0.8 TNT 6, 8 and 12 1.5
RC: reinforced concrete, NC: normal concrete, OPSC: oil palm shell concrete, OPSFRC: oil palm shell fibre-reinforced concrete, SS: steel sheet, SFRC: steel
fibre-reinforced concrete, PPFRC: polypropylene fibre-reinforced concrete, FRC: fibre-reinforced concrete, CFST: concrete-filled steel tube, RC + SJ:
reinforced concrete with steel jacket, NSC: normal strength concrete, UHPC: ultrahigh-performance concrete, HKS-300-steel I-shaped cross section,
PVAFRC: polyvinyl alcoholic fibre-reinforced concrete, PEFRC: polyethylene fibre-reinforced concrete, PPFRC: polypropylene fibre-reinforced concrete,
RC+ACJ: reinforced concrete with advanced composite jackets, LCFRC: long carbon fibre-reinforced concrete, UHPFC: ultrahigh-performance fibre
concrete, RUHPFC: reinforced ultrahigh-performance fibre concrete, EBFRP: externally bonded fibre-reinforced polymer plates, RC+ALFC: reinforced
concrete with aluminium foam claddings, UHPFRC: ultrahigh-performance fibre-reinforced concrete, and HSRC: high-strength-reinforced concrete.
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hanging or placing desired charge on the top of the styrofoam
sheets. In buried settings, hydraulic jacks are usually used for
providing additional level of axial force in the column [33].
Similar setup for charge placement is used in field-testing of
slabs. Slabs are field tested utilizing steel reaction table [16] or
trench [18], which can be dug in the earth and slab is then laid
on top of it. Either of these setups is designed to provide clear
space beneath the test specimen in order to enable free de-
formation. Steel reaction table beams can be designed to
provide different boundary conditions on one, two, three, or
all four edges/sides of the slab.

,ere is no universal test setup for field blast tests, es-
pecially if different types of construction elements are
considered. Test setup depends on the specific requirements
of the researcher, scale, type, and shape of the specimen and
information which is needed from the experiment (if in-
strumentation is needed or not). Careful planning is es-
sential to maximize test efficiency and minimize costs and
safety concerns.

2.2. ShockTubes. Shock tubes have been proven to be a most
versatile and resilient tool for the investigation of shock-
wave-related problems under a laboratory condition cov-
ering a wide variety of fields both in fundamental science and
in applied technology. Tubes are used for analysis of the
physical and chemical processes generating one-
dimensional, nondissipative flows [34–36]. ,ey can be
divided into large, medium, small, and microscale based on
length and inner diameter of the tube [37]. Generally, the
shock tube consists of two major sections, a driver section
and an expansion section. Blast pressures are generated
when a rupture diaphragm, placed between the two sections,
fails due to pressure in the driver section. A shock wave then
travels down the expansion section and loads the test
specimen at the end of the expansion section. In some cases,
the driver could be baffled to reduce the effects of reloading
by smaller reflections that exist in the shock tube. Due to the
construction and the functional principle of the shock tube,
the structural element located at the end of the tube can be

Bent 1Bent 2
Reaction frame

C4

Foundation beam

R h

Plastic container

W: explosive charge weight
h: charge height
R: standoff distance

W

Figure 1: Test setup for column testing [5].

R

W

W: explosive charge weight
R: standoff distance

Reaction frame
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Boundary condition

Apparatus for
charge placement

Figure 2: Test setup for RC slab testing [16].
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loaded with a precisely defined pressure-time history. It is
adjustable by the initial pressure and the length of the high-
pressure section of the shock tube. ,e resulting planar blast
wave is exerted on the test specimen evenly and normal to
the element surface [38–41]. For larger test specimens the
shock tube can be fitted with an additional expansion section
making it possible to test larger structural systems [42]. If
nonplanar specimens such as columns or beams are tested, a
load transfer device, which consists of steel metal sheets
connected to a series of steel beams, could be used. ,is
additional apparatus is used to transfer shock-wave pressure
as a uniformly distributed load along the compression face of
the specimen. Table 2 gives a list of conducted shock tube
experiments on construction elements.

,e test gas flow between the shock wave and the in-
terface has a very short duration, and it can be disturbed by
the various wave systems that propagate in the tube because
of its limited dimensions. ,e most significant effects
concern the perturbations related to the presence of the wall
boundary layer and noninstantaneous rupture (opening) of
the diaphragm (and combined effects). However, if these
effects are taken into account, it is possible to optimise
parameters of interest independently of the disturbing
phenomena [34].

,ere are several possibilities for improving the per-
formance of shock tubes. Some of them are area reduction
close to the diaphragm, use of double-diaphragm tube,
combustion tube, and/or free piston tube. If area close to the
diaphragm is reduced, there is a quasistationary expansion
of driver gas in the area transition zone, which increases the
efficiency of the thrust and consequently Mach number.
Additional third section added to the double-diaphragm
tube that is used as a test section. Expanded gas from the
second chamber is used as a driver gas for the test gas in the
third chamber what, again, consequently increases the Mach
number and reduces the test time. Combustion tube is used
to produce the increase in the sound of speed by temperature
increase. ,e problem here is to obtain uniform combustion
without detonation, and this is usually realized by arranging
significant number of spark plugs in spiral along the high-
pressure chamber. Increase in the Mach number is partly
compensated by strong deceleration of the shock wave due
to sharp pressure fall after the combustion. Free piston tube
is used for fast compression of a light gas used as a driver.
,is compression carried out by a piston launched at high
speed in a tube is serving as a compression chamber after
which compressed hot gas ruptures the diaphragm. ,is is
the most efficient process to create a shock wave of high
intensity [34].

,e BakerRisk test site in San Antonio [42] has a 0.75m2

(8 ft2) target area in its normal configuration and can be
configured to deliver a variety of blast pressure and impulse
combinations with maximum possible peak pressure of 3 bar
(45 psi) with a maximum impulse greater than 660 bar·ms
(1000 psi ms). Shock tubes of similar construction and
capability are blast load simulator (BLS) which are situated
at the U.S. Army Corp of Engineers (USACE) Engineer
Research and Development Centre (ERDC) in Vicksburg,
Massachusetts, USA [10], at the University of Ottawa Blast

Research Laboratory, Canada [46, 50], at the testing ground
of Swedish Defence Research Agency (FOI) in Marsta,
Sweden [44], and at the Ernst-Mach-Institute in Freiburg,
Germany [39]. Listed tubes are slightly different by their
internal cross section near the test area and pressure levels
exerted on test specimens but their work mode is very
similar. A wide range of measurements are possible during
shock tube testing; dynamic measurements, dynamic load
measurements, strain measurements, high-speed camera
video, normal video, and still photography capabilities are
available depending on shock tube setup and researcher
requirements. A high-speed camera is used for recording the
dynamic response of tested specimens. Usually the high-
speed camera is mounted outside the shock tube and is
oriented to record the motion of the specimen. If positioned
perpendicular to the shock tube, it can record deflections
and velocities which are determined from sequential images
taken during testing [10, 38, 43, 46, 48, 49, 51]. Propagation
of the damage pattern can also be analysed if the camera is
placed in such a way to have a clear view of the specimen
surface of interest. ,e schematic layout of the shock tube is
presented in Figure 3, and the photography of the field-
installed BakerRisk shock tube can be seen in Figure 8 of
Schleyer et al. [42].

2.3. Blast Pendulum Systems. Blast measurements for ex-
perimental testing of smaller structural parts could be
conducted using pendulum systems situated in blast
chambers. Typically, a four-cable ballistic pendulum system
is employed to measure the impulse imparted onto the front
face of the specific specimen. ,e recorded pendulum swing
gives a direct indication of the height reached by the pen-
dulum and hence the maximum potential energy of the
system after the dissipation of the energy in plastic work.,e
value of this maximum potential energy can be used to
calculate the maximum velocity of the whole pendulum
system as it swings back through its initial zero position. ,e
linear momentum (mass times velocity) associated with the
whole pendulum mass at this point must be equal to the
initial impulse applied to the beam, as long as mass has been
constant, and no other forces have been applied. In this way,
the pendulum swing gives an accurate measure of the ap-
plied impulse [52–55]. ,e balance weight is adjusted before
each test to ensure that the centre of the mass of the whole
pendulum system is close to the centre point between the
two pairs of the cables. TNT charge is used to produce
impulsive loading on the front face of the specimen which
pushes the pendulum to translate. Based on the oscillation
amplitude recorded by oscilloscope, the impulse exerted
onto the pendulum can be calculated. Besides oscilloscope,
laser displacement transducers could be used for translation
measurements. ,e front of the pendulum consists of the
steel frame onto which the specimen is clamped [56–58].
Typical experimental setup for blast experimentation using
ballistic pendulum system can be seen in Figure 1 in [56].
Figure 4 depicts the schematic view of the pendulum system.
Charge weights in the pendulum blast test range from 3 to
50 g if experiments are conducted inside the blast chamber,
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but there are versions of pendulum systems which are
adapted for larger weight sizes [59], up to 2500 g, and are
installed in open spaces (Figure 5). Specimens vary in shape
and size depending on research requirements. ,e most
common shape of specimens for blast pendulum tests is
rectangular with dimensions from 76mm up to 400mm
(700mm if exterior blast pendulum system is considered),
but even circular or even small-scale beams can be tested.
Table 3 gives summary of blast pendulum tests.

Pendulum systems are used for small-scale blast ex-
periments in laboratory setup. ,ey are used for in-
vestigation of local effects of blast loads and have a wide
spectrum of experimental possibilities. Pendulum tests were
conducted on metal [56, 63, 65], glass [51], and composite
panels [57, 60–62, 64]. Panels were tested for structural
response on blast load in order to determine possibilities of
their use for structural strengthening.

2.4. Blast Simulator. Field experiments, although generally
effective, are often expensive, dangerous, and in many cases do
not provide clear visual evidence and quantitative data of
structural response throughout the blast event. In order to
provide blast-like loadings on structures in a controlled lab-
oratory setting, the blast simulator was designed and con-
structed (University of California, San Diego, USA, 2006.).,e

blast simulator is a ultrafast, hydraulically driven, computer-
controlled impulse generator. It is designed to produce an
impulse by impacting the specimen with a mass in a controlled
manner. In this way, the simulator can produce quantitative
and qualitative, high resolution data and what is most im-
portant is it ensures repeatability of experiments eliminating
blast wave and fireball interference with measuring in-
struments. ,e simulator generates impulses using ultrafast,
computer-controlled hydraulic actuators with a combined
hydraulic/high-pressure nitrogen energy source called blast
generators (Figure 6). ,e actuators are used in conjunction
with appropriate loading media, which attached to the variable
masses assist in the appropriate loading conditions for various
blast loads. Detailed description of the blast simulator inner
workings can be found in [67–69]. Blast simulator construction
and actuator configuration can be seen in Figure 1 in [69].

Tests are conducted using one of the twomethods selected
based on the test requirements. ,e procedure for de-
termining force-time history and impulses is dependent on
the type of experiment. ,e first method involves an un-
attached mass, and the second involves an attached mass. For
the unattached configuration, a thin plate is attached to the
piston rod, and it pushes the impact mass towards the
specimen. At a specified time, the rod is retracted, letting the
impact mass travel forwards and impact the specimen. ,e
second, more common, test type is the attached test. In this

Driver-pressure vessel Vented cone and transition components Target vessel

Figure 3: Schematic representation of Vicksburg BLS [10].

Table 2: Shock tube experiments.

Author Year Element
type Material type Scale/dimensions

(mm)
Shock wave

(kPa)
Impulse

(kPa∗ms)
Load

transfer
Toutlemonde et al.
[43] 1993 Slabs RC φ 900 1700 N/A PW

Schleyer et al. [42] 2007 Panels STS 1 : 4 38–221 2013–4358 PW
Magnusson et al. [44] 2010 Beams NSC and HSC 1 :1 1200–3200 6300–11130 PW
Ellis et al. [10] 2014 Panels UHPC 1626, 864 and 51 N/A 810–2050 PW
Stolz et al. [38] 2014 Slabs DUCON 2410 × 1140 35–250 N/A PW
Zhang et al. [45] 2014 Plates Steel 1008 and 1018 50.8 × 203.3 375 N/A PW
Aoude et al. [46] 2015 Columns UHPFRC (CRC) 1 :1 12.6–108.6 109–964 LTD

,iagarajan et al. [40] 2015 Slabs HSC-VR, HSC-NR, NSC-VR and
NSC-NR 1 : 3 350–390 6790–7710 PW

Haris et al. [41] 2017 Panels Polyurea, STF, foam, and STF-
infused foam 120 × 110 186 N/A PW

Lee et al. [47] 2018 Beams SFRC 125 × 250 × 2438 22.78–67.81 196.02–680.4 LTD
Lacroix and Doudak
[48] 2018 Beams 24F-ES Spruce Pine glulam + FRP 137 × 222 × 2235 41.2–76.2 419.1–1110 LTD

Poulin et al. [49] 2018 Panels CLT SPF 105 (175) × 445 x
2500 5.8–58.6 59.4–690.7 LTD

UHPFRC: ultrahigh-performance fibre-reinforced concrete, CRC: compact reinforced concrete. UHPC: ultrahigh-performance concrete, STF: shear
thickening fluid, NSC: normal strength concrete. HSC: high-strength concrete, STS: stainless steel, DUCON: ductile concrete, VR: high-strength low alloy
vanadium reinforcement, NR: normal reinforcement, SFRC: steel fibre-reinforced concrete, FRP: fibre-reinforced polymer, CLT SPF: cross-laminated timber
with Spruce pine fir, PW: pressure wave, and LTD: load transfer device.

6 Advances in Civil Engineering



Steel
cables

Laser
displacement

transducer

Specimen Pressure gauge

ChargeI-beam

Mask

Balance
weights

Laser displacement transducer Strain gauges

Detonating
switch

High-speed video camera

Acquisition system #1

Personal computer

Acquisition system #2

Acquisition system #3

Acquisition system #4

Figure 4: Ballistic pendulum experimental setup [57].

Charge

Foam
panel

Cover
plate

Center of
mass

Axis of
rotation

Figure 5: Field blast pendulum system [59].

Advances in Civil Engineering 7



type of test, the hydraulics is connected to the impact mass
throughout the collision. At a specified time, the hydraulics
begins to pull back on the impact mass near the end of the
collision. ,is pulling back prevents a double-hit and tailors
the impact so that the loading is blast-like in duration and

shape [67]. ,e simulator can be applied to a wide range of
interesting problems which include the development of novel
hardening strategies [71] and the simulation of complex
loading environments [72, 73]. ,e blast simulator is not
limited to producing just external blast loads, but can generate

Table 3: Blast pendulum tests.

Author Year Element
type Material type Dimensions

(mm)
Charge
type

Charge
weight (g)

Standoff
distance (mm)

Impulse
(ns)

Humphreys
[52] 1965 Beams Steel N/A DuPont

EL-506-D N/A N/A N/A

Jones et al.
[53] 1970 Plated Mild steel and aluminium 76 × 129 DuPont N/A N/A N/A

Jones et al.
[54] 1971 Beams and

plates Mild steel and aluminium 128 (× 128) DuPont N/A N/A N/A

Hanssen
et al. [59] 2002 Panels Aluminium foam 684 × 700 PE4 1000–2500 500 364.7–1305.3

Langdon
et al. [60] 2009 Panels GLARE 200 × 200 PE4 4–14 13 11–32

Shen et al.
[57] 2010 Panels Al-5005 H34 sheets

and ALPORAS foam 400 × 400 TNT 20–60 250 and 350 15.8–41.2

Fallah et al.
[61] 2014 Plates Dyneema 300 × 300 PE4 12–50 50 17.7–114.4

Guan et al.
[62] 2014 Panels Divinycell H Φ 90 PE4 3–7 90 5.89–11.08

Henchie
et al. [63] 2014 Plates Domex-700MC steel Φ 106 PE4 5–40 150 10.4–63.98

Jing et al.
[64] 2014 Sandwich

shell Aluminium sheets and foam 250 × 250 TNT 10–40 100 8.73–44.38

Li et al. [65] 2014 Sandwich
panels Aluminium AL-1200H18 250 × 250 TNT 10–30 100–240 11.8–26.7

Langdon
et al. [56] 2015 Plates Mild steel, Armox 370T,

AL-5083H116, and GFPP
300 × 300,
400 × 400 PE4 7–50 25 and 38 13–116.8

Ghoor [66] 2018 Panels FRPMS and LCP 400 × 400 PE4 10–25 100 17.32–35.6
McDonald
[58] 2018 Plates RHA, IRHA, HHA, and ARS 400 × 400 PE4 30–75 50 61.2–127.9

Dyneema: ultrahigh molecular weight polyethylene fibre composite, Divinycell H: crosslined PVC foam, GLARE: fibre metal laminate, GFPP: glass fibre-
reinforced polypropylene, RHA: rolled homogeneous armour, IRHA: improved rolled homogeneous armour, HHA: high hardness armour, ARS: abrasive
resistant steel, FRP+MS: fibre-reinforced polymer moulded sandwich (Airex C70:75 core), and LCP: laminated composite panels.
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Figure 6: Blast simulator site scheme [67].
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a multitude of high-rate loading effects, such as shock loads of
components and confined explosions. Comparing the data
from blast simulator tests to computer simulations as well as a
field tests using explosive charges, the experimental blast
simulator impulse was verified. It was confirmed that short
duration impulsive loading can be achieved from structures
with planar geometry [67–69]. Table 4 gives a list of test
performed using the blast simulator.

Data comparison shows very good overlap of measured
and simulated values based on which it can be concluded
that the blast simulator can provide realistic blast results.
Measured and numerically simulated displacements from
concrete wall subjected to blast load can be seen in Figure 10
in [67]. Oesterle in 2009 tested thirty specimens of different
types of concrete walls at Blast Simulator Facility. ,ese tests
included reinforced concrete walls, unreinforced and rein-
forced concrete masonry unit walls, and same wall types
retrofitted with carbon fibres and polyurea [75, 76]. Com-
parison of steel column displacements measured from the
blast simulator and field tests can be seen in Figure 14 in
[67]. Steel columns were tested to simulate vehicle-borne
explosives of 454 kg (1000 lbs) to 680 kg (1500 kg) located at
the curb side. Such blast scenarios generated a nonuniform
load along the height of the column with a higher impulse at
the base and a decreasing impulse along the height of the
column. ,is required precise configuration of the valve
commands and the initial position of the piston rod in order
to ensure a synchronized impact. Comparison of results
showed that the simulator is effective in producing loads
which can capture the maximum displacement and overall
response of the column when scaled distance is equal or
above two. However, the blast simulator cannot generate
blast load with sufficient accuracy due to temperature effects
and other parameters because of the close proximity of the
charge and subsequent fireball when the scaled distance is
smaller than two [77–79].

2.5. Blast Chambers. Blast chambers are structures used to
fully or partially contain the effects of high explosions. ,ey
are produced for a number of different uses: for the research
of different aspects of explosive loading and explosive
characteristics, for development purposes of different types
of materials or construction elements, as well as for de-
struction of munition. Based on the intended purpose, the
chamber is designed accordingly. ,e chamber intended to
withstand multiple detonations without sustaining any
damage is designed considering liner-elastic response, while
chambers intended for one-time extreme event is designed
considering plastic response. Majority of blast chambers are
intended for multiple use and can sustain 20% to 27% larger
charge weights in comparison with the designed value [80].
At this charge weight level, first detectable plastic strains can
be detected in the chamber. Usually chambers are designed
to sustain detonation of up to 1 kg of explosive charge. Basic
geometry of blast chambers is either spherical or cylindrical,
but if spatial or operational requirements dictate, a rect-
angular geometry can also be designed to contain internal
detonation. Charge is usually detonated in the centre of the

spherical chamber, while charge can be placed optionally in
the rectangular chamber. Characteristic of blast chamber is
that the tested element as well as chamber walls is loaded
with multiple pressure spikes as a result of pressure re-
flection from chamber walls resulting in nonuniform load at
different locations inside the chamber. Chambers usually
have places intended for instrumentation placement for
recording pressures inside the chamber. ,ese instruments
are side-on and face-on pressure sensors, and if partially
confined chambers are considered, high-speed cameras can
be installed tomonitor blast door opening and pressure wave
expansion. Table 5 gives list of conducted research in blast
chambers.

Research is conducted on small-scale specimens, usually
slabs [82, 83], but there is several research about strain
growth in chamber walls [70, 81, 84] and shock wave ex-
pansion and reflection inside the chamber [85] Examples of
blast chambers used in experiments can be seen in Figures 7
and 8.

2.6. Material Property Tests. Dynamic behaviour of materials
is strain-rate dependent. If compared to statically determined
properties, increase in strength strain capacity and fracture
energy is observed.,is increase is taken into account by using
dynamic increase factor (DIF). ,ere are several possible
methods to determine dynamic properties of materials as the
Charpy pendulum, drop-weight impact, plate impact, servo-
hydraulic test machine, Split-Hopkinson pressure bar (SHPB),
gas gun, and explosive field tests [87, 88]. Most commonly
used test is SHPB (Figure 9) but all depends on the availability
of certain method to researcher. In Charpy pendulum test, the
specimen (usually thick beam) is impacted by swinging
pendulum directly opposite the notch which is machined in
the middle of the specimen supported in a horizontal plane.
,e test can be easily instrumented, and information about
energy dissipation or strains can be recorded during impact
test. Drop-weight test (plate impact) consists of a known
weight dropping from a predetermined height to the test
specimen supported in the horizontal plane. Impact speed can
be determined using equations of motion or by optical sensors
located in the vicinity of the test specimen. Advantage of this
type of test is a wider range of test specimen geometries. High-
strain-rate testing of various specimens can be conducted
using servo-hydraulic testing machines. Specimens can be
loaded with pulsating or alternating loads using periodic or
random signals.,ere is a wide range of force capacity of these
machines (5 kN to 2500 kN) with different grip types
depending on intended use, flat for compression testing, or
clamping for tensile testing. Usually machine has an integrated
force and displacement sensor for recording information
during testing. Hopkinson bar technique can be employed for
determination of different material properties. ,ere are
several types of Hopkins bar tests, the punch-loaded Hop-
kinson bar, the compression bar, the tensile bar, and the
Hopkinson bar shear test. Main principle for this test is to bind
specimen into the inertia bar and the input bar which is then
loaded through the weight bar accelerated using gas pro-
jectiles. ,e specimen should have an adequate interface with
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Table 5: Blast chamber tests.

Author Year Element
type Material type Scale or

dimensions (m) Charge type Charge
weight (g)

Standoff
distance (m)

Pressure
(kPa)

Impulse
(kPa∗ms)

Whenhui
et al. [81] 1997 Chamber

wall Steel 0.852 × Φ 0.425 RDX 9.1, 18.2
and 27.4 0.212 N/A N/A

Wu et al.
[82] 2007 Slabs RC and RC

NSM CFRP 1.3 × 1.0 Pentolite and
comp B

60 and
2000 0.6 N/A N/A

Wu et al.
[83] 2009 Slabs RC and RC

NSM CFRP 1.3 × 1.0 Comp B 2000 0.6 N/A N/A

Wu et al.
[70] 2013 Chamber

wall N/A 1 :1 PE4 95–200 1.3 and 1.5 250–1100 50–225

Snyman et al.
[84] 2016 Blast

chamber
MS and MS

nylon 1:5 (1.2 × Φ 1.0) Comp B 24 and 40 0.5 4129
(476) 312–597

Jiba et al.
[85] 2018 Shock

wave Fine water mist 1.2 × Φ 1.0 PE4 20 0.5 N/A N/A

NSM CRFP: near-surface-mounted carbon fibre-reinforced polymer. MS: mild steel.

Table 4: Blast simulator tests.

Author Year Element
type Material type Dimensions (m) Impact

velocity (m/s)
Pressure
(MPa)

Impulse
(MPa∗ms)

Gram et al. [74] 2006 Columns RC 0.36 × 0.36 × 3.28 1.5–30 N/A 15.8

Oesterle [75] 2009 Walls CMU and CMU + CFRP (RC +
frangible panels)

0.268 × 0.146
0.350 × 0.122 4–8 (5–23) N/A 0.7–1.9

(1.9–5.9)
Oesterle et al.
[76] 2009 Walls CMU and CMU + CFRP 2.68 × 1.46 4–8 1.55 1.1–2.0

Stewart [77] 2010 Columns A992 Gr. 50 steel 0.25 × 0.25 × 3.32
0.37 × 0.37 × 3.32 4–45 1.1–131.3

(233.3) 2.4–55.6 (53.1)

Huson et al. [73] 2011 Water
bladder XR-5 polyester and U1940 nylon 0.41 × 0.41 10–25 0.5–1 0.62–16.2

Rodriguez-Nikl
et al. [68] 2011 Columns RC and RC CFRP N/A N/A 10 6.8–16.9

Huson [72] 2012 Joints CFRP and balsa 0.60 × 1.22 × 1.22 10–25 3.1–10.34 6.9–34.5
Li et al. [50] 2012 Columns RC LS and RC NS 0.26 × 0.26 × 2.4 10–25 N/A 5.3–15.9

Stewart [78] 2012 Columns A992 Gr. 50 steel 0.37 × 0. 37 × 3.32 (S
and W)

13–45
22–65 N/A 15 ()–53.8

(39.4–107.4)
Freidenberg [69] 2014 Wall Sure-board 3.7 × 1.3 10 3200 4

Stewart et al. [67] 2014 Columns A992 Gr. 50 steel 0.25 × 0.25 × 3.32
0.37 × 0.37 × 3.32 4–45 1.1–131.3

(233.3) 2.4–55.6 (53.1)

Sure-Board: C-shaped studs of high-strength low alloy vanadium steel with cement-board and gypsum-board panel. UCSD: University of California, San
Diego. CFRP: carbon fibre-reinforced polymer. RC LS: reinforced concrete limited seismic. RC NS: reinforced concrete nonseismic. S: strong axis. W: weak
axis.
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Figure 7: Rectangular blast chamber [70].
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bars in order to avoid shear failure within grip and the
specimen and to avoid stress concentration. Strain gauges on
input and inertia bar record incident and reflected stress
waves. Impact testing of materials can also be conducted using
a high-pressure gas gun. Projectile is accelerated down the
barrel by gas that is fled to a chamber. Gas is restrained by a
plastic diaphragm, and when the predetermined pressure
value is achieved, diaphragm is burst to produce acceleration
of projectile. A gun barrel is usually instrumented and can
capture force-displacement histories for further analysis.

2.7. Instrumentation. Measuring of blast loads on structures
is a complex task. Instruments should be placed in such a
way that they do not interfere with the load distribution on
the surface of the observed element and to avoid their
damage and/or destruction when subjected to blast wave.
,e properties of blast waves as they strike the structure are
most commonly recorded in terms of pressure, and the
design and use of pressure gauges suitable for recording the
history of blast wave pressure is an important aspect of
structural loading research [90]. ,e damage potential of a
blast wave is associated with both the force it exerts on an
object and the duration over which the force is applied. An
assessment of this damage potential requires measurements
of the peak static overpressure and the total impulse per unit
area of the blast wave. During blast measurements there are
several undesired environmental influences which can se-
verely distort the signal output. Influences include high
temperatures, ground shocks and their associated strain
waves, intense light, fragment impact, ionized gases which
coupled with submicrosecond pressure-time rise and ex-
tremely high-frequency response from the measuring
transducers and signal conditioning make blast measure-
ments an extremely challenging task [91, 92]. Broad spec-
trum of various instruments is used in blast measurements
depending on required data for analysis. From conventional

instruments linear variable differential transformer (LVDT),
both mechanical and laser, are used for deformation mea-
surements, different types of accelerometers used for mea-
suring test specimen acceleration after blast wave impact
(specimen velocity and deformation can be determined in
postblast analysis) and strain gauges, typically for measuring
strains on reinforcement in reinforced concrete specimens
or on steel plates. ,ese instruments are usually mounted on
opposite side of test specimen in relation to blast wave
incidence in order to provide protection against damage or
destruction. Mentioned instruments are usual in static ex-
perimental setups while in dynamic they are required to have
greater acquisition speeds in order to capture high strain
rates produced by dynamic loading. Mentioned instruments
are used formeasuring secondary blast effects; deformations,
accelerations and strains of tested specimens but not for
primary detonation products; blast incident and reflected
pressure, impulses and blast duration. First attempts to
develop blast pressure transducers to measure static over-
pressure was made by U.S. and British laboratories in 1950s
and 1960s in order to measure pressures originated from
atmospheric nuclear testing [91]. Two types of pressure
transducers were researched: pencil and lollipop probes.
Lollipop probes were in time abandoned, and nowadays
pressure transducers for measuring blast pressures at lo-
cations above ground level are mainly pencil probes. In
addition to transducers for measuring free air blast pressures
there are transducers for measuring reflected pressures,
ground-surface transducers. Pencil probes and ground-
surface transducers are very different in their design [91, 93].

2.7.1. Pencil Probe. Pencil probes are side-on transducers
that record free field pressures at varying distances from
blast source. ,eir design must minimize interference with
the flow behind the shock front (Figure 10). Blast wave will
become distorted at its higher frequencies when

Cross
section

Figure 8: Spherical blast chamber.
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encountering the probe tip, but it will reconstitute itself by
the time it arrives at the sensing face that is located trans-
verse to the longitudinal axis of the probe. ,e probe is
tapered over its first 5 cm of length and then widens into a
cylindrical body with a flat sensing surface on one side
[94, 95]. Probes tip should be pointed to an incident, planar
blast wave in order to permit accurate measurement of it
static overpressure preventing wave reflection and ampli-
fication. From the first appearance of the probe, there was
little change in its design. Significant changes include re-
placement of probe material from ceramic to quartz and
ICP® electronics (registered brand of PCB Piezoelectronics
Corporation) were integrated enabling 5V full-scale output
for each of its various pressure ranges [91, 93]. Probe axis
should be aligned incident to the incoming air blast wave in
order to avoid errors of the measurement. Proper placement
of pencil probe can be seen on Figure 3 in Walter [91]. Field
test have shown that the maximum misalignment of probe
axis should be within ±5° in order to conduct accurate
measurements [96].

Both mechanical and electrical isolation should be
provided. Transducer is mechanically adapted to an
electrically conductive test stand or holder by a non-
conductive material because it provides electrical isolation
between the probes case and the path for any electrical
grounding through the stand. Probes placed on hard
surfaces are susceptible to blast ground shocks that could
disturb the measurements but this problem is solved by
placing the probe stand on low-density foam that would
block this transmission path. Exposure to high tempera-
tures can also result in an error in measurements; it can
cause false negative pressure that is occurring due to a
thermal expansion in the internal housing of the trans-
ducer. ,e expansion results in a slight release of the
preload on the stacked quartz elements. ,is problem is
resolved with a tight wrap of black electrical tape around
the sensor [91, 97, 98].

Transducer placement is dependent on the test config-
uration and quantity of the explosive test items, on other
items located in the test area, on the height of the test
specimen and explosive at detonation, on preparation of the
ground surface, etc. One possible field sensor setup can be
seen inWalter [99] It is desired to have the sensors located in
the Mach stem what enables the easiest data collection and
interpretation. ,e sensor array should be planned to ac-
quire large enough data set in order to conduct statistical
analysis by varying distances and azimuths between sensor
locations (Figure 11). Probe stands should not shadow or

interfere with each other when placed in a row. Shadowing
can be avoided by proper incrementing of sensor height and/
or relative displacement between each. Fragmentation poles
can be placed in front of a row of sensors along a radius to
protect sensor from fragmentation impact and damage.
After collecting, data (signal) needs to be transferred to the
acquisition system that is usually situated several hundreds
of meters from the blast site in some sort of protective
structure (bunker). ,is is done usually by burying in the
ground cables that could also be damaged or destroyed if not
properly protected. During signal transmission distortions
can occur which influence on data accuracy. In order to
avoid signal distortions cables should be properly termi-
nated preventing reflections at higher frequencies, i.e. proper
attention should be directed to cable inductance and ca-
pacitance [93, 98].

2.7.2. Ground-Surface Transducer. Ground-surface trans-
ducers are probes used for measuring reflected blast pres-
sures based on the principle of a pressure bar. Example of
ground-surface transducer can be seen on Figure 12.,e bar
is acoustically impedance-matched to the tourmaline,
resulting in a 1.5MHz resonant frequency for the trans-
ducer [93]. ,e sensing face of the transducer must be
levelled with the surface of the element in which they are
mounted [94]. If the transducer should protrude from the
surface, the protrusion will introduce errors by partially
reflecting the blast wave. In some cases, deviations from
flush mounting are required in order to isolate transducer
from unwanted effects as high temperature interference.
Alternately, if the transducer is recessed in the surface, the
resultant acoustic cavity can act as a resonator [92, 95, 96].
,ese sensors are also susceptible to errors in measure-
ments by environment influences, like high temperatures,
intense light, element accelerations, etc. Mentioned in-
fluences are omitted by applying appropriate material as a

Cylindrical body

Tapered tip
Flat sensing surface

Connector

Figure 10: Pencil probe.
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Figure 9: Schematic representation of an SHPB setup [89].
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base, such as Teflon, Delrin or nylon in order to dampen
unwanted accelerations, applying ceramic or rubber
coating over the sensing face in order to prevent heat
transfer, and applying opaque grease behind the screen on
sensing face to block error signals due to intense light
[91, 100]. Ground-surface transducers are not intended to
record the entire pressure-time history but are limited to
short record times. Longer record times require use of
acceleration compensated pressure transducers but those
are susceptible to thermal problems. ,e by-product of
thermal induced housing expansion is negative signal re-
siding after the blast event is clearly over. ,is is mitigated
by use of ceramic or Room-Temperature-Vulcanizing sil-
icone (RTV) coatings [100].

2.7.3. High-Speed Cameras. Useful instrument for moni-
toring specimen deformation in time is the high-speed
camera. ,ere are high-speed cameras with different ca-
pabilities in terms of sampling frequency, from 2000Hz to
2000000Hz (ultrahigh-speed camera) depending on the
required usage [101]. Available recording time depends on
sampling frequency, camera hard memory and photo res-
olution. Higher sampling frequency requires larger memory

for recording same event duration with same photo reso-
lution than for lower sampling frequencies, respectively.
Cameras used in blast measurements are typically positioned
in safe distance in order to avoid damage by blast shock and/
or fragment impact.,ey have limited capabilities if used for
field blast tests in sense that the specimen is usually obscured
by explosion fireball. Because of that camera usually is not
capable of recording specimen behaviour, deformation and
damage propagation. Nevertheless, with smart placement of
the camera (for example behind the slab-like specimen
opposite the explosion) it might be possible to record useful
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Figure 11: Scheme of the field blast sensors installation [91].
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data. Additionally, a special benefit of high-speed camera is
possibility of calculating blast wave velocity from the re-
cording that is then used to calibrate numerical simulations.
In field tests, cameras can be used for recording blast fireball
and wave expansion for further analysis. ,ey are useful in
other types of tests were camera has a clear view of the
specimen, especially in shock tube tests where blast wave
without any explosion by-products loads test specimen and
blast simulator where specimen is loaded directly with
hydraulic actuators.

3. Comparison to Numerical Simulations

To understand the behaviour of structures under blast
loading, as stated before, full-scale blast tests would be the
best course of action. However, these tests are limited due
to security restrictions and a lack of the considerable re-
sources required. ,erefore, numerical modelling and
simulation have recently been proven to be a valuable tool
in simulating the behaviour of structures under blast
loading [102–106]. Simulations are conducted using
hydrocode software that is specialized numerical program
for fluid dynamics. Table 6 gives a short list of conducted
numerical simulations of blast effects on structural ele-
ments. Nonlinear dynamic blast analysis using hydrocodes
[107–109] can be conducted using a 2D axis-symmetry
simulation or a full 3D simulation. If 2D simulations are
used, running times are reasonable and results are ade-
quate but stiffer than the experimental results. In order to
capture the true physics of the problem, 3D simulation can
be applied because it resembles the actual situation.
However, despite great advances in computation perfor-
mance, there are still limitations when computing
3D simulations for blast analysis. Run times can be in order of
days or weeks or even longer particularly when basic serial
computing is used, but this can be somewhat reduced if
parallel processing is applied. ,e numerical analysis of
structures under irregular blast loading is also influenced by
mesh geometries.,is mesh size dependence is occurring due
to gaps between the explosive energy and internal energy of
structures and specific mechanical properties within the
material model [3]. Numerical simulations can supply
quantitative and accurate details of stress, strain, and de-
formation fields that are difficult to reproduce experimentally.

Hydrocode software can utilize several different nu-
merical techniques: Eulerian, Lagrangian, arbitrary
Lagrange Euler (ALE), and smoothed particle hydrody-
namics (SPH) to optimise the analysis of nonlinear dy-
namic problems.

Dynamic response of a structure to an explosive deto-
nation can be best described using the Eulerian approach for
the explosive detonation while structural response is gen-
erally best modelled using a Lagrangian method. Solid
continua and structures are usually modelled using a
Lagrange processor which operates on a structured (I-J-K)
numerical mesh consisting of either quadrilateral (2D) or
solid (3D) elements depending on the type of analysis, planar
or spatial, respectively. Main characteristic of the Lagrange
processor is that the numerical mesh moves and distorts

with the motion of material, and there is no transport of
material from cell to cell. Such a shape has an advantage that
the motion tracking of material is very accurate, and the
material interface and free surfaces are clearly defined. Se-
vere material deformations result in high numerical mesh
distortions which can lead to loss of calculation accuracy and
efficiency or even calculation failure. Fluid, gases, and large
distortions are usually modelled using the Euler processor. It
includes first-order and second-order accuracy schemes.
Material flows through the fixed numerical mesh. ,e
equations of mass, momentum, and energy conservation are
solved through a control volume method. ,e advantage of
such a scheme is that large material flows and distortions can
be easily treated. Because material interfaces and free sur-
faces are not easily distinguished in this method, sophisti-
cated techniques must be utilized in order to track material
interfaces. ,is leads to a numerical solver that allows both
solutions in a single simulation with coupling between these
solvers in the temporal and spatial domains [3]. Most
commonly used processor is the arbitrary Lagrange–Euler
(ALE) processor that combines the best features of both
methods. It is a hybrid processor that enables free numerical
mesh movement and distortion in accordance with user
conditions. ,e calculation procedure is supplemented with
an additional computational step that moves the grid and
remaps the solution onto a new grid. Smoothed particle
hydrodynamics (SPH) is a numerical meshless method that
does not need definition of nodes and elements, instead, only
a collection of points (particles) is necessary to represent a
given body (element). A prescribed set of continuum
equations is discretized by interpolating the properties at a
discrete set of points distributed over the solution domain
using a fully Lagrangian modelling scheme. Its main ad-
vantage is the Lagrangian nature associated with the lack of a
fixed mesh.

,ese employ partial differential equations that govern
the basic physics principles of conservation of mass, mo-
mentum, and energy (Table 7). ,e equations to be solved
are time-dependant and nonlinear. Constitutive models that
describe material behaviour and a set of initial and boundary
conditions together with differential equations define the
complete system for blast analysis [3]. Numerical programs
usually used in blast modelling, which are proved to provide
most reliable results, are LS-DYNA [111], AUTODYN [112],
and ABAQUS [113].

Due to material complex behaviour in blast analysis, a
wide range of phenomena have to be modelled, for ex-
ample, strain hardening, nonlinear pressure response,
compaction, crushing, etc. Because of that, models are
often broken into three components: equation of state,
material strength model, and material failure model. An
equation of state defines the hydrodynamic response of a
material (important due to the air environment in which
blast pressures are generated and through which are blast
waves transferred to structures). Material strength models
define nonlinear elastic-plastic response, and material
failure models simulate the various ways in which mate-
rials fail. ,ere is a wide range of predefined explicit
material models available in each software material library.
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Each model can be modified in order to better correspond
to specific situation that is analysed. Blast load is modelled
using detonation of high explosives that is initiated at
specific point inside the defined explosive material.
High explosives are modelled using Jones–Wilkins–Lee

equation of state derived from cylinder test data [106]. One
of the possible problems in numerical simulations of blast
loading and interaction with structures is mesh size.
Optimal mesh size is very difficult to obtain, and para-
metric study is often required in order to obtain balance

Table 6: Numerical simulations used for calculating blast effects.

Test type Author Year Element
type Software Formulation FE type Symmetry Mesh size

(mm)

Field tests

Ohtsu et al. [23] 2007 Slab BEM N/A N/A N/A N/A
Wei et al. [12] 2007 Slab ABAQUS N/A Solid, shell Yes (1 : 4) N/A
Schenker et al.

[9] 2008 Slab LS-DYNA N/A Shell N/A N/A

Wu et al. [86] 2011 Column LS-DYNA MM-ALE Solid, beam No 50
Foglar and
Kovar [17] 2013 Slab LS-DYNA N/A Solid, beam No 30 and 50

Tabatabaei et al.
[22] 2013 Slab LS-DYNA Lagrange Solid, beam No N/A

Zhao and Chen
[14] 2013 Slab LS-DYNA N/A Solid, beam Yes (1 : 4) N/A

Castedo et al. [4] 2015 Slab LS-DYNA Lagrange Solid, shell,
beam Yes (1 : 2) 15, 5 and 50

Foglar et al. [18] 2015 Slab LS-DYNA N/A Solid, beam No N/A
Li et al. [24] 2015 Slab LS-DYNA SPH Solid, beam No 8 and 40
Mao et al. [19] 2015 Slab LS-DYNA N/A N/A No N/A
Mazurkiewicz
et al. [31] 2015 Column LS-DYNA Euler Lagrange

MM-ALE Shell No N/A

Codina et al.
[32] 2016 Column AUTODYN Euler Lagrange Solid, beam No 10

Shock tubes
Ellis et al. [10] 2014 Slab ABAQUS N/A Solid No 12.7 and 16
,iagarajan et al.

[40] 2015 Slab LS-DYNA N/A Solid, beam No 25.4, 12.7
and 6.35

Blast pendulum
systems

Heinchie et al.
[63] 2014 Plate ABAQUS MM-ALE Solid No N/A

Fallah et al. [61] 2014 Plate AUTODYN and
ABAQUS N/A Solid No N/A

Guan et al. [62] 2014 Plate ABAQUS N/A Solid, shell No N/A
Li et al. [65] 2014 Panel AUTODYN MM-ALE Shell Yes (1 : 4) 0.05

Blast simulator

Oesterle [75] 2009 Wall LS-DYNA Lagrange Brick, beam,
shell No N/A

Stewart [77] 2010 Column LS-DYNA Lagrange Shell No 12.7

Huson [72] 2012 Beam and
plate LS-DYNA N/A Continuum

elements No N/A

Li et al. [50] 2012 Column LS-DYNA N/A N/A No N/A
Stewart [78] 2012 Column LS-DYNA Lagrange Shell No N/A
Stewart [79] 2014 Column LS-DYNA Lagrange Shell No 12.7
Stewart et al.

[67] 2014 Column LS-DYNA Lagrange Shell No N/A

Blast chambers
Wu et al. [70] 2013 Chamber AUTODYN Euler N/A No 10
Snyman et al.

[84] 2016 Chamber AUTODYN Euler Lagrange N/A axi 10 and 4

Table 7: Governing equations [104, 108, 110].

Euler Lagrange
Mass (dρ/dt) + ρ(zui/zxi) � 0 (zρ/zt) + ((z/zxi)(ρui)) � 0
Momentum dui/dt � fi + ((1/ρ)(zσij/zxj)) zui/zt � uj(zui/zxj) � fi + ((1/ρ)(zσij/zxj))

Energy di/dt � ((p/ρ2)(dρ/dt)) + (1/ρ)sij _εij (di/dt) + ui(zi/zxi) � ((p/ρ2)((dρ/dt) + ui(zρ/zxj))) + ((1/ρ)sij _εij)

where ρ represents the material density, ui is the velocity, t time, xi is the global Cartesian coordinate, σij is the stress tensor, sij is the deviatoric part of stress
tensor, p is the pressure (hydrostatic part of stress tensor), fi is the external body force by unit mass, _εij is the deviatoric strain rate, and i is the specific internal
energy.
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between result accuracy and calculation time [114]. Large
mesh sizes can cause convergence issues and poor quality
results, while small mesh size can cause prolonged cal-
culation times, in scale of days or even weeks. ,is can be
solved either by mesh size sensitivity analysis or by using
parallel processing, or both.

Figure 9 in Wu et al. [86] represents comparison of
experimentally tested and numerically simulated damage of
RC column subjected to close-in detonation of charge
equivalent to 25 kg of TNT. ,e computed crack profile of
concrete as well as the large lateral deformations of longi-
tudinal and transverse reinforcement is correctly repro-
duced if compared to the tested specimen.

Figure 9 in Castedo et al. [4] shows comparison of
experimentally tested and numerically simulated damage
of RC slab strengthened with steel plate on the upper side of
the slab, directly under the explosive charge. A numerical
model was developed in order to simulate the structural
behaviour of full-scale RC slabs under blast loading. ,e
numerical results were validated with experimental data in
three field tests in which a standard RC slab was blasted
under the same conditions. ,e extent of surface damage
on each face was used to assess the performance of nu-
merical modelling in comparison to tests. Conclusion was
that the numerical models are able to predict the damage
distributions successfully even when the test characteristics
change. While these models are not perfect, they can be
used to explore the feasibility of other slab reinforcement
concepts prior to explosive testing and to model more
complex structures affected by blast loads.

4. Conclusion

,e most realistic representation of blast loading can be
obtained only with full-scale field tests which best mimic real-
life situations. Field tests are the most widespread method for
blast experimentation but also the most dangerous; in ad-
dition, if full-scale field tests are conducted, then the costs of
conducting this kind of tests are exponentially higher. Blast
experimentation is usually conducted on scaled specimens
what reduces the need for large explosive quantities and
consequently lowers the overall danger of injury. Except field
tests, researchers are trying to design tests that are able to
produce blast-like action on experimental specimens with
new procedures without using explosives. One of the ex-
amples is the BakerRisk blast simulator that uses dynamic
actuators for inducing blast-like impulse loading. ,e sim-
ulator is capable of blast testing of all types of structural
elements and large-scale complex specimens from which
interaction of elements can be observed, which is important
for force distribution and overall structure behaviour studies.
Usually researchers are adopting the test method that is best
suited for their resource capability.

Same instruments are used for blast measurements re-
gardless of the experimental method used. In the course of
years, instruments are developed and designed to be more
robust, not only in their design in order to withstand high
pressures and debris impact but also in their reliability to
transmit recorded signals without any distortions.

Although blast phenomena can be difficult to model,
because of the large number of variations in parameters
which describe material models, finite element types and
sizes, and boundary conditions and explosive loading, nu-
merical models can be used to predict structural behaviour
with fairly good accuracy in comparison to experimental
tests. Use of advanced computer modelling (sophisticated
material models, parallel processing, etc.) is essential to
understand the behaviour of structures subjected to a blast
load.

Further development of blast tests and measuring in-
struments can lead to better numerical representation of
phenomena and consequently, maybe, to full substitution of
field or any other kind of tests to numerical simulation.
However, in order to achieve this, high reliability of accu-
mulated test data and considerable speed-up of computer-
processing capabilities have to be ensured.
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Aiming at the determination of the rational loading waveform for rock materials, the comparative impact tests under the loadings
of rectangular and half-sine stress waves were performed on red sandstone using an Ø50mm SHPB apparatus. Experimental
results with the rectangular stress wave affirm that the waveform dispersion and stress-strain curve oscillation frequently exist
during the test of rock materials, which signifies that the accuracy of test results derived from the rectangular stress wave loading
cannot be guaranteed. Under the loading of the half-sine stress wave, the phenomenon of wave dispersion during the tests has
been eliminated radically, and there is no oscillation in the stress-strain curves. To further demonstrate the rationality of the half-
sine wave loading in the SHPB test, by utilizing the three-dimensional numerical simulation approach, the propagations of
rectangular, triangular, and half-sine stress waves travelling in the axial and radial directions of the SHPB with four elastic bar
diameter sizes are analyzed and compared. *e results show that the waveform dispersion of the rectangular and triangular stress
waves always exists and will be more and more serious with increasing diameter size and propagation distance. For the half-sine
stress wave, the waveform dispersion effect is very weak and not affected by the bar diameter size and propagation distance. *e
half-sine stress wave is the rational loading waveform for rock SHPB tests with different bar diameters.

1. Introduction

Rock engineering is often subjected to a lot of dynamic loads
(such as blasting, impact, strike, and earthquake) [1]. *e
dynamic properties of rock materials under dynamic loads
are one of their essential attributes and also provide the basic
information for the design of underground protection works
against blast and impact loadings. It is well known that the
split Hopkinson pressure bar (SHPB) has been extensively
applied to the investigations on dynamics of rock materials
[2–4]. But it is noteworthy that the original SHPB device was
primarily invented for the study of metallic materials (the
cylindrical specimen is 7–13mm in diameter, also processed
with small length/diameter ratio), and the rectangular stress
wave was adopted for the impact test [5]. Compared with
metallic material, the rock material is essentially a solid

aggregate that is composed of minerals and other substances
and a porous media in structural properties having twomain
characteristics, the anisotropy and heterogeneity. In the
standard static load test, the International Society for Rock
Mechanics (ISRM) [6], as well as many testing regulations,
recommends that the diameter of a cylindrical rock speci-
men should be approximately 50mm and that of a concrete
specimen is suggested to be larger than 70mm. As a result,
the large diameter rock specimen is necessary whilst carrying
out the impact test using the SHPB. Recently, many research
institutes or universities have been equipped with the SHPB
system where the bar diameter is equal or greater than
50mm, and based on which, numerous correlative re-
searches have also been conducted [7–11]. However, there
are several key problems that need to be solved when the
conventional rectangular stress wave produced by a
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cylindrical striker is applied on rock materials in the large
diameter SHPB test, such as waveform dispersion, stress-
strain curve oscillation, and stress equilibrium [12–14].
*ese problems will result in an inappropriate application of
one-dimensional stress wave theory to the large diameter
SHPB device. Consequently, for the large diameter SHPB
device, it is eager to determine a kind of loading wave that is
without dispersion, oscillation, and can well achieve the
stress equilibrium conditions during the test, and the half-
sine stress wave has been introduced in many experimental
researches [7, 15]. However, among these researches, the
comparison test for themechanics and energy characteristics
of rock materials under the rectangular wave and half-sine
stress wave is relatively few.

In order to compare dynamic properties of rock ma-
terials under the rectangular and half-sine stress waves, the
impact tests of red sandstone were conducted under the
rectangular wave and half-sine stress waves on an Ø50mm
SHPB apparatus. Besides, for the characteristics of stress
waves travelling in different waveforms, the propagations of
rectangular, triangular, and half-sine stress waves in dif-
ferent diameter bars were compared and analyzed by using
the three-dimensional numerical simulation method. *e
experimental and numerical results show that the half-sine
stress wave is the rational loading waveform for the rock
material SHPB test.

2. Testing Principle of SHPB

As shown in Figure 1, in the actual SHPB test [4], a rock
specimen is sandwiched between the incident and
transmitted bars (the lengths of the incident bar and
transmitted bar are 2000 and 1500mm); a striker (in this
research, both the cylindrical and spindle-shaped strikers
with the same diameter of 50mm and the lengths of 410
and 360mm were used, respectively), of the same material
as the incident bar, flies out under the action of gas
pressure and impacts the incident bar, causing a stress
pulse σI(t) to initiate at the loaded end of the incident bar
and travel towards the rock specimen. Upon the as-
sumption of one-dimensional stress wave theory, the
stress pulse σI(t), i.e., the incident stress wave, propagates
forward with velocity C0 �

����
Eρ−1


in the incident bar,

where E and ρ are the elastic modulus and density of the
bar, respectively. After its arrival at the rock specimen-bar
surfaces, the reflective stress pulse σR(t) and the trans-
mitted stress pulse σT(t) are generated in the incident and
the transmitted bars, respectively. *e incident strain
signal εI(t) and reflected strain signal εR(t) are measured
by the strain gauge G1 pasted on the middle of the incident
bar and the transmitted strain signal εT(t) by the strain
gauge G2. Note that the three strain signals measured by
the two strain gauges represent those derived from the
forces at both ends of the specimen.

According to the measurements of above parameters, the
average stress σs(t), strain rate _εs(t), and strain εs(t) of the
rock specimen can be described by the following formulas
[16]:

σs(t) �
AE

2As
εI(t) + εR(t) + εT(t) ,

_ε(t) �
C0

ls
εT(t)− εI(t) + εR(t) ,

ε(t) �
C0

ls


t

0
εT(t)− εI(t) + εR(t)  dt,

⎫⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎬

⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎭

(1)

where A and As are the cross-sectional areas of the bar and
specimen, respectively, and ls is the length of the specimen.

For the energy calculation during the test, the absorbed
energy Es of the loaded specimen is expressed as

Es � EI −ER −ET, (2)

where EI, ER, and ET are the incident, reflection, and
the transmission energies, respectively; they can be obtained
by [16]

EI �
A

ρC0

τ

0
σ2I(t) dt,

ER �
A

ρC0

τ

0
σ2R(t) dt,

ET �
A

ρC0

τ

0
σ2T(t) dt,

⎫⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎬

⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎭

(3)

where τ is the duration of the stress wave.

3. Actual Experimental Analyses

To know about the wave travelling properties in the SHPB test
and the responses of rocks under rectangular and half-sine
stress waves, we first conducted experiments without speci-
men for the measurement of waveforms at different positions.
*en, experiments on red sandstone were also performed by
using the rectangular and half-sine stress waves. As described
in Section 2, the rectangular and half-sine stress waves were
generated by impacting the incident bar via the cylindrical
and spindle-shaped strikers, separately. *e physical di-
mensions of spindle-shaped striker in this research are shown
in Figure 2 [15].When using the striker below, the duration of
the half-sine stress waves is approximately 200 microseconds,
and the amplitude of the incident stress waveform can be
changed by the position of the strikers and applied gas
pressure in the pressure vessel. Certainly, the length and shape
of strikers would lead to changes in the stress waveform, and
the related investigation can be found in [17].

3.1. Test Specimens. *e specimens used for the contrast test
were extracted from the same red sandstone block. *e
average longitudinal wave velocity of the red sandstone is
3084m/s. *e density is 2390 kg/m3. *e rock block was
manufactured into specimens with a diameter of 50mm and
a height/diameter ratio of 1.0. *en, the surfaces of all the
specimens were carefully polished such that specimen and
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pressure bars can be well contacted during testing. Before
performing the test, all the specimens were classified into
two groups and marked in accordance with the categories of
loading waveforms. For instance, specimen R1 is the first
sample used in the impact test under the rectangular wave
loading. Similarly, the specimen labelled “H2” indicates that
this specimen is the second one for the utilization in the half-
sine stress wave loading test. Meantime, some mechanical
parameters of all the specimens were also measured.

3.2.0e Test Results. Prior to carrying out the test, checking
that if the SHPB is in a good testing condition is necessary to
make sure that the device is operational. Figure 3 gives the
attained rectangular and half-sine stress waves after
impacting without specimen. In this case to more clearly
observe the wave propagation in the SHPB and to make a
contrast between the rectangular stress wave and half-sine
stress wave over the testing duration, five designed locations
on the incident and transmitted bars were given for the
measurements of waveforms at different positions. *e test
results are shown in Figure 4.

From Figures 3(a) and 4(b), it can be found that the
oscillation in rectangular waveforms displayed during the
measurement period became more and more violent with
distance increasing along the bars (from positions I to V).
*e waveform propagating after a short duration fluctuated
in larger oscillation amplitude compared with the former
waveform, especially for those recorded on the transmitted
bar. *e biggest oscillation amplitude is nearly half of that of
the corresponding waveform, which indicates that when the
strain signals measured from gauges G1 and G2 shown in
Figure 1 are used to represent those at both ends of the
specimen, the signal distortion occurred. However, obser-
vations in the five half-sine pulses (Figure 4(c)) manifested
that with increasing distance along the bars, the waveform
remained constant and few oscillations can be noted over the
entire travelling phase. *is suggests that the half-sine stress
wave will not disperse when it travels along a bar and that the
strain signals gauged by G1 and G2 under this wave loading
can completely replace those at both ends of the specimen
for no distortion appeared. *e application of a half-sine
loading pulse can well overcome the waveform dispersion in

the SHPB test, showing that a nondispersive waveform can
be obtained, provided the half-sine stress wave was used.

To further illuminate the accuracy of SHPB test results
for rock materials, impact tests of red sandstone under
rectangular and half-sine stress wave loadings were carried
out. *e stress equilibrium, strain rate history, and the
stress-strain curve oscillation of tested specimens were in-
vestigated. Figure 5 shows the typical stress equilibrium of
rock specimens under the loadings of rectangular and half-
sine stress waves. It can be observed that when the specimen
was subjected to the impact with a rectangular loading wave
(Figure 5(a)), the computed superposition of incident stress
and reflective stress (Inc + Re) has a particularly serious
fluctuation and greatly differs from the transmitted stress. In
other words, a temporary stress equilibrium state was
achieved when the time goes by 125 μs, but it only lasted
about 25 μs. In the condition of half-sine stress wave loading
(Figure 5(b)), excellent consistence was found between the
Inc + Re stress and transmitted stress, and there is much less
fluctuation compared with that under the rectangular wave
loading.

*e nearly uniform stress and strain rate over most of the
loading period is a significant feature of the stressed spec-
imen in the dynamic impact test of rock materials. Figure 6
gives the stress and strain rate histories of representative
specimens R4 and H9 that were subjected to half-sine and
rectangular stress waves, respectively. Comparing the stress
and strain rate varying with time of the two specimens finds
that the stress of specimen subjected to half-sine stress wave
loading remains relatively even over the entire loading du-
ration. Under the rectangular loading wave, the stress fluc-
tuated seriously before the specimen reached the peak stress.
Similar observations in the strain rate can also be noted. Most
importantly, in the duration of 40 to about 65 μs (Figure 6(b)),
the strain rate resulted from the half-sine stress wave seems to
be steady. It means that a half-sine stress pulse enables the rock
specimen to deform stably during impact testing. In contrast,
at a period of 20∼160μs, the strain rate induced by the
rectangular stress wave oscillates continuously, showing an
unsteady strain of the specimen in most of the loading time.

For the comparison of stress-strain responses of speci-
mens under the action of the two loading waves, six groups of
stress-strain curves on 12 specimens were given. Each
comprises two specimens with similar average strain rates. As
demonstrated in Figure 7, the resultant stress-strain curves of
specimens induced by rectangular wave loading show great
volatility before the peak stress of a rock specimen is reached.
More exactly, there are almost four wave fluctuations before
the specimen was brought to peak stress in the resultant
stress-strain curve. *e biggest stress oscillation amplitude
among the four fluctuations on every stress-strain relation has

Transmitted barStrain gauge G2Rock specimenStrain gauge G1Incident barStriker

Figure 1: Schematic of SHPB with a spindle-shaped striker [4].

6.66

186.7 66.7 106.7

17.425

Figure 2: Physical dimensions of a spindle-shaped striker (unit in
mm) [15].
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reached 1/3 to 1/2 of the peak stress of the corresponding
specimen. *e fractures of loaded specimens are displayed in
Figure 8, wherein it can be seen that, with similar strain rates,
the damage degrees of the rock specimens under the two
stress waveform loadings are quite close.*e tested sandstone
in this paper belongs to the argillaceous siltstone. It also can be

seen from Figure 8 that, although the lubricant is applied at
both ends of the specimen during testing, a certain friction
effect still exits, which results in the conical rupture surface on
the specimen fragments.

Conversely, the stress-strain curve of the specimen
loaded by the half-sine stress wave behaves well and
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FIGURE 4: Representation of gauge stations and recorded waveforms at different given locations in the 50mm diameter SHPB.
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Figure 3: (a) Rectangular stress waveform and (b) half-sine stress waveform when impacting without specimen.
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possesses little fluctuation. *e half-sine stress loading wave
produced a smother stress-strain relationship. To make a
further comparison, the data of peak stress and energy
absorption per unit of tested specimen were plotted as
functions of the strain rate, as given by Figure 9.

It can be known that the energy absorption per unit
resulted from both loading waves increases with the strain
rate. At a similar strain rate, the specimen under rectangular
pulse absorbed more energy compared with that under the
half-sine stress pulse. And there appears to be no obvious
difference in the degrees of data dispersion. However, the data
of peak stress derived from the rectangular loading pulse are
relatively scattered than those from the half-sine stress wave,
for the phenomenon that the data area of half-sine stress wave
is within the area range of the rectangular loading wave.

*e accuracy of experimental results is closely related to
the transmission process of the stress wave in the rock SHPB

test. In order to further illustrate the rationality of the half-
sine stress wave loading, the following paper numerically
simulated the propagation process of the rectangular, tri-
angular, and half-sine stress waves and investigated the
influences of the bar diameter size and propagation distance
on the waveform dispersion.

4. Numerical Simulation

4.1. 0e 0ree-Dimensional Numerical Model. Combined
with the afore experimental approach, three typical stress
waveforms, the rectangular, triangular, and half-sine stress
waves, were selected as the loading waves to investigate the
wave propagations in the SHPB by the numerical method. In
[18], the propagation of the three stress waves in a 75mm
diameter elastic bar was simulated. However, the size effect
of bar diameter on the propagation of stress waves was not
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Figure 5: Typical dynamic stress equilibrium of rock specimens under (a) rectangular wave loading and (b) half-sine stress wave loading.
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Figure 6: Stress (a) and strain rate (b) histories of specimens H9 and R4.
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Figure 7: Stress-strain relationships of specimens at similar strain rate under the loadings of rectangular and half-sine waves.
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investigated. A three-dimensional model (Figure 10) of the
incident bar with the same length 2000mm and four di-
ameter sizes was established using ANSYS/LS-DYNA [19].
*e density, elastic modulus, and Poisson ratio of the in-
cident bar are 7795 kg/m3, 250GPa, and 0.285, respectively.

In this model, the three stress waves were separately
applied to elastic incident bars that are in four diameter sizes
(10, 22, 38, and 50mm), to study the dispersion effect of bar
diameter on the one-dimensional stress wave propagation.
*e durations of the selected loading waveforms were
consistently set with their peak stresses. *at is, the duration
and the peak stress of waveforms were set as 200 μs and
200MPa, respectively. Assuming that the stress waveform

on the surface is replaceable to that on the bar cross-section,
the recording positions were located along the longitudinal
orientation of the elastic bar. *e distances from the loaded
end of the bar to gauge stations are 0, 250, 500, 750, and
1000mm.

4.2. 0e Waveform Oscillation. In this section, the three
above-mentioned stress waveforms propagating in two
elastic bars with diameters of 10 and 50mm were chosen to
analyze their oscillation phenomena. *e rectangular stress
waves collected at different positions in the 10 and 50mm
diameter elastic bars are illustrated in Figure 11. For stress
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Figure 8: Fragments of tested specimens.
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waves in the 10mm diameter bar, it can be seen that the
waveform becomes more oscillatory with increasing prop-
agation distance. Clearly, when the stress wave lasts to half of
the duration, it returns to the original waveform, and a
platform is formed (Figure 11(a)). Compared with the
waveforms in the Φ10mm bar, the wave oscillation in the
50mm diameter bar is more serious, and the peak value of
stress wave has no clearly monotone changes with the
propagation distance (Figure 11(b)). *roughout the du-
ration, the propagated waveform basically no longer returns
to the original one and has been greatly changed. *us, in
this case, the stress waves recorded on the bar surface cannot
delegate the actual waves, owing to their significant differ-
ences following propagations.

Figure 12 represents the triangular stress waves propa-
gating in the two early mentioned elastic bars. It indicates
that the triangular waveforms in the two bars can maintain a
triangular shape during their travelling process, and the
waveform oscillation is very less. However, it is obvious that
the peak value of the waveform gradually decreases with the
increase in propagation distance. Moreover, the decreasing
trend of the wave peak value in the Φ50mm bar is more
visible than that in theΦ10mm bar (see the dotted arrows in
Figure 12). By comparing the waveforms in Figures 12(a)
and 12(b), it can be inferred that the theory of one-
dimensional stress wave can be satisfied during the wave
propagation process in a small diameter bar of the SHPB, as
the waveform oscillation is not too serious to make an
analysis and the errors are ignorable. But as the bar diameter
increases, the waveform oscillation will be more serious,
which would cause the one-dimensional stress wave hy-
pothesis to be unsatisfied.

Similarly, the half-sine stress waveform was also selected
to make a comparison, as demonstrated in Figure 13. It can
be found that whether propagating in the Φ10 or Φ50mm
bars, the waveform is not affected by propagation distance
and there is almost no waveform oscillation. As marked in
the figure by arrows, the original peak value of the half-sine
wave remains unchanged as the loading time increases. After
the comparison of stress waveforms at a same propagation
distance in the two bars, it is observed that the waveforms are
basically remained identical and the changes are very small,
concluding that the propagation of the half-sine wave almost
does not be influenced by bar diameter.

4.3. 0e Peak Attenuation of Stress Wave. *e wave propa-
gation from the aspect of oscillation degree has been
qualitatively analyzed in the above section, whereas it has not
been compared quantitatively. *ereafter, the peak stress
σmax and rising time tr of stress wave were employed to make
a quantitative comparison. Additionally, the concepts of the
peak factor σ∗max and rising time factor t∗r for stress wave
were given, where σ∗max is defined as the ratio of the peak
value of stress wave after running a certain distance to that of
the original waveform and t∗r is the ratio of rising time of a
propagated stress wave to that of the initial waveform.
Utilizing the two factors, not only the comparison can be
quantificationally made but also the deviation size between
the transmitted waveform and original waveform can be
easily obtained [19].

For the rectangular stress wave, the variation of the peak
factor with propagation distance in different diametrical bars
was investigated, as manifested by Figure 14. *e general
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Figure 10: ANSYS model of incident bar and schematic diagram of impact loading.
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Figure 11: Rectangular waveforms at different propagation distances in (a) 10 [19] and (b) 50mm diameter bars.

8 Advances in Civil Engineering



trend displayed can be considered that, as the propagation
distance increases, the increasing trend of the peak factor
tends to be stable. Among these peak factors, the minimum
value is 1.10 and the maximum value is up to 1.30. *at is,
the maximum increment in the peak factor is 10% and the
maximum increment reaches 30%. When the stress wave
travels from the loading end to a propagation distance
of 250mm, the peak factor of the stress wave is greatly
affected by the bar diameter, while it begins to fluctuate at
about 1.20 after exceeding 250mm in propagation distance
(Figure 14(b)). *is indicates that, after a long-distance
propagation, the peak factor of the rectangular stress
wave is about to be steady, and the increase in the peak stress
is maintained at approximately 20%.

*e travelling of the triangular stress wave in different
diametral bars was also investigated in terms of the peak
factor, as depicted by Figure 15. It can be seen that for all
diameters, the peak factor of triangular gradually decreases

with the increase in propagation distance, and there is no
oscillation fluctuation phenomenon. For wave propagation in
the 10mm elastic bar, after a distance of 1000mm, the peak
factor decreased to 0.98, namely, the peak value was only
reduced by appropriately 2%. When the propagation distance
is small, the peak factor of the triangular stress wave decreases
with the increase of bar diameter. *e decreasing tendency
becomes more obvious as the propagation distance increases.

Figure 16 plots the changes in the peak factor of the half-
sine stress wave with propagation distance. For all bar di-
ameters, the peak factor of the half-sine stress wave does not
substantially change with propagation distance and nearly
not be affected by the bar diameters at the same propagation
distance. *e peak factor of the half-sine stress wave is
maintained around 1.00. Relative to the rectangular and
triangular stress waves, it can be considered that the peak
factor of the half-sine stress wave is negligibly affected by the
propagation distance as well as bar diameter.
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Figure 12: Triangular waveforms at different propagation distances in (a) 10 [19] and (b) 50mm diameter bars.
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Figure 13: Half-sine waveforms at different propagation distances in (a) 10 [19] and (b) 50mm diameter bars.
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4.4. 0e Increasing Trend in Rising Time of Waveform.
Curves in Figure 17 suggest that, at the ends of all di-
ametrical incident bars, the rising time of the rectangular
wave is in a range of 4∼8 μs. With the propagation of the
rectangular wave, the rising time in each bar diameter goes
up. At the distance of 1000mm, the rising time in the
Φ10mm bar is 16 μs and that in the 50mm diameter bar is
about 30 μs. Such a short rising time is not suitable for the
impact tests of rocks. In addition, in the case of similar
propagation distances in different bars, the rising time in-
creases with bar diameter, which indicates that the bar di-
ameter has a great influence on the rising time of the
rectangular waveform.

*e rising time factor of the triangular wave varying over
the propagation distance and bar diameter was also

analyzed, as displayed by Figure 18. *e rising time factor
increases with increasing propagation distance for each bar.
But among these changes, its maximum increment is only
4%. For a small diameter elastic bar, the increase in the rising
time factor is less than that in the large diameter bar with the
propagation of the triangular wave, which can be basically
considered as that no changes in rising time will occur.
Furthermore, after a short propagation distance, the rising
time factor for each bar can be considered as not changing
(Figure 18(b)). Only with the increase in propagation dis-
tance, the rising time will increase, and their differences
gradually become more evident.

*e rising time factor of the half-sine stress wave has
been analyzed from two influential elements: the propaga-
tion distance and bar diameter shown in Figure 19.
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Figure 14: Variations of the peak factor of rectangular wave with (a) propagation distance and (b) bar diameter.
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Figure 15: Variation of the peak factor of triangular wave with (a) propagation distance and (b) bar diameter.
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Compared with the changes of the triangular wave, the
increment of the rising time factor of the half-sine stress
wave is less than that of the triangular wave. For the half-sine
stress wave, the rising time factor will slowly increase with
increasing propagation distance, while the maximum in-
crease is only 2%, which only occurs in bars with their
diameters greater than 38mm. For the bar with a smaller
diameter (Φ < 38mm), the rising time of the half-sine stress
wave is not affected by the propagation distance.

5. Discussion

Since the elastic wave can be regarded as the combination
that is superimposed by harmonic components with dif-
ferent frequencies, the different components will travel
forward according to their respective phase velocities and
the original stress waveform will gradually disperse during

the propagation process, representing the dispersion in a
spreading waveform.

*e waveform dispersion mainly includes the following
four aspects: (i) stress waveform oscillates during propa-
gation. *e phase velocity of each harmonic depends on the
ratio of bar diameter to wavelength. In the condition of
increasing bar diameter or decreasing wavelength, the
waveform oscillation becomes more serious as the propa-
gation distance increases [20]; (ii) due to the transverse
inertia effect, the rising trend of stress wave will become
more relaxed as the propagation distance increases, resulting
in gradual increase in rising time; (iii) the peak value of the
stress wave will decrease with increasing propagation dis-
tance because of the transverse inertia effect. Accordingly,
the waveform will be very different from the original one
after a long propagation distance; (iv) the wave propagation
in the SHPB test is premised on the assumption that stresses

σ∗ m
ax

Ф10mm bar
Ф22mm bar

Ф38mm bar
Ф50mm bar

0 200 400 600 800 1000 1200
Propagation distance (mm)

0.96

0.98

1.00

1.02

1.04

1.06

Figure 16: *e variation of the peak factor of half-sine wave with propagation distance in bars with different diameters.
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Figure 17: *e variation of the rising time of rectangular wave versus (a) propagation distance and (b) bar diameter.
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in the cross-section of the elastic bar are evenly distributed
and the one-dimensional stress wave propagation is satisfied.
However, the transverse inertial effect will cause stresses to
unevenly distribute on elastic bar cross-section.

Wave dispersion actually occurs in both longitudinal
(along the axial direction of bar) and transverse directions
(along the radial direction of cross-sectional area). But,
because the waveform dispersion in the longitudinal di-
rection is more intuitive and easy to measure, most of
previous researches have focused on how to eliminate the
longitudinal waveform dispersion. Few attentions were paid
on the elimination of transverse waveform dispersion be-
cause of limited analytical approaches. *erefore, the nu-
merical simulation is a feasible technique of analyzing
waveform dispersion. Meanwhile, it is a viable method to use

the three-dimensional numerical model to simulate and
analyze the ideal waveform without dispersion in rock
impact test using the large diameter SHPB device.

6. Conclusions

To systematically investigate the rational loading waveform
in SHPB rock tests with large diameter, the laboratory tests
and numerical simulations were carried out in this paper.
*e main conclusions are as follows:

(1) Dynamics tests of red sandstone under rectangular
and half-sine stress waves were conducted by using
an Ø50mm SHPB apparatus. In the case of rect-
angular wave loading, the signal obtained by the
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Figure 18: *e change of the rising time factor of the triangular wave versus (a) propagation distance and (b) bar diameter.
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SHPB test system is already distorted from the actual
force acting on rock specimen due to unavoidable
waveform dispersion, making the experimental re-
sults inaccurate. However, the waveform dispersion
will not occur in the travelling process of the half-
sine stress wave, and the test signal can well represent
the actual force at the ends of the specimen. *e
obtained results are relatively accurate.

(2) *e comparative test with red sandstone performed
in this research shows that the half-sine stress wave
has good superiority in ensuring the stress equilib-
rium at both the ends of the specimen and stress-
strain curve smoothness. *e obtained results can
truly interpret the dynamic mechanical responses of
tested rock materials.

(3) For the rectangular, triangular, and half-sine loading
waves, the influences of bar diameter size and
propagation distance on the wave dispersion are
investigated by numerical simulation. *e results
show that compared with the other two loading
waves, the half-sine stress wave is little effected by the
bar diameter and propagation distance during the
SHPB test, which is the reasonable loading waveform
in the SHPB test for rock materials.
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Based on the SHPB device, the dynamic tensile test was carried out on the granite, which is located at the depth 350m∼580m at the
same borehole in TianHu area Xinjiang Province, the preselected site of the high-level radioactive waste geological disposal in
China. Under the loading rate level of 105MPa/s, the dynamic tensile strength is generally between 15MPa∼35MPa, which is of
significant reference for the site selection. No matter whatever the depth, the dynamic tension strength increases with the loading
rate, which shows the loading rate effect of brittle material. Meanwhile, the failure model is also tension pattern, which is the same
as the static tension test. Furthermore, as the physical characteristics of the rock have been changed gradually, the rock strength
and other mechanical properties will increase or decrease with the depth. From the point of physical mechanism, the density,
porosity, and others are different at diverse depths, which lead to the differences of mechanical properties. And the result and the
theoretical knowledge could be applied to the blasting and excavation of deep geoengineering and HLW geodisposal.

1. Introduction

With the development of geotechnical engineering in the
deep construction, including the hydraulic and hydro-
power engineering, underground tunnel construction, even
nuclear waste geological disposal, and so on, as the buried
depth increases, the disasters are also increasing. Rock
mechanics related to deep geotechnical engineering is a
hotspot for scholars at home and abroad, and a large
number of results have been achieved [1–6]. In the field of
geological disposal of high radioactive waste, the me-
chanical properties of rock mass are directly related to
the stability of underground engineering related to the
design, construction, and operation. *e characteristics of
strength, deformation, crack propagation mechanism, and
permeability of rockmass should be researched in detail. As
rock is influenced by the high thermo, high in-site stress,
high seepage pressure, and excavation disturbance under
the deep geological conditions, the deformation and failure

characteristics are obviously different from those of shallow
depth, and the mechanical behavior is more complex and
complicated [7, 8].

*rough the uniaxial and triaxial mechanical tests
of different depth in basalt in Beijing DaTai coal mine by
Zhou et al. [9], it is shown that the density of basalt, uniaxial
compression strength, tensile strength, elastic modulus,
cohesive force, and internal friction angle increased linearly
with the depth, but Poisson’s ratio was opposite. Jiang et al.
[10] also found that the elastic modulus, compressive
strength, and tensile strength increased with the depth
through the laboratory test on granite.

Rock static parameters, such as compressive strength,
tensile strength, deformation, elastic modulus, Poisson’s
ratio, friction coefficient, cohesive force, and so on, plays a
guiding role in the design, construction, support, and
monitoring of rock engineering. However, the dynamic
behavior of rock is also important for the engineering
[11–13].
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Before the project excavation, the rock has been in a
certain crustal stress state, that is, the rock has been under a
static stress state before bearing the dynamic load. Not only
affected by high crustal stress, but also rock is superimposed
by dynamic loads such as mining disturbance and even
earthquakes [14–16]. Rock dynamic parameters also include
the mechanical and physical quantities corresponding to the
static parameters, such as dynamic compressive strength,
dynamic tensile strength, dynamic elastic modulus, and
dynamic Poisson’s ratio and so on. To study the rock en-
gineering, it is not enough to just consider the static load or
the dynamic load [17–20]. *e most important researches
related to rock dynamics are blasting engineering, protective
engineering, and seismic engineering, and the antiseismic
and vibration reduction of engineering are the most im-
portant issues. Sometimes, it can meet the requirements of
engineering reality, but in some cases, it is still insufficient
[11, 21, 22].

Furthermore, when the dynamic properties of rock have
been obtained, the engineering design method could be
modified and improved, such as the empirical criterion on
the rock failure, in which the index of uniaxial compression
strength could be replaced by the dynamic compression
strength, which is much more suitable for the blasting sit-
uation. And during the rock support engineering, the rock
bolt could be calculated using the dynamic strength, espe-
cially for the blot bearing dynamic tension condition
[23–25].

Under the condition of high in-site stress, rock burst in
deep mine is still a difficulty to be solved urgently, which is
considered to be monitored by the blasting vibration,
advanced detection, and so on [26]. *e vibration char-
acteristics of various experimental equipment in the
chamber of high-level radioactive waste geological disposal
at different depth, as well as their durability and safety, are
also urgently needed to be solved. At present, the basic
dynamic characteristics, such as dynamic tensile strength,
dynamic compression strength, dynamic elastic modulus,
and dynamic fracture toughness of rock with different
depth have not been studied systematically [27]. *erefore,
it is of great significance to study the dynamic behavior of
rock under deep depth.

Tianhu area, Xinjiang Province, as one of the preferred
areas for the geological disposal of high-level radioactive
waste in China, is gradually carrying out the mechanical tests
of granite in this area. *e static and dynamic mechanical
properties were studied by Man et al. [28], and it is found
that the dynamic mechanical strength and the coupled static
and dynamic tensile strength shown the loading effect.

However, the specimens are selected at the same depth
(360m or so), and the rock dynamic characteristics of
different depths are not studied. Particularly, the tensile
property of rock is an important characteristic, as the rock
failure is often caused by tensile stress. *erefore, in view of
the drilling borehole in Tianhu area, this paper further
implemented the dynamic tensile tests of different depth.
*rough the analysis and discussion of the experimental
data, it can be supported to the design, construction and
monitoring of the geotechnical engineering.

2. Testing Schemes

2.1. Impact Testing Equipment. *e dynamic parameter
has been achieved using SHPB system with a 75mm di-
ameter (Figure 1), which is designed by Central South
University.

In order to eliminate the P-C oscillation, a stable sem-
isinusoidal wave is required, which means that the rising
segment of the loading wave should be settled in about
100 μs. And the spindle type impact bullet is used in the
emitter. *e material and the maximum diameter of the
bullet are the same as that corresponding to the incident and
transmission bars, and the constant strain rate can be re-
alized by the produced semisinusoidal stress wave. Mean-
while, the parameters of the SHPB are illustrated in Table 1.

2.2. Specimen Preparation. Granite with better integrity and
homogeneity is selected. *e core is drilled in a depth ranges
from 350m to 580m, and the specimen numbers are uni-
formly numbered in order of H(depth)-X(No.). Totally, the
buried depth is 350m, 360m, 380m, 420m, 510m, 520m,
530m, 540m, and 580m separately. According to the
conventional specimen requirement for rock mechanics, the
samples are manufactured.

*e rock core drilling machine, the cutting machine and
the grinding machine should be used for fine processing to
prepare the specimen to meet the testing standard.
According to the standard of the rock testing method GB/T
50266-2013 [29]. All the test specimens are uniformly
processed into a cylinder with a standard size. *e specimen
is Brazilian disc, which the size is aboutΦ50mm × H25mm,
corresponding to the Diameter × Height. *e deviation of
the roughness of the specimen at both ends is 0.05mm, the
allowable deviation of height and diameter is 0.3mm, and
the section should be perpendicular to the axis while the
allowable deviation is 0.25 degrees [30].

*e geometric size, density, and longitudinal wave ve-
locity of the processed specimens were measured. A part of
the rock specimen is shown in Figure 2.

3. Dynamic Tensile Testing

Damage caused by excavation becomes more and more
obvious, so the study on dynamic mechanical properties of
rock is important. It should be noticed that the mechanical
response of rock under the dynamic load is completely
different from that under the static load, which is caused by
the inertia effect and the dynamic rate effect of the rock.
Under the dynamic impact or blasting, the internal particles
of the rock can be destroyed by the external force. Because of
the inertia effect, the particles are damaged by different
mechanical properties. *at is to say, different loading rates
cause different failure forms. *e phenomenon has a strong
guiding significance for practical projects.*us, the dynamic
tensile tests have been applied to the specimen under dif-
ferent depths.

*e control parameters and test procedures in the dy-
namic tensile test are as follows: *e specimens are under
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air-dry condition, and the test was carried out at room
temperature. Firstly, in order to verify the stability of the
system, the testing system without specimen has been im-
pacted. Secondly, whether the input bar connects with the
output bar closely and the impact waves coincides with the
SHPB principle is monitored. *irdly, the specimen with
different loading speeds has been stricken using the SHPB. It
should be noticed that the initial impact velocity is calculated
using the static tensile strength data. *en, the strain and
stress of the specimen could be obtained by the dynamic
stress wave equations, and the testing data should be checked
using the dynamic force balance method. In the end, the
dynamic tensile strength of the specimen tested has been
calculated by means of the dynamic stress at the failure
point.

It should be noticed that the rock sample is vertically
placed between the incident bar and the transmit bar when
the dynamic tensile test is carried out [31]. *at is to say, the
two sides of rock sample are contacted with the incident bar
and the transmit bar, respectively, and then the line to
surface contact is achieved. *is method of placing speci-
mens here is based on the loading method adopted in the
static Brazilian splitting tensile test. By using the line to
surface contact loading way, the splitting failure of brittle
materials can be realized, and the tensile strength of rock
materials can be obtained by elastic mechanics.

*e calculation method of dynamic tensile strength can
be referred to the static Brazil splitting tensile test. *e
following formula is used here:

σd �
2Pmax

πDL
, (1)

where, L and D are the length and the diameter of the
specimen separately and Pmax is the maximum force value
between the two side of the specimen, which can be cal-
culated as follows:

P(t) �
P1(t) + P2(t)

2
� EA

εI(t) + εR(t) + εT(t) 

2
, (2)

where A and E refer to the sectional area and elastic modulus
of the input bar or output bar, respectively; P1(t) and P2(t)

refer to the force on the two sides of the specimen; εI(t),
εR(t), and εT(t) are the strain of the incident wave, reflected
wave and transmitted wave separately.

*e pulse shaper technique is employed to achieve
dynamic force balance in the specimen during the experi-
ment, i.e., P1 � P2. *e inertial effects are thus eliminated
because there is no global force difference in the specimen to
induce inertial force. Consequently, the inertial effects are
negligible in such cases and we can then perform quasistatic
analysis.

4. Mechanical Analysis of the Rock Strength

*e dynamic tensile impact test was carried out to obtain the
dynamic tensile strength and the relationship between the
strength and the strain rate. *e test is also one of the basic
test methods for rock dynamic characteristics.

4.1. Characteristic of the Dynamic Tensile Strength. *e
tensile strength is of great significance for the engineering.
From the microscopic point, the failure modes of rock are
mostly caused by the tensile.

*rough a series of dynamic tensile tests, testing data of
rock samples with different depths under diverse loading
rates can be obtained, as shown in Tables 2–10.

It should be noticed that the particularity of the high-
level radioactive waste geological disposal must be consid-
ered, which means that the disposal safety cycle is long, the
engineering stability demands a high level, and the exca-
vation damaged zone should be small, so all the experi-
mental data are listed here and are analyzed.

Gas gun Spindle punch

Emitter cavity Incident bar

Strain gauge Strain gauge

Rock specimen
Transmission

bar

Absorption bar

Figure 1: Schematics of SHPB setup.

Table 1: Parameters of SHPB.

Diameter of
the bar (mm)

Length of the
input bar (mm)

Length of the
output bar (mm)

Elastic modulus
(GPa)

Longitudinal
wave velocity

Poisson
ratio

Pressure
(MPa)

Density
(kg·m−3)

75 2000 2000 250 5400 0.285 0∼10 7810

50mm

Figure 2: Rock specimen.
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Among them, the serial number, diameter, thickness,
density, wave velocity, dynamic tensile strength, and specific
loading rate of rock samples at a certain depth are all shown
in Tables 2–9. According to the test results, the loading rate

of the granite is generally in the order of 105MPa/s, which is
a middle and high loading rate level.

*e dynamic tensile strength is generally between
15MPa∼35MPa. Furthermore, at the different loading rates,

Table 2: Testing result of the dynamic tension test at depth 350m.

No. D (mm) B (mm) ρ (kg/m3) Vp (m/s) σd (MPa) Loading rate (106MPa/s)
350-1 47.95 26.75 2661.54 4385.25 33.19 0.72
350-2 48.05 26.69 2646.09 4601.72 26.11 0.32
350-3 48.02 26.50 2657.97 4907.41 20.99 0.24
350-4 48.00 26.70 2629.91 5037.74 17.25 0.10
350-5 48.01 26.84 2635.69 4627.59 23.16 0.26
350-6 47.98 26.92 2641.42 4894.55 27.14 0.30
350-7 48.05 27.04 2622.04 4662.07 33.35 0.62

Table 3: Testing result of the dynamic tension test at depth 360m.

No. D (mm) B (mm) ρ (kg/m3) Vp (m/s) σd (MPa) Loading rate (106MPa/s)
360-1 48.21 26.90 2638.60 5274.51 27.20 0.37
360-2 48.25 26.96 2628.36 5502.04 32.23 0.42
360-3 48.23 26.79 2626.80 5581.25 30.94 0.43
360-4 48.26 26.81 2631.77 5362.00 25.23 0.34
360-5 48.22 26.90 2596.77 5274.51 34.96 0.51
360-6 48.31 26.32 2633.75 5371.43 32.18 0.45
360-7 48.15 27.76 2662.20 5237.74 27.80 0.35

Table 4: Testing result of the dynamic tension test at depth 380m.

No. D (mm) H (mm) ρ (kg/m3) Vp (m/s) σd (MPa) Loading rate (106MPa/s)
380-5 48.12 22.95 2640 4026 23.78 0.26
380-6 48.12 25.48 2656 4633 32.28 0.70
380-7 48.13 25.42 2636 3852 29.89 0.39
380-8 48.25 24.94 2624 3614 35.55 0.88
380-9 48.11 24.19 2640 3902 29.01 0.53
380-10 48.26 24.62 2612 3847 30.77 0.45
380-11 48.17 24.71 2628 3802 36.61 1.0
380-16 48.30 24.48 2594 4080 34.98 0.85

Table 5: Testing result of the dynamic tension test at depth 420m.

No. D (mm) H (mm) ρ (kg/m3) Vp (m/s) σd (MPa) Loading rate (106MPa/s)
420-5 48.32 25.87 2610 4385 30.89 0.49
420-6 48.31 27.78 2419 4630 29.32 0.40
420-7 48.30 25.70 2630 4283 28.29 0.34
420-8 48.30 28.71 2356 4557 21.91 0.27
420-13 48.30 24.46 2616 4447 39.18 0.59
420-14 48.33 27.06 2562 4436 31.65 0.42
420-15 48.31 25.08 2623 4400 26.16 0.26
420-17 48.32 25.56 2630 4564 29.32 0.45

Table 6: Testing result of the dynamic tension test at depth 510m.

No. D (mm) B (mm) ρ (kg/m3) Vp (m/s) σd (MPa) Loading rate (106MPa/s)
510-1 48.24 26.64 2650.77 5223.53 37.55 0.52
510-2 48.30 26.73 2645.49 5043.40 31.10 0.41
510-3 48.26 26.67 2625.08 5229.41 12.95 0.13
510-5 48.26 26.63 2649.56 5547.92 32.15 0.40
510-6 48.27 27.03 2599.16 5198.08 36.74 0.64
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the dynamic tensile strength with diverse depth shows the
same change rule, that is, the dynamic tensile strength in-
creases with the loading rate.*us, the dynamic rate effect of
brittle materials has been further verified.

A typical waveform is shown in Figure 3. *e re-
lationship between dynamic tensile strength and loading rate
of granite samples with depth of 350m is shown in Figure 4.
It can be seen that the dynamic tensile strength increases
with the loading rate, and basically it shows a tendency of
linear growth.

*e relationship between dynamic tensile strength and
loading rate with buried depth of 360m, 380m, 420m,
510m, 520m, 530m, 540m, and 580m is shown in
Figures 5–12. And the same experimental rule was found,
that is, with the increase of loading rates, the dynamic tensile
strengths also show an increasing trend.

All those tests are carried out under a similar condition.
*e position of the projectile is fixed, and the loading

pressure is slightly changed. *erefore, the loading rate is
basically maintained at the same level.

As it is well known, the failure mode of rock reflects its
stress state.*e Brazilian disc specimen is split into two parts
along the middle direction during the static indirect tensile
test.

*rough the observation of the failure mode after dy-
namic tensile test, it is found that at the initial stage of
loading, somemicrocracks were produced, mainly located in
the middle of the specimen. With the loading process, the
stress wave reflects back and forth inside the specimen,
which leads to the expansion of the initial crack, and then
propagates rapidly. *e extension direction is always along
the central part of the specimen and crack extends to the two
ends. As the loading continued, it is eventually ruptured into
two halves.

*rough the dynamic tensile test, it is found that the
failure patterns of rock samples are as follows: when the

Table 7: Testing result of the dynamic tension test at depth 520m.

No. D (mm) B (mm) ρ (kg/m3) Vp (m/s) σd (MPa) Loading rate (106MPa/s)
520-1 48.31 26.40 2615.43 5387.76 20.53 0.16
520-2 48.28 26.72 2658.90 5138.46 21.52 0.16
520-3 48.32 26.78 2638.37 5465.31 27.21 0.32
520-4 48.63 26.54 2567.51 5007.55 27.04 0.38
520-5 48.33 26.38 2635.92 5073.08 28.22 0.35
520-6 48.35 26.45 2657.67 5290.00 29.05 0.59
520-7 48.34 26.36 2636.83 5272.00 29.64 0.46

Table 8: Testing result of the dynamic tension test at depth 530m.

No. D (mm) B (mm) ρ (kg/m3) Vp (m/s) σd (MPa) Loading rate (106MPa/s)
530-1 48.24 27.15 2711.87 5323.53 20.67 0.12
530-2 48.31 26.04 2641.11 5208.00 27.39 0.37
530-3 48.29 26.42 2625.95 5284.00 27.57 0.35
530-4 48.27 27.39 2664.80 5167.92 28.04 0.41
530-5 48.50 27.43 2635.74 5175.47 28.55 0.37
530-6 48.41 26.49 2616.31 5094.23 25.80 0.44
530-7 48.15 27.50 2697.36 5392.16 35.87 0.54

Table 9: Testing result of the dynamic tension test at depth 540m.

No. D (mm) B (mm) ρ (kg/m3) Vp (m/s) σd (MPa) Loading rate (106MPa/s)
540-2 48.33 26.86 2598.97 4069.70 20.34 0.26
540-3 48.22 26.95 2571.63 4990.74 22.54 0.29
540-4 48.27 26.24 2646.16 4100.00 23.09 0.30
540-5 48.39 27.10 2609.72 3871.43 25.93 0.33
540-8 48.12 26.74 2623.18 5142.31 27.38 0.40

Table 10: Testing result of the dynamic tension test at depth 580m.

No. D (mm) B (mm) ρ (kg/m3) Vp (m/s) σd (MPa) Loading rate (106MPa/s)
580-2 48.28 26.74 2656.92 4383.61 24.05 0.23
580-3 48.27 26.90 2642.21 4138.46 28.50 0.35
580-4 48.26 26.74 2638.66 4312.90 24.80 0.25
580-5 48.23 26.43 2631.49 4066.15 27.63 0.38
580-7 48.17 26.65 2657.48 4164.06 31.68 0.43
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Figure 3: Typical waveform of rock specimen under dynamic
tensile test.
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impact load is not large, the rock often breaks into two
halves. With the increase of the impact load, the number of
rock fragments increases and the fractal size is generally
uniform, as shown in Figure 13. It also confirms that the
dynamic loading strength is higher than the static loading
strength. Under the action of dynamic load, the number of
cracks which can withstand the damage is more than that
under static load, so the dynamic strength is higher than the
static strength. In short, the failure mode of rock under
dynamic tensile condition is basically tensile pattern.

4.2. Characteristic of theDynamic Tensile Strength atDifferent
Depths. As a brittle material, the tensile strength of rock is
much lower than the compressive strength, which has been
widely applied in engineering blasting. Taking the tunnel
blasting excavation as an example, not only the fracture
surface after blasting should be considered, but also the
contour lines should be conformed to the design re-
quirements and the reasonable distribution of rock frag-
mentation should also be considered.

When the explosive is detonated, the rock should be
mainly in the tensile stress by the propagation of the ex-
plosion wave. And if the ultimate tensile strength of the rock
mass is lower than the maximum shear stress, the rock is
broken and crushed. *erefore, the presplitting blasting
method is used to release the original stress in the rock
partly, which is beneficial to achieve a good cutting blasting
effect, and thus to obtain a higher blasting hole utilization
rate. Under the action of blasting, the loading rate is different
from that of the static load, generally 105∼106MPa/s.

Furthermore, it is necessary to investigate the tensile
properties of the areas at this loading rate. A specific loading
rate 0.4 × 106MPa/s is selected for the rock samples with
different depth, and the dynamic tensile strength changed
with the depth is shown in Figure 14.

From Figure 14, it is found that the dynamic tensile
strength of granite increases first and then decreases with the
depth in the range from 350m to 580m. *e cause for this
phenomenon should be analyzed and discussed in detail
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from the physical and mechanical characteristics of the rock
samples.

It is necessary to point out that the experiment is only for
the specimen of different depth in the same borehole, so it is
suitable to be compared and analyzed together.

5. Discussion

Under the above selected loading rate condition (0.4 ×

106MPa/s), the relationship between the dynamic tensile
strength and its own density and wave velocity is shown in
Figure 15, in which, the black circular data points indicate
the relationship between dynamic tensile strength and wave
velocity and the blue box data points indicate the re-
lationship between dynamic tensile strength and density.

It can be seen from Figure 15 that the dynamic tensile
strength is higher when the density and wave velocity of

granite are both large. *at is to say, the denser the rock is,
the faster the propagation of wave velocity is and the higher
the dynamic tensile strength is. When the density is low and
the wave velocity is relatively low, the dynamic tensile
strength is also low. When the density and wave velocity are
at the middle level, the dynamic tensile strength is also
within the interval range of the middle value. With the
increase of the buried depth, the rock will become denser.
Especially at the depth of 3000m, this phenomenon is much
more significant.

For this test, the density obtained using the specimen is
slightly different, which is confirmed by the identification
and analysis of lithology under microscope, as shown in
Figure 16. *e granite tested is mainly composed of quartz,
potash feldspar, and black mica. *e quartz is granular,
particle size is 1∼2mm, and the content is about 35%∼40%.
*e potash feldspar particle size is mainly in 1∼2mm, with a
localized 1 cm of potassium feldspar, the total content of
potash feldspar is 55%∼65%, and the content of black mica is
about 5%.

(a) (b)

Figure 13: Failure forms of rock under different loading rates.
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It can be further explained that the main reason for the
difference of physical and mechanical characteristics at
depth of the same rock is the diverse geological environ-
ment, especially the in-site stress environment surrounding
the rock. Obviously, the mechanical property of rock in
different depths is determined by the rock heterogeneity.
Especially under the dynamic loading rates, this difference is
shown more significant. And the explanation is consistent
with Zhu et al., who obtained it by numerical calculation
[32].*e RFPA software is used to simulate the rock fracture
process under dynamic load. By comparison with the
fracture theory, it is shown that the heterogeneity of rock
materials is one of the main reasons for the improvement of
the dynamic strength.

*at is to say, rock strength varied with depth is
determined by the properties and external loading con-
ditions. It cannot be simply considered that the rock
strength increases first and then decreases with the depth.
Not only a phenomenal expression of this test, but also the
essential reason for the change of rock strength, is il-
lustrated. It should be noticed that it is not rigorous just
said the rock strength increases or decreases with the
depth.

According to the above research, it is believed that as the
physical characteristics of the rock have been changed
gradually, the rock strength and other mechanical properties
will increase or decrease with the depth. From the point of
physical mechanism, the density, porosity, and others are
different at diverse depths, which lead to the differences of
mechanical properties.

6. Conclusions

(1) Based on the SHPB device, the dynamic tensile test
was carried out on the granite, which is located at the
depth 350m∼580m at the same borehole in TianHu
area Xinjiang Province, the preselected site of the
high-level radioactive waste geological disposal in
China. Under the loading rate level of 105MPa/s, the
dynamic tensile strength is generally between
15MPa∼35MPa, which is of significant reference for
the site selection.

(2) All the tested dynamic tensile strength increases
with the loading rate, which shows the characteristic
of the loading rate effect of the brittle materials.
However, the relationship between the dynamic
tensile strength and the depth is not a single ten-
dency, but presents an increase first and then a
decrease later.

(3) As the physical characteristics of the rock have
been changed gradually, the rock strength and
other mechanical properties will increase or de-
crease with the depth. From the point of physical
mechanism, the density, porosity, and others are
different at diverse depths, which lead to the dif-
ferences of mechanical properties.
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In this paper, a method is developed for nonlinear analysis of laterally loaded long-flexible pile near undrained clay slope.-e ideal
elastic-plastic p-y curve model is used as the basic calculationmodel to study the pile-soil interaction system. To consider the slope
effect on the soil resistance along with pile length, related reduction function expressions of soil resistance are selected by assessing
the existing methods. A finite difference iteration scheme is proposed to solve the pile’s deflection curve equations to obtain
nonlinear response of pile. -e developed method is validated by comparing its results with the existing method, which shows
a good agreement. A number of parameters analyses are carried out, and effects of different influence factors on laterally loaded
pile are further discussed.

1. Introduction

Pile foundations are widely used to support structures such
as bridges, high-rise buildings, transmission line towers,
and traffic signs that are frequently constructed near or in
a natural or man-made slope [1]. -e pile foundations are
often subjected to static lateral loading in many cases. For
the design needs of pile foundations, many scholars have
conducted a lot of research on laterally loaded piles in
horizontal ground. -e most commonly used theoretical
method for laterally loaded pile in the current design
approach is the well-known subgrade reaction method,
which considers the pile as a beam supported by a series of
nonlinear soil springs. -e lateral load transfer curves
(i.e., p-y curves) are often used to describe the load-
deformation characteristics of nonlinear soil springs.
Different criteria for developing p-y curves under many
cases, including soil types, soil strength, loading conditions,
pore water pressure conditions in soil, etc., have been
proposed by several investigators (Matlock [2], Reese et al.
[3, 4], Reese and Welch [5], Gabr et al. [6], Fan and Long
[7], and some others) mainly through the back analyses of
lateral load tests, and these typical p-y curves have been
incorporated into the API specification as a reference for

the design of pile foundation structure in offshore engi-
neering [8]. Subsequently, Wang et al. [9, 10] proposed
a new p-y curve method of laterally loaded pile in clay based
on the analyses and calculation of the existing field test data
through the stress-strain relationship. Wang and Yang [11]
used the construction parameters to normalize the different
forms of p-y curves in sand and then proposed a hyperbolic
model. An ideal elastic-plastic p-y calculation model for
clay was also proposed based on a comprehensive analysis
of the measured p-y curves in clay [12]. Zhou et al. [13]
proposed a new empirical formula for the p-y curves of
ultralong PHC pipe piles in soft clay based on the analyses
of the relationship between ultimate soil resistance and
some geotechnical parameters from lateral pile load test.

For laterally loaded pile near slops, the stress environ-
ment of the pile foundation becomes, due to the lack of soil
volume in front of the pile, more complex, and the lateral
load-bearing characteristics and failure model are different
from that pile in horizontal ground [14–16]. -us, the
existing theoretical calculation methods for laterally loaded
pile in horizontal ground are not suitable for pile near slopes.
Available studies about the lateral loading capacity behavior
of piles in sloped ground mainly focus on model tests and
numerical simulation (Georgiadis [17, 18]; Muthukkumaran
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et al. [19]; Zhang et al. [20]; Yin et al. [21]; Gao et al. [22]),
but rare in the theoretical calculations.

-is paper attempts to present a method for the nonlinear
analysis of laterally loaded long-flexible piles near sloped
ground. For the developedmethod, the ideal elastic-plastic p-y
curvemodel is used as the basic calculationmodel to study the
pile-soil interaction system. To consider the slope effect on the
soil resistance along with pile length, related reduction
function expressions of soil resistance are selected by assessing
the existing methods. A finite difference iteration scheme is
then proposed to solve the pile’s deflection curve equations to
obtain nonlinear response of pile. To validate the developed
method, it is first compared to pile test and three-dimensional
numerical finite element analysis results, and the results show
that the developedmethod can provide satisfactory prediction
of the response of laterally loaded pile near clay slopes. -en,
it is applied to analyze the parametric influence law, and the
nonlinear response results of pile near clay slope under
different influence factors are obtained.

2. Method of Analysis

2.1. Mechanical Analysis Model. Currently, p-y curve
methods were used by many researchers to study the
nonlinear response characteristics of the laterally loaded pile
in horizontal ground. Zhu [23] conducted extensive analysis
of laterally loaded pile in horizontal ground by using the
elastic-plastic p-y curve model and suggested that choosing
reasonable model parameters can obtain realistic results. In
succession, the general calculation form of the ideal elastic-
plastic p-y curve method in clay (Figure 1), based on this,
was given by Wang and Yang [12] as follows:

p �
Ky, y≤yu,

pu, y>yu,
 (1)

where K � initial slope of the p-y curve, y � lateral dis-
placement of pile, pu � ultimate soil resistance (per unit pile
length), and yu � allowable lateral displacement for soil in
elastic state.

In order to consider the influence of slope effects, the
analysis model for laterally loaded pile near sloped ground is
set up as shown in Figure 2.

Where L� buried pile length, H0 � lateral load acting on
the pile top, B � distance from the pile shaft to the slope crest,
θ � slope angle, D � pile diameter, and e � height of the load
above the clay surface.

2.2. Assumptions. To facilitate the establishment of method,
assumptions and statements are made in advance.

(1) -e cross-sectional shape of pile at all depths is equal;
besides, both the pile and the soil are homogeneous
and isotropic materials

(2) -e ultimate lateral soil resistance (pu) varies non-
linearly with depth

(3) Considering the slope effect, the initial stiffness (K)
and the ultimate lateral soil resistance (pu) should be
reduced within a certain depth

(4) Assume that clay slope is stable, and the slope de-
struction and instability are not taken into consid-
eration during the process of calculation

2.3. p-y Curve Model of Laterally Loaded Pile near Slope.
With the basic assumptions in Section 2.2, equation (1) is
then modified to obtain the new ideal elastic-plastic p-y
curves as follows:

p �
u(z)Ky, y≤yu,

Psu(θ, B, z), y>yu,
 (2)

where μ(z) is the reduction function of the soil lateral initial
stiffness (K); psu(θ, B, z) is the ultimate lateral soil resistance
per unit pile length under the condition of pile near slope.

Allowable lateral displacement of yu can be obtained
according to equation (2):

yu �
Psu(θ, B, z)

u(z)K
. (3)

3. Initial Stiffness K

-e problem of choosing the initial stiffness of the soil in the
p-y curve has always been focused on by investigators. Many
scholars believed that the lateral initial stiffness K of clay
remains constant in all depth. -is paper adopts the initial

0
y

p

pu

K

1 Elastic state

Plastic state

Figure 1: Ideal elastic-plastic p-y curve.

B
H0

D

z

θ

L

y
e

Figure 2: Analysis model definition.
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stiffness recommended by Rajeshree and Sitharam [24] as
follows:

Ki �
1.3Ei

1− v2s

EiD
4

EpIp
 

1/12

, (4)

where vs, EpIp is Poisson’s ratio of soil and pile bending
rigidity, respectively.

According to the Kondner [25], the initial elasticity
modulus can be related to elasticity modulus E50 under the
50% failure stress, and the elasticity modulus at deviatoric
stress can be expressed by

Es � Ei 1−
Rfσ
σf

 , (5)

where σ is deviation stress, σf is deviatoric failure stress, Rf is
the ratio of the deviatoric failure stress over the ultimate
deviatoric stress, generally taken as 0.8, Ei is the initial elastic
modulus, and σ/σf � 0.5.

For undrained loading, we have vs � 0.5. -e elastic
modulus of the clay is represented by the deformation
modulus E50 under the 50% failure stress of the reaction soil,
and Ei � 1.67 E50 is satisfied. -e above expression can be
used to derive the initial stiffness (K) of clay under un-
drained conditions:

K � 3E50
E50D

4

EpIp
 

1/12

. (6)

4. Reduction Function of Initial Stiffness u(z)

For near-slope laterally loaded pile, the initial stiffness of the
soil is also affected by the slope [17, 18, 22]. Georgiadis and
Georgiadis [18] gave the reduction function for the initial
stiffness of clay within the shallow foundation under un-
drained loading condition:

u(z) � cos θ +
1− cos θ

6
z

D
+

B

D
− 0.5 tan θ ≤ 1. (7)

5. Ultimate Soil Resistance of Clay psu

Several methods are available for determining the ultimate
soil lateral resistance pu to piles in cohesive soil
[2, 4–6, 10, 12]. It is generally believed that the ultimate
resistance (pu) of clay depends mainly on the type of failure
mechanism at a certain depth of the soil. -e normative
formula in API design code for horizontal ground is given in
equation (8):

Np � 3 +
c′z
cu

+ J
z

D
≤ 9, (8)

pu � NpcuD, (9)

where Np is ultimate capacity coefficient of clay, cu is un-
drained shear strength of clay, c′ is effective bulk density of
clay, and J is dimensionless experience coefficient, its value
ranges from 0.25 to 0.5.

To consider slope effect on the ultimate soil resistance,
the following expression proposed by [18] is used to calculate
the ultimate soil resistance Nsp:

Nsp �

Npu− Npu −Np0 e−λ(z/D), z≤ zc,

Npu− Npu −Npc e−λαθ z−zc( )/D, z> zc,

⎧⎪⎪⎨

⎪⎪⎩
(10)

αθ � 1−
sin θ(1 + sin θ)

2
, (11)

zc � 8.5− 10log(8−b/D)
10 D, (12)

Npu � π + 2Δ + 2 cosΔ + 4 cos
Δ
2

+ sin
Δ
2

 , (13)

where zc is the certain critical depth, αθ is the parameter
related to the slope, Npu is the ultimate lateral bearing ca-
pacity factor. Besides, Δ � sin−1α and λ � 0.55− 0.15α, both
are dimensionless coefficients; Np0 is the lateral bearing
capacity factor at ground surface, Np0 � 2 + 1.5 α. α is the
adhesion coefficient, and its value ranges from 0∼1; Npc is
the ultimate soil resistance at a certain critical depth.

According to equations (9)–(13), the ultimate soil re-
sistance of clay psu for undrained conditions can be
expressed as

Psu � NspCuD. (14)

6. FDM Solution of the Proposed Method

6.1. Establishment of Calculation Model. A simplified cal-
culation model can be established as shown in Figure 3.

Select a microunit of the pile for force balance analysis. It
is stated here that the bending moment is positive in the
counterclockwise rotation direction, and the normal of the
shear force is positive in the positive direction of the z axis.
-e shear force is positive in the negative direction of the y
axis. -en the equation for the deflection of the pile can be
derived as follows:

EpIp
d4 y

dz4 + p(y, z) � 0, (15)

where EpIp is the pile bending stiffness, p(y, z) is the soil
resistance distributed along pile length, which can be ob-
tained from the previous p-y curve, and the positive di-
rection is positive direction of the y axis.

Boundary restrictions must be determined to solve the
above-mentioned deflection differential equation. In this
paper, the boundary conditions of the pile are determined:
the pile top is free and the pile bottom is fixed, and the
corresponding deflection differential equations are as
follows:

Free pile head:

EpIpy″
z�0

� M0,

EpIpy‴
z�0

� H0.

⎧⎪⎨

⎪⎩
(16)

Fixed pile bottom:
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EpIpy″
z�L

� 0,

EpIpy‴
z�L

� 0.

⎧⎪⎨

⎪⎩
(17)

6.2. Differential Format Derivation and Solution. -e finite
difference method principle is used to discrete the buried
section L into n segments, each of which is s � L/n. -e top
node is denoted as 0, and the bottom of the pile is marked as
n. In order to improve the simplicity of the finite difference
operation, four virtual nodes, −2, −1, n + 1, n + 2 are added at
the top of pile and the bottom of the pile, respectively. -e
displacement of the ith node is yi is shown in Figure 4.

For a pile, there exists (n + 5) differential equations after
the discrete division, and four extra known differential
equations can be derived in combination with the boundary
conditions, thereby establishing the pile displacement node
vector yi  and further solving the pile displacement.

Substituting the fourth derivative of pile microelement
in equation (15), the differential equation for each element of
the pile can be derived:

yi+2 − 4yi+1 + 6yi − 4yi−1 + yi−2 +
s4

EpIp
p yi, z(  � 0. (18)

In combination with equation (2), equation (18) can be
transformed into the following two forms according to the
allowable displacement yu:

(1) y≤yu

yi+2 − 4yi+1 +(6 + mu(z)K)yi − 4yi−1 + yi−2 � 0,

m �
s4

EpIp
.

⎧⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎩

(19)

(2) y>yu

yi+2 − 4yi+1 + 6yi − 4yi−1 + yi−2 + mNspCuD � 0,

m �
s4

EpIp
.

⎧⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎩

(20)

Similarly, in terms of equations (16) and (17), the dif-
ferential form of the boundary conditions can be derived:

y2 − 2y1 + 2y−1 −y−2 � 2H0
s3

EpIp
,

y1 − 2y0 + y−1 � M0
s2

EpIp
,

yn+1 − 2yn + yn−1 � 0,

yn+2 − 2yn+1 + 2yn−1 −yn−2 � 0.

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎩

(21)

According to the differential equations from equation
(21) of the boundary conditions, (n + 1) unknown differ-
ential equations are combined to obtain the displacement of
the pile matrix, the corresponding pile displacement solu-
tion equations can be expressed as

Kn  y  � F{ }, (22)

where [Kn] is the stiffness matrix of pile, which is divided
into two type stiffness matrix of [K1] and [K2] according to
the elastic state and plastic state of the soil along the pile
length, respectively; y  is the pile displacement node vector;
F{ } is external load vector, which is controlled by boundary
conditions and is also divided into two type vector of F1 

and F2  correspond to [K1] and [K2], respectively.
In most practical projects, the maximum bending mo-

ment section is regarded as the most dangerous cross section
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Figure 4: Finite difference method cell division.
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Figure 3: Simplified calculation model of near-slope pile.
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of the pile design. Here, the differential form of the solution
of the bending moment is listed as

Mi �
yi−1 − 2yi + yi+1( EpIp

s2
. (23)

According to the basic solution ideas of equation (22),
a MATLAB iterative code is developed to solve the response
behavior of pile, and the flow chart of iterative calculation is
shown in Figure 5.

7. Validation to Previous Studies

-e feasibility of the proposed method is validated in this
section to some previous studies, which are well docu-
mented in the literature.-is method is introduced as input
into MATLAB to calculate the response of each pile. -e
geometrical characteristics (pile length L, pile diameter D,
distance from the pile shaft to the slope crest B, bending
stiffness of the pile EpIp, and slope angleθ) and the soil
properties (undrained shear strength cu, secant modulus
E50, effective bulk density c or c′, and cohesion coefficient
α.) are summarized in Table 1 for each previous study
considered.

Case 1. -e computed pile responses are compared to the
pile test results and to the pile responses computed with the
same computer code using as input the Matlock [2], Reese
and Welch [5], Bhushan et al. [26], Stevens and Audibert
[27]. -e Shanghai pile tests, as shown in Figure 6, reported
by the literature [28], involved lateral loading of piles in level
ground. It can be seen that despite the small discrepancy
measured and predicted between the proposed p-y curve
load-displacement relationships, the general shape of the
curves is very similar, indicating that the small discrepancy
may be due to overestimation of secant modulus E50.

Case 2. -e results calculated by the proposed method and
the results calculated by Georgiadis and Georgiadis [17],
which presented 3D finite-element analyses of pile in sloping
ground, are presented in Figure 7 for comparison purposes.
-is paper selects two different slope angles (θ � 20°, 40°,
respectively) for verification analysis. As the slope angle
increases, the results of this method are getting closer to the
results of the literature [17].

Case 3. -e calculating results given by Georgiadis and
Georgiadis [18] are used as examples for comparison
verification. Pile foundation is completely buried in the
undrained clay slope. -us, the section of the pile head at
ground surface only has the initial horizontal forceH0. -is
paper selects four different pile’s distance from slope crest
(B � 0.3m, 0.6m, 1.2m, 2.4m, respectively) for verification
analysis. -e H0-y0 curves and H0-maxM curves of pile
head obtained from the proposed method and literature
[18] are plotted in Figure 8. A good agreement has been
observed between the calculating results from the present
study and literature results.

8. Parametric Study

8.1. Effect of Slope Angle θ. -e size of the slope angle di-
rectly determines the soil volume in front of the pile to
participate in the pile-soil interaction. In order to better
show the effect of slope angles, the pile head deflection of
slope was normalized by dividing the pile head deflection of
slope (y0,s) by that of horizontal (y0,H). Figures 9–12, re-
spectively, show the lateral load-deflection curves at pile
head, the normalized deflection (y0,s/y0,H)-load (H0) curves
at pile head y0, the maximum bending moment (Mmax)-
load (H0) curves, and the bending moment(M)-depth(z)
distribution curves with different slope angles of 0°, 10°, 20°,
40°, 50°. -e relevant calculation parameters here are pile
length L � 14m, pile diameter D � 0.6m, bending stiffness
of pile EpIp � 184.49 (MN·m2), normalized distance of pile
B/D � 0.5, adhesion coefficient α � 1; piles are completely
buried in undrained clay, and Poisson’s ratio of clay ]s �

0.49, undrained shear strength cu � 40 kPa, and secant
modulus E50 � 14MPa.

As shown in Figure 9, as the slope angle increases, the
lateral deflection of the pile head increases significantly, and

Determine the number n
of pile unit divisions

Start

Input initial lateral
load

Input parameters of
pile, soil, and slope

Calculate the values of K, psui,
and μ(zi) for each node of the pile

Calculate the allowable displacement
value of yu for each node of the pile

Calculate pile lateral displacement yi for each
node by using the elastic matrix of Ki and the

external load vector of Fi

Judge yi > yu

Resolve by replacing K2 and F2 with Ki and Fi
correspondingly where needed

Output lateral displacement value of yi for
each node and calculate the corresponding

bending moment value of Mi

End 

Yes

No

Figure 5: Flowchart of iterative calculation.
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this trend becomes much more obvious with the increase of
the lateral load. It is also observed that when ground surface
changes from horizontal ground to 10° slope, the behavior of
pile is almost like horizontal ground surface, indicating the
effect of slope is almost negligible when the slope angle is <10°.
Figure 10 further shows the distribution curves of normalized
deflection (y0,s/y0,H) with the lateral load. It can be seen that
different fixed ratios of y0,s/y0,H are almost maintained at low
load levels, but as the lateral load continue to increase, the

values of y0,s/y0,H start to increase unequally for different slope
angle with the increase of load. When the lateral load is at
750 kN, the values of y0,s/y0,H for 40°slope and 50° slope are
1.065, 2.157, respectively, indicating that the steeper the slope
angle is, the more deflection of pile head grows.

It can be seen from Figure 11 that the maximum bending
moment values of the pile also increase as the slope angle
increases, but the rate of increase of maximum bending
moment with lateral load is more moderate.

Table 1: Summary of pile load test.

Pile test
Geometrical characteristics Soil properties

L (m) D (m) B (m) EpIp (kN·m) e (m) θ (deg) cu (kPa) E50 (kPa) c or c′ (kN/m3) α
1 14 0.5 0 97900 0.72 0 30 3000 7 0.94
2 20 1.0 0 1423534 0 20,40 70 14000 18 0.5
3 12 0.6 0.3, 0.6, 1.2, 2.4 184490 0 45 50 10000 18 0.73
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Present study
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Figure 6: Verification analysis of H0-y0 curves relationship for Shanghai pile tests.
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Figure 7: Verification analysis of H0-y0 curves relationship for FE analysis. (a) θ � 20° (b) θ � 40°.
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Figures 12 and 13 show the bending moment distribution
with depth and the depth of fixity (where the maximum
bending moment occurs) of the pile for all slope angles with
a lateral load at 300 kN and 600 kN, respectively. It is clear that
the maximum bending moment of the pile increases with the
increase of slope angle at the same load, but the first zero
location of bendingmoment curve and depth of fixity increase
correspondingly. With the increase of the load, the difference
in the maximum bending moment growth at each slope angle
becomes obvious, and the first zero location of bending
moment curve and depth of fixity of the pile also increase
more quickly. For example, as is shown in Figure 13, the depth
of fixity for 30° and 50° slope angle increased by 4.46%, 17.34%
compared with that in horizontal ground at the load of
300 kN, respectively, but the ratio further increases to 11.32%,
32.03%, respectively, when the load increases to 600 kN. It can
also be seen from Figure 13 that the depth of pile fixity almost
occurs at a depth of 4∼8D (D � diameter of pile).

8.2. Effect of Normalized Distance of Pile B/D. Selecting the
normalized distance of pile B/D as 0.5, 2, 4, 6, and consider
the slope angle of 10°, 30°, 50°, respectively, as the existing
slope conditions. -e other calculation parameters are the
same as in Section 8.1.

Figures 14–16 show the load-deflection curve for dif-
ferent normalized distance B/D of pile head at above three
slope conditions. From these figures, it is observed that the
increase in normalized distance B/D ratio decreases the
deflection of pile head. When normalized distance B/D
ratio exceeds 6 in all slope angle conditions, the deflection
at pile head is basically the same as that in horizontal
ground, which means the influence of the slope effect is
almost negligible in this case. It is also observed that the
load-deflection curves in different slope angle conditions
have different response results, and the increase in slope
angle can increase the discreteness of the curves. Figure 17
further shows the effect of normalized distance of pile on
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Figure 8: Verification analysis of H0-y0 curves relationship for LPILE. (a) B � 0.3m, (b) B � 0.6m, (c) B � 1.2m, (d) B � 2.4m.
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lateral-load capacity on horizontal ground and sloping
ground (θ � 10°, 30°, 50°). It can be seen that when the
normalized distance B/D of pile changes from 0.5 to 6, the
lateral-load capacity is increased by 2.27%, 11.1%, 29.87%
on 10°, 30°, 50° sloping ground, respectively, indicating that
the increase in slope angle increases the influence of B/D on
the lateral-load capacity of the pile.

Figures 18–20 show the bending moment variation
along pile length of the pile for different normalized dis-
tance B/D on horizontal ground and sloping ground
(θ � 10°, 30°, 50°). From these figures, it is observed that the
maximum bending moment increases with the increase in
the normalized distance B/D of the pile and the increase in
the applied lateral load. Also, for the same normalized

distance B/D of pile and applied lateral load, the increase in
slope angle of θ increases the maximum bending moment
of pile. When ground surface changes from horizontal to
10°, 30°, and 50° sloping ground, the maximum bending
moment of pile in sloping ground is increased by 2.8%,
12.6%, and 31.9%, respectively, under lateral load of 600 kN
and normalized distance B/D of 0.5. It is also noted that
when the pile is nearer to slope crest, the slope angle be-
comes a more dominant factor to affect the lateral capacity
of the pile, especially at a high-load level.
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8.3. Effect of Adhesion Coefficient α. In order to study the
effect of adhesion coefficient α on the lateral behavior of pile in
sloped ground, this paper analyzes the parameter α from 0 to
1, with increment of 0.1, and chooses lateral loadH0 � 500 kN
and the bending momentM0 � 0 (kN·m) as the fixed loading
condition to calculate and analyze the deflection of pile head.
Consider the slope angle θ as the same in Section 8.1, and
other basic calculation parameters are the same as Section 8.1.

Figures 21 and 22 show pile head deflection (y0) and the
maximum bending moment (Mmax) of the pile variation with
the adhesion coefficient α for different slope angle, re-
spectively. From these figures, it can be seen that increasing
the adhesion coefficient α at the pile-soil interface can ef-
fectively reduce the pile head deflection and the maximum
bending moment of the pile at the same time. Also, the in-
crease in slope angle almost does not change the corre-
sponding curve growth model but will significantly increase
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the pile head deflection and maximum bending moment of
the pile especially when the slope angle exceeds 40°. An ex-
ample is used for pile head deflection, when the value of α is
equal to 0, the pile head deflection values of pile in sloping
ground with θ � 10°, 30°, 50° is increased by 7.4%, 39.8%,
137%, respectively, compared to that in horizontal ground.

8.4. Effect of Undrained Shear Strength cu. Here, lateral load
H0 �500 kN and the initial bending momentM0 � 0 (kN·m)

were taken as the initial loading conditions, choosing un-
drained shear strengths cu of 20 kPa, 40 kPa, 60 , 80 kPa,
100 kPa, respectively, to calculate and analyze. Other basic
calculation parameters are the same as in Section 8.1.

Figures 23 and 24 show pile head deflection (y0) and the
maximum bending moment (Mmax) of the pile variation
with the undrained shear strength cu for different slope
angles, respectively. From the curves given in Figures 23 and
24, it is observed that the increase in undrained shear
strength cu decreases the pile head deflection and the
maximum bending moment. -is is because of the increase
in the strength of soil and the relative stiffness of the pile-soil
system. Also, it is obvious that the presence of slopes
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aggravates the rate of change of pile head deflection, es-
pecially when cu ranges from 20 kPa to 40 kPa, and when the
value of cu exceeds 40 kPa, the decrease rate of the deflection
of pile head becomes slow and eventually almost becomes
flat. From the results in Figure 23, it is observed that the pile
head deflection in the range of 73.4%–75% for increase in cu
20 kPa to 40 kPa of sloping ground (θ � 10°, 20°, 30°, 40°, 50°)
and horizontal ground surfaces, from which can conclude
that the weaker soil parameters are, the more significant
slope effect becomes. Besides, the curve of the maximum
bending moment variation with undrained shear strength
shown in Figure 24 is smoother, and the range of the
maximum bending moment of the pile with the increase of
the slope is relatively stable.

9. Conclusions

-e purpose of this paper is to study the behavior of laterally
loaded long-flexible pile in undrained clay sloping ground.
Based on the basic model of ideal elastic-plastic p-y curve
method, this paper derives the differential equations of the
laterally loaded single pile in undrained clay sloped ground
by introducing the existing related reduction variable
function, and the corresponding finite difference method for
the pile deflection and internal force is obtained. A series of
parameters analyses are further performed for slope angle,
normalized distance of pile, adhesion coefficient, and un-
drained shear strength. -e conclusions obtained from this
study are summarized as follows:

(1) A nonlinear analysis method for laterally loaded long-
flexible pile in undrained clay sloped ground is
established. -rough the verification of examples, the
correctness and feasibility of the method is proved.

(2) Slope angle is the most important factor that affecting
the lateral bearing capacity of the near-slope pile. -e
increase in slope angle increases the deflection and the

rate of increase of deflection, and this trend becomes
more obvious as the lateral load increased. When the
slope angle is small enough (θ < 10o), the effect of
slope is almost negligible. Besides, the depth of fixity
of the pile is about 4∼8 times the size of the pile
diameter.

(3) -e distance away from pile to slope crest is also an
important factor that affects the lateral-load capacity
of the pile. -e increase in normalized distance B/D
of the pile decreases the deflection of pile head but
increases the lateral-load capacity, and when nor-
malized distance B/D ratio exceeds 6, the slope effect
can be avoided.When laterally loaded pile is closer to
the slope crest, the influence of the slope angle seems
more dominant.
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Figure 22: Maximum bending moment (Mmax) variation with
adhesion coefficient (α) for different slope angle.
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(4) -e adhesion coefficient α at the pile-soil interface
can effectively reduce the pile head deflection and the
maximum bending moment of the pile at the same
time. -e increase in slope angle will significantly
increase the pile head deflection and maximum
bending moment of the pile especially when the
slope angle exceeds 40°.

(5) -e increase in undrained shear strength cu de-
creases the pile head deflection and the maximum
bending moment of the pile. -is is because of the
increase in the strength of soil and the relative
stiffness of the pile-soil system. Also, the presence of
slopes aggravates the rate of change of pile head
deflection, especially when the cu is in a mall value
(ranges from 20 kPa to 40 kPa). In contrast, the
maximum bending moment variation with un-
drained shear strength affected by the slope effect
appears more moderate.

(6) -is study researches the lateral bearing behavior of
single pile in undrained clay sloping ground. In
practical projects, the situation of pile foundations
on slope ground surface is not uncommon, and the
lateral bearing characteristics of pile foundations
are more complicated. -erefore, the influence of
slope effect on the lateral bearing capacity of pile
which is on slope ground surface is worth further
study.

Data Availability

-e original data for summary of pile load test in Table 1 are
from Wu et al. [28], Georgiadis and Georgiadis [17], and
Georgiadis and Georgiadis [18], respectively. -e computed
pile responses, as shown in Figure 6, are compared to the pile
test results (Wu et al. [28]) and to the pile responses
computed with the same computer code using as input the
Matlock [2]; Reese and Welch [5]; Bhushan et al. [26];
Stevens and Audibert [27]. Figures 7 and 8 are calculated by
computer code MATLAB to compare previous studies
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[18], respectively). Figures 9–24 are calculated by the pro-
posedmethod based on the original data mentioned above to
study parametric analysis. In addition, all the sharing data
were involved in this paper, and there was no redundant
data.
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A series of three-dimensional finite element analyses were performed to study the behavior of piles in sloping ground under
undrained lateral loading conditions. .e analyses have been conducted for slopes with different angles and two loading di-
rections. .e obtained results show that as the slope increases, it can cause greater lateral displacement and internal force of the
pile. In addition, the increase of the slope ratio will cause the position of the maximum bending moment and soil resistance zero
point of the pile to move downward, further increasing the pile deflection. Furthermore, when the pile distance from slope crest B
< 7D, the displacement and internal force development of the pile under toward loading is more obvious. When the pile distance
from the slope crest exceeds 7D, the effect of loading direction on the pile can be neglected.

1. Introduction

Pile foundations are widely used to support structures such
as bridges, high-rise buildings, and transmission towers, and
they are often constructed on a natural or artificially con-
structed slope. Pile foundations are often subjected to lateral
loads caused by wind and earthquakes.When the foundation
is built on a slope, the bearing capacity of the foundation will
be significantly reduced, depending on the distance of the
foundation from the slope. .e bearing capacity of the
foundation on the slope is usually calculated by empirical or
theoretical formulas which are based on the limit equilib-
rium or the upper boundary plasticity calculation. For the
design of pile foundations subjected to lateral loads, the
lateral response of the piles on the slopes and the interaction
of piles with the soil are of great importance.

In order to obtain the design method and related the-
oretical guidance of the laterally loaded pile foundation on
the slope site, some scholars have tried to study in theory and
put forward some optimization design methods [1–3]. At
present, many research scholars have carried out field tests
[4–6] and laboratory tests [7, 8] on laterally loaded pile
foundations on slope sites. In order to study the influence of

slope on the pile foundation, Mezazigh and Levacher [9]
carried out a centrifuge model test of the laterally loaded pile
in the nonadhesive soil foundation. According to the curve
distribution results under different working conditions in
the test, the slope was applied to the shallow nonadhesive soil
foundation. Based on the model test of piles in noncohesive
soil slopes, Muthukkumaran [10] discussed the effects of
slope ratio, soil parameters, loading direction, and pile
foundation position on pile foundation. Nimityongskul et al.
[11] carried out a series of full-scale lateral load tests of fully
instrumented piles in cohesive soils to access the lateral
response of piles in free field and near a slope condition.

More and more scholars choose numerical simulation to
analyze the problem of actual pile-soil interaction [12–14].
Zhang et al. [15] established a three-dimensional calculation
model based on the actual situation of the slope engineering
in Hong Kong. .rough numerical calculation and analysis,
the influence of slope and casing thickness on the perfor-
mance of the laterally loaded pile foundation on the slope
was discussed. A large-scale commercial finite element
software was used by Georgiadis and Georgiadis [13] to
establish a three-dimensional model to study the nonlinear
response behavior of piles in sloping ground under
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undrained lateral loading conditions. Two parameters of
slope ratio and soil shear strength were selected for sensi-
tivity analysis under different working conditions. Based on
the calculation results, the curve in the form of hyperbolic
curve is modified to consider the influence of slope ratio and
the cohesion coefficient of the pile-soil cross section. Finally,
the feasibility of the proposed method is verified by an
example check. .rough the three-dimensional finite ele-
ment model, the influence of the laterally loaded pile
foundation on the bearing performance of the pile foun-
dation is studied by Sawant and Shukla [16].

To sum up, the current study on laterally loaded piles on
slope sites is mainly based on model tests. Some scholars
have used numerical software to simulate and obtain some
research results on slope effects. However, there is currently
no detailed analysis of factors’ impact on slopes. .erefore,
this paper will use the finite element software to establish the
geometric calculation model of the laterally loaded pile on
the slope site, calculate, and analyze the deformation of the
pile. In the simulation analysis, the influences of slope ratio
and loading direction on the displacement of laterally loaded
piles, internal forces, and soil resistance of piles are studied so
as to further reveal and summarize the bearing characteristics
of laterally loaded single piles on slope sites and to provide
reference for practical engineering design and optimization.

2. Numerical Simulation

2.1. Finite Element Model. A circular pile foundation with
a length of 12m and a diameter of 1m was located near the
slope. In order to avoid the influence of size effect on the
calculation results, the length of the slope top and the whole
width of the model were 20 times the pile diameter. .e
height of the slope was 12m, and the total height of the
model was 2 times the length of the pile. It was assumed that
the pile foundation and soil are isotropic homogeneous
materials, and Poisson’s ratio and elastic modulus did not
change with the load. .e top boundary of the model was
free. .e four vertical sides of the model set the radial
displacement constraint; that is, U2 � 0 was set on the front
and back sides and U1 � 0 was set on the left and right sides.
.e bottom surface of the model was set as the fixed
boundary, whereas the top surface of the pile remained free.
In the mesh generation of this model, the eight-node
hexahedron linear reduced element was used to simulate
the pile foundation and soil. .e grid around the contact
surface between pile foundation and soil should be sub-
divided, and the grid setting proportion away from the
contact surface gradually evacuated. .e grid of the pile
foundation and soil mass in the slope calculation model is
shown in Figure 1.

.e main process of numerical modeling is as follows:

(1) In order to balance the initial stress, the model of
a pile foundation in a slope was established, and the
original soil at the pile hole was preserved. A gravity
value of −10 in the Z direction was applied to the
entire soil model (opposite to the Z-axis direction).
.e geostatic automatic stress balance method was

used to calculate the original initial stress field of the
slope.

(2) After the initial stress calculation of the slope soil was
completed, the “model change” function was used to
kill the soil at the pile hole, and the pile foundation
component was modified into a living unit to
reactivate the pile foundation.

(3) A contact pair was added to the contact faces of the
pile body, the pile end, and the soil body, re-
spectively. .en, the self-weight value of −10 in the Z
direction was applied to the pile foundation so that
the pile foundation interacted with the slope soil
under the action of self-weight until equilibrium.

Different loading steps were established to apply lateral
loads on the pile head step by step.

2.2. Verification of the Numerical Model. Georgiadis and
Georgiadis [13] performed three-dimensional finite element
analyses to study the behavior of piles in sloping ground
under undrained lateral loading conditions. .e numerical
simulation results of the model in this paper were compared
with those in the literature to verify the rationality of the
model. .e pile foundation parameters were set as follows:
pile length L � 12m, pile diameterD � 1m, and slope angle �

30°. .e soil and pile properties of the three-dimensional
finite element model are shown in Table 1.

In the contact setting, the normal behavior was set to the
“hard” contact mode, and the tangential behavior was in the
form of “penalty” friction. .e “penalty” friction coefficient
value μ was generally 0.36 (tan(0.75φ)), and the case where
the contact surface of the pile and soil was completely rough
was considered, so μ � 1. In particular, the stability of slope
must be ensured before the three-dimensional calculation of
the laterally loaded piles in sloping ground. .e stability of
the slope is not taken into consideration, and the pile
foundation does not play the role of an antislide pile but
serves to the bearing structure. .erefore, according to the
soil and pile properties, the slope stability calculation for-
mula and chart given by Taylor were used for analysis [17].
.e slope safety factor of the model was calculated to exceed
1.08, which proved that the slope was stable.

.e comparative results of the model in this paper and
the 3D finite element analyses are shown in Figure 2. A good
compatibility could be seen between the present simulation
model and the results of published data..emaximum error
is 9.2%, which is within the reasonable error range. It also
proves the correctness of the modeling method.

2.3. Type of Analysis. A series of numerical models were
performed for various slope angles and loading directions.
According to the geological environment conditions in the
actual project, the clay will adopt the common c-φ hard clay
in the subsequent analysis model. .e pile foundation pa-
rameters were set as follows: pile length L � 12m, pile di-
ameter D � 0.6m, and the material was C30 concrete. .e
schematic of the model analyzed is presented in Figure 3.
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Soil and pile properties used in the finite element analyses
are summarized in Table 2.

3. Results and Discussion

3.1. Effect of Slope Ratio. .e slope ratio of different models
was set as 1V :1H, 2V : 3H, 1V : 2H, and 1V : 4H,

respectively, with the pile distance from slope crest B/D � 1.
Figure 4 shows the contours of lateral displacement of the
pile and soil for the 1V :1H slope when the lateral load
applied on the slope model is 500 kN and 1000 kN, re-
spectively. It can be seen from the figure that both the
deflection of the pile and the deformation of the soil before
the pile increase with the increase of lateral load. Moreover,
the displacement field of the soil in the shallow foundation is
distributed in the shape of wedge, which is in good agree-
ment with the assumed shape of the strain wedge model
proposed by Xu et al. [18]. .e deflection of the pile and the
displacement of the wedge mainly occur above a critical
position of the pile. Below the critical depth, the pile has an
“insertion effect” and the embedded position decreases with
the increase of the lateral load.

.e pile head load-displacement curves are shown in
Figure 5 for different slope ratios. As expected, under the
same lateral load H0, the pile head displacement increases
with the increase in the slope ratio. It is clear that the

(a) (b)

Figure 1: Typical mesh for three-dimensional finite element analyses. (a) Mesh for soil. (b) Mesh for pile.

Table 1: Soil and pile properties for verification.

E(Pa) μ ρ(kg/m3) C(Pa) φ(°) ψ(°)

Pile 2.9 × 1010 0.1 2500 — — —
Clay 1 × 107 0.49 1800 5 × 104 0 0
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H0 = 1000kN (data by Georgiadis [13])
H0 = 1500kN (data by Georgiadis [13])

Figure 2: Displacement curve for comparison.
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Figure 3: Schematic of the model.

Table 2: Soil and pile properties for modeling.

E(Pa) μ ρ(kg/m3) C(Pa) φ(°) ψ(°)

Pile 3.0 × 1010 0.1 2500 — — —
Clay 1.2 × 107 0.4 1800 3.0 × 104 35 5
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increase in pile head displacement due to slope ratio is larger
at higher lateral load.

In order to reflect the effect of the slope ratio on the
displacement of the pile head more intuitively, the load-
displacement curves in Figure 5 were normalized to obtain
the relationship between the normalized displacement
y0,slope/y0,level and the lateral load H0 for different slope
ratios. .e dimensionless parameter y0,slope/y0,level is defined
as the ratio of the displacement of the pile head in sloping
ground to the displacement of the same pile head in level
ground at the same load levels.

As shown in Figure 6, the normalized displacement value
y0,slope/y0,level continues to increase with the increase of
lateral load, but the growth rate of y0,slope/y0,level changes as
the slope ratio increases. Before the third-stage load, the
growth of y0,slope/y0,level is relatively stable for slope ratios of
1V : 4H, 1V : 2H, and 2V : 3H, which is basically between 1.14
and 1.31. However, the growth rate of y0,slope/y0,level increases
slowly after the third-level load. .e corresponding growth
rates in the whole loading process are 14.9%, 36.4%, and
52.7% for slope ratios of 1V : 4H, 1V : 2H, and 2V : 3H,

respectively. In contrast, y0,slope/y0,level increases at a fast rate
for the 1V :1H slope ratio throughout the whole loading
process, varying from 1.29568 (first-stage load) to 2.52214
(tenth-order load), which increases 94.66%. It indicates that
the effect of slope on lateral pile displacement is much larger
as the slope gets steeper.

Figures 7 and 8 show the variation of lateral pile de-
flection with depth for different slope ratios at lateral loads of
500 kN and 1000 kN, respectively. .e findings from Fig-
ures 7 and 8 can be listed as follows:

(1) .e effect of slope ratio is to increase pile deflection
at the same load level, and the growth rate of the pile
deflection for the 1V :1H slope ratio is the fastest.
Moreover, the increase of pile deflection will become
greater as the load level increases.

(2) .e pile deflection will increase as the lateral load
level increases, which is more obvious in shallow soil
layers. Below the position of the first displacement
zero point, the pile deflection no longer changes,
which is called the “insertion effect.”
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Figure 4: Lateral displacement field at different lateral loads for the 1V :1H slope. (a) Lateral loadH0 � 500 kN. (b) Lateral loadH0 � 1000 kN.
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Figure 5: Pile head load-displacement curves for different slope ratios.
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(3) .e increase of the slope ratio will cause the first
displacement zero points of the pile to move
downward. For example, when the lateral load H0 �

500 kN, the first displacement zero points for the
slope ratios of 1V :1H, 2V : 3H, 1V : 2H, and 1V : 4H
and the level ground appear at 6.5m, 6.1m, 5.9m,
5.86m, and 5.5m below the ground surface,
respectively.

(4) .e shape of pile deflection curves does not change due
to the slope effect. However, as the slope ratio in-
creases, the decrease of the soil resistance around the
pile will increase the pile deflection at the same depth.

.e variation of bending moment with depth for dif-
ferent slope ratios at lateral loads of 500 kN and 1000 kN is
presented in Figures 9 and 10, respectively. From Figures 9
and 10, three findings can be drawn:

(1) .e slope effect does not affect the shape of the
bending moment curves of the pile. .e bending
moment grows rapidly from 0 on the ground surface
to the maximum value and then decreases..ere will
be two zero points in the bending moment curves of
the pile.

(2) .e lateral load level affects the position of the
maximum bending moment of the pile. When the
lateral load H0 � 500 kN, the positions of maximum
bending moment for the slope ratios of 1V :1H, 2V :
3H, 1V : 2H, and 1V : 4H and the level ground appear
at 3.25m, 3.01m, 2.92m, 2.79m, and 2.71m below
the ground surface, respectively. When the lateral
load increases to 1000 kN, the corresponding posi-
tions of maximum bending moment appear at
4.28m, 3.61m, 3.48m, 3.25m, and 2.98m below the
ground surface, respectively. It can be seen that as the
load increases, the position of maximum bending
moment of the pile will move downward.

(3) .e bending moment of the pile increases with the
increase of the slope ratio at the same depth. It
demonstrates that the elastic deformation range of
the pile body is larger and the flexural properties of
the pile are more fully developed as the slope ratio
increases.

Figure 11 shows the variation in maximum bending
moment with the applied lateral load for different slope
ratios. In the initial stage of loading, the maximum bending
moment is almost the same, indicating that the resistance of
the soil around the pile at the stage of elastic deformation is
sufficient to balance the maximum bending moment of the
pile. When the load exceeds 200 kN, the maximum bending
moment of the pile for different slope ratios increases rapidly
at different rates. When the lateral load H0 � 1000 kN, the
maximum bending moment of the pile for the slope ratios of
2V : 3H, 1V : 2H, and 1V : 4H is 15.75%, 28.2%, and 38.76%,
respectively, higher than that for level ground. .e maxi-
mum bending moment of the pile for the slope ratio of 1V :
1H is 69.6% higher than that for level ground, which is much
higher than the corresponding increase rate for other slope
ratios. It indicates that the growth rate of maximum bending
moment is much larger with the increase of lateral load as
the slope gets steeper.

In order to analyze the effect of slope on the lateral soil
resistance, the “free body cut” postprocessing function from
the finite element software was used to obtain the data of
shear force (Q) of the pile varying with depth. A sixth-order
polynomial function has been chosen for the curve fitting in
order to reduce the error:

Q(z) � az
6

+ bz
5

+ cz
4

+ dz
3

+ ez
2

+ fz + g. (1)

Based on Equation (2), the shear force (Q) versus depth
(z) figures were differentiated to give figures of lateral soil
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Figure 7: Pile deflection versus depth relationships of different
slope ratios for H0 � 500 kN.
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Figure 8: Pile deflection versus depth relationships of different
slope ratios for H0 � 1000 kN.
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resistance (p) versus depth (z) for different values of pile
head load H0, such as those presented in Figures 12 and 13:

p(z) �
dQ(z)

dz
. (2)

.e findings from Figures 12 and 13 can be listed as
follows:

(1) .e shape of the lateral soil resistance curves of the
pile in sloping ground is similar to that in level
ground. .e soil resistance increases from a certain
value on the ground surface to the maximum value
and then decreases. After reaching the position of the

first soil resistance zero point, it increases to the
maximum value in the opposite direction. .e
compressive stress occurs in the soil before the pile
above the first soil resistance zero point, while the
tensile stress appears in the soil below the point, which
is consistent with the direction of the pile deflection.

(2) On the ground surface, the soil resistance will de-
crease as the slope ratio increases. .e soil re-
sistance on the ground surface under level ground
condition is the largest. As it was mentioned, the
pile head displacement will increase as the slope
ratio increases. It can be inferred that when the pile
is in level ground and with small slope ratio, the soil
resistance is larger in the shallower ground because
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Figure 11: Effect of slope ratio on maximum bending moment.
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Figure 12: Lateral soil resistance versus depth relationships of
different slope ratios for H0 � 500 kN.
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Figure 9: Bending moment of the pile versus depth relationships of
different slope ratios for H0 � 500 kN.
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Figure 10: Bending moment of the pile versus depth relationships
of different slope ratios for H0 � 1000 kN.
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it is under larger confinement and exposed by
smaller pile displacement.

(3) .e slope ratio affects the position of the soil re-
sistance zero point of the pile. When the lateral load
H0 � 500 kN, the position of the soil resistance zero
point of the pile for the level ground appears at
4.36m below the ground surface, while that for the
slope ratio of 1V :1H appears at 5.09m. More soil is
needed to provide lateral soil resistance to balance
the interaction between pile and soil due to the
reduction of soil volume in front of the pile.

(4) .e soil resistance increases in the opposite direction
near the bottom of the pile for higher load levels..is
could be due to the fact that the large deformation of
the pile makes the embedded part of the pile to cause
a certain lateral displacement and separate from the
soil around the pile, resulting in tension stress of soil.
In addition, the soil resistance will increase in the
opposite direction near the bottom of the pile as the
slope ratio increases for the same load level.

3.2. Effect of Loading Direction. For the pile adjacent to the
slope under lateral load, the conditions of soil in front of the
pile and the soil behind the pile will directly affect the
bearingmechanism of the pile..e conditions of soil in front
of the pile and the soil behind the pile are asymmetrical. .e
lack of soil mass on the slope side of the pile tends to reduce
the bearing capacity of the pile. .erefore, the loading di-
rections (toward loading and reverse loading) have different
effects on the pile bearing mechanism (Figure 14).

In order to study the bearing mechanism of the pile
under different loading directions, the pile distance from
slope crest B/D of different models was set as 1, 3, 5, 7, and∞
(level ground), respectively, with the slope ratio of 1V :1H.

Toward lateral load and reverse lateral load were applied on
the models for comparative analysis. To simplify the pre-
sentation of results, TL is toward loading in short and RL is
reverse loading in short. .e pile displacement, bending
moment, and lateral soil resistance for reverse loading are all
positive values.

Figure 15 shows the contours of lateral displacement of
the pile and soil for the 1V :1H slope at a lateral load of
1000 kN with different loading directions. It can be seen
from the figure that the loading directions (toward loading
and reverse loading) affect the lateral displacement field of
the soil before the pile. .e displacement field of the soil in
the shallow foundation for forward loading is distributed in
the shape of wedge, while that for reverse loading is dis-
tributed in the U-shaped area. .e maximum displacement
for forward loading is much larger than that for reverse
loading, which indicates that the loading direction has
a great influence on the bearing mechanism of the pile
adjacent to a slope.

.e pile head load-displacement curves are shown in
Figure 16 under different loading directions for the 1V :1H
slope. It can be seen that, with the increase of lateral load, the
pile head displacement increases rapidly. .e curves for
toward loading are quite different, while the curves for
reverse loading are very similar. It indicates that the pile
head displacement is significantly affected by the pile dis-
tance from slope crest under toward loading. On the con-
trary, the pile distance from slope crest under reverse loading
has little effect on the pile head displacement..e maximum
pile head displacement is 298.813mm under toward lateral
loading of 1000 kN, while the maximum pile head dis-
placement is only 118.543mm under reverse lateral loading
of the same load level, which demonstrates that reverse
loading is not conducive to the development of pile head
displacement.

Figures 17 and 18 show the variation of lateral pile
deflection with depth for the 1V :1H slope under different
loading directions at lateral loads of 500 kN and 1000 kN,
respectively. .e findings from Figures 17 and 18 can be
listed as follows:

(1) When H0 � 500 kN, the maximum pile displacement
under reverse lateral loading increases by 6.61% from
B/D � 7 to B/D � 1. In the meanwhile, the position of
the first displacement zero point moves downward
from 5.49m to 6.01m with the decrease of pile
distance from slope crest. .is is because the
critical load values are different for soil around the
pile with different B/D to change from elastic
deformation to plastic deformation at lower ap-
plied load levels. .e soil that first enters the plastic
deformation causes the pile to have a larger de-
flection and also expands the plastic zone into the
deeper foundation soil.

(2) When the lateral load increases to 1000 kN, the
maximum pile displacement under reverse lateral
loading only increases by 4.24% from B/D � 7 to B/D
� 1. In addition, the position of the first displacement
zero point for different B/D is about 6.01m below the

–200 –150 –100 –50 0 50 100 150 200 250 300 350 400
0
1
2
3
4
5
6
7
8
9

10
11
12

z (
m

)

P (kN·m)

1V:1H
2V:3H
1V:2H

1V:4H
Level ground

Figure 13: Lateral soil resistance versus depth relationships of
different slope ratios for H0 � 1000 kN.
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ground surface. It indicates that when the lateral load
increases to a certain critical value, the soil around
the pile for different B/D has completely entered the

stage of plastic deformation and pile displacement
gradually increases to the maximum value and no
longer changes.
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Figure 14: Failure mechanism of a pile in sloping ground. (a) Toward loading. (b) Reverse loading.
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Figure 15: Lateral displacement field at H0 � 1000 kN for the 1V :1H slope. (a) Toward loading. (b) Reverse loading.
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Figure 16: Pile head load-displacement curves under different loading directions for the 1V :1H slope. (a) Reverse loading. (b) Toward
loading.
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(3) .e pile deflection is greatly affected by the pile
distance from slope crest. Moreover, the increase of
pile deflection will become greater as the load level
increases.

.e variation of bending moment with depth for the 1V :
1H slope under different loading directions with different
B/D is presented in Figure 19. From Figure 19, these findings
can be drawn:

(1) As the lateral load increases, the bending moment of
the pile under different loading directions increases.
However, the bending moment of the pile for reverse

loading is lower than that for toward loading under
the same condition. It indicates that the bearing
capacity of the pile for reverse loading is better than
that for toward loading due to the fact that the
passive wedge for toward loading is near the slope.

(2) With the increase of pile distance from slope crest, the
bending moment of the pile for reverse loading
gradually approaches the bending moment of the pile
for toward loading. Moreover, when the pile distance
from slope crest increases to a critical value, the effect
of loading direction on the bending moment of the
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Figure 17: Pile deflection versus depth relationships under different loading directions for the 1V :1H slope at H0 � 500 kN. (a) Reverse
loading. (b) Toward loading.
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Figure 18: Pile deflection versus depth relationships under different loading directions for the 1V :1H slope at H0 � 1000 kN. (a) Reverse
loading. (b) Toward loading.
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pile can be neglected. At an applied loadH0 � 800 kN,
the maximum bending moment of the pile for reverse
loading is 40.32% lower than that for toward loading
with B/D � 1. When the pile distance from slope crest
B/D increases to 7, the maximum bending moment of
the pile for reverse loading is only 2.5% lower than
that for toward loading.

(3) .e position of the maximum bending moment of
the pile for reverse loading is higher than that for
toward loading at the same load level with small B/D.

.e effect of loading direction on the position of the
bending moment of the pile becomes smaller as the
pile distance from slope crest increases. When the
pile distance from slope crest B/D increases to 7, the
positions of the bending moment of the pile for
different loading directions are the same.

Figures 20 and 21 show the curves of lateral soil re-
sistance under different loading directions for the 1V :1H
slope at H0 � 500 kN and H0 � 1000 kN, respectively. It can
be seen that the soil resistance on the ground surface for
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Figure 19: Bending moment of the pile versus depth relationships under different loading directions for the 1V :1H slope. (a) B/D � 1. (b)
B/D � 3. (c) B/D � 5. (d) B/D � 7.
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reverse loading is higher than that for toward loading at the
same load level and B/D. In addition, the soil resistance
values for reverse loading are almost the same, while those
for toward loading are very obvious. It indicates that the
slope has little effect on the soil resistance for reverse loading
because of the integrity of soil in front of the pile for reverse
loading.

.e position of the soil resistance zero point of the pile
for reverse loading is higher than that for toward loading at
the same load level. When the lateral load H0 � 500 kN, the
position of the soil resistance zero point of the pile for
reverse loading appears at 4.29∼4.33m below the ground
surface, while that for toward loading appears at 4.35∼5.1m.
.e pile deflection becomes greater when the position of the
soil resistance zero point of the pile gets deeper. .erefore,
the pile under reverse loading is safer than the pile under
toward loading under the same conditions.

4. Conclusions

In order to further explore the bearing mechanism of the
laterally loaded single pile in clay slope under different
working conditions, this paper uses the finite element
software to establish the laterally loaded pile in sloping
ground considering the slope ratio and loading direction.
Based on the results of finite element calculation from
different numerical models, the following main conclusions
can be drawn:

(1) According to the data from previous works, a three-
dimensional finite element verification model of the
undrained lateral pile in sloping ground was
established. By comparing the finite element results
with the theoretical calculation results, the correct-
ness of the three-dimensional finite element mod-
eling method was proved.

(2) .e slope causes greater pile deflection and internal
force compared with level ground..e growth rate of
pile head displacement and maximum bending
moment is much larger with the increase of lateral
load as the slope gets steeper. In the meanwhile, the
increase of the slope ratio will also cause the position
of maximum bending moment and soil resistance
zero point of the pile to move downward, further
increasing the pile deflection.

(3) When the pile distance from slope crest B < 7D,
regardless of the loading direction, the compressive
soil in front of piles is affected by the slope effect, thus
affecting the bearing characteristics of the pile
foundation. .e displacement and internal force
development of the pile under toward loading is
more obvious. Moreover, when the pile distance
from slope crest exceeds 7D, the effect of loading
direction on the pile can be neglected.

Data Availability

Readers can get the data from the numerical simulation
mentioned in this paper. Finite element models were

created with appropriate model sizes, and reasonable
model parameters were assigned for numerical calcula-
tions. From the calculation results, the data in the software
were extracted, which were processed by the software
Origin to obtain diagrams in the paper. Because the data
extracted from the software were useful, there were no
unavailable data. In addition, the data used to support the
findings of this study are available from the corresponding
author upon request.
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Figure 20: Lateral soil resistance versus depth relationships under
different loading directions for the 1V :1H slope at H0 � 500 kN.
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Figure 21: Lateral soil resistance versus depth relationships under
different loading directions for the 1V :1H slope at H0 � 1000 kN.
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Collisions often happen between adjacent buildings without a sufficient gap under seismic loadings. Installing polymer bumpers
may decrease the pounding forces between colliding buildings. *is paper focuses on the analysis of suppressing pounding effects
by using of polymer bumpers. In order to investigate pounding mitigation effectiveness in the condition with and without
bumpers, different types of pounding force models are utilized to simulate and calculate frame vibration responses under seismic
loads. Firstly, time-history results for pounding force, displacements, and shearing forces in selected floors are calculated in the
condition with and without polymer bumpers. Secondly, differences between viscoelastic and elastic pounding force models are
compared and discussed. And finally, parametric studies are carried out to investigate influences of different pounding pa-
rameters. *e results show that polymer bumpers can reduce maximum values of pounding force but increase pounding times.
And viscoelasticity of bumper materials has a certain range of influences on pounding force responses. Choosing improper
material types and pounding parameters may lead to opposite effects.

1. Introduction

Insufficient gaps between adjacent buildings of unequal
heights may lead to poundings under seismic effects. *is
can result in severe damage and even loss of lives, which have
been observed in all major earthquakes [1–4]. Large plastic
deformations, splintering, and the collapse of the main
components of buildings, as well as the dislocation or falling
of bridge girders [5], are the most common functionally
disabling phenomena of structures during earthquake.

Extensive literatures about earthquake-induced pounding
have appeared in the past decade. Jankowski [6] analysed the
parametric pounding of two buildings with the same number
of stories. Based on Jankowski’s nonlinear viscoelastic ana-
lytical model, Pratesi [7] developed a special multilink vis-
coelastic finite element contact model and analysed seismic
pounding of a slender reinforced concrete bell tower. Shakya
[8] dealt with the seismic pounding between three typical

reinforced concrete moment-resisting frame buildings con-
sidering the effects of the underlying soil on the structural
response.

Reducing pounding effects between adjacent structures
has been studied by many means. A sheared tuned mass
damper was attached to two structures to reduce both the
vibration and the probability of pounding effects by
Abdullah [9]. Polycarpou [10] gave an efficient methodology
to illustrate the performance of soft material (like rubber)
bumpers during structural poundings.

Despite the abovementioned earthquake-induced
pounding studies, a suitable pounding force model to il-
lustrate the relationship between force and displacement
is a key foundation to study the influence of pounding
on structures. Many pounding force models or analysis
methods have been proposed to simulate interactions be-
tween colliding bodies. *e linear spring model, which is
based on the classical theory of impact, considers the

Hindawi
Advances in Civil Engineering
Volume 2018, Article ID 7871404, 14 pages
https://doi.org/10.1155/2018/7871404

mailto:xueqichao@hrbeu.edu.cn
http://orcid.org/0000-0002-3715-8261
http://orcid.org/0000-0003-4590-2684
http://orcid.org/0000-0001-5833-1409
https://creativecommons.org/licenses/by/4.0/
https://creativecommons.org/licenses/by/4.0/
https://creativecommons.org/licenses/by/4.0/
https://doi.org/10.1155/2018/7871404


interaction between two colliding bodies as a linear spring.
*is analysis method is the simplest way to avoid ignoring
energy dissipation. Ruangrassamee [11] and Wang [5] uti-
lized the linear spring model to calculate the pounding of
bridge decks and adjacent components.

*e nonlinear spring model, also called Hertz spring
model, was initially introduced into analysis for collision
processes by Goodsmith [12]. *is model is extremely ef-
fective for the analysis of elastic poundings and is suitable for
curved surface contacts with different curvatures. Chau [13]
simplified the modelling of structures as two single-degree-
of-freedom oscillators andmodelled poundings between two
adjacent structures by utilizing a nonlinear Hertz impact
model. Pantelides [14] and Cui [15] adopted the Hertz
pounding model to study the pounding effects of bridges.

*e Kelvin model is a type of linear viscoelastic model
that can analyse energy dissipation during collision de-
formation. It can describe energy dissipation, with the ex-
ception of tension stress, at the end of a pounding process.
*is method was initially proposed and discussed by
Anagnostopoulos [16, 17]. Shakya [8], Madani [18], and
Komodromos [19, 20] utilized the Kelvin model to calculate
poundings between adjacent buildings.

To get more precise results in simulating pounding
processes, a nonlinear viscoelastic model was first developed
by Jankowski based on the Kelvin model [21], which was
used to calculate poundings of multistorey buildings [6] and
isolated elevated bridges. At the same time, Muthukumar
[22] combined the Kelvin model and the Hertz spring model
to obtain the “Hertzdamp model.” Xue [23] also proposed
a viscoelastic pounding force analysis method and utilized it
in a PTMD (pounding tuned mass damper) simulation.

Rubber and other similar polymers perform efficiently in
shock absorption. *e viscoelastic behaviour of polymer
shock absorbers under impact loading needs to be suffi-
ciently modelled to obtain accurate numerical simulations
and parametric studies. *is paper presents a discussion of
how polymer bumpers suppress vibration-induced pound-
ing between adjacent structures. Different sizes, mechanical
properties, and gaps between two buildings are calculated.
*e viscoelasticity of bumpers is analysed by using an
updated pounding force method proposed by our previous
work. Pounding forces, accelerations, and energy dissipation
responses are compared to reveal the suppressing mecha-
nism of polymer bumpers.

2. Model of Adjacent Buildings

*e study in this paper focuses on pounding between
a high-rise building and a low-rise building, which is a very
common form of construction for commercial and resi-
dential use. Figure 1 is the dynamic behaviour analysis
model with which each storey’s mass is lumped on the floor
level. *e left building is a fifteen-storey concrete frame,
and the right building is an eight-storey building.*ey have
the same storey height, stiffness, and damping. Masses,
stiffness, damping ratios, and the gap between the buildings
are listed in Table 1.

3. Modelling of Pounding Force

*e pounding force between colliding structures is usually
modelled by using elastic or viscoelastic impact elements
which become active when contact is detected. Here are
three types of pounding force models to construct the in-
teraction force relationship between collision bodies or
bumpers. For structure pounding between two buildings
without bumpers, Jankowski’s model is used to calculate
pounding responses. *is is because a number of studies
have verified its effectiveness. For the polymer bumper’s
viscoelastic properties, elastic and viscoelastic analysis
models are introduced to verify effectiveness of the bumper
and reveal influences of viscoelasticity.

3.1. Concrete Pounding Force Model. To remove nonexisting
tension stress in the Kelvin model, Jankowski [6] con-
structed a segmental function to avoid the tension stress at
the end of the restitution period. According to themodel, the
value of pounding force during contact between the ith
(i � 1, 2, 3, · · ·) storey of two buildings can be calculated as

Fi �
βδ3/2i + ci

_δi, for _δii(t)> 0,

βδ3/2i , for _δii(t)< 0,

⎧⎨

⎩ (1)

where δi � (uL
i − uR

i − d) is the relative displacement, d is
the initial separation gap between buildings, _δi(t) is the
relative velocity between colliding ith storeys, β is the
impact stiffness parameter, and ci is the impact element’s
damping. ci at any instant of time can be obtained from the
following formula:

ci � 2ξ

�������������

β
��
δi

 mL
i mR

i

mL
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I



, (2)

where mL
i and mR

i are themass of the ith storey of the left and
the right buildings, respectively, and ξ is the impact damping
ratio related to the coefficient of restitution, e, which can be
defined as [22]

ξ �
9

�
5

√

2
1− e2

e(e(9π − 16) + 16)
. (3)

*e interaction between components during collision is
a process of energy dissipation and momentum exchange,
a process which may induce large pounding forces when
collision occurs in a very short time interval. In this present
study, pounding forces between two pounding concrete
frames will make use of Jankowski’s model, whose effec-
tiveness has been proven by Raheem [24] and Mahmoud
[25]. *e following values of the nonlinear viscoelastic
pounding force model’s parameters have been applied: β �

2.75 × 109N/m3/2 and ξ � 0.35(e � 0.65) [6].

3.2. Polymer Pounding Force Model. Pounding force, as an
additional effect, can be utilized as a controlling force to
reduce structure vibrations. Xue [23] validated that the
energy dissipation can be enhanced by viscoelastic materials,
which are squeezed between collision components.
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Two types of energy dissipation devices with elastic and
viscoelastic materials, respectively, were used in the simu-
lation between two adjacent buildings during an earthquake
(see Figure 2).

In the analysis, the pounding force in the elastic model
can be calculated as

Fi �
E∗A

h
δi, (4)

where h is the height of the polymer block, A is the surface
area of the polymer block, δi � (uL

i − uR
i −d + h) is the

relative displacement, and E∗ is the modulus of elasticity for
the polymer block, for 3-parameters solid,
E∗ � (E1E2)/(E1 + E2). In the constitute model of visco-
elasticity which is shown in Figure 1(b), E1 and E2 are spring
part parameters of elasticity with unit Pa, andC1 is dash-port
part of the viscous parameter with unit Pa · s. E∗ represents
two springs E1 and E2 in series relation, in which damper is
ignored and C1 is zero.

*e pounding force with the viscoelastic model can be
calculated as

Fi �
A

h

Q(s)
P(s)

 
1

1− 2μ2/(1− μ)
δi, (5)

whereQ(s) and P(s) are no longer differential operators, but
instead polynomials with parameter s through the Laplace
transformation. μ is Poisson’s ratio of the viscoelastic ma-
terial. *e original parameters of the elastic and viscoelastic
models of pounding force have been incorporated into the
study: E∗ � 1 × 106Pa, E1 � 5 × 105Pa, E2 � 5 × 105Pa, and
C1 � 4 × 103Pa · s. *e initial separation gap between
buildings has been set to d � 0.05m.

4. Dynamic Equations of Motion

As an example, the study presented in this paper is focused on
pounding between a fifteen-storey building on the left and an
eight-storey building on the right. *e dynamic equation of
motion for such a structural model, including pounding
between buildings at each floor level, can be written as

ML 0

0 MR
⎡⎣ ⎤⎦

€UL

€UR
⎡⎢⎣ ⎤⎥⎦ +

CL 0

0 CR
⎡⎣ ⎤⎦

_UL

_UR
⎡⎢⎣ ⎤⎥⎦ +

RL

RR
⎡⎣ ⎤⎦ +

FL

−FR
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� −
ML 0

0 MR
⎡⎣ ⎤⎦

€Ug

€Ug

⎡⎢⎢⎢⎣ ⎤⎥⎥⎥⎦,

(6)

where ML, CL and MR, CR represent the matrices of masses
and damping coefficients for the left and right buildings,
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Figure 1: Model of colliding frames and viscoelastic models: (a) two concrete frame buildings (left: a fifteen-storey building; right: an eight-
storey building); (b) viscoelastic models (3-parameters solid).

Table 1: Properties of buildings.

Structural characteristics Left building Right building
Storey mass (kg) 9×106 5×106

Storey initial stiffness (N/m) 1.1237×1010 5.2580×109

Storey yield force (N) 8.1101× 107 2.4392×107

Storey damping coefficient (kg/s) 4.5185×107 2.5088×107

Natural vibration period (s) 1.76 1.10
Damping ratio 0.05 0.05
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respectively; RL and RR are vectors consisting of the system
inelastic resisting forces; UL, _UL, €UL and UR, _UR, €UR denote
the displacement, velocity, and acceleration vectors for the
left and right structures, respectively; FL and FR are the
pounding force vectors for the left and right structures,
respectively; €Ug is the vector of ground motion acceleration.

Let mL
i , cLi , RL

i and mR
i , cRi , RR

i (i � 1, 2, 3 · · ·) be the
masses, the viscous damping coefficients, and the inelastic
storey shear forces for the left and the right buildings, re-
spectively. *en, the matrices and vectors of Equation (6)
can be defined as

ML �
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⋱
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,

RR �

RR
1 −RR

2

RR
2 −RR

3

⋮
RR
8

⎡⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

⎤⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦
,

(9)

FL � F11, F22, · · · , F88,0, · · · , 0 
T
,

FR � F11, F22, · · · , F88 
T

.
(10)

Plastic effects of columns bearing shear forces are also
considered. During the elastic stage, RL

i and RR
i take the

forms RL
i � kL

i (uL
i − uL

i− 1) and RR
i � kR

i (uR
i − uR

i− 1); during
the plastic stage, RL

i � ±fL
yi and RR

i � ±fR
yi, where kL

i , kR
i

and fL
yi, fR

yi are the storey initial stiffness coefficients and
yield forces for the left and the right buildings, respectively;
uL

i , _uL
i , €uL

i and uR
i , _uR

i , €uR
i are the displacement, velocity, and

acceleration of the left and right structures, respectively.
*e KOBE earthquake wave, which was recorded in 1995,

was utilized as seismic excitation. *e numerical model has
been built using the MATLAB SIMULINK software.

5. Analysis and Simulation Results

*ree types of analysis are calculated: structure without
bumper, structure with bumper analysed by the elastic
model, and structure with bumper analysed by the visco-
elastic model. In the first part of the results, time-history
responses are simulated to show influences of pounding
suppression. Pounding forces, displacements, accelerations,
and energy dissipations are illustrated separately. In the
second part, parametric studies are carried out to reveal
influences of bumpers. In last part, comparisons between the
viscoelastic model and the elastic model are made.

5.1. Time-History Response under KOBE Seismic Waves.
Figure 3 shows pounding force time-histories with three types
of analysis for pounding force under KOBE wave ground
motions. Consequently, the maximum pounding force with
polymer bumpers using the viscoelastic and elastic models has
a significant decrease compared to the model without the
polymer bumper. For an example, maximum pounding force
in the 8th floor changes from 7.87×106N to 4.78×106N after
installing bumpers.*e reductionmagnitude is 39.3%. On the
other side, pounding times increase after installing bumpers,
which is from 8 times to 42 times. Moreover, it has been
observed that the pounding forces at lower storeys show
smaller values compared to the value at higher storey levels.
However, the polymer block between structures reduces the
distance of the initial separation gap between buildings. *is
leads to the increase in the number of impacts when

Structural joints Structural joints

Rubber block

Rubber block

2R

h

Figure 2: Cylinder polymer block with constraints.
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compared to the number of impacts for the case without the
polymer block between buildings.

*e displacement time-histories with three types of
analysis for collision under the KOBE earthquake record are
shown in Figure 4. Compared with the displacement re-
sponses of the elastic model with polymer bumpers, similar
results have been obtained for the viscoelastic model in the left
and right buildings.*e displacement responses with polymer
bumpers are considerably lower than cases without bumpers
in the left building, but they are higher than the pounding
force models without polymer bumpers in the right building.

Shearing force time-histories with three types of analysis
for colliding buildings are shown in Figure 5. It can be seen
from the figure that interactions between adjacent structures
incorporating polymer bumpers result in a decrease in the
observed shearing force for the storeys in the left building.
Moreover, the results shown in Figure 5 indicate that col-
lisions may lead to yielding in the case for the lower storeys
of both the left and right buildings. It can also be observed
that reaching threshold times of shearing forces are reduced

for cases installing bumpers. For an example, after installing
bumpers, times of shearing force researching the limit re-
duce from 6 to 1 in the first storey, which means polymer
bumpers can decrease column damages and protect struc-
ture under seismic loads.

5.2. Comparison Study between Elastic and Viscoelastic
Pounding Models. In the previous calculation results, the
elastic pounding force model and the viscoelastic model
have similar responses during the pounding process. *is is
because viscoelasticity is not significant for previously se-
lected viscoelasticity parameters. *e calculation in this
section will illustrate differences between the viscoelastic
model and elastic model.

5.2.1. Pounding Force Time-History Results. Figure 6 shows
the pounding force time-histories during one pounding
process between buildings using polymer bumpers with
elastic and viscoelastic models, in which the value of dash-
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Figure 3: Pounding force time-history with three different models of collision: (a, d, g) without bumpers; (b, e, h) with bumper calculated by
the elastic pounding force model; (c, f, i) with bumper calculated by the viscoelastic pounding force model.
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Figure 4: Displacement time-history with three different models of collision for (a, c, e) left building storeys and (b, d, f) right building storeys.
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Figure 5: Continued.
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pot parameter C1 is 4 × 103Pa · s and 4 × 104Pa · s, re-
spectively. *e following parameters for the elastic and
viscoelastic models of pounding force have been in-
corporated in this section: E∗ � 1 × 106 Pa, E1 � 2 × 106 Pa,
and E2 � 2 × 106 Pa. *e results indicate that the pounding
force using the polymer bumper with the elastic model is
smaller than the viscoelastic model. However, the duration
of the collision process with the viscoelastic model is shorter
than the duration of the collision process with the elastic
model. Moreover, using the polymer bumper with the
viscoelastic model decreases the pounding time between
buildings during the whole earthquake, compared to using
the polymer bumper with the elastic model. For example, the
times of pounding between structures using polymer
bumpers with the elastic and viscoelastic models during the
whole earthquake are 51 and 47 times, respectively.

5.2.2. Displacement Time-History. *e comparison of dis-
placement results between the elastic and viscoelastic models
with different dash-pot parameters between buildings is
presented in Figure 7, where the values of C1, E1, E2, and E∗

are 4 × 107Pa · s, 2 × 108 Pa, 2 × 108 Pa, and 1 × 108 Pa,

respectively. Different from Figure 4, considering viscoelas-
ticity of bumper materials shows certain differences with
results obtained by the elastic analysis model. *ese suggest
that structural collision responses during earthquakes, in-
cluding the collision displacements and the collision duration
time, are affected by viscoelastic properties of bumpers. *is
means that although the elastic model can obtain enough
precise results in most cases, viscoelasticity of bumper ma-
terials will affect analysis results in certain circumstances. *e
effect of the various parameters on the collision response
behaviour is investigated in following sections.

5.3. Parametric Study for Viscoelastic Material Properties.
In this section, different material properties between
structures are applied to conduct the parametric analysis.
*is is done in order to study the influences of the pa-
rameters and to obtain an optimal viscoelastic parameter
setting for the pounding force model.

To obtain the results of the influence of different visco-
elastic materials between adjacent buildings, a series of ma-
terials with different values for equivalent elastic modulus,
defined as E∗ in Equation (4), is presented in Table 2 [26].
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Figure 5: Shearing force time-history with three different models of collision for (a, c, e) left building storeys and (b, d, f) right building storeys.
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Figure 7: Comparison of displacement results between elastic and viscoelastic models with different dash-pot damping parameters for (a)
left building storeys and (b) right building storeys.

2
×106

1.5

1

0.5

Po
un

di
ng

 fo
rc

e (
N

)
8t

h 
sto

re
y

0
0

Time (s)

Type A

20 40 60

(a)

Type B

6
×106

4

2

Po
un

di
ng

 fo
rc

e (
N

)
8 t

h 
sto

re
y

0
0

Time (s)
20 40 60

(b)

Type C

2
×107

1.5

1

0.5

Po
un

di
ng

 fo
rc

e (
N

)
8 t

h 
sto

re
y

0
0

Time (s)
20 40 60

(c)

Type D

10
×107

7.5

5

2.5

Po
un

di
ng

 fo
rc

e (
N

)
8 t

h 
sto

re
y

0
0

Time (s)
20 40 60

(d)

Type E

6
×108

4

2

Po
un

di
ng

 fo
rc

e (
N

)
8 t

h 
sto

re
y

0
0

Time (s)
20 40 60

(e)

×105
10

7.5

5

2.5

Po
un

di
ng

 fo
rc

e (
N

)
4t

h 
sto

re
y

0
0

Time (s)
20 40 60

Type A

(f )

×106
3

2

1

Po
un

di
ng

 fo
rc

e (
N

)
4t

h 
sto

re
y

0
0

Time (s)
20 40 60

Type B

(g)

×106
8

6

4

2

Po
un

di
ng

 fo
rc

e (
N

)
4t

h 
sto

re
y

0
0

Time (s)
20 40 60

Type C

(h)

Figure 8: Continued.

8 Advances in Civil Engineering



*e pounding force time-histories for five material types
between two unequal height buildings under the KOBE
earthquake record are presented in Figure 8. It can be seen
from Figure 9 that the pounding force increases with the
increasing of the equivalent elastic modulus for materials for
all storeys in the buildings. However, the pounding times
decrease with the increase of the equivalent elastic modulus
for materials during the collision. For example, the collision
times between adjacent buildings at the 8th storey with the
viscoelastic material of types A, B, C, D, and E are 71, 54, 53,
48, and 46, respectively.

Figure 10 shows the pounding force influenced by the C1
parameter for the different material types presented in
Table 2. For the polymer bumper with material types A, B,
and C, the peak values of pounding force decrease during
one collision process when improving the value of C1. In
contrast, for the polymer bumper with type D material,
which has a larger E∗ value, the peak values of pounding
force increase during one collision process when improving
the value of C1. *e value of pounding force also has
a sudden increase at the beginning of the collision.

5.4. Parametric Study for Pounding Geometries Sizes

5.4.1. Different Gaps between Adjacent Structures. To obtain
the results of the influence of gaps between adjacent buildings,

four different values of seismic gap are used to calculate the
responses of structures under the earthquake-induced record.
*e following parameters for the viscoelastic model of
pounding force have been incorporated in this section:
C1 � 4 × 105 Pa·s, E1 � 2 × 106 Pa, and E2 � 2 × 106 Pa.

*e pounding force time-histories between buildings
with different seismic gaps are shown in Figure 11. It is
clear that the pounding times decrease with the increase of
the seismic gap values. *e peak values of pounding force
between structures with different gaps in Figure 11 for the
8th storey of the building are 1.73 × 107 N, 2.11 × 107 N,
1.90 × 107 N, and 1.59 × 107 N, respectively. *is means
that larger gaps cannot always decrease the pounding
force.

Figure 12 shows the pounding force time-history with
different gaps between buildings during one collision pro-
cess at about 40 s in the 4th storey and the 8th storey. Among
the four different gaps in Figure 12, the pounding force
between structures with d � 0.05 m is higher than the
others. Moreover, the duration of pounding also changes
with seismic gaps. Figure 13 is displacement time-history
with different gaps between buildings. It can be seen that
there is a vibration reduction effect on the displacement
response for the storeys in the right building.

5.4.2. Different Sizes of Bumpers. *e performance of
polymer bumpers with different radii is researched in the
paper. Four different radii of polymer bumpers are used in
the simulation. Figure 9 illustrated that the value of
pounding force increases with increasing radius of the
polymer bumper. *is means the larger area polymer
bumper has the better carrying capacity. On the other hand,
pounding times has no significant differences as size
changes.
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Figure 8: Pounding force time-history with five different material types: (a, f, k) Type A material; (b, g, l) Type B material; (c, h, m) Type C
material; (d, i, n) Type D material; (e, j, o) Type E material.

Table 2: Constitutive parameter of viscoelastic material.

Type ID E1(Pa) E2(Pa) C1(Pa·s) E∗(Pa)
A 2×105 2×105 4×103 1× 105

B 2×106 2×106 4×104 1× 106

C 2×107 2×107 4×105 1× 107

D 2×108 2×108 4×106 1× 108

E 2×109 2×109 4×107 1× 109
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*e effect of polymer bumpers with different types of
materials and radii is presented in Figure 14. All four groups
of curves show that the larger polymer bumper can reduce
the collision time during one collision process.

6. Conclusions

In this paper, pounding mitigation effectiveness for polymer
bumpers is investigated in adjacent buildings, and the vis-
coelastic and elastic pounding force models are used to
calculate the pounding responses. *e following conclusions
can be obtained:

(1) During the pounding process, polymer bumpers
can reduce pounding forces and shearing forces
between two buildings. For the 8th storey of
building, maximum pounding force reduces from
7.87×106 N to 4.78×106 N after installing bumpers.
For the 1st storey, times of shearing force
researching the limit reduce from 6 to 1. *is can
decrease column damages and protect structure
under seismic loads.

(2) Dynamic responses of adjacent building under Kobe
seismic wave are calculated by using of the visco-
elastic pounding force model and the elastic
pounding force model. *e comparison result shows
that only a small difference (less than 1%) appears in
pounding simulation results between these two types
of analysis pounding force models. *e variation
degree of influence depends on the pounding force
model parameter values.

(3) *e viscoelastic properties of polymer bumpers are
a primary factor in influencing the performance of
pounding suppression. A larger equivalent modulus
elasticity value will induce the opposite effect on
pounding reduction.

(4) Gaps between buildings and sizes of bumpers are
also key factors that influence the pounding re-
sponses between buildings. Small gaps may increase
the pounding force but decrease the displacement.
Larger bumpers can decrease the pounding time but
increase pounding forces.
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Figure 9: Pounding force influenced by parameters of C1 in different material types presented in Table 2: (a) Type A material; (b) Type B
material; (c) Type C material; (d) Type D material.
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Figure 10: Pounding force with different gaps between buildings: (a, e, i) d� 0.04m; (b, f, j) d� 0.05m; (c, g, k) d� 0.06m; (d, h, l) d� 0.07m.
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Figure 11: Continued.
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Figure 11: Pounding force time-history with different gaps between buildings during one collision process: (a) 8th storey; (b) 4th storey.
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In a word, installing polymer bumpers is an effective
way to reduce the pounding responses between adjacent
buildings with insufficient gaps. It is necessary to choose the
proper parameters for the polymer bumpers to ensure their
effectiveness. Simulation results will vary with the visco-
elasticity of the bumpers.

Data Availability

*e properties of bumpers (shown in Table 2) used to support
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Concrete structures can suffer damage from the shock waves caused by explosions. However, the damage can be mitigated in
practice by increasing the size of the energy-absorbing interlayers to improve the antiknock performance of the concrete. ,e aim
of this paper is to investigate the energy-absorbing capability of a composite structure of polyurethane-foamed aluminum and
concrete. ,e composite structure consisted of C60 concrete with foamed aluminum or polyurethane-foamed aluminum as
a sandwich material. ,e thickness of the interlayers and the relative amounts of the different materials in the structure were the
variables that were adjusted from test to test. To capture data related to the explosion, the structure was instrumented with
pressure, acceleration, strain gauge, and displacement sensors.,e efficacy of this structure was validated by way of surface contact
explosions using 0.5 kg of TNT. By appropriately positioning the explosives in each test, the related parameters in the explosions,
including the stress, displacement, acceleration, and strain, were recorded. ,e results of the tests indicated that the energy-
absorbing capability of the polyurethane-foamed aluminum was significantly higher than that of the foamed aluminum, and the
thickness of the energy-absorbing layer had a great impact on the energy absorption effect.

1. Introduction

In wars, terrorist attacks, and other events, concrete
structures may be damaged by shock waves from explosions.
,us, it has become important for researchers to determine
how to increase the antiknock performance of concrete
structures. ,e explosion resistance performance of two
groups of high-strength reinforced concrete (RC) slabs
versus common RC slabs was studied experimentally by Lu
et al. [1] as part of an exploration into the failure mecha-
nisms and the development and distribution of cracks in
concrete. ,e results indicate that the adoption of HHT 600
high-strength steel bars can effectively reduce the devel-
opment of cracks and enhance the explosion resistance
performance of RC slabs. Zhai et al. [2] investigated the
performance of RC structures subjected to blast loading after
being exposed to fire. ,e experimental and numerical re-
sults showed that RC beams after being exposed to fire
suffered greater blast-induced damage than those that were

not exposed to fire. Zong et al. [3] investigated the dynamic
response characteristics, damage modes, and failure
mechanisms of reinforced concrete (RC) piers under blast
loading and near-field and contact explosion tests while
considering different cross-sectional shapes, the slenderness
ratio, the type of concrete, the form of stirrup, and the
parameters related to the axial compression ratio in order to
determine a suitable fitting formula. Chen et al. [4, 5]
conducted an experimental study of the combined effects of
a high temperature and high strain rate on normal concrete
materials and provided a new empirical model to describe
the dynamic increase in the strength factor and the secant
elastic modulus of concrete at elevated temperatures. In
recent years, interlayer-type structures that incorporate new
energy-absorbing layers in the form of foamed metal have
received significant research and development attention.
Shen et al. [6] applied a blast load via an explosion to
a curved laminboard with an aluminum panel and foamed
aluminum core to study its dynamic response and found that
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the curved laminboard could absorb more explosive energy
than a solid board and an interlayer plate of an equal weight.
,is further demonstrated the excellent properties of foamed
aluminum in resisting explosion shock. Merrett et al. [7]
used foamed aluminum when conducting explosion tests to
study the wave surface effect under shock wave compression.
Yun et al. [8] analyzed the energy-absorbing and -buffering
functions of foamed aluminum materials in the interlayer of
a steel plate and found that reinforcing the concrete wall by
way of a sacrificial layer of foamed aluminum could dra-
matically reduce the influence of the bursting pressure.
Polyurethane is a foam material with a small specific gravity,
low price, and good workability. Due to its excellent energy
and shock-absorbing capabilities, it has been widely used for
protection in the packaging of fragile goods, construction of
protective layers, inner filling of relevant structures, and
national defense applications [9–11]. Zhang et al. [12] an-
alyzed the static mechanical properties of the foamed
aluminum-polyurethane composite material. Xie et al. and
Zhang et al. studied the kinetic performance of the
polyurethane-foamed aluminum composite material via
relevant experiments [13–15].

In this study, polyurethane foam was used in a perfo-
rated foamed aluminum plate to fabricate the advanced
composite material called polyurethane-foamed aluminum.
,is combination enhanced the energy-absorbing capability
of foamed aluminum. ,e focus of the current study is to
investigate the explosion resistance and energy absorption
characteristics of a concrete plate composite structure when
polyurethane-foamed aluminum is used as the energy-
absorbing interlayer.

2. Test Design

,e structures designed for the explosion tests included
C60 concrete with thicknesses of 100 and 220mm. A
100mm thick overburden layer was applied to the concrete,
and the surface of this layer was subjected to a contact
explosion of 0.5 kg of TNT. In the test, foamed aluminum
and polyurethane-foamed aluminum plates were selected
as the interlayer materials. ,e thicknesses of the interlayer
material and different combinations of materials were used
as variables. Five tests were designed to study the explosion
resistance capability of the polyurethane-foamed
aluminum.

2.1. Preparation of the Test Specimens

2.1.1. Preparation of the Polyurethane-Foamed Aluminum.
As shown in Figure 1, polyurethane-foamed aluminum was
prepared by mixing and foaming the black (toluene diiso-
cyanate: PM200) and white (polyether ternary alcohol:
N303, hydroxyl value: 470mg KOH/g) ingredients of
polyurethane.

,e parameters of the open-cell aluminum foam pro-
duced by Shanghai Zhonghui FoamAluminumCo., Ltd., are
shown in Table 1.

First, a certain amount of blackmaterial was added to the
foamed aluminum plate and spread evenly over the plate

until it was absorbed. ,en, the white material was added
according to a mass ratio of 1 :1 so as to mix it with the black
material and cause them to react and foam. A purpose-built
generation vessel was pressurized to force the produced
polyurethane foam into the voids of the foamed aluminum
plate.

,e weight of the polyurethane-foamed aluminum plate
was much higher than that of the foamed aluminum plate.
When analyzed, the weight of the polyurethane-foamed
aluminum plate increased from 73.79% to 89.29%. ,is
was because the amount of polyurethane had significantly
increased the weight. ,e result was a fairly ideal composite
material that was suitable for use in the subsequent ex-
plosion resistance and energy absorption tests.

2.1.2. Preparation of the Concrete. Table 2 shows the mixture
ratio of the concrete.

Additional details are as follows:

(i) ,e cement was P.O. 52.5 ordinary Portland cement
(ii) ,e pebbles should meet the continuous grading

requirement for a maximum particle size of 20mm
(iii) Silica fume produced in Xuzhou was used
(iv) Grade II coal ash was used
(v) A polycarboxylate-type high-efficiency slushing

agent was used

,e concrete plate in this test was fabricated by manual
mixing. ,e raw material was prepared as per the relevant
mix proportions, and the concrete was mixed as per the
standard procedure. Once mixed, the concrete was poured
into a mold and vibrated. Finally, the finished concrete
sample was cured for 28 d in a suitable environment before
the explosion tests were conducted.,e in-progress concrete
plates are shown in Figure 2.

2.2. Test Setups. During the tests, concrete composite boards
with polyurethane-foamed aluminum as the energy-
absorbing interlayer were utilized to study the destructive
effects of an explosive load of 0.5 kg TNT, as shown in
Figure 3. Five different combinations of the material were
prepared, as shown in Figure 4.

,e five tests varied according to the interlayer material
type, thickness, and combination of materials. ,e observed
phenomena and the sensor data captured during the ex-
plosions were used to analyze the explosion resistance
performance of the polyurethane-foamed aluminum. In the
second and third tests, the polyurethane-foamed aluminum
was compared with foamed aluminum in terms of the ex-
plosion resistance performance. ,en, in the fourth and fifth
tests, the effects of the interlayer material thickness and the
combination of materials on the explosion resistance per-
formance of the structure were studied. By comparing the
results of the latter tests (Tests 2, 3, 4, and 5) with the results
of the first test (Test 1), the differences between the explosion
resistance performance of the single-layer concrete structure
and that of the composite structures were studied.
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3. Field Explosion Test

As shown in Figure 5, a 1m high steel structure was pur-
posely built for this test.,e top of the structure matched the
size of the concrete samples so that the bottom of the test
specimens was suspended in air. ,e steel structure was
assembled in an open field, and measurement points were
chosen for the concrete plate and the interlayer layer that
were relatively close to the steel structure. Electric circuit
adapters to facilitate the measurements were placed on the
steel structure. After the measuring points were arranged,
the concrete and interlayer plates were stacked on and at-
tached to the bracket, and then the top of the upper layer of
concrete was covered by dirt.

Due to the large range of an explosive shock wave, the
data transmission wires near the center of the explosion were
installed in a steel conduit to protect them from damage. For
the same reason, the data acquisition system was assembled
in a shelter 20m away from the center of the explosion
(Figure 5(b)). ,e measuring points on the test structure
were transmitted via wire to the shelter to prevent effects of
the explosion shock wave on the data acquisition system.

Five tests were conducted as per the testing program
using the five setups shown in Figure 6.

After the test setups were configured, the data acquisi-
tion system was enabled and the operation of the sensors at
each point was confirmed. ,en, all persons around the test
field were evacuated before 0.5 kg of the TNT explosive
material was placed on the overburden layer and detonated,
as shown in Figure 7.

In the test, the parameters related to the explosion
damage, such as the pressure, displacement, acceleration,
and strain, were recorded via the measurement points
configured in each test.,e sensors used at the measurement
points are shown in Figure 8.

All of the measurement points were located under the
powder charging points. ,e pressure- and acceleration-
measuring points were set on the lower surface of each

(a) (b)

Figure 1: Preparation of the polyurethane-foamed aluminum.

Table 1: Parameters of the open-cell aluminum foam.

Aperture Porosity Hole rate Bulk density Compressive strength σc Bending strength σw Tensile strength σb
1.66mm 68–78% 90–95% 0.60–0.85 g/cm3 8.61MPa 8.06MPa 3.41MPa

Table 2: Mixture ratios of the concrete (kg/m3).

Water Cement Silicon Fly
ash Sand Stone Water-reducing

agent
150 370 50 80 595 1155 9

Figure 2: Concrete preparation.

Figure 3: 0.5 kg TNT.
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intermediate layer, and one displacement point was set on
the lower surface of the structure. As no displacement- and
velocity-measuring points were placed at the other locations,
the displacement and velocity were derived from the
acceleration.

In Test 1, there was no measuring point on the testing
plate. However, Tests 2, 3, and 4 employed identical

arrangements of testing points. For the first layer (concrete
plate), a pressure sensor (i.e., overpressure measurement
point) was mounted at the center of the lower surface and
a second sensor was placed 100mm away from the center.
One acceleration sensor was mounted at a point
50mm away from the center of the lower surface. For
the second layer (either a foamed aluminum plate or
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Figure 4: Different test combinations. (a) Test 1. (b) Test 2. (c) Test 3. (d) Test 4. (e) Test 5.

(a) (b)

Figure 5: Test site layout.
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a polyurethane-foamed aluminum plate), strain gauges
were applied after the surface of the concrete was prepared
by rubbing. For the third layer (concrete plate), one
pressure sensor was mounted at the center of the lower
surface and another at a point 100mm away from the
center. In addition, one displacement sensor was mounted
on one side (50mm away from the center) of the lower
surface, and one acceleration sensor was mounted on the
other side.,e arrangement of the sensors in Tests 2, 3, and
4 is shown in Figure 9.

In Test 5, for the first layer (concrete plate), one pressure
sensor was mounted at the center of the lower surface and
another at a point 100mm away from the center. For the
third layer (concrete plate), one pressure sensor was
mounted at the center of the lower surface and another at

a point 100mm away from the center. For the fifth layer
(concrete plate), one pressure sensor was mounted at the
center of the lower surface and at a point 100mm away from
the center. In addition, one displacement sensor was
mounted on one side (50mm away from the center) of the
lower surface, and one acceleration sensor was mounted on
the other side. ,e arrangement of the sensors in Test 5 is
shown in Figure 10.

Because this explosion test was performed on a com-
posite material plate and the concrete had a high strength
after curing and molding, it was difficult to determine
suitable measurement points at which to place the sensors as
per the plan and relevant requirements. For this reason, the
decision was made to mount the sensors at key points while
the concrete was poured. To facilitate this, the acceleration
sensor that was placed inside the concrete plate was
waterproofed to protect it while the concrete was being
poured into the mold. ,e acceleration sensor in the bottom
concrete plate was placed prior to the explosion test. ,e
placement of these sensors is shown in Figure 11.

To ensure there was sufficient space for setting the
pressure measurement points while the concrete was being
poured, bamboo tubes of an appropriate size were inserted
into the concrete.

In this experiment, the data acquisition system con-
sisted of a YE5853B charge amplifier, MSO 3014 oscillo-
scope, and CS dynamic resistance strain gauge along with
a National Instruments NI 9215 data acquisition module.
,e data were input to a computer via the universal serial
bus (USB) interface, and the data collection and reduction

(a) (b)

(c) (d)

Figure 6: Experimental test setups. (a) Test 1. (b) Tests 2 and 3. (c) Test 4. (d) Test 5.

Figure 7: Explosion.
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steps employed the self-improved rocket gun dynamic
parameter measurement system shown in Figure 12.

4. Results and Analysis

4.1. Analysis of the Test Phenomena. Test 1 employed
a 220mm thick concrete layer. After 0.5 kg of explosive was
detonated, the overburden layer was destroyed by the impact
force and fragments were strewn around the site. ,e shock
wave also spread downwards to destroy the lower concrete
structure. After the explosion, there was a depression on the
top of the concrete that extended outward from the center of
the concrete plate. ,e center of the depression was 1-2 cm
deep, and the diameter was about 30 cm. Cracks appeared
along the sides of the concrete and extended from the upper
surface to the bottom. ,e bottom of the concrete slumped
to form pot holes with diameters of 10–15 cm.,e damage is
shown in Figure 13.

In Tests 2 and 3, foamed aluminum and polyurethane-
foamed aluminum were employed as the energy-absorbing
interlayers, respectively. In these tests, the upper layer of
concrete was severely damaged and fragments were strewn
around the site. In addition, the shock wave from the ex-
plosion caused compressional deformation of the interlayer
material. In the two tests, many cracks appeared in the lower
layer of concrete and extended from the top of the bottom
plate to the bottom. ,is is shown in Figure 14.

Compared with Test 1, the bottom sides of the bottom
concrete plates, as shown in Figure 15, had better integrity,
although the bottom of the concrete in Test 2 was more
damaged than that in Test 3. ,is showed that when
polyurethane-foamed aluminum was used as the interlayer
of the concrete, it was able to provide more protection to the
structure than the foamed aluminum under the same blast
load.

As shown in Figure 16, the shock of the explosion caused
extensive compressional deformation to the interlayer ma-
terial in Tests 2 and 3. On the foamed aluminum plate, many
cracks appeared in the areas near the depressions. In con-
trast, the voids in the polyurethane-foamed aluminum plate
were filled with polyurethane foam, which allowed the plate
to have a certain amount of elasticity. ,us, its compres-
sional deformation was smaller than that of the foamed
aluminum plate.

10010050

5050

Pressure 
Acceleration 

Displacement
Strain 

Figure 9: Arrangement of the measurement points in Tests 2, 3,
and 4.

100

50

100

50

Pressure 
Acceleration 
Displacement

Figure 10: Arrangement of the measurement points in Test 5.

(a) (b) (c) (d)

Figure 8: Types of sensors used in the tests. (a) Pressure sensor. (b) Acceleration sensor. (c) Strain gauge. (d) Displacement sensor.
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In terms of the composite board in Test 4, the thickness
of the interlayer material changed from Test 3. After the
explosion, the upper concrete plate was not completely
fragmented and the backside of the lower concrete plate had
a small number of fine cracks. ,us, the integrity of the
concrete in this test was better than that in Test 3. Based on
this result, the thickness of the polyurethane-foamed alu-
minum energy-absorbing layer was shown to be an im-
portant factor in influencing the explosion resistance
capability of the concrete composite plate. ,ese results are
shown in Figure 17.

In Test 5, the thicknesses of the layers were changed from
those in Test 4 by dividing the 40mm thick interlayer into
two 20mm layers. Also, the first two layers of concrete were
thinner than those in Test 4. ,e effect of the additional
layers intensified the reflection effect of the shock wave
between the different media, which caused the first two
layers of concrete to be more severely damaged. ,e bottom
of the top layer of concrete had extensive fragmentation and
generally poor integrity. In the center of the second layer of
concrete from the top, penetrating cracks appeared and the
entire plate broke from the middle. Based on the state of the

(a) (b)

Figure 11: Sensors buried.

(a) (b)

Figure 12: Rocket gun dynamic parameter measurement system.

(a) (b)

Figure 13: Damage phenomena from Test 1.

Advances in Civil Engineering 7



surface of the bottom layer of concrete, the bottom layer of
concrete in Test 5 retained good integrity and exhibited
damage that was much the same as in the same layer in Test
4. ,ese results are shown in Figure 18.

In Test 5, the single layer of polyurethane-foamed
aluminum from Test 4 was divided into two layers and
placed amid the concrete layers. However, this did not
improve the explosion resistance capability of the structure,
while its construction became more difficult.

4.2. Analysis of the Pressure and Strain Test Results. ,e
collected data were analyzed with respect to the pressure and
strain, and the stress variation of each layer of the material in
all tests was observed and analyzed. In this way, the in-
tuitional description of the force analysis in all tests was
converted into numerical results. ,ese results are plotted in
Figures 19 and 20.

In Figure 19, the measured points were located on the
bottom of the upper layer of concrete, and the shock wave

(a) (b)

Figure 14: Blast damage phenomena from Tests 2 and 3. (a) Damage to the upper layer. (b) Bottom of the lowest plate.

(a) (b)

Figure 15: Damage to the bottom of the concrete in Tests 2 (a) and 3 (b).

(a) (b)

Figure 16: Differences in the damage between the polyurethane-foamed aluminum sandwich (a) and aluminum foam sandwich (b).
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pressures measured at these locations in Tests 2, 3, and 4
were similar. ,us, the reflected shock waves on the upper
layer of concrete were equivalent. From Figure 19, it can be
seen that the thickened polyurethane-foamed aluminum in

Test 4 had the best attenuation effect on the shock wave
pressure, the second best was for the polyurethane-foamed
aluminum interlayer used in Test 3, while the attenuation
effect of the foamed aluminum interlayer in Test 2 was the

(a) (b)

Figure 17: Complete setup for Test 4 (a) and the damage to the base (b).

(a) (b)

Figure 18: Complete setup for Test 5 (a) and the damage to the back of the base (b).
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Figure 19: Pressure-time curves of Tests 2, 3, and 4. (a) Top point. (b) Bottom point.
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worst. Because the polyurethane-foamed aluminum in Test 4
was thicker than that in Test 3, this delayed the time for the
shock wave to arrive at the bottom layer of concrete. ,is
caused the peak value of the pressure curve in Test 4 to appear
later than those of the pressure curves in Tests 2 and 3.

,e deformation of the interlayer materials in the dif-
ferent tests that were subjected to shock wave destruction is
shown in Figure 20. In Test 2, during deformation, voids in
the foamed aluminum were gradually squeezed and com-
pacted. However, as the voids in the polyurethane-foamed
aluminum were filled with the polyurethane foam material,
the corresponding deformation was less than that in the
foamed aluminum material, and the strain displayed in the
curve was smaller.

,e relationship between the pressure and strain was
analyzed to obtain the stress-strain curves of the interlayer
materials under explosive conditions. ,ese curves are
shown in Figure 21.

4.3. Analysis of the Acceleration Test Results. In this test, the
acceleration sensor buried in the concrete was used to
measure the acceleration.,e associated curves are shown in
Figure 22. In Figure 22(a), the peak curve of Test 3 was
smaller than that of Test 2. Because the shock resistance of
the polyurethane-foamed aluminum interlayer material was
superior to that of the foamed aluminum used in Test 2, the
bottom concrete in Test 3 deformed slowly after the shock
wave went through the interlayer material. In Test 4, because
the interlayer material was thicker, it could absorb more
energy while resisting the shock wave and therefore better
protect the bottom concrete structure. For this reason, the
concrete deformation speed in the curve of Test 4 was the
slowest. As there was little difference between the two curves
in Figure 22(b), it was difficult to compare the deformation
speeds of the bottom concrete in Tests 4 and 5. Even so, after
the explosions, the bottom concrete in both tests exhibited
similar damage.

4.4. Analysis of the Displacement Test Results. ,e
displacement-monitoring points were located on the bottom
of the last layer of concrete, which meant that the dis-
placement caused by a shock wave could be measured.

It can be seen in Figure 23 that the displacement values of
the bottom concrete in Tests 2, 3, and 4 varied with time and
the respective displacements increased gradually. ,ese
results demonstrate that the polyurethane-foamed alumi-
num interlayer provided better explosion resistance to the
overall structure than did the foamed aluminum interlayer.
However, by adding an equivalent composite layer, in-
creasing the thickness of the polyurethane-foamed alumi-
num interlayer was found to be an effective way to enhance
the explosion resistance capability of the protective struc-
ture. ,e displacement curves of the bottom concrete layers
in Tests 4 and 5 were almost equivalent, which indicated that
the protective capability of the polyurethane-foamed alu-
minum interlayer material for the bottom concrete was no
different before or after layering.

4.5. Analysis of the Quantity and Efficiency of Energy
Absorption. Energy absorption is an important property of
the interlayer material of the composite plate. In the tests, it
was found that the polyurethane-foamed aluminummaterial
had good energy absorption properties as it was able to
dampen the explosive shock wave. ,is was an important
finding in the tests. ,e energy absorption properties Q of
a material are primarily related to the quantity of energy
absorbed.

In a stress-strain curve, the area encircled by the starting
stage to the compaction stage of the curve and the horizontal
axis represents the energy absorbed by the buffer material
within the strain variation range under the corresponding
amount of stress. ,e size of the area reflects the energy
absorption capability of the material under the relevant
applied forces [16]. ,e energy absorption quantity Q can be
defined as follows:
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Figure 20: Strain-time curves of the sandwiched materials in Tests
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Q � 
εi

0
σ dε. (1)

,e result of Equation (1) is equivalent to the area below
the dashed area of the curve shown in Figure 24.

,e energy absorption efficiency is denoted as E and can
be defined as follows:

E � 
εi

0

σ dε
σi

�
Q

σi

. (2)

In Equation (2), the result after integration represents
the ratio of the absorbed energy Q when the material is
deformed to a certain strain under load and the corre-
sponding stress represented by the energy absorption effi-
ciency E of the material. When the energy absorption
efficiency E reaches a maximum, this indicates that it has the
best energy absorption capability under the corresponding
strain and that the energy absorption was optimal.

According to the definition of the energy absorption
quantity Q, the stress-strain curves of polyurethane-foamed
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Figure 22: Test acceleration curves from the bottom of the bottom plates. (a) Tests 2, 3, and 4. (b) Tests 4 and 5.
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Figure 23: Bottom points of test displacement curves. (a) Tests 2, 3, and 4. (b) Tests 4 and 5.
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aluminum and foamed aluminumwere integrated (Figure 21)
bymeans of Equation (1).,en, the energy at each strain stage
derived from the integration was processed. ,e variable
value of the horizontal axis was adjusted to obtain the strain-
energy absorption quantity curve and the stress-energy ab-
sorption quantity curve (Figures 25 and 26). By comparing
the energy absorption curves of the polyurethane-foamed
aluminum and foamed aluminum, the energy absorption
quantities of the two interlayer materials under explosive
shock can be obtained. Ideally, the results will intuitively
reflect the energy absorption capability of the two materials.

From Figure 25, it can be seen that the maximum energy
absorbed by the polyurethane-foamed aluminum in the
explosive destruction process in Test 3 was 8.58MJ, which is
larger than 7.78MJ of energy absorbed by the foamed
aluminum interlayer material. Also, it can be seen that as the
strain increased, the slope of the energy absorption quantity
curve of the polyurethane-foamed aluminum increased
faster than that of the foamed aluminum. From Figure 26, it
can be seen that, before the stress caused by the explosion
reached 30MPa, the energy-absorbing quantities of the two
materials were similar. However, when the stress increased
beyond 40MPa, the polyurethane-foamed aluminum
absorbed more energy.

According to the definition of the energy absorption
efficiency E, when a material has the maximum energy
absorption efficiency, this proves that the material is ideal
and has the best energy absorption status. From the test data,
the energy absorption efficiency-stress curves and the energy
absorption efficiency-strain curves of the polyurethane-
foamed aluminum and foamed aluminum were obtained,
as shown in Figures 27 and 28. From Figure 27, it can be seen
that as the strain grew, the slope of the energy absorption
efficiency curve of the polyurethane-foamed aluminum
increased faster than that of the foamed aluminum. For this
reason, when the material deformation was large, the
polyurethane-foamed aluminum material had a higher en-
ergy absorption capability. From Figure 28, it can be seen
that foamed aluminum had the best energy-absorbing status
when the stress was in the range of 25 to 33MPa, while the
polyurethane-foamed aluminum achieved an optimal state
within a stress range of 33 to 40MPa.

By analyzing the energy absorption quantities and effi-
ciencies of polyurethane-foamed aluminum and foamed
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aluminum, it was concluded that polyurethane-foamed
aluminum had better energy absorption capability than
foamed aluminum when the stress was higher than 33MPa.
In the tests, the polyurethane-foamed aluminum interlayer
absorbed more energy than the foamed aluminum
interlayer.

5. Conclusions

By analyzing the results of the explosions and tests, it was
found that the polyurethane-foamed aluminum had better
absorption for an explosive shock wave than the foamed
aluminum, and the thickness of the polyurethane-foamed
aluminum had a remarkable impact on the energy ab-
sorption and explosion resistance effects. However, when the
polyurethane-foamed aluminum plate was divided into two
layers with the same overall thickness, the performance of
the split layers was not significantly better. ,is demon-
strated that the overall structure of the layers did not have
a significant impact.

It was seen from analyzing the energy absorption ca-
pability that the polyurethane-foamed aluminum had ob-
vious advantages in terms of the energy absorption quantity
and efficiency. Under the same explosive environment, the
maximum energy absorbed by the polyurethane-foamed
aluminum in the explosive destruction process was
8.58MJ, while that by the foamed aluminum interlayer
material was 7.78MJ.
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In order to limit the disengaging of short square concrete-filled steel tube (CFST) columns and strengthen the combined action of
steel tubes and concrete, a reinforcing method of stiffener is put forward in this paper. )e axial compression performance and
mechanism are studied through experiments, which indicate that (1) the buckling model of stiffening members changes into
double wave, (2) stiffeners enforce the constraint in core concrete, (3) stiffeners can effectively improve the ultimate bearing
capacity, (4) the stiffeners increase the stress in the middle of the steel tube and improve the distribution of stress for the core
concrete, and (5) the direct ribs have more influence on the bearing capacity while ribs with holes have more impact on the
deformation of the tube. At the end of the article, a formula for calculating the ultimate bearing capacity is presented, which can
bring out a more accurate bearing capacity value.

1. Introduction

With the restriction of steel tube on the core concrete, the
concrete-filled steel tube (CFST) members can achieve
higher bearing capacity under the condition of finite section
size [1, 2]. CFST members are widely used as members
subjected to axial force in large engineering structures,
square and circle sections being the usual forms. In practical
use of the square section, it is found that the corner concrete
is subjected to a large binding effect in CFST, while the
concrete in the middle of the side bears a relatively small
restriction effect, and the whole confinement effect is weaker
than that of circle section. )e steel plate buckles easily
under the axial force resulting in the disengaging of square
CFST in the position of the bulging, which subsequently
makes the steel tube lose its constraint on the core concrete
and reduces the compressive capacity significantly. In ad-
dition, the different thermal performance, the shrinkage, and
the creep of concrete also easily lead to the interface
debonding of steel and concrete, which will affect the
combined effect of CFST [3] and Wan [4]. Yang et al. [5]
quantitatively analyzed the influence of disengaging ratio on
the members, and the analysis showed that the ultimate

bearing capacity of the members was reduced by over 20%
when the disengaging ratio of the section was greater than
2%, and the constraint effect of the steel tube on the core
concrete was weakened or even lost. In order to enhance
the adhesion between sections and the combination of steel
tube and concrete, Cai et al. [6], Chen and Zhang [7, 8], Lei
[9], Wan [4], and Zhu [10] have put forward many methods
to strengthen the steel plate against buckling, such as local
pull bars, stiffening ribs, and so on. For the purpose of
improving the restraint effect of CFST, Cai and Long [11],
Huang et al. [12], Liu and Guo [13], Petrus et al. [14], Yang
et al. [5], and Chen [15] have proposed a method to im-
prove the local buckling of steel plate with stiffened ribs.
Liang and Lu [16] also proposed to enhance the perfor-
mance of steel-mixed connection by setting shear parts
inside the steel tube.

In order to limit the adverse effects of the disengaging
between steel and concrete and strengthen the connection
between steel and concrete, this paper proposes a method
for stiffening by using straight ribs with or without holes.
)e axial loading test was done to verify the performance
of the combined effect of short CFST columns with ribs.
)e contribution of steel tube and concrete to the bearing
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capacity of short columns and the stress on the cross section
is analyzed, using FEA method. Based on the analysis of the
mechanism of reinforced short square CFST columns,
a formula for calculating the ultimate bearing capacity is
presented, which can bring out a more accurate bearing
capacity value.

2. Test Survey

2.1. Specimens Expression. )rough a large number of ex-
perimental studies, Vana (2013) has found the size, and the
distance of holes on the rib must meet the requirements of
structures. Oguejiofor and Hosain [17] pointed out the
distance between the holes on the ribs should be at least 2.25
times the diameter of the hole.

In this test, the diameter of holes was set half the width of
the rib, and the spacing between holes was twice the di-
ameter of the hole. )e construction details and dimension
parameters of specimens are shown in Figure 1 and Table 1.
)e steel was Q345, and the measured yield strength was
414MPa (thickness� 3mm), 464 Mpa (thickness� 4mm),
and 414Mpa (thickness� 8mm). )e fcu of concrete was
55.6Mpa and its elastic modulus was 3550Mpa.

2.2. Loading Condition. )e loading process included
loading control stage and displacement control stage. In the
loading stage controlled by force, the step loading is 0.1∗Nu

(Nu is the theoretical bearing capacity), the loading rate of
each stage was 3 kN/s, and the pressure was maintained for
5 minutes. When the load reached 70% of the estimated
load, the loading control mode was changed to the dis-
placement loading control, and the loading rate was
2mm/min. When the bearing capacity of the specimen
dropped to 75% of the ultimate bearing capacity of the
specimen, the test stopped.

3. Experimental Phenomena and
Analysis of Results

3.1. Specimen FailureMode. At the beginning of the test, the
specimen did not show clear deformation. When the loading
value reached 60%Nu, the specimen made a slight sound of
breakage, and granules of rust dropped down from the
surface. When the loading value reached 70%Nu, clearly
visible slip-lines occurred on the steel tube. With the load
continued, a buckling occurred in the central position of
slip-lines. After the largest load, the loading curve began to
decrease rapidly, while the degree and the range of the
buckling increased fast at the same time. A number of
parallel buckling began to appear on all the sides of the tube;
the deformations began to spread on each side.

Figure 2 shows the final failure shape of the three kinds
of specimens. It indicated that: with axial loading, outward
buckling deformation occurred on the steel tube. )e
specimen of type-A showed only one buckling deformation
(single wave) at the same side of the same cross section.
Type-B and type-C showed two rows of buckling de-
formation on the same cross section (double wave), while the
peaks of these two types intersected with each other. And
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Figure 1: Detail drawings of the specimen.

Table 1: Details of specimens (mm).

Specimen number H B t bs ts d y
SCA-1

900 300 4
— — — —

SCB-1 90 4 — —
SCC-1 90 4 45 100
SCA-2

900 300 3
— — — —

SCB-2 90 3 — —
SCC-2 90 3 45 100
SCA-3

900 300 8
— — — —

SCB-3 90 8 — —
SCC-3 90 8 45 100
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there were obviously more buckling lines on type-C than on
type-B. In addition, the buckling lines on the neighboring
side met on corners, and this phenomenon occurred on all
the three types of specimen.

In order to analyze the failure of concrete inside the tube,
the steel tube of the specimen was cut after the test, as shown
in Figure 3. From this figure, it could be seen that the damage
location of concrete corresponded with the position of the

buckling on the tube. In type-B, the stiffener divided the core
concrete into four zones (see Figure 1). )e failure area in
each zone was connected to each other, while the damages in
different zones were independent of each other. In type-C,
concrete inside was also divided into four zones by stiffeners,
but failure areas occurred parallel in each zone and parallel
with those in neighboring zones, and the number and range
of the failure were larger than those in type-B.

(a) (b) (c)

Figure 2: Buckling mode of the steel tube. (a) Type-A. (b) Type-B. (c) Type-C.

(a) (b) (c)

Figure 3: Core concrete failure of the specimens. (a) Type-A. (b) Type-B. (c) Type-C.
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3.2. Load-Displacement Curve Analysis. In order to analyze
the effect of stiffening mode on the bearing capacity and
deformation capacity of short square CFST columns, the
load-displacement curves of each specimen are presented in
Figure 4, and the data are given in Table 2.

It could be seen from the load-displacement curves that
(1) the ultimate bearing capacity could be effectively im-
proved by the stiffening methods, in which the bearing
capacity of type-B was increased by 20% at least, while the
bearing capacity of type-C was increased by 16.2% at least.
)e displacement was also increased by stiffeners, and the
displacement of the B type specimen was increased by 6.21%
at least, while it was increased by at least 11.4% in type-C. (2)
)e load-displacement curve showed that the secant stiffness
of the load-displacement curve was lower than that of the
type-A before type-B and type-C reached the top in the
curves. )e results showed that the axial compression
stiffness of short square CFST columns was weakened to
some extent, and the axial compression stiffness of type-A

was greater than that of type-B, and the relation is the same
of type-B and type-C. (3))e load-displacement curves of all
kinds of short square CFSTcolumns showed the descending
section after the test reached the ultimate bearing capacity,
but the absolute value of the tangent stiffness of the
descending stage decreased gradually, and the final curve
tended to be gentle. It showed that the axial bearing capacity
and axial compression stiffness of short square CFST col-
umns had a certain degree of degradation after reaching the
axial compression bearing capacity, but the degradation rate
gradually slowed down.

To compare the effects of stiffening ribs with or without
holes on short square CFST columns, the relationship dia-
grams between ultimate bearing capacity and specimen
types and that between ultimate displacement and specimen
types are drawn, respectively, in Figure 5. It could be seen
from the diagram that both types of strengthening methods
can effectively increase the bearing capacity and ultimate
displacement of the short column, in which the straight rib
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Figure 4: Load-displacement curves of specimens.
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can better improve the ultimate bearing capacity of the short
column.)e influence of perforated ribs on the deformation
characteristics of short columns was greater.

4. Simulation of the Stiffened Short Square
CFST Columns

4.1. -e FEA Model. With the help of Abaqus, the authors
built an FEA model, and the experiment was simulated by
using plastic model for steel and concrete damaged plastic
(CDP) model for concrete. )e material parameters were
measured from the test. An SC8R element was used for steel,
while a C38R element was used for concrete. )e mesh size
was set at 30mm. Xu et al. [18] had set the friction coefficient
between the steel and concrete as 0.5.

4.2. -e Analysis of Simulation Results. )e deformation
characteristics obtained from the simulation are shown in

Figure 6 and compared with those in Figures 2 and 3. It was
found that the degree of buckling deformations on steel
tubes from simulation was consistent with that in the test. In
Figure 6, the deformation pattern of the steel tube was
“single wave” and “double wave” depending on the specimen
type, and the deformation was connected at the corner. )e
plastic strain distribution diagrams of the concrete were
consistent with the concrete failure in the test. It showed that
the equivalent plastic of finite element analysis can well
reflect the compressive failure of concrete inside, and it also
verified the reliability of FEA.

Figure 7 shows the stress distribution of the core con-
crete, and it could be seen in the diagram that the stress
distribution of the concrete in the core area was adjusted by
the stiffeners. )e confinement effect in type-B and type-C
was enhanced, and the stress distribution range and the
distribution gradient of the core concrete were increased.
)e stress of the whole section of the specimen distributed
more evenly. After stiffening, the peak stress of core concrete

Table 2: Limit load and corresponding displacement of specimen.

Specimen number SCA-1 SCA-2 SCA-3
Ultimate load (kN) 6100 5089 8619
Corresponding displacement (mm) 4.95 3.77 4.2
Specimen number SCB-1 SCB-2 SCB-3
Ultimate load (kN) 7793 6111 10997
Corresponding displacement (mm) 5.45 4.09 6.81
Load increment 1 (%) 1693 (27.8) 1022 (20.1) 2378 (27.6)
Displacement increment 1 (%) 0.5 (10.1) 0.32 (8.5) 2.61 (62.1)
Specimen number SCC-1 SCC-2 SCC-3
Ultimate load (kN) 7088 5969 10096
Corresponding displacement (mm) 6.53 4.2 7.76
Load increment 2 (%) 988(16.2) 880 (17.3) 1477 (17.1)
Displacement increment 2 (%) 1.58 (31.9%) 0.43 (11.4) 3.56 (84.8)
Note. )e increment 1 was variation of B short columns relative to A short columns. )e increment 2 was variation of C short columns relative to A short
columns.
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Figure 5: Change diagram of limit load and limit displacement.
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was improved. In type-B, the stress range of core region was
slightly narrower, and the stress in core area was reducing. In
type-C, the stress distribution was regular shape, and the
distribution gradient of stress was more obvious than that of
type-B. )e section stress distribution patterns varied in
terms of the ribs with or without the holes and the diagram
of the height (h� 300mm and h� 450mm). )e stress
distribution on the sections without holes was a square
concentric with a circle at the center, and the stress dis-
tribution pattern of every stress stage was paralleled. )e

stress distribution in the section with holes was more
complex: the peak stress occurred in both the core area of the
section and the hole areas of concrete. )e whole distri-
bution was also a square concentric with a circle at the
center, but the pattern of stress distribution of different
gradients was alternated layer by layer.

)e stress distribution along the center line and the
diagonal line in Figure 7 (at the height of 300mm and
450mm) is plotted as curves in Figure 8, which indicated (1)
the curves along the center with stiffeners were higher than

Type-A Type-B Type-C

(a)

Type-A Type-B Type-C

(b)

FIGURE 6: )e failure of the specimen in simulation. (a) )e failure strain of steel tubes. (b) )e equivalent plastic strain of concrete.
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that of type-A. )e stiffeners had obvious effect on im-
proving the stress at the middle of the side (the stress value of
SCBwas 6MPamore than SCA at 300mmheight, while SCC
could improve 10MPa more at 450mm height). (2) )e
holes cut down the value of stress at the corners, as the
curves of SCC were the lowest at the corners of the tube (the
stress value of SCC was 20MPa less than that of the highest).
(3) All the stress values of stiffened specimen were lower
than that of SCA as the curves shown at the core area.

5. CalculationofBearingCapacityofReinforced
Concrete-Filled Square Steel Tube
Short Columns

)e concrete stress distribution in Figure 7 showed that
there was stress concentration in the corners and the middle
of the sides of both type-B and type-C, while the stiffeners
could improve the buckling performance of steel tubes, so
the effect of stiffeners for bearing capacity must be
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considered during the calculative process, and steel tube and
concrete also affect the bearing capacity. So, the bearing
capacity Nu can be written as

Nu � NC + NS + NLE, (1)

where NC is the bearing capacity of core concrete,
NC � fcAC; NS is the bearing capacity of external steel tube,
NS � fsAS; and NLE denotes the strengthening of the
bearing capacity of members.

)e stiffened specimen’s stress distribution is quite
different from that of type-A: the values of stress were in-
creased by the ribs, as is shown in Figure 7. )e stiffener can
be regarded as a T-shaped member in the tube, and the
bearing capacity of this T-shaped members can be obtained
according to the standard of steel structure as

NLE �
π2ESI

l2
, (2)

where ES is the elastic module of the steel in the tube; I is the
module of bending section for the stiffeners; and l is the
effective length of stiffeners.

It is necessary to find out the effective width (be) of the
flange in the T-shaped member when calculating the pa-
rameter I in accordance with the standard, it is revised to

be

b
� 0.65

���
fol

fy



,

fol �
π2EC

12 1− μ2( 
×

k

(b/t)2
,

(3)

0 100 200 300
–42
–44
–46
–48
–50
–52
–54
–56
–58
–60
–62
–64

St
re

ss
 (M

Pa
)

X-distance (mm)

SCA
SCB
SCC

300mm

St
re

ss
 (M

Pa
)

SCA
SCB
SCC

300mm

0 100 200 300 400
–40

–50

–60

–70

–80

–90

–100

Distance (mm)

(a)

St
re

ss
 (M

Pa
)

St
re

ss
 (M

Pa
)

SCA
SCB
SCC

SCA
SCB
SCC

0 100 200 300
X-distance (mm)

0 100 200 300 400
Distance (mm)

–42
–44
–46
–48
–50
–52
–54
–56
–58
–60
–62
–64 450mm 450mm

–40

–50

–60

–70

–80

–90

–100

(b)

Figure 8: Diagram of stress distribution of concrete. (a) Stress distribution curve of center line and diagonal line at 300mm. (b) Stress
distribution curve of center line and diagonal line at 450mm.

8 Advances in Civil Engineering



where b is the length of the side; t is the thickness of the rib;
k � 10.31; fy is the steel yield strength; μ is the Poisson ratio
of the steel; and EC is the elastic module of the concrete
inside.

Equation (3) should be used to find out the effective
width (be), which can be introduced into Equation (2) to find
out the bearing capacity of the T-shaped member (NLE) and
subsequently get the bearing capacity of the specimen (Nu)
by Equation (1). )en, put all the results into Table 3. α is the
ratio of calculated results to test results. )e average ratio
was 1.02, and the dispersion coefficient was 0.042, which
indicated that the calculated result was in good agreement
with the test result.

)en, the bearing capacity of the test specimens is
worked out according to the existing standards (NDBJ,
NACI, NBS5400, NEC3, NCECS), and the values are given
in Figure 9. It is evident that the calculation results of the
formulas proposed in this paper are in better agreement with
the test results compared with the calculation method of
bearing capacity in the existing standards.

6. Summary and Conclusions

In order to limit the disengaging of short square CFST
columns and strengthen the combined action of steel tubes
and concrete, a reinforcing method of stiffener is put for-
ward in this paper. )e axial compression performance and
mechanism are studied through experiments employing 3
types of specimens (no ribs, straight ribs with and without
holes). Based on the experiments, the following conclusions
are drawn:

(1) )e stiffeners can improve the mechanical perfor-
mance of specimens, such as the bearing capacity and
the deformations. )e failure mode changes clearly
with the effect of stiffeners.

(2) )e ultimate bearing capacity and the stretchability
can be improved by the stiffeners, and the bearing
capacity of type-B is the best, while the stretchability
of type-C was better than that of type-B.

(3) Stiffeners can change the buckling model of steel
tubes, from “single wave” (type-A) to “double wave”
(type-B and type-C).

(4) )e FE model can give the stress distribution of the
specimens. )e stiffeners can change the stress
distribution, improve the stress value in the middle

of each side, and lower the stress value in the core
area of the concrete.

(5) )e calculation formulas proposed in this paper can
more accurately describe the bearing capacity of
stiffened steel tubular structures.
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TABLE 3: Comparison of calculated bearing capacity and finite element bearing capacity.

Specimen number Nu (kN) Experimental bearing capacity Nu′′ (Kn) α � Nu/Nu′′
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SCC-1 7088 6489 1.09
SCA-2 5958 5368 —
SCB-2 5984 5791 1.03
SCC-2 5969 5616 1.06
SCA-3 8619 7696 —
SCB-3 10997 10820 1.02
SCC-3 9566 10198 0.94
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Mechanical behavior of materials at medium and high strain rates (101∼104 s−1) is the foundation of developing mechanical
theories, building material models, and promoting engineering design and construction. ,e torsional split Hopkinson bar
(TSHB) is an effective experimental technique for measuring the pure shear mechanical properties of materials at high strain rates.
In this study, the state-of-the-art in TSHB experimental technique is presented. Five typical types of TSHB loading mechanisms,
i.e., prestored energy loading, explosive loading, direct impact loading, flywheel loading, and electromagnetic loading, were
systematically reviewed. ,e TSHB fundamentals were outlined, which include elementary components, basic assumptions,
working principles, the pulse shaping technique, specimen design, and the single-pulse loading technique. In addition, the
combined loading and high/low temperature experimental techniques, which were developed based on TSHB, were also discussed
in detail. Nearly all necessary elements for conducting a TSHB experiment and analyzing the experimental data were provided.
Some research directions should be further pursued, such as extending the range of applicable materials and developing the
combined loading techniques.

1. Introduction

As early as the 19th century, scientists gradually realized that
the mechanical properties of materials under dynamic loads
were significantly different from those under static loads,
which led to the development of experimental techniques on
testing materials under high strain rates. ,ereafter, during
World War II, the strong military demand rapidly propelled
studies of dynamicmechanical properties onmaterials. After
World War II, most countries entered a period of rapid
recovery and development, and mechanical properties and
structural responses under impact loads became more im-
portant in nearly all areas of engineering, such as mechanical
machining, building construction, high-speed travel, and
aircraft and spacecraft designs [1]. In addition, more fre-
quent occurrences of natural hazards and explosion and
impact accidents, such as earthquakes, terrorist explosions,
gas explosions, and vehicle-to-ship collisions, allowed en-
gineering structures prone to impact loads during the
structures’ service time, which also greatly promoted studies
on the dynamic behavior of materials and structures. With

popularization of the computer and algorithm progress,
numerical simulations became more popular and important
in engineering design, prediction, and evaluation. ,e
fundamental elements of numerical approaches are the right
material modes and failure algorithms under high strain
rates, both of which are built based on reliable and validated
experimental results.

According to the strain rate of materials, mechanical
experiments can be roughly divided into three ranges,
i.e., creep experiment, quasistatic experiment and dynamic
experiment. ,e strain rate of the creep experiment is
10−8∼10−6 s−1 and the strain rate of the quasistatic experi-
ment is 10−5∼10−1 s−1. ,e dynamic experiment can be
further divided into medium strain rate experiment, high
strain rate experiment, and ultrahigh strain rate experiment,
which correspond to the strain rates of 10−1∼101 s−1,
102∼104 s−1, and >104 s−1, respectively. ,ere are many
mature experimental techniques for compression and ten-
sion at a high strain rate. For high strain rate compressive
experiments, drop weight [2], split Hopkinson pressure bar
(SHPB) [3], and gas guns [4] are commonly used. For tensile
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experiments, expanding ring [5, 6] and split Hopkinson
tensile bar (SHTB) [7, 8] are commonly used. In addition,
SHPB was also used for split [9], spalling [10], and three-
point bending [11] experiments to measure the approximate
tensile behaviors of materials under high strain rates.
However, the stress states of the specimens were complex in
these experimental conditions, and the stress states of the
specimens were not in an axial tensile state.

,e dynamic shear experimental technique can be di-
vided into two main types: compressive-shear loading ap-
paratus and torsional loading apparatus.

,e compressive-shear loading apparatus mainly in-
cludes a series of universal testing machines produced by the
MTS Corporation and the punch-shear technique based on
SHPB. ,e universal testing machines are generally appli-
cable to materials under low to medium strain rates but are
not applicable for high strain rates. ,e punch-shear tech-
nique, which uses SHPB to test the specially designed
specimen, is commonly used for materials at medium to
high strain rates. Using SHPB, Dowling et al. [12] designed
a punch-shear experiment. ,e transmission bar was
designed as a tube with an inner diameter larger than the
diameter of the incident bar, which allowed the incident bar
to slide into the transmission bar. A thin-cylinder specimen
was set between the incident bar and transmission bar.
When the incident wave was loaded on the specimen, the
narrow-ring area between the area in contact with the in-
cident bar and the area in contact with the transmission bar
was subjected to shear. ,e test strain rate was up to 104 s−1.
Harding and Huddart [13] modified the specimen. A
double-notch shear specimen was designed, which contains
a flange and groove.,e flange diameter was the same as that
of the incident bar, and the outer diameter of the groove was
the same as that of the transmission bar. ,us, the con-
necting area between the flange and groove was under shear
stress. ,e strain rate of the specimen reached 104 s−1.
Klepaczko [14] modified the double-notch shear specimen
and directly impacted it with the striker, which shortened
the rising time of the incident wave, and the strain rate
reached 105 s−1. After the 1970s, some other techniques
started to be used to conduct dynamic pressure-shear ex-
periments, such as plate impact experiments using light gas
and electromagnetic guns [15–17] and shock wave propa-
gation experiments on anisotropic quartz loaded by ex-
plosives [18]. However, although researchers have used
a variety of methods to study the dynamic shear of materials,
the defect of the non-torsional loading method remains
obvious: the stress on the shear surface of the specimen
cannot be guaranteed during the entire experimental pro-
cess. ,us, the specimen is not completely in a state of pure
shear, which can lead to great measurement errors or even
the wrong conclusions.

,e torsional loading apparatus that is most commonly
used is the torsional split Hopkinson bar (TSHB). TSHB was
first developed by Baker and Yew [19] in 1966.,e specimen
was designed as a thin-walled tube to maintain the pure
shear state. ,e stress equilibrium at both ends of the
specimen guarantees that the specimen is uniformly sheared.
Compared with the non-torsional loading apparatus, the

TSHB has obvious advantages in terms of precision. In
addition, the TSHB avoids some of the problems encoun-
tered by the SHPB. Propagation of the elastic torsional wave
can avoid the dispersion effect in bars, thin-walled tubular
specimens can minimize the inertial effect, and no radial
displacement between the specimen and the bars can avoid
the frictional effect. ,erefore, the TSHB is a good choice for
testing the dynamic shear behaviors of materials, which can
improve the accuracy of the experimental results and save
a large amount of time correcting experimental data.

,e TSHB has been developed by many researchers over
the past decades [20–24]. Although there are handbook [25],
book [3], and reviews [26–29] detailed discussed the de-
velopment and application of the split Hopkinson bar
technique, a specialized review of the TSHB is needed. In this
review, the development history of the TSHB is presented.
Some critical theories and techniques, such as the basic
composition, fundamental assumptions, working principle,
pulse shaping, specimen design, and single pulse loading
technology are presented in detail. By analyzing the de-
ficiencies in the existing TSHB experimental technique,
several issues worthy of research and exploration are
proposed.

2. Historical Background

After developed by Kolsky [30] in 1949, the SHPB has been
widely applied to test the dynamic behavior of materials
under compression [31–33]. Kolsky used a thin specimen,
whose length was short enough to ignore its internal stress
wave propagation process. Kolsky placed the specimen
between two long elastic bars, which allowed for calculation
of the exact stress histories on both ends of the specimen by
time-shifting the elementary elastic waves recorded in the
bars. ,is ingenious design successfully decoupled the stress
wave propagation effect and strain rate effect in the speci-
men. Inspired by this idea, Baker and Yew [19] combined the
Hopkinson bar technique with a specially designed loading
mechanism on a torsional wave in 1966, which is called the
torsional split Hopkinson bar (TSHB) technique.

Fifty years after the development, TSHB has been applied
to test the high strain rate mechanical behaviors of various
materials, such as steel [34], lead [35], titanium [36], alu-
minum [37], OFHC copper [38], and tungsten heavy alloys
[39]. According to the loading mechanisms, TSHB can be
roughly divided into five types: prestored energy loading
[19], explosive loading [40], direct impact loading [41],
flywheel loading [42], and electromagnetic loading [43].

2.1. Prestored Energy Loading TSHB

2.1.1. Pioneering Work of Baker and Yew on TSHB. In 1966,
Baker and Yew [19] designed the first TSHB in the world,
which is shown in Figure 1. ,e apparatus mainly contains
an incident bar and a transmission bar, which are both steel
tubes. One end of the incident bar was clamped by a lathe
chuck and the middle of the incident bar was fixed by
a clamp. ,e torsional strain energy was stored in the
portion of the incident bar between the lathe chuck and
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clamp by turning the lathe head through an angle. When the
bar was twisted to the predetermined angle, the clamp was
suddenly released, and then, the torsional stress wave was
instantly generated. ,e clamp is crucial for this loading
mechanism.,e clamp can directly influence the rising time
of the torsional wave, which influences the strain rate of the
specimen. Figure 2 shows the clamp detail, which is released
by knocking out plane B, and the shortest rising time of the
torsional wave is approximately 30 μs. In addition, the clamp
mechanism relates to the success rate of the experiments.
,e holding force of the clamp cannot be too large to ensure
that the incident bar remains in its elastic deformation
region, and the force cannot be too small to ensure no
slippage occurs between the incident bar and the clamp.

,e amplitude of the torsional wave can be controlled by
adjusting the twisting angle of the incident bar. If the re-
quired torsional wave amplitude exceeds the yield strength
of the bar material, an incident bar with a higher yield
strength needs to be used.,e duration of the torsional wave
can be controlled by adjusting the length of the incident bar
clamped portion, which is between the lathe chuck and
clamp. ,e cylindrical tube copper specimen was connected
to the incident bar and transmission bar by welding, which
can provide a tight connection. ,e torsional waves were
measured by strain gauges pasted on the bar surfaces. ,e
pasted direction of the strain gauges was 45 degrees to the
axial direction of the bars.

2.1.2. Development of the Clamp. In 1970, Campbell and
Dowling [44] proposed a new type of clamp. As shown in
Figure 3, the incident bar was placed between bridge piece A
and cradle B, which were fastened by a high-tensile steel
wire. ,e clamp force can be adjusted by controlling the

tightness of bolt I, and the force value can be measured by
dynamometer D.,e clamp was released by nicking the wire
at its middle point K. ,is design is more precise and easier
to control than that of Baker and Yew, but the rising time of
the torsion pulse is slightly longer, which is up to 50 μs.

In 1972, Lewis and Campbell [45] designed a new clamp,
which is shown in Figure 4. A tapered flange was machined
in the middle of the incident bar, which was cemented to
a fixed holding ring by an epoxy adhesive. ,e adhesive
provided a strong clamp force. ,e adhesive layer broke
instantaneously when the loading force exceeded the
strength of the adhesive, and then, the torsional pulse was
generated.,e rising time of the torsional wave generated by
this method is 20∼25 μs. ,is clamp can release a larger
amplitude of torsional wave than the previous clamps. In
addition, Lewis and Campbell [45] used an adhesive bonding
to replace the welding between the specimen and bars, which
increased the convenience of the experiments. However, this
type of clamp contains intrinsic deficiencies.,e asymmetric
development of the fracture joints of the epoxy adhesive
leads to the generation of bending waves, which challenges
the pure shear state of the specimen and makes it difficult
to measure the torsional waves in the bars. In addition,
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Figure 1: Sketch of the TSHB designed by Baker and Yew [19].
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Figure 2: Details of the clamp [19].
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unpredictable fracturing of the epoxy adhesive makes the
prestored energy difficult to control, which creates diffi-
culties in precisely controlling the amplitude of the torsional
wave.

In 1972, Nicholas and Lawson [20] introduced a clamp
with a notched pin. ,e prestored torque is released by
a further tightening of the clamp until the notched pin breaks.
,is type of clamp was reported frequently in later in-
vestigations [21, 46, 47]. Hartley et al. [48] modified the clamp
and introduced the detailed structure of the clamp, which is
shown in Figure 5.,is clamp consists of two arms.,e top of
two arms are held together by a notched pin. One side of arms
at the bottom is hinged to a fixed peg, and the other side of
arms at the bottom is hinged to a sliding peg. A hydraulic ram
compresses the lower parts of the arms to tighten the clamp.
,e clamp is released by further increasing the hydraulic
pressure, which eventually induced fracturing in the notched
pin at the top of the clamp. ,e rising time of the pulse
generated by this clamp can reach 40 μs. ,is type of clamp
has the characteristics of good reproducibility and a relatively
simple manufacturing process, which makes this clamp
widely used in TSHB experiments.

Prestored energy loading has been the most commonly
used technique in the past decades since the TSHB was
originally invented, but this type of loading mechanism has
certain deficiencies. Due to the high strength of the materials
being tested, the desired energy stored in the incident bar is
usually large, which makes it difficult to apply the pressure of
the clamp. A large amount of pressure can lead to the plastic
deformation of the bar, and low pressure can cause the bar
slippage. Both of the issues represent failures of the ex-
periments. ,erefore, the success rate of this method is not

high. In addition, the experimental loading process of this
method is complicated, as it consumes time, elongates the
experimental cycle, and decreases efficiency.

2.2. Explosive Loading TSHB. In 1971, Duffy et al. [40]
originally used explosive loading to initiate a torsional wave.
Explosive loading produced a torsional wave with short
duration and short rising time. As shown in Figure 6, the
torsional wave was generated by simultaneously detonating
the two small charges of explosives, which were set sym-
metrically at the loading end of the incident bar. To obtain
a pure torsional wave without a bending wave, equal im-
pulses must be provided by each explosive charge. ,us, the
charge of explosives must be the same and must be deto-
nated simultaneously. Two explosives were connected in
parallel to a common fuse, and tests shown that the time
difference of the explosive charges is less than 0.1 μs. ,e
advantage of explosive loading is the short rising time of the
torsional wave compared to the prestored energy loading. A
typical rising time is only 7∼10 μs, compared with 20∼50 μs
for prestored energy loading. Using explosive loading TSHB,
Duffy et al. [40] conducted high strain rate shear experi-
ments on 1100-O aluminum, and the strain rate of the
specimen reached up to 800 s−1. Subsequently, many
scholars used explosive loading TSHB to conduct experi-
ments on different materials, such as experiments on 1100-O
aluminum conducted by Frantz and Duffy [49] and ex-
periments on 1100-0 aluminum, OFHC copper, AZ31 B
magnesium and commercially pure zinc conducted by
Senseny et al. [50].

Although the advantage of explosive loading on the
rising time of the torsional wave is obvious, some disad-
vantages are critical, which significantly hampered the wide
usage of this technique. Due to the influence of un-
predictable factors such as composition, charge, and
dampness of the explosive, precisely controlling the shape of
the torsional wave is difficult to achieve, which leads to poor
repeatability of experiments. In addition, although the stress
wave generated is almost entirely torsional, some low am-
plitude axial and bending waves are usually generated, which
cannot be completely eliminated.

2.3. Direct Impact Loading TSHB. In 2011, the direct impact
loading TSHB, which generated a torsional wave through the
direct impact of a striker, was proposed by Nie et al. [41]. As
shown in Figure 7, an impact pin was inserted in one end of
the incident bar. ,e striker impacted the lower part of the
impact pin at a certain velocity, and then, an instantaneous
bending moment was generated at the end of the incident
bar. Due to the asymmetric impact, the bending moment
simultaneously generated a torsional wave and a bending
wave in the bar. To eliminate the bending wave, a steel
cushion was set at the right side of the bar to prevent any
lateral displacement. Notably, this bending wave elimination
method is effective when the expected amplitude of the
torsional wave is low; however, if the expected amplitude of
the torsional wave is high, the bending wave cannot be
completely flittered out. Claus et al. [51] modified the direct
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Figure 3: ,e clamp designed by Campbell and Dowling [44].
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impact loading TSHB, as shown in Figure 8.,ey used SHPB
to replace the striker. ,is modification enabled the pulse
shaping technique to be used to profile the desired shape of
the torsional wave. Typical considerations involve striker
length, striker velocity, and pulse shaper geometry, which
were used to generate the desired waveform in the SHPB,
were directly applied to the direct impact loading TSHB to
control the pulse length, amplitude, and rising time of the
torsional wave, respectively. Compared with the prestored
energy and explosive loadings, the direct impact loading
improves the controllability of the torsional wave, saves
experimental time, and raises the success rate.

However, there are also some shortcomings of the direct
impact loading technique. In fact, this loading method can
be explained as generating a torsional wave from the lateral
pressure exerted on the bar end (for TSHB experiments, the
lateral force or torque are characterized by very short du-
rations, which are generally expressed as compressional

wave or torsional wave). Lateral forces generate bending
moments [52], which are usually expressed as a bending
wave while generating torque in the bar. ,us, the bending
wave interference associated with this loading method is
inevitable, and the larger the torsional amplitude required,
the greater the bending wave interference and the more
difficultly eliminating the bending wave. If the bending wave
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Figure 4: TSHB design by Lewis and Campbell [45].
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is not completely filtered out, the pure shear assumption of
the specimens will be invalid. In addition, the existence of
bending waves will seriously interfere with the torsional
wave record, which will subsequently cause signal analyzing
errors. In addition, if the test material has a great aggregate,
such as concrete and rock, a larger incident bar is needed.
Because this technique involve loading to one side of the bar
end, there will be severe uniform stress on the cross section
when the diameter of the bar is large. ,erefore, the direct
impact loading TSHB is not suitable for testing materials
with very high strength or materials with a great amount of
aggregates.

2.4. Flywheel Loading TSHB and Electromagnetic Loading
TSHB. In recent years, to develop the TSHB for in-
vestigating more engineering materials, two new loading
techniques, i.e., the flywheel loading and electromagnetic
loading were provided by team of Fang et al. [42, 43] from
Army Engineering University of PLA.

In 2016, Fang et al. [42] presented a flywheel loading
TSHB, which is shown in Figure 9. ,e apparatus contains
a motor, two electromagnetic clutches, a flywheel, an in-
cident bar, a transmission bar, and a specimen.,emagnetic
force generated by the electromagnetic clutches can switch
the position of the flywheel between the clutches. ,e steps
in the experiment are as follows. First, the left electro-
magnetic clutch is turned on, which attracts and contacts
tightly with the flywheel. Second, the motor is turned on,
which drives the flywheel rotation at a certain speed. ,e
kinetic energy is stored in the flywheel. ,ird, the clutch
switch is switched over, and the flywheel disengages from the

left clutch and connects suddenly to the right clutch. ,e
friction between the flywheel and right clutch generates
a torsional wave at the end of the incident bar.

,e torsional wave generated by this apparatus has the
following profile. ,e rising time is approximately 200ms,
and the duration is approximately 600ms. ,e rising time
of this torsional wave is too large compared with that
generated by the aforementioned TSHB. However, it can
be applied to the material tests at low to medium strain
rates (10−3∼1 s−1), which is still a blank for pure shear
experiments.

In 2018, Fang et al. [43] invented an electromagnetic
loading TSHB. As shown in Figure 10, the new type of TSHB
was driven by an electromagnetic motor, which contains two
electrical circuits: a stator circuit and a rotor circuit. ,e
stator circuit, which contains the stator, electric source, and
a switch can build a strong and constant magnetic field with
a high strength constant current, which is approximately
5000A. ,e rotor circuit contains the rotor, electric source,
and a switch. Under the magnetic field, the connection of the
rotor circuit generates an instantaneous torque on the rotor.
,e torque is then transmitted into the incident bar as the
torsional wave.,e rising time and duration of the generated
torsional pulse are 350 μs and 2ms, respectively. ,e
magnitude of the stress wave could be controlled by
adjusting the currents of the rotor and stator circuits. ,e
torsional wave of this feature can be applied to mechanical
experiments in which the material is placed under medium
to high strain rates (10∼102 s−1).

,e newly designed TSHB can avoid the intrinsic
problems of existing devices, i.e., the low success rate of the
prestressed TSHB, poor pulse control of the blast loading
TSHB, and the flexural wave interference of the direct
impact loading TSHB. ,ese techniques may be further
implemented to expand testing to more materials, such as
concrete and rock.

3. General Description of the TSHB

3.1. Components of a TSHB. ,ere is no universal standard
design for a TSHB; however, most TSHB share five common
elements:

(1) Two long bars with a uniform cross section, i.e., the
incident bar and transmission bar. In fact, there is
no geometrical dispersion [33] of the torsional
waves propagating in the elastic cylindrical bar, and
solid or hollow bar shapes are both applicable to the
TSHB. Generally, to match the hollow shape of the
specimen and to magnify the amplitude of the
recorded pulse signal, hollow bars (or tubes) are
normally used in the TSHB. ,e bar ends should be
machined orthogonally to the bar axis with a high
level of accuracy (no standard tolerance available)
to ensure good contact between the specimen and
bars.

(2) A torsional stress wave loading system, which is
capable of generating the desired torsional wave in
the incident bar, which is described in Section 2.

Impact mechanism
Hydraulic cylinder

Stands

Aluminum bushings

Impact mechnism

Transmission bar

Tab

Specimen

Loading bar

Incident bar

Fixed mass

Single loading device

Striker Flange Teflon bearings
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Figure 8: Direct impact loading TSHB developed by Claus et al. [51].
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(3) A bearing and alignment fixture for correct align-
ment. ,e incident bar, specimen, and transmission
bar should be adjusted coaxially to maintain 1Dwave
propagation conditions.

(4) Strain gauges mounted on both bars to measure the
stress wave histories in the bars, the direction of the
strain rosette of the strain gauge is 45° to the axial
direction of the bars. Every position of the four strain
gauges pasted to the bars is measured, which accesses
the Wheatstone bridge through the whole bridge
method to eliminate the interference of compressive
and bending waves.

(5) ,e Wheatstone bridge, strain amplifier, and oscil-
loscope are necessary to transfer, magnify, and re-
cord the strain histories of the bars. A data analyzing
system is needed to analyze the test results.

3.2. ElementaryAssumptions. As a prerequisite to ensure the
correctness of the experimental results, experiments con-
ducted by TSHB should meet four elementary assumptions:

(1) One-dimensional stress wave propagation in the
bars. ,e isotropic homogenous materials, such as
steel and aluminum, are usually used to manufacture
the bars. ,e bars should be long straight bars with
a length to diameter ratio (LB/DB) greater than 20.
,e cross section of the bars in the axial direction is
uniform, and the bars must remain in the elastic zone
during the experiment.

(2) ,e stress equilibrium of the specimen, which could
be expressed as TI(t) + TR(t) � TT(t). TI(t) is the
incident wave, TR(t) is the reflected wave, and TT(t)

is the transmitted wave. ,e stress equilibrium of the
specimen is controlled by three factors, i.e., the
length of the specimen, the rising time of the incident
wave, and the specimen to the bar material me-
chanical impedance ratio. Both a shorter specimen
and longer rising time of the incident wave can
facilitate the stress equilibrium of the specimen. ,e
influence of the mechanical impedance ratio is quite
complicated, which is discussed in [53–56].

(3) ,e thin-walled tube structure of the specimen.
Under torque, only the thin-walled tube, the
thickness to average radius ratio (ts/rs) of which is
smaller than 0.1 [52], can ensure the cross section of
the specimen is approximately under the uniform
pure shear.

(4) Full contact between the specimen and the bars. ,e
surfaces of the specimen and the ends of the bars
must reach a certain degree of flatness. ,e con-
nection between the specimen and bar is also very
important. Because there is no axial displacement
in the TSHB experiments, as soon as the specimen
and the bar separate, the torsional wave cannot be
transmitted through. ,erefore, an appropriate
connectionmethod should be selected to prevent any
damage or breakage of the interface between the
specimen and the bars.

Motor

Clutch ClutchFlywheel

Incident bar

Specimen

Transmission bar

Absorber

Figure 9: Sketch of the flywheel loading TSHB [42].
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Figure 10: ,e electromagnetic loading TSHB [43].
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3.3. Traditional Stress Wave Analysis of TSHB.
Experimental data acquired from the TSHB experiment
mainly contains three waves, i.e., incident wave, reflected
wave, and transmitted wave. A typical set of stress waves are
shown in Figure 11, which are recorded by the oscilloscope
as voltage signals U(t). ,e strain wave, which is c(t), of the
bars could be obtained by multiplying the voltage signal to
the conversion factor F:

c(t) � F · U(t). (1)

According to Equation (1), the incident strain wave
cI(t), reflected strain wave cR(t), and transmitted wave
cT(t) were obtained.

Figure 12 shows a sketch of the specimen in a typical TSHB
experiment, the average shear strain rate history of the spec-
imen can be obtained from the difference in the angular ve-
locity between its two ends, which can be expressed as follows:

_cS(t) �
rS

LS

_θ1(t)− _θ2(t) , (2)

where _θ1(t) and _θ2(t) are the angular velocities of the
specimen ends where it attaches to the incident bar and
transmission bar, respectively. LS and rS are the length and
mean radius of the specimen, respectively.

According to the stress equilibrium of both ends of the
specimen, the angular velocity difference can be calculated
by the reflected stress wave.

_θ1(t)− _θ2(t) �
2 −TR(t) 

JBρBCB
, (3)

where JB, ρB, and CB are the polar moment of inertia,
density, and torsional wave velocity of the specimen, re-
spectively. TR(t) is the reflected wave, which can be cal-
culated as follows:

TR(t) �
GBJB

rB
cR(t). (4)

Substituting Equations (3) and (4) into Equation (2), the
average strain rate history of the specimen is obtained as
follows:

_cS(t) �
2CBrS

rBLS
−cR(t) . (5)

Integrating the strain rate history, the average shear
strain of the specimen is obtained as follows:

cS(t) � 
t

0
_cS(t) dt. (6)

,e average shear stress of the specimen can be calcu-
lated from the torque it is under, which is denoted as TS(t).
According to the stress equilibrium of the interface between
the specimen and transmission bar, the torque of specimen
TS(t) is equal to the torque of the transmission bar TT(t).
,erefore, the average shear stress of the specimen is
expressed as follows:

τS(t) �
TT(t)

2πr2StS
, (7)

where tS is the wall thickness of the tubular specimen. TT(t)

can be calculated by the following:

TT(t) �
GBJB

rB
cT(t). (8)

Substituting Equation (8) into Equation (7), the average
shear stress of the specimen is obtained by the following:

τS(t) �
GBJB

2πr2StSrB
cT(t). (9)

,erefore, the stress-strain curves can be obtained by
combining the results calculated by Equations (6) and (9).

3.4. Pulse Shaping Technique. To facilitate the stress equi-
librium and reach a constant strain rate of the specimen, the
pulse shaping technique is usually used in Hopkinson bar
experiments [58]. A pulse shaper, which is made of different
materials such as rubber and copper, is placed on the path of
the propagating stress wave to filter out the high frequency
waves and elongate the rising time of the stress wave. In
1975, Eleiche and Duffy [59] provided a pulse shaping
technique to eliminate the undesired bending wave gener-
ated by the explosive loading TSHB. ,ereafter, Gilat [57]
reported this technique in detail in his research. Figure 13
shows a sketch of TSHB with the pulse shaping technique.
,e incident bar is cut off in the middle, and a pulse shaper is
bonded between the two parts. A photo of the pulse shaper is
shown in Figure 14, which is divided into upper and lower
parts. ,e upper part serves to filter out the bending waves
and the lower part filters out the high frequency torsional
waves. When the stress wave propagates through the pulse
shaper, only the desired smooth, low-frequency torsional
wave remains, which further propagates in the incident bar
and finally loaded on the specimen.

,e direct impact loading TSHB [51] is more flexible in
shaping the torsional wave. ,e mature SHPB pulse shaping
technique can be directly used. A pulse shaper is attached to
the end of the incident bar. Under impact of the striker, the
pulse shaper is plastically deformed, which filters the high

198.35 μs 50.00 mV

Incident wave

Reflected
wave

Transmitted
wave

Figure 11: Typical three wave signals of the TSHB experiment [57].
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frequency portions of the stress wave and elongates the
rising time of the stress wave. In addition, the pulse duration
of the torsional wave can be adjusted by changing the striker
length, and the amplitude of the torsional wave can be
controlled by varying the velocity of the striker.

3.5. Specimen Design. A specimen in the TSHB experiment
usually consists of two parts, which are shown in Figure 15.
One part is the thin-walled test portion, and the other part is
the flanges at both sides of the test portion.

,ree principles should be followed when designing the
thin-walled test portion of the specimen.

(1) ,e thin-walled tube structure must be satisfied, that
is, the wall thickness to the average radius ratio (ts/rs)
should be smaller than 0.1.

(2) ,e length of the specimen should be short to allow
the stress equilibrium assumption to be satisfied.

(3) To ensure the uniformity of the specimen, the
minimum dimension in every direction of the test
portion should be larger than 10 times the maximum
grain size of the material.

,e flanges are mainly responsible for the connection
between the specimen and bars to transmit the torsional
stress wave. ,e flanges are usually designed as a thick-
walled tube. ,e inner diameter is the same as the test
portion. Different outer shapes are machined for different
connecting mechanism, which is shown in Figure 15. ,e
cylindrical flange, which has outer diameter that is the same
as the bars, is machined for cementing to the bar ends with
epoxy cement, as shown in Figure 15(a). ,e cylindrical
flange has the advantage of being easily machined and is
commonly used for materials with low strengths, such as
1100-O aluminum [60] and OFHC copper [38], in which the
cement can provide enough strength to ensure that the
epoxy cement layers do not break during the experiment.
,e hexagonal flange, which has outer shapes that are the
same as the groove of bar ends, is riveted to the bar end, as
shown in Figure 15(b). ,e hexagonal flange is usually used
for materials with high strength, such as alloy steel.

3.6. Single Pulse Loading Technique. For TSHB experiments,
the specimen is tightly connected to the incident and

Incident wave

Reflected wave

Transmitted wave

Specimen

θ
·
1 θ

·
2

Ls

Figure 12: Sketch of the specimen in the TSHB experiment [57].
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Figure 13: Sketch of the pulse shaping technique for TSHB [57].

Figure 14: ,e pulse shaper for TSHB [57].
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transmission bars. After the incident wave loads on the
specimen, the specimen is still connected to the incident and
transmission bars. ,erefore, the reflected wave reflected
from the other end of the incident bar and the transmitted
wave reflected from the other end of the transmission bar
will repeatedly load on the specimen, which will result in
secondary or even multiple loading. ,e repeated loading
makes it impossible to observe the real failure morphology of
the specimen under a single loading. In addition, the de-
formation or failure characteristic of the specimen is unable
to relate to the stress-strain curve. Also, there is no axial
displacement during the TSHB experiment, and the mature
single-pulse loading technique of SHPB [62–64] cannot be
directly applied to the TSHB.

Xue et al. [65, 66] firstly developed a single-pulse loading
technique for TSHB. ,e transmitted wave was completely
transmitted out of the transmission bar by introducing an
absorption bar and an actuator, but the reflection of the
reflected wave in the incident bar was not solved. ,ereafter,
Xue et al. [67, 68] improved the single pulse loading tech-
nique, which allowed the reflected wave to transmit out, and
a single loading for the entire TSHB apparatus was achieved.
,e sketch is shown in Figure 16, where the loading chuck
was designed as a hollow, the loading end of the incident bar
was changed to free from fixed, and both modifications
allowed the incident bar to pass through the loading chuck.
,e absorption bar was set at both ends of the transmission
bar and incident bar, and a unidirectional torque trans-
mission actuator was used as the connector. ,e angular
velocity induced by the torsional wave difference between
the incident bar (or transmission bar) and absorption bars
achieved an automatic separation.

3.7. Combined Loading

3.7.1. Combined Compression and Shear Experiment.
Lewis and Goldsmith [69] developed the TSHB into
a combined dynamic compression-torsion loading appara-
tus. As shown in Figure 17, the loading mechanisms of the
compressional and torsional waves were set independently.

,e prestored energy loading mechanism on the torsional
wave was installed at the end of the incident bar, and the
impact loading mechanism on the compressional wave was
installed at the end of the transmission bar. A cross-trigger
line was placed at the end of the transmission bar, which
acted as a clamp-releasing switch for the prestored energy
loading mechanism. Simultaneously, as the striker stroke the
transmission bar, the clamp control loop was connected,
which released the clamp to generate the torsional wave.,e
time difference between generating the compressional wave
and torsional wave was ensured within a few microseconds.
However, this independent loading method of the com-
pression and torsional waves renders uncertainty in the time
difference. To conduct dynamic friction experiments on
materials, Espinosa et al. [70] modified the prestored energy
loading TSHB and achieved a dynamic compression-torsion
combined loading. ,e apparatus is depicted in Figure 18.
Different from the combined loading method proposed by
Lewis and Goldsmith [69], the compressional wave and
torsional wave loading mechanisms of the modified TSHB
were installed on the same side of the incident bar. ,e
function of the clamp was extended, which can not only
prevent the incident bar from being twisted, but also from
being compressed. ,e prestored compressional and tor-
sional energies were released by the common clamp, which
can generate the compressional wave and torsional wave
simultaneously. ,e issue of the time difference on gener-
ating the compressional wave and torsional wave was re-
solved. Notably, although the compressional wave and the
torsional wave are generated at the samemoment, their wave
velocities are different. ,ey reach the specimen, therefore,
at different moments after propagating through the incident
bar, and the time difference is a certain value. Espinosa et al.
[70] provided a detailed discussion of this time difference.
Using this apparatus, Espinosa et al. [70] conducted a dy-
namic friction experiment, where the specimen differed
from those of the normal TSHB experiments. Two friction
pairs were employed: a U-shaped friction pair was glued to
the end of the incident bar, and a disk-shaped friction pair
was glued to the end of the transmission bar, which is
shown in Figure 19. Based on the apparatus proposed by

AA

(a)

A A

(b)

Figure 15: Two typical specimen types used in TSHB experiments. (a) Tubular specimen with cylindrical flanges. (b) Tubular specimen with
hexagonal flanges [61].
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Espinosa et al. [70], Huang and Feng [71] made further
modifications, which realized the single pulse loading of the
dynamic compression-torsion.

Different from the dynamic compression-torsion pro-
posed by Espinosa et al. [70], the friction experiment on the
material was conducted by Rajagopalan et al. [72–74]
through the combined loading of static compression and
dynamic torsion. ,e apparatus was improved from the
prestored energy loading TSHB, which is shown in Fig-
ure 20. An axial pressure mechanism, which was used to
apply static axial pressure on the specimen, was installed on
the end of the incident bar. For the friction pairs in the
experiment, one pair was designed with a thin-walled shape
and glued to the end of the incident bar. ,e other part was
substituted by a rigid support. During the experiment, static
pressure was firstly applied to the end of the incident bar by

the axial pressure loading mechanism. When the pressure
reached the predetermined value, the clamp was tightened to
fix the incident bar, and then, the torsion head turned to
twist the incident bar and stored torsional energy in the bar.
,e clamp was released when the stored torsional energy
reached the predetermined value, and then, the specimen,
which was already under axial static compression, was
loaded by the torsional wave.

3.7.2. Combined Loading Tests for Quasistatic and High
Strain Rate Torsion. In 1972, Frantz and Duffy [49] im-
proved the explosive loading TSHB, which enabled the
device to perform a combined quasistatic torsion and high
strain rate torsion experiment. ,e mechanism for loading
the torsional wave was set at the end of the incident bar, and

1 2 4 5 4 6 7 4 8 9 10 11 12 13

14

17 14 15 16

3

Figure 17: A biaxial TSHB for simultaneous torsion and compression designed by Lewis and Goldsmith [69]. 1: torque handle; 2: clamping
block; 3: machine bed plate; 4: bearing block; 5: static torque gauge; 6: holding flange; 7: holding frame; 8: torsional bending suppressor; 9:
bending strain gauge; 10: longitudinal strain gauge; 11: specimen; 12: specimen strain gauge; 13: torsion strain gauge; 14: alignment post; 15:
crossed wire trigger; 16: air gun; and 17: longitudinal bending suppressor.
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Figure 18: TSHB for dynamic compression-torsion modified by Espinosa et al. [70].
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Figure 16: Schematic diagram of the single pulse loading TSHB [68].

Advances in Civil Engineering 11



the mechanism for loading the quasistatic torque was placed
at the end of the transmission bar. ,erefore, the specimen
was loaded at the double ends, the end connect to the
transmission bar provided a quasistatic torque, and the end
connect to the incident bar provided a dynamic torsion load.
Frantz and Duffy [49] used this apparatus in the incremental
strain rate experiment. ,e strain rate of the aluminum
specimen increased from 5×10−5 s−1 to 850 s−1 in 10ms.
Campbell et al. [75] used the same apparatus to study the
influence of the strain rate and strain rate history on the

strength of materials. Similar to the explosive loading TSHB,
the prestored energy loading TSHB have also been de-
veloped for the combined loading of quasistatic and high
strain rate torsions [57], as shown in Figure 21. It has been
applied to test the strain rate effects on incremental torsional
shear [76] and reverse torsional shear [21] of materials.

3.8. Temperature Experiment. ,e temperature experiment
on a SHPB (high-temperature experiment is given as an
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Figure 19: Friction specimen designed by Espinosa et al. [70]: (a) u-shaped disk attached to the incident bar and (b) disk attached to the
transmission bar.
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example; low temperature experiment is similar) was con-
ducted earlier than the temperature experiment on a TSHB.
,e experimental method for a SHPB can be divided into
two types: (1) a method which involves simultaneously
heating the specimen and bar ends and the temperature
effect correction in the bars is necessary [77, 78]; (2)
a method which involves heating the specimen individually
and the temperature effect correction in the bars is un-
necessary [79–81]. In the first method, the specimen is first
placed at the predetermined position in the high-
temperature furnace. ,en, the ends of the incident bar
and transmission bar are inserted into the furnace and
connected to the specimen. Subsequently, the specimen and
parts of the bars that remained in the furnace are heated.
When the temperature of the specimen reaches the pre-
determined value, the stress wave is then loaded. ,e in-
fluence of the temperature gradient on the stress wave
propagation in the bar must be corrected when processing
the experimental data. In the second method, only the
specimen is heated in the high-temperature furnace. When
the temperature reaches the predetermined value, the
specimen is rapidly installed through the chute. A laser
sensor triggers the cylinder to push the bars to connect to the
specimen, and the striker is then launched to generate the
stress wave. ,e experimental process exhibits an automa-
tion design, which ensures that the time from opening the
furnace door to loading the stress wave is less than 2 s to
avoid excessive heat loss of the specimen.

In contrast to the propagation of the compressional
wave, the tight connection of the two surfaces is a premise
for the torsional wave to transmit from one media to an-
other.,us, in the TSHB experiment, the specimen, incident
bar, and transmission bar must be connected (bonding or
riveting) tightly during the experiment. ,erefore, the
second method for a SHPB is not applicable to a TSHB,
and the specimen must be assembled with the bars when
heating for the TSHB. ,e heat transfer between the spec-
imen, incident bar, and transmission bar are unavoidable,
and the temperature gradients in the bars must inevitably
occur. ,e temperature gradient affects the wave impedance
of the bar material; therefore, the shape of the pulse will
deform when propagating through the bars, which causes

significant difficulties for extracting the stress-strain curve of
the specimen by the recorded pulses.

In 1963, Chiddister and Malvern [77] proposed the
temperature effect correctionmethod for SHPB; this method
is also suitable for TSHB. Although the calculation is ac-
curate, the derivation process is tedious. Eleiche and Duffy
[59] proposed a novel approach. ,e temperature effect on
the bar wave impedance is offset by the gradually changing
gradient of the bar’s cross section. ,erefore, the bar wave
impedance remains constant for a specific temperature
gradient, and the complex correction process for the col-
lected waveforms is avoided. However, this method has
certain limitations. A specific temperature gradient only
corresponds to a bar with a specific cross section gradient.
Due to influencing factors such as the external environment,
precisely controlling the specific temperature gradient of the
bar is difficult. In addition, since the temperature is the
parameter to study, the bars with different cross section
gradients need to be designed for different temperatures,
which greatly raises the cost of the experiment. By modifying
the connection method of the specimen and the bars and
integrating a rapid heating device, Gilat and Wu [82] de-
veloped a TSHB that can rapidly heat a specimen while
maintaining the bars at room temperature. As shown in
Figure 22, the specimen did not directly contact with the bar
ends, and the torque was transmitted through two specially
designed adaptors. Each adaptor was fixed to the specimen
by eight pins, which reduced the contact area while ensuring
a uniform stress distribution on the specimen. ,e adaptors
were made of titanium, which has extremely low thermal
conductivity, and thus, heat could not easily propagate
across the adaptor to the bars. ,e high-temperature of
a specimen heated by this method can reach 650∼1060°C.

4. Conclusions

In this paper, the TSHB was reviewed according to the
loading mechanisms, such as prestored energy loading,
explosive loading, direct impact loading, flywheel loading,
and electromagnetic loading. ,e main work of Baker and
Yew [19], Duffy et al. [40], Nie et al. [41], and Fang et al.
[42, 43] were reviewed in detail. A review of the design
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Figure 21: Schematic of a prestored energy TSHB modified for incremental strain rate experiments [57].
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methods, data analysis, new technologies, and new methods
of typical TSHB experiments were also provided.

As the main apparatus for testing the shear mechanical
properties of materials with medium to high strain rates
(101∼104 s−1), the TSHB has been applied in certain ranges.
Although a universal standard for TSHB has not been built,
some basic assumptions in the experimental design need to
be satisfied: assumptions of one-dimensional stress wave
propagation, stress equilibrium of the specimen, and the
thin-walled tube structure of the specimen (tS/rS ≤ 0.1).

To eliminate the bending wave interference generated
during the loading of a torsional wave, the bending wave
filtering technique was proposed. To shape the torsional
wave for facilitating the stress equilibrium of the specimen,
the torsional wave shaping technique was developed. To
satisfy the experimental requirement for materials with
different strengths, cylindrical flanges and hexagonal flanges
for the specimen were, respectively, designed. ,e devel-
opment of the single-pulse loading technique enabled the
experimental stress-strain curve to correspond to the failure
and damage characteristics of the specimen. ,e develop-
ment of a temperature experiment enabled researchers to
study the combined effects of temperature and strain rate on
the mechanical behavior of materials. Combined loading
methods, such as static compression-dynamic torsion, dy-
namic compression-dynamic torsion, static torsion-
dynamic torsion, and incremental strain rate torsion, en-
abled researchers to study mechanical properties of mate-
rials in complex stress conditions.

Considering the developing state of the TSHB, we believe
that the following aspects deserve further study:

(1) Extending the range of applicable materials. ,e
current TSHB is primarily employed to investigate
materials with small and uniform aggregates, such as
metal. However, due to technical bottlenecks, this
experimental technique is unsuitable for other
commonmaterials, such as brittle materials (ceramic
[83] and rocks [84]), low-wave-impedance soft
materials (rubber [85], foam [86], and biomaterials
[87]), and composite materials (concrete [88] and
fiber composites [89]).,erefore, shear experimental
data for high strain rates are lacking for a lot of
materials. Developing existing techniques to expand
the applicability range of TSHB shows practical
significance.

(2) Developing the combined loading technique.
After several decades of development, many of the
aforementioned combined loading methods have
been developed from TSHB. However, additional
complex loading methods, such as tensile-torsion
and tensile-compression-torsion, have not been re-
ported. In daily life, materials are usually in complex
stress states. Developing the combined loading
technique is important for understanding the me-
chanical properties of materials, which can greatly
benefit material modeling, numerical simulation,
and engineering design.
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*is paper presents a study to simulate the performance of steel-plate composite bridge under various blasting loads. *e multi-
Euler domain method based on the fully coupled Lagrange and Euler models is adopted for the structural analysis of explosion
process with the commercial software Autodyn. Due to the difference of material characteristics and space distribution between
the concrete and steel part, the most adverse position is estimated to be above and below detonation. A remarkable difference
between these two explosive denotations for steel-concrete composite bridge is noted, and the failuremode above denotation is the
damage of local concrete deck, with the compressionmode near the denotation point showing a standard trigonometric curve.*e
failure mode below denotation includes damage of steel girders and concrete failure near junction.

1. Introduction

Blasting incidents are becoming an increasing threat for
urban infrastructure in the past years. Terrorist attacks and
transport vehicles with explosive and flammable materials
cause potential blasting loads structures subjected to. Ter-
rorism and accidental explosion have become a major threat
to the security of international community. As crucial
thoroughfare for urban traffic system, disastrous bridge
failures can bring enormous economic and related loss es-
pecially in populated regions. Bridge engineers are focused
on bridge antiexplosion and blasting damage assessment
especially after the incident of 911. However, consideration
of prominent explosive resistances in both official and
nongovernmental design codes for nonmilitary bridges is
rarely found. Steel-concrete composite bridges have been
widely adopted in urban construction for its advantages like
highly construction speed and cross ability in recent years.
However, the research of blast on steel-concrete composite
bridge is insufficient. *erefore, it is extremely necessary to
figure out the stress and failure mechanism of the steel-
concrete composite bridge under blasting load.

Many researchers [1–3] focused on the structural per-
formance of concrete piers or slabs under blasting loads. Wu

et al. [4] investigated the residual capability of localized
blast-damaged RC columns by LS-DYNA and the common
failure mode of structures subjected to blast load and
summarized the residual capacity index by a service axial
load index. Yao et al. [5] investigated the damage features
and dynamic response of RC beams under blasting loads.
Pan et al. [6] investigated three modern types of reinforced
concrete bridges under various blasting loads, including
a slab-on-girder bridge, a box-girder bridge, and a long-span
cable-stayed bridge and discussed the protection perfor-
mance of carbon fiber-reinforced polymer on bridges.
Fujikura and Bruneau [7] studied the blast resistance of steel
jacketing bridge piers by experiments. Li and Hao [8] an-
alyzed steel wire mesh-reinforced concrete slab under
contact explosion.

Although the researches about bridge or other con-
structions under explosive listed above have obtained some
results and suggestions, the research about the performance
of concrete-steel composite bridges under blasting loads is
still very limited. In this study, a steel-concrete composite
bridge is analyzed thoroughly to obtain the damage patterns
of bridge and predict propagation rule of explosive wave
accurately. To do this, a three-dimensional finite element
model for concrete-steel composite bridge is established by
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ANSYS Autodyn. Two analysis modules, the traditional
preprocessor and AUTODYN module which is professional
in explosive area, are utilized in this study.

2. Material Characteristics and Modeling

2.1. Conservation Equation. Explosive process is a high-rate
chemical phenomenon in which energy is released rapidly
within a limited scope, which is obviously different from
general structural analysis. Carta and Stochino [9] in-
vestigated the flexural failure of reinforced concrete beams
under blasting loads through theoretical models, which
indicated that the material constitutive relation and con-
servation equation have a decisive effect on the result of
explosive calculation. *e materials considered in this study
include concrete, steel plate, ideal air, and high-explosive
TNT. In order to obtain an accurate and reliable perfor-
mance of the steel-concrete composite bridge under blasting
loads, it is obviously necessary to simulate the behavior of
explosion in air with an appropriate method. Generically,
during the explosion process (usually in several millisec-
onds), the nearby air expands rapidly with high energy and
temperature, forming a shock wave which evolves into high
pressure on structure timely. *e spread of shock wave in air
can be described by nonviscous flow, deciding by Euler
equation as follows:

zq

zt

zf(q)

zx
+

zg(q)

zy
+

zh(q)

zz
� 0, (1)

where q is the state vector about time t and f(q), g(q), and
h(q) are flux of conservative state variables.
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(2)

where ρ is the density; u, v, and ω are the velocities in the x,
y, and z direction, respectively; p is the pressure; and Q is the
total energy.

In order to achieve the solution, an ideal state equation is
introduced by Zhou et al. [10] as follows:

p � (c− 1)ρe, (3)

where e is the internal energy, value of which is set to
2.068×108 to ensure that the structure is at a standard at-
mosphere pressure at the beginning of the analysis, c is the
adiabatic exponent of ideal air, and ρ is the material density.
Material parameters of air are shown in Table 1.

2.2. Materials Constitutive. With an explosion taking place
nearby, bridges accept a dynamic transient shock wave.
*erefore, the damage of concrete occurs in a flash. To
analyze and simulate the destruction of concrete under the
sudden impact during explosion, the concrete failure model
of Riedel–Hiermaier–*oma is considered for concrete
constitutive properties, which include elastic limit surface,
failure surface, and residual strength surface. *e consti-
tutive model of RHT is shown in Figure 1.

*e equation is as follows:

σ∗eq(p, θ, ε) � Y
∗
TXC(p)R3(θ)Frate(_ε), (4)

where Y∗TXC(p) is the compressing meridian, Frate(_ε) is the
augmentation factor of strain rate, and R3(θ) is the corner
function. Researchers have shown that there are some de-
fects in the original RHTmodel in spite of wide application
on explosion analysis. Tu and Lu [11] modified the residual
strength surface and tensionmeridian. Nyström and Gylltoft
[12] introduced the bilinear principal tensile stress failure
criterion in the RHT model. Leppänen [13] modified the
tensile stress-strain relationship and tensile strength strain
rate of the RHT model. In this study, the principal stress
tensile failure was considered instead of original tensile
failure model of RHT, value of which was set at 5.0e3. Crack
softening option was set, and the value of fracture energy was
100. In explosive analysis, the RHT constitutive relation is
usually used with the p-alpha state equation together. *e
p-alpha state equation is shown as follows:

P(ρ, E) � A1μ + A2μ
2

+ A3μ
3

+ B0 + B1μ( ρ0e,

μ �
ρ
ρ0

 − 1,

(5)

where A1, A2, A3, B0, and B1 are calculation parameters,
ρ0 is the initial density, and e is the internal energy. *e
parameters are mostly obtained through experiments. In this
research, Adobe 1.8-RHT is used in this analysis for its
adaptability and widespread applicability from the literature.
Material constitutive of steel is much more simple than
concrete. Bearing steel 2.7YS is used in explosive analysis.
Values of the parameters and other failure mechanism of
these two constitutive relations are found in the literature
[14].
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Jones–Wilkins–Lee (JWL) state equation is used to
model to explosive material and ambient air, which can
indicate the interaction between explosive pressure and air
energy clearly. *e air range surfaces adopt the flow-out
boundary condition. *e JWL equation is as follows:

P � A 1−
ω

R1V
 e

−R1V
+ B 1−

ω
R2V

 e
−R2V

+
ωE0

V
, (6)

where p is the pressure during explosion, V is the volume
ratio of detonation products to initial explosive, E0 is the
internal energy of unit volume, and A, B, R1, R2, and ω
are material parameters, values of which are shown in
Table 2.

2.3. Finite Element Modeling. Figure 2 shows the cross
section of a 40m single span steel-concrete composite bridge
whose deck width is 1250 cm. *ere are two I-shaped steel
girders placed 670 cm apart in the bridge. Concrete bridge
decks are adopted for its high pressure resistance and driving
comfort. Shear studs are adopted for the connection between
I-shaped steel girders and concrete deck, which is considered
as ideal connection in this study. *e concrete deck is fully
restrained with the steel girders. *e height of the box girder
is 220 cm, while top plate width of I-shaped is 90 cm and
bottom width is 110 cm. Transverse beams are set at every 8
meters in longitudinal directions to enhance the structural
integrity. In this study, the concrete and steel girders are
modeled with 8-node solid Lagrange elements and 4-node
shell elements. Because of the complex nonlinearity of the
macroscopic concrete, the improved Riedel–Hiermaier–
*oma (RHT) concrete failure model and the porous
equation of state (EOS) model are utilized to consider the
large-scale heterogeneity and porosity. Due to the

complexity of structure, the three-dimensional finite ele-
ment model was first established by using preprocessor
module of traditional ANSYS predisposition. Explosion
execution was completed in the analysis module of
AUTODYN through “K file.” *e accuracy of the analysis is
highly affected by the cell size, especially for nonlinearity
multi-Euler analysis.*eoretically, a smaller mesh size of the
finite element model will obtain more precise structural
performance under blasting loads. However, it is infeasible
to model components with unreasonable small mesh size.
Pan et al. [6, 15] pointed out that a 10 cmmesh size can have
an adequate assurance rate to ensure a reliable pressure-time
history and dynamic structural response. *e range of air is
also a key factor for computational efficiency, and it is
impossible to simulate an infinite space of air. A more
economical approach is used to define the air flow interface.
Flow-out boundary in this study is introduced for the air’s
free edge. Explosive analysis begins with a standard atmo-
sphere which is achieved by defining the initial energy of air.
Figure 3 shows the AUTODYN analysis model.

3. Bridge Performance and Result Discussion

Terrorist attacks and accidental explosion are always un-
predictable, for which reason it is necessary to make a large
number of detonation scenarios. In this study, considering
the particularity of composite structure, detonation loca-
tions are the key factor of damage mode. 100 kg weight of
TNT equivalent is considered for a car bomb. Above-deck
and below-deck detonation are simulated in this study.
Because of the instantaneity and tremendousness of ex-
plosion energy, the effect of gravity and other live load are
neglected during such short period.

3.1. Above-Deck Detonation. Dynamite is located in the
middle of the bridge, 80 centimeters above the deck. Figure 4
shows the wave propagation of a 100 kg weight TNT by
using the three-dimensional multi-Euler domain method.
*e blasting wave has spread to whole lateral of the bridge
system within only 6.0 milliseconds.*e section at the top of
the explosive shows the flow-out circumstance.

In order to illustrate the transmission rules of blast
pressure on structure clearly, gauges in the air were defined
to record the high blast pressure and impulse at different
locations during calculation, as shown in Figure 5. Figure 6
shows the pressure history of Gauge #28, where the curve is
similar to a triangle. *e peak reaches 1.546E6 kPa, with the
time corresponding to the peak value is only 1.512E− 1
millisecond. Generally, the area of this triangle can be uti-
lized to describe the degree of explosion. Figure 7 shows the
velocity history of Gauge #28, where the air impacts down
rapidly towards the bridge deck in a very short time and then
is reflected. An opposite velocity can be got in the diagram.
Moments later, velocity curve vibrates around the zero line.

*rough the calculation results of monitoring points, the
overall trends are that a smaller the pressure will be obtained
with a greater distance. Figure 8 shows the pressure-time
history of some gauges. Meanwhile, Gauge #16 seams have

Table 1: Material parameters of air.

ρ (g · cm−3) e (J · kg−1) c

1.225E− 3 2.068×108 1.4

Deviatoric stress
σeq Tens. meridian

Comp. meridian

Residual strength
Yfric

Pressure p
Hardening surface

Ypre

Initial elastic
Elastic limit Ycl

Fail surface
Yfail

Figure 1: *e RHT constitutive model used for concrete.
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a larger pressure peak than Gauge #17, and it is due to the
negative pressure phenomenon which occurs in a small
distance from detonation.

Figure 9 summarizes the ultimate damage states in the
case of above-deck detonation. It can be seen clearly that due
to the full confinement effect and the highly reflected
pressure, a 4.6m× 4.6m damage area was generated. *e
surface of the deck is predominantly damaged by direct
crushing of RC elements, and at the same time, there is no
damage observed in the I-shaped steel girder. Figures 10 and
11 present stress distribution. It can be seen that the blue
area in the middle of the bridge reflects the quitting of
concrete under blasting loads.

3.2.Below-DeckDetonation. Another situation for the urban
bridge is carried out. Overpass bridges can suffer a below-
deck detonation because of heavy volume of traffic below
them. In this section, explosive detonation is arranged right
down the composite bridge. Figure 12 presents a below-deck
explosion process: explosive wave forms within a rectangle
space between the I-shaped steel girders in the process of
transmission.

Figure 13 shows the structure deformation under
blasting loads. A large local deformation occurs in the steel
girder, value of which reaches 158mm. Because of the

transverse beam, the max deformation is not in the midspan.
Figure 14 shows the stress distribution on damage state.
Structural failure occurs mainly in two positions: the first
one is the local failure of steel girder itself and the other is the
juncture position of steel girder and concrete deck.

In a similar way, Gauges are defined to figure out the
stress characteristics and damage mechanism on struc-
ture. Gauges 113, 114, and 50 to 54 are arranged on the
longitudinal direction and Gauges 54, 75, and 96 are
arranged on the transverse direction, which is shown in
Figure 15. Figure 16 shows velocity-time history of Gauges
on z direction. *e curve of #53 is even higher than Gauge
#54 on local scale. It is because that the transverse beam
right near the point limits the local deformation. Other
curves of Gauge points decreased with distance. Figure 17
shows velocity-time history of Gauge points of the hor-
izontal setting. *e velocity of Gauge #75 presents some
irregularity, because of the I-shaped steel beam and the
local reflection effect of the explosion wave. *e pressure-
time history of Gauges #113 and #114 (horizontal near the
detonation point) illustrates the same phenomenon. *eir
pressure curves cannot be simply concluded as typical
triangle, and there are two peaks which are shown in
Figures 18 and 19. Apparently, both failure characteristics
and blasting loads below the detonation are very different
from those above the detonation.

Table 2: Material parameters of JWL equation state.

Parameter R1 Parameter R2 Parameter A (MPa) Parameter B (MPa) Parameter ω Density ρ (g · cm−3) V E (J · kg−1)
4.15 0.90 3.738E5 3.747E3 0.35 1.63 1.00 7.0E6

Concrete deck

I shape steel girder

22
22

0
18

240 100 100570 240

1250

Transverse beam

110

60

Figure 2: *e cross section (unit: cm).

xy

z

Material locationFlow out
Void
MAT-ELAS1-1
MAT-ELAS2-2
AIR
TNT-2<1>

Figure 3: Analysis module in AUTODYN.
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Figure 5: Defined gauges in case of above-deck detonation.
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Figure 4: Blast wave spread of above-deck explosive TNT at different times: (a) 0.85 milliseconds, (b) 1.7 milliseconds, and (c) 5.99
milliseconds.
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3.3. Discussion of Failure Characteristics. Generally, the
failure characteristics of composite beam under blasting
loads are dramatically influenced by detonation locations.
When blast happens above the deck, the concrete of bridge

deck is subjected to the impact load directly. Failure char-
acteristics of concrete deck are similar to general failure
mode, and a symmetrical area of destruction is formed, as
shown in Figures 9 and 11. Meanwhile, the I steel girder bear
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Gauge #15
Gauge #16
Gauge #17
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1000

1500

Pr
es

su
re
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)

1 2 3 4 5 60
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Figure 8: Pressure-time history of Gauges.
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Figure 9: Damage of the bridge.

x

y
z

Mis. stress (kPa)
1.086e + 03
9.771e + 02
8.685e + 02
7.599e + 02
6.513e + 02
5.428e + 02
4.343e + 02
3.257e + 02
2.171e + 02
1.086e + 02
0.000e + 00

Figure 10: Stress distribution of I-shaped beam.
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bending moments in the instant of the explosion. When
explosive happens below the deck, the overpressure char-
acteristic of the structure is more complex. Shock wave
reflections are produced in local space. *e overpressure
time curve near the blast point showed multiple peaks, and
the I-shaped girder deformed considerably.

4. Conclusions

*is paper presents the blast analysis results of concrete-steel
composite bridge by an accurate simulation of explosion
process. *e conclusions are as follows.

In the case of a steel-concrete composite bridge, a 100 kg
TNT above-deck explosion right on the midspan of the
bridge is identified as the most critical case. *e force of
explosion lead to a 4.6× 4.6m damage area significantly.*e
pressure history curve of the point right below the explosive
can be described as a typical triangle because of the hol-
lowness above the bridge deck. It means that a simple tri-
angle time load can be utilized in explosive analysis instead
of complex simulation of the whole blasting system.
Arranging the detonation point at the center, it can be shown
that a smaller pressure peak will be obtained with a farther
distance. *ere is not a remarkable disruption on steel
I-shaped beam.

For below-deck detonation of composite bridge, the blast
propagation is more complex than that of the above-deck
detonation. Blasting loads lead to more deformations and
stresses for steel girder. *e damage pattern mainly occurs
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Figure 17: Velocity-time history of Gauges.
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on two positions: steel girder near the blasting detonation
and the conjunction with concrete deck and steel girder. *e
blast wave is also different from an ordinary open area,
causing a reflection in the narrow part between the two steel
girders. *e pressure-time history curve is not a simple
triangle, which means a simplified time load cannot be
utilized to replace the actual explosive process. *e trans-
verse beam plays an important role in displacement limi-
tation, but the overall destruction of the structure still lays on
the local steel yield strength and the joint failure.
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An analysis method is formulated to predict the peak bending stress concentrations around a small circular opening in an
idealized isotropic homogeneous, linear elastic-perfectly plastic plate-like structure subjected to uniform blast loading. (e
method allows for the determination of corresponding concentrated bending moments adjacent to the opening for the design of
reinforcement that can prevent the formation of localized plasticity around the opening during a blast event. (e rapid formation
and growth of localized plasticity around the opening can lead to a drastic reduction of the plate-like structure’s local and global
stability, which could result in catastrophic failure of the structure and destruction of the entity it is protecting. A set of elemental
formulas is derived considering one-way and two-way rectangular plate-like structures containing a single small circular opening
located where flexure predominates. (e derived formulas are applicable for elastic global response to blast loading. Abaqus was
employed to conduct numerical verification of the derived formulas considering various design parameters including material
properties, plate dimensions, position of opening, and explosive charge size. (e formulas demonstrate a good correlation with
FEA albeit with a conservative inclination. (e derived formulas are intended to be used in tandem with dynamic SDOF analysis
of a blast load-structure system for ease of design. Overall, the proposedmethod has the potential to be applicable for many typical
conditions that may be encountered during design.

1. Introduction

Plate-like structures are often used in buildings to protect
occupants and life-safety systems from high-energy explo-
sions [1]. Examples of plate-like structures include hardened
blast walls and strengthened floor slabs for protecting against
blast infill pressure. Hardened blast walls are strategically
positioned within a building to protect means of egress and
equipment critical for the functioning of life-safety systems
after the blast event. (e blast walls are nonload bearing and
designed to resist blast infill pressure by one-way flexural
behavior. Strengthened floor slabs are located in building
areas where prevention of floor collapse is determined to be
imperative in thwarting progressive collapse after the blast
event [1]. (e floor slabs are designed to carry conventional
gravity and diaphragm loads while also resisting blast infill
pressure by two-way or one-way flexural behavior.

A rational approach to the blast-resistant design of
structures was articulated by Newmark in 1956 [2] and Biggs
in 1964 [3]. Since that time, the performance of various civil
structures such as reinforced concrete frames, reinforced
masonry walls, and timber panels subjected to blast loading
has been investigated [4–6]. Importantly, the performance of
the building envelope, essentially glazing and glass facades,
under air blast has been researched [7, 8]. In direct relation
to this paper, the dynamic behavior of metallic plate-like
structures subjected to blast loading has been extensively
investigated through analytical, numerical, and experi-
mental studies [9–18]. At present, blast-resistant design is
standardized in several publications including ASCE 59-11
Blast Protection of Buildings [1] andUFC 3-340-02 Structures
to Resist the Effects of Accidental Explosions [19]. (e global
dynamic response of plate-like structures can remain in the
elastic regime, or in extreme cases can enter the plastic
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regime.(e dynamic response is in part dependent upon the
structural material, support conditions, explosive charge
weight, standoff, and the ratio of the reflection surface to the
target area [1, 3, 19].

Plate-like structures designed for blast loading are often
required to have circular penetrations to accommodate
mechanical ducts or electrical conduits. (e size and posi-
tioning of the penetrations depends upon the function of the
entity being protected. For example, a steel hardened blast
wall protecting a communication room within a building
may require a small circular opening to accommodate
electrical conduits. (e presence of a small circular opening
in a plate-like structure undergoing out-of-plane de-
formation due to blast loading induces especially high
bending stress concentrations around the opening, as
demonstrated in Figures 1(a) and 1(b). (ese stress con-
centrations can cause localized plasticity even though the
initial global response of the structure primarily remains in
the elastic strain range. (e rapid formation and growth of
localized plasticity around the opening can lead to a drastic
reduction of the plate-like structure’s local and global sta-
bility, which could result in catastrophic failure of the
structure and destruction of the entity it is protecting. Re-
inforcement can be added to strengthen the region around
the opening to resist bending stress concentrations that can
cause localized plasticity, as shown in Figure 1(c).

(ere is a considerable amount of literature pertaining to
stress concentrations around flaws subjected to far-field
stress. (e plane solution for stress concentrations around
circular openings was derived by Kirsch in 1898 [20]. Stress
concentrations at cracks were later investigated by Griffith,
Westergaard, and Irwin [21–23]. More recent studies have
investigated stress concentrations around irregularly shaped
holes and circular holes in anisotropic materials [24–30].
(e influence of openings on stability has been investigated
[31–33].

A high-energy explosion is characterized by a rapidly
expanding hemispherical wave of high-pressure gas called
a shock wave. (e reflected pressure and impulse from the
shock wave upon or within a structure is a primary cause of
damage from blast effects [19]. (e reflected pressure and
impulse are dependent upon several parameters including
the explosive charge weight, range to target, angle of in-
cidence, and shielding effects from the building façade or any
intermediate partition walls [1]. (e reflected pressure can
be described by a pressure-time history curve, where the
positive area beneath the curve is the reflected blast impulse.
A blast pressure-time history curve is characterized by a
sharp increase in positive pressure followed by a nearly linear
decay to atmospheric pressure, as shown in Figure 2(a). A
simplified triangular pressure-time history curve can be
constructed from the peak reflected pressure and impulse
for use in design, as shown in Figure 2(b) [1].

(e blast impulse imparts inertial energy into a struc-
ture, causing it to undergo dynamic deformation [3]. In the
case of plate-like structures, the blast impulse causes the
structure to rapidly deform out-of-plane wherein the de-
formation response of the structure is dependent upon its
flexural stiffness, ultimate resistance, mass, and inherent

structural damping. (e structure continues to oscillate in
free vibration after the blast pressure has dissipated pro-
vided the structure remains intact. For all practical pur-
poses, the deformation response corresponds to the
fundamental mode with the mechanical energy balance
oscillating between kinetic energy and internal strain en-
ergy [3, 19].

A common industry standard analysis method for de-
signing structural elements for blast loading is to transform
the load-structure system into an equivalent undamped
single degree-of-freedom (“SDOF”) system possessing
a linear elastic-perfectly plastic response mode [1, 19]. (e
system is loaded by a triangular pressure-time history curve
representing the actual blast pressure-time history, as shown
in Figures 3(a) and 3(b). (is procedure involves employing
factors to transform the load, stiffness, ultimate resistance,
and mass into equivalent values for use in an SDOF analysis
such that the displacement response remains consistent
between the real and equivalent systems [3]. (e trans-
formation factors are in part dependent upon the deformed
shape and boundary conditions of the plate-like structure.
(e displacement response of the SDOF system can be
solved for using various numerical methods such as the
constant-velocity procedure. Peak stresses occur very early
in the displacement response, and thus, inherent structural
damping can be neglected in the analysis.

(e structural properties of a plate-like structure can be
designed to optimize its strength and performance for
a given blast loading scenario. For reasons of practicality,
a structure can be designed to resist the peak forces expe-
rienced during the free vibration phase while maintaining
prescribed performance requirements. Performance re-
quirements generally allow a structure to attain certain levels
of ductility and deformation depending upon its structural
composition. Maximum response limits for structural
components subjected to blast effects are recommended by
ASCE 59-11 [1].

In designing a plate-like structure containing a small
circular opening for blast effects, it may be desirable to
approximately calculate the distribution of peak bending
stress around the opening such that suitable reinforcement
can be designed to resist stress concentrations that can
cause localized plasticity. (e response of the plate-like
structure may be adversely influenced if any localized
plasticity around the opening is allowed to form and grow
over subsequent cycles of free vibration. Specifically, the
kinetic energy of the plate-like structure may be pro-
gressively dissipated or stored as plastic strain energy
around the opening, potentially resulting in large de-
formations, rupture, or dynamic fracture during the initial
cycle or subsequent oscillations, as depicted in Figure 4(b)
[34–36]. (e use of oversimplified analytical methods for
calculating the stress concentrations may result in an overly
conservative design of the reinforcement. Conversely, the
use of complex analytical or computational methods can
result in a more efficient design; however, these methods
may be time-consuming and require a significant allotment
of computational capacity thus rendering them impractical
for design.
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2. Analysis Method

(e objective is to formulate an analysis method to predict
the peak bending stress concentrations around a small

circular opening in an idealized isotropic homogeneous
plate-like structure subjected to uniform blast loading. (e
predicted stress concentrations are to be used to design
reinforcement that can prevent the formation of localized
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Figure 2: Blast pressure-time history curves: (a) typical blast pressure-time history curve; (b) simplified triangular blast pressure-time
history.
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plasticity. (e method is intended to be compatible with
dynamic SDOF blast analyses of plate-like structures pos-
sessing elastic global response. In accordance with industry
standards, the blast load-structure system is assumed to
possess a linear elastic-perfectly plastic response mode for
the localized stress concentrations around the opening [1].

(e introduction of an opening in a plate-like structure
inherently modifies its flexural stiffness. If the opening is small
compared to the unbraced surface area of the structure free to
deform out-of-plane, then the change in stiffness can be con-
sidered negligible (here, the definition of “small” is highly
subjective upon the allowable change in dynamic response).
Consequently, the global deformation response of a plate-like
structure containing a small opening and subjected to blast
loading is effectively unchanged from the response of an
identical structure without an opening.(is is true unless plastic
hinges, rupture, or cracks develop adjacent to the opening such
that the response is adversely influenced (Figure 4).

(e failure criterion is defined as the formation of
plasticity in the local domain around the circular opening,
that is, the development of plastic hinges adjacent to the
opening due to concentrated bending moments, as depicted
in Figure 4(a). As per the principle of conservation of
mechanical energy (neglecting structural damping), the total
mechanical energy around the opening remains constant as
the plate-like structure oscillates through out-of-plane de-
formation during free vibration [37]:

0 � ΔU + ΔK, (1)

where ΔU is the internal strain energy in the local domain
around the opening and ΔK is the associated kinetic energy
imparted by the blast impulse. As the plate-like structure
achieves its initial peak out-of-plane deformation, the kinetic
energy is zero and the total mechanical energy around the
opening is entirely strain energy:

ΔUpeak � ΔUE + ΔUP, (2)

where ΔUE is the elastic strain energy and ΔUP is the plastic
strain energy. (e formation of localized plasticity around
the opening is indicated by the development of plastic strain
energy and accompanying permanent deformation, as
depicted in Figure 4(b). (is permanent deformation can
adversely influence the plate-like structure’s local and global
stability and subsequent response. (us, the failure criterion
is achieved when the plastic strain energy develops,
expressed as follows:

ΔUP > 0. (3)

Reinforcement around the opening should be designed
to resist concentrated peak bending moments developing
plastic hinges adjacent to the opening and corresponding to
ΔUpeak when (3) is satisfied. In terms of strain energy, the
reinforcement should be designed to absorb ΔUpeak in
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a purely elastic form. In accordance with the principle of
conservation of mechanical energy, the peak elastoplastic
strain energy ΔUpeak around the opening during the first
cycle of vibration is in the most conservative case effectively
equal to the peak elastic strain energy, ΔU′E,peak, in the same
domain derived from an equivalent elastic system, as
depicted in Figures 4(c) and 4(d) [34, 35]. (us, the con-
centrated peak bending moments can be solved by evalu-
ating the bending moments corresponding to ΔU′E,peak:

ΔUE + ΔUP ≈ ΔU′E,peak. (4)

In general, the following formulation is proposed: in the
first step a blast load-structure system is derived for a plate-
like structure assumed to not contain a small circular
opening. (is is achieved by first constructing a triangular
pressure-time history based on a given blast loading sce-
nario. Next, the characteristic shape function and flexural
stiffness are extracted from the assumed deformed shape of
the plate-like structure corresponding to the fundamental
mode. Mass and load transformation factors are then de-
rived from the shape function, mass, and load. (e blast
load-structure system is transformed into an equivalent
undamped SDOF system and dynamically analyzed in the
elastic strain range. (e peak displacement during the free
vibration phase is extracted from the analysis.

In the intermediate step, the deformed shape is expressed
in terms of the characteristic shape function and the peak
displacement. (e complete peak bending stress field at the
tension surface of the plate-like structure may then be de-
termined by substituting the deformed shape into the
Kirchhoff–Love plate differential equations for expressing
bending stresses in terms of curvatures.

In the final step, a small circular opening is assumed to
lie within an infinite plane and loaded by uniaxial or biaxial
far-field tensile stress. (e tensile stress is determined from
the bending stress field obtained in the previous step at the
theoretical location of the opening. (e Kirsch equations are
used to determine the elastic stress concentrations around
the circular opening when loaded by the far-field tensile
stress (assuming no yielding). As a result, the peak elastic
bending stress concentrations around a circular opening
may in part be expressed in terms of the peak displacement
obtained from a dynamic SDOF blast analysis in the elastic
strain range. As per the principle of conservation of me-
chanical energy, the concentrated peak bending moments
adjacent to the opening producing plastic hinges may be
determined from the unidirectional elastic stress concen-
trations adjacent to the opening (and parallel to the far-field
tensile stress) exceeding the actual yield point [37, 38]. (is
is under the propositions that the unidirectional elastic stress
predominates the state of stress and is thus used in lieu of the
von Mises stress, and that the elastoplastic transition range
through the thickness is neglected. (e resulting concen-
trated peak bending moments may then be used to design
appropriate reinforcement for preventing localized plasticity
around the opening.

Two common cases of rectangular plate-like structures
are considered; a rectangular wall simply supported at two

opposite edges, and a rectangular slab simply supported at all
four edges. (ese two particular cases encompass a signifi-
cant share of blast-resistant plate-like structures in-
corporated into buildings. Numerical verification of the
analysis method is performed using the finite element analysis
(“FEA”) software Abaqus. (e formulation of the analysis
method is outlined in Figure 5.

2.1. Case: RectangularWall Simply Supported at TwoOpposite
Edges. It is assumed that the deformed shape of a rectan-
gular plate-like structure during elastic response to blast
loading conforms to the deflection surface obtained from
a statically applied uniform surface load. Any deflection
surface, w(x, y), for an isotropic homogeneous plate-like
structure must satisfy the boundary conditions and the
governing plate equation [39]:

∇4w(x, y) �
z4w

zx4 + 2
z4w

zx2zy2 +
z4w

zy4 �
q

D
, (5)
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where q is the uniform surface load and D is the plate
flexural rigidity defined by Et3/[12(1− μ2)].

A rectangular wall simply supported at the two opposite
edges and uniformly loaded by blast pressure effectively
behaves as a one-way flexural element, where bending oc-
curs in the y-axis direction between the supported edges.
Parameters described with respect to the transverse x-axis
direction remain constant and therefore vanish from the
bending equations for the y-axis direction. A small circular
opening is assumed located within the wall where flexure
predominates. (e one-way rectangular wall and its de-
formed shape under blast loading are shown in Figures 6(a)
and 6(b).

(e deformed shape, characteristic shape function,
stiffness, and transformation factors for one-way flexural
elements are readily available in the literature [3]. (e de-
formation in the elastic strain range is described with respect
to the y-axis in the direction of one-way bending and is given
as follows:

w(y) �
q

24EI
h
3
y− 2hy

3
+ y

4
 , (6)

where h is the wall height, E is Young’s modulus, and I is the
second moment of area about the neutral axis. (e corre-
sponding characteristic shape function is expressed as
follows:

ϕ(y) �
16
5h4 h

3
y− 2hy

3
+ y

4
 . (7)

(e well-known real stiffness and mass and load
transformation factors for one-way flexural elements are
listed in Table 1.

(e parameters in Table 1 can be used to perform an
equivalent SDOF analysis for a given blast loading scenario
from which the peak displacement of the wall, Δpeak, can be

extracted for deformations remaining within the elastic
strain range.

In general, the peak deformed shape can be expressed in
terms of the characteristic shape function and peak dis-
placement as follows:

wpeak(x, y) � Δpeakϕ(x, y). (8)

(e Kirchhoff–Love plate differential equations for
expressing bending stresses at the surface of a plate in terms
of the peak deformed shape are given as follows [39]:

σx(x, y) �
−tE

2 1− μ2( 

z2wpeak

zx2 + μ
z2wpeak

zy2
⎛⎝ ⎞⎠, (9a)

σy(x, y) �
−tE

2 1− μ2( 
μ

z2wpeak

zx2 +
z2wpeak

zy2
⎛⎝ ⎞⎠, (9b)

where t is the wall thickness and μ is Poisson’s ratio.
Equations (9a) and (9b) can be used to approximate the far-
field bending stress inducing stress concentrations around
the small circular opening in the wall due to out-of-plane
deformation. Substituting (7) into (8) and substituting the
result into (9b) gives an expression for the bending stress σy

at the tension surface of the wall, in the direction of one-way
flexure, and in terms of the peak displacement:

σy yo(  � −
96tEΔpeak y2

o − hyo( 

5h4 1− μ2( 
, (10)

where yo is the location of the opening along the height of
the wall. (e transverse bending stress σx is neglected for
one-way flexure since its contribution to the stress con-
centrations around the opening is minute compared to the
contribution by σy [40].

Equation (10) can be used to approximate the uniaxial
far-field bending stress at the tension surface of the wall and
loading the circular opening, as shown in Figure 7.(e plane
elastic stress field around a circular opening loaded by
uniaxial far-field tensile stress is expressed by the Kirsch
equations in polar coordinates as follows [20]:
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Figure 6: (a) One-way rectangular wall with a small circular opening under blast loading; (b) characteristic shape function.

Table 1: Parameters for an equivalent SDOF system of a one-way
flexural element simply supported at the two opposite edges [3].

Strain range Real stiffness, K Mass factor, KM Load factor, KL

Elastic (384EI)/(5h3) 0.50 0.64
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σθ(r, θ) �
σ∞
2

1 +
a2

r2
 −

σ∞
2

1 +
3a4

r4
  cos(2θ), (11)

where a is the radius of the opening, r is the radial distance
with respect to the center of the opening, θ is the angle with
respect to the axis of far-field stress, and σ∞ is the uniaxial
far-field tensile stress. In the case of one-way flexure, the
peak elastic bending stress distribution, σθ(rx), along the rx

radial distance is principally induced by the far-field
bending stress in the y-axis direction. Substituting (10)
into (11) with σ∞ � σy and θ� 90° results in an expression
for the distribution of peak elastic bending stress at the
tension surface of the wall and directly adjacent to the
opening:

σθ rx(  � −
48tEΔpeak hyo −y2

o(  3a4 + a2r2x + 2r4x( 

5 μ2 − 1( h4r4x
, (12)

where rx is the radial distance when θ � 90°. (e peak elastic
bending stress distribution along rx is depicted in Figure 7.

Localized plasticity around the opening occurs when
the peak bending stress distribution at the tension surface
exceeds the material yield strength, σY. For reasons of
simplicity, the elastoplastic transition range through the
wall thickness is neglected and the presence of yielding at
the wall surface is assumed to signify the development of
a through-thickness plastic hinge, as shown in Figure 7.
Reinforcement can be positioned around the opening in
order to strengthen the regions of high bending stress
concentrations where plastic hinges are expected to
occur.

For the case of one-way flexure, reinforcement should be
positioned on each side of the circular opening and oriented
in the direction of one-way flexure such that the concentrated
bending moments directly adjacent to the opening are ef-
fectively resisted, as shown in Figure 8. Each region of re-
inforcement should be designed to transfer the concentrated
peak bending moment, Mxp, on each side of the opening such
that yielding does not occur at the wall surface. In accordance
with the principle of conservation of mechanical energy given
by (4), the concentrated peak bending moment producing
a plastic hinge can be determined by integrating the peak
elastic bending stress distribution (assuming no yielding) over
the radial distance over which yielding does occur and
multiplying with the unit elastic section modulus:

Mxp �
t2

6


rxp+a

a
σθ rx(  drx, (13)

where rxp + a is the radial distance at which σθ � σY. In
summation form,
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Mxp �
t2

6


rxp+a

i�a

σθ rx( iΔrx. (14)

(e radial distance rxp over which yielding occurs can be
solved by substituting the known constants into (12), setting
the result equal to σY, solving for rx, and subtracting a.
Equation (12) may then be substituted into (14) to obtain
the concentrated peak bending moment. (e summation
term in (14) may be readily solved in spreadsheet form by
summing the values of σθ at each incremental length Δrx

along the radial distance rxp.
(e nominal elastic bending limit, Mnr, of a reinforced

region directly adjacent to the opening should be equal to or
greater than Mxp, explicitly expressed by the fundamental
design requirement:

Mnr ≥Mxp. (15)

(ewidth of each reinforced region should nominally be
equal to rxp and extend longitudinally at least beyond the
extents of the opening, as shown in Figure 8. (e elastic
bending limit of the reinforced region is dependent upon the
material and geometric properties of the reinforced section
and may be readily determined from design formulas. In
general, Mnr is equal to an internal moment at which the
extreme outer fibers of the reinforced section begin to yield,
explicitly expressed by the product of the yield strength and
the elastic section modulus, S, of the reinforced section [40]:

Mnr � σYS. (16)

Reinforcement is not required if the peak elastic bending
stress given by (12) does not exceed σY.

2.2. Case: Rectangular Slab Simply Supported at All Four
Edges. A rectangular slab simply supported at all four edges
and uniformly loaded by blast pressure behaves as a two-way
plate-like element. As in the one-way case, a small circular
opening is assumed located within the slab where flexure
predominates. (e two-way rectangular slab and its

deformed shape under blast loading are shown in
Figures 9(a)–9(c).

Navier’s method gives the exact solution for the de-
formed shape of a rectangular plate-like structure simply
supported at all four edges and uniformly loaded by q; the
solution is described by a rapidly converging double trig-
onometric series [39]. For simplicity, the first term in the
series is employed to describe the deformed shape:

w(x, y) �
16q sin((πx)/b) sin((πy)/b)

Dπ6 1/b2( ) + 1/h2( )( )
2 , (17)

where b is the slab width and h is the slab length. (e
characteristic shape function is determined by multiplying
(17) by its inverse whilst setting x � b/2 and y � h/2:

∅(x, y) � sin
πx

b
  sin

πy

h
 . (18)

(e bending stiffness corresponding to the out-of-plane
displacement at the center of the slab is determined by
substituting q � 1, x � b/2, and y � h/2 into the inverse of
(17) and multiplying with the slab surface area:

K �
Dπ6 b2 + h2( 

2

16b3h3 . (19)

Finally, the mass and load transformation factors are
determined by substituting (18) into the known formulas for
transforming a multidegree system into an SDOF system [3]:

KM �


h

0 
b

0 m∅2(x, y) dx dy

mbh
�
1
4
, (20a)

KL �


h

0 
b

0 q∅(x, y) dx dy

qbh
�

4
π2

, (20b)

where m is the mass density. In a manner similar to the one-
way case, (19), (20a), and (20b) may be used to transform
the load-structure system into an equivalent SDOF system
and analyzed for a given blast loading scenario. (e peak
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Figure 9: (a) Two-way rectangular slab with a small circular opening under blast loading; (b) shape function along the y-axis; (c) shape
function along the x-axis.

8 Advances in Civil Engineering



displacement of the slab Δpeak can be extracted for de-
formations remaining within the elastic strain range.

Substituting (18) into (8) and substituting the result into
the Kirchhoff–Love plate differential equations given by (9a)
and (9b) results in the bending stress field at the surface of
the slab in tension:

σx xo, yo( 

�
6DΔpeakπ2 sin πxo( /b(  sin πyo( /h(  b2μ + h2( 

t2b2h2 ,

(21a)

σy xo, yo( 

�
6DΔpeakπ2 sin πxo( /b(  sin πyo( /h(  b2 + h2μ( 

t2b2h2 ,

(21b)

where xo is the location of the opening along the width of the
slab and yo is its location along the length of the slab.

In the case of two-way flexure, the distribution of peak
bending stress at the surface of the slab and directly adjacent
to the opening is dependent upon the far-field bending
stress in both the x-axis and y-axis directions, as shown in
Figure 10 [38]. (e peak elastic bending stress distribution,
σθ(rx), along the rx radial distance is principally induced by
the far-field bending stress in the y-axis direction. Con-
versely, σθ(ry) along the ry radial distance is principally
induced by the far-field bending stress in the x-axis di-
rection. (e peak elastic bending stress distributions along
rx and ry are obtained from (11) using the combinations of
σ∞ and θ tabulated in Table 2.

Substituting the combinations of σ∞ and θ as tabulated
in Table 2 into (11) results in the following equations:

σθ rx(  � −
9Dπ2Δpeak
r4xt2b2h2 sin

πxo

b
  sin

πyo

h
 

· a
4

+
a2r2x
3

+
2r4x
3

  h
2μ + b

2
 ,

(22a)

σθ ry  �
9Dπ2Δpeak
r4yt2b2h2 sin

πxo

b
  sin

πyo

h
 

· a
4

+
a2r2y

3
+
2r4y

3
  h

2
+ b

2μ .

(22b)

(epeak elastic bending stress distributions along rx and
ry directly adjacent to the opening are depicted in Figure 10.

For the case of two-way flexure, reinforcement should be
positioned on each side of the circular opening as required
(Figure 11). Each region of reinforcement should be
designed to transfer the concentrated peak bending mo-
ment, Mxp or Myp, on each side of the opening such that
yielding does not occur at the wall surface. In accordance
with the principle of conservation of mechanical energy
given by (4), the concentrated peak bending moment pro-
ducing a plastic hinge is derived by integrating the peak
elastic bending stress distribution (assuming no yielding)
over the radial distance over which yielding does occur and
multiplying with the unit elastic section modulus:

Mxp �
t2

6


rxp+a

a
σθ rx(  drx, (23a)

Myp �
t2

6


ryp+a

a
σθ ry  dry, (23b)

where rxp + a and ryp + a are the radial distances at which
σθ � σY. In summation form,
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Figure 10: Far-field bending stress and resulting peak bending stress distribution along (a) rx and (b) ry directly adjacent to the circular
opening.
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Mxp �
t2

6


rxp+a

i�a

σθ rx( iΔrx, (24a)

Myp �
t2

6


ryp+a

i�a

σθ ry 
i
Δry. (24b)

(e radial distances rxp and ryp over which yielding
occurs can be solved for by substituting the known constants
into (22a) and (22b), setting the results equal to σY, solving
for rx and ry, and subtracting a. Equations (22a) and (22b)
may then be substituted into (24a) and (24b) to obtain the
concentrated peak bending moments. (e summation terms
in (24a) and (24b) may be readily solved in spreadsheet form
by summing the values of σθ at each incremental length Δrx

or Δry along the radial distance rxp or ryp, respectively.
As in the one-way case, the nominal elastic bending limit

Mnr of each reinforced region directly adjacent to the
opening should be equal to or greater than the corre-
sponding concentrated peak bending moment demand, Mxp
or Myp, as expressed by the fundamental design requirement
given by (15). (e widths of the reinforced regions resisting
Mxp and Myp should nominally be equal to rxp and ryp,
respectively, and extend longitudinally to at least beyond the
extents of the opening, as shown in Figure 11. Re-
inforcement is not required if the peak elastic bending stress
given by (22a) and (22b) does not exceed σY.

(e derived formulas (12), (14), (22a), (22b), (24a), and
(24b) employ several assumptions for the purpose of
functionality. (e formulas assume isotropic homogeneous,
linear elastic-perfectly plastic material properties and neglect
the elastoplastic transition phase through the plate-like
structure thickness. (e former assumption is accurate for
most metallic structural materials such as alloy steel but less
applicable for anisotropic nonhomogeneous materials such
as reinforced concrete [38]. (e latter assumption is suffi-
cient for relatively thin plate-like structures having a thick-
ness-to-length ratio ranging between 0.1 and 0.01 [41].
Additionally, the approach of using the plane stress obtained
from the Kirchhoff–Love plate equations for loading a cir-
cular opening in an infinite plane neglects the influence of
nearby edge supports. However, this is compensated in that
reinforcement around openings near edge supports should
be designed primarily for shear rather than flexure; openings
in regions where flexure predominates are more accom-
modating to the assumption of an infinite plane. Finally, the
formulas apply only for blast load global responses
remaining primarily within the elastic strain range. Con-
sequently, the method is inherently elemental; however, the
method is acquiescent to further analytical or empirical
refinement.

2.3.FEAVerificationofAnalytical Solution. Abaqus was used
to perform numerical verification of the peak elastic bending
stress distribution formulas given by (12), (22a), and (22b). A
series of plate-like structures each containing a small circular
opening were modeled using general purpose S4R shell
elements to verify the formulas. (e global mesh size was set
to 10 cm, with a much finer mesh size of 0.20 cm defined in
the immediate region around the circular opening. (e
typical test model configuration is shown Figure 12. Eight
test groups each containing three test models were analyzed
considering various design parameters including blast
loading conditions, model dimensions, material properties,
positions of opening, and support conditions. (e design
parameters are summarized in Tables 3 and 4. Idealized
isotropic homogeneous, linear elastic material properties
were assigned to the shell sections as outlined in Table 5.

(e blast effects software ConWep was used to calculate
the peak reflected pressure and impulse upon each model
considering various explosive charge weights and range to
the target surface as listed in Table 6. (e reflecting surface
was set equal to the target surface to account for clearing
effects [42]. Triangular blast pressure-time histories were
developed based on the calculated pressure and impulse and
used as a basis for determining the design parameters. (e
design parameters were optimized such that the blast load
response remained within the elastic strain range. (e
typical blast loading scenarios are depicted in Figure 13.

(e primary objective of the test groups was to dem-
onstrate a correlation between the derived peak elastic
bending stress distribution formulas and the FEA results.
(is is also indirect verification of the concentrated peak
bending moments given by (14), (24a), and (24b), and the

Table 2: Combinations of σ∞ and θ for use in (11) for obtaining the peak bending stress distributions along the rx and ry radial distances.

Peak bending stress
distribution

Plane stress distribution
obtained from (11)

Uniaxial far-field tensile stress, σ∞,
obtained from (21)

Angle, θ, with respect to the axis of
far-field stress

σθ(rx) σθ(rx, θy) σy 90°
σθ(ry) σθ(ry, θx) σx 90°

Simple support

Simple support
x

y

h

b

Si
m

pl
e s

up
po

rt

Si
m

pl
e s

up
po

rtReinforcement

rxp

ryp

Figure 11: Reinforcement arrangement around a circular opening
in the two-way rectangular slab.
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corresponding peak elastic strain energy developed around
the circular opening. Test groups TM-1 through TM-4 in-
vestigated the stress concentrations around the circular
opening under one-way flexural behavior and were intended
to simulate an idealized one-way hardened blast wall. Test
groups TM-5 through TM-8 investigated the stress con-
centrations under two-way flexural behavior and were
intended to simulate an idealized two-way strengthened slab.
(e peak elastic bending stress distribution formulas spe-
cifically assume isotropic homogeneous, linear elastic ma-
terial properties, and consequently, the test groups were
modeled with such material properties for the purpose of
impartial comparison with the formulas. (e intention was
therefore not to scrupulously simulate the real-life behavior
of the considered test models but rather to investigate the
correlation of the derived formulas with FEA whilst con-
sidering the aforementioned design parameters.

(ree steps were defined in Abaqus for the analysis of
each test model. In the first step, the support conditions were
defined. In the second step, a dynamic implicit step was
created with a duration equal to the blast load duration. (e
appropriate triangular pressure-time history was built into
the load definition and uniformly applied to the model
surface representing the target area. History output requests
for the out-of-plane displacement and stress field around the

h

b

y o

Circular opening

xo

x

y

(a)

rx

ry

2a

(b)

Figure 12: Typical test model configuration: (a) test model mesh; (b) fine mesh around opening.

Table 3: Test group properties.

Test
group

Support
conditions Material1 Width, b

(m)
Height, h

(m)
Circular hole diameter,

2a (cm)
Circular hole location,

xo (m)
Circular hole location,

yo (m)

TM-1 One-way Carbon
steel 8 4 15 4 2

TM-2 One-way Carbon
steel 8 4 15 4 1

TM-3 One-way Titanium 8 4 25 4 2
TM-4 One-way Titanium 8 4 25 4 1

TM-5 Two-way Carbon
steel 8 4 15 4 2

TM-6 Two-way Carbon
steel 8 4 15 6 1

TM-7 Two-way Titanium 10 8 30 5 4
TM-8 Two-way Titanium 10 8 30 8 2
1Refer to Table 5 for material properties.

Table 4: Test model thicknesses.

Test model (ickness, t (cm)
TM-1a 4
TM-1b 6
TM-1c 8
TM-2a 4
TM-2b 6
TM-2c 8
TM-3a 2
TM-3b 3
TM-3c 4
TM-4a 2
TM-4b 3
TM-4c 4
TM-5a 4
TM-5b 6
TM-5c 8
TM-6a 4
TM-6b 6
TM-6c 8
TM-7a 3
TM-7b 4
TM-7c 5
TM-8a 3
TM-8b 4
TM-8c 5

Advances in Civil Engineering 11



opening were defined. In the final step, a second dynamic
implicit step was created with a duration of 0.50 seconds and
with a time step of 0.001 seconds to simulate the free vi-
bration phase. (e blast load was set to inactive, and the
history output requests for the displacement and stress field
around the opening were propagated from the second step.
For each analysis, the history output requests for the dis-
placement were used to determine the time step at which the
peak displacement occurred. (e peak unidirectional
bending stress distribution at the tension surface and along
rx or ry at that specific time step was then extracted from the
analysis.

Concurrently, a series of dynamic SDOF blast analyses
were performed on the test groups to replicate the analysis
procedure that would be followed in the proposed method.
For each test model, an SDOF analysis was conducted in
order to obtain the peak out-of-plane displacement. (e
peak displacement was then substituted into (12), (22a), or
(22b) and the resulting peak bending stress distribution
along rx or ry was compared to the FEA results. Finally, the

concentrated peak bending moments were calculated using
(14), (24a), or (24b) for use in designing any required re-
inforcement around the circular openings. (e overall nu-
merical verification procedure is outlined in Figure 14.

3. Results and Discussion

(e peak out-of-plane displacements from the equivalent
undamped SDOF analyses and FEA are summarized in
Table 7. (e displacements were obtained at the center of
each test model at x � b/2 and y � h/2. (e typical
displacement-time history is characterized by undamped
periodic motion in the z-axis direction, as exemplified in
Figure 15(a) for the test model TM-1c. (e peak displace-
ment is achieved at the first peak during the free vibration
phase. For the one-way test models, the SDOF analyses
slightly underestimate the peak displacements compared to
FEA. (e percentage difference between SDOF and FEA
tends to reduce as the thickness of the plate-like structure
increases. Conversely, the SDOF analyses overestimate the

Table 5: Test model shell element material properties [40, 43].

Material Yield strength, σY (MPa) Young’s modulus, E (GPa) Poisson’s ratio, ] Density, ρ (kg/m3)
Carbon steel 345 200 0.30 7860
Titanium 880 114 0.34 4430

Table 6: Blast pressure and impulse imposed upon test groups.

Test group Equivalent TNT charge mass (kg) Range to target (m) Uniform peak pressure1 (kPa) Uniform impulse1 (kPa·msec)
TM-1 500 50 63.61 592.54
TM-2 500 50 63.61 592.54
TM-3 350 40 76.19 614.05
TM-4 350 40 76.19 614.05
TM-5 450 65 39.59 409.96
TM-6 450 65 39.59 409.96
TM-7 275 60 34.82 382.45
TM-8 275 60 34.82 382.45
1Reflecting surface set equal to the target surface to account for clearing effects.

Target surface

SS

SS

x

y

Range

One-way hardened
blast wall

Circular
opening

Equivalent
TNT charge

z

SS = simple support

(a)

SS = simple support

SS

SS

SS

SS
xy

Ra
ng

e

Two-way
strengthened slab

Equivalent
TNT charge

Target surface

Circular opening
z

(b)

Figure 13: Typical blast loading scenarios: (a) test groups TM-1 through TM-4; (b) test groups TM-5 through TM-8.
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peak displacements for the two-way test models compared to
FEA, and the percentage difference tends to increase as the
thickness increases. (ese minor differences may be derived
from the slight differences in global stiffness between the
SDOF models and the FEA models. (e stiffness in the FEA
models is in part dependent upon the fineness of mesh and
accounts for the presence of the circular opening. On the
contrary, the stiffness in the SDOF models is in part de-
pendent upon the assumed deformed shape and neglects the
presence of the opening. It is noted that, as per the proposed
analysis method and verification procedure, both the SDOF
and FEA models were analyzed without considering re-
inforcement in order to predict the unaltered (i.e., unre-
inforced) performance of the plate-like structures.

Equations (12), (22a), and (22b) predicting the peak
bending stress distributions around the opening are directly
dependent upon the peak out-of-plane displacement. In this
way, these formulas can be directly coupled to the peak
displacement response of a preceding dynamic SDOF blast
analysis to readily design any required reinforcement
around a circular opening. Typical bending stress contours
are shown in Figures 15(b) and 15(c) for the test model

TM-1c. (e peak bending stress distributions along rx as
obtained from (12) and FEA are shown in Figure 16 for
the one-way test groups TM-1 through TM-4. (e stress
distributions along rx and ry as obtained from (22a) and
(22b), respectively, and FEA are shown in Figures 17 and
18 for the two-way test groups TM-5 through TM-8.
Equation (12) demonstrates a good correlation with the
FEA results. Equations (22a) and (22b) tend to slightly
overestimate the stress concentrations compared to FEA.
(e correlation is strongest when the opening is located
in regions where flexural stress predominates (Figures 6
and 9). As may be expected, the correlation decreases as
the opening approaches any edge supports by virtue of
the supports having an increasing influence upon the far-
field bending stress. In all cases, the derived formulas
predict slightly greater stress concentrations directly
adjacent to the opening perimeter compared to FEA.
Overall, the formulas exhibit closer correlation to the
FEA results for the one-way test models than for the two-
way models. (ere is no apparent correlation between the
test model thickness and the correlation of stress
concentrations.

Formulate blast
loading scenario

Construct a triangular
pressure-time history

Step 1

FEA verification
with Abaqus

Equivalent undamped
SDOF analysis

Define support
conditions

Develop
test models

S4R shell
elements

Rectangular
wall or slab

Opening location

Step 2
Dynamic implicit step:

define blast load
magnitude and amplitude

Step 3 Dynamic implicit step:
free vibration

Analysis

Material assignments
and section thicknesses

History output requests for
stress field and out-of-plane

displacement around the opening

History output
requests propagated

Determine the time
step of peak

displacement

Extract bending stress
distribution at tension
surface along rx or ry

Extract peak
displacement during the

free vibration phase

Perform SDOF
analysis considering
no circular opening

Transform an load-structure
system into an equivalent
undamped SDOF system

Input into (12),
(22a), or (22b) to obtain

peak bending stress
distribution at tension
surface along rx or ry

Extract peak
displacement

Input into
(14), (24a), or (24b) to

obtain concentrated peak
bending moments

Comparison

Figure 14: Numerical verification procedure.
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Table 7: Peak displacement from SDOF and FEA.

Test model SDOF Δpeak (cm) FEA Δpeak (cm) % difference
One-way test models
TM-1a 10.3 12.3 17.7
TM-1b 4.51 5.36 17.2
TM-1c 2.48 2.89 15.3
TM-2a 10.3 12.3 17.7
TM-2b 4.51 5.33 16.7
TM-2c 2.48 2.87 14.6
TM-3a 76.2 92.8 19.6
TM-3b 33.8 40.2 17.3
TM-3c 18.9 22.5 17.4
TM-4a 76.2 90.9 17.6
TM-4b 33.8 39.7 16.1
TM-4c 18.9 22.2 16.1
Two-way test models
TM-5a 10.8 9.34 14.5
TM-5b 4.64 3.89 17.6
TM-5c 2.54 1.96 25.8
TM-6a 10.8 9.35 14.4
TM-6b 4.64 3.89 17.6
TM-6c 2.49 1.96 23.8
TM-7a 97.3 78.1 21.9
TM-7b 54.6 44.1 21.3
TM-7c 34.9 28.1 21.6
TM-8a 97.3 76.8 23.5
TM-8b 54.6 43.1 23.5
TM-8c 34.9 27.6 23.4

TM-1c: blast load-time history
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Figure 15: Test model TM-1c SDOF and FEA analysis results: (a) blast load time history and corresponding displacement-time history from
SDOF and FEA; (b) bending stress contours in the y-axis direction on the tension surface of TM-1c; (c) stress contours around the opening.
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Figure 16: Comparison of (12) and FEA derived peak bending stress distributions along rx for the test groups TM-1 through TM-4 (one-
way test models): (a) TM-1a; (b) TM-1b; (c) TM-1c; (d) TM-2a; (e) TM-2b; (f ) TM-2c; (g) TM-3a; (h) TM-3b; (i) TM-3c; (j) TM-4a; (k) TM-
4b; (l) TM-4c.
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Figure 17: Comparison of (22a) and FEA derived peak bending stress distributions along rx for the test groups TM-5 through TM-8 (two-
way test models): (a) TM-5a; (b) TM-5b; (c) TM-5c; (d) TM-6a; (e) TM-6b; (f ) TM-6c; (g) TM-7a; (h) TM-7b; (i) TM-7c; (j) TM-8a; (k) TM-
8b; (l) TM-8c.
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Figure 18: Comparison of (22b) and FEA derived peak bending stress distributions along ry for the test groups TM-5 through TM-8 (two-
way test models): (a) TM-5a; (b) TM-5b; (c) TM-5c; (d) TM-6a; (e) TM-6b; (f ) TM-6c; (g) TM-7a; (h) TM-7b; (i) TM-7c; (j) TM-8a; (k) TM-
8b; (l) TM-8c.
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(e concentrated peak bending moments given by (14),
(24a), and (24b) for the one-way and two-way test groups are
listed in Tables 8 and 9, respectively. (ese formulas are
directly dependent upon (12), (22a), and (22b). As per the
principle of conservation of mechanical energy given by (4),
if the peak elastic bending stress concentrations in the local
domain around a circular opening are accurate, then the
concentrated peak bending moments derived from the
distributions can allow for the design of reinforcement to
absorb the peak strain energy ΔUpeak around the opening
in a purely elastic form. (e summation term in the for-
mulas was readily solved in spreadsheet form by summing
the stress magnitude at each incremental length Δr along the
radial distance rxp or ryp. Considering that the elastoplastic
transition range through the plate-like structure thickness is
neglected in the derivation of (14), (24a), and (24b), the
formulas may slightly overestimate the values of Mxp and
Myp. In accordance with the design requirement expressed
by (15), this may result in a conservative design of the
reinforcement.

An inclination towards conservatism in design is gen-
erally favorable, especially with respect to blast design since
the nominal, unreduced capacities are used [1]. Nonetheless,
the results show that many of the test models do not require

reinforcement by virtue of the peak bending stress con-
centrations not exceeding the material yield strength. (e
concentrated bending moments tend to decrease when the
opening is located in regions near edge supports where
flexural stresses begin to decrease.

(e design of steel reinforcement for the test model TM-
2a is outlined as a typical example. For reinforced regions
with rectangular cross sections and composed of isotropic
homogeneous, linear elastic-perfectly plastic material, the
elastic bending limit Mnr is given as follows:

Mnr �
σYrpd2

6
, (25)

where rp is the width of the reinforced section equal to rxp or
ryp and d is the total thickness of the reinforced section.
From Table 8, the magnitude of Mxp for the test model TM-
2a is 3.37 kN·m. Also, from Figure 16, the value of rxp is
approximately 2.7 cm. As per the fundamental design re-
quirement given by (15), the required thickness of the
rectangular reinforced section can be readily determined by
setting (25) equal to Mxp � 3.37 kN·m, substituting in the
known material yield strength of σY � 345MPa, setting
rp � 2.7 cm, and solving for d. (e required thickness of the
reinforced section is solved to be d � 4.7 cm. By contrast, the
nonreinforced thickness of the test model TM-2a is t � 4 cm.
(e final idealized reinforced sections on each side of the
opening are depicted in Figure 19.

4. Conclusions

An analysis method is formulated for predicting the peak
bending stress concentrations around a small circular
opening in a plate-like structure subjected to uniform blast
loading. (e method is applicable to plate-like structures
possessing isotropic homogeneous material properties and
assumes a linear elastic-perfectly plastic response mode.
Specifically, the method allows for the determination of
concentrated peak bending moments adjacent to the
opening for the design of reinforcement that can prevent the
formation of localized plasticity. In terms of mechanical
energy, the reinforced regions are designed to absorb the
peak strain energy around the opening in a purely elastic
form. (is is under the supposition that the development of
localized plasticity around the opening is the failure crite-
rion. Specifically, the kinetic energy of the plate-like
structure may progressively dissipate or build up as plas-
tic strain energy around the opening, potentially resulting in
large deformations, rupture, or dynamic fracture during the
initial cycle or subsequent oscillations [34–36].

A set of elemental formulas is derived to achieve this
objective, focusing upon rectangular one-way and two-way
plate-like structures containing a single small circular
opening located where flexure predominates. (e formulas
are those expressed by (12), (14), (22a), (22b), (24a), and
(24b) and are directly dependent upon the predicted peak
displacement response of a blast load-structure system. In
conformance with the proposed method, the formulas are
intended to be implemented in tandem with a dynamic
SDOF analysis of the blast load-structure system.

Table 8: Concentrated peak bending moments for the one-way test
models.

Test model Mxp per (14) (kN·m)
TM-1a 8.34
TM-1b 4.88
TM-1c 1.97
TM-2a 3.37
TM-2b 1.34
TM-2c NR
TM-3a 5.24
TM-3b 2.89
TM-3c NR
TM-4a 2.07
TM-4b 0.13
TM-4c NR
NR�no reinforcement required.

Table 9: Concentrated peak bending moments for the two-way test
models.

Test model Mxp per (24a) (kN·m) Myp per (24b) (kN·m)
TM-5a 15.8 5.70
TM-5b 7.53 NR
TM-5c 4.19 NR
TM-6a 1.39 NR
TM-6b NR NR
TM-6c NR NR
TM-7a 2.03 NR
TM-7b NR NR
TM-7c NR NR
TM-8a NR NR
TM-8b NR NR
TM-8c NR NR
NR�no reinforcement required.
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(e deformed shape, characteristic shape function, stiffness,
and transformation factors for a rectangular two-way flex-
ural element are formulated. (ese same parameters are
readily available in the literature for rectangular one-way
flexural elements [3]. (e proposed method is outlined in
Figure 20 and can be readily incorporated into standard
SDOF blast design spreadsheets.

Abaqus was employed to conduct FEA verification of the
derived peak elastic bending stress distribution formulas. A

total of 24 test models subdivided into eight test groups were
investigated considering various design parameters. Overall,
the formulas demonstrate a good correlation with FEA albeit
with a conservative inclination; the formulas tend to slightly
overestimate the stress concentrations directly adjacent to the
opening perimeter compared to FEA. Additionally, the for-
mulas neglect the elastoplastic transition phase through the
plate-like structure thickness, which serves to add to the
aforementioned conservatism. However, this conservatism is
deemed favorable especially with regard to blast design.

(e method is limited insomuch by the blast load-
structure configuration that can be analyzed by way of an
equivalent SDOF system. (is is because the method is
directly dependent upon the peak displacement response,
deformed shape, characteristic shape function, and stiffness
inherent to a dynamic SDOF analysis. (e method is,
however, acquiescent to further analytical or empirical re-
finement by future investigations or experiments to extend
its applicability. Future studies could investigate the pres-
ence of multiple openings in a plate-like structure and
openings with irregular shapes. (e method could also be
refined to accommodate plate-like structures composed of
anisotropic nonhomogeneous materials.

(e overall premise of the analysis method is to provide
a more efficient and viable alternative than overgeneralized
analytical methods or high fidelity FEA for analyzing and
designing reinforcement around a circular penetration lo-
cated in a plate-like structure subjected to uniform blast
loading. (e proposed method is applicable for many typical
conditions that may be encountered during design. With
further modifications, the method has the potential to be
applicable for an even wider range of structural configu-
rations, with the remaining atypical conditions reserved for
analysis by FEA.
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