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The objective of this special issue on bridge structures is to
increase the body of knowledge on engineering, construc-
tion, and management in relation to bridges. Specifically,
it aims at bringing up to date the latest bridge research
findings, technical information, and practice on planning,
design, construction, maintenance, replacement, manage-
ment, security, and safety of highway and railroad bridges.
The call for papers addressed topics on field monitoring and
testing methods, innovative methods for infrastructure con-
struction, high-performance and high-strength materials,
bridge design and construction, rating of existing structures,
load and resistance factor design, bridge serviceability issues,
bridge management systems, aesthetics considerations, and
design codes, specifications, and standards.

In response to the call for submissions, 13 papers were
received, out of which one paper was later withdrawn. From
the remaining 12 papers, 4 papers were rejected and 8 papers
were accepted. The papers included in the special issue are on
various topics, such as field testing and finite element model-
ing of a bridge, life-cycle management system, optimization
of posttensioned bridges, barrier-overhang connection to
bridge decks, FRP link slabs in jointless bridges, pounding
effects in bridges with consideration of spatial variability
of the ground motion, hysteresis damping effect of cross-
ties on cables vibration of cable-stayed bridges, and pile
group protection with riprap mattress. Additional details and
information on the published papers are provided below.

The paper written by A. N. Daumueller and D. V. Jáuregu
is on strain-based evaluation of a steel railroad bridge. It
discusses the development of four finite-element models that
were developed to study the sensitivity of a bridge in New
Mexico to floor-system connection fixity and the ballast.

Accuracy of the computer models was verified through a
diagnostic load test based on strain measurement.

Life-cycle management strategy for steel girder bridges
is investigated by K. K. L. So et al. This article proposes an
integrated life-cycle management strategy on steel girders in
bridges in which corrosion deterioration and fatigue damage
prediction models are mapped with girders’ performance
conditions. A practical example to demonstrate the applica-
bility of the proposed strategy is also illustrated.

The paper written by B. Chang et al. addresses cost
optimization of posttensioned concrete box girder bridges
following the AASHTO LRFD specifications. Design charts
were developed with consideration of different span length,
section depth, web spacing, tendon profile, and concrete
strength. It was observed that high strength concrete enables
the achievement of significantly longer span lengths and
larger web spacing that is not achievable when using normal
strength concrete.

The same authors of the previous paper are also involved
in the next one, which is on the structural behavior and
design of barrier-overhang connection in concrete bridge
superstructures. This investigation addresses the AASHTO’s
LRFD and standard design methodologies of concrete deck
slab, deck overhang, and barrier and combined barrier-
bridge overhang. The failure mechanism, design philosophy,
and load cases including extreme event limit states for barrier
and overhang are discussed.

The paper by A. Saber and A. R. Aleti is on the behavior
of fiberglass-reinforced plastic (FRP) link slabs in jointless
bridge decks. The study includes numerical analyses and
the experimental work to investigate the behavior of the
FRP link slab and confirm its feasibility. The results showed



2 Advances in Civil Engineering

that the technique would allow simultaneous achievement
of structural need, lower flexural stiffness of the link slab
approaching the behavior of a hinge, and sustainability need
of the link slab.

A case study on the pounding effects in bridges with
consideration of spatial variability of the ground motion
is conducted by G. Tecchio et al. The study includes a
parametrical analysis of the seismic response of simple
span bridges to asynchronous earthquake ground motion.
The analysis considers a series of nonlinear time history
analyses, in which the variation of the frequency content
in the accelerograms at the pier bases was described by
considering the power spectral density function and the
coherency function.

P. G. Papadopoulos et al. investigate the hysteresis damp-
ing effect of cross-ties on cables vibration of cable-stayed
bridges. A short computer program is presented, for the
step-by-step dynamic analysis of isolated cables or couples
of parallel cables of a cable-stayed bridge, connected to each
other and possibly with the deck of the bridge, by very thin
pretensioned cross-ties and subjected to various axial forces.

The paper on pile group protection with riprap mattress
is written by C. Chreties et al. It contains new experimental
data on plan dimensions for riprap mattresses used in pile
group protection against edge failure are analyzed. The
influence of flow conditions and the distance between piles
in plan dimensions of riprap mattresses are addressed, and an
alternative methodology for the experimental study of edge
failure in pile groups is proposed and verified.

Peer reviewers are key to advancing quality of scholarly
journals. As such, the guest editors of the special issue
would like to extend special thanks to the many volunteer
reviewers who carefully read each of the articles submitted
for publication. Their observations and comments have been
a great help to both the authors to improve their papers and
to the guest editors to make objective decisions with regard
to the quality of the submissions.

Finally, we would like to acknowledge the contribution
of all authors and hope that the readers find this issue
informative and beneficial.

Sami W. Tabsh
Husam Najm
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In the state of New Mexico (USA), passenger rail began in 2008 between Belen and Santa Fe on the Rail Runner, following the
acquisition of about 100 miles of existing rail and related infrastructure. Many of the bridges on this route are over 100 years old
and contain fatigue prone details. This study focuses on a steel through-girder bridge along this corridor. To accurately evaluate
these structures for load carrying capacity and fatigue, an accurate analytical model is required. Accordingly, four models were
developed to study the sensitivity of a bridge in New Mexico to floor-system connection fixity and the ballast. A diagnostic load
test was also performed to evaluate the accuracy of the finite-element models at locations of maximum moments. Comparisons
between the simulated and measured bridge response were made based on strain profiles, peak strains, and Palmgren-Miner’s
sums. It was found that the models including the ballast were most accurate. In most cases, the pinned ended models were closer
to the measured strains. The floor beams and girders were relatively insensitive to the ballast and end conditions of the floor-system
members, whereas the stringers were sensitive to the modeling of the ballast.

1. Introduction

In the state of New Mexico, the Rail Runner commuter
rail service was established in 2008. The state purchased
about 100 miles of rail between Belen and Lamy, NM, for
this purpose, which transferred responsibility of all related
infrastructure to the state. One major responsibility that the
state acquired was the periodic inspection and load carrying
capacity evaluation of each of the bridges. The goal of this
study is to develop analytical models that accurately describe
the behavior of a steel through-girder bridge along the route
purchased by the state. It was found in the literature that
the effects of the end fixity of the floor-system members [1]
and the ballast, ties, and rails [2, 3] may be significant. This
model will subsequently be used in a fatigue evaluation. This
study will also add to the area of evaluating railroad bridges,
particularly those under commuter traffic.

1.1. Fatigue. Fatigue is generally evaluated in one of two
ways, fracture mechanics or SN methods. Fracture mechan-
ics methods often involve the equation developed by Paris

et al. [4], which relates the rate of crack growth (with
respect to the number of stress cycles) to various constants
that describe the material and the geometry/type of detail.
When rearranged, the Paris equation can yield the number
of stress cycles until failure at a given constant amplitude
stress range magnitude. This approach is not commonly
used for highway and railroad bridges in the U.S. since the
corresponding bridge design specifications [5, 6] emphasize
the SN method. This method requires curves that relate
the stress range magnitude, S, to the number of constant
amplitude fatigue cycles, N, that can be withstood by the
detail before failure (i.e. SN curves). In the AASHTO [5]
and AREMA [6] specifications, various curves are given that
describe the fatigue limits for a range of common details. The
SN curves provided in the specifications are based on full-
sized fatigue tests using a uniform probability of failure.

One issue that must be addressed in using SN curves
for bridges is that the curves are developed under constant
amplitude stress ranges, whereas real bridge live loads are of
variable amplitude since vehicles of varying weight traverse
the structure. This issue is commonly addressed in one of
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two ways. The first is to determine an “equivalent” constant
amplitude stress range, and the corresponding number of
cycles. This is done by estimating the stress histories caused
by historical truck or train traffic that has crossed the
structure. Obtaining accurate stress histories is often one
of the most difficult aspects of a fatigue evaluation since
a representative structural model is required, along with
reliable historical traffic data. Once the stress histories are
obtained, further analysis is required to obtain the stress
ranges which may be achieved by applying a rainflow
algorithm. This analysis is simplified somewhat by the fact
that the fatigue model used is typically a linear model,
meaning that repeating vehicles only need to be evaluated
once, and the result multiplied by the number of stress cycles
caused by the vehicle based on the number of crossings. The
effective stress range can then be determined as follows, using
the root mean cube of stress ranges:

SRe =
⎛
⎝∑

i

(
ni

Ntotal
S3
i

)⎞
⎠

1/3

, (1)

where SRe is the effective stress range; ni is the number
of stress cycles at the ith stress range magnitude; Ntotal is
the total number of stress ranges considered; Si is the ith
stress range magnitude. The effective stress range with its
corresponding N (Ntotal from (1)) can then be plotted and the
suitability for fatigue can be determined based on whether
that point lies above or below the corresponding SN curve.

The other common method for performing a fatigue
evaluation based on SN curves is based on the equation
developed by Palmgren [7] and popularized by Miner [8],
known as the Palmgren-Miner’s rule. This is a linear cumu-
lative fatigue estimate as given by the following equation:

D =
∑

i

ni
Ni

, (2)

where D is the Palmgren-Miner’s sum; ni is the number
of stress ranges at the ith stress range magnitude; Ni is
the number of stress cycles that can be withstood by the
detail at the ith stress range magnitude according to the
corresponding SN curve. One advantage of this method is
that the remaining life of the structure can be estimated. To
do so, the Palmgren-Miner’s sum to date is first determined
and the effect of future traffic is then approximated by
measuring the strains under live load for a representative
period of time to create a “loading block.” The same traffic
pattern can then be assumed to repeat indefinitely or increase
in volume and/or weight at some assumed rate (e.g., 5%
per year). If the traffic is assumed to remain the same, the
Palmgren-Miner’s sum of all traffic in the “loading block”
can be determined, and the remaining life may be calculated
as:

T = Df −Dh

DLB
, (3)

where T is the time until fatigue failure; Df is the Palmgren-
Miner’s sum at failure; Dh is the Palmgren-Miner’s sum to
date; DLB is the Palmgren-Miner’s sum accumulated under

Figure 1: Photograph of Rail Bridge at MP 880.37 (Algodones,
NM).

the “loading block.” The Palmgren-Miner’s sum at failure is
theoretically 1.0; however, some studies have shown that a
lower value is appropriate, particularly when the magnitude
of the stress ranges increases over time [9].

1.2. Bridge Location and Description. The state of New
Mexico’s purchase of the railroad track between Belen and
Lamy, NM, to carry the New Mexico Rail Runner required
the state to inspect and evaluate all the bridges on the line in
accordance with federal regulations [10]. Since many are steel
structures over 100 years old, fatigue may be an issue due to
the large number of trains that have crossed these structures.
Another reason for concern is that the first fatigue provisions
entered the AREMA specifications in 1910 after some of these
structures were designed [6], including the bridge evaluated
in this paper.

The bridge investigated herein is located at milepost
(MP) 880.37 near Algodones, NM and carries the railway
over an arroyo (see Figure 1). This structure is a ballast-
deck, steel through-girder bridge built in 1898. Ballasted
decks have a deck that supports crushed stone, which
in turn supports the ties and rails on which the trains
travel. Through-girder structures consist of two plate girders
located on either side of the railway; floor beams are placed
transversely and support smaller longitudinal members
called stringers, which in turn carry the deck. Currently,
this Bridge only carries Rail Runner and Amtrak trains, but
historically freight trains and other passenger trains crossed
this structure on a regular basis.

The ballast depth of Bridge 880.37 is approximately
25.4 cm from the top of the timber deck to the bottom of the
ties based on measurements taken during the last inspection
in March 2011. The treated timber ties are spaced 49.5 cm
center-to-center and are 16.5 cm high, 21.6 cm wide, and
2.59 m long. The rails are spaced at 1.44 m from inside to
inside (i.e., gauge distance) and weigh 67.5 kg/m.

The floor system of bridge 880.37 consists of two 26.67 m
long riveted plate girders that are built up using a 2.53 m ×
0.953 cm web plate and two 15.2 cm × 15.2 cm × 2.22 cm
angles for the top and bottom flanges. Cover plates that are
40.6 cm× 1.59 cm are also used; at midspan, four cover plates
are used on both the top and bottom flanges. The floor beams
are also built-up steel members that consist of a 61.0 cm ×
1.43 cm web plate and 15.2 cm × 15.2 cm × 2.06 cm double
angles. The stringers are rolled steel I 12X35 shapes that are
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Figure 2: Framing plan and sensor locations for Bridge 880.37.

rivet connected to the floor beams using 15.2 cm× 15.2 cm×
1.27 cm double angles. The girders (labeled G1 and G2), floor
beams (labeled FB1 through FB13), and stringers (labeled S1
through S4) are shown in Figure 2. All connections are made
using rivets with a shank diameter of 2.22 cm.

The deck between the floor beams consists of 14.0 cm ×
19.1 cm × 4.27 m treated timbers placed perpendicular to
the stringers and resting directly on the top flanges. Over
the floor beams, 1.27 cm thick steel apron plates bridge over
the top flange so that all loads are distributed to the floor
beams via the stringers. Timber ballast curbs are placed along
the edges of the deck to ensure that the ballast remains in
place.

2. Finite Element Models

Four static linear elastic finite-element models were devel-
oped. Models 1 and 2 only included the primary structural
members (i.e., girders, floor beams, and stringers). Fur-
thermore, model 1 used pinned connections between floor
system elements, while model 2 used fixed connections.
Models 3 and 4 were then created to more accurately model
the live load distribution by adding the ballast and track
structure to models 1 and 2.

2.1. Basic Models. In the basic models (models 1 and 2),
the primary structural members of the floor system were
modeled with frame elements. All of the frame elements were
placed in the same vertical plane to simplify the floor system
connections. Nodes were placed at locations of connectivity
and approximately 0.152 m spacing for the floor beams and
girders. For the stringers, nodes were spaced at 0.305 m
intervals and at the connection locations. Moment influence
lines were obtained using SAP2000 [11] by using a series of
load cases, each with a unit load evenly distributed to the four
stringers and representing a 0.305 m movement of the load.

Section properties were calculated for the builtup struc-
tural members. Since the girders and floor beams were
riveted, the holes needed to be considered. Rivet holes in
tension areas were deducted as per AREMA [6], whereas
rivets in compression areas were assumed effective. As a
result, the gross cross-sectional properties were used to cal-
culate compressive stresses from simulated moments, and the
net cross-sectional properties were used to calculate tensile
stresses. Table 1 shows the net cross-sectional properties for
girders and floor beams, and the gross properties for the
stringers used in the basic models.

The moment influence lines for models 1 and 2 at select
locations of the floor system members are shown in Figures
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Table 1: Section properties of the floor system members.

Area Torsional constant Ix Iy Major axis shear area Minor axis shear area Sx Sy

cm2 cm4 cm4 (∗103) cm4 cm2 cm2 cm3 (∗103) cm3

Girder X1+ 490.8 196.2 5059 540.7 241.4 174.2 3837 1108

Girder X2+ 513.7 238.7 5384 29611 241.4 200.0 3924 1457

Girder X3+ 560.0 292.9 6215 29611 241.4 264.5 4882 1457

Girder X4+ 674.2 1051 8122 47371 241.4 393.5 6302 2331

Girder X5+ 787.7 3111 10076 65128 241.4 522.6 7724 3205

Girder X6+ 901.9 7122 12078 82888 241.4 651.6 9148 4079

Floor beam 294.7 148.3 170.4 5927 86.64 125.8 5.590 291.7

Stringer 65.81 21.13 9.448 416.2 32.93 32.88 0.6194 20.48
+

X1 through X6 denotes the different girder cross-sections based on the number of cover plates.

Table 2: Section properties of rails and ties.

Area Torsional constant Ix Iy Major axis shear area Minor axis shear area Sx Sy

cm2 cm4 cm4 cm4 cm2 cm2 cm3 cm3

Rail 86.00 259.7 3921 601.0 23.47 31.09 462.1 31.05

Ties 356.5 16986 8097 13846 356.5 356.5 980.8 505.0

3 through 5. Comparing moment influence lines for models
1 and 2 shows the sensitivity of the bridge response to the
end fixity of the floor system members. It is clear that there
was virtually no effect on the girders, and only a small effect
on the stringers. The fixity of the floor system connections
did not affect the girders because the end conditions of the
girders were not changed and therefore acted as a simply
supported beam in all cases. The end fixity had the greatest
effect on the floor beams, particularly floor beam FB1,
which was likely due to bearing restraint. The bearings were
modeled as fixed in the transverse direction, and therefore
the end condition of floor beam FB1 represented that of
a fixed-ended beam. Away from the bearings, the torsional
rigidity of the girder plays a significant role in the degree of
end-fixity of the floor beams. The moment influence lines for
the stringers indicate that sharp peaks should be expected in
the simulated strain histories. However, it is anticipated that
this model may actually overestimate measured stresses since
significant longitudinal load distribution may occur due to
the 0.254 m of ballast.

2.2. Refined Models. Two additional models (models 3 and
4) were created that simulate the effect of the track structure
and ballast on the distribution of train loads. For models 3
and 4, the ballast, ties, and rails were added to models 1 and
2 (see Figure 6). Table 2 shows the section properties for the
rails and ties which were modeled using frame elements.

The ballast was modeled using elastic springs with a
stiffness calculated based on the ballast beneath the ties. The
ballast under each of the rail ties was assumed to extend a
distance of h/2 in the longitudinal and transverse directions,
where h is the ballast depth (see Figure 7). Assuming linear
elastic behavior, Hooke’s Law was used to determine the
spring constant, which amounted to 506 MN/m. The elastic
modulus for the ballast was taken as 137.9 MPa, which is
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Figure 3: Moment influence lines for models 1 and 2 at midspan
locations of floor beams FB1 and FB7.

approximately the average of the two values reported by Yang
et al. [2] and Kuo and Huang [3] of 100 MPa and 170 MPa,
respectively. In the models, the four springs beneath the tie
and above each of the stringers were assumed to work in
parallel, and therefore 1/4 of the total stiffness or 127 MPa/m
was assigned to each spring element. Moment influence lines
were created for Models 3 and 4 for comparison with models
1 and 2. Models 1 and 3 are compared in Figures 8 and 9 for
the floor beams and stringers, respectively. It is important
to note that similar to the connection fixity (see Figure 4),
the ballast had essentially no effect on the girder response
and therefore no results are shown. Since the girders are
insensitive to both the fixity of the floor-system elements and
the live-load spreading effect of the ballast, ties, and rails,
measurements from the girders may be confidently used in
a weigh-in-motion system since there are fewer parameters
that affect these strain readings. As shown in Figure 8, the
ballast slightly decreased the peak magnitude of the moment
influence line of the interior floor beam, however, no change
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Figure 9: Moment influence lines for models 1 and 3 at Bay B5 and
B6 midspan locations of stringer S2.

occurred at the end floor beam. The stringers were affected
significantly by the modeling of the ballast, track, and rails.
This is evident by the large reductions in the peak moment
influence line magnitudes shown in Figure 9. Note that
compared to the basic model (model 1) where the response
is the same for all four stringers, the reduction was greater
for the exterior stringers for model 3. The larger response of
the interior stringers can be explained by the fact that the
ties in the lateral direction act as a continuous beam over
four elastic supports. As such, the interior supports support a
greater portion of the load when the load is equidistant from
the exterior and interior stringer.

2.3. Generation of Influence Profiles. The moment influence
lines previously developed were used to simulate strain
histories for comparison to measured strains from diagnostic
load tests. This was achieved using the following matrix
operation: [M] = [IL] ∗ [L], where [M] is the moment
history; [IL] is a row vector containing the moment influence
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Figure 10: Sensor locations in Bays B5 and B6 of Bridge 880.37.

line ordinates; [L] is a loading matrix that represents a
moving train. The moment history can be easily converted
to a strain history as follows: [ε] = [M] / (S ∗ E), where [ε] is
the strain history; S is the section modulus for the member;
E is the elastic modulus for steel. The loading matrix must be
developed carefully to ensure meaningful results. Each row of
the [L] matrix represents a longitudinal location which must
correspond to each longitudinal location in the [IL] vector.
Each column of the [L] matrix represents one load step
(i.e., the first column represents the train front axle directly
above floor beam FB1, and the 7th column is 1.38 m past
floor beam FB1 using a 0.305 m increment). To simplify the
matrix, the longitudinal spacing for the moment influence
line ordinates should equal the distance the train travels for
each load case. Consequently, only the first row of the loading
matrix (which represents the train configuration) requires
user input. The matrix can be completed by entering a zero
in the first column of each row beneath the first, and the
remaining cells taken as the value of the cell above and to the
left, thus, representing the movement of the train. Further
details regarding this process are given in [12].

3. Diagnostic Load Testing

To better understand the load distribution and determine
the best-fit model of Bridge 880.37, a diagnostic load test
was performed. The sensors used in this study were strain
“intelliducers” (which self-identify to the data acquisition
system) from Bridge Diagnostics, Inc., (BDI), and the data
acquisition system was the Structure Testing System (STS)
II equipment and software [13]. The gauges were attached
to the bridge by bolting steel tabs to the sensor, which were
subsequently attached to the bare steel of the bridge using a
strong epoxy adhesive.

3.1. Instrumentation Plan and Setup. The primary purpose
of the load test was to capture the live-load distribution of

the structure. Strain transducers were placed near the ends of
selected stringers and floor beams to evaluate the level of end
fixity of the riveted connections. To assess the longitudinal
and transverse load distribution, sensors were placed on all
four stringers and both girders near the center of the bridge.
Figures 2 and 10 show the sensor locations. The gauges were
placed on the bottom of the girders and stringers, the top of
the bottom flange for the floor beams, and at the bottom of
the top flange for all members where a top sensor is used.

3.2. Train Loading and Testing Procedure. The strain trans-
ducers were attached to the structure and connected to
junction boxes which were routed to the data acquisition
box and laptop computer. Using the BDI testing software,
the system was initiated and the sampling rate was set at the
maximum of 100 Hz since the trains were traveling at full
speed (about 127 kph).

To reduce the effect of temperature and random drift
of the sensors, the gauges were rezeroed between trains.
Readings initiated on sight of the train and stopped once the
last axle of the train exited the structure. A total of six load
tests were completed under six different trains as described
in Table 3. Axle weights and spacings were extracted from
Dick [14] except those for the Rail Runner locomotive which
were found on the manufacturer’s website [15]. Table 4 and
Figure 11 describe the train configurations applied in the
load tests.

3.3. Processing of Strain Measurements. The raw strain data
was first cropped and then corrected for drift and adjusted
for a time lag that was observed in 20 of the sensors due to a
recording delay between the channels of the data acquisition
system. To crop the data, the measurements taken at floor
beam FB1 were used to determine when the train had
entered the structure for southbound trains or when the
train had travelled the length of the bridge for northbound
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Table 3: Observed configurations of trains used in load tests.

Train Number Train type Time of crossing Direction Configuration

1 Rail runner 12:30 PM Southbound 1 engine; 3 passenger cars

2 Amtrak 3:10 PM Southbound
2 engines; 1 baggage car; 4 coach;

1 diner; 1 lounger; 3 sleepers

3 Rail runner 4:45 PM Northbound 3 passenger cars; 1 engine

4 Rail runner 5:05 PM Southbound 1 engine; 4 passenger cars

5 Rail runner 5:59 PM Northbound 2 passenger cars; 1 engine

6 Rail runner 6:15 PM Southbound 1 engine; 3 passenger cars

Table 4: Engine and rail car configurations.

Weight per axle LPFC∗ AS∗ TC∗

kN m m m

Rail runner engine 322 20.7 2.74 13.1

Rail runner passenger car 122 25.9 2.90 19.5

Amtrak engine 296 21.0 2.75 13.2

Amtrak baggage car 133 25.9 1.68 18.1

Amtrak coach and lounger 178 25.9 2.59 18.1

Amtrak diner and sleeper 189 25.9 2.59 18.1
∗

Abbreviations defined in Figure 11.

AS: axle spacing

TC: truck centers
LPFC: length over pulling force of couplers

Figure 11: Definitions of abbreviations in Table 4.

trains. Sensor drift was then corrected using the following
relationship:

εn′ .adj = εn′ .measured − ε0 +
n′

N ′ ∗ (εN ′ − ε0), (4)

where εn′ .adj is the adjusted strain reading; εn′ .measured is the
raw measured strain; ε0 is the average strain before the train
enters the structure; n′ is the reading number; N ′ is the total
number of readings between the train front axle entering and
the last axle leaving the bridge; εN ′ is the average strain after
the last axle leaves the structure.

As mentioned previously, a time lag was observed in 20 of
the 36 sensors and at one location, the strain readings on the
top and bottom flanges were offset. Since the time between
the first peaks in the readings represented the time lag, the
lagging data was simply shifted to the left. Figure 12 shows
an example strain data set for a stringer before and after
processing.

3.4. General Behavior Based on Measured Strains. The mea-
sured strains for each of the six trains at all 19 instrumented
locations were processed as discussed in Section 3.3. In
general, the shapes of the strain histories were as expected
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Figure 12: Typical response for stringer S2 at Bay B5 midspan: (a)
raw strain data and (b) processed strain data corrected for drift,
time lag, and axle location.

(e.g., a peak for each set of axles and peaks of similar
magnitudes for each rail car). In Bay B6, the peak strain mag-
nitudes were smallest in stringer S1 and largest in stringer
S4, consistently increasing from west to east, as shown
in Figure 13. This behavior was only observed under the
locomotive, and possibly attributed to asymmetric weight
distribution, or some dynamic effect of the diesel engine.
Another observation was that tensile stresses developed in
the stringers, particularly in Bay B5. At the instrumented
ends of these stringers, pure tension was measured and at
midspan, the tension flange strains were significantly larger
than the compression flange strains. Similar behavior was
observed in Bay B6, but to a smaller extent. This can be
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Table 5: Neutral axis positions determined from drawings and
strain measurements.

From drawings From strain data Difference (%)

cm cm %

Floorbeams 30.5 31.2 2.9%

Girder X5 132 123 −6.3%

Girder X6 133 131 −2.0%

Stringers 15.2 18.5 21.5%

Note: Neutral axis locations taken from bottom of member.

explained by the fact that the stringers behave in conjunction
with the girders and resist some of the tensile flexural
stresses that would otherwise be resisted by the girder bottom
flanges.

Assuming linear strain distribution, the neutral axis
positions were estimated at all locations where strains were
measured at the top and bottom flanges. The average mea-
sured neutral axis positions are given in Table 5 compared
to those calculated from the as-built plans. For the girders
and floor beams, the average neutral axis locations based
on strain measurements were close to the values obtained
from the drawings. For the stringers, the average neutral axis
location based on measured strains was significantly higher,
which can be explained by the behavior discussed earlier, and
partial composite action with the deck. It was also observed
that minimal negative flexure developed at the ends of the
stringers and floor beams with two exceptions: the stringers
in Bay B5 and floor beam FB1. This may indicate negative
flexure, since the instrumented location may have been near
the points of inflection.

4. Evaluation of Best-Fit Model

The finite-element models were evaluated by comparing the
shapes of the simulated and measured strain profiles, and
also the peak strains from each passing train. It was found
that the actual train speeds varied from 125 kph to 126 kph.
The models were further evaluated based on Palmgren-
Miner’s sum for future use in a fatigue evaluation.
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Figure 14: Simulated (Model 1) versus measured response near
midspan of girder G2: (a) strain profiles for Train 1 and (b) peak
strains for all trains.

4.1. Measured versus Simulated Girder Strains. Figure 14
shows the simulated versus measured strains near midspan
of Girder G2 for model 1 since all four models behaved
nearly the same. As shown in Figure 14(a), the strains match
very well under Train 1, particularly for the rail cars, which
are represented by the three smaller peaks in the data.
For all the trains, it is also apparent that the locomotive
weights may have been overestimated since the simulated
strains consistently exceeded the measured strains under the
locomotives as shown in Figure 14(b) (locomotive strains
are represented by the first peak in the strain data). For
the Rail Runner trains, the peak strain correlation was
very close to the 1 : 1 line for the passenger cars, but as
much as 1.5 : 1 for the locomotives. For the Amtrak train,
both the locomotive and passenger cars showed higher
simulated strains compared to the measured strains. The
difference between the measured and simulated strains may
be attributed to differences in the actual weights of the rail
equipment when compared to the estimated weights taken
from the manufacturer, which were used when developing
the simulated strain histories.
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Figure 15: Simulated versus measured response at midspan of floor
beam FB1: (a) strain profiles for Train 1 and (b) peak strains for
Trains 1 and 2.

4.2. Measured versus Simulated Floor Beam Strains. Similar
comparisons were made for the floor beams however, unlike
the girders there were differences between the models.
For the end floor beam FB1, the simulated response
was significantly affected by the end fixity. As shown in
Figure 15, the pinned connection model (i.e., model 3)
significantly overestimated the measured strains whereas the
fixed connection model (i.e., model 4) resulted in a very close
agreement of peak strains, although the model does yield
some results below the 1 : 1 line.

For the interior floor beams (FB6 and FB7), it was
found that the influence of the end-fixity and ballast was
minimal. The pronounced effect of the end-fixity on the
end floor beam compared to the interior floor beams can
be attributed to the bearings and torsional rigidity of the
girders as mentioned earlier. None of the floor beams were
affected significantly by the modeling of the ballast, ties, and
rails. This is logical since, assuming the load is spread over
a relatively small distance, the difference in the distribution
to the floor beams is small. The results from this section
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Figure 16: Simulated versus measured response at midspan of
Stringer S4 in Bay B6: a) strain profiles for Train 1 and b) peak
strains for Trains 1 and 2.

show potential in guiding a bridge inspector to locations that
are more likely to experience fatigue related failure since it
was shown that the end floor beam may develop negative
moments at the ends, thus, causing stresses that were not
likely considered in design.

4.3. Measured versus Simulated Stringer Strains. The strain
comparisons are given in Figure 16 for Stringer S4 at the
midspan of Bay B6. This location was chosen since the
maximum measured stringer response occurred here. mod-
els 1 and 3 were compared since the stringers were more
sensitive to load spreading through the ballast than end-
fixity. Models 2 and 4 resulted in lower strains than models
1 and 3, respectively. The shapes of the curves also match
much better when the pinned-end models are used. Based
on the strain profile comparisons, model 3 appears to more
accurately capture the shape of the measured strains and the
peak magnitudes, although the results fell below the 1:1 line.
For this model, the simulated strains for the interior stringers
were greater than those for the exterior stringers. If the
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Table 6: Palmgren-Miner’s sums based on measured and simulated strains.

Miner’s sums Difference from measured (%)

Measured Model 1 Model 2 Model 3 Model 4 Model 1 Model 2 Model 3 Model 4

(∗10−9) (∗10−9) (∗10−9) (∗10−9) (∗10−9)

Train 1

G1B3 midspan 1.27 2.26 2.32 2.26 2.31 78% 83% 78% 82%

G2B6 midspan 2.48 4.10 4.19 4.11 4.18 65% 69% 66% 68%

FB1 midspan 4.14 53.7 2.7 51.0 2.96 1196% −34% 1131% −29%

FB7 midspan 5.38 26.2 24 22.6 26.1 387% 348% 319% 385%

S2B6 midspan 1.30 17.0 8.51 3.11 1.99 1205% 555% 139% 53%

S4B6 midspan 2.72 17.0 7.93 1.43 0.85 524% 192% −47% −69%

Train 2

G1B3 midspan 2.47 4.62 4.58 4.52 4.55 87% 86% 83% 84%

G2B6 midspan 4.09 7.95 7.92 7.81 7.90 94% 94% 91% 93%

FB1 midspan 10.4 152 8.1 150 8.86 1369% −22% 1349% −15%

FB7 midspan 12.3 80.1 66 64.2 67.6 551% 434% 422% 450%

S2B6 midspan 3.87 50.8 29.9 9.51 7.32 1211% 674% 146% 89%

S4B6 midspan 7.68 50.8 27.1 4.36 3.13 560% 253% −43% −59%
∗

G1B3 indicates girder G1 in Bay B3; G2B6 indicates girder G2 in Bay B6; S2B6 and S4B6 indicate stringers S2 and S4, respectively, in Bay B6.

maximum stringer response from model 3 (i.e., the response
for an interior stringer) is compared to the measured strains
at stringers S4, bay B6 midspan (as shown in Figure 16),
the simulated strains more closely approximate the measured
strains, and the slope of the lower-bound line is 0.81 rather
than 0.64.

Modeling the stringers requires greater care than the
modeling of the girders and floor beams since the stringers
are sensitive to both the end-fixity and to the modeling of the
ballast, ties, and rail. Correctly modeling the end-fixity is also
more difficult for the stringers than for the floor beams since
the level of fixity is affected by the rigidity of the double angle
connections and the out-of-plane rigidity of the floor beam
web. The potential contribution of the stringers in tension
and the possibility for partial composite behavior with the
deck also must be considered. Considering the many factors
affecting the behavior of the stringers, the results from the
finite-element models described the measured behavior quite
well.

4.4. Comparisons Based on Palmgren-Miner’s Sums. Apart
from the comparisons of strain histories and peak strains,
the Palmgren-Miner’s sums were determined to further
evaluate the models. For Bridge 880.37, the critical fatigue
details for the girders and floor beams are classified as
category D based on the AREMA specifications [6] and
category A for the stringers away from the connections.
To obtain the Palmgren-Miner’s sums, the strain histories
were first converted to stress histories (by multiplying
by the modulus of elasticity) which were then processed
using a rainflow counting algorithm [16] developed in
MATLAB [17] to determine the stress range magnitudes and
corresponding number of stress cycles. Subsequently, the

Palmgren-Miner’s sums were determined using the following
equation:

D =
k∑

1

ni
Ni
=

k∑

1

ni
no
∗
(
Δσi
Δσo

)3

, (5)

where D is the Palmgren-Miner’s sum; ni is the number of
stress cycles at the ith stress range magnitude; Δσi is the ith
stress range magnitude; no is the number of cycles at the
knee point of the SN curve; Δσo is the stress range at the
knee point; k is the number of different stress cycles. For the
riveted details, no is 6 million cycles and Δσo is 48.2 MPa as
specified in AREMA [6] and for the stringers away from the
connections, no is 2 million cycles and Δσo is 165 MPa.

The Palmgren-Miner’s sums based on the measured and
simulated strains vary widely between models and between
different locations for the same model (see Table 6).

Results are only shown for Trains 1 and 2; however, the
trends and percentage of differences are consistent from train
to train. The percentage of difference indicates the percentage
of difference between the measured and simulated Palmgren-
Miner’s sum for a particular location. The pinned connection
models (i.e., models 1 and 3) have higher Palmgren-Miner’s
sums than the fixed connection models (i.e., models 2 and
4) for the stringers and end floor beam locations. Models 3
and 4 have lower Palmgren-Miner’s sums than Models 1 and
2 for the stringers because of the load spreading effect. Floor
beam FB1 appears to be the least accurately depicted by the
pinned connection models. At this floor beam, the Palmgren-
Miner’s Sum based on measured strains was much smaller.
In addition, the Palmgren-Miner’s sums based on simulated
strains for floor beam FB1 were double the corresponding
values for an interior floor beam. This behavior is mainly
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attributed to the larger degree of end-fixity developed at
the end floor beam compared to the interior floor beams as
discussed earlier. Thus, the fixed connection models match
the measured data the best for the end floor beam.

At S4B6 midspan, model 3 underestimated the Palm-
gren-Miner’s sum based on measured strains; however, if
this model was used in an engineering analysis, the most
critical stringer would be used, since the member with the
highest stress ranges would be the critical member in the
analysis. The critical stringer location using model 3 is S2B6
midspan and S4B6 midspan for the measured strains. If
these Palmgren-Miner’s sums are compared then model 3 is
conservative by 14% for Train 1 and 24% for Train 2, which
would yield very good results in a fatigue evaluation. The
Palmgren-Miner’s sums for the girders and interior floor
beam were very similar from model to model, signifying
insensitivity to the end-fixity of the floor-system members
and the ballast modeling, and model 3 appeared to be the
closest to the measured values. The models overestimated the
Palmgren-Miner’s sum by 65% to 94% for Girders G1 and
G2, and by 319% to 551% for Floor beam FB7. More accurate
locomotive weights would likely lead to greater convergence
between the simulated and measured behavior.

5. Conclusions and Future Work

Based on the four models, it was found that those which
consider the ballast, ties and rails perform better than the
simpler models. For the girders and interior floor beams,
the difference in response for the four models was small
since these members were insensitive to the end-fixity of the
floor-system members and to the modeling of the ballast, but
model 3 was found to give the best results. This insensitivity
to the parameters mentioned indicates that measurements
taken at the girders may be useful in a weigh-in-motion
system since only the axle weights will likely affect the
measurements significantly. For the end floor beam, model
4 was closest to the actual response and model 2 also gave
reasonably accurate results. There was a significant difference
between the pinned and fixed ended models for the end floor
beam due to the stiffness of the bearing in the transverse
direction. Based on these results for the girders and floor
beams, the level of analysis had a small impact on the
accuracy of the simulated responses. Therefore, a relatively
simple model is sufficient if only the girders and floor
beams require evaluation; however, a slight improvement is
achieved when the ballast, ties, and rails are included in the
model.

The stringers were sensitive to both the end-fixity and
the modeling of the ballast. It was found that if the critical
stringer is evaluated, model 3 provides the most accurate
results, particularly if a Palmgren-Miner’s sum is desired for
a fatigue evaluation. Although the stringers require a more
complex model, it may not be required in many cases when
evaluating fatigue. Based on the results of this study, the end-
fixity of the stringers is minimal, and, therefore, the stress
ranges at the ends are likely to be small, thus, the midspan
of the member is critical for fatigue. Since the stringers
are rolled steel shapes, they are relatively unsusceptible to

fatigue failure, and as such an analysis utilizing a simple, yet
significantly conservative model may be sufficient to indicate
that the stringers are unlikely to pose a fatigue-related risk.
For the end floor beam, in spite of being closer to the actual
response, the simulated values were at times underestimated.
This can be remedied by applying a factor that accounts
for the modeling error. Furthermore, if this model was used
in a fatigue evaluation using the AREMA [6] specifications,
factors would also be applied to account for vertical impact
and rocking effects.

Work based on this study, including a fatigue evaluation
of Bridge 880.37 to estimate the remaining fatigue life is
published elsewhere [18]. To achieve this, representative
trains were developed for various eras dating back to the
construction of the bridge, which were used along with
the known current train traffic. These loads were then
applied to the most accurate models, as determined in this
paper. The matrix multiplication discussed in Section 2.3
can be rearranged to obtain the moment influence line for
a specific location based on strain measurements. These
influence lines can then be used to observe changes in the live
load distribution of the bridge that may indicate structural
damage. The moment influence lines can also be used in
lieu of analytical models for evaluating the bridge under
historical loading [18].
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The major problems affecting the service life of bridges are related to various factors such as fatigue-sensitive details, increased
service loads, corrosion deterioration, and the lack of proper maintenance. Among them, corrosion deterioration and fatigue
damages of structures particularly to steel girder bridges are the most common ones. Bridges of different structural forms, at
different locations or under different climates, may suffer from various degrees of deterioration. Steel girders at different positions
of a bridge may also suffer from different degrees of damage. How to effectively maintain the bridge asset at a minimal cost and how
to predict the time for future works are crucial, particularly when government funding sources become stretched. A comprehensive
bridge management framework assisting stakeholders to appropriately and reasonably prioritize their future maintenance-related
works in their bridge stocks, such that stakeholders can better allocate the limited resources, is utmost concerned. This paper
proposes an integrated life-cycle management (LCM) strategy on steel girders in bridges in which corrosion deterioration and
fatigue damage prediction models are mapped with girders’ performance conditions. A practical example to demonstrate the
applicability of the proposed LCM strategy is also illustrated.

1. Introduction

In recent decades, the long life of active use of transport
infrastructure has become a worldwide issue. The devel-
opmental spending or investment for preparation of new
infrastructures is becoming very difficult in all over the world
particularly due to the poor economic condition. The life
extension of the bridges not just makes the large economic
profit, but also alleviates the financial burden on asset
management, and effective decreases in the global warming
and other environmental pollutions in life cycle of structure.
Bridges are essential in transport infrastructure, and bridge
maintenance or replacement is one of the largest expenditure
items in the bridge life span.

In Japan, much infrastructure was constructed to support
the spreading transportation network from 1950’s to the
1970’s. Recently, many infrastructures in Japan are getting
old, and the numbers of bridges that have been in active
service more than 50 years are increasing dramatically, and
it is expected that these bridges will be more than 50,000

in 2021. From reasons, the inspection, maintenance, and
rehabilitation planning are very important problem for long-
lived active use of bridge and infrastructure [1]. In Australia,
there are over 30,000 roads and rail bridges. For example,
the Queensland government allocated $350 million towards
replacing approximately 100 old and obsolete road bridges
in regional Queensland over the next five years, from 2006
to 2010 [2]. In USA, more than 43% of the bridges are
made of steel. Currently, there are 190,000 steel bridges
(simply supported and continuous) of which over 40,000
(25%) are structurally deficient and over 35,000 (18.5%) are
functionally obsolete [3].

2. Steel Bridge Problems

The major problems affecting the service life of bridges are
related to various factors such as fatigue-sensitive details,
increased service loads, corrosion deterioration, and the lack
of proper maintenance [4]. Among typical types of damage
as shown in Figure 1, corrosion deterioration and fatigue
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Figure 1: Typical types of damage of steel superstructures.

damages of structures particularly to steel girder bridges
are the most common ones which are influenced by the
environment and the vehicle loadings and its stress ranges.

In conventional practice, inspection, maintenance, or
repair works are scheduled in accordance with the main-
tenance and rehabilitation manual and the maintenance
authority would conduct scheduled works and record all
the findings accordingly. However, the manual basically is a
typical one rather than being specially made for a particular
asset. Bridges of different structural forms, at different
locations or under different climates, may suffer from various
degrees of deterioration. Steel girders at different positions of
a bridge may also suffer from different degrees of damage.
How to effectively maintain the bridge asset at a minimal
cost and how to predict the time for future works are
important issues, when government funding sources become
stretched.

To relieve the long-term financial burden on asset main-
tenance, whole life-cycle management (LCM) concept has
been introduced in recent decade and is now getting more
important in engineering design, construction, and manage-
ment. In the whole LCM concept, the prediction of struc-
tural member deterioration is essential to plan for future
maintenance actions. This paper proposes an integrated
LCM strategy on steel girders in bridges in which corrosion
deterioration and fatigue damage prediction models are
mapped with girders’ performance conditions. A practical
example to demonstrate the applicability of the proposed
strategy is also illustrated.

3. LCM in Steel Girder Bridge

This paper proposes an integrated LCM strategy considering
three structural assessment factors altogether simultane-
ously: (1) the serviceability limit: deflection; (2) the ultimate
limits: moment and shear, and (3) the fatigue strength limit.
Clearly, the ultimate limits are not only two considerations,
moment and shear. The bearing capacity can also be affected
by corrosion. However, in common practice, if a steel bridge
will not receive proper maintenance and painting, it will
probably be constructed with bearing stiffeners to increase
the bearing capacity. In order to reduce the complexity in
showing the implementation of proposed integrated LCM
strategy, the technical analysis of bearing behavior is not
included in the paper. A steel girder bridge is provided as an
example to demonstrate the use of the proposed strategy with
corrosion deterioration and fatigue damage models being
incorporated.

4. Corrosion Deterioration Model

Except for high-performance steel such as anticorrosion
weathering steel, steel girder bridges are usually subject to
corrosion to certain degrees. If undetected over a period
of time, corrosion will weaken webs and flanges of steel
girders by reducing the material thickness and possibly lead
to dangerous structural failures [7].

In serviceability limit analysis, measurements of remain-
ing thickness of corroded steel web and bottom flange are
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Table 1: Statistical parameters for A and B [5, 6].

Parameters
Carbon steel Weathering steel

A (μm) B A (μm) B
(a) Rural environment

Mean value, μ 34.0 0.65 33.3 0.498
Coefficient of variation, σ/μ 0.09 0.10 0.34 0.09
Coefficient of correlation, ρAB — — −0.05 —

(b) Urban Environment
Mean value, μ 80.2 0.593 50.7 0.567
Coefficient of variation, σ/μ 0.42 0.4 0.30 0.37
Coefficient of correlation, ρAB 0.68 — 0.19 —

(c) Marine Environment
Mean value, μ 70.6 0.789 40.2 0.557
Coefficient of variation, σ/μ 0.66 0.49 0.22 0.10
Coefficient of correlation, ρAB −0.31 — −0.45 —

commonly considered. The effective thicknesses of webs and
flanges are reduced with time as [7]:

t f (t) = t f 0 − C(t), (1a)

tw(t) = tw0 − 2C(t), (1b)

where t f 0 = the initial flange thickness (mm), tw0 = the
initial web thickness (mm), C(t) = the average corrosion
penetration (mm) at time t.

Corrosion is influenced by the environment such as
the amount of moisture in the air and the presence of
salt. There is a common agreement that the corrosion
time versus penetration rate can be modeled, with a good
approximation, by an exponential function [8]:

C(t) = AtB, (2)

where C(t) = average corrosion penetration in micrometres
(μm) after t years, t = time (years) of exposure, A = corrosion
loss parameter after one year of exposure, and B = parameter
determined from regression analysis of experimental data.

Parameters A and B were determined by Albrecht and
Naeemi [5] and further verified by Kayser [6] as shown in
Table 1.

Researchers have pursued extensive studies to predict
time-variant corrosion propagation to capture the actual
corrosion. However, these studies often neglect the influence
of the periodic repainting effect on the corrosion process
[3, 6, 8–10].

Lee et al. [7], based on previous studies, introduced
a modified corrosion propagation model with periodic
repainting as shown in (3). Lee’s corrosion model is adopted
for service life prediction of steel girders in this paper.

pi(t) =

⎧⎪⎪⎨
⎪⎪⎩
C(t − iTREP − TCI)

m for (i)TREP + TCI

≤ t < (i + 1)TREP

pi−1(iTREP), otherwise,
(3)

where pi(t) is corrosion propagation depth in micrometer
(μm) at time t in years during ith repainting period; C is

random corrosion rate parameter; m is random time-order
parameter; and TCI, TREP = random corrosion initiation and
periodic repainting period (yrs), respectively.

5. Fatigue Damage Model

Several models have been developed to describe the pro-
cess of fatigue damage, including the S-N model, the
Miner’s linear cumulative fatigue damage model, and the
crack growth model under linear-elastic fracture mechanics
(LEFM) approach [8]. S-N and Miner’s models both have
limitation in addressing the probabilistic nature, whereas
LEFM approach based on crack propagation theory yields
more accurate results for fatigue and fracture reliability
assessment if the current crack size is measured [5]. Since the
effect of crack size is taken into consideration, this approach
yields more accurate results for fatigue and fracture reliability
assessment if the current crack size can be measured [6]. In
welded bridge details, the welding process inherently results
in initial flaws from which crack growth may occur under
cyclic loadings [9].

The commonly used crack growth model is the Paris-
Erdogan model which is simplified to determine the required
cycles for fatigue failure and this model is adopted for service
life prediction in this paper. The number of cycle required to
grow for fatigue crack can be estimated by taking integration
from initial crack dimension a0 to critical crack dimension
ac [11]. Zhao’s model equation is shown in (4):

∫ ac

a0

da
[F(a)

√
πa]m

=
∫ Nc

N0

CSmdN , (4)

where F(a) = FeFsFwFg is defined as the crack-size-
dependent correction factor; Fe is crack the shape correction
factor; Fs is the front free surface correction factor; Fw is the
finite plate width correction factor; Fg is the stress gradient
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Figure 2: Integrated LCM strategy on steel bridge girders due to corrosion and fatigue.

correction factor; S is the stress range; C is the crack growth
constant:

∫ Nc

N0

CSmdN = C
k∑

i=1

Smi (Nic −Ni0)

∫ Nc

N0

CSmdN = C
k∑

i=1

Smi (Nic −Ni0)

= CSmrMinerNT.

(5)

Since randomly variable loading was involved in every
case of fatigue crack propagation, an effective stress intensity
range was used based on Miner’s rule and the corresponding
Miner’s effective stress. SrMiner is the effective stress range
while the NT is the required number of cycles to cause fatigue
failure. The crack growth component m equal to 3 has been
observed to be applicable to basic crack growth rate data for
structural steels as well as test data on welded members. The
corresponding mean value of growth constant C was found
to be 1.26 × 10−13 [11, 12]. Equation (4) can be further
simplified to determine the required cycles for fatigue failure:

NT =
∫ ac

a0

da

1.26 × 10−13[F(a)SrMiner
√
πa]3 . (6)

Having estimated the fatigue life in cycles, NT , for the
steel component, the data on average daily traffic specific to
the bridge roadway, distribution of traffic volume per traffic
lane, and expected traffic growth in future years are used to
convert NT in terms of time measures in years. If t = fatigue
life in years, then

NT = (1 + r)tADTT(365)Sc, (7)

where r is the yearly rate of traffic volume increase, ADTT is
a random variable representing the average daily truck traffic
and Sc is a random variable representing equivalent number
of stress range cycles per truck crossing. The remaining
fatigue life will be t − t0, where t0 is the current age of the
steel component in years [13].

6. Integrated Life-Cycle Management Strategy

Corrosion deterioration and fatigue damages may weaken
structural members and result in the increment of deflection,
the reduction of ultimate bending, and shear strengths and
the reduction of fatigue strength. The above corrosion and
fatigue models with integration of predefined limits as below
form service life prediction models to predict the service
condition of steel members at any time throughout its
life.

Conventional LCM is based on fixed predefined limit
states either the serviceability limit (i.e., deflection) or
the ultimate limits (i.e., moment and shear capacities)
or the fatigue strength limit. However, it may not be
always true that the one limit dominates over one another
or vice versa in all circumstances. This paper proposes
collective considerations of the serviceability limit:deflection,
the ultimate limits:moment and shear, and the fatigue
strength limit simultaneously which are essential in the
further life-cycle cost (LCC) analysis. This proposed LCM
strategy on steel girders covering serviceability limit, ultimate
limits, and fatigue strength limit is graphically illustrated in
Figure 2.
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7. Definition of Limits

All structures have two basic requirements in common: safety
from collapse and satisfactory performance of the structure
for its intended use. The limit states usually define the
various ways in which a structure fails to satisfy these basic
requirements.

7.1. Serviceability Limit. Serviceability limit states usually
relate to satisfactory performance and correspond to exces-
sive deflection, vibration and local deformation. In this
paper, the serviceability limit is defined in terms of deflection
of a girder at any time, δ(t), in the design life. If the deflection
exceeds the code requirement, δall, a serviceability failure
is assumed to occur. It is also assumed that replacement
or rehabilitation works must be conducted before girders
reaching its deflection limit.

7.2. Ultimate Limits. Ultimate limit states usually relate to
safety and correspond to strength, stability, and very large
deformation. In the paper, the ultimate limits are governed
by the structural capacity condition in bending, M, and
shear, V , for any time in the life span. It is assumed that
replacement or rehabilitation works must be conducted
before the ultimate moment or shear capacity of the girder,
Mu(t) and Vu(t), reaches the total applied moment or shear.

7.3. Fatigue Strength Limit. The fatigue strength limit sug-
gested in this paper is defined in terms of accumulated
numbers of stress cycles at any time, N(t), throughout its life.
If the number of stress cycles exceeds to its allowable, Nall, a
fatigue failure is assumed to occur. Similarly, it is assumed
that replacement or rehabilitation works must be conducted
before reaching the limit.

7.4. Performance-Based Models. To mathematically present
the condition of structural members towards its limits
at particular time, buffer functions, F(t), measured in
percentagefor each limit are then formulated accordingly as
(8) to (11) where subscripts δ,M,V , and N for F(t) refer to
buffer functions for deflection, moment, shear and fatigue
strength, respectively, and subscripts DL, SDL, LL, and I
for M or V refer to moment or shear induced by dead
load, superimposed dead load, live load, and impact load
respectively:

Fδ(t) = δall − δ(t)
δall

, (8)

FM(t) = Mu(t)−MDL −MSDL −MLL −MI

Mu(t)
, (9)

FV (t) = Vu(t)−VDL −VSDL −VLL −VI

Vu(t)
, (10)

FN (t) = Nall −N(t)
Nall

. (11)

8. Assignment of Condition States
to the Steel Girder

In the proposed LCM strategy, four performance condition
states, Good (G), Satisfactory (S), Fair (F), and Poor (P)
are assigned to the percentage range of the deflection, the
moment, the shear, and the fatigue strength buffer as men-
tioned above, respectively. Minimum acceptable criteria for
Good (Gmin), Satisfactory (Smin), and Fair (Fmin) conditions
are also needed to be defined.

Ω j =

⎧⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎩

G Fδ(t) ≥ Gmin,

S Smin ≤ Fδ(t) < Gmin,

F Fmin ≤ Fδ(t) < Smin ,

P Fδ(t) < Fmin.

(12)

Let Ω j denote the set of possible limit states, then, j =
1, 2, 3, and 4 with respect to different limits: deflection,
bending moment, shear, and fatigue accordingly. The general
performance condition model as (12) is further modified as
follows.

Serviceability Limit. For deflection:

Ω1 =

⎧⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎩

G Fδ(t) ≥ 15%;

S 10% ≤ Fδ(t) < 15%;

F 5% ≤ Fδ(t) < 10%;

P Fδ(t) < 5%.

(13)

Ultimate Limits. For bending moment:

Ω2 =

⎧⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎩

G FM(t) ≥ 40%,

S 30% ≤ FM(t) < 40%,

F 20% ≤ FM(t) < 30%,

P FM(t) < 20%,

(14)

for shear:

Ω3 =

⎧⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎩

G FV (t) ≥ 40%,

S 30% ≤ FV (t) < 40%,

F 20% ≤ FV (t) < 30%,

P FV (t) < 20%.

(15)

Fatigue Strength Limit. For fatigue strength:

Ω4 =

⎧⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎩

G FN (t) ≥ 40%,

S 30% ≤ FN (t) < 40%,

F 20% ≤ FN (t) < 30%,

P FN (t) < 20%.

(16)

The percentage ranges of buffers for different limit
states are in fact various dependent on the stakeholders’
decisions. Several factors, such as long-term costs, project
risks, environmental policies, or local maintenance practices,
may affect the decision of stakeholders. In this paper, for
demonstration purpose, the percentage ranges of buffers are
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assumed as shown in (13) to (16) and “F” condition state
is also assumed as the minimum acceptable condition level.
Once acceptable service condition states for each limit have
been predefined, future replacement or rehabilitation works
shall be carried out at the time before reaching its acceptable
condition limits. The predicted action time will then be
adopted in the life-cycle cost model for the subsequent cost-
benefit analysis.

8.1. Options for LCM Strategy. In the proposed LCM strategy,
the service life limits are generalized as three options.

Option 1: Serviceability Limits Control. Deflection:

tlim = Fδ(t) < 5%. (17)

Option 2: Ultimate Limits Control. Shear and moment
capacities at time t:

tlim = FV (t)or FM(t) ≤ 20%. (18)

Option 3: Fatigue strength Limit Control. Fatigue strength at
time t:

tlim = FN (t) ≤ 20%. (19)

9. Methodology of the Integrated
Life-Cycle Cost (LCC) Model

LCC model is commonly used as the basis to evaluate the
cost effectiveness of different management strategies. In the
model, proper actions taken at appropriate time are a crucial
element for the model accuracy. The LCC of a structure is
a combination of the present values of all future costs of
occurring within the life span of the structure. The minimum
expected LCC denoted as LCCET has been the most widely
used criterion in design optimization of new structural
systems considering lifetime performance. The mathematical
presentation of the expected LCC of a structure over T years
of life span can be generalized as:

LCCET =
n∑

i=1

T∑

t=0

(
βi(t)

Ci(t)

(1 + r)t

)
, (20)

where LCCET is expected total life-cycle cost, Ci(t) is cost
of future action i at time t, βi is probability of occurrence
of future action i, r is a discount rate (constant discount
rate assumed in the paper), i is type of future actions, t is
time in year, and T is service life span in years. The cost
of future actions can be further subdivided into expected
design cost Cdes(t), expected construction cost Ccon(t),
expected inspection cost Cins(t), expected maintenance cost
Cm(t), expected replacement and rehabilitation cost Crep(t),
expected demolition cost Cdem(t), and expected failure
cost Cfai(t), respectively. To assist better understanding of
possible strategies-induced costs, the scopes of inspection,
maintenance, and replacement and rehabilitation works are
defined and elaborated.

10. Inspection, Maintenance, and Replacement
and Rehabilitation Strategies

10.1. Inspection Strategy. Inspection strategies vary, depend-
ing on the policy of the stakeholders. Frequent inspections
provide more updated information for future maintenance
plans. However, the LCC of inspection work is usually
insignificant in comparison to the whole LCC of the
structure, and a cost-effective management approach should
be maintained [17]. The cost of inspection work (Cins) is
generally categorized into two kinds with defined scopes as
follows.

(1) General Inspection (Cins,1) A visual inspection can
be conducted annually for obvious defects which might lead
to safety problems or lead to loss of use of the structure or
restriction of use [17]. Visual inspections allow discovering
the rusting or loss of material sections. Steel members should
be examined regarding (i) the condition of its protective
system including protective painting or galvanizing; (ii) the
condition of materials towards corrosion; (iii) the condition
of connections; (iv) cracking or fracture defects; and (v)
structural deformation or distortion.

(2) Detailed Inspection (Cins,2) Inspection work includes
visual examination of all visible and accessible parts of a
structure. Some minor nondestructive inspection (NDI) of
representative areas would be carried out. NDI methods
commonly include radiography and ultrasonics for the
determination of internal defects while dye penetration and
magnetic particle inspection for the detection of surface
defects. The purpose of detailed inspection is to verify the
deterioration state of the structure, if it is on the schedule
R&R plan. Thus, the detailed inspection time is adjusted
based on simulated R&R time. It is assumed that detailed
inspection works shall be conducted before replacement or
rehabilitation works taken place [18].

10.2. Maintenance Strategy. Maintenance of protective coat-
ings is important for visual and physical preservation of
steel components. A durable paint combination with long
maintenance intervals is not only an economical but also an
environmentally acceptable solution [18]. Typically, there are
three types of coatings for corrosion rate reduction which
are paints, steel galvanizing, and oxidized steel formed on
weathering steel of a combination of these coatings. Because
of the difficulty in galvanizing large sections of steel elements,
the industry has generally used paints for protection. Paints
or high-performance coatings, as some of the newer systems
are known, are separated into three categories: the inhibitive
primer, the sacrificial primer, and the barrier coat [19]. Once
defects on coating surface have been found, proper cleaning
on the surface and subsequent repainting works should be
taken place.

10.3. Replacement and Rehabilitation (R&R) Strategy. Re-
pairing process of steel structural elements usually in many
cases is very complex and it requires the use of advanced
material solution and techniques. The most important
damage to the steel bridge elements can be classified into
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Figure 3: Replacement and rehabilitation methods for conventional steel girder.

Table 2: Proposed replacement and rehabilitation action set.

Action description Action matrix Possible replacement and rehabilitation methods

Do nothing Rep, 1 Observation

Minor repair Rep, 2
Corrosion removal, surface cleaning, degreasing, and repainting

Rectify deformed parts

Major repair Rep, 3 Removal/cut defects and parts and repainting

Rehabilitation repair Rep, 4

Removal/cut defects and parts, strengthening, and repainting

Structure strengthening by steel plate

Structure strengthening by CFRP

Structure strengthening by external tendons

Replacement Rep, 5 Structure replaced by new members

three groups: (i) corrosion destruction of the members
and/or their joints; (ii) fatigue effects in steel and its brittle
fracture; (iii) mechanical fracture, including collision, of the
elements themselves and/or the joints.

Before carrying out any rehabilitation works, the cause
of defects and the severity of such defects towards the main
structural system should be identified and subsequently
analyzed. Depending on the severity and the type of damage
causes, different rehabilitation techniques can be applied.
General classification of the typical R&R methods for steel
girder is proposed and illustrated in Figure 3. Any R&R
work should be considered individually and it should be
preceded by evaluation and assessment of the condition of
the structure, the relevant theoretical analysis as well as the
selection of an appropriate repair technology [20].

Regarding the degree of R&R works, it may be classified
into five different actions as shown in Table 2 and defined
with specified meanings and scopes.

(1) Do nothing (Rep, 1): it means no action is carried
out and there is no change in the condition of the
structure.

(2) Minor repair (Rep, 2): it provides no improvement
in durability performance but slows the deterioration
rate such that the condition of the structure or
its components could be maintained for a certain
further period.

(3) Major repair (Rep, 3): it provides no improvement
in durability performance but restores the durability,
structural strength, and function or appearance of the
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Table 3: Moments and shears due to dead and superimposed dead loads (MDL, MSDL,VDL, and VSDL).

Girder nos. Position
Due to dead load Due to superimposed dead

Mean MDL (kNm) Mean VDL (kN) Mean MSDL (kNm) Mean VSDL (kN)

1 and 5
Mid span 1,185.30 — 612.20 —

End of cover plate 314.47 — 162.42 —

Support — 169.33 — 87.46

2, 3, and 4
Mid span 1,185.30 — 214.67 —

End of cover plate 314.47 — 56.95 —

Support — 169.33 — 30.67

915 915

Left
lane

Right
lane

G1 G2

Concrete parapet 

865

G4G3 G5

191 mm thick concrete deck

slab and 122 kg/m2 wearing

surface

W36 × 245 rolled

steel girder (G)

386 × 10 mm

thick cover plate
4 × 1830

Figure 4: Typical cross section of two-lane rolled steel girder bridge (unit: mm).

structure. The condition of the structure or its com-
ponents is improved. However, similar damage may
reoccur during the remaining life of the structure
such that subsequent repair work is expected. The
condition of the structure will be reset to the initial
condition after major repair work.

(4) Rehabilitation repair (Rep, 4): it restores the durabil-
ity, structural strength, and function or appearance
of the structure and improves the durability perfor-
mance of the repaired structure or its components.
Similar damage may occur later with lower probabil-
ity. The condition of the structure will be reset to the
initial condition after the work.

(5) Replacement (Rep, 5): it refers to the replacement
of existing members, which may improve local
capacity, durability of the structure, and so forth. The
condition of the structure will be reset to the initial
condition after the work.

11. Example of LCM Strategy of Steel
Girders in Bridges

A simply supported composite steel girder bridge with
rolled-beam stringers is adopted as an example to illustrate
the proposed LCM strategy. The bridge has a simple span of
28.0 m with two-lane traffic in the same direction. 191 mm
thick concrete deck slab with wearing surface at weight
122 kg/m2 is supported by five rolled steel girders at size W36
× 245. Each girder has a welded cover-plate with size 386 ×

10 mm thick under bottom flange. 865 mm high of concrete
parapets are installed at both sides. The distance from each
end of the cover plate to the adjacent bearing is 2.0 m. The
cross section of the bridge is shown in Figure 4.

11.1. Loading Analysis

11.1.1. Dead and Superimposed Dead. It is assumed the dead
and superimposed dead loads are normally distributed with
coefficient of variation (C.O.V.) 0.1 [9, 10, 21]. The induced
mean moments at the mid span and the end of cover plate
and the induced mean shears at end supports are calculated
and summarized in Table 3.

From Table 3, the maximum bending moment at mid
span is 1,798 kNm, the bending moment at the ends of
cover plates is 476.89 kNm, and the maximum shear load
at supports is 257 kN for Girder Nos. 1 and 5. Whereas, for
Girder Nos. 2, 3, and 4, the maximum bending at mid span
is 1,400 kNm, the bending moment at ends of cover plates
is 372 kNm, and the maximum shear load at supports is
200 kN.

11.1.2. Live and Impact. The live load on the bridge is
assumed due to traffic only. Girders moments and shears
summarized in Table 4 are calculated based on the survey
results of Nowak [21] with literature references in which the
average daily truck traffic (ADTT) is 5,000 with 66% of the
cases that a truck was in the left lane, 33% of the cases that a
truck was in the right lane, and 1% of the cases that trucks
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Table 5: Statistical parameters of random variables for the illustrative example.

Parameters Materials Variables Mean (μ) C.O.V.(1) (σ/μ) Distribution Sources

Corrosion deterioration rate

Carbon steel
A 70.6 μm 0.66

LN(2)

[5, 6]

B 0.789 0.49

ρAB −0.31 — —

Weathering steel
A 40.2 μm 0.22

LN
B 0.557 0.10

ρAB −0.45 — —

Corrosion Initiation — TCI 15 yr 0.30
LN [7]

Repaint duration — TREP 20 yr 0.25

Initial crack dimension

Structural steel

a0 0.762 mm 0.5
LN [14]

Crack growth constant C 1.26× 10−13 0.63

Crack growth exponent m 3
— Constant [15]

Critical crack dimension ac 0.0254 m

Fracture toughness KIC 43.97 MPa m0.5 0.19 TN(3) [10]

Compressive strength Concrete fc 21 MPa(4) 0.19
LN [9]

Yield stress Steel Fy 248 MPa 0.10

Modulus of elasticity
Concrete Ec 30,000 MPa 0.20

LN [16]
Steel Es 210,000 MPa 0.06

Deck slab thickness Concrete tc 191 mm 0.20 N(4) [14]
(1)C.O.V.: coefficient of variation.
(2)LN: lognormal distribution.
(3)TN: truncated normal distribution.
(4)N: normal distribution.

Table 6: Deflection of steel girder bridge with cover plate.

Years
Nominal corrosion penetration (mm) Nominal maximum deflection (mm)

Carbon steel
without coat

Carbon steel
with coat

Weathering
Steel

Carbon steel
without coat

Carbon steel
with coat

Weathering
steel

0 0.000 0.000 0.000 29.332 29.332 29.332

10 0.434 0.000 0.145 29.554 29.332 29.405

20 0.750 0.251 0.213 29.719 29.460 29.440

30 1.033 0.251 0.267 29.870 29.460 29.468

40 1.297 0.503 0.314 30.012 29.589 29.492

50 1.546 0.503 0.355 30.149 29.589 29.513

60 1.786 0.754 0.393 30.282 29.721 29.533

70 2.016 0.754 0.428 30.413 29.721 29.551

75 2.129 0.754 0.462 30.478 29.721 29.560

were in both lanes [9, 10, 14]. It is also assumed that the
live load from vehicles is kept unchanged throughout the
bridge’s service life. To account for the dynamic effects of a
vehicle riding over the bridge, an impact factor is adopted
as a multiplier. The impact fraction of live load according
to ASSHTO Specification (2004) [22] is 0.231. The moment
and the shear due to impact will then be added on the live
load schedule.

11.2. Service Life Prediction

11.2.1. Serviceability Limit: Deflection. Corrosion reduces
the effective cross-section and occurs mainly at the web
and the top of bottom flange of steel girders. Reduction

of section area leads to weaken the flexural strength and
the shear strength and increases the deflection of bridge
deck under service loadings. According to the ASSHTO
specification, the deflection limit due to live load plus impact
is span/800 = 35 mm for typical highway bridges. In order to
investigate the long-term effectiveness of different preventive
measures of steel girders, three scenarios include carbon
steel without protective paint, carbon steel with protective
paint, and weathering steel are compared. The steel bridge
is modeled against corrosion in marine environment based
on the statistical parameters listed in Table 5. The nominal
maximum deflections under three different scenarios are
calculated according to (1) to (3) and summarized in
Table 6.
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Figure 6: Moment buffer over life span of carbon steel girders.

The deflection buffer against time over the life span
is plotted in Figure 5. Results show that the deflection for
girders without any protective systems is the highest one
while the deflection for girders made of weathering steel is
the lowest. According to the proposed management strategy,
throughout the 75 years service life, none of steel girder types
falls below the fair condition state (i.e., “F”—State) in the
Deflection Condition State Set (i.e., (13)). In other words,
no R&R works for deflection is expected throughout the life
span.

11.2.2. Ultimate Limits—Moment and Shear. It is assumed
that R&R actions only be taken places when condition
reaches “P” state range in accordance with (14) and (15).
Simulated time to reach “P” state in terms of moment and
shear buffer limits at 80 percentile value are plotted in Figures
6 and 7 respectively. Concerning the moment condition,
result shows that Girder No. 1 will reach the moment buffer

limit in the 26th year and the other girders will remain “F”
state and “S” state throughout the life span. As to the shear
condition, results demonstrate all girders will remain “G”
state that means shear stress causes insignificant impact to
girders.

11.2.3. Fatigue Damage Limit. The maximum live load
model developed above is insufficient to determine the
effective range of the stress intensity factors. For fatigue
analysis, the loading effects are modeled by the fatigue truck
provided in the American Association of State Highway
and Transportation Officials (AASHTO) specification with
gross weight 240 kN. Each truck passage is assumed to
cause one stress cycle only. Under repeated tensile stresses,
fatigue cracks may form at the end weld of the cover plate
and penetrate into the bottom flange. Under given bending
moment in a girder, the critical fatigue stress is located in the
bottom flange at the end of cover plate such that it should
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Table 7: Time (year) to “P” state of fatigue buffers.

Girder no. Time

G1 48

G2 43

G3 47

G4 50

G5 62

be calculated based on the cross section of the girder without
cover plate. The service life of each girder is simulated based
on the statistical parameters in Table 5 and the simulated
time for each girder to reach its “P” state is summarized in
Table 7.

Results show that girder no. 2 is the most sensitive girder
to the fatigue damage, and it will reach the fatigue limit in
the 43rd year.

12. Discussion

There are two important messages incurred from the
example: (1) fatigue damages may not always dominate.
Conventional LCM is in accordance with fixed predefined
limit states either the serviceability limit or the ultimate
limits or the fatigue limit. However, it may not be always valid
that one limit dominates over one another or vice versa under
all situations. Results demonstrate that the earliest simulated
replacement or rehabilitation time for girders under bending
stress is in the 26th year while the earliest simulated repair
time for girders under fatigue damages is in the 43th year
and (2) service lives of each girders are various. Conventional
management approach treats all girders on equal ground.
However, some girders may deteriorate faster than expected
and some may not. In the case of fatigue damages, girder
no. 5 has the longest life while girder no. 2 has the shortest

one. Concerning the bending failure, the most critical one is
girder no.1 while the least are girder nos. 4 and 5.

Service life prediction models integrated into the man-
agement strategy could provide a better picture for the
stakeholders to identify the sensitive steel girder under
corrosion deterioration or fatigue damages. Other factors
affecting the condition of steel girders are neglected in the
paper. However, steel components damages are definitely not
conclusive to these two types.

Moreover, proposed acceptable limits can be further tied
into reliability index if sufficient statistical information of
the parameters in deterioration models is available. The
rehabilitation time can be determined by the predefined
reliability index value. Even though the reliability assessment
has not been incorporated in this paper, the proposed LCM
concept is not affected.

Furthermore, owing to the lack of sufficient cost data, the
paper only addresses the LCM strategy and the methodology
of service life prediction models being integrated into
the LCC model. If sufficient financial data is available,
it could provide further decision making information for
selecting the most appropriate management strategy by LCC
comparison.

13. Further Research Approach

Further research approach on the proposed flow for LCM
strategy on steel girder in bridges as shown in Figure 8 can be
conducted to test and verify its practicability. The proposed
verification approach is categorized into 7 stages from Design
Stage to Analysis Stage. However, some key important data
should be obtained in the investigation stage prior to the LCC
analysis process.

(1) Cost Data. Collection of possible future cost data is
necessary to provide further decision making information
for selecting the most appropriate management strategy.
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The cost of different types of future work should comprise
inspection, operation, maintenance, management, repair,
rehabilitation, replacement, demolition and failure.

(2) Historical Data. Collection of historical repair or reha-
bilitation data can be used to estimate the probability of
any occurrence in case the future action time could not be
predicted by appropriate deterioration models.

(3) Deterioration Mechanism. Steel component damage is
definitely not exclusive to corrosion deterioration and fatigue
damage. In the study, other factors affecting the condition
of the steel girders are neglected. In fact, the bearing
capacity of the steel girders and deterioration of other bridge
components such as bridge bearings, expansion joints, and
profile barriers could be incorporated into the LCM strategy.
The proposed LCM strategy can be further enlarged.

14. Conclusion

Technical review on structural steel corrosion and fatigue
models is addressed in this paper. However, in order to
properly develop a LCM strategy for steel bridges in partic-
ular regions, it is necessary to consider some adjustments of
parameters on the service life prediction models to suit the
regional characteristics and needs. Further investigations on
different empirical models under Hong Kong environments
will be undertaken to identify the most appropriate empirical
models for service life prediction purpose.

This paper proposes an integrated LCM framework
assisting stakeholders to appropriately and reasonably prior-
itize their future maintenance-related works on steel girders
in their bridge stocks such that stakeholders can better
allocate the limited resources. In the framework, corrosion
deterioration and fatigue damage prediction models are
mapped with girders’ performance conditions on deflec-
tion, ultimate moment and shear capacities, and fatigue
strength limit simultaneously. The illustrative example on

the proposed strategy on steel girders is also provided to
demonstrate its applicability.
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With the Federal Highway Administration-mandated implementation of the LRFD specifications, many state departments of
transportation (DOTs) have already started implementing LRFD specifications as developed by the AASHTO. Many aspects of
the LRFD specifications are being investigated by DOTs and researchers in order for seamless implementation for design and
analysis purposes. This paper presents the investigation on several design aspects of post-tensioned box girder bridges designed by
LRFD Specifications using conventional or High-Strength Concrete (HSC). A computer spreadsheet application was specifically
developed for this investigation. It is capable of analysis, design, and cost evaluation of the superstructure for a cast-in-place post-
tensioned box girder bridge. Optimal design of a post-tensioned box girder is achievable by correct selection of design variables.
Cost evaluation of superstructures with different geometrical and material configurations has led to the development of optimum
design charts for these types of superstructures. Variables used to develop these charts include, among others, span length, section
depth, web spacing, tendon profile, and concrete strength. It was observed that HSC enables the achievement of significantly longer
span lengths and/or longer web spacing that is not achievable when using normal strength concrete.

1. Introduction

American Association of State Highway and Transportation
Officials (AASHTO) standard specification [1] has been the
main bridge design specification in the United States since
the 1940s. During the last two decades, there have been
significant developments in concrete bridge design methods
and utilization of new concrete materials. The implementa-
tion of load and resistance factor design (LRFD) and the use
of High Strength/High Performance Concrete (HSC/HPC)
are important subjects of investigation. The state DOTs have
increased the use of HPC/HSC concrete and implementation
of the AASHTO LRFD specification [2]. LRFD is based on
the latest developments in structural analysis and materials
to assure desired serviceability and ultimate behavior, safety,
aesthetics, and economy. It benefits the valuable experiences
of AASHTO allowable stress design (ASD) and load factor

design (LFD) methods, which have been in use since the
1940s and comprise the Standard specification.

This new specification resulted in design procedures
significantly different compared to the earlier methods. The
new LRFD specification is based on a probability-based
approach in which load and resistance factors are based on
a specific level of structural failure [3]. The changes in the
new LRFD design methods are significant and challenge the
bridge engineers working with standard specification for so
many years.

In the present work, a detailed investigation was per-
formed on different aspects of cast-in-place (CIP) post-
tensioned box girder bridges. These include a general
comparison of the two design specifications, utilization of
post-tensioned high-strength concrete and cost based design
optimization of the prestressed box girder bridges. A
comprehensive spreadsheet was developed which enables
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Figure 1: Comparison of moment envelopes due to only dis-
tributed live load plus impact for 180 ft single-span box girder with
eight webs spaced at 9 ft.

the user to input almost every necessary design parameter
and perform the analysis, design, and cost estimate of a post-
tensioned box girder bridge superstructure according to both
AASHTO standard and LRFD specifications. A copy of the
program is obtainable by contacting the authors.

2. Design Comparison

Different design parameters were studied for the comparison
of the newer LRFD and the older standard AASHTO
specifications. These include live load bending moment and
shear force envelopes, service and factored bending and shear
envelopes, bending capacity, moment and shear distribution
factors, prestressing losses, designed number of prestressing
strands, and superstructure cost.

2.1. Live Load and Load Combinations for Moments. LRFD
HL-93 live load is by itself significantly heavier than the
standard HS-20 loading, but this difference will partly offset
by the introduction of completely new live load distribution
methods, service, and ultimate load factors. Figure 1 shows
live load bending moment envelopes for HL-93 and HS20
(live load plus impact effects) which was calculated based on
the whole cross-section, 55 m (180 ft) single-span box girder
with eight webs spaced at 2.75 m (9 ft). According to the
figure, an approximate 70% increase in moment is observed
with the LRFD HL-93 live load.

When the combined effect of live and dead loads is
considered, two different service load combinations (service
I and service II) are used in LRFD method when allowable
compressive and tensile stresses need to be checked in
prestressed concrete members. Figure 2(a) compares all three
cases, showing that moments by the LRFD method are very
close to that of standard specification (approximately 9% and
4% increases for Service I and II, resp.)

(i) standard specification service DL + (LL + I).

(ii) LRFD service I DL + (LL + I), 9% increase in
moments compared to standard.
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Figure 2: Comparison of moment envelopes for 180 ft single-span
box girder with eight webs spaced at 9 ft.

(iii) LRFD service III DL + 0.8 (LL + I), 4% increase
in moments compared to standard.

This is because live loads are much smaller than dead
loads in a concrete bridge, and the distribution factor is
smaller for LRFD. These will significantly offset the effect
of the large LRFD HL-93 live load. The ultimate moment
envelope combinations for standard design and LRFD spec-
ifications were also compared, and the results are shown in
Figure 2(b). The following shows the load combinations:

(i) standard specification LFD combination: Mu =
1.3(MD + 1.67MD+I) = 1.3MD + 2.17ML+I ,

(ii) LRFD load combination: Mu = 1.25MD +
1.75ML+I (approximately 4% increase).

According to formulas shown above, standard design
method gives higher-load factors and smaller-distribution
factors as compared to LRFD. These will significantly offset
the effect of higher LRFD HL-93 live load.
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Figure 3: Comparison of shear force envelopes for 180 ft single-span box girder with 8 webs spaced at 9 ft.

2.2. Live Load and Load Combinations for Shears. In case of
the live load shears, it is seen that LRFD gives a significantly
higher shear force (up to 180% of those for the standard
specification) as shown in Figure 3(a). This is because the
LRFD shear distribution factor is significantly larger than the
one in standard specification. Factored shears are compared
in Figure 3(b) and the figure shows an approximately 30%
increase in the use of the LRFD specification.

2.3. Distribution Factors. Live load distribution is one of the
most important factors for a bridge design and the evaluation
of existing bridges, and it has been the basis for design
for several decades. The standard design specifications and
LRFD specifications contain simplified methods to compute
the live load effects. The new specification considers several
structural properties of the bridge deck such as girder
spacing, number of cells, and span length, and the examples
are shown in (1) and (2) for LRFD and Standard, respectively,
which shows how much the span length affects the factor.

(DF)LRFD =
(

13
Nc

)0.3( S

5.8

)(
1
L

)0.25

,

for interior girders (two or more lanes),

(1)

(DF)Standard = S

14
, (2)

where L is span length, ft, S is girder spacing, ft, NC is number
of cells, NG is number of girders (NG = NC + 1), L is span
length, ft, and S is girder spacing, ft.

Live load distribution is one of the most important
factors for a bridge design bridge and for the evaluation of
existing bridges, and has been the basis for design for several
decades. The standard design specifications and LRFD
specifications contain simplified methods to compute the
live load effects. Extensive research work has been conducted
for the live load distribution factors and for simplifying the
equations [4–10].

Barr et al. [4] conducted an evaluation of flexural live
load distribution factors for a series of three-span prestressed
concrete girder bridges. In their work, the response of one
bridge, measured during a static live load test, was used to
evaluate the reliability of a finite-element model scheme.
Bishara et al. [5] studied distribution factor expressions for
wheel-load distribution to interior and exterior girders of
concrete on multisteel beam composite bridges of medium
span length. According to the work, the derived distribution
factor expressions give values that are generally much
lower than the current AASHTO values, particularly for
skew bridges. In the National Cooperative Highway Research
Program (NCHRP) Report 592 [9], the research provided live
load distribution methods which are simpler than present
LRFD methods, and hundreds of bridges were analyzed with
finite element analysis and simplified methods. The LRFD
equations were developed based on the NCHRP Project 12–
26 [10] and influenced a wide variation in modern bridge
design.

A comparison of the distribution factors variation with
span length can be seen in Figure 4. As shown in the figure,
the LRFD predicts significantly lower values reducing with
a span increase, while standard specification gives a higher
value independent of span length.

2.4. Prestressing Steel Comparison. As discussed earlier, the
LRFD live load (HL-93) is by itself significantly greater
than the one compared to the standard specification live
loading (HS20). For the design of prestressed members, it is
considered in LRFD only 80% of the live load plus impact
in its service III load combination (also refer to Figure 2).
This load combination is specified only for the design of
prestressed members when the tensile stress in the concrete
needs to be checked. As an example, the designed number
of strands for the same bridge using both methods is shown
in Figure 5(a). The number of required strands in LRFD
shows no significant difference with that of obtained by
standard specification. This was examined for different girder
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Figure 5: Comparison in box girder (seven cells spaced at 9 ft) for
different span length.

geometries and span lengths. It was also observed that the
amount of extra steel strands required by LRFD is about 3 to
4% more as compared to the standard specification.

2.5. Prestress Losses. Apart from the new formulation for pre-
stressing loss due to elastic shortening in LRFD-C5.9.5.2.3b
[2], other loss calculations remain unchanged. Figure 5(b)
shows a comparison of final prestress losses and that the final
loss predicted by LRFD is approximately 6% more than the
losses predicted by the standard specification.

2.6. Moment Capacity. Moment capacities were calculated in
accordance with both standard specification and LRFD. The
same formulation of standard specification for rectangular
sections is used in LRFD. Other parameters mentioned
previously have minor effects and the resulting moment
capacities are very close as shown in Figure 5(c).

2.7. Superstructure Cost. Superstructure cost for post-
tensioned cast-in-place concrete box girder was calculated
based on the cost estimates of similar recent projects in
Arizona. Similar span-to-depth ratios, web and bottom slab
thickness, and reinforcements were used for both methods.
Differences in design parameters appeared to be the number
of strands and deck reinforcements. The LRFD introduces
two design methods for deck reinforcement, and the tra-
ditional method in this paper was used with slightly lower
steel reinforcement. Among two methods, the total cost in
standard specification is slightly lower when using LRFD
(Figure 6).

3. Web Spacing

Web spacing S is an important parameter affecting other de-
sign variables as follows:

(i) distribution factor (DF) is directly dependent on a
value of S for both methods, and as it is seen in
Figure 7, LRFD predicts smaller moment distribution
factors than standard (see (1) and (2));

(ii) top slab (deck) thickness and reinforcement are both
dependent on web spacing;

(iii) superstructure weight is depending on the number of
webs and top slab thickness;

(iv) prestressing steel area and superstructure cost are
dependent on web spacing.

In the study of the effect of web spacing on other param-
eters, a box girder with 45.7 m (150 ft) span length and con-
stant width of 30.5 m (100 ft) was considered. The web spac-
ing varied from 1.83 to 5.18 m (6 to 17 ft). For each case, deck
thickness, deck reinforcement, and prestressing strands were
designed.

3.1. Optimum Web Spacing. The optimum web spacing for
the box girder was considered to be the spacing for which
the superstructure cost is minimized. Superstructure cost
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width, and varying web spaces).

was determined based on the cost estimates of recent similar
project in Arizona. In the design process, all design con-
straints such as the maximum number of tendons and the
maximum number of strands per tendon were considered.
Any other design limitations set by the respective specifica-
tions were also considered as a constraint. Web and bottom
slab thicknesses were assumed to be 30.5 cm (12 in.) and
15.2 cm (6 in.), respectively, for all design cases. The primary
variable is web spacing, which will affect top slab depth, top
slab steel, overall weight, prestressing steel, and shear rein-
forcement. As seen in Figures 8(a) and 8(b), two span lengths
of 45.7 m (150 ft) and 54.9 m (180 ft) were considered for
optimization process. In both cases, a minimum point can
be observed on the curve corresponding to the optimum web
spacing. For the 150 ft span using LRFD method, the opti-
mum spacing is about 3.35 m (11 ft) (see Figure 8(a)). For
the standard specification, the optimum distance is slightly
more. Considering the 180 ft span (Figure 8(b)), the 0 mini-
mum point is not well pronounced as it was in the previous
case. Although the curve is rather flat in this region, an opti-
mum spacing of about 3.66 m (12 ft) can still be observed.
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Figure 8: Superstructure cost and optimum web spacing.

4. Utilization of High-Strength Concrete in
Box Girders

The advantage of high-strength/high-performance concrete
(HSC/HPC) has been well documented during the past 25
years. Most of the researches in this area address the impor-
tance of HPC/HSC to improve the concrete durability, phys-
ical properties (strength, creep, shrinkage, etc.) and concrete
strength capacity when used as a structural member [11, 12].
It is true that poor concrete quality and lack of durability
rather than structural problems cause most damages to con-
crete structures. Myers and Yang [13] provide a comprehen-
sive reference list of research in this area. Several structural
features can be improved and/or economized by utilization
of high-strength concrete [11]. These structural features are
those which are significantly dependent on concrete strength.

4.1. HSC Effect on Prestressing Steel. The required amount
of prestressing steel depends on the compressive and tensile
strength of concrete. The allowable compressive stress is
directly dependent on concrete strength, f ′c , while the allow-
able tensile stress is proportional to the square root of con-
crete compressive strength. For calculation, it was assumed
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Figure 9: Effect of concrete strength for the span of 180 ft and 8 webs spaced at 10 ft: (a) on designed number of strands, (b) on moment
capacity, (c) on final prestressing loss, and (d) on cracking moment.

that the compressive strength of the concrete at transfer is
85% of its final specified strength. For LRFD service III load
combination (applied for concrete in tension), using a higher
concrete strength is very helpful and provides more flexibility
for the design engineer to control the stress limits within
practical limitations (using specific girder geometry, web
spacing, tendon profile, etc.). Similarly, for the release con-
dition, higher concrete strength is very helpful when LRFD
tensile and compressive stress limits need to be checked.
Figure 9(a) shows how the number of strands decreases
with an increase in concrete strength while the LRFD
always requiring slightly more strands. For the special case
considered, with every approximate 7 MPa (1 ksi) increase in
concrete strength, a saving of 20 strands was observed.

4.2. Ultimate Bending Capacity. Bending capacity of a flex-
ural member is not sensitive to the concrete compressive
strength. It is mainly dependent on the effective depth and
the amount of steel used in the section. For the strength
range from 24 to 35 MPa (3.5 to 5 ksi), some increase in
moment capacity can be seen (Figure 9(b)) in both methods.
Considering the calculation process, it was observed that for
the lower strength range, the shape of the compression zone
(for moment capacity calculation) transitions from a “T”
to a rectangle. LRFD introduces a new formulation for the
neutral axis depth of “T” sections to obtain the bending
capacity. For concrete strengths beyond 38 MPa (5.5 ksi), the
moment capacity will not change significantly. It is observed
that there is a little decrease (about 1%) in bending capacity
with an increase in concrete strength from 35 to 70 MPa
(5 to 10 ksi). The reason for decrease is that while the
concrete strength is increasing, there is slight reduction in

the designed number of strands which in turn will reduce
the moment capacity.

Furthermore, the number of strands was kept constant,
and the effect of concrete strength was observed. A change
of concrete strength from 35 to 70 MPa (5 to10 ksi) will
increase the moment capacity of the box section by only 4%,
which is still insignificant. The reason is that by increasing
the concrete strength, the depth of compressive zone will
slightly decrease to make the same compressive force (equal
to the steel tensile force). As a result, we cannot solely rely on
the concrete strength to improve the bending capacity of the
section.

It is worth noting here that by using higher concrete
strength, in fact the compressive strain capacity of concrete
will increase (approximately from 0.3% to 0.5%). This is a
very good advantage, which provides more rotation capacity
(and hence, ductility) for the section even though the
moment capacity remains the same.

4.3. Loss of Prestress. Among several prestress losses, only
elastic shortening and anchor set are dependent on the
concrete modulus of elasticity, which can be improved when
using high-strength concrete. The effect of concrete strength
is not currently considered on creep and shrinkage of
concrete, which are the two most important time-dependent
parameters. It should be mentioned that a higher concrete
strength may significantly reduce their effects in prestressed
members. Figure 9(c) shows the effect of concrete strength
on final prestressing loss.

4.4. Cracking Moment. The cracking moment depends on
the tensile strength of concrete, which is in turn affected by
compressive strength. An increase of 5% in cracking moment
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Figure 10: Approximate superstructure cost versus concrete strength.

may be predicted for concrete strengths changing from 35 to
70 MPa (5 to 10 ksi) (see Figure 9(d)).

4.5. Superstructure Cost. Superstructure cost will be affected
by the use of high-strength concrete. For high-strength
concreted the rate of cost increase is higher compared
to conventional concrete (Figure 10). Since there is not a
high production capacity for high-strength concrete at the
present time, the anticipated cost increase may be significant.
Approximate cost increase can be at least $32/m2 ($3/ft2)
of superstructure at a strength increment of 7 MPa (1 ksi).
This cost increase may not be justified only for struc-
tural improvements. Considering the inherent durability
improvements when using high-strength concrete, there will
be significant long-term saving in the project. As it was also
seen before, the superstructure cost for LRFD is slightly less
than that of the standard specification. The main reason was
found to be reduced deck steel calculated with LRFD.

4.6. Increase of Span Length with Concrete Strength. In the
process of prestressed concrete design, the most beneficial
effect of high-strength concrete would be its higher tensile
strength when using LRFD service I and service III load
combinations. In this part, all the parameters were keep
constant except concrete strength and the span length.
Figure 11 shows the capability of concrete strength to stretch
the bridge span, and Table 1 summaries the span lengths,
concrete strength, and number of strands. The first two rows
in the table indicate that for 51.2 m (168 ft) span length and
27.5 MPa (4 ksi) concrete, 850 strands are required. If we
keep the same number of strands and increase the concrete
strength to 62 MPa (9 ksi), the span length can be increased to
55 m (180 ft).Comparing second and third rows reveals that
the design will need 60 strands less if 62 MPa (9 ksi) concrete
is used instead of 28 MPa (4 ksi). A reduction in strands
number is very helpful for condition in which the maximum
number of strands per tendon becomes a controlling factor.
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Figure 11: Span stretching by using higher concrete strength.

Table 1: Design summary.

Span length, ft Concrete strength, ksi No. of strands

168 4 850

180 9 850

180 4 910

168 9 800

5. Span-to-Depth Ratio

Conventionally, a span-to-depth ratio of 0.045 is used for
simple span concrete box girders. Based on experiences, it
seems that the use of this ratio will ensure the control of
deflection. In this part of investigation, the superstructure
costs were observed for different span-to-depth ratios. As it is
seen in Figure 12, the lowest cost is associated with a ratio of
0.05. For example (150 ft span), it means that an extra depth
of 23 cm (9 in.) will lead to a saving of almost 100 strands.

6. Conclusions

Single-span cast-in-place post-tensioned box girders were
analyzed and designed according to standard and LRFD
specification. The primary objective was to compare all de-
sign parameters using theses specifications and also to
perform some detailed parametric studies subjects such as
geometrical optimization of the box girder section and
structural utilization of high strength concrete (HSC). Com-
parison reveals that despite significant increase in live loads,
other design parameters (distribution factors, load factors,
and design methods) are observed as following:

Comparison of Standard and LRFD Specification. (1) The
LRFD design needs slightly more (about 4%) prestressing
steel as compared to the Standard Specification.

(2) Predicted shear carried by the concrete is significantly
lower when using LRFD method. This will lead to a greater
stirrup requirement.

(3) Final prestressing loss is about 7% more for LRFD
method.

(4) Superstructure cost is slightly lower for LRFD due to
introduction of new method of moment calculation in the
deck slab.



8 Advances in Civil Engineering

38

39

40

41

42

43

0.03 0.04 0.05 0.06

Girder depth as span multiplier

Standard
LRFD

Su
pe

rs
tr

u
ct

u
re

 c
os

t,
$/

ft
2

Figure 12: Effect of span-to-depth ratio on superstructure cost
(150 ft span, eight webs spaced at 10 ft).

Optimum Web (Girder) Spacing. (5) Cost analysis and com-
parison shows that when changing the girder spacing, there
is always a minimum superstructure cost. The girder spacing
associated with that minimum cost could be considered as
the optimum spacing.

(6) The optimum web spacing can be based on minimum
cost. It was found that for box girders with span lengths 46
to 55 m (150 to 180 ft), the optimum web spacing is 3.35 to
3.66 m (11 to 12 ft).

Structural Effect of High-Strength Concrete. (7) Higher con-
crete strength provides great flexibility for designers to utilize
the maximum service load capacity for the specific girder
section. This advantage may result in larger span length,
smaller number of strands, or wider web spacing for the same
section.

(8) Using higher concrete strength will reduce final
prestressing loss and the number of strands. Moment
capacity is not sensitive to concrete strength, except for lower
strengths (less than 31 MPa (4.5 ksi)).

(9) Anticipated cost increase for superstructure is about
$32/m2 ($3/ft2) for each 7 MPa (1 ksi) increase in concrete
strength.

Span-to-Depth Ratio. (10) Compared to the LRFD-recom-
mended depth/span ratio of 0.045, it was observed that the
slightly higher ratio of 0.05 is more cost effective.
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The U.S. Departments of Transportation adopted the AASHTO LRFD Bridge Design Specifications during the year 2007, which
is mandated by AASHTO and FHWA. The application of LRFD specification initiated numerous research works in this field. This
investigation addresses the LRFD and Standard design methodologies of concrete deck slab, deck overhang, barrier and combined
barrier-bridge overhang. The purpose of this study is to propose a simplified manual design approach for the barrier-deck overhang
in concrete bridges. For concrete deck slab overhang and barrier, application of National Cooperative Highway Research Program
crash test is reviewed. The failure mechanism, design philosophy and load cases including extreme event limit states for barrier and
overhang are discussed. The overhang design for the combined effect of bending moment and axial tension is probably the most
important part of the design process. The overhang might be a critical design point of the deck with significantly higher amount
of reinforcement. The design process becomes complicated due to combined force effect, LRFD crash test level requirement and
the existence of several load combinations. Using this program, different LRFD load combinations are plotted together with the
interaction diagram and the design is validated.

1. Introduction and Background

For several years American Association of State Highway and
Transportation Officials (AASHTO) standard specification
[1] has been the main well-recognized bridge design tool in
the United States. During the past 25 years, there have been
significant developments in the concrete bridge design meth-
ods as well as utilization of new concrete materials. Many
of the U.S. Departments of Transportation (USDOT) have
already started the implementation of the AASHTO Load
and Resistance Factor Design (LRFD) Bridge Design Specifi-
cation [2]. The LRFD is based on the latest developments in
structural analysis and materials to assure desired serviceabil-
ity and ultimate behavior, safety, aesthetics, and economy. It
benefits the valuable experiences of the AASHTO Allowable
Stress Design (ASD) and Load Factor Design (LFD) meth-
ods, which have been in use for more than 70 years.

These changes resulted in design procedures significantly
different compared to the earlier methods. The new LRFD
specification has been calibrated to produce design results
not very different with AASHTO standard specification [3].
The changes in the new LRFD design methods are significant
and challenge the bridge engineers working with standard
specification for so many years.

For federal funded highway projects, the USDOT have to
adopt and implement the LRFD Bridge Design Specifications
in 2007, which is mandated by AASHTO and Federal High-
way Administration (FHWA). The task preparation of such
enormous undertaking has initiated a number of research
investigations of different aspects of the LRFD Specifications.

In the present work, a detailed investigation was per-
formed to compare the difference between the Standard
and the LRFD methods for interior concrete deck slab
design. The purpose of this study is to propose a simplified
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manual design approach for the barrier-deck overhang
in concrete bridges. For the barrier and deck overhang
design, a new philosophy based on yield line theory and
the actual behavior in a real crash test has been used by
the AASHTO LRFD specification [2]. This methodology is
significantly different and more complicated comparing to
the conventional methods.

2. Interior Deck Panels

A computer program (spreadsheet) was developed for inte-
rior deck panel design. The current AASHTO LRFD Bridge
Design specification introduces three different deck slab
design methods for its analysis. LRFD traditional methods,
which are Approximate methods (LRFD Article 4.6.2) or
refined methods (LRFD Article 4.6.3), and LRFD empirical
design methods for concrete slabs (LRFD Article 9.7.2) are
the examples [2]. The approximate method is considered
acceptable for decks other than fully filled and partially
filled grids, which refer to concrete slab on the top of
girder, partially embedding the girder or fully embedding the
girders. The refined method is typically used in modeling
with finite element analysis that would affect the accuracy
of the analytical solution. Empirical design method is for
concrete deck slabs supported by longitudinal components
and applied not to overhangs but only to the primary slab.

The LRFD traditional method using approximate meth-
ods or the refined methods is based on an elastic analysis for
which the design moments have been tabulated in the spec-
ification. An LRFD empirical method is also recommended
with a limitation, which is the girder spacing that must be less
than 4 m (13 ft). The deck slab reinforcement given by the
empirical method is a value which is dependent neither on
the girder/web spacing nor on the applied dead and live load.
The amount of deck reinforcement given by this method is
significantly less than those given by the LRFD traditional
method or Standard LFD methods, and Figure 1 compares
the deck reinforcement designed by three methods.

As shown in the figure, the required amount of reinforce-
ment is dependent on girder spacing for LFD and LRFD
traditional methods while the amount of reinforcement
for LRFD empirical method is constant. By adopting the
empirical design method for 2.74-m (9-ft) girder spacing,
the required deck steel reinforcement is about 75% and
50% of those given by LFD and LRFD traditional methods,
respectively. Because of the significant difference, most of
the designers probably hesitate to use the LRFD empirical
method.

3. Concrete Barrier Design

A federal standard, National Cooperative Highway Research
Program (NCHRP) Report 350 [4], for the safety perfor-
mance evaluation of highway features has been published,
and extensive experimental investigation [5–8] for the study
of barrier behavior has been conducted based on the
standard. The NCHRP Report covered crash tests including
proposed six test levels for the bridge railing design. Based
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Figure 1: Comparison of deck reinforcement designed with
different methods.

on the report, the LRFD specifies new bridge railing and
concrete barrier performance level with respect to dynamic
impact loads, vehicle speed, and others.

Table 1 [2] shows the minimum required design forces
and dimension for traffic railing in current AASHTO
LRFD Specification. In this table, the design transverse load
(Ft), longitudinal load (FL), vertical load (Fv), and other
geometrical design parameters (Lt, LL, Lv, He, and minimum
height of rail) are given. With selecting the required crash test
level, the overall barrier dimension and reinforcement will
be designed using the parameters in the table. This would
involve some iterative process because the magnitude and
distribution of collision force depends on design capacity of
the barrier.

4. Design Procedure for Concrete Railing

Yield line analysis and strength design for reinforced concrete
barrier are typically used [2], and the nominal railing
resistance to transverse load, Rw, can be determined using
the yield line approach as shown (1) for impact within a wall
(barrier) segment and for impact at end of wall (barrier) or
joint, respectively. One has

Rw =
(

2
2Lc − Lt

)
·
(

8Mb + 8Mw ·H +
Mc · L2

c

H

)
,

Rw =
(

2
2Lc − Lt

)
·
(
Mb + Mw ·H +

Mc · L2
c

H

)
,

(1)

where Rw is total transverse resistance of the barrier (kip),
Lc is critical length of yield line pattern (ft) = Lt/2 +√

(Lt/2)2 + 8 ·H · (Mb + Mw ·H)/Mc for impact within a

wall segment = Lt/2 +
√

(Lt/2)2 + H · (Mb + Mw ·H/Mc)
for impact at end of wall or at joints, Lt is longitudinal
distribution length (ft), Mb is additional flexural resistance
(in addition to Mw, if any), not applicable here, Mw is flexural
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Table 1: Minimum required design forces and dimension for traffic railing (1 kip = 4.45 kN, 1 ft = 0.31 m).

Design forces and designations
Railing test levels

TL-1 TL-2 TL-3 TL-4 TL-5A TL-5 TL-6

Ft transverse (kip) 13.5 27.0 54.0 54.0 116.0 124.0 175.0

FL longitudinal (kip) 4.5 9.0 18.0 18.0 39.0 41.0 58.0

Fv vertical (kip) down 4.5 4.5 4.5 18.0 50.0 80.0 80.0

Lt and LL (ft) 4.0 4.0 4.0 3.5 8.0 8.0 8.0

Lv (ft) 18.0 18.0 18.0 18.0 40.0 40.0 40.0

He (min) (in.) 18.0 20.0 24.0 32.0 40.0 42.0 56.0

Min. H height of rail (in.) 27.0 27.0 27.0 32.0 40.0 54.0 90.0

As

Ft

Fv

d

d

′

A′s
t2 t1

Pu

Mu

Figure 2: Deck overhang forces and dimensions.

resistance of the barrier about its vertical axis (k-ft/ft), Mc is
flexural resistance of the barrier about its longitudinal axis
(kip-ft/ft), and H is barrier height (ft).

5. Deck Overhang Behavior

LRFD specification requires that deck overhang should have
sufficient strength to withstand the loads received from a
vehicle crash to barrier and resistance to force the yield line
failure pattern to remain within the barrier. Figure 2 shows
the transverse and vertical loads (Fv and Ft) applied to the
top of barrier in a crash event.

It is suggested by AASHTO LRFD specification that the
concrete deck overhang should not fail in a crash event before
barrier. This means that overhang also should be capable to
resist the reaction forces received from the barrier during a
crash [2]. The extreme event tensile force, Pu in (2), and
flexural bending moment per linear foot, Mu in (3), of the
deck at the barrier-overhang connection will be as follows:

Pu = RW

Lc + 2H
, (2)

Mu = RW ·H
Lc + 2H

, (3)

where Rw is total transverse resistance of the barrier (kip), Lc
is critical length of yield line pattern (ft), and H is barrier
height (ft).

The deck overhangs should be designed in accordance
with AASHTO LRFD Section 13 (Appendix A, Article
A13.4), for the following design cases considered separately.

Design Case 1. This combination is Extreme Event II which
includes transverse force (Ft), longitudinal force (FL), and
other dead loads. The distributed (per foot) transverse design
tensile force and its associated bending moment are Pu and
Mu as calculated by (2) and (3).

Design Case 2. This combination is Extreme Event II which
includes vertical force (Fv) and other dead loads.

Design Case 3. This combination is Strength I with the
application of dead loads and normal vehicular live load.
One wheel load will be placed at 30.5 cm (1 ft) from
the face of barrier to calculate the distributed (per foot)
bending moment in the overhang. An alternative equivalent
continuous live load of 1 k/ft placed at 1 ft (30.5 cm) from the
interior face of barrier is suggested by LRFD 3.6.1.3.4.

Note that Design Cases 1 and 2 may be considered either
for continuous or joint locations at the barrier-overhang
connection. Also dead load factor for Cases 1 and 2 may be
assumed to be 1.0 according to LRFD Specification. Figures
3 and 4 show the bending moments along the overhang for
all applicable load combinations.

6. Load Combination Comparison

The overhang length assumed to vary from 0.76 to 2.44 m
(2.5 to 8 ft) in Figures 3 and 4. As it is seen, the magnitude of
bending moment for Extreme Event II, with Fv application
and Service I, is proportionally dependent on the overhang
length. This means that by increasing the overhang length,
the bending moment produced by Fv or wheel load will
proportionally increase. On the other hand, for Extreme
Event II, with Ft (which produces Pu and Mu), moment is
almost unchanged along the overhang (except that for the
effect of dead loads which is insignificant). The reason is
that in these combinations a large portion of the moment on
the entire length of overhang is the crash bending reaction
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Figure 3: Overhang design moments for TL-4 and 32 in. barrier.
Note: load combinations are the same as described in Section 6.
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Figure 4: Overhang design moments for TL-5 and 42 in. barrier.
Note: load combinations are the same as described in Section 6.

received from the barrier. In other words, for Extreme Event
II, only two forces are considered at the tip of overhang:
a tensile force (Pu) and a moment (Mu). The effect of
Pu and Mu will be constant along the whole length of
overhang. It is seen in Figures 3 and 4 that extreme event
II load combinations are almost constant and governing
the design up to an overhang length of about 1.52 to
1.98 m (5 to 6.5 ft) (which might be the maximum practical
length).

For a constant force effect along the overhang length,
a variable overhang thickness cannot optimize the design.
If a variable thickness is used, the minimum thickness (at
the tip of overhang) will govern the design. Traditionally,
designers consider a variable (haunch shaped) section for
the overhang with minimum thickness at its tip. It is very
interesting that a variable (haunch) overhang section cannot
optimize the design for Extreme Event II load combinations.
Table 2 shows the axial tension and associated moment for
a 1.52 m (5 ft) overhang over I girders with 81.3 cm (32 in.)
barrier using AASHTO LRFD test level 4 (TL-4).

Table 2: Load combinations for a 5-ft overhang over I Girders and
TL-4 crash loads (1 kip = 4.45 kN, 1 ft = 0.31 m).

Load combination
Tensile force, Pu Bending moment, Mu

kip (per foot) k-ft (per foot)

Extreme Event II, Ft ,
continuous

3.2 11.1

Extreme Event II, Ft ,
joint

5.2 18.1

Extreme Event II, Fv ,
continuous

0 8

Strength I 0 12.2

7. Axial Tension-Bending Moment Interaction

The first two load combinations in Table 2 require a design
process for the rectangular concrete section under combined
effect of axial force (tension) and bending moment. The
manual application of classical column analysis will be time
consuming and tedious. Furthermore, most of the existing
column design charts are good only for axial compression
which does not include the tensile portion of the column
interaction curve.

It was decided in this investigation to develop a computer
program in a “Spreadsheet Form” to perform this process.
The program takes the initial information such as supporting
elements (beams) width, overhang length and thickness (min
and max in haunch shape), and material properties. The
program then establishes all the load combinations (as in
Table 2). It then initiates an approximate design based only
on the maximum bending moment among all four load
combinations (and ignoring the axial tension) to calculate
the required amount of top reinforcements (As in Figure 2).
The bottom bars (A′s) are assumed to be similar (the
continuation) to bottom bars designed for the interior panels
within the same program. In the next step, a detailed section
analysis is performed to construct the axial force-bending
moment interaction diagram. This involves the assumptions
for all possible failure modes (tensile, compression, and
balance modes) to establish the failure surface. The analysis
was extended for negative (tensile) axial force which is
required for an overhang design.

8. Overhang Design

The calculated design combination forces (as in Table 2)
are for unit width of overhang. The overhang length and
material properties are also given. The program calculates
the required area of top bars based only on the maxi-
mum bending from those four combinations. For initial
approximation, the effect of tensile force is ignored. The
overhang bottom bars are assumed to be the continuation of
interior deck panel reinforcement. The interaction diagram
(failure surface) can be constructed for the section. Each
load combination can be plotted as a point on the same
interaction diagram. The design is acceptable if all four
points are inside the curve, otherwise either the slab thickness
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Figure 5: Generated interaction diagram for deck overhang.

or deck reinforcement should be revised to locate the
loading points inside the curve. It should be noted that
only the negative portion of diagram will be used for
overhang design. Note that Load factors are according to
AASHTO LRFD extreme event combination and a strength
reduction factor of 0.9 applied to moments for design of steel
reinforcement.

Figure 5 shows the interaction diagram with load combi-
nation plot points for a concrete overhang on AASHTO Type
IV prestressed I-Girders with the following information:

Design Input. The design input includes the following:

girder spacing = 2.44 m (8 ft),

interior deck thickness = 20 cm (8 in.),

overhang length from CL of girders = 2.22 m (4 ft),

test level = TL-4,

barrier size = 81.3 cm (32 in.),

min. overhang thickness, t1 = 8 in, and

max. overhang thickness, t2 = 30.5 cm (12 in.)
(haunch).

Design Output (first run). The design output includes the
following:

overhang top transverse bars (No. 5@6 in.),

overhang bottom transverse bars (No. 5@12 in.),

interior panel top transverse bars (No. 5@10.3 in.),
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Figure 6: Interaction diagram for deck overhang (magnified
tension part of the curve).
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Figure 7: Interior deck panel LRFD design output for a girder-slab
bridge (unit in inch).

interior panel top transverse bars (No. 5@10.3 in.),
and

interior panel bottom transverse bars (No. 5@9.1
in.).

Figure 6 is an exploded view of tensile portion of the
interaction diagram. It is seen that all the load combination
points are inside the curve, and the design requirements are
satisfied.

Computer output for the design of interior panels and
overhang portion of concrete deck slab are shown in Figures
7 and 8.

9. Significance of Design Variables

Several deck overhangs with different geometries were
designed to observe the significance of each design variable.

9.1. Load Combinations. It is important that the extreme
event load case with transverse crash force transfers a
constant bending moment and tensile force along the entire
length of deck overhang. This is unlike the effect of wheel live
load which produces variable moment (zero to maximum).
It is seen in Figures 3 or 4 if the first and second load
cases (which are almost flat) are compared with third and
fourth cases (which are approx. linear). For this reason,
the conventional common practice to use variable (haunch)
overhang thickness will not help if one of the first two cases
is governing the design. It was observed that the first two
extreme event load combinations will govern the overhang
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design up to lengths of 5 ft and 6.5 ft for test levels of TL-
4 and TL-5, respectively. These lengths are probably the
maximum practical limits. If a variable thickness is used, the
deck section and reinforcements at the barrier location must
be used for design. Deck overhang section at a point under
the interior face of barrier was used in this program.

9.2. Barrier Ends or Joints. The ends or joint locations
create a more critical failure in the barrier (and hence the
deck) compared to continuous points. Compare joint and
continuous cases (the first two load combinations) in Figures
2 and 3. At joints or barrier ends, the crash bending moment
is about 60% to 75% higher than continuous locations. The
barrier and deck overhang should be designed properly at
these points.

9.3. Significance of Overhang Reinforcement. A comparison
was performed between required overhang top reinforce-
ment with the adjacent interior panel top bars, and Figure 9
shows the ratio of required overhang to interior panels’

As,OH As, interior

Ratio = As, OH
As, interior

Figure 10: Overhang and interior top bar comparison.

top reinforcement. The vertical axis shows the ratio (see
Figure 10) of top bars of overhang to top bars of adjacent
interior panel. It was shown that this ratio will significantly
increase with overhang length.

9.4. Overhang Design. Direct manual design of reinforced
concrete section under combined tension and bending seems
to be time consuming and tedious. Numerous examples
were solved with this automated computer method. It was
observed that, for overhang length limits mentioned before,
a simplified manual design can be established as follows.

(i) The top bars in the overhang may be designed based
on maximum bending moment (and ignoring the
associated tensile force) among the four load com-
binations (most of the time the first or second case,
the extreme event for Ft is critical). For simplicity, the
effect of bottom bars can be ignored in this process.
In case of variable (haunch) thickness, the design
should be based on the deck section properties at the
location of barrier-to-deck connection (which has
the least thickness).

(ii) The bottom bars in the overhang may be assumed
to be similar to bottom bars of the adjacent interior
deck panel. This means that we can simply continue
the bottom bars from the interior panel into the
overhang.

10. Conclusion and Suggested Simplified
Design Method

Detailed investigation was performed for the concrete deck
slabs by developing a spreadsheet computer program. Differ-
ent design methods for the interior deck panels were com-
pared. By adopting the empirical design method for 2.74-m
(9-ft) girder spacing, the required deck steel reinforcement
is about 75% and 50% of those given by LFD and LRFD
traditional methods, respectively. Because of the significant
difference, most of the designers probably hesitate to use the
LRFD empirical method.

For barrier-overhang interaction and their design,
NCHRP crash test data were incorporated into the program
to check the barrier adequacy. For most practical cases,
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the overhang design is governed by extreme event limit
state load data given by crash test results. This requires
the concrete section to be designed for combined effect of
bending moment and axial tension. The program is capable
to construct the axial load and bending moment interaction
diagram and check the design adequacy for crash extreme
events and strength limit states. A simplified manual design
approach was also proposed.

The following shows the simplified design method
suggested based on this study. This design method will pass
the LRFD crash forces for most practical cases. It was shown
that this simplified method is acceptable for overhangs up to
7 ft for a crash level of TL-4.

(1) Design the top bars for Extreme Event crushing
moment caused by Ft only (ignoring the axial
tension).

(2) Provide nominal bottom bars (or continuation of
designed adjacent internal panel bottom bars).
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The paper investigated the use of fiberglass-reinforced plastic (FRP) grid for reinforcement in link slabs for jointless bridge decks.
The design concept of link slab was examined based on the ductility of the fiberglass-reinforced plastic grid to accommodate bridge
deck deformations. The implementation of hybrid simulation assisted in combining the experimental results and the theoretical
work. The numerical analyses and the experimental work investigated the behavior of the link slab and confirmed its feasibility.
The results indicated that the technique would allow simultaneous achievement of structural need, lower flexural stiffness of the
link slab approaching the behavior of a hinge, and sustainability need of the link slab. The outcome of the study supports the
contention that jointless concrete bridge decks may be designed and constructed with fiberglass-reinforced plastic grid link slabs.
This concept would also provide a solution to a number of deterioration problems associated with bridge deck joints and can be
used during new construction of bridge decks. The federal highway administration provided funds to Louisiana Department of
Transportation through the innovative bridge research and development program to implement the use of FRP grid as link slab.

1. Introduction

Thousands of bridges in the United States are constructed as
simple spans. The bridges require the use of expansion joints
over piers. The joints create short-term and long-term prob-
lems. Some examples of these problems are leaks through the
joints deteriorating the supporting girders and the piers and
debris accumulating in the joints which prevents them from
functioning properly. These problems lead to massive direct
and indirect costs (Saber et al. [1, 2]). Therefore there is a
need for reducing or eliminating expansion joints in bridge
decks. The objectives of this study are to develop and evaluate
a new technique using advancement in materials and current
technology. An innovative system is proposed for this study.
The new system replaces expansion joints with a link slab.
The link slab joins decks of adjacent spans without imposing
any continuity in the bridge girders. The link slab is subjected
to tensile forces and stresses due to the negative moment
developed at the joint. Fiberglass-reinforced plastic (FRP)
reinforcement is used to carry the tension forces (Saber [3])
and its corrosion resistance.

The most common type of reinforcement used in bridge
construction is steel rods. The deterioration of steel caused

by corrosion has been plaguing these structures across the
nation, decreasing their service life, and increasing the
cost of repair and maintenance. Many investigations were
conducted to resolve the problems associated with corrosion
by such methods as decreasing the porosity of concrete,
coating steel bars with a protective outer layer, and increasing
the reinforcement cover. But these methods only extend the
time it takes for corrosion to take place.

For more than three decades, researchers have investi-
gated the use of FRP (fiberglass reinforced polymers) as an
alternate to steel reinforcement in concrete structures. In
recent years, the use of FRP rods for structural applications
has been gaining acceptance around the world. Recently
FRP grids have been used for reinforcement of concretes
beams and slabs (Dutta et al. [4]). A grid is a latticework
of rigid, interconnecting ribs in two, three, or four groups
and directions. Such grid reinforcement enhances the energy
absorption capability and the overall ductility of the struc-
ture is improved. This leads to an increase in the ultimate
load carrying capacity of concrete beams and slabs. When
the opening of grids is filled with concrete, the combined
structure derives its shear rigidity from the concrete filler and
the concrete prevents the ribs from buckling. FRP composite
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grids provide a mechanical anchorage within the concrete
due to the interlocking elements (cross-ribs), and therefore
no bond is necessary for proper load transfer.

Although there have been a number of studies on the
use of FRP-grid-reinforced concrete beams or slabs, there
is currently a lack of information on the use of FRP-
grid-reinforced concrete link slabs for the replacement of
expansion joint. Because the link slab will be subjected to a
negative bending moment and thermal stress, it is expected
that the design and performance will be different from
conventional beams or slabs, which is primarily subjected
to a positive bending moment and transverse shear force.
Therefore, there is a need to conduct experimental testing
and theoretical modeling analysis of FRP-grid-reinforced
concrete link slabs for the replacement of expansion joints.

2. Experimental Work

A test program was conducted to determine the behavior
and strength of jointless bridge decks under static loading.
The jointless decks could be achieved by replacing expansion
joints with a link slab that could join bridge decks of adjacent
spans without imposing any continuity in the bridge girders.
The link slab would be subjected to tensile forces due to
negative moment developed at the location of the joint. The
link slab panel was cut into beam specimens to determine
the strength of the link slab against tensile forces. The
test program included specimens with two layers of FRP
grids. The specimens were tested under the same support
conditions. Loads, deflections, strains, and load carrying
capacity were measured for each test specimen.

2.1. Test Specimens. The specimens were designed as per
ASTM C 78, ACI 318, and ACI 440 guidelines, [5, 6]. Since
there was no design code for FRP-grid-reinforced concrete
beams, the existing design equations in ACI 440 for FRP
rebar-reinforced concrete beams were modified and used.
The cross section of the specimens was rectangular in shape
with a width of 300 mm (1 ft), 200 mm (8 in) deep, and 2.4 m
(8 ft) long. The FRP grids were placed in the center 1.2 m
(4 ft) of the beams. The first specimen, beam 1, contained
two layers of FRP grid; each is 25 mm (1 in) deep, 1.2 m (4 ft)
long, and 225 mm (9 in) wide. The clear spacing between
the two FRP grids was 25 mm (1 in). Shear reinforcement
was not provided to the beams since the depth of the beam
did not exceed the requirements of ACI 318 [5]. Also, three
number 13 (number 4) rebars were placed in the specimens
for handling. The dimensions and cross-section details of the
beam 1 were shown in Figures 1 and 2, respectively.

The second beam, beam 2, contained two layers of 31 mm
(1.25 in) deep FRP grids, 1200 mm (4 ft) long, and 225 mm
(9 in) wide. The dimensions and cross-section details of
beam 2 were similar to beam 1, as shown in Figure 3. The
two rectangular beams were cast from the batch delivered by
a ready mix truck to the Structural and Materials Laboratory
at Louisiana Tech University. To simulate field conditions, the
beams were cured in dry air conditions for 28 days before
they were tested.

The specimens were tested under the same set-up as
shown in Figure 1. The applied loads and reactions were
symmetrical with respect to the center of the beam. The
specimen was placed on a high reaction stand of a stiffened
steel section. At each reaction point, a roller support was
placed between the specimen and the steel section. Load was
applied by an MTS hydraulic jack at load points. A steel
section was used between the hydraulic jack and the beam
specimen to apply the load equally at the load locations. At
the load points, roller supports were provided to disperse the
load from the steel section to the specimen. The jack was
activated by a single automatic MTS electric pump.

2.2. Instrumentation Plan. The instrumentation used for the
testing of each beam included a deflectometer, a twenty-
four channel data acquisition system, and 50 mm (2 in)
long strain gages installed at locations on the FRP grids
where the shear forces and bending moments were high. The
strain gages were installed on the outer surface along the
longitudinal direction. The top grid was designated as layer 1
and the bottom grid was designated as layer 2. Layer 1 strain
gages were designated as L1G1 through L1G8 from left end to
the right end of the grid. Similarly, layer 2 strain gages were
designated as L2G1 through L2G8 from left end to the right
end of the grid. The deflection of each beam was measured
during the test by a deflectometer placed at the midspan of
the beam.

2.3. Test Procedure. A four-point bending test was con-
ducted, and the test load was applied in such a way that
a negative bending moment was produced in the beam at
the FRP grid locations. The beams were loaded continuously
at a constant rate of 8.9 kN/min (2 kip/min) until failure.
The four-point bending tests were conducted using the MTS
machine. The data collection system stored the strain and
load data for every quarter second. For each load increment,
data for the FRP strains and loads were collected. The applied
loads and corresponding deflections at midspan for each
beam were measured during the tests.

2.4. Material Characteristics. The concrete mix constituents
were shown in Table 4. The concrete cylinders were cast
from the same batch delivered by a local ready mix truck
to the Structural and Materials Laboratory at Louisiana Tech
University.

The concrete cylinders 100 × 200 mm (4 × 8 in) were
cured in accordance with ASTM C511, and the compressive
strength was determined in accordance with ASTM C39. The
average compressive strength of three cylinders was recorded
for each test day and the strength development over time is
shown in Figure 4. When the beam specimens were tested
at 28 days, the compressive strength of the concrete was
36.4 MPa (5277 psi).

The material properties of FRP grid were obtained from
the manufacturer (Fibergrate, Composite Structures) and
were listed in Table 1.
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Figure 1: Beam 1 dimensions (not to scale).
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Figure 2: Beam 1 cross-section details.

Table 1: Concrete mix proportions.

Cement 222 kg/m3 (489 lb/yd3)

Fly Ash 55 kg/m3 (122 lb/yd3)

Coarse aggregate pea gravel 849 kg/m3 (1870 lb/yd3)

Natural Sand 602 kg/m3 (1325 lb/yd3)

Admixture (900 P0Y-5) 0.53 liter/m3 (18 Oz/yd3)

Air content 0.05

Slump 125 mm (5 inch)

Water 112 liter/m3 (29.5 gal/yd3)

2.5. Experimental Results. The specimens were designed
to be underreinforced so that large strains in FRP grids
preceded the crushing of the concrete in compression. The
discussion will be given on strain responses up to failure,
the overall load/deflection, and the mode of failure of the

specimens. The beams were designed to have ductile failure
at the ultimate load, as would be the case for existing
bridge decks in service. The flexural cracks formed in the
constant moment region extended vertically and became
wider and then progressed towards the load points in a
diagonal fashion. The beam then collapsed as shown in
Figure 5.

2.6. Beam 1 Failure. The longitudinal strains in the FRP
grids due to the applied loads were recorded. The strain
data in the cantilever section indicated that the longitudinal
strain distribution followed the bending moment diagram.
In Figures 6 and 7, the data obtained from the strain gages
indicated that at higher loads the longitudinal strains in the
shear spans increased above those of a linear variation. This
showed that strains were not proportional to the applied
moment at these locations. At ultimate conditions, the axial
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Figure 5: Beam 2 at collapse.

strain in the FRP grid varied linearly along the end of the
FRP gird and at the point of load. Based on the previous
discussion, it was concluded that the bond between the FRP
grid and concrete is uniform. Moreover, the data in Figures

Table 2: FRP grid material properties provided by manufacturer.

Material characteristics Value

Tensile stress, LW 207 MPa (30,000 psi)

Tensile modulus, LW 17.2 GPa (2.5× 106 psi)

Compressive stress, LW 207 MPa (30,000 psi)

Compressive modulus, LW 17.2 GPa (2.5× 106 psi)

Flexural stress, LW 207 MPa (30,000 psi)

Flexural modulus, LW 12.4 GPa (1.8× 106 psi)

Shear modulus 3.1 GPa (0.45× 106 psi)

Short beam shear 31 MPa (4,500 psi)

Punch shear 68.9 MPa (10,000 psi)

Bearing stress, LW 207 MPa (30,000 psi)

Area of 1 inch deep FRP per 9 inch
width per layer

894 mm2 (1.43 in2)

Area of 1.25 inch deep FRP per 9 inch
width per layer

1112 mm2 (1.78 in2)

6 and 7 indicated that the variations in the strain with the
load at the beam center were slightly higher than those close
to the load point, but the two curves were of similar form.
As the applied load increased, the rate of change in the
strains in the shear span was higher than that in the constant
moment region. The higher rates demonstrated the initiation
and progress of cracking in the region close to the support.
The high level of strains in the shear span explained the
flexural/shear cracking in the collapse mechanism for the
beam.

2.7. Strains in Beam 1 Layer 1. A total of eight strain
gages were installed to monitor the strain distribution. The
strains measured were tensile strains in all of the gages
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Table 3: Maximum flexural stresses for bottom elements for bridge girders.

Girder number
Open joint bridge (OJB) Link slab bridge (LSB) Percentage of decrease in girder

stresses due to link slabmaximum flexural stress (MPa) maximum flexural stress (MPa)

S1G1 2.13 1.75 18%

S1G2 2.55 2.07 19%

S1G3 2.53 2.12 16%

S1G4 2.16 1.69 22%

S2G1 0.82 0.54 34%

S2G2 0.82 0.55 33%

S2G3 0.83 0.57 32%

S2G4 0.80 0.54 32%

S3G1 0.63 0.56 12%

S3G2 0.65 0.59 10%

S3G3 0.65 0.59 9%

S3G4 0.65 0.56 14%
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at different applied loads for the ultimate load test. These
measurements indicated that the grid was in tension. Among
all the gages, maximum tensile strain was found in gage 4
(B1-L1G4), which was located just right of the left support.

The maximum strain was 4.8 milli strains at the ultimate
load of 125.5 kN (28.2 kips). The tensile modulus of the grid
was 17.2 GPa (2.5 × 103 ksi). Therefore, the tensile stress
corresponding to maximum tensile strain was 82.7 MPa
(12.0 ksi) which is 40% of the maximum tensile stress
recommended by the manufacturer, as shown in Table 1.
The load-strain relationship was linear up to the load level
of 75.6 kN (17 kip) when the beam began to yield. The load-
strain distribution of gage 5 in layer 1 (B1-L1G5) located at
the center of grid and beam indicated that the changes in the
strains were low up to the load level of 84.6 kN (19 kip), and
after that, change in strains were higher until the ultimate
load was reached. The strain distribution for layer 1 of beam
1 indicated that as the applied load increases towards its
maximum value, the distribution of strain in the FRP grid
became unsymmetrical.

2.8. Strains in Beam 1 Layer 2. The strains measured were
compressive strains in all the gages up to an applied
load of 40 kN (9 kips). Then the measured strains were
changed to tensile strains for the ultimate load test. These
measurements indicated that the grid was in compression
until the applied load reached a value of 40 kN (9 kip);
then the grid was in tension. Among all the gages, the
maximum compressive strain was found in gage 7 (B1-
L2G7) located at 1.65 m (66 in) from the left end of the
beam at an applied load of 40 kN (9 kips). The load-strain
distribution of gage 7 in layer 2 (B1-L2G7) indicated that
the maximum compressive strain was −0.074 millistrains.
The compressive modulus of the grid was 17.2 GPa (2.5 ×
103 ksi). Therefore, the compressive stress corresponding to
maximum compressive strain was 1.24 MPa (0.18 ksi) which
is 0.6% of the maximum compressive stress recommended
by the manufacturer. The maximum tensile strain was found
in gage 4 (B1-L2G4) which was located at just right to the
left support. The maximum strain was 1.6 millistrains at
the ultimate load 125.5 kN (28.2 kips). The tensile modulus
of the grid was 17.2 GPa (2.5 × 103 ksi). Therefore, the
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tensile stress corresponding to maximum tensile strain was
27.4 MPa (3.98 ksi) which is 13.3% of the maximum tensile
stress. The strain distribution for layer 1 of beam 2 indicated
that as the applied load increased towards its maximum
value, the distribution of strain in the FRP grid became
unsymmetrical.

2.9. Beam 2 Failure. The same discussion presented previ-
ously applies to the behavior for beam 2 with two 31 mm
(1.25 in) FRP grids. The strain distribution in the FRP grid
in layer 1 of the specimen beam 2 is shown in Figure 8.

2.10. Strains in Beam 2 Layer 1. A total of eight strain
gages were installed to monitor the strain distribution. The
strains measured were tensile strains in all the gages at
different applied loads for the ultimate load test. These
measurements indicated that the grid was in tension. Among
all the gages, maximum tensile strain was found in gage
4 (B2-L1G4), which was located at just right to the left
support. The maximum strain was 4.0 millistrains at the
ultimate load of 113.9 kN (25.6 kips). The tensile modulus
of the grid was 17.2 GPa (2.5 × 103 ksi). Therefore, the
tensile stress corresponding to maximum tensile strain was
69.6 MPa (10.1 ksi) which is 34% of the maximum tensile
stress recommended by the manufacturer. The load-strain
distribution of gage 5 in layer 1 (B2-L1G5) located at the
center of grid and beam indicated that at higher loads, strain
varied linearly with the applied loads.

2.11. Strains in Beam 2 Layer 2. The strains measured were
compressive strains in all eight gages up to an applied load
of 62.3 kN (14 kips); after that, the measured strains were
changed to tensile strains for the ultimate load test. These
measurements indicated that the grid was in compression
till the applied load reached a value of 62.3 kN (14 kips);
then the grid was in tension. Among all the gages, the
maximum compressive strain was found in gage 7 (B2-L2G7)
located at right end of the grid at an applied load of 31.2 kN
(7 kips). The load-strain distribution of gage 7 in layer 2
(B2-L2G7) indicated that the maximum compressive strain
was −0.058 millistrains. The compressive modulus of the
grid was 17.2 GPa (2.5× 103 ksi). Therefore, the compressive
stress corresponding to maximum compressive strain was
1 MPa (0.15 ksi) which is 0.5% of the maximum compressive
stress recommended by the manufacturer. The maximum
tensile strain was also found in gage 7 (B2-L2G7). The
maximum strain was 0.21 millistrains at the ultimate load
114 kN (25.6 kips). The tensile modulus of the grid was
2.5 × 103 ksi. Therefore, the tensile stress corresponding to
maximum tensile strain was 3.7 MPa (0.53 ksi) which is 1.8%
of the maximum tensile stress.

2.12. Load-Deflection Behavior. All specimens were tested in
a four-point bending configuration. The ultimate loads and
corresponding deflections for both beams were measured
during the tests. The load carrying capacity of the beam 1
was 125.5 kN (28.2 kips) and that for beam 2 was 114 kN
(25.6 kips). The deflection of each beam at collapse was
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Figure 8: Longitudinal strain along FRP grid for layer 1 in beam 2.

substantial (L/240) accompanied by excessive cracking. The
load deflection response of the specimens exhibited three
regions of behavior. At low applied loads the stiffness of the
reinforced concrete beam was relatively high, indicating that
the concrete behaved in a linear elastic manner. As the load
increased, the bending stress in the extreme fibers increased
until the tensile strength at the top of the section of the
concrete was reached. This caused flexural cracks to form,
first in the constant moment region, then through the beam
cantilever section. As the flexural cracks developed in the
span, the member stiffness was reduced and the response
after the cracking load was approximately linear due to
the postcracking stiffness. After the concrete in the tension
zone cracked, the FRP grid carried the tensile forces due to
applied loads. As the applied load increased, the tensile stress
increased the, beam stiffness was decreasing due to the loss
of material stiffness, and the ability of the section to support
the tensile stress was reduced. The yield plateau in the slope-
deflection curve for beam 2 was longer than that of beam 1,
which indicated that beam 2 was more ductile than beam 1,
even though the areas of the FRP grids in beam 2 were greater
than beam 1.

3. Theoretical Work

In this study, finite element models are developed to
investigate the behavior of the bridge with link slabs. Two
models are considered, one with open joints and another
with the joints closed over the supports. The results of the
models are compared and used to evaluate the structural
behavior of the FRP-grid-reinforced link slab.

3.1. Bridge Model Description. The bridge models were
developed using the software ANSYS. A typical three-span
bridge was considered. In each span, four AASHTO Type
III girders, end and intermediate diaphragms were modeled.
The dimensions of the deck in the z-axis were 18 m (60 ft)
long, 9 m (30 ft) wide in the x-axis, and 200 mm (8 in) thick
in the y-axis. A gap of 25 mm (1 in) and 150 mm (6 in)
was considered between two adjacent decks (open joint) and
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two girders in adjacent spans, respectively. The center-to-
center distance between adjacent girders in a span was 2.6 m
(104 in). The end diaphragms were provided between two
adjacent girders, from the middepth of girder to the bottom
of the top flange. The intermediate diaphragms were placed
from the top of bottom flange to the bottom of the top flange
(Saber et al. [7]) The thickness of the intermediate and end
diaphragms was 175 mm (7 in). The link slab was modeled
for a distance of 600 mm (2 ft) at both adjacent ends of the
open joint. The link slab length was based on the theoretical
studies which showed that the load-deflection behavior of
the structure would not be affected by a debonding length of
up to 5% of the girder span length (Zia et al. [8]). The girders
were restrained at supports and both extreme ends of the
decks were restrained in x, y, and z directions (translations).
The HL-93 loads were applied to the bridge models in such
a way that they produced maximum negative moment and
tensile force in the link slab.

3.2. Elements Used in Modeling. The FRP layers were meshed
using SOLID46 element and material properties (Modulus of
elasticity, Poisson’s ratio, and density) were assigned during
the process. The element edge length was 150 mm (6 in). A
small size element was chosen because the depth of FRP was
just 25 mm (1 in). The bridge decks and diaphragms were
meshed using SOLID65 element and material properties
(Modulus of elasticity, Poisson’s ratio, and density) were
assigned during the process. The element edge length of
concrete element was 600 mm (24 in). The mesh was refined
twice at the girder supports to restrain the girders properly
over the piers (Saber et al. [9]).

3.3. Boundary Conditions and Loading System. In the model,
the interface area between girders and substructure was
restrained in the x and y directions (translations). Both
extreme ends of the decks (area along the depth) were
restrained in the x, y, and z directions (translations). LRFD
Bridge Design [10] load combinations were considered, and
the corresponding load factors were applied to the model.
The vehicular live load and the live load surcharge were
applied on the bridge. The truck load was applied to produce
maximum negative moments in the link slab.

3.4. Comparison between Open Joint Bridge and Link Slab
Bridge. The details for the finite element models are shown
in Figure 9. The four girders in the first span of the bridge
were designated as S1G1, S1G2, S1G3, and S1G4. Similarly,
girders in the second span of the bridge were designated as
S2G1, S2G2, S2G3, and S2G4 and girders in the third span
of the bridge were designated as S3G1, S3G2, S3G3, and
S3G4. Among all the girders, the maximum flexural stresses
(tensile) were found in the second girder of the first span.

3.5. Girder Stresses

3.5.1. Span 1. The flexural stresses (tensile) for the bottom
elements along the length of the second girder in the first
span for the two bridge models were shown in Figure 10.

Volumes
type number

S1G1

S1G2

S2G1

S2G2

S3G1

S3G2

S1G3

S1G4

S2G3

S2G4

S3G3

S3G4

Figure 9: Model with the girders.

The flexural stresses were higher in the open joint bridge
than those in the link slab bridge at most of the locations.
A maximum flexural stress difference of 1 MPa (150 psi) was
observed between the two girders, at a distance of 14.9 m
(49 ft-8 in) from the left support. The flexural stresses were
almost the same for a length of 6 m (20 ft) from the left
support for both cases, but after that, the stresses in the open
joint bridge were much higher. It can be inferred from the
figure that the continuity in the decks reduces the flexural
stresses in the girders.

3.5.2. Span 2. The flexural stresses (tensile) for the bottom
elements along the length of the second girder in the second
span for two bridge models were shown in Figure 11. The
flexural stresses were higher in the open joint bridge than
those in the link slab bridge at all locations. A maximum
flexural stress difference of 0.28 MPa (40 psi) was observed
between two girders, at a distance of 13.1 m (43 ft-9 in) from
the left support.

3.5.3. Span 3. The flexural stresses (tensile) for the bottom
elements along the length of the second girder in the third
span for two bridge models were shown in Figure 12. A
maximum flexural stress difference of 0.21 MPa (31 psi) was
observed between two girders, at a distance of 3.7 m (12 ft-
4 in) from the left support. The flexural stresses were higher
in the open joint bridge up to 12 m (40 ft) from the left
support and after that the flexural stresses were high in the
link slab bridge.

3.6. Maximum Flexural Stresses in Girders. The maximum
flexural stresses in the twelve girders of the open joint bridge,
the link slab bridge, and the percentage change in stresses of
the open joint bridge compared with link slab bridge were
shown in Table 2. The stresses were higher in girders of the
open joint bridge. The maximum decrease was 34% found
in the girders of span 2 of the bridge, and the minimum
decrease was 9% found in span 3. The maximum effects in
span 1 where truck load was applied were in the range of 16%
to 22%.



8 Advances in Civil Engineering

Table 4: Stresses in link slabs at the top and the bottom of bridge deck.

Results
Link slab 1 link slab 2

stress (MPa) stress (MPa)

Transverse stress (Sx)
Max. 0.53 Max. 0.23

Min. −0.09 Min. −0.04

Longitudinal stress (Sz)
Max. 2.29 Max. 1.05

Min. −1.01 Min. −0.20

Shear stress (Syz)
Max. 0.05 Max. 0.07

Min. −0.03 Min. −0.01
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Figure 10: Flexural stresses for bottom elements of 2nd girder in
1st span (S1G2).
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Figure 11: Flexural stresses for bottom elements of 2nd girder in
2nd span (S2G2).

3.7. Stresses in Bridge Decks. In bridge decks, the maximum
and minimum transverse, longitudinal, and shear stresses
were found in the first deck of the open joint bridge or the
link slab bridge, since the load was applied on the first span
of the bridge. The use of link slab reduced the bridge deck
stresses. The transverse stresses were reduced by more than
13%, the longitudinal stresses were reduced by more than
36%, and the shear stresses were reduced by more than 43%.
Based on these results, the use of the link slab will improve
the performance of the bridge decks.
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Figure 12: Flexural atresses for bottom elements of 2nd girder in
3rd span (S3G2).

3.8. Stresses in Link Slabs. The maximum and minimum
transverse, longitudinal, and shear stresses in two link slabs
were shown in Table 3. Slabs 1 and 2 were joined by link
slab 1, and slabs 2 and 3 were joined by link slab 2. The
stresses were higher in link slab 1 than those in the link
slab 2 because the truck was placed on the first span of the
bridge. Maximum and minimum stresses were either at the
top surface or at the bottom surface of the link slab.

The longitudinal stresses along the depth or thickness
of the link slab 1 for the bottom element and at the
top element were −1.01 MPa (−146.7 psi) and 2.29 MPa
(332.8 psi), respectively. The longitudinal stresses along the
depth for the bottom element and at the top element of
the link slab 2 were −0.20 MPa (−28.4 psi) and 1.05 MPa
(151.9 psi), respectively. The longitudinal stresses varied
from compression to tension from the bottom to the top
elements of both link slabs. The maximum longitudinal
stresses along the length of the link slabs for the top elements
were 1.21 MPa (176.1 psi) and 0.62 MPa (89.6 psi) for link
slabs 1 and 2, respectively. Along the length of the link slab,
all top elements for both link slabs were in tension. The
maximum and minimum longitudinal stresses were higher in
the link slab 1 than those in the link slab 2 because the truck
load was placed in the first span of the bridge and the link
slab 1 was connecting the span 1 and the span 2 decks of the
bridge. The maximum longitudinal stresses along the length
of the link slabs for the bottom elements were 0.29 MPa
(−42.1 psi) and 0.02 MPa (2.6 psi) for link slabs 1 and 2,
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respectively. Along the length of the link slab, the bottom
elements of link slab 2 were in tension.

4. Conclusions

The ductility of the FRP grid material was utilized to
accommodate bridge deck deformations imposed by girder
deflection, concrete shrinkage, and temperature variations.
It would also provide a cost-effective solution to a number of
deterioration problems associated with bridge deck joints.

The structural behavior of two types of FRP-grid-
reinforced concrete slabs was investigated. Scaled-up beam
specimens simulating the actual deck joint were prepared
and tested. The design concept of link slabs was then
examined to form the basis of design for FRP grid link slabs.
Improved design of FRP grid link slab/concrete deck slab
interface was confirmed in the numerical analysis.

The results indicated that the technique would allow
simultaneous achievement of structural need, lower flexural
stiffness of the link slab approaching the behavior of a hinge,
and durability need of the link slab. The overall investigation
supports the contention that durable jointless concrete br-
idge decks may be designed and constructed with FRP grid
link slabs. It is recommended that the link slab technique
be used during new construction of bridge decks. Also, it
is recommended that the advantages of using the FRP grid
link slab technique in repair and retrofit of bridge decks
are considered along with the amount of intrusive field
work required to develop the required mechanical properties
at the bridge deck joints. The Louisiana Transportation
Research Center received funds from the federal highway
administration through the Innovative Bridge Research and
Development program to support the implementation of the
use of FRP grid as link slab.
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This study carries out a parametrical analysis of the seismic response to asynchronous earthquake ground motion of a long
multispan rc bridge, the Fener bridge, located on a high seismicity area in the north-east of Italy. A parametrical analysis has
been performed investigating the influence of the seismic input correlation level on the structural response: a series of nonlinear
time history analyses have been executed, in which the variation of the frequency content in the accelerograms at the pier bases has
been described by considering the power spectral density function (PSD) and the coherency function (CF). In order to include the
effects due to the main nonlinear behaviours of the bridge components, a 3D finite element model has been developed, in which
the pounding of decks at cap-beams, the friction of beams at bearings, and the hysteretic behaviour of piers have been accounted
for. The sensitivity analysis has shown that the asynchronism of ground motion greatly influences pounding forces and deck-pier
differential displacements, and these effects have to be accurately taken into account for the design and the vulnerability assessment
of long multispan simply supported bridges.

1. Introduction

Earthquake ground motion is usually assumed as a spatially
uniform dynamic input in seismic analysis; this assumption
is correct for structures standing on a reasonably restricted
area, in which the soil characteristics are presumed to be
homogeneous and the seismic wave propagating velocity can
be neglected, but becomes inadequate for spatial structures
standing on large sites such as extended foundations or dams,
and long-estending structures such as bridges, viaducts,
tunnels, and pipelines. In these cases the spatial variability
of ground motion should be considered to avoid gross
evaluation errors or at least underestimation of the dynamic
response, since the phenomenon affects the response consid-
erably and, hence, the level of protection of these structures
(Lupoi et al. [1]). In particular for long multispan simply
supported bridges, a spatial variation in the input acting at
supports (pier and abutment foundations) should be consid-
ered since it can induce pounding effects and deck unseating.
It has been observed during the recent major seismic events
that this kind of bridge structure very often experiences
pounding phenomena between adjacent structural segments
(between neighbouring decks or cap-beams and decks, with

a component of impact force transferred to the piers), which
can amplify differential movements between adjacent spans
and determine cracks or brittle fractures at beam endings.
These amplified differential displacements can induce pull-
off and drop collapses of spans when the displacement
capacity of the bearing devices is exceeded or the seating
length of girders is not sufficient for them to rest on their
supports during strong ground motions.

For this type of bridges are required quite complex nu-
merical models to represent with acceptable approximation
the global structural response taking into account the incho-
erency of the seismic excitation at the supports, the impact
phenomena between neighbouring structural segments, and
the nonlinear behaviour of the substructural components
(piers and decks).

In the present study, the acceleration and displacement
time histories at the several prescribed locations on the
ground surface corresponding to the bridge supports, are
generated using the spectral representation method [2–4]. In
order to generate the stochastic field, three basic components
are required: (i) power spectral density (PSD) which gives
the frequency content of the random process, (ii) coherency
function (CF) which gives an analytical representation of
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spatial variation of the ground motion in the frequency
domain, and (iii) shape function (SF) for determining a
nonstationary random process in the time domain. Some
expressions have been proposed for the target spectral den-
sity (i.e., the Clough-Penzien form [5], and the expressions
given by seismic codes [6]), for the coherency function
[7–10] for the shape function [9]. The generated time
histories are compatible with prescribed response spectra
and duration of strong ground motions for the considered
seismic area and reflect the wave passage and loss of
coherence effects.

As regards evaluation of the pounding effects, it has to
be said that the interest of researchers is quite recent; the
problem was first investigated by [11] who studied the
pounding phenomenon between two adjacent buildings,
modelling the collision through impact elements which
connected simple single-degree of freedom structures. In
1992 the same problem was examined also by [12]; in
1998 the study made by [11] was taken up again and
applied to bridge structures in [13]. Further investigations
were developed in [14] on the numerical simulation of the
pounding process with the aim of calibrating the impact
element between neighbouring structures by comparing the
numerical results with the exact solution based on the wave
propagation theory. In recent years more complex finite
elements models have been developed: a numerical 3D
simulation applied to a multispan simply supported bridge
is described in [15].

From the aforementioned studies interesting conclusions
can be drown for an improved modelling of the pounding
effect:

(1) pounding between adjacent segments can be de-
scribed with fair accuracy through an impact ele-
ment characterised by stiffness and damping (which
accounts for energy dissipation);

(2) it has been noted in [13] that there is no need of
modelling the entire structure for long bridges in
order to assess the middle span response with fair
accuracy; it is enough to study the seven central
spans since there are no relevant differences in the
numerical results between a model with an infinite
number of span and a seven-span model;

(3) in the finite element model the stiffness k1 of the
impact element should be calibrated considering the
number n of finite elements which compose the deck
([14]);

(4) it is important to define opportunely the time step
used for the integration in the time-domain to avoid
that colliding adjacent segments of neighbouring
decks may behave like rigid bodies, since they
influence the dynamic response with their axial
deformation.

In the present study state-of-the-art models have been used
to simulate the asynchronous ground motion as a multisup-
port seismic excitation and describe the pounding effects, as
described in Section 2.

Figure 1: Fener bridge: (a) lateral view of the bridge on the Piave
river.
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2. Seismic Response Accounting for
Spatial Variability of Ground Motion:
A Sensitivity Analysis

2.1. The Fener Bridge. This study carries out a parametrical
analysis of the seismic response to asynchronous earthquake
ground motion of a long multispan rc bridge, the Fener
bridge (see Figures 1, 2, 3 and 4), located in the Veneto
region, in the Treviso province.

It represents an important overcrossing of the Piave river
for the region road network. It was built in the mid nineteen
seventies, and it consists of 24 regular spans having the
same length of 24.75 m, except for the lateral spans near
abutments, which are shorter (in particular at one end there
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Figure 4: Cross sections of (a) typical column with reinforcement and (b) typical longitudinal precast concrete beam.

are two spans with reduced lengths of 18 m and 17.5 m,
respectively, whilst at the other end only the last span has a
slightly shorter lenght of 23.75 m). The overall structure is
about 579 m long.

The deck lodging two lanes has an overall width of 9
metres; the deck structure is made up by four I-shaped
precast beams with a constant height of 1.4 m and by a
16 cm high rc slab. The transverse distribution of traffic
loads is obtained through 3 orthogonal rc girders positioned
in the middle and at both ends of each span. Piers have
a portal-shaped structure with circular rc columns, whose
height varies gradually along the plan from a minimum of
5 to 8 m roughly, since the deck slope in the longitudinal
direction is about 2%, while the extrados levels of plinths at
the base remain constant. Piers raise on deep foundations as
illustrated in Figure 3.

The pier section is shown in Figure 4(a): reinforcement
for each of the two columns is provided by 23 longitudinal
bars of 20 mm diameter and transverse stirrups of 10 mm
diameter (pitch = 20 cm).

The materials used for piers can be classified as follows:

(i) concrete: grade C25/30;

(ii) reinforcing steel: smooth bars, characteristic yield
stress fyk = 315 MPa.

According to the national seismic zonation map, Fener
bridge is located in an area characterised by PGA = 0.25 g,
on a soil of medium stiffness (type B soil, according to the
national zonation map [16]).

2.2. FE Model of the Multisupported Structure. In the numer-
ical model of the bridge elements with linear and nonlinear
behaviour have been adopted in order to represent effectively
the global structural response: main beams, cap-beams, and
transverse girders have been modelled with linear beam
elements, the rc slab has been modelled with plate elements,
whilst a nonlinear behaviour has been adopted for columns
to simulate their hysteretic behaviour (using the Takeda-
model [17] see Figure 5), for gap elements simulating impact
between adjacent structural segments, and for frictional
connections between longitudinal beams and cap-beams.

For the pier-element it has been necessary to assign in
input a nonlinear force-displacement law, which has been

obtained through a push-over analysis both in the longitudi-
nal direction, where the column has a cantilever deflection,
and in the transverse direction where the piers behaviour
is that of a portal frame. A lumped plasticity element has
been employed for modelling the piers; the derived force-
displacement curves are plotted below (see Figures 7 and 8).

Girders sit on cap-beams without any bearing devices
therefore restraint of superstructure segments from longi-
tudinal displacement is given only by friction; the force-
displacement law for frictional bearings is assumed as an
idealized rigid-plastic behaviour, with a friction coefficient
taken as μ = 0.60 in the analysis (see Figure 6). In the
transverse direction a rigid restraint between deck and cap
beam is assumed: the cap-beam lateral sides, being in direct
contact with beams and acting as shear keys, do not allow any
differential displacement.

Pier-deck pounding has been modelled through non-
linear gap elements which react only under compression,
after the initial gap closure corresponding to the joint width
(2 cm).

The gap element stiffness k1 has been determined
normalising to 1 parameter γ in the following expression
[14]:

γ = k1L

nEA
, (1)

where A is the deck cross section, E its elastic modulus, L
the span length, and n the number of finite elements into
which the span length has been divided, taken as n = 10 in
this study. In particular for the impact element a damping
equivalent to energy dissipation has not been considered and
a perfectly elastic collision has been modelled since impact
energy dissipation does not influence the global structure
response significantly [13].

As to external restraints, they have been considered
fixed both in translation and rotation, because foundations
are plinths on piles and in a first approximation the soil-
structure interaction can be neglected. The superstructure
segments not considered in the model (which represent a
boundary condition to it) have been substituted with gap
elements as illustrated in [13].

The FE model of the bridge and the related nonlinear
dynamic analyses have been performed using CSI SAP2000
release 9 software [18]. The model represents only the 7
central spans of the bridge (see Figure 9), with adequate



4 Advances in Civil Engineering

dm

rk

Previous yield

No yield

dy

ku

0

k0

rk0

F

d

dp

βdp

Fy+

Fy−

ku = 0(k dy/dm)α

(a)

F

d

Gap

k1

(b)

Figure 5: Models for (a) hysteretic behaviour of piers (Takeda model) and (b) gap element between adjacent structural segments.

F

d

μP

Figure 6: Connection between girder and cap-beam (frictional
behaviour).

boundary conditions, instead of all the 24 spans; this has
allowed to reduce substantially the computational effort due
to the nonlinear effects included, without influencing the
numerical accuracy of results because, as reported in [13],
the seismic response of the central span in a model with a
number of spans not less than five is a good approximation
of the response obtained modelling the complete structure.

2.3. Charactherisation of Spatial Variability. In the present
study, the acceleration and displacement time histories at
several prescribed locations on the ground surface corre-
sponding to the bridge supports are generated using the
spectral representation method. A uniform soil type is
considered. As mentioned before, in order to generate the
stochastic field, three basic components are required: (i)
power spectral density function, (ii) coherency function, and
(iii) shape function.

2.3.1. Power Spectral Density Function. Different analytical
models for PSD are advanced by some authors; in this study
the expressions given in EC8 [6] have been used, which are

approximate relations for power spectra corresponding to
the site-dependent response spectrum proposed in the code.
The expressions are derived as follows:

Sa = 0.2ξ′A2T1.4 for T < TB,

Sa = 6ξ′V 2T−0.74 for TB < T < Tc,

Sa = 300ξ′D2T−3.1 for T > Tc,

(2)

where Sa is the acceleration power spectrum, ξ′ is the value
of the damping ratio, A, V , and D are the values of spectral
acceleration, velocity and displacement, and TB and TC are
the response spectrum parameters.

2.3.2. Coherency Function. Assuming that the seismic wave
field can be completely described by a single plane vawe, its
spatial variation can be quantified by means of the coherency
function, which expresses the dependence in the frequency
domain between the PSD of time histories ground motions
occuring at two different stations k and l (with relative
distance given by dkl) [15]. It is generally defined as follows:

γkl(ω) =
⎧⎪⎨
⎪⎩

Skl(ω)√
Skk(ω) · Sll(ω)

for Skk /= Sll,

0 for Skk · Sll = 0,
(3)

where ω is the circular frequency, Skk(ω) and Sll(ω) denote
the autopower spectral density of the time histories at the
stations k and l and Skl(ω) is the cross-spectral density
function of the considered pair of processes.

In general γkl(ω) is complex valued; its bounded modulus
0 ≤ |γkl(ω)| ≤ 1 measures the linear statistical dependence
between the two time-histories: in particular γkl = 1
represents perfect correlation between the two motions,
whereas γkl = 0 denotes complete lack of linear dependence,
which means totally uncorrelated signals.

There are several models available in literature for the
coherency function; in the present study the formulation
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Figure 7: Piers behaviour in the longitudinal direction: (a) deflection shape; (b) force-displacement curve.
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Figure 8: (a) Piers behaviour in the transverse direction: deflection shape; (b) force-displacement curve.
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Figure 9: Three-dimensional FE model of the seven central spans.

given in [10] has been adopted (see Figure 10), and its
general expression is

γkl(dkl,ω) = exp

{
−
(
α · ω · dkl

vs

)2
}
· exp

{
i
ω · dkl
vapp

}
, (4)

where the first term represents the geometrical incoherence,
which arises from the scattering of waves in the heteroge-
neous soil medium, while the second term accounts for the

velocity of seismic waves and the difference in the times
of arrival at different stations (vawe-passage effect). The
parameters describing these phenomena are, respectively
(vs/α), in which vs is the shear wave velocity in the medium,
α a measure of loss of the coherency rate with distance
and frequency, vapp, is the value of the apparent horizontal
velocity of the surface wave. The relative distance between the
two different stations k and l is given by the span length dkl,
while ω is the circular frequency. Both parameters (vs/α) and
vapp usually vary in the range [300 m/s,∞[; if (vs/α) → ∞
and vapp → ∞, the modulus of coherency function tends to
be 1: the two signals are then totally correlated (identical and
in-phase ground motions).

2.3.3. Shape Function. The shape function of the oscillatory
process is defined in a general exponential form as suggested
in [15]; it is the normalised envelope function of the time
history and is governed by the parameters t1 and t2 which
define the ramp duration and the decay starting time; tmax
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is the time history duration and ν = 0.2 is the ratio of the
amplitude envelope. The analytical formulation is as follows:

ξ(t) =

⎧⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎩

(t/t1)η, t ≤ t1,

1, t1 ≤ t ≤ t2,

exp
{

t − t2
tmax − t2

ln ν

}
, t2 ≤ t ≤ tmax.

(5)

The parameters values in this work are taken as follows:
t1 = 6 sec, t2 = 16 sec, tmax = 40 sec, η = 2.0, and ν = 0.02.

2.4. Generation of Compatible Time History Sets. In this
study the formulation proposed in [6] for target spectral
density function has been used to generate time history
sets compatible with the response spectrum given by the
code for a soil of medium stiffness with PGA = 0,25 g. The
accelerograms, based on the coherency function previously
described, have been generated trough the implementation
of opportune alghoritms [2]; the nonstationarity has been
impressed to the stationary simulated motions by means of
the shape function. In order to use the generated sets of
response spectrum and coherency compatible time histories

as multisupport seismic inputs at the stations numbered
from 1 to 8 (see Figure 11), the acceleration time histories
have been doubly integrated to obtain the corresponding
displacement time histories [15].

Different patterns of coherency have been selected in
the parametric study, in order to represent the intermediate
levels between the full correlation and the total uncorrelation
of the time histories: 16 combinations of parameters vs/α
and vapp varying in the interval 300–1200 m/s have been
considered (see Table 1), and for each combination five sets
of generated time histories associated with a linear array of 8
stations (corresponding to locations of piers in the 7 central
modelled spans of the bridge) have been applied, for a total
of 80 sets examined.

A superimposition of the displacement time-histories
generated in the simulation is reported as an example
in Figure 12; the two extreme cases of strongly correlated
ground motions (vs/α = 1200 m/s, vapp = 1200 m/s) and
weakly correlated motions at supports (vs/α = 300 m/s, vapp

= 300 m/s) are presented for the 8 stations considered in the
analysis.

2.5. Analysis in the Time Domain. In order to determine
the nonlinear response of the structure to a large set of
earthquake ground excitations, it is necessary to use an
efficient and not much time-consuming time-integration
algorithm; in the present study the mode superimposition
procedure based on load-dependent Ritz vectors [19] has
been employed instead of direct integration methods in
the time domain to reduce the computational effort and
maintain an accurate solution. Further, the duration of the
time step used for the integration has been limited by the
follows condition:

Δt < T1, (6)

where T1 is the expected impact duration. Thus it has been
possible to capture in the model the effect that colliding adja-
cent segments of neighbouring decks produce by behaving
not like rigid bodies, but influencing the dynamic response
with their axial deformation [20]. The impact duration is
calculated as follows:

T1 = 2L
C0

, (7)

where L is the span length of the deck subjected to the
pounding effect and C0 is the propagation velocity of the
impact wave travelling in a continuous medium, defined as
follows:

C0 =
√

E

ρ
, (8)

with E representing the elastic modulus of the superstucture
and ρ its density

The values calculated for T1 and the corresponding Δt
adopted in this study are listed in Table 2.

It should be noticed that in fact a superstructure segment
does not hit the neighbouring deck directly, due to the
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Table 1: Combinations of vs/α and vapp values considered in the parametric study.
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Figure 12: Displacement time histories for stations 1 to 8: (a) highly correlated time-histories (set 1/5 vs/α = 1200 m/s.

Table 2: Integration time step adopted Δt.

Elastic modulus E (MPa) 24821

Density ρ (Kg/m3) 2500

Deck span lenght L (m) 24.75

Impact duration T1 (s) 0.016

Integration time step Δt (s) 0.01

Δt/T1 0.625

presence of the cap beam, but this element has been assumed
as transmitting the impact rigidly and not influencing the
wave propagation.

3. Results of the Numerical Analyses

A sensitivity analysis of the structure dynamic behaviour
due to different spatially varying ground motion sets has
been carried out, evaluating the influence of the seismic
input correlation on the structural response, in terms of the
following:

(i) differential displacement between piers and deck
segments;

(ii) pounding forces between cap-beams and decks;

(iii) effects on piers: shear forces at the bases and maxi-
mum displacements at the tops.

The response analysis focuses on the central span of the
FE model, in order to provide results unaffected by the
boundary coditions; as previously said, for each prefixed
level of ground motion correlation (16 in total, each one
determined by a couple of the parameters vs/α and vapp)
5 nonlinear dynamic analyses have been performed, using

compatible time history sets. The mean value of the five
results has been adopted.

3.1. Differential Displacements. Differential displacements
between piers and decks are represented in Figure 13: it
can be observed that in all cases the calculated values are
relatively small and remain under the threshold of 5 cm;
the maximum differential displacement (dd = 4.4 cm) is
obtained, as expected, for the extreme case of maximum
coherency loss (vs/α = 300 m/s, vapp = 300 m/s).

The limited amplitude of differential displacements pre-
vents pull-off-and-drop collapse of deck segments and can be
explained considering that joint gaps at span ends are small
(2 cm) and do not allow the development of high inertia
forces at the deck level; consequently the displacements
cannot be considerably amplified. These results are in
accordance with the observations reported in [20].

3.2. Pounding Forces. Impact forces between cap beams
and decks are highly influenced by the correlation level of
ground motions at the structural supports: as Figure 14(a)
shows, there is a trend in pounding forces, which rapidly
increase with the loss of coherency of seismic inputs: the
magnitude of impact force FI , obtained in the extreme case
of weakly correlated time histories (vs/α = 300 m/s, vapp =
300 m/s), assumes a value 3 times larger (FI = 1293 kN)
than that derived by analysis with uniform inputs, FI =
428 kN (represented by the case vs/α = 1200 m/s, vapp =
1200 m/s). Consequently, even though in the case of uniform
seismic excitation no damage should occur to the cap beams
and decks, with weakly correlated input time histories, the
pounding effects could determine considerable damage to
the local area of bridge decks.
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Figure 13: Pier-deck differential displacement varying with seismic input correlation level (represented by parameters vs/α and vapp): (a) 3D
view and (b) 2D view.
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Figure 14: (a) Pounding forces varying with correlation level of input ground motions; (b) Total number of registered impacts (mean value).

Registered impacts follow a similar tendency (see
Figure 14(b)): the numerical results show that collisions
occur more frequently as the correlation level of time history
inputs decreases. However in all cases, the total number of
impacts (mean value of the 5 non linear dynamic analysis
performed) is found to be relatively small (less than 5).

3.3. Effects on Piers. As regards the effects on piers in the
longitudinal direction, they are represented in Figure 15 in
terms of shear forces and displacements (maximum values at
the top of the pier) obtained as functions of the correlation

level between the time histories. It can be observed that the
maximum value of shear force V = 346 kN is obtained in the
case of highly correlated time histories, and the minimum V
= 274 kN is derived using inputs with the weakest correlation
(vs/α = 300 m/s, vapp = 300 m/s). Similarly it can be said that
there is a general trend for displacements at the pier top (see
Figure 15(b)) that become larger as the correlation increases,
with the maximum value D = 3,7 cm calculated in the case of
the highest correlation level of input ground motions.

These effects can be explained considering that when
ground excitations are weakly correlated or uncorrelated, the
movement of deck segments can be in opposite direction
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Figure 15: Longitudinal direction: (a) shear forces at the pier base: maximum values obtained for each correlation level of input ground
motions; (b) maxima values of displacement at pier top.
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Figure 16: Transverse direction: maximum shear forces.

due to out-of-phase vibrations, and this fact determines
collisions that reduce displacements at the top of the pier
(and consequently the shear and bending moment at the base
induced by the deformation of the pier itself). When the
ground excitation is highly correlated, the responses of the
bridge spans are in phase, the inertial forces at the pier tops
are maximised, and in consequence displacements at the top
and shear forces increase.

Regarding the response in the transverse direction, it
should be noted that structural behaviour is not clearly
affected by seismic input correlation (see Figure 16); one can
observe that there is a slight tendency for shear forces at the
pier base to increase with higher correlation levels, but the
values are weakly affected by impacts between deck segments.
This is consistent with the results presented in [19].

4. Conclusions

A parametrical analysis has been performed with the aim of
investigating the influence of the seismic input correlation
level on the structural response of a long multispan girder
bridge. A series of nonlinear time history analyses have been
performed, in which the main nonlinear behaviours of the
bridge components, have been included: (i) the pounding of
decks at cap-beams, (ii) the friction of beams at bearings,
and (iii) the hysteretic behaviour of piers. The following
conclusions can be drawn:

(i) differential displacements between decks and pier-
tops are affected by input correlation level but remain
within a limited range (under the threshold of 5 cm)
with the maximum value obtained for the extreme
case of maximum coherency loss. The fact that they
are relatively small prevents decks from unseating and
can be explained by the limited width of the bridge
joints;

(ii) asynchronous ground motion influences greatly the
pounding forces between decks and pier-tops, which
can assume values 3 times larger than those calculated
by an analysis with uniform input (represented by
the case with the highest correlation level between
the time-histories). The amplified pounding effects
might determine considerable damage to the local
area of bridge decks;

(iii) as regards the effects on piers, it can be observed
that in the longitudinal direction there is a general
trend for displacements and shear forces, which
increase with higher correlation levels of input
ground motions. In the transverse direction the
seismic response is not clearly influenced by the
correlation level of ground excitations.
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The results highlight that the spatial variation properties
of the earthquake ground motion can significantly change
the structural response especially in terms of pounding forces
and deck unseating, and consequently these effects have to
be taken into account for the design or the vulnerability
assessment of long multispan simply supported bridges.
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A short computer program, fully documented, is presented, for the step-by-step dynamic analysis of isolated cables or couples of
parallel cables of a cable-stayed bridge, connected to each other and possibly with the deck of the bridge, by very thin pretensioned
wires (cross-ties) and subjected to variation of their axial forces due to traffic or to successive pulses of a wind drag force. A
simplified SDOF model, approximating the fundamental vibration mode, is adopted for every individual cable. The geometric
nonlinearity of the cables is taken into account by their geometric stiffness, whereas the material nonlinearities of the cross-ties
include compressive loosening, tensile yielding, and hysteresis stress-strain loops. Seven numerical experiments are performed.
Based on them, it is observed that if two interconnected parallel cables have different dynamic characteristics, for example different
lengths, thus different masses, weights, and geometric stiffnesses, too, or if one of them has a small additional mass, then a single
pretensioned very thin wire, connecting them to each other and possibly with the deck of the bridge, proves effective in suppressing,
by its hysteresis damping, the vibrations of the cables.

1. Introduction

The pretensioned cables in a typical cable-stayed bridge of
medium size [1], as they are very long with a length of
magnitude order 100 m, and a pretension axial force of
magnitude order 1000 kN, exhibit, perpendicularly to their
axis, a very small geometric stiffness, corresponding to their
fundamental vibration mode, of a magnitude order only
50 kN/m. Also perpendicularly to their axis, they exhibit a
very small intrinsic damping, due to their material internal
friction. For the previous reasons, they are often subjected
to large amplitude vibrations. And, if the external excitation
is approximately periodic, with a period close to a natural
period of the cable, for example, the fundamental one, then
resonance may happen, and vibration amplitudes increase
excessively and are maintained, with no significant reduction
for a long time, unless special measures are taken.

Two usual reasons for the previous cable vibrations of
cable-stayed bridges are the following.

(1) A pretensioned cable exhibits a sag under its self-
weight. Because of traffic, the ends of the cable,

on pylon and deck, are subject to a variation of
their displacements; thus the elongation and axial
force of the cable vary, which implies variation of its
geometric stiffness, too, as well as variation of the
sag of the cable. This vibration, due to variation of
geometric stiffness, is called parametric excitation.

(2) The successive pulses of a wind pressure exert a drag
force, perpendicularly to the vertical plane of cables,
at one side of the bridge. The variation of this drag
force causes vibration of the cables.

In [2], a complete description of the problem of cable
vibrations of cable-stayed bridges is presented, as well as
a state of the art of various types of dampers for cable
vibrations (viscous dampers, cross-ties, and others), along
with case studies of dampers on real bridges.

The viscous dampers, although widely mentioned in
literature, present some problems: usually, they are installed
at the ends of a cable, where they are not very helpful; it seems
that their main role is a slight reduction of cable’s length,
thus a slight increase of its geometric stiffness. Rarely, they
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Figure 1: Part of a typical cable-stayed bridge [1].

are installed at intermediate points of a cable, where they are
more helpful; however, this installation is difficult.

On the other hand, the cross-ties are preferable, for the
following reasons: they are light and cheap, they are easily
installed and pretensioned, and they easily replaced when
damaged. And a great advantage of them is that although
they are very thin, with a ratio of cross-section area of the
cable to that of the cross-tie of a magnitude order 1000,
however, the axial elastic stiffness, of a single pretensioned
cross-tie, is comparable in magnitude with the geometric
stiffness of a cable, that is of magnitude order 50 kN/m, along
the same direction, perpendicularly to cable axis. Also, as the
cross-ties are very thin, they are almost invisible, so they do
not harm the aesthetics of the bridge.

For the previous reasons, recently many researchers
recommend the use of cross-ties to suppress large amplitude
cable variations of cable-stayed bridges. In [3–6], analytical
studies are performed on cross-ties or hybrid systems
consisting of viscous dampers and cross-ties.

Here, a simplified analytical method is proposed [7], in
order to investigate the hysteresis damping effect of cross-
ties, where, for every individual cable, an SDOF model is
adopted, approximating its fundamental vibration mode.
The geometric nonlinearity of the cables is taken into
account by their geometric stiffness. At same time, the
proposed method is accurate, as it includes the material non-
linearities of the cross-ties, by their compressive loosening,
tensile yielding, as well as hysteresis stress-strain loops.

A short computer program (only about 120 Fortran
instructions), fully documented, is presented for the step-
by-step dynamic analysis [9] of isolated cables or couples of
parallel cables, connected to each other and possibly with the
deck of the bridge, by very thin pretensioned wires (cross-
ties) and subjected to variation of the axial forces of cables
due to traffic [8] or to successive pulses of wind drag force.

Seven numerical experiments are performed. And, based
on them, observations are made on the effectiveness of
a single pretensioned very thin wire, connecting a couple
of cables of a cable-stayed bridge, in suppressing, by its
hysteresis damping, their large amplitude vibrations.

(a)

lo

uo
N(t)

N(t)

N(t)

N(t)

moGo ho

huGu

uu

mu

Su

lu

(c)

N

N

0 t ttmax

(b)

0

σ

σy

Compression

Tension

εpl ε

Figure 2: (a) Geometric, static, and dynamic parameters of a cable
structure. (b) Primary σ-ε diagram describing the nonlinear axial
stress-strain law of a cross-tie. (c) Given time-history of axial forces
of cables.

2. Equations of the Problem

Figure 1 shows a part of a typical cable-stayed bridge [1],
with a pylon consisting of two vertical legs, which are
connected by two transverse beams, a part of the deck
with a slender rectangular plate section, two couples of
pretensioned parallel inclined cables at each side of the
bridge, connected by their ends to the pylon and the deck
and two pretensioned very thin vertical in-plane cross-ties,
at two sides of bridge, which intend to suppress parametric
vibration of cables due to traffic loads P, as well as two out-
of-plane horizontal cross-ties, which intend to suppress cable
vibrations due to wind forces W .

In the following, the equations of nonlinear dynamic
analysis will be written, for a specific cable structure
consisting of two parallel pretensioned cables (1 and 2 in
Figure 1), connected by two very thin pretensioned cross-
ties (3 and 4 in Figure 1) to each other and with the deck
of the bridge and subjected to parametric vibration, due to
traffic. In subsequent applications, by simple and obvious
modifications of these equations, other cable structures
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(combinations of main cables and cross-ties) subjected to
traffic or wind excitation will be treated, too.

In the following analysis, the inclination of the cables
will be ignored for the sake of simplicity. So, in Figure 2(a),
the couple of horizontal parallel pretensioned main cables
represents the inclined cables 1 and 2 of Figure 1, whereas the
very thin pretensioned vertical wires represent the in-plane
cross-ties 3 and 4 of Figure 1.

2.1. Geometric Equations. For every individual cable, a
simplified SDOF model is adopted, which approximates its
fundamental vibration mode. This unique DOF, for every
cable, is the displacement of its center perpendicularly to its
axis, that is, the vertical displacements downwards uo and uu
in Figure 2(a), for the upper and lower cables, respectively.
The geometric equations, relating the displacements of
cables with the elongations and strains of cross-ties, are the
following, according to Figure 2(a):

Δho = ho − uo + uu − hoϕ,

Δhu = hu − uu − huϕ,
(1)

where Δho and Δhu are elongations of upper and lower cross-
ties, respectively, ho and hu their design (nominal) lengths,
and hoϕ and huϕ are their initial undeformed lengths. And the

strains εo and εu of upper and lower cross-ties, respectively,
are

εo = Δho
hoϕ

,

εu = Δhu
huϕ

.
(2)

2.2. Constitutive Equations. Figure 2(b) is the primary stress-
strain diagram, which describes the axial nonlinear stress-
strain law of a cross-tie, made of the same high-strength
steel as the main cables. This σ-ε law includes compressive
loosening, tensile yielding, as well as hysteresis stress-strain
loops, resulting from the obvious in loading-unloading rule
Figure 2(b). There is only one constitutive variable, the
plastic strain εpl of the cross-tie. The present stress σ is an
obvious function of present strain ε and present value of
plastic strain εpl:

σ = σ
(
ε, εpl

)
, (3a)

whereas the variation of plastic strain Δεpl can be expressed
as a function of present strain ε, variation of present strain
Δε, as well as present value of plastic strain εpl, in an
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obvious manner by the loading-unloading-reloading rule of
Figure 2(b):

Δεpl = Δεpl

(
ε,Δε, εpl

)
. (3b)

2.3. Static Equations. The axial forces of the cross-ties are

So = σoAw,

Su = σuAw,
(4)

for the upper and lower ties, respectively, where Aw is
the cross-section area of the very thin wires (cross-ties),
whereas the vertical nodal forces applied at the centers of the

cables, upper and lower one, respectively, are, according to
Figure 2(a)

Fo = Go − KGouo + So,

Fu = Gu − KGuuu − So + Su,
(5)

where the downwards direction has been taken as positive,
Go and Gu are weights at centers of upper and lower cables,
respectively, and

KGo = 2
N(t)
lo/2

,

KGu = 2
N(t)
lu/2

(6)

are their geometric stiffnesses, where N(t) is the given time-
history of the axial forces of the cables.
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2.4. Dynamic Equations. Damping is ignored, as the material
internal friction of the cables is meaningless. The vertical
accelerations at the centers of upper and lower cable are

üo = Fo
mo

,

üu = Fu
mu

,
(7)

where mo and mu are lumped masses at centers of cables
(Figure 2(a)), whereas the upper dots mean derivation with
respect to time.

2.5. External Excitation. Within the input data of the prob-
lem, the time-history of external excitation is given, which
is here the variation of axial forces of cables due to traffic.
The function N(t) is assumed to be described by a piecewise
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linear curve, as shown in Figure 2(c). And within each time
interval, between two successive nodes, a linear interpolation
is performed, in order to find, from a specific time instant t,
the corresponding axial force N of the cables.

2.6. Initial Value Problem. A state vector is introduced:

y = {u v c}, (8)

consisting of the vertical displacements u = {uo uu}
(Figure 2(a)) and velocities v = {u̇o u̇u} of the centers
of upper and lower cables, respectively, as well as of
the constitutive variables c = {εopl εupl}, which are the
plastic strains (Figure 2(b)) of upper and lower cross-ties,
respectively.

By combining all the previous equations, (1) up to
(8), a system of first-order ordinary nonlinear differential
equations is obtained:

ẏ = q
(
t, y
)
, (9a)

which, along with the initial value of the state vector

y(0) = yo (9b)

for time t = 0, and with sought function the time-history of
the state vector y(t), constitutes an initial value problem.

2.7. Proposed Algorithm. For the step-by-step dynamic anal-
ysis (direct time integration) of the previous initial value
problem of (9a) and (9b), the algorithm of trapezoidal rule
is proposed:

yn+1 = yn +
1
2

[
q
(
tn yn

)
+ q
(
tn+1 yn+1

)]
Δt, (10)

where n and n + 1 are two successive steps of the algorithm.
This coincides with the algorithm of constant average
acceleration of Newmark’s group of algorithms for step-by
step dynamic analysis.

The aforementioned algorithm is combined with a
predictor-corrector technique, with two corrections per step,
PE(CE)2, where, in this symbol, P means prediction and C
correction of the state vector y, whereas E means evaluation
of the function q(t, y) of (9a). In more detail, the proposed
predictor-corrector technique can be written, within any nth
step of the algorithm, as follows:

Prediction

yP
n+1 = yn + q

(
tn yn

)
Δt, (11a)

First correction

y1
n+1 = yn +

1
2

[
q
(
tn yn

)
+ q
(
tn+1 yP

n+1

)]
Δt, (11b)

Second and final correction

yn+1 = yn +
1
2

[
q
(
tn yn

)
+ q
(
tn+1 y1

n+1

)]
Δt. (11c)

Thanks to the aforementioned predictor-corrector tech-
nique, no solving of algebraic system is needed, within each
step of the algorithm.

The stability criterion of the proposed algorithm is [9]

ωmaxΔt < 2.0 rad, (12)

that is, Δt < Tmin/π; otherwise a divergent solution results,
whereas the accuracy criterion is at least

ωmaxΔt < 0.5 rad, (13)

that is, Δt < Tmin/4π = Tmin/12.56; otherwise a significant
accumulated truncation error appears, which is expressed
as amplitude decay of the vibration, as well as period
elongation.

3. Computer Program

Based on the proposed algorithm of previous Section 2.7,
a simple and very short computer program has been
developed, with only 115 Fortran instructions, consisting of
the MAIN program (79 instructions) which performs the
algorithm of step-by-step dynamic analysis, and of three
subroutines: (1) Subroutine EVAL (17 instructions) which
evaluates the present strain and stress state of the cable struc-
ture under consideration, (2) subroutine SE (9 instructions)
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which describes the nonlinear uniaxial stress-strain law of
a cross-tie, and (3) subroutine NHIST (10 instructions)
describing the given time-history of the external excitation,
which is, here, the variation, with respect to time, of the axial
force of cables due to traffic.

A full documentation of the previous computer program
is presented as Appendix, consisting of the description of
program line by line in Section A.1, of the complete list of
Fortran instructions in Section A.2, and the variables expla-
nation in Section A.3. The documentation of the computer
program is completed by the series of seven applications in
Section 4. The program is particularly oriented to the specific
third application of Section 4.3, as already mentioned in
the equations of problem in Section 2. However, by simple
and obvious modifications of the computer program, all the
other numerical experiments, in Section 4, can be treated,
too.

4. Applications (Numerical Experiments)

Seven applications (numerical experiments) follow, on the
dynamic analysis of isolated pretensioned cables of a cable-
stayed bridge or couples of parallel cables connected to each
other and possibly with the deck of the bridge by very thin
pretensioned single wires (cross-ties). Three of these cable
structures are subjected to variation of axial forces of cables
due to traffic (parametric excitation) and four of them are
subjected to successive pulses of drag force due to a strong
wind.

As already mentioned, the previously presented algo-
rithm, in Section 2, is oriented only to the specific third
application of Section 4.3. However, by simple and obvious
modifications of this algorithm, all the other applications
present in Section 4, which are presented herein after, have
been analysed, too.
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4.1. First Application: Isolated Cable Subject to Traffic. As
shown in Figure 3, an isolated cable is subjected to a
periodic variation of its axial force with a period equal to
its fundamental one. Up to the fifth cycle that the excitation
lasts, the vibration amplitude of the cable increases up
to about 1.6 m and then remains constant; only a slight
algorithmic damping is observed.

4.2. Second Application: Couple of Interconnected Cables
Subject to Traffic. The cable of first application is, in Figure 4,
connected to another shorter parallel cable by a thin cross-
tie. Both cables are subjected to a periodic variation of their
axial force with a period equal to the fundamental one of the
cable system. Up to the fifth cycle that the excitation lasts, the
vibration amplitude of the upper cable increases up to 1.4 m
and that of the shorter lower cable up to 0.7 m. Then, both
amplitudes are gradually reduced, the upper one up to 0.4 m
and the lower one up to 0.3, in 10 sec. Because of the different

lengths of the two cables, thus different geometric stiffness,
masses, and weights, too, large differences of displacements
at the ends of the cross-tie are obtained, thus large stress-
strain loops with a total width Δε ≈ 76 mm/m, which are
responsible for the significant hysteresis damping which is
achieved.

4.3. Third Application: Couple of Cables Connected to Each
Other and to Deck, Subject to Traffic. The cable system of
the second application is, in Figure 5, supplied by one more
thin cross-tie connecting the lower cable with the deck of
the bridge. Because of the stiffness of this additional cross-
tie, the maximum vibration amplitudes of both cables are
significantly reduced, that of the upper cable to 0.7 m and
that of the lower cable to 0.3 m. However, at same time,
this reduction of displacements has a consequence less wide
stress-strain loops in the upper cross-tie with total width
Δε ≈ 38 mm/m and very thin stress-strain loops in the lower
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1 COMMON/A/AW, HO, HO0, DHO, EO, SO, TO, HU, HU0, DHU, ∗EU, SU, TU, WO, WU, N,
LO, LU, FO, FU, MO, MU

2 COMMON/B/EY, ELAST
3 COMMON/C/NN, TK, NK
4 REAL LO, LU, MO, MU, N, NK
5 DIMENSION TK(20), NK(20)
6 OPEN(5,FILE = “TIEIN.TXT”)
7 OPEN(6,FILE=“TIEOUT.TXT”)
8 READ(5,1)LO,LU,HO,HU,DC,DW,DENS
9 1 FORMAT(7F10.0)
10 AC = 3.14159∗DC∗∗2/4.
11 MO = DENS∗AC∗LO/2./10000.
12 WO = −MO∗10.
13 MU = DENS∗AC∗LU/2./10000.
14 WU = −MU∗10.
15 AW = 3.14159∗DW∗∗2/4./10000.
16 READ(5,1)SY,ELAST,SC0,SW0
17 EY = SY/ELAST
18 N = SC0∗AC
19 TO = SW0∗AW
20 TU = SW0∗AW
21 READ(5, 2)NN,TMAX
22 2 FORMAT(I5, F10.0)
23 READ(5,3)(TK(I), NK(I), I = 1,NN)
24 3 FORMAT(40F5.2)
25 STIF1 = 2. ∗N/(LO/2.) + ELAST∗AW/HO
26 STIF2 = 2. ∗N/(LU/2.) + ELAST∗AW/HO+ELAST∗AW/HU
27 STIF12= −ELAST∗AW/HO
28 A = MO∗MU
29 B = −(STIF1∗MU + STIF2∗MO)
30 C = STIF1∗STIF2-STIF12∗∗2
31 D = SQRT(B∗∗ 2− 4. ∗A∗C)
32 W1=SQRT((−B + D)/(2. ∗A))
33 W2 = SQRT((−B + D)/(2.∗ A))
34 T1 = 2.∗ 3.14159/W1
35 T2 = 2.∗ 3.14159/W2
36 DO 4 I = 1, NN
37 4 TK(1) = TK(1)∗ T2
38 DT=T2/(4. ∗ 3.14159)
39 T = 0.
40 UO = (WO−TO)/(2. ∗N/(LO/2.))
41 UU = (WU + TO − TU)/(2. ∗N/(LU/2.))
42 VO = 0.
43 VU = 0.
44 EOPL = 0.
45 EUPL = 0.
46 EW0 = SW0/ELAST
47 HO0 = (HO + UO − UU)/(1. + EW0)
48 HU0 = (HU + UU)/(1. + EW0)
49 CALL EVAL(UO,UU,EOPL,EUPL,GO,GU)
50 5 T = T + DT
51 CALL NHIST(T ,N)
52 UOP = UO + VO∗DT
53 UUP = UU + VU∗DT
54 VOP = VO + GO∗DT
55 VUP = VU + GU∗DT
56 EOPLP = EOPL
57 EUPLP = EUPL
58 CALL EVAL (UOP, UUP, EOPLP, EUPLP, GOP, GUP)
59 UO1 = UO + (VO + VOP)/2. ∗DT
60 UU1= UU + (VU + VUP)/2. ∗DT

Algorithm 1: Continued.
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61 VO1 = VO + (GO + GOP)/2. ∗ DT
62 VU1 = VU + (GU + GUP)/2. ∗DT
63 EOPL1 = EOPL
64 EUPL1 = EUPL
65 CALL EVAL (UO1, UU1, EOPL1, EUPL1, GO1, GU1)
66 UO =UO + (VO+VO1)/2. ∗DT
67 UU = UU + (VU + VU1)/2. ∗DT
68 VO = VO + (GO+GO1)/2. ∗DT
69 VU = VU + (GU + GU1)/2. ∗DT
70 CALL EVAL (UO, UU, EOPL, EUPL, GO, GU)
71 WRITE (6,6)T,N,UO,UU,TO,TU
72 WRITE (6,6)EO,SO,EU,SU
73 6 FORMAT(1X,5(E10.4,1X))
74 IF(T.GT.TMAX) GO TO 7
75 GO TO 5
76 7 CLOSE(5)
77 CLOSE(6)
78 STOP
79 END

Algorithm 1: MAIN program.

1 SUBROUTINE EVAL(UO,UU,EOPL,EUPL,GO,GU)
2 COMMON/A/AW,HO,HO0,DHO,EO,SO,TO,HU,HU0,DHU,EU, ∗SU,TU, WO, WU,

N, LO, LU, FO, FU, MO, MU
3 REAL LO, LU, MO, MU, N
4 DHO = HO + UO − UU −HO0
5 EO = DHO/HO0
6 CALL SE(EO,EOPL,SO)
7 TO = SO∗AW
8 DHU = HU + UU −HU0
9 EU = DHU/HU0
10 CALL SE(EU,EUPL,SU)
11 TU = SU∗AW
12 FO = WO − 2. ∗N/(LO/2.)∗UO − TO
13 FU = WU − 2. ∗N/(LU/2.)∗UU + TO − TU
14 GO = FO/MO
15 GU = FU/MU
16 RETURN
17 END

Algorithm 2: Subroutine EVAL.

1 SUBROUTINE SE(E, EPL, S)
2 COMMON/B/EY, ELAST
3 IF(E,GT.EPL + EY)EPL=E-EY
4 IF(E.LT.EPL)EPL=E
5 IF(EPL.LT.0.)EPL=0.
6 S = ELAST∗(E − EPL)
7 IF(S.LT.0.)S = 0.
8 RETURN
9 END

Algorithm 3: Subroutine SE.
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1 SUBROUTINE NHIST(T,N)
2 COMMON/C/NN, TK, NK
3 DIMENSION TK(20), NK(20)
4 REAL N , NK
5 DO 1 I = 1, NN−1
6 IF((T− TK(1))∗(T− TK(I + 1)).GT.0.) GO TO 1
7 N = NK(I) + (NK(I + 1)−NK(I))/(TK(I + 1)−TK(I))∗(T−TK(I))
8 RETURN
9 1 CONTINUE
10 END

Algorithm 4: Subroutine NHIST.

cross-tie with only Δε ≈ 6 mm/m, resulting in low values of
hysteretic damping.

4.4. Fourth Application: Isolated Cable Subject to Wind. As
shown in Figure 6, an isolated cable is subjected to a resonant
periodic wind drag force. Up to the fifth cycle that the
excitation lasts, the vibration amplitude increases up to about
3.0 m and then remains constant; only a slight algorithmic
damping is observed.

4.5. Fifth Application: Couple of Interconnected Cables Subject
to Wind. Two identical parallel cables are, in Figure 7, inter-
connected by a thin cross-tie. A wind drag force acts on one
cable only; initially, this cable exhibits larger displacements,
but gradually the movement is transferred to the other cable,
too. So, the displacements are divided by two, compared with
those of previous fourth application. During the initial stage
of displacements transfer from one cable to the other, stress-
strain loops of the cross-tie with a total width of medium
size Δε ≈ 33 mm/m appear. From this point on, as the two
cables are identical and perform similar movements, no more
yielding of the cross-tie appears, as shown in Figure 7(g),
thus no more stress-strain loops and hysteretic damping, too.

4.6. Sixth Application: Couple of Interconnected Cables, Addi-
tionally Connected by Diagonals to Pylon and Deck, Subject
to Wind. The cable system of the fifth application is, in
Figure 8, supplied with diagonal ties connected with the
pylon and the deck of the bridge. These diagonal ties offer
a small additional stiffness, perpendicularly to the cables,
which slightly reduces their displacements. However, at same
time, this restriction of displacements further reduces the
total width of stress-strain loops of the cross-tie to Δε ≈
27 mm/m, thus reducing the hysteretic damping.

4.7. Seventh Application: Couple of Interconnected Cables
Subject to Wind, with Small Additional Mass on One Cable.
The cable system of fifth application is in Figure 9, supplied
by a small additional mass to the one of the two cables. So,
the two cables have now different dynamic characteristics
and they perform significantly different movements. As a
consequence, large differences of displacements at the ends of
the cross-tie result, thus wide stress-strain loops with a total

width Δε ≈ 73 mm/m, which implies significant hysteretic
damping. The displacement amplitudes of the cables are now
only about one-fourth of those of the fifth application.

5. Conclusions

Cable vibrations of cable-stayed bridges have been examined.
Either isolated cables or couples of parallel cables, connected
to each other and possibly with the deck of the bridge,
by a very thin pretensioned wire (cross-tie), have been
considered. External excitation is either traffic, which causes
displacements of cable ends on deck and pylon, thus
variation of axial forces, geometric stiffnesses and sags of
cables, too (parametric excitation), or successive pulses of
drag force due to a strong wind, perpendicularly to a vertical
cables’ plane at one side of the bridge.

The proposed analytical model is on the one hand
simplified, as an SDOF oscillator is adopted for every
individual cable, approximating its fundamental vibration
mode. However, on the other hand, the proposed analytical
model is accurate, as it takes into account the geometric
nonlinearity of the cables by their geometric stiffness; also
it includes the material nonlinearity of the cross-ties by their
compressive loosening, tensile yielding, and hysteretic stress-
strain loops.

The equations of the problem of dynamic analysis,
oriented to a specific cable structure, have been written,
consisting of the geometric, constitutive, static, and dynamic
ones, as well as of the given time-history of the external
excitation. By combining these equations, an initial value
problem is obtained. For the step-by-step dynamic analysis of
this problem, the algorithm of trapezoidal rule is proposed,
combined with a predictor-corrector technique, with two
corrections per step. So, no solving of algebraic system is
required within each step of the algorithm.

Based on the proposed algorithm, a short computer
program has been developed, with only 115 Fortran instruc-
tions, consisting of the main program and three subroutines.
A full documentation is given for this program, which means
transparency of computation.

Seven numerical experiments have been performed by
the aforementioned program, three with variation of axial
forces of cables due to traffic (parametric excitation) and four
with successive pulses of drag force due to a strong wind.
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On the basis of previous series of numerical experiments
some observations with practical usefulness are made.
(These are not strict theoretical conclusions, but simple
observations based on the results of numerical experiments.)

It is confirmed by the series of numerical experiments,
the great advantage of pretensioned cross-ties, that although
they are very thin, with ratio of cross-section area of a cable
to that of a cross-tie of magnitude order 1000, however, they
possess an axial elastic stiffness comparable in magnitude
to the geometric stiffness of cables, with magnitude order
50 kN/m, along the same direction, that is perpendicularly
to cables axes.

The in-plane cross-ties (within a vertical cables plane)
are intended to suppress cables’ variations from parametric
excitation due to traffic, whereas the out-of-plane cross-ties
(transverse ones connecting cables at two sides of bridge) are
intended to suppress cables vibrations from successive pulses
of drag force due to a strong wind.

General observation from all numerical experiments: in a
couple of parallel cables connected to each other and possibly
with the deck of bridge by cross-ties, even a single cross-tie
proves effective by its hysteresis damping (due to stress-strain
loops) in suppressing large amplitude cable vibrations under
the following circumstances: if the two cables have different
dynamic characteristics, for example, different lengths which
imply different masses, weights, and geometric stiffnesses,
too, or if one of them has a small additional mass.

Appendices

A. Documentation of the Proposed Computer
Program

In this appendix, documentation is given for the proposed
computer program, for the step-by-step dynamic analysis
of the third application, that of a couple of parallel cables
connected to each other and to the deck of bridge by a thin
cross-tie and subject to a variation of their axial forces.

A.1. Description of Program Line by Line. The description
refers to the complete numbered list of Fortran instructions
of Algorithms 1, 2, 3, 4.

MAIN Program. The first seven lines include nonexecutable
statements. Particularly, in the three first lines, the COM-
MON instructions connect the MAIN program with the
three subroutines, by their common variables.

In the next 17 lines, 8 up to 24, the input data are
read: geometric data and density of steel in lines 8-9, the
parameters of σ-ε law of steel along with the pretension
stresses of cables and cross-ties in line 16, and the time-
history of axial forces of cables given by the coordinates of
nodes of piecewise linear curve N-t in lines 21–24. In lines
10–15 and 17–20, some simple preliminary calculations are
performed to determine cross-section areas and pretension
forces of cables and cross-ties, as well as masses and weights
of cables and yield strain of steel. In lines 25–35, the initial
characteristic equation of the cable structure is solved, so

that to find its natural frequencies and periods. In lines
36-37, the time scale of the given time history of external
excitation is expanded so that to obtain a period equal to
the fundamental one Tmax of the structure, in order to cause
resonance, whereas in line 38, the minimum natural period
Tmin of the structure dictates the time-step length Δt of the
algorithm, so that to assure accuracy of computation.

In lines 39–49, the initial conditions are established: time
t = 0 in line 39, determination of initial static displacements
of cables in lines 40-41, evaluation of undeformed lengths
of cross-ties in lines 42–44, zero initial velocities of cables in
lines 45-46, zero initial plastic strains of cross-ties in lines 47-
48, and evaluation of initial strain and stress state of structure
by calling subroutine EVAL in line 49.

In line 50, any step of algorithm begins by increasing time
t by Δt. In line 51, by calling subroutine NHIST, the present
value of axial force of cables is determined. In lines 52–55,
the prediction of values of displacements and velocities is
performed, and in lines 56–58 by calling subroutine EVAL
the corresponding plastic strains and accelerations are found.
So in lines 52–58 the prediction of state vector within a step
of algorithm is performed. In lines 59–65 the first correction
of value of state vector is made by use of trapezoidal rule. And
in lines 66–70, the second and final correction. In lines 71–
73, the output data of present step of algorithm are written
(time t, axial force N of cables, displacements uo and uu of
cables, axial forces So and Su of cross-ties, strains and stresses
εo-σo and εu-σu of cross-ties).

In lines 74–79 if a maximum time has been exhausted,
the algorithm is interrupted. Otherwise, we continue to the
next step of the algorithm.

Subroutine EVAL. Lines 1–3 are nonexecutable statements.
In lines 4–7, from the displacements of cables, the elongation,
strain, stress by calling subroutine SE, and axial force of
upper cross-tie are determined. In lines 8–11, the corre-
sponding quantities are found for the lower cross-tie. In lines
12-13, the vertical nodal forces on centers of upper and lower
cables are determined and in lines 14-15 the corresponding
accelerations.

Subroutine SE. In lines 3–5, the new plastic strain of the
cross-tie is found. In lines 6-7, the stress of the cross-tie is
determined.

Subroutine NHIST. In line 5 is found the time interval where
present time t is included. In line 6, a linear interpolation
is performed between the two end-nodes of the previous
time interval, in order to find the axial force N of cables
corresponding to present time t.

A.2. List of Fortran Instructions

MAIN Program.
See Algorithms 1, 2, 3, and 4.
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A.3. Variables Explanation

MAIN Program.

A = mo ×mu coefficient of characteristic equation

AC: cross-section area of a cable

AW: cross-section area of a wire (cross-tie)

B = −(K11mu + K22mo) coefficient of characteristic
equation

C = K11 × K22 − K2
12 coefficient of characteristic

equation

D = (b2 − 4ac)1/2 coefficient of characteristic equa-
tion

DC: cross-section diameter of a cable

DENS: density of steel

DHO: elongation of upper tie

DHU: elongation of lower tie

DW: cross-section diameter of wire (cross-tie)

DT = Δt, time steplength of algorithm

ELAST: initial elasticity (Young) modulus

EO: strain of upper tie

EOPL: plastic strain of upper tie

EOPLP: prediction of EOPL

EOPL1: first correction of EOPL

EU: strain of lower tie

EUPL: plastic strain of lower tie

EUPLP: prediction of EUPL

EUPL1: first correction of EUPL

EVAL: subroutine for evaluation of strain and stress
state of the structure

EW0: pretension strain of wires (cross-ties)

EY: yield strain of steel

FO: vertical nodal force at center of upper cable

FU: vertical nodal force at center of lower cable

GO: vertical acceleration at center of upper cable

GOP: prediction of GO

GO1: first correction of GO

GU: vertical acceleration at center of lower cable

GUP: prediction of GU

GU1: first correction of GU

HO: design (nominal) length (height) of upper cross-
tie

HO0: undeformed length (height) of upper cross-tie

HU: design (nominal) length (height) of lower cross-
tie

HU0: undeformed length (height) of lower cross-tie

LO: length of upper cable

LU: length of lower cable

MO: mass of upper cable

MU: mass of lower cable

N : axial force of a cable

NHIST: subroutine for given time-history of N

NK: ordinate of a node of piecewise linear curve N-T

NN: number of nodes of piecewise linear curve N-T

SO: stress of upper cross-tie

STIF1: K11 elements of stiffness matrix

STIF2: K22 elements of stiffness matrix

STIF12: K12 elements of stiffness matrix

SU: stress of lower cross-tie

SW0: pretension stress of wires (cross-ties)

SY: yield stress of steel

T : time

TIEIN: input file

TIEOUT: output file

TK: abscissa of a node of piecewise linear curve N-T

TMAX: tmax, maximum time of observation

TO: axial force of upper cross-tie

TU: axial force of lower cross-tie

T1: Tmin extreme natural periods of structure ¡list-
item¿¡label/¿

T2: Tmax extreme natural periods of structure

UO: vertical displacement of center of upper cable

UOP: prediction of UO

UO1: first correction of UO

UU: vertical displacement of center of lower cable

UUP: prediction of UU

UU1: first correction of UU

VO: vertical velocity of center of upper cable

VOP: prediction of VO

VO1: first correction of VO

VU: vertical displacement of center of lower cable

VUP: prediction of VU

VU1: first correction of VU

WO: weight at center of upper cable

WU: weight at center of lower cable

W1: ωmax extreme natural frequencies of the struc-
ture

W2: ωmin extreme natural frequencies of the struc-
ture.

Subroutine EVAL. Only the following variable is different
from those of MAIN program:

SE: subroutine for stress-strain law of a cross-tie.
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Subroutine SE. Only the following variables are different
from those of MAIN program:

E: strain of a cross-tie

EPL: plastic strain of a cross-tie

S: stress of a cross-tie.

Subroutine NHIST. All the variables are the same as in
MAIN program.
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New experimental data on plan dimensions for riprap mattresses used in pile group protection against edge failure are analyzed.
The influence of flow conditions and the distance between piles in plan dimensions of riprap mattresses are addressed. An
alternative methodology for the experimental study of edge failure in pile groups is proposed and verified, significantly reducing
the duration of tests (from several days to a few hours) and yielding similar results. For the pile group configuration tested, a
design expression for minimum riprap width is obtained. The influence of the distance between the piles on the width of riprap
dimensions is shown to be small, and the proposed expression compares well with some of the expressions for single piers found
in the literature.

1. Introduction

There are basically two different ways of actively protecting
alluvial bridges against the local scour that develops at
their foundations. First, armouring devices (e.g., riprap
mattresses or cable-tied blocks) that strengthen the bed
against scour and secondly, flow-altering devices (e.g., slots
or sacrificial piers) that weaken the flow capacity to remove
sediment around the bridge foundation. Riprap mattresses
are probably the most frequently used of all methods and,
because riprap elements are expensive, a proper knowledge
of the problem is required in order to obtain an economical
and safe design [1]. Due to the complexity of the physical
mechanisms related to turbulent three-dimensional flow
involving sediment transport, the experimental approach is
a usual practice to analyze this problem.

While in the last twenty years, intensive work has
been done to improve knowledge of riprap design as a
countermeasure against local scour both for bridge abut-
ments [2–7] and for single piers [8–11], little work has
addressed the case of pile groups. Although pile groups are
frequent structures for bridge foundations, to the author’s
knowledge, the only works devoted to the protection of pile
groups are those by Vittal et al. [12], Zarrati et al. [13],

and Simarro et al. [14]. Furthermore, Vittal et al. [12] and
Zarrati et al. [13] consider flow altering devices (collars),
while Simarro et al. [14], who does analyze riprap mattresses,
only addresses the problem of riprap block sizing.

There are basically four different failure mechanisms
for riprap mattresses, namely, shear failure, edge fail-
ure, winnowing failure, and bed-form undermining [8].
A fifth mechanism involving bed degradation could be
added. Although these four mechanisms are not entirely
independent, there is common agreement on how each
mechanism can be avoided. For instance, shear failure—
which occurs when riprap blocks are mobilized due to shear
stress transmitted by flow—can be avoided if the riprap
blocks are sufficiently large. Winnowing failure, in which
the underlying finer bed material escapes through the voids
of the riprap, is due to the differences between bed and
block sizes and can be avoided using a gravel or synthetic
filter. Bed-form undermining is riprap instability due to
sand dunes passing through riprap elements and can be
avoided by placing the riprap mattress below the trough of
the expected bed-forms. Finally, edge failure, the mechanism
this work is focused on, occurs when the local scour hole that
develops at the river bed beyond the riprap mattress, affects
riprap protection by causing its blocks to fall (as shown
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Figure 1: Edge failure mechanism in pile group model. Water
flowing leftwards.

⊗
Flow direction

⊗
Flow direction

Figure 2: Pile group configuration used in experimental campaign.

in Figure 1). Edge failure is avoided by making the riprap
mattress sufficiently wide.

The mechanisms are usually analyzed separately, and the
worst conditions are considered in each case. For edge failure,
the flow conditions are such that the river bed material
(finer than the riprap blocks) is close to the entrainment
condition, that is, u ≈ uc, where u is the mean velocity of
the approaching flow, and uc is the critical mean velocity for
bed material entrainment. Because the local scour process
occurring by the riprap mattress can develop slowly over
time, long experiments (lasting more than 1 week) are
usually required to assess whether a given mattress width is
sufficient or not [5].

Recently, Ballio et al. [15] have presented an experimen-
tal investigation on temporal scales for live-bed scour al
abutments, finding that the time taken to reach equilibrium
scour depth rapidly decreases as the flow intensity increases.

d

Flow direction

l

l

m(= 3)

n(= 2)

Figure 3: Plan view of the pile group and riprap mattress.

Taking into account the above result, in this work we will
find an expression for the required extent (width) of the
riprap mattress to protect a given pile group geometry. The
approach is so that the required time of each experiment
is reduced to few hours. In the next section, the proposed
methodology is presented; followed by the experimental
setup and results and finally, some concluding remarks are
made.

2. Methodology

In this work we study the case in which only the pile group
is exposed to flow (Figure 2), that is, the fifth case of those
considered by Coleman [16].

Assuming uniform bed material and a normal flow to the
pile group (i.e., with a zero skew angle, as shown in Figure 3),
and negligible contraction and viscous effects, the required
riprap mattress width, w, as defined in the same Figure 3, can
be expressed as

w = φ
(
u,h, ρ, ρs,d50, g,d,Γ,n,m

)
, (1)

where u and h are the approaching mean velocity and water
depth, ρ is the water density, d50 is the size of the bed
sediment, ρs the sediment density (bed and riprap), g the
gravity, d the diameter of the individual piers and Γ ≡ l/d, m
and n dimensionless numbers defining the geometry of the
pile group (Figure 3). We remark that the width w does not
depend on the size of the riprap blocks [7].

Applying dimensional analysis to the above expression,
and noting that in the pile group experiments m = 3 and
n = 2, we get

w

d
= φ

(
u2

gd50
,
h

d
,
ρs
ρ

,
d50

d
,Γ

)
(2)
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or alternatively [17],

w

d
= φ

(
I ≡ u

uc
,
h

d
,
ρs
ρ

,
d50

d
,Γ

)
, (3)

where uc is computed ignoring any upstream viscous effects.
Since ρs/ρ = 2.65 in all experiments (as in real

problems), the dimensionless group ρs/ρ can be ignored
above. Furthermore, overlooking the influence of d50/d [18],
as the influence of d50 is described through u/uc, we finally
obtain

w

d
= φ

(
I ≡ u

uc
,
h

d
,Γ
)
. (4)

As mentioned above, in the literature for edge failure
experiments, flow intensity I is set close to one (I ≈ 1)
and the experiment is run until an equilibrium condition
is reached. “Equilibrium criteria,” such as those proposed
by, for example, Cardoso and Bettess [19] or Melville and
Chiew [20] are required to establish when the experiment is
finished. These equilibrium criteria are subject to errors that
can be of significance, as noted by Simarro et al. [21].

Here, we consider keeping flow conditions constant
during the experiment, but use weak live bed conditions (I ≈
1.3) in order to speed up the local scour process occurring by
the riprap mattress. In this way, bed-forms will be generated,
so that bed-form undermining failure can occur. However,
these bed-forms will be relatively small (2 cm) and their
influence will be shown experimentally as negligible in our
problem (the results of w/d will be compared for I ≈ 1 and
I = 1.3). This procedure will also be used for single piers
(case m = n = 1), in order to compare the experimental
results with those available in the literature for single piers.

3. Experimental Setup and Procedures

The experiments have been carried out at the Civil Engineer-
ing School hydraulics laboratory at the University of Castilla-
La Mancha (UCLM), Spain. The 30 m-long and 75 cm-wide
tilting flume described by Chreties et al. [22] was used.

The single pier (case m = n = 1) or the pile group
model (considering always m = 3 and n = 2) was placed
in a recess box about 20 meters downstream of the beginning
of the flume. In all cases, d = 6.3 cm. The piles were built
in plastic and filled with cement to ensure their stability. The
bed sediment used is a quartz sand with ρs = 2650 kg/m3,
d50 = 1.65 mm and granulometric dispersion σg = 1.27
(<1.3 so that the sediment can be considered as uniform).
Parameter Γ, which appears in (4), had a range of 2 � Γ � 3.
This is a usual range in engineering practice and group effects
are likely to play a role according Ataie-Ashtiani and Beheshti
[23] results for local scour in unprotected pile groups with
zero skew angle. For Γ > 3, the group effect is negligible and
for Γ = 2 the scour depth is 25% higher than that for the
single pier.

The riprap mattress configuration used in the experi-
mental campaign is shown in Figure 3. The medium size of
the riprap blocks, dr50, was always dr50 = 16.44 mm, which
proved to resist shear failure in all cases. Winnowing failure

was avoided by using a synthetic flexible filter between the
riprap and the sand bed below in the riprap zone. Mattress
thickness, t, was set following recommendations as three
times the block size, that is, t = 3dr50. The top of the
riprap layer was leveled with the surrounding bed. In the
live bed experiments (i.e., I = 1.3 in Table 1), the bed-
form height was measured upstream the pile group. It was
checked to be � 2 cm, being the mattress thickness almost
5 cm. Within the scour hole, the dynamics of the sediment
transport is modified, and the amplitude of the bed forms
was slightly increased. In any case, it was verified that bed-
form undermining did not occur. In fact, the whole influence
of the bed forms in the problem was shown to be small (as
shown in the following section). For live-bed experiments
it was also checked that bed degradation is negligible at the
working zone (which is 20 meters downstream the beginning
of the flume).

For a given mattress width,w, and Γ, the volume of riprap
stones was calculated from Figure 3, taking into account that
t = 3dr50. A flexible plastic plate was inserted vertically in the
sand bed along the external perimeter of the idealized riprap
mattress, and the same volume of sand was carefully removed
from the space the stones were to fill. After deploying the
filter, the volume of riprap was finally poured into the
excavated sand bed, ensuring that the top level was the
same as the surrounding sand bed. In all the tests, a row of
red-painted stones were carefully hand-placed around each
individual pile (see Figure 4(a)).

Once the pile group and riprap mattress were in position,
the flume was slowly filled to the top with water and then
driven to get (in this order) the desired flow rate and
water depth. The water depth, controlled through a tail-
gate downstream, was chosen to obtain the desired h/d, in
expression (4), within the range 1.5 � h/d � 2.5. The flow
rate, controlled with an electromagnetic flowmeter with an
accuracy of 1.1%, was set so as to get I = 1 or 1.3 (Table 1).
In computing uc, the expression by Neil [24] was considered.
The maximum depth scour into scour holes was measured
using a point gage after 1, 2, 5, 7.5, 10, 15, 20, 30, 45, and 60
minutes from the beginning, then every hour during the first
12 hours and less frequently after the first 12 hours.

Two different kinds of experiments were carried out: (a)
canonical tests (C1 to C7), where I = 1 and (b) live bed
tests (L1 to L18), where I = 1.3. For canonical tests, “C”, the
flume slope was set at 0.07%, while for the live bed tests, “L”,
the slope was set at 0.11%. In both cases it was assumed that
edge failure occurred when at least one red-painted stone was
dislodged from its original position (Figure 4(b)). Canonical
experiments were run until edge failure occurred (“fail” in
Table 1) or until Melville and Chiew [20] equilibrium criteria
were satisfied for the scour developed at the bed around
the mattress (i.e., the scour depth in 24 hours less than
5% of the pier diameter d). If “equilibrium” was reached
and the red stones remained unaffected, the mattress was
considered to resist (“no fail” in Table 1). For the live-bed
tests, experiments were stopped if the mattress failed (i.e.,
“fail”) or after 24 hours (“no fail”), since under weak live
conditions the (dynamical) equilibrium has shown to be
reached much faster [18].
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(a) (b)

Figure 4: Edge failure test: experimental setup (a) and block dislodgement (b).

Table 1: Experimental conditions and results for pile groups and single piers.

Test Model Γ I h/d w/d result Duration (h)

L1 Group 3 1.3 1.5 1.11 No fail 24

L2 Group 3 1.3 1.5 0.95 No fail 24

L3 Group 3 1.3 1.5 0.79 Fail 5

L4 Group 3 1.3 2.0 1.11 No fail 24

L5 Group 3 1.3 2.0 0.95 Fail 19

L6 Group 3 1.3 2.5 1.27 No fail 24

L7 Group 3 1.3 2.5 1.11 No fail 24

L8 Group 3 1.3 2.5 0.95 Fail 4

L9 Group 2 1.3 1.5 0.95 No fail 24

L10 Group 2 1.3 1.5 0.79 Fail 1

L11 Group 2 1.3 2.5 1.11 No fail 24

L12 Group 2 1.3 2.5 0.95 No fail 24

L13 Group 2 1.3 2.5 0.79 Fail 5

L14 Single — 1.3 2.5 0.95 No fail 24

L15 Single — 1.3 2.5 0.79 Fail 4

L16 Single — 1.3 1.5 0.95 No fail 24

L17 Single — 1.3 1.5 0.79 No fail 24

L18 Single — 1.3 1.5 0.63 Fail 1

C1 Group 3 1.0 2.0 0.95 No fail 120

C2 Group 3 1.0 2.0 0.79 Fail 24

C3 Group 3 1.0 2.5 0.95 No fail 117

C4 Group 3 1.0 2.5 0.79 Fail 68

C5 Group 3 1.0 2.5 0.63 Fail 1

C6 Single — 1.0 2.5 0.95 No fail 110

C7 Single — 1.0 2.5 0.79 Fail 24

If, under given flow conditions, a mattress with a given
width w resisted, a new width one centimeter smaller was
tested in order to find the largest failing width and the
minimum stable one.

4. Experimental Results and Discussion

The description of riprap edge failure observed in the ex-
perimental campaign corresponds, essentially, to that for
single piers as described by Unger and Hager [1].

Table 1 shows the main features of each experiment.
Recalling expression (4), it includes w/d, I = u/uc, h/d and Γ
(Γ only for the tests for pile groups). The table also describes
whether the mattress failed or not as well as the experiment
duration. A total of 18 tests were carried out for pile groups
(5 of them canonical, “C”) and 7 for single piers (2 canonical
ones).

In order to show the implications of setting I = 1.3 (L-
tests) instead of I ≈ 1 (C-tests) on the required time, Figure 5
shows the time history of the scour for tests L6 to L8 and
C3. These four tests share h/d = 2.5 and Γ = 3. Also, tests



Advances in Civil Engineering 5

10 1000 100000
0

1

2

3

Time (s)

d s
/d

Figure 5: Canonical and live-bed results for Γ = 3. I = 1, w/d =
0.95 (line); I = 1.3, w/d = 0.95 (black circles); I = 1.3, w/d = 1.11
(squares); I = 1.3, w/d = 1.27 (triangles).
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Figure 6: Canonical and live-bed results for the pile group with
Γ = 3. I = 1.3 no fail (black squares); I = 1.3 fail (+); I = 1 no fail
(circles); I = 1 fail (crossed).

L6 to L8 have I = 1.3 (with different w/d), while I ≈ 1
for test C3. From Figure 5, several aspects are to be noted:
first, the equilibrium depth for C3 is dse/d ≈ 0.97, notably
smaller than if there had been no protection (dse/d ≈ 2.4
according to Melville [18]); secondly, and more interestingly
for our purposes, the maximum scour depths, normalized
by d, for tests L6 to L8, are 0.87, 0.88, and 0.94, respectively
(noting that the scour depths now oscillate due to the passage
of bed-forms). Hence, the aim of using I ≈ 1 being to obtain
the worse scour conditions in the surrounding bed mattress,
using I = 1.3 will obtain similar conditions (significantly,
the difference between L8 and C3, as those also sharing
w/d = 0.95, is just 3%). Finally, regarding time evolution,
from Figure 5 it is clear that time evolution is much faster
for L-tests: the maximum scour is already reached after ≈
3000 s, that is, less than one hour. Together with the fact that
bed-form undermining will be small, as shown below, these
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Figure 7: Experimental duration reduction. Canonical and live-bed
experiments. I = 1.3 no fail (black squares); I = 1.3 fail (+); I = 1
no fail (circles); I = 1 fail (crossed).

results justify the use of I = 1.3 for speeding up riprap edge
failure experiments in pile groups.

One main experimental result validating the use of live-
bed tests is plotted in Figure 6. This figure shows, as a
function of h/d, the results obtained for pile groups with
Γ = 3 using I ≈ 1 (C-tests) and I = 1.3 (L-tests). The
minimum stable and maximum failing widths are plotted. As
depicted from the figure, the results are similar and using L-
tests fall slightly on the safety side. Because in L-tests there is
sediment transport, bed-form undermining can have some
(small) influence which makes the results slightly on the
safety side.

We remark that L-tests are much shorter than canonical
ones, and here comes the main advantage. This fact is
stressed in Figure 7, showing the experimental time for C-
and L-tests for all the experiments in Table 1. The longer
tests (those where the mattress resists) took around 120 h for
C-tests and only 24 h for the L-tests. Moreover, the results
in Figure 5 suggest that this time could have been further
reduced to few hours.

To further validate the use of weak live-bed conditions
(I = 1.3), Figure 8 shows the results obtained for single piers
(L14 to L18, C6 and C7) together with the upper and lower
limits proposed by Lauchlan [26] (also see Melville et al.
[25]), that consider

1.0 � w

d
� 1.5. (5)

First, the results using L- and C-tests in Figure 8 are, as
in Figure 6, similar (in fact, now they coincide for h/d =
2.5, the only case where they can be compared). Secondly,
our experimental results fall slightly below the lower limit
proposed by Lauchlan [26], that is, w/d = 1.0. However, we
recall that the expression by Lauchlan [26] is an envelope of
the experimental data.
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Figure 8: Canonical and live-bed results for the single pier
compared with the expression by Melville et al. [25] upper and
lower limits (dashed line). I = 1.3 no fail (black squares); I = 1.3
fail (+); I = 1 no fail (circles); I = 1 fail (crossed).
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Figure 9: Experimental results for pile groups and proposed
expression (7): w/d = 1.11 (dashed line). Γ = 3 no fail (black
squares); Γ = 3 fail (+); Γ = 2 no fail (circles); Γ = 2 fail (crossed).

Finally, recalling expression (4) and recognizing that we
are considering the most demanding situation in terms of
flow intensity, we can write

w

d
= φ

(
h

d
,Γ
)

, (6)

and, from the experimental data, we can give an expression
for φ in our range. Figure 9 shows the experimental results
to be used (all data for the pile group). From Figure 9, w/d
has a weak dependence on both Γ and h/d (for h/d � 2).
This is relatively unsurprising: on the one hand, although
there is no clear consensus, group effects are usually small
for Γ � 2; on the other hand, for h/d � 2 essentially we have
“narrow piles” and, since we normailize w with d, the role of
h/d becomes negligible [18]. The above is in good agreement

with the results by Simarro et al. [14] for riprap block design.
The proposed expression is simply

w

d
= 1.1, (7)

for 2 � Γ � 3, 1.5 � h/d � 2.5, d50/d = 0.026, dr50/d = 0.26,
m = 3, n = 2, and for zero skew angle. The above expression
should also work well, in accordance with the arguments
given above, for other values of d50/d = 0.026 and dr50/d =
0.26; for h/d > 2.5 and for Γ > 3.

5. Concluding Remarks

Using I = 1.3 instead of I = 1, the duration of ex-
periments to assess required riprap mattress’ width to resist
edge failure can be significantly reduced. Although we are
mixing two different mechanisms (edge and weak bed-form
undermining), the influence of the later appears to be small
and gives results on the safety side, therefore justifying the
use of weak live-bed conditions. An expression for the riprap
width is given for a given pile group geometry, where m = 3
and n = 2.
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