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Infrastructural systems are important components in the
modern society. The design and construction of resilient civil
infrastructures is an effective way to reduce or even avoid
large economic losses due to the downtime of the infra-
structure after a strong natural or manmade hazard. Fol-
lowing the 2018 Special Issue on resilient civil
infrastructures, this 2020 Annual Issue addresses the chal-
lenges and emerging problems in the research area of re-
silient infrastructural systems under dynamic loadings, e.g.,
wind, traffic, tsunamis, and earthquakes.

After a rigorous reviewing process, eight papers have
been finally selected for publication. Three papers address
the seismic behavior of structures and structural joints in-
cluding “Seismic Performance Analysis of Self-Centering
Concentrically Braced Steel Frame Structures” by E. Xiong
et al., “Seismic Response Study of Tunnels Running un-
derneath a Subway Station in Parallel” by F. Sun et al., and
“Seismic Behavior of Hybrid Frame Joints between Com-
posite Columns and Steel Beams” by L. Chu et al. The impact
resistance of a honeycomb shelter was studied in “Anti-
penetration Performance of Honeycomb Shelter under Two
Repeat Projectile Strikes” by Q. Wang et al. Two papers
entitled “Vibration-Isolation Performance of a Pile Barrier
in an Area of Soft Soil in Shanghai” by X. F. Ma et al. and
“Analysis of Lateral Dynamic Response of Caisson Foun-
dation in Layered Clayey Soils considering Scour-Hole
Dimensions” by W. Tu et al. investigate the soil-foundation
interactional responses. Vehicle-induced vibration is studied

in “Dynamic Reliability of Continuous Rigid-Frame Bridges
under Stochastic Moving Vehicle Loads” by N. Lu et al.
Finally, L. Wang et al. present a study on “Transmitting
Characteristics of Seismic Motion in Super-Deep Over-
burden Layer Ground.”

We hope that the publication of the Special Issue will
address some of the current challenges and stimulate further
research in the related field.
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Dynamic response characteristics and antiseismic performance of the structures which were constructed on the super-deep overburden
layer are affected obviously by the seismic motion characteristics of the super-deep overburden layer foundation. In this paper, the
seismic motion characteristics of horizontally stratified super-deep overburdenIn this paper, the seismic motion characteristics of
horizontally stratified super-deep overburden based on the research results of on-site in situ tests and indoor material property tests, the
horizontal shear layer method that can consider the nonlinear characteristics of dynamic soil deformation and the characteristics of
seismic wave propagation in the soil is used to study the characteristics of ground motions of super-deep and thick overburden level of
an earth-rock dam in China. The influence law of input ground motion characteristics and input ground motion position on seismic
response analysis results of overburden ground is studied. Taking the uniform overburden layer model as an example, the coupling
influence analysis of soil layer thickness and shear velocity on ground motion response are carried out, and the coupling influence law is
proposed. The study shows that the seismic motion propagating characteristics of the earthquake in super-deep overburden layer is
involved, inputting location of the seismic motion affects the results of ground seismic response greatly; super-deep overburden layer
thickness and the soil shear wave velocity on influence law of ground motion characteristics have coupling. When the shear wave
velocity of the soil layer is constant, the surface acceleration response has an inflection point with the change of the soil layer thickness;
when the thickness of overburden is constant, the surface acceleration response also has an inflection point with the change of shear
wave velocity of the soil layer; these inflexion values are influenced by both soil thickness and shear wave velocity.

1. Introduction

With the extensive and in-depth development of the global
water conservancy and hydropower industry, the problem of
strong earthquakes and deep overburden foundations has
become a double challenge for hydropower project con-
struction, and it is difficult to evade, becoming a controlling
factor for the successful construction of many projects [1].
The main structure of the CCS (Coca Codo Sinclair) hydro
project in Ecuador has been built on a super-deep over-
burden over 200m thickness. There are several active vol-
canoes around the project site, and the intensity of the
maximum credible earthquake is IX degree. The asphalt
concrete core dam of Xiabandi hydro-junction (in Xinjiang

province of China) was constructed on the deep overburden
layer which has a maximum depth of 150 m, and the basic
earthquake intensity of the dam site is VIII degree. The Yele
earth-rock fill dam had been constructed in the Sichuan
province of China, and the maximum depth of the dam
foundation overburden layer is over 400 m. The seismic
fortification intensity of the dam is IX degree, and the
maximum horizontal acceleration of the bedrock was de-
termined as 441.5 gals according to the results of region
earthquake hazard analysis.

The ground motion characteristics of the site with deep
overburden in the river valley have an essential influence on
the dynamic response characteristics of the upper earth-rock
dam, gate dam, and diversion structure [1], because the
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characteristics of earthquake inputting from the bedrock
down overburden layer are changed greatly by the deep
overburden layer. The analyzed object is the structural
system that contains the structure and its near-field foun-
dation in the dynamic analysis of hydraulic structure on
deep overburden layer normally, and the size of the structure
near-field foundation is limited. Because the response of
local area in the structure should be paid more attention,
together with the demand that the numerical element size
should be coordinated with the wavelength, the scale of the
structure foundation should not be too large considering the
difficulty and working load of calculation. Especially when
the thickness of the overburden layer in the valley is rela-
tively large relative to the height of the structure, it is ob-
viously inappropriate to take the soil layer within the
thickness of the entire overburden layer as the near-field
foundation of the calculation model. It is advisable to cutoft
the foundation of the overburden layer and take only a cover
layer of a certain thickness is used as the calculated near-field
foundation. The seismic motion of this truncated boundary
is different from the seismic motion of the bedrock surface
under the soil layer. The ground seismic response analysis of
the deep overburden layer should be conducted to study the
influence law of overburden layer on the characteristics of
the seismic motion inputted from bedrock. The seismic
motion characteristics of calculation model boundary
should be determined to provide seismic motion charac-
teristic parameters for the dynamic analysis of the structure
and foundation system on the deep overburden layer [2].
Besides, the application of the pseudostatic method in hy-
draulic structure design should be in the premise of that
determining the seismic motion characteristic parameters of
calculation model boundary [3].

Wang et al. [4] discussed the influence of boundary
interception range on acceleration response of dam body
when wave method is adopted. The results show that the
acceleration response of the dam is obviously higher than
that of the fluctuation method, and the vertical seismic
action is more significant. The sensitivity of the fluctuation
method is obviously lower than that of the vertical seismic
input when the horizontal ground motion is input. Ting and
Shao [5] carried out the sensitivity analysis of the thickness
of overburden, the peak value of input seismic wave, and the
thickness of soft soil layer in the overburden. It is concluded
that the thickness of overburden, the peak value of input
acceleration, and the thickness of soft soil layer are positively
correlated with the attenuation of the magnification of the
base surface, and the basic law of the acceleration magni-
fication of overburden with elevation is attenuation firstly
and then amplification. When there is a weak soil layer, the
secondary attenuation of dynamic reaction will occur in the
soil layer due to its filtering isolation. Han et al. [6] compared
and analyzed the dynamic response of the lower dam for the
seismic action of pulse type and nonpulse type. The results
show that the impulse ground motion has a certain influence
on the acceleration response of the high earth-rock dam on
the deep overburden. It makes the dam body deform greatly
in a very short time, which is not conducive to the dam
safety. Taking into account the change of soil thickness, the
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change of bedrock topography, and the influence of new
structure, Yang et al. [7] studied the influence of the change
of overburden structure on-site ground motion and con-
cluded that the overburden has a significant influence on the
amplitude of site ground motion. Zhu et al. [8] and Wang
et al. [9] believe that the dynamic response of the dam on the
deep overburden is a single relationship with the thickness of
the overburden and the input of ground motion, and there is
no superposition effect.

There is an earth-rock fill dam whose main body
structure is constructed on the valley super-deep overburden
layer in China, and it is the first case in global dam engi-
neering fields for that the maximum thickness of this super-
deep overburden layer is more than 500 m [10]. The dam is
constructed on a high earthquake-intensity site in which the
horizontal peak acceleration of bedrock is over 500 gal with
the exceeding probability of 2.0 in 100 years. Not only the
thickness of the overburden layer foundation is large but also
the structure of soil layer is complicated that can be un-
derstood in the following description, and the difficulty of
foundation treatment is serious. Taking this super-deep
overburden layer as the basic research object, seismic motion
transmitting characteristics of the overburden layer foun-
dation have been studied deeply in the paper. The influence
rules of the seismic motion characteristics of earthquake
inputting from bedrock and the inputting position of the
earthquake in the ground seismic response analysis on the
seismic motion transmitting characteristics of soil layer have
been analyzed too. Moreover, series of ground models with
thickness and shear wave velocity of soil layer are different
and are established based on the former real super-deep
overburden layer model. The coupling influencing analysis
of soil layer thickness and shear velocity on the seismic
motion characteristics of ground is performed, and the
coupling influencing rule is proposed in the end.

2. Analysis Methods

2.1. Summary of Ground Seismic Analysis Methods. The
methods of determining ground seismic motion parameters
can be classified into two types generally: one is the speci-
fication method, which is summarized based on the engi-
neering experience, and it can be used simply and
conveniently by engineers; the other is the ground seismic
analysis method, in which theoretical models and calculating
process are more complete, and the calculating model should
be established based on the real site condition firstly. There are
two types of ground seismic analysis methods, the back
analysis method and the forward analysis method. The back
analysis method can obtain the seismic motion parameters of
the soil layer in any depth underground surface when the
natural earthquake of soil layer ground free surface has been
recorded and can obtain the seismic motion parameters of
bedrock surface too. The forward analysis method can study
the seismic motion characteristics of soil layer in any height
up bedrock surface when the site earthquake of horizontal
bedrock free surface has been defined by the region earth-
quake hazard analysis, and the seismic motion characteristics
of ground surface can be obtained too.
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Based on the simplification mode of the soil layer
structure, the ground seismic analysis methods can be
distinguished as horizontal layer shearing method, cen-
tralized mass system method, numerical analysis method
(such as finite element method), and so on. Meanwhile, they
also can be distinguished as time-domain analysis method
and frequency-domain analysis method based on the solving
method. The horizontal layer shearing method and the
centralized mass system method are suitable for the ground
seismic analysis of horizontally stratified soil layer under the
shear horizontal waves, and they can be solved using a linear
method or equivalent nonlinear method [11-13]. Using the
finite element method and the other numerical analysis
methods, we obtain the ground seismic analysis of soil layers
in which geometry shapes are arbitrary under multidi-
mensional earthquakes, and they can be solved using the
linear method, equivalent linearization method, and real
nonlinear method [14, 15].

For the horizontally stratified super-deep overburden
soil layer ground in which thickness is over 500m, it is
reasonable and feasible that the ground seismic analysis of
soil layer is carried out using the horizontal layer shearing
method which can consider the superposition effect of the
incident wave and reflected wave and the influence of super-
deep soil layer on the vibration characteristics of bedrock
surface under soil layer for the following reasons. Firstly,
because the thickness of soil layer is large, vibration char-
acteristics of the soil layer are influenced greatly by the
superposition effect of the incident wave and reflected wave
when the earthquake transmits in the ground; secondly, the
real vibration characteristics of bedrock surface under soil
layer are different greatly from the vibration characteristics
of free bedrock surface with no soil on it (it is the site
earthquake from the region earthquake hazard analysis)
because the thickness of soil layer is too large; lastly, the
seismic motion, which affects the vibration characteristics of
super-deep overburden layer ground and the hydraulic
structures on it greatly, is the horizontal shearing wave
which transmits vertically from the deep crust. In this paper,
the horizontal layer shearing method is the basic analysis
method for ground seismic analysis to study the influencing
rule of super-deep overburden layer on the seismic motion
characteristics of the earthquake from bedrock under soil
layer. The vibration acceleration response characteristics of
soil layer are the reference object of the seismic motion
characteristics analysis of overburden layer ground, which
contains the acceleration amplitude and spectrum charac-
teristics of the vibration.

2.2. Horizontal Layer Shearing Method Based on Wave Theory.
For the horizontally stratified soil layer ground, the trans-
mitting progress of horizontal shear wave inputting from
bedrock under soil layer can be represented by the schematic
diagram in Figure 1. As Figure 1 shows, the site (including
the semi-infinite horizontal bedrock under the soil layer) is
divided into N horizontal layers, and the layers’ number is
1 — N from the ground surface to the half-space bedrock. The
earthquake produced in deep crust transmits vertically into

the overburden layer ground foundation through the half-
space bedrock and reflects back to soil layer ground and deep
bedrock when it transmits to ground surface.

The u — x whole coordinate system of a two-dimensional
plane for a ground model is established, as shown in Fig-
ure 1, and the position coordinate of particles in the vertical
direction is represented as x and the horizontal dynamic
displacement of particles vibration is represented as u.
Assuming soil is the material that deforms in the visco-
elastic model, the relationship of u (particles’ horizontal
vibration displacement in a soil layer) with x (particles’
vertical position coordinate) and ¢ (time) is represented by
the wave equation as equation (1) when the horizontal shear
wave from bedrock underground transmits vertically in the
soil layer.

u _G u du
Par o Toxar
where p, G, and 7 are the density, shearing modulus, and
viscosity coefficient of soil, and the viscosity coeflicient of
soil can be obtained by the equation # = 2GA/w (A is the
damping ratio of soil and w is the angular vibration
frequency).

An irregular earthquake in time domain can be trans-
formed into a wave group of some simple harmonic waves in
frequency domain in which vibration amplitude is different.
The simple harmonics with a frequency w causes the vi-
brating displacement of the particle in the horizontal di-
rection can be expressed as the following equation:

(1

u(x,t) =U(x) e, (2)

where U(x) is the amplitude of particle vibration. By
equations (1) and (2), the partial differential equation, as
shown in equation (3) can be obtained,

= szU’ (3)

2
(G +iwn) B_U
ox

2

where U (x) is represented as equation (4) by solving the
partial differential equation above,

U (x) = Ee™ + Fe ™™, (4)

In equation (4), k is the complex wave number; it satisfies
the following formula:

2 2
2 pw pw
k “G+ion G ®

where G* is the complex shear modulus.

In the general case, the values of soil shearing modulus
(G) and damping ratio (1) are correlative with the vibration
frequency of soil layer (w). Still, they are nearly constant in
the frequency domains that engineers are interested in it. So,
the complex shear modulus (G*) can be represented as the
following equation:

G =G +iwn=G(1+2i}). (6)
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By equations (2)-(6), the particles” horizontal vibrating
displacement is obtained as the following equation:

u(x, t) _ Eei(kx+wt) + Fe—i(kx— wt). (7)

Note that in equation (7), particles’ horizontal vibrating
state of soil layer u (x, t) can be represented by two contents:
the first one is u; = Ee!***); as there is increasing of time,
in order to obtain the same u;, the x needs to be a new value
smaller than former, so the expression represents the ex-
ercising results of the incident wave which transmits ver-
tically in the negative direction along x coordinate axis; the
other one is u, = Fe~!**=¥); similarly as before, the ex-
pression represents the exercising results of the reflected
wave which transmits vertically in the positive direction
along the x coordinate axis. The levels of vibration amplitude
of incident wave and reflected wave are defined by E and F
which are called as wave amplitude coefficients.

For any soil layer of the ground (the soil layer number is
“m”), the local coordinate system u,, — x,, is introduced, and
the vibration displacement of soil layer top surface and
bottom surface can be represented respectively as the fol-
lowing equations:

um (xm = 0) = (Em + Fm)eiwt’ (Sa)
Uy (X = 1) = (e 4 F e o)t (8b)

The shear stress of any horizontal plane in the soil layer is
represented as the following equation:

ou ou __,0u

e = —_ 9
ox Toxor 7 ox ©)

T(x,t) =G

Considering equation (7), equation (9) can be repre-
sented as equation (10); furthermore,

T(x,t) = ikG*(Eeikx —Fe” ikx)eiwt. (10)

So, the shear stress of soil layer top surface and bottom
surface are represented, respectively, as the following
equation:

7,,(%,, = 0) = ik,, G, (E,, — F,,)e™", (11a)
T, (X, = hy) = ika:n(Emeikmhm - Fmefik"‘h’”)ei“’t. (11b)

The stress and vibration displacement on any interface of
soil layers are continuous. Based on equations (8) and (11),
equations (12) and (13) are obtained,

h ik, h,

E,. +F,., =E,e"™" +F ¢ %nltn (12)
k.G, ik, —ikh

E,,-F, . = km—G;"(Eme’ i~ Fe” ) (13)
m+1~m+1

Solving the coupled equations of (12) and (13), the re-
lationships of E,, ; with E,and F,,; with F,, can be rep-
resented as equations (14) and (15),
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1 i 1 i
Ep = EEm (1 + am)elkmhm + EFm (1 - “m)e lkmh,,,’ (14)

1 . ] B
Fm+1 = EEm (1 - (Xm)elkmhm + EFm (1 + “m)e lkmhm. (15)

In equations (14) and (15), «,, is the complex wave
impedance ratio, and it can be represented as the following
equation:

* * 1/2
&, = G :< PmGim ) . (16)
km+1Gm+l pm+1Gm+l

The shear stress in the surface of ground is 0, so the result
of E,=F, is got based on equation (10), and the recursive
relations of E,, and F,, of any soil layer in which soil layer
number is m with E; (or F;) are represented as equations
(17a) and (17b). Based on equations (17a) and (17b), the
wave amplitude coeflicients of incident wave and reflected
wave of all soil layers could be obtained recursively if the
wave amplitude coeflicient of incident wave or reflected
wave of any soil layer is known.

E, =e,(0)E, (17a)

F, = f,.(wE, (17b)
where in equation (17), e,, (w) and f,, (w) are the quantities
associated with the natural vibration angular frequency of
the harmonic wave, and they are obtained based on the
structure characteristics parameters of ground model.

The transmitting progress of earthquake waves that
contain incident waves and reflected waves is shown in
Figure 2. Because the incident wave cannot be influenced by
the upper overburden layer on the surface of bedrock, the
vibration amplitude of incident wave (E,,) is half of it on rock
outcrop (2E,). The vibration progress of rock outcrop should
be considered same as the site earthquake, which is the
vibration acceleration time history of horizontal bedrock
free surface, and the site earthquake can be obtained by the
region earthquake hazard analysis. The vibration amplitudes
of incident wave (E,,) and reflected wave (F,,) of any soil
layer “m” in the ground can be obtained recursively by the
recursive relations (as equation (17)) when the amplitude of
incident wave on the surface of bedrock under overburden
layer (E,) is defined based on the earthquake time history
which is the result of region earthquake hazard analysis for
the study site.

Furthermore, the horizontal vibration acceleration and
shear stress of any soil layer in the ground are represented as
equations (18) and (19), and the other characteristic
quantities can be obtained recursively too.

o’ ; itk
i (x, t) _ a_’; — _w2(Eez(kx+wt) + Fe i(kx wt)), (18)
t
ou . i(kx+wt) —i(kx—wt)
V=57 zk(Ee — Fe ) (19)

3. Example Analysis for Seismic Motion
Characteristics of Super-Deep
Overburden Layer

One reservoir will be constructed in China, and the water-
retaining structure is an earth-rock fill dam whose main
body is constructed on the super-deep overburden layer in a
wide valley. The thickness of valley overburden layer is large
in the whole range of the dam sites, and the thickness of most
ground regions around the dam is more than 500m.
Combining with many drilling data in the dam site area, we
can see that soil layers of overburden layer foundation are
horizontally stratified well and the thickness of soil layers
along horizontal direction changes little in the range of
project. The valley super-deep overburden layer foundation
is constituted by seven main soil layers; those soil layers from
down to up are layer @D, moraine and glacial relics stacking
crushed-rock layer; layer @, alluvial-pluvial and stacking
sand layer containing crush (or pebble); layer ®-1, fluvial-
lacustrine deposit sand layer containing gravel; layer ®-2,
fluvial-lacustrine deposit silty clay layer; layer ®-3, fluvial-
lacustrine deposit sand layer containing gravel; layer @,
modern alluvial deposit sand gravel stratum layer.

In the engineering design stage, a large number of on-site
surveys were carried out, and the site soils have been
transported to the laboratory used to do dynamic charac-
teristic tests. All those achievements of site geotechnical
investigation and laboratory material tests can be the basic
data of ground seismic analysis [10].

3.1. Model of Ground Seismic Analysis. The soil layer of the
overburden layer in the dam site area shows a good hori-
zontal stratification, and the thickness of the soil layer along
the horizontal river direction (the most dangerous direction
of ground motion) changes little. Because the thickness of
the foundation soil layer is large, the fluctuation effects are
obvious when the earthquake transmits in the soil layer
ground, and the vibration characteristics of bedrock surface
are influenced obviously by the super-deep overburden soil
layer on the bedrock. According to these actual conditions,
considering the wave effect of horizontal seismic waves
propagating on the ground, it is reasonable and feasible to
use the horizontal layer shear method for ground motion
analysis. Because the soil layers are horizontally stratified
well in the whole range of ground, the ground seismic
analysis model can be established based on the data of one
typical drilling, which reveals that the thickness of soil layer
is bigger than others. The typical drilling reveals that the
thickness of soil layer is 566.9 m. Soil layer structure and soil
features of the ground are shown as the above description
and the drilling structure diagram (Figure 3), and the field
cross-hole wave velocity tests have been performed to
definite the shear wave velocity of soil layers further more
(Figure 3).

According to the distribution of the soil layer and the
shear wave speed, it is necessary to avoid the calculation
model from being too large while ensuring the calculation
accuracy. The soil layer thickness of the site analysis model is
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divided to ensure that the maximum soil layer thickness is
not greater than 1/6 of the shear wave wavelength [11, 12].
Simultaneously, the component of the input ground motion
of the bedrock has a significant impact on the site and the

structure on the foundation is the part with a frequency
lesser than 10 Hz. Accordingly, the soil layer of the site in
Figure 3 is divided into 77 sublayers, including the hori-
zontal bedrock layer with a semi-infinite space at the bottom.
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Among them, the thickness of each sublayer of the soil layer
(layer @, layer @, and layer ®-1) with wave speed greater
than 500 m/s is 8m, and the wave speed lesser than 500 m/s
corresponds to 1/6 of the minimum wavelength of 50m
which is 8.33 m. The thickness of each sublayer of the soil
layer (layer ®-2, layer ®-3, and layer @) with a wave
velocity of 295-500 m/s is 5m, which is basically the same as
1/6 (4.91 m) of the minimum wavelength of 29.5m corre-
sponding to the wave velocity of 295 m/s.

3.2. Dynamic Characteristic Parameters of Soil in Ground
Seismic Analysis. Soil of overburden layer is the material
that deforms in visco-elastic mode, and the equivalent
nonlinear visco-elastic dynamic model improved by Zhu-
jiang Shen has been used to reflect the nonlinear charac-
teristics of soil dynamic stress-strain relationship under the
seismic loading [16].

The normal equivalent nonlinear visco-elastic dynamic
model had been improved by Zhu-jiang Shen, and the
improved model can be used more conveniently than before
[11, 16]. In the improved model, the modulus decay (or
damping ratio increasing) coeflicient k; and the maximum
damping ratio A, have been used to reflect the decaying
relationship of modulus and the increasing relationship of
damping ratio with the increase of soil shear strain. The
improved model is described using the following formulas:

Gmax
_Tkl)’c’ (20)
al\"
G = kP, 2], 21
max 2 a<Pa) ( )
A=A kv (22)
1+ky,

where P, is the standard atmospheric pressure (101.3 kPa);
0, is the mean effective stress of soil; G,,,, is the maximum
shear modulus, k,and n are the dynamic shear modulus
coefficient and index; and y, is the reference shear strain, and
it is calculated by
Y

" ™ )
where y is the dynamic shear strain of soil.

There are two key variables in the equivalent nonlinear
visco-elastic dynamic model, dynamic shear modulus G, and
damping ratio A which are associated with the dynamic shear
strain of soil and are used to reflect the nonlinear elasticity
and viscosity of soil under dynamic load. Dynamic shear
modulus and damping ratio are calculated by equations (20)
and (22). All four parameters of the model (k;, k,, n, and
Amax) can be defined by a group of dynamic triaxial tests or
resonant column tests [16].

In the improved equivalent nonlinear visco-elastic
model, dynamic shear modulus coefficient k, and index n are
used to define the maximum dynamic shear modulus G,
as equation (20). Although they can be defined by approach

of the laboratory tests as in the above description, the values
of k, and n defined by laboratory tests are difficult to reflect
the actual dynamic deformation characteristics of soil in the
ground comprehensively and reasonably, and they should be
replaced by the results of field testing if the testing is per-
formed carefully and generally. Firstly, the in-situ structural
property of soil which has an important effect on the dy-
namic deformation characteristics of soil cannot be repre-
sented suitably in laboratory tests. Secondly, although some
physical properties of soil (such as the natural compactness)
can be represented suitably in laboratory tests through
adjusting the experimental condition, the physical proper-
ties of soil are discrete in the whole range of the ground, and
they can be described by limited experimental working
conditions. So, the results of laboratory tests in which ex-
perimental working conditions are limited cannot reflect the
real dynamic deformation characteristics of soil overall for
the whole ground. The corresponding characteristic pa-
rameters defined by the method of field cross-hole wave
velocity tests are representative entirely, because the shear
wave velocity of soil layer is the entirety reflection of soil’s
dynamic deformation characteristics in field site.

Based on the above described reasons, the dynamic
deformation characteristic parameters of soil (for maxi-
mum shear modulus) used in the following calculation
analysis are defined based on the results of field cross-hole
wave velocity tests as presented in Figure 3. In field ex-
ploration of the project, many field cross-hole wave velocity
tests are performed, and the testing results are credible. The
maximum shear modulus G,,, of soil can be calculated by
equation (24) when the shear wave velocity of soil layer v, is
known,

Gmax = pV?, (24)

where p is the natural density of soil.

Because the decaying relationship of soil dynamic
shear modulus (or the increasing relationship of soil
damping ratio) with the increasing of soil dynamic shear
strain is difficult to be determined by the method of field
testing, the modulus decay (or damping ratio increasing)
coefficient k; which reflects the relationship of dynamic
shear modulus and damping ratio with dynamic shear
strain and the maximum damping ratio A,,,, still need to
be defined by the laboratory tests. Based on the equivalent
nonlinear visco-elastic dynamic model improved by Zhu-
Jiang Shen, soil dynamic shear modulus and damping
ratio of any soil layers in the ground model can be cal-
culated using the mean effective stress state of soil in any
layers which can be defined by the static finite element
method, the shear wave velocity of soil layers which can be
defined by the field cross-hole wave velocity tests, and the
relationship parameters of dynamic shear modulus and
damping ratio with the dynamic shear strain of any type
soils which can be defined by the laboratory tests. The
modulus decay (or damping ratio increasing) coefficient
k, and the maximum damping ratio A,,,, of all soils in the
ground model which is defined by the laboratory tests are
shown as Table 1.
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TaBLE 1: Maximum damping ratio A, and modulus decay (or damping ratio increasing) coefficient k; of soils in ground.
Soils Amax ky
Layer ®, modern alluvial deposit sand gravel stratum layer 0.238 17.6
Layer ®-3, fluvio-lacustrine deposits sand layer containing gravel 0.278 5.5
Layer ®-2, fluvio-lacustrine deposits silty clay layer 0.293 6.3
Layer ®-1, fluvio-lacustrine deposits sand layer containing gravel 0.271 5.7
Layer @, alluvial-pluvial and stacking sand layer containing crush (or pebble) 0.245 15.2
Layer D, moraine and glacial relics stacking crushed-rock layer 0.240 16.0

3.3. Inputting Seismic Motion. The input seismic wave from
bedrock is the site wave determined by the regional seismic
hazard analysis. The site wave considers the impact of the
regional seismic environment such as the geological
structure of the engineering site, including the character-
istics of the main potential sources and the attenuation
characteristics in propagation. The uniform probability
method is used to determine the seismic acceleration re-
sponse spectrum of different probability levels in the en-
gineering field, and the acceleration time history is
generated accordingly. The horizontal vibration peak ac-
celeration of the free surface of the wave bedrock of the site
is 0.54 g, and the absolute acceleration response spectrum is
shown in Figure 4(a). Considering the regional ground
motion characteristics comprehensively, the time history of
ground motion acceleration generated from the accelera-
tion response spectrum is 82 s, as shown in Figure 4(b). It
can be seen from Figure 4 that the acceleration response
spectrum has a wide spectrum platform, the first charac-
teristic period is about 0.1 s, and the second characteristic
period (the falling inflection point of the response spectrum
platform) is about 0.6 s. Although the ground motion lasts
up to 81 s, the main body vibration occurs. In the first 40 s of
the earthquake, the vibration amplitude was smaller in the
later period.

3.4. Basic Calculation Results of the Ground Seismic Analysis
and the Primary Analysis. Acceleration peak values of soil
layers in different depths of the ground are shown in
Figure 5(a), and the distribution of corresponding acceler-
ation amplification factors along the vertical direction in the
ground is shown in Figure 5(b). The acceleration amplifi-
cation factors of soil layers are based on the acceleration peak
value of site earthquake which is the vibration progress of
rock outcrop in an earthquake (0.54 g). Comparison of the
horizontal vibration acceleration time history and the cor-
responding acceleration spectra of soil layers at different
heights in the ground is shown in Figure 6.

From Figure 5, super-deep overburden layer has a
significant reducing effect on the seismic motion inputting
from deep bedrock, the peak value of acceleration on the
bedrock surface underground is far below to it on the
bedrock outcrop (site earthquake) because of the re-
strictive effects of super-deep overburden layer on vi-
bration of bedrock surface, and the vibration amplitude of
soil layers in any height of the ground is lower than the
bedrock surface. The vibration acceleration amplification
factor of soil layers decreases first and then increases with
the growth of soil layers’ altitude. The acceleration

amplification factor on the ground surface is only about
0.6, and the acceleration peak value is far below the in-
putting value. The main reason is that the overburden
layer is softer than the bedrock and the overburden layer is
super deep; the super-deep soft soil layers dissipate the
energy of inputting seismic motion from bedrock largely,
so the vibration amplitude of soil layers is lower than it on
the bedrock surface under overburden layer ground.
Because the gravel-bearing sand (with silty sand) layer
(layer ®-1 and layer ®-3) of the river-lacustrine facies
sedimentation is interspersed with the relatively hard silty
clay layer (layer ®-2) of the river-lacustrine sedimenta-
tion, as a result, the curve has a certain degree of bending
abrupt change at the soil elevation.

From Figure 6, long-period components of the accel-
eration response spectra increase as the growth of soil layers’
altitude. Shape of the response spectra curve changes from
single peak type to multipeak or plateau type, and the
characteristic period corresponding to the maximum value
of response spectra changes bigger gradually. The second
characteristic period (decreasing inflection point of response
spectra platform) of response spectra is about 2.0s on the
ground surface that is larger than the value on the bedrock
surface (about 0.6 s). Based on the response spectra shape on
the ground surface, it can be known that vibration of the soil
layer on ground surface presents a slowly sloshing station
relatively to it on the bedrock surface.

Although acceleration amplitude of the seismic motion
inputting from bedrock is reduced greatly because of the
super-deep overburden layer, long-period components of
its” acceleration response spectra change prominently, and
the characteristic period of seismic motion changes larger.
Long-period components of the acceleration response
spectra change prominently on the ground surface, which is
disadvantageous to towering structures on ground surface in
which natural vibration period is relatively large, such as in
the 1985 Mexican Earthquake [17]. Although Mexico City
was 400 km from epicenter of the Mexican Earthquake, that
is, a large distance, also lots of towering structures in the city
were destroyed seriously for the earthquake, and most
destroyed tower structures were constructed on the lacus-
trine deposits deep overburden soil layer. Although the deep
soil layer reduced acceleration amplitude of the earthquake
greatly (the peak value of acceleration on ground surface is
only 0.15g), but the characteristic period of earthquake
increased greatly for the deep soil layer, and the charac-
teristic period of seismic motion on the ground surface
changed close to the natural vibration period of towering
structures. That is the main reason for serious damage in the
earthquake.
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F1Gure 6: Comparison of the vibration acceleration time history and the corresponding acceleration spectra (damping ratio is 0.05) of soil
layers at different altitude in the ground. (a) Inputting seismic motion (surface of the rock outcrop). (b) Surface of the bedrock under
overburden layer ground (the height to bedrock surface is 0 m). (c) Surface of layer @ (the height to bedrock surface is 241 m). (d) Surface of
layer @ (the height to bedrock surface is 334 m). (e) Surface of layer ®-1 (the height to bedrock surface is 481 m). (f) Surface of layer ®-2
(the height to bedrock surface is 495 m). (g) Surface of layer ®-3 (the height to bedrock surface is 546 m). (h) Surface of layer @ (the height

to bedrock surface is 566.9 m).

3.5. Impacts of Inputting Seismic Motion from Bedrock on the
Ground Seismic Motion Characteristics. The seismic motion
transmitting characteristics of overburden layer under
earthquake from bedrock under ground is influenced dually
by the structural characteristics of overburden layer ground
and the seismic motion characteristics of inputting earth-
quake [18-23]. The influencing rule of seismic motion
characteristics of inputting earthquake on seismic motion
transmitting characteristics of overburden layer is studied
through investigating the difference of ground seismic
motion characteristics under different earthquakes. Seismic
motion characteristics of the earthquake can be represented
by the intensity of earthquake (seismic motion amplitude),
the spectral characteristics of earthquake, and the vibration
duration of earthquake.

A series seismic response analysis of the ground is
conducted in condition that the acceleration peak value of
earthquake is adjusted in the range of 0.1 g~0.9g and the
shape of earthquake acceleration time history becomes
unchangeable (the spectral characteristics and the vibration
duration of earthquake become unchangeable). Acceleration
peak values and corresponding acceleration amplification
factors of the soil layers in different depths of ground under
earthquakes in which acceleration peak values are different,
as shown in Figure 7. Acceleration response amplitude of the
ground increases with the increase of the amplitude of in-
putting earthquake, and the difference of soil layer accel-
eration response amplitude under different intensity
earthquakes decreases first and then increases with the
growth of soil layers’ altitude. Acceleration amplification
factors of the soil layers decrease with the increase of the
amplitude of inputting earthquake, which is caused by the
nonlinear dynamic characteristics of ground soils mainly.
When the amplitude of inputting earthquake is relatively low
(lower than 0.2 g), the vibration amplitude of ground surface
is magnified slightly contrasting with bedrock inputting (site
earthquake), and the vibration amplitude of ground surface
is reduced contrasting with the site earthquake when the
amplitude of inputting earthquake is higher than 0.2g. On
the other hand, from the results of the response spectrum
analysis, the influence of deep overburden layer ground on

the acceleration response spectra shape changes more ob-
viously when the inputting earthquake changes strongly, and
the amplification effects of soil layer on the long-period
seismic motion components are outstanding in strong
earthquake.

In order to investigate the influence of inputting
earthquake wave shape (containing the dual influencing of
earthquake spectral characteristics and vibration duration)
on seismic motion transmitting characteristics of soil layer
ground, the ground seismic response analysis when the
ground is under the other earthquake is performed con-
trasting with the site earthquake of the example project. The
comparative earthquake is a site earthquake of the other
project and vibration duration of the earthquake is 26.0s,
and the acceleration peak value is adjusted to 0.53g. Ac-
celeration spectra of the earthquake and the acceleration
time history, which is generated according to the acceler-
ation spectra, are shown in Figure 8. Contrasting with
Figure 5, characteristic period of acceleration spectra peak
value of the comparative earthquake is below than the site
earthquake of the example project. The first characteristic
period is 0.1's, but the second characteristic period (de-
creasing inflection point of response spectra platform) is
about 0.3 s that is far lower than the site earthquake of the
example project. So, short period components of the
comparative earthquake are more obvious compared with
the site earthquake of the example project. On the other
hand, vibration duration of the comparative earthquake is
shorter more than the site earthquake of the example project.
The spectral characteristics and the vibration duration of two
earthquakes have a significant difference.

Comparison of the acceleration amplification factor of
soil layers in different heights of the ground under two
different earthquakes is shown in Figure 9. From the figure,
the vibration amplitude on the bedrock surface under two
earthquakes is basically quite, but the vibration amplitude of
soil layers induced by different earthquake waves trans-
mitting in overburden layer ground is different obviously,
and the vibration amplitude of soil layers under comparative
earthquake is far below than the site earthquake of the
example project. Reasons of that can be summarized as
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FIGURe 7: Impacts of seismic motion intensity on the site amplification effects of overburden layer. (a) Acceleration peak value.

(b) Acceleration amplification factor.
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FiGure 8: Inputting seismic motion of the contrasting analysis. (a) Acceleration spectra (damping ratio is 0.05). (b) Acceleration time

history.

follows: (1) the second characteristic period (decreasing
inflection point of response spectra platform) of the site
earthquake of the example project is higher than the
comparative earthquake and the long-period components of
the earthquake are outstanding; all these seismic motion
characteristics of the site earthquake of example project are
adaptive with the structural characteristics of super-deep
overburden layer ground system in which first natural vi-
bration period is relatively high. When the characteristic
period of the earthquake is close to the structural first natural
vibration period of overburden layer ground, vibration of
the ground is stronger. (2) Vibration of soil layers is the dual
results of incident wave and reflected wave; vibration am-
plitude of soil layers is the superposition of incident wave
amplitude and reflected wave amplitude. Because vibration
duration of the site earthquake of the example project is

longer than the comparative earthquake, the superposition
effects of soil layers vibration are more obvious when the
earthquake transmits in the super-deep ground. So, the
vibration amplitude of the soil layers under the site earth-
quake of the example project is stronger than the com-
parative earthquake.

3.6. Impacts of Seismic Motion Inputting Interface on Results of
the Ground Seismic Response Analysis. Based on the results
of ground seismic analysis for two deep soil layer grounds in
which thickness is 100 m and 280 m, Guo-Xing Chen sug-
gests that the interface of soil layers whose shear velocity is
500 m/s could be regarded as the interface of seismic motion
inputting in ground seismic analysis [24]. For the typical
drilling of example ground that the calculation model of
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FIGURE 9: Impacts of the inputting earthquake shape on the seismic
motion transmitting characteristics (containing the dual influ-
encing of earthquake spectral characteristics and vibration
duration).

ground seismic response analysis is established based on it,
the interface of soil layers in which shear velocity is 500 m/s
is located in the interior of layer ®-1, and depth of the
interface is 128 m under the ground surface. In the following,
some ground models for ground seismic response analysis
for example ground are established in which seismic motion
inputting interfaces are on the surface of layer ®-1 (un-
derground depth 85.1 m), the 500 m/s shear wave velocity
interface (inside layer ®-1, underground depth 128 m), the
surface of layer @ (underground depth 232.8 m), and the
surface of bedrock (underground depth 566.92m). The
ground seismic response analysis for these ground models
under the same earthquake as before is performed to study
the influencing rule of the location of seismic motion in-
putting interface on the results of ground seismic response
analysis. Comparison of the acceleration magnified factors
of soil layers along the vertical direction in the ground is
shown in Figure 10 when the different interfaces have been
as the seismic motion inputting interface for the ground
seismic response analysis.

From Figure 10 and combining with the acceleration
spectra analysis, it can be known that the acceleration re-
sponse amplitude of soil layers in the ground increases
greatly when the altitude of seismic motion inputting in-
terface changes higher, and the shape of acceleration spectra
is not affected obviously by the location of seismic motion
inputting interface. The calculation results show that simply
selecting the 500m/s shear wave velocity interface as the
ground motion input interface will significantly overesti-
mate the amplification effect of the site on the input ground
motion of the bedrock. Although the soil is hard relatively
when the shear velocity of soil layer is over 500 m/s or even
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F1GURE 10: Impacts of seismic motion inputting interface on results
of the ground seismic response analysis.

more higher, the visco-elastic characteristics and the dy-
namic deformation nonlinear characteristics of soil are still
significant, so the energy dissipation effects of these hard soil
layers in which shear velocity is over 500m/s on the
earthquake from the bedrock is still nonnegligible. For those
super-deep overburden soil layer grounds, it is vital selecting
the real hard bedrock surface under soil layer ground as the
inputting interface of seismic motion in the ground seismic
response analysis.

4. Ground Seismic Response
Analysis considering the Coupling
Influence of Soil Layer Thickness and Soil
Shear Velocity

4.1. Research Thinking and Calculation Model. As the de-
scription of the abovementioned ground seismic response
analysis theory, seismic motion transmitting characteristics
of overburden layer under earthquake from bedrock under
the ground is influenced dually by the structural charac-
teristics of overburden layer ground system and the seismic
motion characteristics of inputting earthquake. The above
results of the ground seismic motion characteristics example
analysis for the real super-deep overburden layer have
shown that seismic motion characteristics of deep over-
burden layer ground are influenced greatly by the seismic
motion characteristics of inputting earthquake (such as the
seismic motion amplitude, the spectral characteristics, and
the vibration duration of earthquake). For another influ-
encing factor of seismic ground motion transmitting
characteristics, the structural characteristics of overburden
layer ground system are controlled mainly by two
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influencing factors, the thickness of overburden layer
ground and the dynamic deformation characteristics of soil.
Structural geometric characteristics of the ground are
influenced by the thickness of soil layer, structural material
characteristics of the ground is influenced by the dynamic
deformation characteristics of soil, and the structural
characteristics of overburden layer ground are determined
by the geometric and material characteristics of ground
dually [25, 26].

As shown in the above description, the dynamic de-
formation characteristics of soil are represented by the
maximum shear modulus of soil and its’ decay character-
istics with the increasing of soil shear strain, and the
maximum shear modulus of soil can be represented indi-
rectly by the values of shear wave velocity which is obtained
from the field cross-hole wave velocity testing. Normally, the
shear wave velocity of soil layer is not uniform along the
vertical direction, and the vertical structural characteristics
of the ground are widely existed. The shear wave velocity
characteristics of the ground as a whole (or the hardness of
whole ground) can be represented grossly by the mean shear
wave velocity of the ground which is controlled dually by the
shear wave velocity of all soil layers and the corresponding
thickness of soil layers as shown in equation (25). The
hardness of the overburden layer ground can be shown
qualitatively by the mean shear wave velocity of the ground
basically, and the mean shear wave velocity of the ground is
used to represent the ground characteristics qualitatively in
some Chinese structure antiseismic design codes [27, 28].
Although the seismic motion transmitting characteristics of
overburden layer ground is influenced by the distribution
characteristics of soil layer shear wave velocity along the
vertical direction in the ground to a certain degree, the mean
shear wave velocity of the ground is still used to judge the
seismic motion characteristics qualitatively in those codes.
On the other hand, because the influencing analysis of the
shear wave velocity on the ground seismic motion charac-
teristics cannot be realized easily based on the ground model
which has structural features along the vertical direction in
the real study work, it is necessary using the mean shear
wave velocity to represent the hardness of ground in the
influencing analysis of soil layer shear wave velocity (the
maximum dynamic shear modulus of soil) on the ground
seismic motion characteristics. The mean shear wave ve-
locity of the ground is used to represent the shear wave
velocity characteristics of the ground as a whole (or the
hardness of the whole ground) in the coupling influencing
analysis of the ground soil layer thickness and shear wave
velocity on the ground seismic motion characteristics:

dy
Ve = ,

“TTL @) )
where v, is the mean shear wave velocity of ground, d,; is the
thickness of soil ground, d; is the thickness of soil layer i, v
is the shear wave velocity of soil layeri, and » is the number
of soil layers in the ground model.

When the thickness of the ground is a certain value, the
influence of ground shear wave velocity (or the hardness of
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whole ground) on the seismic motion characteristics of the
ground is investigated through the method of adjusting the
mean shear wave velocity of ground. When the mean shear
wave velocity of ground is a certain value, the influence of
soil layer ground thickness on the seismic motion charac-
teristics of the ground is investigated through the method of
adjusting the soil layer thickness of ground. In order to
investigate whether the coupling influencing of the soil layer
ground thickness and shear wave velocity on the ground
seismic motion characteristics have existed and find the
coupling influencing rule further more, lots of calculation
work conditions are designed to do the ground seismic
response analysis in which thickness and shear wave velocity
of the ground model are changed simultaneously.

Range of soil layer ground thickness is 5~600 m, and the
thickness interval of ground models is 20 m. Some uniform
ground models whose shear wave velocity characteristics are
represented by the mean shear wave velocity are established.
When the mean shear wave velocity is above 500m/s,
thickness of the sublayer in the ground models is 8 m. When
the mean shear wave velocity is below 500 m/s, thickness of
the sublayer in the ground models is 5m, and the minimum
number of ground sublayers is 10. The value of mean shear
wave velocity of the uniform ground is changed uniformly
from 530 m/s which is the value of mean shear wave velocity
of the above example super-deep overburden layer ground,
and the range of soil layer ground mean shear wave velocity is
212~1223 m/s which covers the mean shear wave velocity
range of normal overburden layer grounds basically. The
critical state of the uniform soil layer ground is the uniform
bedrock ground when the shear wave velocity is large enough,
and the shear wave velocity interval of ground models is 53 m/
s. The calculation work conditions of coupling influencing
analysis of soil layer ground thickness and shear wave velocity
are shown as Table 2, and it gives the values of thickness and
shear wave velocity of the ground models.

The soil damping characteristics and the decay charac-
teristics of soil dynamic shear modulus with dynamic strain
increasing are the important representation of soil dynamic
deformation characteristics, and they are related with the
shear wave velocity of soil (or maximum dynamic shear
modulus). But the dynamic modulus decay (or damping
ratio increasing) coefficient k; and maximum damping ratio
Amax Tepresenting the dynamic modulus decay characteris-
tics and the damping characteristics of soil are assumed to be
unchangeable with the increasing of dynamic shear strain in
order to be easy for calculation and contrastive analysis. The
value of soil modulus decay (or damping ratio increasing)
coefficient k, is 10.0 fixedly, the soil maximum damping
ratio A, is 0.255 fixedly, and the natural soil density is 2.0 g/
cm” fixedly.

In order to be easy for calculation and contrastive
analysis similarly, the inputting seismic motion of ground
seismic response analysis is still the site earthquake of the
example project.

4.2. Basic Calculation Results Representation. Seismic mo-
tion characteristics of the grounds in which thickness and
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TaBLE 2: Influence of soil ground thickness and shear wave velocity on acceleration magnified factors on ground free surface.

Surface
Soil Mean shear wave velocity of ground (m/s)
ground
thickness

(m) 212 265 318 371 424 477 530 583 636 699 742 795 848 901 954 1007 1060 1113 1166 1223
5 1707 1425 1.161 1.109 1.049 1.008 1.008 1.024 1.030 1.028 1.024 1.021 1.018 1.016 1.014 1.012 1.011 1.010 1.009 1.009
10 1.005  1.005
20 0.991  0.989
40 1.080  1.060
60

80
100
120 1.167  1.142
140 1.108  1.076
160 1.081 1.071
180 1.078  1.070
200 1.074  1.055
220 1.040 1.033
240 0.223 0335 0370 0.430 0.534 0.576 0.668 0.627 0.705 0.816 0.884 0.891 0.894 0932 0942 0918 0.931 0.937 0.947 | 0.981
260 0.196  0.321 0.360 0.410 0.486 0.569 0.628 0.671 0.645 0.722 0.812 0.874 0.877 0.875 0.907 0.908 0.904 0.907 0912 0917
280 0.179 0294 0.361 0.400 0.447 0.541 0.573 0.663 0.660 0.659 0.728 0.811 0.863 0.864 0.857 0.877 0.882 0.894 0.895 0.899
300 0.171 0260  0.359 0.383 0.426 0.497 0.581 0.598 0.678 0.640 0.664 0.735 0.808 0.850 0.848 0.847 0.865 0.872 0.879  0.882
320 0.168 0.235 0.346 0.381 0.423 0462 0.551 0.588 0.642 0.676 0.629 0.669 0.737 0.802 0.836 0.833 0.837 0.850 0.855 0.861
340 0.163  0.215 0.324 0381 0.406 0.443 0509 0589 0.591 0.666 0.669 0.640 0.673 0.735 0.795 0.822 0.816 0.827 0.835 0.842
360 0.153 0201 0296 0377 0.398 0.440 0476 0.556 0.602 0.619 0.675 0.654 0.649 0.676 0.732 0.786 0.808 0.808 0.817 = 0.822
380 0.137  0.190 0271 0367 0.397 0.429 0456 0.519 0.595 0596 0.644 0.675 0.633 0.654 0.678 0.733 0.777 0.794 0.800  0.808
400 0.121  0.188 0.251 0350 0.399 0416 0.453 0489 0.564 0.613 0.602 0.658 0.665 0.648 0.659 0.678 0.732 0.767 0.781 0.794
420 0.114 0.187 0.234 0326 0.394 0412 0449 0469 0.528 0.601 0.605 0.619 0.665 0.646 0.652 0.658 0.681 0.728 0.755 0.772
440 0.108 0.183 0.221 0300 0.386 0.412 0435 0462 0.501 0.571 0.619 0.600 0.636 0.664 0.635 0.662 0.664 0.686 0.725 0.748
460 0.100 0.176  0.209 0.283 0.372 0.412 0426 0463 0482 0.537 0.604 0.616 0.602 0.647 0.652 0.643 0.659 0.667 0.690 0.723
480 0.094 0.164 0205 0267 0.352 0.409 0424 0452 0472 0510 0572 0.620 0.600 0.617 0.652 0.639 0.656 0.664 0.669  0.693
500 0.090 0.150 0.204 0.252 0.330 0.401 0.424 0442 0473 0497 0541 0.603 0.622 0.601 0.626 0.649 0.630 0.655 0.666  0.668
520 0.084 0.138 0.204 0239 0310 0.390 0425 0436 0466 0480 0517 0574 0.621 0.607 0.603 0.633 0.636 0.643  0.664  0.665
540 0.080 0.128 0.202 0228 0296 0.374 0.422 0434 0456 0480 0503 0.545 0.602 0.624 0599 0.614 0.638 0.638 0.649  0.661
560 0.077  0.123  0.197 0220 0.283 0.354 0.416 0434 0449 0479 0488 0523 0.576 0.623 0.615 0.592 0.620 0.635 0.639  0.657
580 0.074 0.117 0.189 0218 0269 0.335 0.405 0435 0445 0470 0485 0513 0549 0.603 0.620 0.600 0.594 0.619 0.622  0.641
600 0.071 0.111 0.177 0219 0258 0.320 0.393 0.434 0442 0461 0486 0493 0.529 0.576 0.620 0.617 0.595 0.604 0.623  0.627

shear wave velocity are different are represented by the
acceleration magnified factors on ground surface (based on
the site earthquake of bedrock outcrop) and the distribution
of acceleration magnified factors in grounds. Table 2 shows
the acceleration magnified factors of the ground on the
surface in which soil layer thickness and mean shear wave
velocity are different. Influencing of the ground mean shear
wave velocity on the distribution of acceleration magnified
factors in the ground is shown in Figure 11 when the
thickness of ground soil layer is a certain value, and
influencing of the ground soil layer thickness on the dis-
tribution of acceleration magnified factors in the ground is
shown in Figure 12 when the mean shear wave velocity of the
ground is a certain value.

As shown in Table 2, the influencing rule of soil layer
ground thickness and corresponding mean shear wave ve-
locity on the acceleration response amplitude on ground free
surface is complicated, and the influencing rules of soil layer
thickness and soil layer mean shear wave velocity on the
acceleration response amplitude of ground are coupled.
Generally, the acceleration magnified factor on ground
surface increases at first and then decreases with the in-
creasing of soil layer shear wave velocity when the soil layer
thickness is a fixed value, and the inflection wave velocity
value in which acceleration magnified factor on ground
surface changed from increasing to decreasing increases
with the increasing of soil layer thickness; all these can be
represented as yellow labels in Table 2; the acceleration
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FiGure 11: Influence of the ground mean shear wave velocity on the distribution of acceleration magnified factors in the ground when the
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F1Gure 12: Influence of the ground thickness on the distribution of acceleration magnified factors in the ground when the mean shear wave
velocity of the ground is certain. (a) 212m/.s. (b) 318 m/s. (c) 424 m/s. (d) 530 m/s. (e) 636 m/s. (f) 742 m/s. (g) 848 m/s. (h) 1223 m/s.

magnified factor on the ground surface increases at firstand  the inflection thickness value in which acceleration mag-
then decreases with the increasing of soil layer thickness  nified factor on ground surface changed from increasing to
when the soil layer shear wave velocity is a fixed value, and ~ decreasing increases with the increasing of soil layer shear
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wave velocity; this rule can be represented as blue labels in
Table 2.

The influencing relation that the acceleration response
amplitude of overburden layer ground increases at first and then
decreases with the increase of ground mean shear wave velocity
can be represented clearly by the distribution curves of accel-
eration magnified factor along the vertical direction in the
grounds in which soil layer thicknesses are different as shown in
Figure 11.

The acceleration magnified factor increases evenly as the
altitude increases when the thickness of the soil layer ground is
relatively small. But the influencing relation is different when
the thickness of soil layer grounds is relatively large: the ac-
celeration magnified factor decreases at first, then increases
with the increase of altitude, and one phenomenon is found in
those pictures, the distribution curves of acceleration magnified
factors along the vertical direction in the grounds in which
thicknesses are large present a state of irregular swinging when
the ground mean shear wave velocity is relatively large.

Similarly, the influencing relation that the acceleration
response amplitude of overburden layer ground increases at
first and then decreases with the increasing of soil layer
ground thickness can be represented clearly by the distri-
bution curves of the acceleration magnified factor along the
vertical direction in the grounds in which mean shear wave
velocities are different, as shown in Figure 12.

In Table 2, (1) when the ground means shear wave velocity
changes in the range of 212~1223m/s, is the corre-
sponding maximum acceleration magnified factor of ground
on the surface in which thickness is a certain value; (2) when
the ground thickness changes in the range of 5~600 m, - is
the corresponding maximum acceleration magnified factor of
ground on the surface which means shear wave velocity is a
certain value; (3) when the ground thickness changes in the
range of 5~600m, - is the corresponding inflexion of
acceleration magnified factor of ground on the surface in which
mean shear wave velocity is a certain value, and the inflexion of
acceleration magnified factor is the demarcation point of ac-
celeration response amplification and reduction on the ground
surface according to the site earthquake of bedrock outcrop; (4)
B is the coincidence point of (1) and (2); (5) (189 is the
coincidence point of (1) and (3).

For the soil layer grounds in which mean shear wave
velocities are relatively small, the seismic motion inputting
from bedrock under the ground is magnified by the soil layer
ground when the soil layer ground thickness is small rela-
tively, and the seismic motion inputting from bedrock under
the ground is reduced by the soil layer ground when the soil
layer ground thickness is large relatively. But, for the soil layer
grounds in which mean shear wave velocity value exceeds a
certain level, the seismic motion inputting from bedrock
under the ground is almost invariant along the vertical di-
rection in ground regardless of the size of soil layer thickness,
and the seismic motion inputting from bedrock under the
ground is not affected obviously by the soil layer ground.

4.3. Coupling Analysis for the Influencing of Ground Thickness
and Shear Wave Velocity on the Ground Seismic Motion
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Characteristics. Variation rule of the acceleration magnified
factors on ground surface with the thickness of ground is
shown in Figure 13 when the mean shear wave velocity of
ground is different. Figure 14 shows the comparison of the
inflection point of the site with different shear wave ve-
locities and the site thickness on the free surface acceleration
magnification, including the extreme point of acceleration
response and the critical point of magnification and re-
duction of ground vibration relative to bedrock input
ground motion.

Variation rule of the acceleration magnified factors on
ground surface with the mean shear wave velocity of ground
is shown in Figure 15 when the thickness of ground is
different. Comparison of the inflection points which are the
mean shear wave velocity value corresponding the maxi-
mum value of acceleration magnified factor on ground
surface is shown in Figure 16.

As shown in Figures 13 and 14 and Table 2, for the
ground which means shear wave velocity is a certain value,
the acceleration magnified factor on ground surface in-
creases at first and then decreases with the increase of
ground thickness, the corresponding inflection thickness
increases with the increasing of ground mean shear wave
velocity, and these inflection thickness values are in the
range of 10~100 m. When the ground thickness is over the
inflection thickness value, the acceleration magnified factor
on the ground surface decreases with the increase of the
ground thickness, and it is lesser than 1 when the ground
thickness reaches one critical thickness which is the thick-
ness that acceleration response amplitude on the ground
surface is magnified or reduced to the inputting seismic
motion from bedrock under the ground. The critical
thickness of ground increases with the increase of ground
mean shear wave velocity, and the maximum value of
ground critical thickness is not larger than 240 m. In other
words, for the uniform soil layer ground, the acceleration
response amplitude on the ground surface will not be larger
than the amplitude of seismic motion inputting from
bedrock under the ground when thickness of the ground is
over 240 m, and the amplifying effects of soil layer ground to
the seismic motion inputting from bedrock under the
ground is more obvious when the thickness of ground soil
layer is in the range of 10~100 m.

As shown in Figures 15 and 16 and Table 2, for the
ground in which soil layer thickness is a certain value, the
acceleration magnified factor on ground free surface in-
creases at first and then decreases with the increase of
ground mean shear wave velocity, and the acceleration re-
sponse amplitude is the biggest when the ground mean shear
wave velocity is the inflection shear velocity value. The in-
flection shear velocity value increases with the increase of
ground thickness, as shown in Table 2. But, when the ground
thickness is over a certain value, the acceleration magnified
factor on ground surface increases monotonously with the
increasing of ground mean shear wave velocity, and the
maximum value of acceleration magnified factor is obtained
when the ground mean shear wave velocity is the biggest;
abovementioned inflection shear velocity value has no
longer existed. As the description mentioned before, the



20 Shock and Vibration
2.0
%
1.5
—
o
Q9
s}
=
S |
§ 1.0
=t S
o \
5 " e
0.5 F
Q0 K —H—K
0.0 1 1 1 1 1 1 )
0 100 200 300 400 500 600 700

Thickness of soil layer (m)

—e— Shear velocity is 212m/s
—m— Shear velocity is 318 m/s

Shear velocity is 424 m/s
—— Shear velocity is 530m/s

—*—
——
—

Shear velocity is 636 m/s
Shear velocity is 795m/s
Shear velocity is 1007 m/s
Shear velocity is 1223 m/s

FIGURE 13: Variation rule of the acceleration magnified factors on the ground surface with the thickness of ground when the mean shear

wave velocity of the ground is different.

300
250 +
200 +

150

maximum and critical points (m)
-
(=3
(=}
T

Soil layer thickness corresponding
w
f=}

0 1 1 1

0 200 400 600

800 1000 1200 1400

Mean shear velocity of soil layer (m/s)

—e— Maximum point
—m— Critical point

FIGURE 14: Comparision of the ground thickness corresponding the maximum points and critical points of acceleration magnified factor on
the ground surface when the mean shear wave velocity of the ground is different.

acceleration response amplitude on the uniform soil ground
surface will not be larger than the amplitude of seismic
motion inputting from bedrock under the ground when the
thickness of ground is over one certain value, and the
maximum value of acceleration magnified factor on ground
surface should be obtained when the ground mean shear
wave velocity is the biggest. When the mean shear wave
velocity of ground is big enough that reaches the level of
normal bedrock layer; the vibration state on ground surface
is as same as the site earthquake on bedrock outcrop.

4.4. Some Discussion on the Abovementioned Analysis Results.
All abovementioned analysis and corresponding conclusions
are obtained based on the ground seismic response analysis

calculation results in which calculation models are the
uniform soil layer ground models, some calculation pa-
rameters are presumed to be fixed, and the inputting seismic
motion is one specific site earthquake. Those factors, such as
the calculation model, the calculation parameter, and the
inputting seismic motion should have an important effect on
the calculation results, such as the above maximum value,
critical value, and some specific values of the acceleration
magnified factor. But, all these simplifications and as-
sumptions are not against the abovementioned qualitative
conclusions which are based on the coupling influencing
analysis of soil ground thickness and soil ground mean shear
wave velocity on the ground seismic motion characteristics,
and it can be verified by the other study results of the authors
in [29-31].
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For the dynamic deformation parameters of soil in
ground, it produces certain influence on the calculation
results that assumes the modulus decay (or damping ratio
increasing) characteristic parameters and the maximum
damping ratio of soils are not associated with the shear wave
velocity (or maximum shear modulus) of soils. The accel-
eration magnified factor on ground surface and the distri-
bution of acceleration magnified factors in the soil layer
ground should be close to the horizontal half-space bedrock
layer when the mean shear wave velocity of ground is large
enough, that is, the limited ideal state of ground seismic
response analysis, considering the influence of ground shear
wave velocity. But, because the soil modulus decay (or
damping ratio increasing) coefficient k; and the maximum
damping ratio A, have been assumed to be not changeable
with the shear wave velocity and the real dynamic charac-
teristic parameters used in calculation are different from the

ideal bedrock, the calculation results are different from the
ideal state in a certain extent normally. It is not difficult to
find that the limited ideal state should exist based on the
changing trend of the abovementioned calculation results,
and the changing trend of the abovementioned calculation
results shows that the calculation results and analysis con-
clusions should be reliable in this paper.

5. Conclusion

Taking a real super-deep overburden layer ground which is
the foundation of one earth-rock fill dam in China for
example, example analysis for seismic motion character-
istics of the super-deep overburden layer ground has been
performed in the paper. Influencing rules of the inputting
seismic motion characteristics and the seismic motion
inputting location on the ground seismic response analysis
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results have been investigated after the basic analysis of
ground seismic response characteristics. Furthermore,
coupling influencing rules of the ground soil layer thickness
and the ground shear wave velocity on the ground seismic
motion characteristics have been studied deeply based on
the seismic response analysis of ground models in which
soil layer thickness and mean shear wave velocity are ad-
justed in a specific range. The main study conclusions are as
follows:

(1) The horizontal layer shearing method for ground
seismic response analysis which is based on fluctu-
ation theory can consider the superposition effect of
incident wave and reflected wave in the ground and
the influence of deep soil layer on the natural vi-
bration characteristics of bedrock surface under the
ground; it is applicable for the ground seismic re-
sponse analysis of horizontally stratified super-deep
overburden layer ground.

(2) The seismic response analysis for a super-deep
overburden layer which is the foundation of one
earth-rock fill dam in China is performed based on
the soil dynamic characteristic parameters by field
situ testing and soil laboratory testing. Inputting
seismic motion of the ground response analysis is the
site earthquake which is the vibration progress of the
horizontal half-space bedrock layer surface based on
the region earthquake hazard analysis. The calcula-
tion results of ground seismic response analysis show
that the super-deep overburden layer ground has
significant reducing effects on the seismic motion
inputting from bedrock under the ground, and the
long-period components of acceleration response
spectra change more prominent on ground surface
which is a disadvantage for the antiseismic perfor-
mance of tower structures.

(3) Seismic motion transmitting characteristics of the
super-deep overburden layer ground is influenced
by the seismic motion characteristics of inputting
earthquake greatly. Magnified effects of the super-
deep overburden layer ground on the seismic
motion inputting from bedrock reduces with the
increasing seismic motion amplitude because of the
dynamic deformation nonlinear characteristics of
soils. But the magnified effects of super-deep
overburden layer ground on the long-period
components of inputting seismic motion are en-
hanced with the increasing of the seismic motion
amplitude oppositely.

(4) Results of the ground seismic response analysis for
super-deep overburden layer are influenced greatly
by the location of seismic motion inputting interface.
It will overvalue the magnified effects of overburden
soil layer ground on the seismic motion inputting
from bedrock greatly, taking the interface of 500 m/s
shear wave velocity as the seismic motion inputting
interface directly.
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(5) The acceleration response amplitude of uniform
overburden layer ground increases at first and then
decreases with the increase of ground shear wave
velocity when the ground soil layer thickness is a
certain value. There is an inflexion point of ground
shear wave velocity that the acceleration response
amplitude of the ground is the strongest. But this
inflexion point of shear wave velocity does not exist
when the ground soil layer thickness is over a certain
value, and the acceleration response amplitude of the
ground increases monotonously with the increase of
ground shear wave velocity.

(6) The influencing rules of ground soil layer thickness
and shear wave velocity on the seismic motion
characteristics of ground are coupled: the critical
ground soil layer thickness of the strongest ground
seismic response is influenced by the ground mean
shear wave velocity, and also the critical ground
shear wave velocity of the strongest ground seismic
response is influenced by the ground soil layer
thickness.
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This study presents experimental and numerical study on cyclic behavior of SRC composite columns-steel beam joints. The
pseudostatic experiments were carried out on four samples with different axial loads. X-shaped shear reinforcement was added in
the sample no. 4 in order to investigate its effect on the crack resistance in the joint core area. Low-frequency cyclic load was
applied at beam ends to simulate the earthquake action. The failure characteristics, hysteretic behavior, stiffness degradation, shear
resistance, and displacement ductility were investigated. Experimental results indicated that the failure mode of the joints was
mainly shear failure, and the composite joints showed excellent seismic behavior with higher capacity and good ductility and
energy dissipation ability. X-shaped shear reinforcement performed well to increase the concrete crack resistance. Shear forces
from both experimental test and theoretical analysis were compared, and suggestions were given on modification of theoretical
formulas. Simulation using the ABAQUS model showed good results that agreed well with the test results. Steel stress distribution
and damage development were analyzed in the model. More parameters of web thickness, stiffener thickness, concrete strength,
and stirrups and their influence on shear resistance were studied.

1. Introduction

SRC composite columns, a typical type of composite col-
umns with structural steel and reinforcing steel bars em-
bedded in reinforced concrete, having both advantageous
properties of structure steel and reinforced concrete, have
become widely used in high-rise buildings, large-span
bridges, and transmission towers [1-4]. External concrete
provides protection and restraint to internal steel and hence
improves the stability of steel components. On the other
hand, the existence of internal steel helps to improve stiffness
and strength of column. Overall, SRC composite columns
showed enhanced stiffness, stronger energy-absorption ca-
pacity, and better ductility than traditional reinforced
concrete structures and steel structures. In building struc-
ture design, energy-absorption ability is also the basic re-
quirement of its seismic performance [5].

As column-beam joints are critical for overall frame
structure’s strength and stiffness capacity, column-beam
joints failure is the most common and direct reason for
structure failure under seismic load. Overall structure’s
nonlinear seismic performance will be influenced by joints
behavior since they are crucial parts in load-transfer and also
moment distribution.

How to improve seismic performance and design pro-
cedure of column-beam joints has attracted great attention
in current research. In these composite columns-steel-beam
joints, the property difference between beams and columns
has made the analysis more complicated. Some investiga-
tions were undertaken, and results were reported by some
researchers [6-12]. Chen et al. [6] investigated shear capacity
of deep structure steel-concrete beams and proposed ana-
lytical models. Cheng et al. [7] reported that load capacity of
precast SRC column-beam joints was three times that of
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traditional reinforced concrete joints. Chen et al. [8] pro-
posed Park-Ang modified model for seismic performance
evolution, which showed good simulation results in SRC
composite joints. Xiang et al. [9] conducted tests on seismic
performance on SRC joints with composite columns con-
sisting of T-shaped structural steel section and results
showed satisfying shear resistance, ductility, and overall
seismic capacity. Chu et al. [10] carried out tests on the cyclic
behavior of steel beam-concrete encased steel column joints
with three different slab widths. Numerical simulation
showed that the slab width and thickness had an important
influence on the load-carrying capacity of such joints. Tao
et al. [11] carried out tests on four joints specimens and,
based on results from load-deflection curves, shear capacity
in joint core area, strength, and stiffness degradation and
ductility, they reported that seismic capacity can be im-
proved through proper control of design to obtain better
failure modes. Seo et al. [12] analyzed influencing factors on
effective width of SRC column-beam joints, through com-
paring design methods of Deierlein, and proposed a mod-
ified formula.

In practical design, joints failure or damage is the main
reason for overall building collapse or damage, even if the
design is following “strong joints and weak elements” rule.
Therefore, there is a need to have deep investigation on
seismic performance of SRC composite columns-steel-
beams joints. In this paper, the pseudostatic experiments
were carried out on four specimens. Axial compression load
was the main parameter of this research. In addition, based
on common crack development mode in core joint area, a
new joint type was proposed using X-shaped reinforcing
bars in core area and discussions were developed on whether
this new joint can delay concrete cracking in the joint area.
Then FEM simulation was carried out using ABAQUS
model and, through comparison between experimental re-
sults and simulation data, suggestions on shear capacity
formulas were given.

2. Experimental Program

2.1. Specimen. The SRC composite columns-steel-beam
joints studied in in this paper followed “weak joints” rule and
expected failure mode was shear failure at joint core area.
Both structural steel elements in column and beams were in
H-shaped sections, which were welded up to form sections.
Due to the thin structural steel and other experimental
condition limitations, welded joints were adopted for this
research. Varying axial pressure ratio was applied to spec-
imens SRC-1, SRC-2, and SRC-3 to investigate its influence
on mechanical behavior of composite columns-steel-beam
joints. With regard to SRC-4, X-shaped reinforcing bars
were applied at core joint area to investigate if they could
help to improve anticrack performance of concrete in core
joint area; apart from that, all other details of SRC-4 were the
same as the other three specimens.

The structural steel used in this paper was Q235 B graded
with yield strength of 297 MPa and ultimate strength of
416 MPa. Vertical reinforcing bars surrounding structural
steel columns were HRB335 graded with yield strength of
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379 MPa and ultimate strength of 534 MPa. The stirrup bars
in column were HPB300 graded with yield strength of
316 MPa and ultimate strength of 432 MPa. C30 concrete
was adopted and material properties from concrete test
result are listed in Table 1. The geometry details of the
specimens were as follows: column height of 1.8 m, beam
span of 2.4m, concrete column cross section size of
240 mm x 240 mm, structural steel column size of
136 mm x 120 mm x 8mm x 8 mm, and structural steel beam
size of 224 mm x 100 mm x 4 mm x 4 mm. Table 2 lists the
steel reinforcement details of four specimens and Figure 1
shows the geometry of the specimen and reinforcement/steel
details of the joints from four specimens. X-shaped rein-
forcement bars of specimen SRC-4 were HPB300, which was
arranged along the diagonal direction of the joint core area,
as shown in Figure 2.

2.2. Loading Schemes and Measurements. Figure 3 shows test
setup for specimens. Lateral supporting elements were used
on top of column to avoid column instability during loading
process. High-strength bolts and supporting beams were
adopted at bottom end of column. Axial load was applied on
top of columns via hydraulic loading. At two ends of beams,
cyclic load was applied through two actuators to simulate the
low-frequency cyclic seismic load. The applied load was in
the form of combined displacement-control and force-
control cyclic loads. The loading scheme followed instruc-
tions from JGJ101-96 [13], which is shown in Figure 4.
Prior to yield capacity of P, and when deformation was
very small, force-control loading was used and load was
applied at increment of 0.2 P,. After the specimen reached
the calculated yield load, loading was applied under dis-
placement-control, using the horizontal displacement of
beam ends A at calculated yield capacity as initial dis-
placement for loading. Load was applied at increment of A
and repeated three times at each loading level until loading
bearing capacity dropped below 85% of ultimate capacity or
when specimen is severely damaged. Downward load was
using positive sign. During loading process, the loads at two
ends of beam were in opposite directions. The main mea-
surements consisted of applied load, beam end displace-
ment, strain distribution, and deformation of joints. Figure 5
shows strain gauges distribution on column longitudinal and
stirrup reinforcements, on beam web and column web in
joint core area, and on column flanges and beam flanges.

3. Test Results and Analysis

3.1. Failure Modes of SRC-1. Figure 6 shows the crack de-
velopment at different stage of loading. The first minor crack
appeared when loading reached 21 kN. Beam flange reached
yield strain at load of 35 kN and then beam started yielding
which indicated the start of elastic-plastic stage. After the
point displacement-controlled load was applied, crack
started widening up at the third increment of load. Main
cracks formed in the diagonal direction in joint core area.
When the load reached the fourth increment and the first
cycle, concrete started spalling in the joint core area and the
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TaBLE 1: Concrete material properties.
Sample ID f (MPa) fu (MPa) fu (MPa) E,. (MPa)
H1 31.1 20.8 2.1 30165
H2 31.6 21.2 2.1 30333
H3 31.9 21.3 2.1 30419
Average 31.6 21.1 2.1 30306
TaBLE 2: Cross section and steel reinforcement details.
Sample Steel ratio in  Longitudinal bars in ~ Reinforcement  Stirrup bars in  Stirrup bars X-shaped Axial
ID section (%) column ratio (%) column in joint reinforcing bars  pressure ratio
SRC-1 5 412 0.83 -8@100 -8@60 N/A 0.1
SRC-2 5 4-12 0.83 -8@100 -8@60 N/A 0.4
SRC-3 5 412 0.83 -8@100 -8@60 N/A 0.7
SRC-4 5 412 0.83 -8@100 -8@60 Yes 0.4
Q= = —
$8@100
| - HW224 x 100 x 4 x 4
2 l &
I 1-1
$8@60 T E
—~ HW136 x 120 x 8 x 8
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FIGURE 1: Specimen geometry and reinforcement/steel details.

X-shaped
reinforcing

bars

FIGURE 2: Details of X-shaped reinforcing bars and stirrups.
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F1GURE 3: Test setup.

\j

| Force-control
loading

L
g VY

Displacement-control

FIGURE 4: Loading scheme for cyclic tests.

rear bottom flange of the beam on left side of joint started
buckling. In the second cycle, linear variable differential
transformer (LVDT) dropped. When the load reached the
fifth displacement increment and, in the first cycle, the front
bottom flange of the beam on left side of joint started
buckling, concrete started spalling in big segments and then
stirrup was exposed. When load bearing capacity dropped to
85% of peak value and all cycles in fifth displacement in-
crement finished, the test was stopped.

SRC-2 and SRC-4 showed similar failure modes to that
of SRC-1, and buckling also occurred on top flange of beams.
Figure 7 shows buckling on beam top flanges in SRC-4 and
final failure mode of the specimen. In specimens SRC-2 and
SRC-4, buckling did not appear in beam webs area and shear
failure is the main failure mode of concrete in the joint core
area.

With regard to SRC-3 joint, when the load reached the
third displacement increment, buckling appeared on top
flange of beam, which was on right side of joint. When it
reached fifth increment of displacement, buckling on top
flange of the beam was worsened and severe buckling in
beam web area occurred (Figure 8). Due to high axial
compression ratio in this specimen, the shear force in beam
webs (close to joint area) was quite big; these made the
specimen reach yield state very quickly. The main failure
modes consisted of buckling at beam ends and shear failure
at joint core area. The failure phenomena and failure modes
of all specimens are shown in Table 3.

3.2. Hysteretic Curves. Figures 9-12 show hysteretic curves
and envelope curves for four specimens at loading point
on right-hand side of joint. All four specimens showed
tull hysteretic curves, which indicates good energy dis-
sipation ability of these composite column-steel-beam
joints. SRC-3 showed most full hysteretic curves, which
indicates that, with higher axial compression ratio,
structural steel’s strong mechanical properties could be
used to most potential and hence improved specimens’
plastic deformation ability. The shapes of envelope curves
and hysteretic curves were very close for both SRC-2 and
SRC-4, which indicates that introducing X-shaped
reinforcing bars can only improve crack resistance of
concrete but has no impact on other mechanical per-
formances of joints.

3.3. Envelope Curves. From Figures 9-12, it can be seen that
envelope curve is in S-shape, which indicates that during
loading all specimens underwent four stages: elastic
stage—plastic stage—ultimate loading—final failure. Ta-
ble 4 lists characteristic loading of four specimens. Com-
bining with Figure 13 , it shows positive displacement,
SRC-3 showed slower increase on envelope curve com-
pared to SRC-1 and SRC-2, while after reaching ultimate
capacity, the envelope curves for SRC-1, SRC-2, and SRC-3
were very close and all see a flatter descending curve. For
negative displacement, SRC-3 showed faster increase on
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FIGURE 5: Strain gauges arrangement. (a) Column longitudinal and stirrup reinforcements. (b) Beam web/column web core area.

(c) Column flanges. (d) Beam flanges.

envelope curve compared to SRC-1 and SRC-2, while after
reaching ultimate capacity, SRC-2 showed a very flat curve
and SRC-1 and SRC-3 displayed an obvious descending
curve. In particular, SRC-3 had flexural failure in beams
and load bearing capacity dropped very quickly. This also
indicated that proper axial compression ratio can improve
composite columns-steel-beam joint’s ultimate stability;
therefore, mechanical performance of joint was degraded
relatively after ultimate capacity was reached. SRC-4
showed an obviously greater cracking load than SRC-2,
which verified that introducing X-shaped reinforcing bars
can slow down the appearance and development of cracks
and therefore improve crack resistance of joints.

3.4. Ductility. 'The ratio of ultimate displacement to yield
displacement was used for ductility assessment, with final
failure set as the point when the load dropped to 85% of
ultimate load capacity. Table 5 lists the displacement and
ductility factor of SRC-1, SRC-2, and SRC-3. It can be
seen that ductility coefficient for all three specimens
decreased with axial compression ratio increasing.

3.5. Strength and Stiffness Degradation
p!
n=—r (1)

P;

Equation (1) shows strength degradation coefficient #
[14]. Pji represents peak load at load cycle of i under
displacement increment of j. Figure 14 shows strength
degradation coefficient for three specimens under dif-
ferent axial compression ratios. It can be seen that the
axial compression ratios did not influence strength
degradation coefficient very much. Even after ultimate
capacity 7 still did not change much, while in ordinary
concrete 1 dropped quickly after reaching the ultimate
capacity point. It indicates that SRC possess good damage
resistance.

In this paper, stiffness k was used to analyze the
stiffness degradation trend during loading process.
Stiffness k is the ratio of the sum of the peak loads
corresponding to each period to the sum of the peak
displacements under the same load. As shown in Fig-
ure 15, under negative bending moment, three specimens
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(0) (d)

FIGURE 6: Failure modes of SRC-1. (a) Crack at yield capacity. (b) Crack development. (c) Final cracks. (d) Overall specimen at failure.

(b)

FIGURE 7: Failure modes of SRC-4. (a) Top flange buckling of beam. (b) Final failure mode.
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FIGURE 8: Failure modes of SRC-3. (a) Top flange buckling of beam. (b) Web buckling of beam. (c) Final failure mode.
TaBLE 3: Failure modes of all specimens.
fgmple Details of failure Final failure mode
SRC-1 Severe concrete spalling and shear deformation in joint, buckling in beam bottom flange Shear failure in joint
SRC-2 Severe concrete spalling, later than that of SRC-1; shear deformation in joint, buckling in Shear failure in joint
both beam top and bottom flange
Severe concrete spalling, later than that of SRC-2; shear deformation in joint, buckling in ~ Shear failure in joint and beam
SRC-3 .
both beam flanges and web flexural failure
SRC-4 Severe concrete spalling, later than that of SRC-2; shear deformation in joint, buckling in Shear failure in joint
both beam top and bottom flange
Load (kN) 60 - Load (kN) 60 -
10 | — " ——n
20 -
6 -0 -2 0 40 6
-20 4 Displacement (mm)
240
l\.\._. _u
-60 -
(a) (b)
F1GURE 9: Hysteretic curve and envelope curve for SRC-1.
shoyv.ed similfir stiffness degradation trem.i, While under b - 1 ( Sppc +Sacr ) 2)
positive bending moment, SRC-2 showed similar trend to © 727 (Somp + Sors )
OBD T DOFE

SRC-3 and SRC-1 showed obviously higher curve than
that of SRC-2 and SRC-3.

3.6. Energy Dissipation Ability. In this paper, equivalent
viscous damping coeflicient [15] was used to assess speci-
men’s energy dissipation ability. As shown in Figure 16,
equivalent viscous damping coeflicient can be obtained
through calculation in the following equation:

In this paper, only the equivalent viscous damping co-
efficients at ultimate capacity and at final failure point were
analyzed for the three specimens and results are shown in
Table 6. It can be seen from the table that the three specimens
showed similar energy dissipation coefficients when the load
reached ultimate capacity and all specimens showed in-
creased coefficients at final failure points. It indicates that,
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FiGure 10: Hysteretic curve and envelope curve for SRC-2.
Load (kN) 60 Load (kN) 60 -
40 /-/ B
20 -
-60 60 40 20 2 40 60
Displacement (mm)
o -
-60
(b)
F1GUre 11: Hysteretic curve and envelope curve for SRC-3.
Load (kN) 60 Load (kN) 60 -
40 - T
~60 20 40 60
Displacement (mm)
()
FIGURE 12: Hysteretic curve and envelope curve for SRC-4.
TasLE 4: Characteristic load.
Sample ID Cracking load Yielding load (kN) Ultimate loading (kN)
SRC-1 21 kN in first cycle (positive displacement) 34.74/-34.76 48.98/-50.31
SRC-2 21 kN in first cycle (negative displacement) 41.72/-41.77 48.87/-54.59
SRC-3 28kN in first cycle (positive displacement) 41.75/-41.80 50.21/-56.09
SRC-4 28 kN in first cycle (positive displacement) 41.32/-41.46 41.32/-41.46
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Load (kN) 60 -

40 /A

20 2

T T T T 1
20 40 60
Displacement (mm)

—m— SRC-1
—eo— SRC-2
—a— SRC-3

FiGure 13: Envelope curves under varying axial compression rate.

TaBLE 5: Displacement and ductility detail.
Yielding load (kN) (mm)

Displacement at yield (mm) Ductility coefficient

Sample ID o . . )

Positive Negative Positive Negative Average
SRC-1 9.27 8.17 31.82 31.81 3.66
SRC-2 11.67 11.21 29.71 29.92 2.61
SRC-3 12.56 10.75 29.71 29.97 2.58

s—4
BaNA i

D

K%‘g;//,.'éf)f'

0.8 4
0.6

0.4

Strength degradation coefficient (1)

FaWa)
T T 17 T T T T T 19U — T T T T T T T T T T 1

-60 -50 -40 -30 -20 -10 O 10 20 30 40 50 60
Beam and displacement (mm)

—m— SRC-1 negative bending
moment

—e— SRC-2 negative bending
moment

—a— SRC-3 negative bending
moment

—v— SRC-1 positive bending
moment

—&— SRC-2 positive bending
moment

—<— SRC-3 positive bending
moment

FIGURE 14: Strength degradation coefficient.

after ultimate capacity point, the load bearing capacity
decreased very slowly and all joints showed good energy
dissipation ability. The equivalent viscous damping

coefficient of SRC-3 is higher than those of the other two
specimens by 0.1, which indicates that higher axial com-
pression rate can help to improve energy dissipation ability.
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Stiffness (K
[ ]
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moment moment

FiGure 15: Stiffness degradation curves.
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FiGure 16: Calculation ofh,.

TaBLE 6: Energy dissipation coeflicients.

Samole ID Under ultimate capacity At failure

ampre Area A h, Area A h,
SRC-1 2300 0.23 4183 0.3
SRC-2 2257 0.24 4909 0.3
SRC-3 2196 0.22 6091 0.4
3.7. Shear Resistance Capacity. The two widely used practical N

4 y usee b V = @7.025+0.05——f.bih

codes on structural steel-concrete composite structure in = 250 T fbhc 7
China are JGJ 138-2001 [16] and YB 9082-2006 [17]. When (3)
seismic grade is not considered and only the impact from axial A, L , L
load is considered, the two standards provide shear resistance +f wg Tt 0.58 f oty

formula for SRC composite columns-steel-beam joints:
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TaBLE 7: Shear capacity calculated by equation (3).
Sample ID SRC-1 SRC-2 SRC-3
Axial compression ratio 0.1 0.4 0.7
Axial compression 140 560 980
Shear capacity of concrete 188.7 188.7 188.7
Shear capacity of stirrups 71.7 71.7 71.7
Shear capacity of structural steel 130.8 130.8 130.8
Influence factor from axial force 6.4 25.7 44.9
Shear capacity calculated from equation (3) 397.8 410.0 436.3
TaBLE 8: Shear capacity calculated by equation (4).
Sample ID SRC-1 SRC-2 SRC-3
Axial compression ratio 0.1 0.4 0.7
Axial compression 140 560 980
Shear capacity of concrete 122.7 122.7 122.7
Shear capacity of stirrups 71.7 71.7 71.7
Shear capacity of structural steel 130.8 130.8 130.8
Influence factor from axial force 12.8 51.3 89.8
Shear capacity calculated from equation (4) 338.1 376.6 415.1
TaBLE 9: Comparison between theoretical values and measured values.

Sample ID SRC-1 SRC-2 SRC-3
Testing result for shear capacity 419.1 436.6 448.7
Calculated shear capacity from equation (3) 397.8 410.0 436.3
Calculated shear capacity from equation (4) 338.1 376.6 415.1
Test result/result from equation (3) 105.4% 104.7% 102.9%
Test result/result from equation (4) 123.9% 115.9% 108.1%

fyvAsv
V=8 fibjhy + @

+ fowtwhy + 0.1INL .

In equation (4), 0.1N is the favorable influence of axial
force.
Testing shear force is calculated through the following

equation:
hy L
Lﬂ

VzM—bI’LMbr.i.(

hyo H

where H is column height, L is beam span, L,,is clear span of
beam, hy is effective height of beam, and M,; and My, are
bending moments at left and right sides of beam. Tables 7
and 8 summarize shear capacity of three specimens, and
Table 9 shows comparison between theoretical values and
measured values.

It can be seen from Tables 7-9 that testing results for
these three specimens are all higher than calculated results
from two standards. Testing results increased with axial
compression ratio, which indicates that it is a proper
method to include the influence from axial compression
force. Testing results are more close to results from
equation (3), while equation (4) showed smaller shear
capacity. Comparing Tables 7 and 8, it can be seen that
concrete shear capacity from equation (3) is much higher
than that from equation (4), while the influence factor of
axial force in equation (4) nearly doubles that from
equation (3). Hence, based on the results from this paper,
suggestions could be provided on modification of equation

(4), for example, increasing the calculated shear capacity of
concrete and decreasing axial load.

4. Finite Element Model (FEM)

4.1. Model Setup. In order to better understand the behavior
of SRC column-steel-beam structure and verify the accuracy
of the experiment, ABAQUS was used to simulate the ele-
ments and loading process. With regard to concrete consti-
tutive relationship, damage plasticity model was used to
represent concrete plastic behavior. Concrete uniaxial com-
pressive and tension stress-strain relationships suggested in
GB50010-2010 [18] were employed. Concrete compressive
and tensile strengths of f . and f, were from test results,
which are shown in Table 1. The von Mises yield criterion and
related flow rules were adopted for steel simulation and yield
strength used in the model was from test results, with yield
strength of 297 MPa for Q235 graded steel, 316 MPa for
HPB300 graded steel, and 379 MPa for HRB335 graded steel.

Concrete was simulated through reduced linear inte-
grated unit C3D8R. Three-dimensional Truss unit T3D2 was
used for reinforcement steel simulation. Three-dimensional
shell unit S4R [19] was used for structural steel simulation.
Meshed structure model is shown in Figure 17.

4.2. FEM Results Analysis. Figure 18 shows FEM results and
also test results from SRC-3 on load-displacement hysteretic
curves. Overall, the FEM results agree well with those from
the test. Figure 19 shows the final failure mode of SRC-3. It
can be seen clearly that shear deformation is severe, as well as
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(a) (b)

FIGURE 17: Meshed elements. (a) Joint from steel elements. (b) Joint from concrete column/steel beam.
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FiGUure 18: Hysteretic curve and envelope curve of SRC-3. (a) Hysteretic curve. (b) Envelope curve.

Ficure 19: Continued.
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FIGURE 19: Failure mode of specimen SRC-3. (a) Final cracking. (b) Buckling in beam flange. (c) FEM result.
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FIGURE 20: Initial cracking of concrete.

buckling and deformation in beam flanges and concrete
spalling in concrete, which all agree with test phenomena.
Figure 20 shows the damage contour on concrete tensile
cracking from all four specimens and it can be seen from the
figure that cracking load improves with increasing axial load,
which indicates that increase of axial pressure ratio will
improve anticracking ability and slow down crack devel-
opment. SRC-4 shows obviously higher cracking load than
SRC-2, which indicates that application of X-shaped rein-

forcement joint area can not only affect crack locations but
also improve concrete crack resistance.

4.3. Parametric Study. Through adjustment of concrete
strength, stirrup ratio, stiffener thickness, and web thickness
in FEM model, their influence on joint strength capacity is
analyzed. The energy dissipation ability of specimen with
axial compression ratio of 0.4 was greater than that of
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TaBLE 10: FEM parameter analysis.
Sample Concrete  Longitudinal bars in ~ Stirrup bars in ~ Stirrup bars Thickness of the ~ Web thickness Axial pressure
1D strength column column in joint stiffener (mm) (mm) ratio
SRC-5 C30 412 -8@100 -8@60 N/A 8 0.4
SRC-6 C40 412 -8@100 -8@60 N/A 8 0.4
SRC-7 C50 412 -8@100 -8@60 N/A 8 0.4
SRC-8 C30 412 -8@100 N/A N/A 8 0.4
SRC-9 C30 412 -8@100 -6@60 N/A 8 0.4
SRC-10 C30 412 -8@100 -8@60 N/A 8 0.4
SRC-11 C30 412 -8@100 -8@60 N/A 8 0.4
SRC-12 C30 412 -8@100 -8@60 4 8 0.4
SRC-13 C30 412 -8@100 -8@60 8 8 0.4
SRC-14 C30 412 -8@100 -8@60 N/A 4 0.4
SRC-15 C30 412 -8@100 -8@60 N/A 6 0.4
SRC-16 C30 412 -8@100 -8@60 N/A 8 0.4
TaBLE 11: Beam end loads and shear from FEM.

Sample ID Cracking load (kN) Yielding load (kN) Ultimate load (kN) Shear at cracking (kN) yief(}ilierigr (al:N) Ultimate shear (kN)
SRC-5 14.5 27.8 53.1 108.6 207.6 396.1

SRC-6 16.1 29.5 54.6 120.5 220.0 407.6

SRC-7 17.2 31.2 54.7 128.4 233.1 408.5

SRC-8 12.5 26.9 52.1 93.3 199.5 389.1

SRC-9 13.8 27.7 52.7 103.3 206.7 393.4
SRC-10 14.6 27.8 53.1 108.6 207.6 396.1
SRC-11 14.3 27.7 52.7 106.9 206.9 393.3
SRC-12 14.6 27.8 53.1 108.6 207.6 396.1
SRC-13 14.8 28.9 53.3 110.1 215.7 397.8
SRC-14 12.3 21.7 49.3 91.5 162.0 367.8
SRC-15 13.4 25.5 51.6 99.7 190.4 385.4
SRC-16 14.6 27.8 53.1 108.6 207.6 396.1

specimens with 0.1 axial compression ratio, while the flex-
ural failure of steel beams was caused by high axial com-
pression ratio of 0.7. The increase of axial compression ratio
will increase the shear resistance capacity of joints, but it is
only a small increase. Therefore, the axial compression ratio
of 0.4 was selected for simulation.

In Table 10, concrete strengths for specimens SRC-5,
SRC-6, and SRC-7 were C30, C40, and C50, respectively.
There was no stirrup in SRC-8, while stirrup diameters of
6 mm and 8 mm were applied in SRC-9 and SRC-10, re-
spectively. There was no stiffener in SRC-11, while stiff-
eners at thickness of 4 mm and 8 mm were applied in SRC-
12 and SRC-13, respectively. Specimens SRC-14, SRC-15,
and SRC-16 are with web thickness of 4 mm, 6 mm, and
8 mm, respectively. One simulated parameter was verified
for every three specimens. Other parameters were the same.
Table 11 lists the load and shear resistance simulation
results for three different stages of the specimen.

It can be seen from Table 11 that cracking shear force and
yielding shear force increase with concrete strength in-
creasing, while ultimate shear force was not affected very
much. With increasing of stirrup diameter, cracking shear
force is obviously improved, while addition of stiffener in

joint area does not influence shear resistance very much.
Compared with adding stiffener and stirrups, increasing web
thickness can improve joint shear resistance more effectively.

Figure 21 shows that higher strength concrete makes
bigger contribution to load sharing and this helps to lower
the loading in structural steel web. With increase of stirrup
in the joint area, this can improve shear resistance. With the
increase of stiffener thickness, shear on stiffener increases
and thus reduces the shear in steel web. At the same time,
SRC-11 showed more severe steel buckling than the other
two specimens, which indicates that adding stiffener in core
area could reduce local buckling in steel flange and transfer
shear to web uniformly and this finally reduces strain in web
area. With web thickness increasing, the capacity and sta-
bility of joint can be obviously improved.

From the FEM results on parameter study, it can be
concluded that those factors showed positive influence on
improving joint shear resistance; in the order from the most
obvious to the least obvious, they are web thickness, concrete
strength, stirrup ratio, and stiffener thickness. Increasing
web thickness is proved to be the most effective way for shear
resistance improvement for SRC composite columns-steel-
beam joints.
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5. Conclusion and Future
Work Recommendation

Experimental study was carried out on SRC composite
columns-steel-beam joints under low-frequency cyclic
loading. Results were verified by analysis result from FEM
model using ABAQUES. Both experimental and FEM analysis
results showed the following:

(1) Higher axial compression ratio can improve crack
resistance; however, high axial force on SRC-3
caused flexural failure of beam and then finally led to
reduction in overall joint stability and load capacity
in structural steel.

(2) SRC-3 showed most full hysteretic curve among all
specimens, which indicates good energy dissipation
ability of SRC composite columns-steel-beam joints.
With axial compression ratio increasing, ductility of
joints decreased and strength degradation did not
change very much, while stiffness decreased.

(3) Adding X-shaped reinforcement in joint area could
slow down concrete cracking and improve crack
resistance but does not affect other mechanical
properties very obviously.

(4) Based on experimental results, suggestions could be
made on modification of formula from YB9082-2006
[15] in that concrete shear capacity could be in-
creased and positive influence from axial load could
be reduced.
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As a cross-sea or river deep-water foundation, it is clear that the caisson foundation will be subjected to significant lateral dynamic
loads due to winds or waves and suffer from scouring under its long-term effect. In order to obtain the scour effect on the dynamic
response of the foundation, an analytical model describing the scour-hole effect in terms of scour depth, scour width, and slope
angle was constructed. Combined with the nonlinear Winkler theory, a method for the dynamic response of the caisson
foundation considering the scour-hole dimensions was proposed. Comparisons against the results from the dynamic FEM
demonstrate the reliability of this method. The effects of the scour width, slope angle, and scour depth on the dynamic response of
the caisson were discussed. The results show that the scour depth affects the dynamic displacement and resonant frequency of the
foundation most, whereas the scour width does less and the slope angle does the least; the dynamic response of caisson can be
approximated as the case of the slope angle 5° and the scour width 5B when the slope angle is less than 5° and the scour width is
greater than 5B, respectively; the effects of scour width and slope angle on the dynamic response of caisson have the similar change
pattern in the displacement and resonant frequency when the scour depth is different. However, the effect of amplitude on

dynamic response shows a nonlinear increase trend when the scour depth is relatively large.

1. Introduction

Caisson is a common foundation type which is suitable for
bridge engineering. It is widely used in cross-river and cross-
sea bridges because of its strong integrity and large bearing
capacity, such as the Shanghai-Nantong Yangtze River
Bridge in China, the Brooklyn Bridge in the United States,
and the Akashi Strait Bridge in Japan [1]. Comparing with
the traditional foundation on land, the working environ-
ment of caisson foundation is more complicated. The caisson
foundation not only needs to withstand the upper vertical
load but also needs to withstand the horizontal dynamic load
such as wind, wave currents, and possible earthquakes.
Research has also shown that the mechanism of lateral
interaction is more complicated than that of vertical

interaction and the lateral load takes more significant effect
on the characteristics of foundation than vertical load [2].
Therefore, more strict requirements are put forward for the
horizontal dynamic performance of the caisson foundation
during the design and construction. In addition, the caisson
foundation easily suffers from scouring due to the huge size
resulting in a drastic change in the water crossing section.
Take the caisson foundation used in the Taizhou Yangtze
River Bridge as an example—the length, width, and height of
the caisson is 58.2m, 44.1m, and 76m, respectively.
According to the field measurement data, the maximum
local scour depth reaches 17.4m about one year after the
completion of construction, and the scour depth comes to a
new peak value of 46.6 m according to the laboratory tests
when the factors such as water velocity, flow, and angle are
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taken into account [3, 4]. Obviously, such a huge scour depth
value will inevitably cause significant changes in the bearing
performance and dynamic characteristics of the foundation
and may even cause the damage of bridge foundation. Based
on the statistics data of 584 bridge accidents from 1813 to
2018 [5], it is concluded that about 30% of bridge collapses
are related to natural disasters, and bridge scouring caused
by floods is the most common case. Therefore, it is necessary
to study the changes in the characteristics of the caisson
foundation before and after scouring.

In recent years, there is a growing concern on the
characteristics of caisson foundation before and after
scouring. Liu et al. [6] studied the horizontal bearing
characteristics of the suction caisson after scouring in lay-
ered clay soils. Zhang et al. [7] conducted a laboratory test to
investigate the lateral response of the caisson and its de-
pendence on the characteristics of the applied cyclic load and
scouring. However, these methods for analyzing the scour
effect mentioned above focused on the static behavior of the
foundation, and the dynamic behavior of the foundation was
not involved. Tu et al. [8, 9] discussed the influence of
scouring on dynamic impedance and resonant character-
istics of the caisson, but the scour pattern is assumed to be of
layer distribution mode. Nevertheless, it is well recognized
that scour holes formed around the caisson usually involve
certain shapes and sizes [10, 11], and the static and dynamic
characteristics of the foundation is affected by the shape and
size of scour holes [12, 13]. Yang et al. [14] analyzed the effect
of scour-hole dimensions on the response of laterally loaded
piles based on the modified strain wedge method. Zhang
et al. [15] used Mindlin’s solution to analyze the influence of
the scour-hole dimension on the horizontal bearing char-
acteristics of a single pile. However, the caisson is different
from the pile foundation; hence, Mindlin’s solution cannot
be directly used for scour analysis due to the large size of the
caisson foundation. To get a better understanding of the
scour effect, it is necessary to study the dynamic charac-
teristics of foundations in combination with the dimension
of scour holes.

The objective of this paper is to propose a simplified
model for the analysis of laterally loaded caisson foundations
under scouring, which can account for the effects of scour-
hole dimensions on the dynamic performance of founda-
tions. In order to verify the proposed simplified model for
the lateral vibration of the scoured caisson, 3D finite element
simulations are conducted and good agreements are ob-
tained between the results of the numerical method and the
theoretical model. Finally, to provide a reference for engi-
neering application, the influence of the scour depth, scour
width, and scour slope angle of scour holes on the dynamic
characteristics of the caisson foundation are studied based
on the proposed model.

2. Lateral Dynamic Analysis Model for the
Scoured Caisson

2.1. Analysis Model for Caisson in Layered Soils. Based on the
Winkler dynamic analysis theory, a two-dimensional plane
analysis model of caisson in a homogeneous elastic
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foundation without any scouring can be established, as
shown in Figure 1 [16]. Here, the caisson is assumed to be a
rigid embedded foundation. For a caisson subjected to the
harmonic horizontal load Q, and moment M, at the top
center of the foundation, the lateral dynamic equilibrium
equation can be expressed as

i fria fa } =g 00
(1)

where D is the height of the foundation, and u, and 6, are the
horizontal displacement and the rotation angle of the base
center of the foundation. [M,], [K,], and [C,] are the mass
dynamic matrix, stiffness matrix, and damping matrix of the
foundation, respectively. They can be rewritten as

M,] [ m mh, ]
b __mh1 ]C+mhf ’
[ K, K
[Kb] _ hh hr :|) 2)
L Krh Krr
[ Cin Chyr
L Crh Crr

where m is the mass of caisson foundation, /; is the distance
from the center of gravity to the base surface of the caisson,
and J, is the mass moment of inertia of the caisson. K, K,
and K}, (K,;) are the horizontal dynamic stiffness, rocking
dynamic stiffness, and coupled horizontal-rocking dynamic
stiffness of caisson, respectively. Cy,;,, C,,, and Cy, (C,;) are
the horizontal dynamic damping, rocking dynamic damp-
ing, and coupled horizontal-rocking dynamic damping of
caisson, respectively:

n
Ky = Ky + kaidi’

i=1

n
Khr = Krh = kaidizi’
i=1
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rr

[kxidi<zi2 N ledi2> N k”-d],
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Cup=Cp + Z Cyidi>

i=1

n
Chr = Crh = zcxidizi’
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N 2, 1o

C,=C,+ Z[cxidi<zi + Edi ) + crid],
i=1

where z; is the distance from the center of layer i to the soil
surface, d; is the thickness of soil layer i, and d is the em-
bedment depth of the caisson. Kj, Cj, and K,, C, are the
horizontal and rotational spring stiffness and damping
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FiGure 1: Dynamic Winkler model for the lateral vibration of the
caisson.

coeflicient of the concentrated springs with respect to the
bottom of the caisson, respectively. k,;, c,; and k,;, ¢,; are the
stiffness and damping coeflicient of the distributed hori-
zontal and rocking springs of layer i (i ranges from 1 to n),
respectively. k,;, ¢, and k,;, c,; are given in Appendix A in
detail.

2.2.  Simplified Method considering the Scour-Hole
Dimensions. During the analysis of the scour effect, most of
the studies assume that the loss of soil around the foundation
is distributed in a plane mode. In reality, the scour pattern is
in irregular shape, which is significantly affected by some

factors, such as the water velocity and foundation type.
Generally, the scour pattern at a certain state can be ap-
proximated by scour depth S, scour width S,,, and scour
slope angle 6, as shown in Figure 2 [12, 15]. According to the
symmetry of the model, the illustration of stress loss around
the caisson is shown in Figure 3.
For a caisson embedded in clay, the mean effective stress
o, at a certain point before scouring can be determined as
JI (1 + 2K0)Y(;h0 R

A (4)
where y, and hj are the effective unit weight of soil and the
embedded depth, respectively. Kj is the coefficient of earth
pressure at rest.

According to Figure 3, with the formation of the scour
hole, the mean effective stress at a certain state can be
expressed as

Oims = O~ O (5)

where o) is the mean effective stress after scouring, and o,
is the stress loss caused by the unloading of the soil when the
scour hole is formed.

Based on the plane strain hypothesis, the stress loss of the
point of interest around the caisson shaft after scouring can
be calculated by the superposition principle. It can be ap-
proximately expressed as the sum of the stress loss caused by
the triangular scour hole “abc” and the quadrilateral scour
hole “bede,” as shown in Figure 3. Then, taking point “a” as
the origin of coordinates to establish local coordinates, the
vertical stress loss and lateral stress loss of the point of
interest can be given as [17]

2! h3 28,+S,/tan 0 1 2 ’h3t Syl tan 6
o = YoSa oj ¢ 5 Sdx + Yo'lo anejd x2 5 dx, (6)
T Sa/tan 6 [ (Sy + Sy/tanf — x)” + hg] T 0 [(Sd/tan 0)” + hé]
ol = 4y4Saho JSd/tanf) (S, + Sy/tan 6)22 de+ 4yoh, tan 0 J’Sd“z‘“‘9 (S;/tan 0 — ch)zx & ()
T Sy+S4/ tan @ [(Sw +S,/tan 0 - x)" + hg] T 0 [(Sd/tan 6- x)" + hg]

where o, and o are the vertical and lateral stress loss of the
point of interest, respectively. S;, S,,, and 6 are the scour
depth, scour width, and scour slope angle of the scour hole,
respectively. x is the coordinate of the location from point
“a” to “d,” as shown in Figure 3.

The mean effective stress o,,. after scouring obtained by

putting equations (4)-(7) together can be expressed as

o I _ (1 + ZKO)y(;hO (8)
™ (3= (o) +20)))13

With the formation of the sour hole, the soil around the
caisson also changed from a normal consolidated state to an
overconsolidated state. As the change of the gravity of soil is
limited, the OCR can be expressed as

!
OCR = o0 (9)

!

Yoho — 0

In the meantime, the stress loss of the soil around the
caisson will also cause a change in void ratio, and the change
value in void ratio Ae is given as

!
Ae=ey — ey = —Kln(0“,“>, (10)

Om

where e, and ey are the void ratio before and after scouring,
respectively; and « is the swelling index from an isotropic
consolidation test.
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Figure 2: Illustration of the scour hole around the caisson
foundation.
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Ficure 3: Illustration of scour-hole stress loss.

By putting equations (4) and (8) together, Ae can be
rewritten as

(1+ ZKO)V(;hO - (Uz, + 20;;)
(1+2K,)yoho

Ae = —xIn (11)

In addition, the shear modulus of soil is related to the
mean effective stress, void ratio, and overconsolidation ratio
(OCR). For normally consolidated clay, it can be taken as
[18, 19]

(2.97 - ¢,)
1

2
G, = 3230 (OCR) (a,))*°, (12)

€

where k is the parameter related to the plasticity index, equal
to 0.18 as suggested in [19].

After scouring, the shear modulus of soil can be re-
written as

297 e, ) he \F
GOS=3230( ) ( Yo't ,) (o). (13)
1 + eqq Yoho — 0

Generally, the soil around the caisson foundation shows
nonlinear characteristics in practical engineering. In order to
consider the nonlinear characteristics of the soil with the
change of soil strain and the change of cyclic loading and
unloading, the hyperbolic stress-strain relationship model
was introduced to modify the proposed model:
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Gy -y

Go - p/(S, + 1) (1)

T(y) =
where Gy is the shear modulus of soil, 7 (y) is the shear stress,
and S, is the undrained shear strength. y is shear strain of

soil, which can be approximated by the following equation
[20]:

_1+v

_L+v 15
2587 (15)

Y
where y is the lateral displacement of the foundation, v is
Poisson’s ratio of soil, and B is the diameter of the
foundation.

The hysteretic curves of shear stress and strain obtained
by Masing’s rules are used to simulate the loading, reloading,
and unloading, which is expressed as

- y i YUY
Gy +|y £ yul/(27f)
where y,, and 7, are the current shear strain and shear stress

at the onset of unloading or reloading, and 7 is the shear
stress at failure, given as [19]

0.5
K, A (1=K, )\
¢ = > 0,8In¢Q +ccosg | — 2 g, >

(16)

* Ty

(17)

where o, is the vertical effective stress of soil, and c and ¢ are
the cohesive force and effective internal friction angle of soil,
respectively.

The key to calculating the dynamic stiffness matrix [Kp]
and damping matrix [C,] is to determine the stiffness co-
efficient k,;, k,; and the damping coefficient c,;, ¢,;, which are
closely related to the shear modulus of soil. Once the soil
parameters, such as the effective unit weight of soil y, and
void ratio ey, are determined, the stiffness coefficients k,;, k,;
and the damping coefficients c,;, ¢,; at a certain scour state
with scour depth S, scour width S, and scour slope angle 6
can be re-examined by equation (13). Then, the dynamic
response of a caisson subjected to the lateral load can be
calculated based on the proposed model.

3. Verification of the Proposed Model

A numerical simulation presented herein demonstrates the
application of the proposed method for the lateral response
of the caisson. The height, embedded depth, and diameter of
the caisson are 120m, 70 m, and 90 m, respectively, em-
bedded in cohesive soil stratum. Young’s modulus, Poisson’s
ratio, and mass density of the concrete caisson are 36 GPa,
0.3, and 2600 kg/m®, respectively. The thickness of the top,
bottom, and side walls of caisson are 3.0m. The density,
initial void ratio, Poisson’s ratio, and undrained shear
strength of soil around the caisson are 1600 kg/m?, 0.7, 0.49,
and 100 kPa, respectively. It is assumed that the scour depth
Sa the scour width S, and the scour slope angle 6 around
the caisson foundation are 20 m, 18 m, and 30°, respectively.
According to the symmetry principle, half of the meshing
model is depicted in Figure 4, where the model sizes are
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FiGure 4: FEM model of caisson foundation.

marked. During the dynamic finite element calculation, the
boundary processing is an important factor affecting the
accuracy of the results. Here, the sponge boundary is
adopted to attenuate the wave reflection in the dynamic
finite element analysis, which was proposed by Varun et al.
[21]. The gray elements enveloping the soil and caisson
elements are the sponge boundary elements. It is believed
that the purpose of attenuating the wave reflection can be
achieved by changing the Rayleigh damping parameters
within the sponge layer and the thickness of the sponge
boundary layer [21]. Based on this fundamental, the Rayleigh
damping parameters are selected 10.5 and 0.0105, and
boundary thickness in this example is determined as 300 m.
Then, the resulting amplitude reduction of P wave and S
wave with frequency can be described by the curves in
Figure 5. It can be seen that the higher the frequency, the
more the energy of the wave being absorbed by the sponge
boundary.

In order to consider the soil nonlinearity around the
caisson, a hyperbolic stress-strain curve has been used in the
simplified theoretical model. However, the constitutive
model of soil in the finite element method (FEM) is usually
selected as ideal elastoplastic, which is different from the
hyperbolic stress-strain relationship used in the theoretical
model. Therefore, the hyperbolic stress-strain characteristics
in the FEM are simulated by the method of importing yield
stress and plastic strain, and the hyperbolic hardening law
can be defined by a multisegment line [22]. The yield stress
and corresponding plastic strain within the embedded depth
of the caisson before and after scouring are shown in Table 1.

Here, the caisson subjected to lateral harmonic loads
200 MN is used to compare the dynamic responses by
considering the soil nonlinearity effect. The dynamic re-
sponse curves of the top displacement of the caisson before
and after scouring at different frequencies are calculated by
the FEM. Comparison with the theoretical results are shown
in Figure 6. It can be seen that the result of the simplified
method is slightly larger than the FEM results, but the trend
of the theoretical results is close to that of the FEM results,
which indicates the rationality of the simplified method. In
the meantime, the dynamic displacement of the caisson
foundation before and after scouring both have a resonance
peak value under the different frequencies of vibration loads.
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FI1GURE 5: Absorption of S and P waves at the sponge boundary.

TaBLE 1: Yield stresses and corresponding plastic strains at different
embedded depths.

Yield stress (kPa) 40 120 160 195
0-20m 2.8e—5 5le—4 0.0018 0.021
Before scourin 20-40m  14de—5 2.6e—4 92e—4 0011
[ &  40-60m 1le—5 2.0e—4 7.2e—4 0.009
&
Below g o, 6 18¢—4 64e—4 0.008
60 m
0-20m 25e—5 45e—4 0.0016 0.019
After scouring 20-40m 1.3e-5 2.5e-4 88e-4 0.010
sp
[ Below ) 15 20e—4 7.3e—4 0.009
40 m
0.2 -

0.15 +

0.1 |-

0.05 +

Displacement atop the caisson (m)

0 0.5 1 1.5 2 2.5 3
Frequency (Hz)

- = - Before scouring-FEM

- - After scouring-FEM

—— Before scouring-simplified method
—— After scouring-simplified method

FIGURE 6: Dynamic response of caisson before and after scouring.

Notice that the displacement amplitude after scouring shows
an increasing trend compared with that before scouring,
while the resonant frequency shows a decreasing trend. The
maximum displacement deviation between the results of the



simplified method and the FEM after scouring is about
13.3%. This is partly attributed to the limitation of the plane
strain assumption in considering three-dimensional prob-
lems, which slightly magnifies the stress loss caused by the
scour hole. Finally, time histories of lateral displacement
atop the caisson when the frequency equals to 1.4 Hz before
scouring and the frequency equal to 1.2 Hz after scouring
have been extracted to make a further comparison between
the FEM and the proposed simplified method, as shown in
Figures 7 and 8. These comparisons show that the simplified
method agrees well with the FEM, ensuring the reliability of
the simplified method.

4. Simulation of the Scour Holes and
Parametric Study

In order to further explore the effect of the scour hole on the
lateral dynamic characteristics of the caisson foundation, the
caisson foundation adopted in the FEM is used for analysis.
A parametric study was conducted to evaluate the effects of
scour depth, scour width, and scour slope angle on the
responses of the caisson. The scour width varied from 0.2B,
B, 5B to 10B, whereas the scour depth (S, =0.3d) and scour-
hole slope angle (8=30°) were kept unchanged. Four scour
slope angles (0=1°, 5°, 10°, and 30°) were considered to
evaluate their effects on the responses of caisson when the
scour depth was 0.3d and the scour width was 0.2B. Three
scour depths (S;=0.15d, 0.3d, and 0.45d) were investigated
when the scour width was 0.2B and the scour-hole slope
angle was 30°. The corresponding working conditions of
scouring are summarized in Table 2. Here, S,,=0.2B (18 m),
0=30°, and S;=0.3d (20m) were selected as reference
values.

4.1. Effect of Scour Width. Figure 9 shows the dynamic lateral
displacement atop the caisson after scouring as a function of
the frequency computed by the simplified method at four
different scour widths. It can be seen that the dynamic
displacement increased significantly with scour width at an
accelerating rate. The percentage increases in the peak value
of the displacement compared with the no scouring con-
dition are 70.1%, 112.7%, 141.7%, and 146.8% when scour
width varied from 0.2B to 10B. The total amplitude change in
the peak displacement caused by the scour width is about
76.7%. It can also be found that the resonant frequency of the
foundation changes very little under different scouring
widths. The resonant frequency and the peak value of the
displacement when the scour width was 5B are basically the
same as when the scour width was 10B, which indicates that
the effect of the scour width was found to be the same as that
at complete removal of the soil layer when the scour width
was greater than 5B. This phenomenon can also be observed
from the stress-strain hysteresis curves of the surface soil
around the caisson under different scour widths, as shown in
Figure 10. The stress-strain curve gradually slopes down-
ward as the scour width increases, and the peak value of
curves approached a constant when the scour width
exceeded 5B. Therefore, it can be known that the traditional
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TaBLE 2: Working conditions of scouring.

Working conditions Sa S

w

W1 0.3d 0.2B 30°
w2 0.3d B 30°
W3 0.3d 5B 30°
W4 0.3d 10B 30°

Al 0.3d 0.2B 1
A2 0.3d 0.2B 5°
A3 0.3d 0.2B 10°
A4 0.3d 0.2B 30°

S1 0.15d 0.2B 30°

Variation of scour depth S2 0.3d 02B  30°
S3 0.45d 0.2B 30°

Variation of scour width

Variation of scour slope angle

method of completely removing the soil layer is conservative
for the scouring analysis. The percentage difference of the
peak value of the dynamic displacement atop the caisson
between case W1 and case W4 can reach 45.4%.
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FIGURE 10: Stress-strain hysteresis loops of the surface soil under
different scour widths.

4.2. Effect of Scour Slope Angle. The effects of the scour-hole
slope angle on the dynamic lateral displacement atop the
caisson are shown in Figure 11. An increase in the scour-hole
slope angle decreased the dynamic response of the caisson.
The percentage increases in the peak value of the dis-
placement compared with the no scouring condition are
70.1%, 90.5%, 111.7%, and 129.4% when the scour slope
angle varied from 30° to 1°. A decrease in the slope angle
from 30° to 1° results in an increase in the displacement by
approximately 59.3%. This stems from the fact that a smaller
scour-hole slope angle means less overburden soil remaining

0.3

0.25

0.2+

Displacement (m)

0.1

0.05

0 0.5 1 1.5 2 2.5 3
Frequency (Hz)

-B- Al-scour slope angle 1°
-&- A2-scour slope angle 5°
-A- A3-scour slope angle 10°
-@- Ad4-scour slope angle 30°

FiGUure 11: Dynamic response of caisson foundation under dif-
ferent scour slope angles.

above the post scour groundline, consequently, more soil
resistance is induced. Similar to the previous comparisons, it
can also be found that the dynamic response of case Al
almost coincided with that of case A2, and the maximum
difference of displacement between case Al and case A2 is
17.7%, which is relatively small for practical engineering. It
can be concluded that the scour slope angle effect could be
ignored when the scour slope angle was smaller than or
equal to 5°. Compared with the effects of the scour slope
angle, the variation of the dynamic response caused by the
effect of scour width becomes more notable when scour
depths are the same. This similar trend also reflected in the
stress-strain hysteresis curves of the soil around the caisson,
as shown in Figure 12. The smaller the scour slope angle is,
the soil stress-strain hysteresis curve gradually slopes
downward, that is, the increase in the strength of soil
nonlinearity.

4.3. Effect of Scour Depth. 'The effects of the scour depth on
the dynamic lateral displacement atop the caisson are shown
in Figure 13. Here, three different scour depths 0.15d, 0.3d,
and 0.45d are discussed. Considering the effect of scour
depth on the resonant frequency, the value of resonant
frequency gradually decreases with the increase in the scour
depth around the caisson, which is different from the effect
of the scour width and scour slope angle on the resonant
frequency of the foundation; and the percentage increases in
the peak value of the displacement compared with the no
scouring condition are 14.4%, 70.1%, and 242.1% when
scour depth varied from 0.15d to 0.45d. It shows an obvious
nonlinear increasing trend compared with the effect of scour
width and scour slope angle. The main reason for this
phenomenon is that the soil loss around the caisson leads to
the weakening of the lateral restraint of foundation, and the
change of the stress state of the remaining soil may be the
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FIGURE 13: Dynamic response of caisson foundation under dif-
ferent scour depths.

second important factor resulting in the increase in the
displacement. Figure 14 shows the stress-strain hysteresis
curves of the soil around the caisson under different scour
depth. It can be seen that the strength of soil nonlinearity is
the other factor affecting the dynamic response of the
foundation. The greater the scour depth, the larger the
strength of the soil nonlinearity around the foundation and
the greater the displacement response of the foundation.
From the above analysis, it can be drawn that the scour
depth is the most important factor among the three scour-
hole dimensions (scour depth, scour width, and scour slope
angle) influencing the dynamic responses of the laterally
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FIGURE 14: Stress-strain hysteresis loops of the surface soil under
different scour depths.

loaded foundation. Obviously, it should be worth paying
more attention on the effect of scour depth on the dynamic
response of the foundation. Whether the effect of the scour
slope angle and the scour width on the dynamic charac-
teristics of foundation is still affected by the scour depth
should be further investigated. Therefore, the effect of scour
slope angle and scour width on the dynamic characteristics
of foundation are discussed when the scour depth is 0.15d
(10 m). The working conditions are summarized in Table 3.

The lateral dynamic displacement of the caisson as a
function of frequency under different scour widths and scour
slope angles are shown in Figures 15 and 16. Compared with
Figures 9 and 11, the overall trend of the results is roughly
consistent with the change pattern given in Figures 15 and 16;
however, the variation amplitude of dynamic responses is
significantly reduced with the change of scour width and
scour slope angle when scour depth is at a low value. The
degree of displacement increase became more notable under a
higher scour depth. This is mainly attributed to the small
change in the stress state of the soil around the caisson. In the
meantime, it can also be found that the scour width effect
could be ignored when the width was greater than or equal to
5B and the scour slope angle effect could be ignored when the
scour slope angle was less than or equal to 5°.

It is worth noting that there are two major limitations
that need to be addressed for the simplified method. First, a
gap will occur between the caisson foundation and soil, and
this effect was not considered in this simplified method.
Second, the proposed model for evaluating the dynamic
response of the caisson is based on the plane strain hy-
pothesis, as well as the scour hole around the caisson
foundation. More accurate analysis needs to be studied
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TaBLE 3: Working conditions with scour depth at 0.15d.

Working conditions Sa S

w

WS1 0154  0.2B 30°
WS2 0.15d B 30°
WS3 0.15d 5B 30°
WS4 0154 10B 30°

AS1 0154  0.2B 1°
AS2 0.15d  0.2B 5°
AS3 0154  0.2B 10°
AS4 0.15d  0.2B 30°

Variation of scour width

Variation of scour slope angle
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0.1 +

Displacement (m)

0 0.5 1 1.5 2 2.5 3
Frequency (Hz)

-A- WSl-scour width 0.2B
-©- WS2-scour width B
-B- WS3-scour width 5B
-&- WS4-scour width 10B

Figure 15: Effect of scour width on the dynamic response of
caisson foundation (S;=0.15d).
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Fi1Gure 16: Effect of slope angle on the dynamic response of caisson
foundation (S;=0.15d).

further through a three-dimensional model. However, given
its simplicity, the proposed method can still obtain the
dynamic response of the scoured caisson foundation from a
qualitative perspective.

5. Conclusions

In this paper, the dynamic characteristics of the caisson
foundation before and after scouring have been studied. A
simplified method was developed to evaluate the effects of
the scour-hole dimensions on the responses of the laterally
loaded caisson in layered soils. The influence of three factors
of the scour-hole dimension on the dynamic characteristics
of the foundation is discussed. The following conclusions
can be drawn:

(1) Scour depth is the most important factor influencing
the dynamic displacement and resonant frequency of
the laterally loaded caisson foundation, whereas the
scour width does less and the slope angle does the
least. An increase in scour depth significantly in-
creases the lateral displacement and decreases res-
onant frequency of foundation.

(2) An increase in scour width and scour slope angle
correlates with an increase in dynamic displacement
of the caisson at first, and then the peak value of
displacement remains constant with the increase in
the scour width and scour slope angle. It can also be
found that the effect of scour width could be ignored
when the width was greater than or equal to 5B and
the effect of scour slope angle could be ignored when
the scour slope angle was less than or equal to 5°.

(3) The overall trend of the result is roughly consistent
with the change pattern when scour depth is at
different values, and it is found that the degree of
displacement increases more significantly when the
sour depth is at a larger value.

Appendix

The stiffness and damping coeflicient of the distributed
horizontal and rocking springs of soil k,;, ¢,; and k,;, c,; can
be given as [16]

1

ky = P (Kp, — Kp)- (A1)
1

Cxi = 4 (Cun = C), (4.2)
1 I 1,

kri =H<K”,—Kr+§d Kh—gd Khh)’ (A3)
1 1 1

C,i = E (Crr — Cr + gdzch — gdzchh)’ (A4)

where
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where G, v, and V are the shear modulus, Poisson’s ratio,
and shear wave velocity of soil.
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Environmental vibration caused by traffic can affect the normal operation of precision instruments, and vibration-isolation
measures should be taken to reduce such negative effects. The engineering background of this paper is a hard-X-ray tunnel under
construction in Shanghai, China. First, field vibration measurements are used to study the characteristics of the ground traffic,
maglev, subway, and other vibration sources near the tunnel, as well as the laws governing the propagation of vibration waves in
the surface and soil layer. The finite-element modelling is then used to establish a two-dimensional numerical model for the field
conditions, and the numerical results are compared with the field vibration measurements to validate the applicability of the
numerical model for assessing the effects of environmental vibration. Finally, how the parameters of a pile-barrier vibration-
isolation system, a vibration-isolation measure used widely for tunnels, influence its performance is studied. The results show the
following: with increasing distance from the vibration source, the amplitude of the vibration acceleration decreases gradually, and
the high-frequency part of the vibration wave is attenuated rapidly, whereas the low-frequency part is attenuated very little. The
vibration-isolation effect of the pile barrier is directly proportional to the elastic modulus of the pile body, the pile length, and the
hollow ratio of the pile, and inversely proportional to the stiffness of the filling material. The pile diameter, pile row number, and
row spacing have little influence on the vibration-isolation effect. Increasing the pile diameter attenuates the acceleration
amplitude somewhat around 10 Hz but has no effect on it around 5 Hz. Overall, the present numerical method is well suited to
evaluating environmental vibration problems.

1. Introduction

With high-speed railways being constructed at a growing
rate and speeds increasing on existing railways, vibrations
due to traffic loads such as rail transit and high-speed trains
are having increasing impacts on the surrounding envi-
ronment. Vibrations due to traffic loads impact greatly the
normal lives and work of residents, the structural safety of
old buildings, and the production and use of precision in-
struments and equipment in factories and universities [1-4].
In particular, the effects of such vibrations on some precision
instruments and equipment are to produce inaccurate
readings, reduce accuracy, shorten service life, and even

prevent normal operation. Therefore, vibrations due to
traffic loads require urgent solutions as far as precision
instruments and equipment are concerned. Examples in-
clude (i) the laboratories of the University of Washington
Physics and Astronomy Building affected by light rail [5], (ii)
medical buildings to be built above existing subways in
Atlanta [6], and (iii) the influence of Beijing Metro Line 4 on
precision equipment in the Physics Laboratory of Peking
University [7]. Failure to treat vibrations due to traffic loads
effectively will lead to immeasurable economic and scientific
losses; therefore, it is very important to study the laws
governing the propagation of vibration waves induced by
traffic loads and propose vibration-reduction solutions.
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There have been various previous studies of the char-
acteristics of vibration waves induced by traffic loads and the
main measures for alleviating the vibration intensity due to
such loads [8-15]. Chen et al. [16] studied the response
characteristics of train vibration acceleration in seasonal
frozen soil near Daqing in China. Through vibration tests on
a subway tunnel in Shanghai in China, Wei et al. [17]
concluded that traffic loads mainly induce vertical vibra-
tions. Schillemans [18] used a two-dimensional (2D) finite-
element (FE) model to study railway vibration response and
proposed vibration-reduction measures. Gardien et al. [19]
analyzed the laws governing the propagation of subway
vibrations in the Netherlands and studied how different
model parameters influenced the calculation results. Liao
etal. [20] studied the vibration-isolation effect of piles, found
it to be related to the stiffness of piles, and concluded that the
vibration-isolation effect of soft piles was better than that of
hard piles.

Although the aforementioned research led to some
meaningful conclusions, the previous studies generally in-
volved only one vibration source and were focused mostly
on the vibration responses of buildings above ground; there
has been relatively little research on the vibration responses
of underground tunnels with multiple vibration sources.
Herein, the vibration-isolation performance of a pile barrier
in an area of soft soil is studied based on a hard-X-ray free-
electron laser facility under construction in Shanghai. The
hard-X-ray tunnel is located in Zhangjiang Science City,
which is adjacent to a maglev, metro line 16 (viaduct part),
the Luoshan Road viaduct, and Luoshan Road. The vibra-
tions in the surrounding environment are complex, and the
aforementioned research results do not meet the needs of the
project fully. Therefore, it is necessary to study vibration-
isolation measures under the conditions of multiple vibra-
tion sources in a soft-soil area.

This paper begins with field vibration measurements
being used to study the characteristics of the ground traffic,
elevated road traffic, maglev, subway, and other vibration
sources, as well as the laws governing the propagation of
vibration waves in the surface and soil layer. Next, a nu-
merical model of the field measurements is constructed, and
its feasibility is assessed. Finally, a dynamic 2D numerical
model of the maglev, Luoshan Road viaduct, Luoshan Road,
and hard-X-ray tunnel is established to analyze how various
parameters of the pile-barrier system influence its vibration-
isolation effect.

2. Field Vibration Measurements

2.1. Problem Outline. The hard-X-ray free-electron laser
facility is a major Chinese science and technology infra-
structure project with the largest investment and longest
construction period in China to date. The hard-X-ray tunnel
is located in Zhangjiang Science City and has a buried depth
of approximately 30 m and an outer diameter of 7 m. The
main sources of vibration near the tunnel are a maglev,
metro line 16, Luoshan Road viaduct traffic, and Luoshan
Road ground traffic. Being sensitive equipment, the hard-X-
ray free-electron laser equipment may be affected by
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environmental vibrations; therefore, it is necessary to study
the characteristics of the ground traffic, maglev, subway, and
other vibration sources and the laws governing the propa-
gation of traffic vibration waves in the surface and soil layer.

2.2. Layout of Measuring Points and Measurement
Instruments. Two groups of field vibration measurements
were carried out. The first group is used to study the
characteristics of the ground traffic, maglev, subway, and
viaduct traffic near the hard-X-ray tunnel. The detailed
locations of the measurement points are given in Table 1,
and the site layout is shown in Figure 1. In the second group
of field tests, the laws governing the propagation of vibration
waves on the surface and in the soil layer are studied by
monitoring the propagation of vibration waves induced by
the maglev in the soil. The detailed locations of the test
points are given in Table 2, and the layout of the field tests is
shown in Figure 2. The 941 B high-sensitivity acceleration
sensor manufactured by the Institute of Engineering Me-
chanics of the China Earthquake Administration was used in
the field vibration measurements. Because the vibrations
induced by traffic loads are mainly vertical vibrations
[16, 17], this paper focuses on the vertical vibration accel-
eration due to traffic loads near the hard-X-ray tunnel.

2.3. Analysis of Field Measurement Results

2.3.1. Characteristics of Vibration Sources around Hard-X-
Ray Tunnel. In this study, the SeismoSignal software was
used to filter and eliminate trend terms from the field vi-
bration measurement data. In the first group of field mea-
surements, the vertical acceleration time histories of the
maglev, metro linel6 (viaduct part), Luoshan Road viaduct
traffic, and Luoshan Road ground traffic were collected, and
the frequency-domain information corresponding to the
acceleration time histories was obtained by Fourier trans-
form. The results are shown in Figures 3-6, and the com-
parison of the vibration acceleration data of the different
vibration sources is summarized in Table 3. According to the
calculation results, the vibration acceleration amplitudes of
the maglev and metro line 16 are the largest, followed by that
of the Luoshan Road viaduct traffic, with that of the Luoshan
Road ground traffic being the smallest. The vibration ac-
celeration amplitudes of the maglev, metro line 16 (viaduct
part), and Luoshan Road viaduct traffic are concentrated
mainly at medium and high frequencies, whereas that of the
Luoshan Road ground traffic is concentrated mainly at low
frequency.

2.3.2. Propagation and Attenuation Laws of Vibration Waves
in Soil. The second group of field measurements measured
the propagation and attenuation of vibration waves gener-
ated by the maglev in the soil. The distance between each
measuring point and the maglev and the buried depth of
each measuring point are given in Table 2, and the obtained
acceleration time histories and their corresponding Fourier
transform spectra are shown in Figures 7-14. Comparing the
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TaBLE 1: Positions of measurement points in the first group of tests.

GI GI-1 GI-2 GI-3 GI-4

Distance between measuring point and hard-X-ray tunnel (m) 92 221 305 368

Buried depth (m)

0 0 0 0

Note: the measurement points are used to collect the vibration accelerations as follows: ground traffic on Luoshan Road (GI-1); traffic on Luoshan Road

viaduct (GI-2); maglev (GI-3); metro line 16 (viaduct part) (GI-4).

FIGURE 1: Layout of measurement points in the first group of field measurements. (a) GI-1. (b) GI-2. (c) GI-3. (d) GI-4.

TaBLE 2: Positions of measurement points in the second group of measurements.

GIIL GII-8 GII-7 GII-6 GII-5 GII-4 GII-3 GII-2 GII-1
Distance between measuring point and hard-X-ray tunnel (m) 34 94 160 221 221 221 221 221
Buried depth (m) 0 0 0 47.8 34.6 19.1 4.5
vibration time histories and frequency spectra of mea- 3, Numerical Analysis

surement points GII-5-GII 8 (see Figures 7-10) shows that
(i) the amplitude of the vibration acceleration decreased
gradually with increasing distance from the vibration source,
(ii) the vibration wave was attenuated most obviously in the
high-frequency part, and (iii) the attenuation in the low-
frequency part was very small. For example, once the vi-
bration wave had travelled 160 m, its part above 40 Hz had
largely disappeared and it was basically concentrated below
30Hz. Comparing the vibration time histories and fre-
quency spectra of measurement points GII-1-GII 5 (see
Figures 10-14) shows that the vibration acceleration de-
creased gradually with increasing depth. For example, once
the vibration wave had reached a depth of 47m, the vi-
bration acceleration amplitude was only 20% of that at the
surface.

In this part of the study, finite-element (FE) simulation was
used to investigate the second group of field measurements.
The results of the numerical simulations are compared with
the data obtained from the field measurements to verify the
effectiveness of the numerical method in simulating envi-
ronmental vibrations.

3.1. FE Calculation Model. The size of the FE numerical
model and the arrangement of the measuring points were
established in strict accordance with the actual conditions of
the second group of field measurements. The FE model is
shown in Figure 15. To meet the required calculation ac-
curacy, the size of the FE model should be 1-1.5 times the
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TaBLE 3: Comparison of vibration acceleration data of different vibration sources.

Measuring point

Acceleration amplitude (m/s?)

Frequencies of amplitude (Hz)

GI-1 0.002
GI-2 0.02
GI-3 0.14
GI-4 0.1

10-20, 55-75
20, 52, 80
30-60
70

shear wavelength of interest [21]. According to the field
survey data, the maximum wave velocity in the soil layer is
375 m/s (see Table 4), and the field vibration measurements
show that the acceleration amplitude is attenuated slowly at
5Hz (see Figures 7-14), so the shear wavelength of interest
is approximately 75m. Combined with the actual site
conditions, the size of the soil FE model was set as
600 m x 120 m.

3.2. Model Material Parameters. For vibrations due to traffic
loads, the order of magnitude of the soil strain is generally
107° or less [22], in which case, the soil is in the elastic state
[23] and so the elastic model is adopted in the soil model.
The physical and mechanical parameters of the soil are
selected according to the field survey data (see Table 4). The
in situ shear wave velocities of the soil are measured by
suspension logging technique during the site investigation
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and the dynamic shear modulus is calculated as follows
[24]:

Gy =pVs (1)

where G, is the dynamic shear modulus; Vg is the shear wave
velocity of soil; and p is the natural density of the soil, which
is obtained from the in situ undisturbed soil through lab-
oratory experiments.

The conversion relations between elastic modulus and
shear modulus, shear wave velocity, and longitudinal wave
velocity are as follows [25]:

_E
201+

vV, R+
vV, \(1-2v)

Gy

(2)

where E is the dynamic elastic modulus; v is Poisson’s ratio;
and V', is the p wave velocity of soil.

The calculation parameters of the maglev viaduct, the
pile cap, and the pile foundation are as follows: elastic
modulus E =30,000 MPa; Poisson’s ratio v = 0.176; density
p=2500kg/m”’. In this study, the Rayleigh damping model
was used in the 2D dynamic model, and the Rayleigh
damping coefficients a and § are given by

_ 200,60, - §e)
*= (02 - w2 ’
j i
] (3)
_ 240, - Gw)
ﬂ - 2 2 >
| w; —w;

where §; ; is the damping ratio corresponding to frequency
w; ;. To obtain the values of & and f3, undisturbed soil was
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FiGUre 15: Finite-element (FE) model.
TaBLE 4: Physical and mechanical soil parameters.

. . Dynamic elastic = Dynamic shear ~ Shear wave p wave Poisson’s . -3
Soil Thickness (m) modulus (MPa) modulus (MPa) velocity (m/s) velocity (m/s) ratio Density kg:m™)
Silty clay 4.5 85.41 32.11 130.0 363.62 0.33 1900.00
Mucky clay 14.7 94.23 34.90 140.0 420.00 0.35 1780.43
Clayey silt 23 160.83 60.92 180.0 487.44 0.32 1880.20
Fine silty sand 1 38.5 490.46 187.20 300.0 787.73 0.31 2080
Fine silty sand 2 39.3 744.46 295.42 375.0 859.23 0.26 2100.78
subjected to a resonant column test to obtain its damping rad

ratio . The relationship between damping ratio and strain
obtained from testing the dynamic characteristics of
undisturbed soil is shown in Figure 16, from which it can
be seen that when the vibration strain is 107>, the soil
damping ratio is 0.02. Because of the complexity of the
damping ratio with frequency, it is assumed that the
damping ratio is constant in a certain frequency range of
interest. Figure 5 shows that the main vibration frequency
band of the maglev is 10-70 Hz, so the w;; values are
taken as

w; = 10 x 27TT,

4 rad
w; = 70 X 2m—
S

(4

| & =& =002

The Rayleigh damping coefficients a=2.198 and
B=7.96x10"" are calculated by combining equations (3)
and (4). When using the finite-element method to analyze
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the structure-ground dynamic interaction, an artificial
boundary usually needs to be applied on the selected cal-
culation area to simulate the radiation damping of the
continuous medium, so that the scattered wave does not
reflect when passing through the artificial boundary from the
inside of the finite calculation area. The artificial boundary of
the finite-element model in this paper can be equivalent to a
parallel spring-damper system in which the spring stiffness
Ky and damping coeflicient Cy can be expressed as follows
[26]:
Normal boundary:

Kpy = “Ng)
(5)
Cex =PV
Tangential boundary:
Kpr = “T% >
(6)
Cpr = pVs,

where Kpy and Kpp are the normal and tangential spring
stiffness, respectively; Cpy and Cgp are the normal and
tangential damping coeflicients of the damper, respectively;
R is the distance from the wave source to the artificial
boundary point; and «y and a«; are artificial boundary
parameters. As suggested by Gu [27], the recommended
values of o and o are 1.33 and 0.67, respectively. It should
be noted in equations (5) and (6) that the parameter R is
expressed by the shortest distance from the vibration source
to the artificial boundary. However, in actual problems, the
scattering source is not a point source, but line source or area
source with spatial distribution. Therefore, the determined
spring stiffness in equations (5) and (6) is generally larger.

3.3. Analysis of Results. To verify the correctness of the
numerical calculations, the numerical results are compared
with the field measurement data in terms of the vibration
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displacements and the time histories and frequency spectra
of the vibration accelerations. These comparisons are shown
in Figures 17-25.

Figures 17(a)-24(a) show that the calculated acceleration
time histories of GII-7 and GII-8 agree well with the
measured field data. However, the calculated acceleration
time history of the measuring point far away from the vi-
bration source (e.g., GII-3 and GII-4) is consistent with the
measured field data only in the part in which the acceleration
amplitude is concentrated; this fact may be related to there
being vibration sources other than the maglev in the field
measurements.

Figures 17(b)-24(b) show that the calculated accelera-
tion frequency spectrum at each measurement point is
basically consistent with the field test data. The calculation
results of GII-7 and GII-8 near the vibration source differ
considerably from the field measurement data in the low-
frequency part; this difference may be related to the fact that
R waves are not attenuated on the surface when the latter is
acted on by a linear vibration source. The calculated ac-
celeration frequencies of the measuring point far away from
the vibration source (e.g., GII-3 and GII-4) are smaller than
the field vibration test data; again, this difference may be
related to there being vibration sources other than the
maglev in the field measurements.

Figure 25(a) shows that the numerically calculated
maximum and root mean square (RMS) displacements
within 100 m from the vibration source are slightly larger
than the field measured data; again, this difference may be
related to the fact that R waves are not attenuated on the
surface when the latter is acted on by a linear vibration
source. However, when the distance from the vibration
source exceeds 100 m, the numerically calculated maxi-
mum and RMS displacements are close to the field
measurement results. Generally speaking, the numerically
calculated maximum and RMS displacements of the
ground measurement points (GII-5-GII-8) are consistent
with the attenuation trend of the field measurement data:
with increasing distance from the vibration source,
maximum and RMS displacements both decrease
gradually.

Figure 25(b) shows that when the depth of the measuring
point is less than 35 m, the numerically calculated maximum
and RMS displacements are not consistent with the field
measured data. However, when that depth exceeds 35 m, the
numerically calculated results are relatively close to the field
measured data. Generally speaking, the numerically calcu-
lated maximum and RMS displacements of the measuring
points varying with depth (GII-1-GII-5) are consistent with
the field measurement data regarding the attenuation trend:
with increasing depth, maximum and RMS displacements
both decrease gradually. The numerically calculated results
show that the FE numerical method can simulate well the
environmental vibration caused by traffic. The subsequent
research reported herein analyzes the laws governing the
influences of pile material, hollow ratio of the pile, filling
material, pile length, pile diameter, and other parameters on
the vibration isolation of the pile barrier based on the FE
numerical method.
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Figure 18: Comparison of numerical and field results (GII-7): (a) acceleration time history; (b) frequency spectrum.

4. Analysis of Vibration-Isolation
Performance of Pile Barrier

As a kind of passive isolation barrier system, pile-barrier
vibration isolation can eliminate or prevent the adverse
effects caused by vibration [28, 29]. This section reports on
an extensive numerical parametric investigation of a pile-
barrier vibration-isolation system with various pile mate-
rials, hollow ratio of the pile, filling materials, pile lengths,
pile diameters, vibration-isolation positions, pile spacing,
and row numbers to study how each parameter influences
the vibration isolation of the pile barrier.

4.1. FE Calculation Model. A 2D model of the maglev,
Luoshan Road viaduct, Luoshan Road, and hard-X-ray

tunnel was established to study how the pile parameters
influence the vibration-isolation effect. The FE model is
shown in Figure 26. The outer diameter of the hard-X-ray
tunnel model is 7m, the inner diameter is 6.3 m, and the
buried depth is 30 m. The inner and outer rings in the tunnel
model are set as a lining layer and a grouting layer, re-
spectively, and the monitoring point is located in the middle
of the tunnel floor (see Figure 26). The calculation pa-
rameters of the structural model are given in Table 5. See
Section 3 for the settings of the soil calculation parameters
and FE model, which are not repeated here. The measured
acceleration time-history data for the Luoshan Road traffic,
Luoshan Road viaduct traffic, and maglev are filtered and
used as the load for the numerical calculations, as shown in
Figure 27. The calculations were performed first with no
pile-barrier vibration-isolation measures in place, after
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FIGURe 19: Comparison of numerical and field results (GII-6): (a) acceleration time history; (b) frequency spectrum.
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FiGure 20: Comparison of numerical and field results (GII-5): (a) acceleration time history; (b) frequency spectrum.

which an extended numerical parametric analysis was
performed to study how different pile materials, hollow ratio
of the pile, filling materials, pile lengths, pile diameters, pile
row numbers, and row spacing affect the vibration isolation
of the pile barrier. Details of the parametric analysis are
given in Table 6.

4.2. Calculation Results with No Pile Barrier Vibration
Isolation. Figure 28 shows the vibration acceleration and
displacement time histories and the acceleration frequency
spectrum of the tunnel-floor monitoring point obtained
from the numerical calculations with no vibration-isolation
measures. The numerical calculations show that the maxi-
mum and RMS vibration displacements are 1086.64 and

280.95nm, respectively. The frequency spectrum (see
Figure 28(b)) shows that the vibration amplitude is con-
centrated mainly in the low-frequency part when it prop-
agates to the bottom of the tunnel. Therefore, an effective
way to reduce the tunnel vibration displacement is to block
the vibration wave effectively in the low-frequency band.

4.3. Influence of Pile Material on Vibration Isolation Effect.
In the FE simulation, concrete piles of different strength are
set to study how the pile material influences the vibration-
isolation performance of the pile barrier. The parameter
selection of different pile materials and the calculated
maximum and RMS vibration displacements of the moni-
toring point are shown in Group I of Table 6, and the
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F1GURE 22: Comparison of numerical and field results (GII-3): (a) acceleration time history; (b) frequency spectrum.

frequency-spectrum comparison for different pile body
materials and without vibration-isolation measures is shown
in Figure 29. The calculation results show that the vibration-
isolation effect is better with increasing pile stiffness when
the other conditions remain unchanged. They also show that
the vibration-isolation effect of foam plastic and foam
concrete with a small elastic modulus is much poorer than
that of concrete with a large elastic modulus, but the vi-
bration-isolation effects of concrete piles of different
strengths are mostly the same. The vibration-isolation
measures adopted in engineering must consider compre-
hensively the vibration-isolation effect and cost. Therefore, if
there is no strength requirement for the piles used for vi-
bration isolation, it is recommended to choose row piles with
C20 concrete.

4.4. Influence of Hollow Ratio (r) and Filling Material on
Vibration Isolation Effect. Groups II and III of Table 6 in-
vestigate how the hollow ratio (r) of the pile and filling
material influence the vibration-isolation effect. The calcu-
lated maximum and RMS vibration displacements of the
monitoring points are shown in the same groups. The fre-
quency-spectrum comparisons between different hollow
ratios and filling materials and without vibration-isolation
measures are shown in Figures 30 and 31, respectively. The
calculation results show that with increasing hollow ratio of
the pile, the vibration-isolation capacity improves. For ex-
ample, the calculated maximum and RMS vibration dis-
placements of piles with a hollow ratio of 0.39 are 48.96%
and 34.36%, respectively, of those of solid piles. The cal-
culation results also show that with increasing elastic
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F1GURE 24: Comparison of numerical and field results (GII-1): (a) acceleration time history; (b) frequency spectrum.

modulus of the filler in the piles, the vibration-isolation
capacity decreases gradually.

4.5. Influence of Pile Length (L) and Pile Diameter (D) on
Vibration Isolation Effect. Groups IV and V of Table 6 ex-
plore the effects of the pile length and diameter. The cal-
culated maximum and RMS vibration displacements of the
monitoring points are shown in the same groups. The fre-
quency-spectrum comparison between different pile lengths
and diameters and without vibration-isolation measures is
shown in Figures 32 and 33, respectively. The calculation
results show that the vibration-isolation capacity of the pile
barrier increases with increasing pile length. For example,
when the pile length is increased from 10m to 40 m, the
maximum and RMS vibration displacements are reduced by

11% and 15.7%, respectively. The calculation results also
show that the pile diameter has little influence on the vi-
bration-isolation effect of the piles. Figure 33 shows that
increasing the pile diameter has little effect on the accel-
eration amplitude around 5Hz but affects it somewhat
around 10 Hz.

4.6. Influence of Distance from Hard-X-Ray Tunnel (d) on
Vibration Isolation Effect. Group VI of Table 6 shows the
effect of the distance from the hard-X-ray tunnel. The cal-
culated maximum and RMS vibration displacements of the
monitoring points are shown in the same group. The fre-
quency-spectrum comparison between different distances
from the hard-X-ray tunnel and without vibration-isolation
measures is shown in Figure 34. According to the calculation
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TaBLE 5: Calculation parameters of the structural model.

Structure Elastic modulus (MPa)

Poisson’s ratio Density (kg/m’)

Pier, pile cap, pile 30,000 0.176 2500
Tunnel grouting layer 30 0.2 2600
Tunnel lining layer 34,500 0.2 2500
Subgrade 1500 0.3 1200
0.4 ~ 0.6
0.4
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FIGURE 27: Acceleration time-history curves of vibration source: (a) Luoshan Road traffic, (b) Luoshan Road viaduct traffic, and (c) maglev.

results, the vibration-isolation effect of the piles is no better if
the piles are closer to the tunnel. Therefore, the vibration-
isolation position of the pile barrier in practical engineering
should be considered according to the actual working
conditions.

4.7. Influence of Pile Row Number (n) and Row Spacing (c) on
Vibration Isolation Effect. Groups VII and VIII of Table 6

evaluate the influences of pile row number and row spacing.
The frequency-spectrum comparisons between different pile
row numbers and row spacing and without vibration-iso-
lation measures are shown in Figures 35 and 36, respectively.
The calculation results show that the vibration-isolation
ability of the pile barrier improves gradually with increasing
pile row number and decreasing row spacing, but generally
speaking, the influences of pile row number and row spacing
on the vibration-isolation effect are small.
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TABLE 6: Summary of parametric investigation.

17

Other ke Maximum RMS
Group Variable yoo displacement displacement Note
parameters/configuration
(nm) (nm)
p (kg/m®) 700
pFI:;riIC‘S E (MPa) 2000 950.41 208.59
v 0.38
co P (kg/m?) 2500
E (MPa) 26,000 865.29 191.57
concrete v 02
co P (kg/m’) 2500
concrete E (MPa) 30,000 825.02 190.27
I Pile body v 0.2 D=0.8actm; Dy=0.8m; Effect of pile body
material C40 P (kg/m3) 2500 L=45m; n=1; d=20m material
E (MPa) 33,000 827.58 190.28
concrete
v 0.2
cso P (kg/m?) 2500
E (MPa) 35,000 828.87 190.29
concrete
v 0.2
P (kg/m®) 800
Foam —ninipa) 400 942.4 207.53
concrete v 021
D(@m) 08
0 Dy (m) 0.8 865.29 191.57
D (m) 0.8
0.39 Dy (m) 065 441.62 125.75
D (m) 0.8
I Hollow 0.25 Dy (m) 0.6  p=2500kg/m; E=26,000 MPa; >06.84 133.37 Effect of hollow
ratio (r) D (m) 0.8 v=02;L=45m;n=1;d=20m ratio, r
0.19 Dy (m) 0.575 505.48 133.43
D (m) 0.8
0.14 Dy (m) 0.55 511.35 134.12
D(m) 08
0.06 Dy (m) 05 511.28 135.13
po (f)g/ 1000
Loose m
field soil  E, (MPa) 50 76561 159.64
Vo 0.3
po tkg/ 1949
Dense m’)
field soil Eo (MPa) 100 78567 159.64
Filling v 0.3 D=0.8m; Do=0.65m; Effect of filling
111 material ((i( y ’ p=2500kg/m; E=26,000 MPa; material
P°m3)g 45 v=02;L=45m; n=1; d=20m
Foam E, (MPa) 294 565.77 134.29
Vo 0.3
Cement- porrg)g/ 1850
soil Ey (MPa) 1000 826.16 164.11
Vo 0.2
10 979.58 227.42
20 938.49 219.07
D=0.8m; Dy=0.8 m; .
. 30 _ Co D 918.67 217.26 Effect of pile
v Pile length, L (m) 40 P= 25 ‘1001‘28_’ m b; _‘;f’gg?nMPa’ 872.22 191.74 length, L
50 T rm e 836.84 187.94
60 836.84 186.92
0.3 881.9 195.8z
0.4 879.35 195.03
Dy=0.8m; p=2500kg/m; .
I 0.5 _ NP 873.6 192.9 Effect of pile
A\ Pile diameter, D (m) 0.6 E=26,000 1;/15’;,011/11— 02; n=1; 870.36 192.35 diameter, D
0.7 B 867.26 192.02
0.8 865.29 191.57
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TaBLE 6: Continued.
Maximum RMS
Group Variable Other key . displacement displacement Note
parameters/configuration
(nm) (nm)
5 850.06 182.34
10 828.88 180.69
Distance from hard- 20 D=0.8m; Dy =0.8 m; 865.29 191.57 d]?gzjltcgff:(})lril
VI X-ray tunnel, d (m) 30 p =2500kg/m; E=26,000 MPa; 843.43 191.83 hard-X-rav tunnel
Y ’ 40 v=02; L=45m; n=1 742.48 177.78 dy ’
50 734.31 167.26
60 862.36 185.32
1 865.29 191.57
D=0.8m; Dy=0.8m; .
VII Pile row number, n 2 p=2500 kg/m; E =26,000 MPa; 829.73 189.2 Effect of pile row
3 v=02 L=45m: C=2.5 823.27 186.3 number, n
4 e T 787.53 184.36
2 827.36 187.69
2.5 829.73 189.2
D=0.8m; Dy=0.8 m;
VI  Row spacing, ¢ (m) 3 p=2500kg/m; E=26,000MPa;  o+>:26 191.62 Effect of row
4 V=02 L=45m: n=2 849.73 192.96 spacing, ¢
5 T > 878.36 193.42
6 891.68 195.92

Note: D and D, are the outer diameter and inner diameter of the tunnel, respectively.
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F1GURE 28: Numerical calculation results with no vibration-isolation measures: (a) acceleration time history, (b) frequency spectrum, and (c)
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FIGURE 29: Influence of pile material on vibration-isolation effect (comparison of frequency spectra).
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FIGURE 30: Influence of hollow ratio (r) on vibration-isolation effect (comparison of frequency spectra).
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FIGure 31: Influence of filling material on vibration-isolation effect (comparison of frequency spectra).
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Figure 32: Influence of pile length (L) on vibration-isolation effect (comparison of frequency spectra).
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FiGgure 35: Influence of pile row number (1) on vibration-isolation effect (comparison of frequency spectra).
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FiGure 36: Continued.
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FiGure 36: Influence of row spacing (c) on vibration-isolation effect (comparison of frequency spectra).

5. Conclusions

Based on a hard-X-ray tunnel under construction in
Shanghai, relevant research was conducted on the vibration-
isolation performance of a pile barrier in an area of soft soil.
The main conclusions are as follows.

The vibration waves generated by the maglev, metro
line 16 (viaduct part), and Luoshan Road viaduct traffic are
concentrated mainly at middle and high frequencies, while
those generated by the Luoshan Road ground traffic are
concentrated mainly at low frequency. With increasing
propagation distance and depth, the acceleration ampli-
tude of the vibration waves is attenuated gradually. The
high-frequency part of the vibration waves is attenuated
rapidly in the soil, while the low-frequency part is at-
tenuated slowly.

The attenuation law of the vibration waves in the soil as
calculated by the numerical method is consistent with the
field vibration measurements, thereby verifying the effec-
tiveness of the numerical method in simulating environ-
mental vibrations.

The pile body material, pile length, hollow ratio, filling
material, and vibration-isolation position are the main
factors affecting the vibration-isolation effect of the pile
barrier. The vibration-isolation capacity of the pile barrier is
proportional to the pile length, elastic modulus, and hollow
ratio, and it is inversely proportional to the stiffness of the
filling material. The pile diameter, row number, and row
spacing have little influence on the vibration-isolation effect
of the row piles. Increasing the pile diameter attenuates the
acceleration amplitude around 10 Hz to a certain extent but
basically has no influence on the acceleration amplitude
around 5Hz. With decreasing row spacing and increasing
pile row number, the vibration-isolation effect of the row
piles is improved slightly.
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The current volume of freight traffic has increased significantly during the past decades, impacted by the fast development of the
national transportation market. As a result, the phenomena of truck overloading and traffic congestion emerge, which have
resulted in numerous bridge collapse events or damage due to truck overloading. Thus, it is an urgent task to evaluate bridge safety
under actual traffic loads. This study evaluated probabilistic dynamic load effects on rigid-frame bridges under highway traffic
monitoring loads. The site-specific traffic monitoring data of a highway in China were utilized to establish stochastic traffic
models. The dynamic effect was considered in a vehicle-bridge coupled vibration model, and the probability estimation was
conducted based on the first-passage criterion of the girder deflection. The prototype bridge is a continuous rigid-frame bridge
with a midspan length of 200 m and a pier height of 182 m. It is demonstrated that the dynamic traffic load effect follows Gaussian
distribution, which can be treated as a stationary random process. The mean value and standard deviation of the deflections are
0.071 m and 0.088 m, respectively. The dynamic reliability index for the first passage of girder deflection is 6.45 for the current
traffic condition. However, the reliability index decreases to 5.60 in the bridge lifetime, accounting for an average traffic volume

growth ratio of 3.6%.

1. Introduction

In the design phase of a bridge, the structural safety is usually
evaluated considering design traffic loads, which were for-
mulated according to large traffic monitoring data during
the past decades [1, 2]. However, the current or future
vehicle load might be beyond the design value with the rapid
development of transportation industry. As a result, nu-
merous bridges were collapsed or badly damaged due to
truck overloading [3-5]. In case that growing traffic load is
becoming more and more critical for in-service bridges, the
bridge safety under actual traffic loads deserves investiga-
tion. The traffic load effect on a bridge is stochastic due to the
random nature of traffic loads [6]. In addition, a moving
vehicle leads to dynamic effects motivated by the road

roughness and the bridge deflection. In view of the above
reasons, the structural dynamic reliability theory is appro-
priate for the safety evaluation of existing bridges under
actual stochastic traffic loads. In addition, the design vehicle
load model can be calibrated with the target reliability index.

In general, the dynamic effect induced by a moving
vehicle can be evaluated in a vehicle-bridge interaction
system [7, 8]. A great number of literatures focus on dy-
namic traffic load effects on both short-span and long-span
bridges. Chen and Wu [9] investigated dynamic effects of a
cable-stayed bridge under stochastic vehicle loads and in-
vestigated influence of the sparse and dense states of traffic
loads on the probabilistic characteristics of bridge load effect.
Lu et al. [10] evaluated lifetime deflection of a suspension
bridge considering dynamic and growing traffic loads. Zhou
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and Chen [8] investigated probabilistic characteristics of the
dynamic response of a cable-stayed bridge under wind load
and stochastic vehicle load. Lu et al. [11] investigated the
first-passage probability of a cable-stayed bridge under
stochastic vehicle loads. Obrien et al. [12] investigated the
dynamic increment of extreme traffic loading on short-span
bridges. Jiang et al. [13] investigated the fatigue damage of
cables of cable-stayed bridge under combined effect of traffic
and wind. Li et al. [14] investigated the safety of suspenders
of Tsing Ma Bridge under traffic loads However, there are
relatively few studies on probabilistic dynamic traffic load
effects on long-span continuous rigid-frame bridges. The
unique feature for the continuous rigid-frame bridge is the
high-rise piers, which are usually space-flexible, affecting the
dynamic behaviour of the bridge. Thus, the probabilistic
dynamic traffic load effects on continuous rigid-frame
bridges deserve more investigation.

Most studies treated the traffic load effect on a bridge as a
random variable. In practice, the load effect on a bridge is a
time-varying random process [15]. The commonly used
theoretical basis for the probabilistic dynamic analysis of
bridges under vehicle load is the first-passage criterion
[16, 17]. The first-passage failure probability is usually es-
timated based on Rice’s level-crossing principle [18].
However, applications of the first-passage theory are mostly
concentrated in seismic engineering, while the application to
traffic load analysis is relatively insufficient. The bottleneck is
that the root mean square of traffic load effects is usually
evaluated in frequency domain, while the vehicle-bridge
coupled vibration is mostly analysed in time domain [19].
Therefore, the key point is how to extract the probability
parameters from the dynamic load effect.

This study evaluated probabilistic dynamic traffic load
effects on rigid-frame bridges under highway traffic moni-
toring loads. The site-specific traffic monitoring data were
utilized to establish stochastic traffic models. The dynamic
effect was considered in a vehicle-bridge coupled vibration
model, and the probability estimation was conducted based
on the first-passage criterion of the girder deflection. The
prototype bridge is a continuous rigid-frame bridge with
mid-span length of 200 m and pier height of 182m. It is
demonstrated that the dynamic traffic load effect follows
Gaussian distribution and thus can be treated as a stationary
random process. Parametric studies were conducted, ac-
counting for the road roughness condition, the bridge span
length, and the traffic growth ratio.

2. Theoretical Basis of Probabilistic Traffic-
Bridge Interaction Analysis

2.1. Traffic-Bridge Interaction Model. A vehicle passing on a
bridge leads to the vibration of the bridge due to the road
surface roughness [20]. Meanwhile, the vibration of the
bridge impacts the vibration of the vehicle. Thus, the
vehicle-bridge interaction is a coupled vibration system.
Figure 1 shows the plane motion model of two-axle ve-
hicle, where x represents the road roughness and C and K
represent the damping and stiffness parameters, re-
spectively. The vehicle model has four degrees of freedom
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including vertical motion of two axles and the motion and
rotation of the vehicle body.

Based on the simplified model as shown in Figure 1, the
differential equation of motion of the vehicle-bridge coupled
system can be written as [21]

M.t + Cyu, + Kyu, = F,; + Fy, (1a)

My, + Cytiy, + Kyuy, = Fyyy + F,, (1b)

where M, and M, represent the mass matrix of the vehicle
and that of the bridge, respectively; C, and C, represent the
damping matrix of the vehicle and that of the bridge, re-
spectively; K, and K}, represent the stiffness matrix of the
vehicle and that of the bridge, respectively; u, and u; rep-
resent the displacement vector of the vehicle and that of the
bridge, respectively; F,, and F,, represent the interaction
forces between the vehicle and the bridge; F,, and F,
represent the weight of the vehicle and that of the bridge,
respectively.

In order to consider the multiple-vehicle effect on the
bridge response, this study utilized an equivalent dynamic
wheel load (EDWL) approach proposed by Chen and Cai
[22]. Based on the EDWL approach, the force of the jth
vehicle on a bridge can be simplified as a time-varying force,
which can be written as

i = 3 1R 016, Sl 0oy 04,0 |

j=1 k=1

(2a)

EDWL. (t)
R;(1) = T] (2b)
EDWL; (f) = i(KizYiz + CizYiz>, (2¢)

i=1

where R; represents wheel weight ratio of the jth vehicle; G;
represents the GVW of the jth vehicle; x; and d; represent
longitudinal and lateral positions on the bridge, respectively;
hy and gy represent the kth-order vertical and torsional
bending modes of the bridge; n and n,, respectively, rep-
resent modal orders of bridges and the number of vehicles
on the bridges; K, and C'; represent stiffness and damping
matrixes of the vehicle, respectively; Y, and Y',, respectively,
represent the vertical displacement and the velocity of the ith
axle; EDWL;(#) represents the equivalent dynamic axis load
of the jth vehicle at time ¢.

The effectiveness of EDWL approach has been verified by
Wu and Chen [23] and Lu et al. [24] for long-span cable-
stayed bridges and suspension bridges, respectively. This
study develops the EDWL approach in probability analysis
and reliability evaluation for continuous rigid-frame bridges.

2.2. First-Passage Criterion. The first-passage criterion is
usually utilized for Rice’s level-crossing probability analysis
of a random process. The principle of Rice’s level-crossing is
shown in Figure 2, where ¢ is time, x is a random process,
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FIGURE 1: Vehicle-bridge coupled vibration system.

“A

M)

\T Level 1
/A
/

r\“i/ -y éﬂvl
Level 2
Downcrossing V

(a)

(x) A
Upcrossing
A [\ o

WA -

Optimal starting point

Rice’s fitting

Interval length

(b)

FiGure 2: The level-crossing principle.

that is, the traffic load effect in the present study, and v (x) is
the level-crossing rate fitted to the histograms of the number
of crossings. Thus, the critical content of the level-crossing
theory is to count the number of crossings for the random
process.

Suggest that the traffic load effect can be assumed as a
Gaussian random process, which will be demonstrated in the
case study. For a random process x(t), Rice [25] provided the
number of crossings for a level b during time T, which is
written as

T +oco
N = [ [ Olpebiodia )
0 J-c0
where p... (b, X, t) is a joint probabilistic density function for
x(t) and x(t). This function is difficult to estimate for a
nonstationary process. Fortunately, the traffic load effect on

a bridge can be treated as a stationary random process, as
mentioned by researchers [26, 27]. On this basis, the level-
crossing rate v, (¢) for a threshold b can be written as

w(® = [ pe i (@)

For a Gaussian stationary random process with the mean
value of zero, the level-crossing probability can be simplified
further as

2
vb=iﬁexp[—b—], (5)

where v, is a constant for level b and o, is the root mean
square value. In addition, the number of level-crossings of
stochastic traffic load effects can be assumed as Poisson



distribution. Therefore, the probability of exceeding a
threshold can be written as

P, (b) = exp[-v, - T]. (6)

Note that the accuracy of the estimation mostly depends
on the fitting to the curves as shown in Figure 2. In addition,
a higher threshold b will result in a more reliable estimation.
In general, the mean value of the traffic load effect on a
bridge is not zero, which is different from seismic load
effects. Therefore, this study developed the above procedures
to a nonzero mean value process, which is rewritten as

1 (% (b—m )2
Vb:EU_xeXp[_72aix , (7)

where m, is the mean value of the traffic load effect.

The density of traffic loads changes with time, where the
traffic will be congested and free-flowing for the day and
night, respectively. Therefore, the daily vehicle flow was
divided into sparse and dense states based on the density of
stochastic vehicle model. The probability can be treated as
the superposition of the two types of level-crossing prob-
ability, which is written as

Pr(b,T)=1- exp[—(a; - vy +(1=a) - vp)T],  (8)

where v, and v, represent the level-crossing rates for the
congested and free-flowing vehicle flows, respectively; a; and
a, represent the proportions of the congested and free-
flowing vehicle flows, respectively.

There is a relationship between the structural reliability
and the first-passage probability. On this basis, the dynamic
reliability can be written as

B=a'(1-Pj), 9)

where f3 is the reliability index, ®() is the cumulative dis-
tribution function (CDF) of the standard normal distribu-
tion, and ® () is the corresponding inverse function.

2.3. Computational Procedures. Based on the derived for-
mulations of the vehicle-bridge coupled vibration system
and the first-passage criterion, a computational framework is
essential to combine the components as a system. This study
presented a comprehensive framework for dynamic and
probabilistic analysis for traffic load effects on rigid-frame
bridges based on traffic monitoring data. Figure 3 shows the
flow chart of the procedures.

As shown in Figure 3, the framework consists of three
main procedures: the stochastic traffic modelling, the traffic-
bridge interaction analysis, and the probability evaluation.
Detailed illustrations of the procedures are shown as follows.

The first step is the stochastic traffic modelling. Initially,
the screened traffic monitoring data should be collected from
site-specific highways. Subsequently, all vehicles are classi-
fied as 6 groups according to the configuration associated
with the number of axles. On this basis, the statistical
analysis can be conducted for probability modelling of the
gross vehicle weight (GVW), the driving lanes, and the
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vehicle spacing. Finally, the stochastic traffic load model can
be simulated utilizing the Monte Carlo simulation (MCS)
approach.

The second step is the traffic-bridge interaction analysis.
The critical step is to model the dynamic parameters of the
vehicle model and the modal parameters of the bridge.
Usually, a 2D vehicle model as shown in Figure 1 can be
utilized for a relatively precise analysis. The dynamic
characteristics of the bridge are considered as mode shapes
and natural frequencies. Since the long-span rigid-frame
bridge is more complex than a conventional-girder bridge,
the numbers of mode shapes and frequencies should be
considered as more as possible. Subsequently, the EDWL
approach is utilized to convert the moving stochastic traffic
flow into time-varying forces. Finally, the time history of
traffic load effects can be simulated based on the pseudo-
dynamic analysis.

The third step is the probability evaluation. This step is
conducted based on Rice’s level-crossing theory. Based on
the time histories evaluated from the traffic-bridge inter-
action analysis, the number of level-crossings can be
counted. The number of crossings is formed as histograms,
where the level-crossing rate can be fitted accurately as
shown in Figure 2(b). Subsequently, the maximum traffic
load effect can be extrapolated with consideration of a return
period. Finally, the first-passage probability and reliability
index can be evaluated based on the assumption of Poisson
distribution.

3. Stochastic Vehicle Flow Simulation Based on
WIM Data

3.1. Probabilistic Modelling of WIM Measurements. Due to
the truck overloading behaviour, the GVW usually follows a
multimodal distribution. In this regard, this study utilized a
Gaussian mixture model (GMM), which is a superposition
of several Gaussian models. In practice, the GMM method is
widely used in the application of data clustering [28], but itis
relatively insufficient in the vehicle weight modelling.
In general, a GMM can be represented as

M
Plwl(ayp,07)} =Y ai-g(wlpu,oi),  (10)
i=1

where w is the GVW, a; is a weight coeflicient, g is a
Gaussian distribution function, and M is the number of
Gaussian functions. The Gaussian is written as

exp[—%(w—m)z], (11)

1

g(wlp,o}) = \/217

where y; represents mean value of the ith Gaussian distri-
bution function and o; represents standard deviation of the
ith Gaussian distribution function. The parameters of
GMMs are usually estimated based on the maximum like-
lihood optimization. This study utilized the Expectation-
Maximization (EM) algorithm to evaluate these parameters.
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FiGuUre 3: Flow chart of the proposed computational framework.

The number of components is estimated based on the Akaike
information criterion (AIC) [29].

The authors have conducted extensive analyses on the
probability modelling of traffic parameters as shown in the
doctoral dissertation [30]. Due to the limit of article, only the
probability distributions for 6-axle trucks are provided.
Figure 3 plots the fitted probability distribution function
(PDF) of the axle weight and the GVW, respectively. In
Figure 4, Wy, represents the second axle load of six-axle
vehicle.

It is observed that the axle weight and the GVW follow
bimodal distribution. In addition, the GMMs have ideally
fitted to the empirical histograms. In other words, the GMM
has captured the probability behaviour of truck overloading.
Note that the threshold weight for 6-axle trucks is 550 kN
according to the traffic law in China. It can be observed that
half of the 6-axle trucks are overloaded, which is indeed a
risk for existing bridges.

3.2. Stochastic Traffic Flow Simulation. With the probability
models established based on the weigh-in-motion (WIM)
data, this study utilized MCS to establish different types
of stochastic traffic flows. The detailed procedures are
summarized in Figure 5, where Npr is the total number
of daily traffic. The programming package MATLAB was
utilized to translate the traffic as a matrix that will be
called in the subsequent vehicle-bridge interaction
analysis.

The preliminary statistical analytical results of the
actual traffic monitoring data indicate that the vehicle
spacing between two following vehicles follows the
Weibull distribution for congested traffic, while it follows
Gamma distribution for free-flowing state. Figure 6 plots
the sample of a free-flowing stochastic traffic flow, where
V1 denotes the lightweight cars and busses, and V2~V6
denote the 2-axle to 6-axle trucks, respectively. Details of
the configuration of the vehicle types can be found in
[28].

The benefit of the stochastic traffic flow is the prob-
ability distribution in accordance with the site-specific
traffic monitoring data. In addition, the stochastic traffic
model can be updated with the consideration of the traffic
volume growth and the limit of truck overloading.

4. Case Study

4.1. Backgrounds of the Prototype Bridge. Labajin Bridge, a
continuous rigid-frame bridge in Yalu highway of Sichuan in
China, is selected as prototype to investigate the deflection of
first-passage probability. Site photos of the bridge are shown
in Figure 7. The span length of the bridge is
(105 + 200 + 200 + 105) m. The bridge is very famous due to
the highest piers in the area of Asia, where the length of pier
No. 10 is 182 m. The dimensions of the cross sections of box-
girders and piers are shown in Figure 8. The material of the
box-girder is C60 concrete. The pier is a composite structure
with concrete filled steel tube. The internal and external
concrete grades are C80 and C50, respectively.

The finite element model is shown in Figure 9. All of the
elements were simulated with beam elements. The boundary
condition of the bridge piers is the constraint of all degrees of
freedom at the bottom elements. The top nodes of mid-span
piers are connected with the closest girder nodes in rigid
connection. The top nodes of side-span piers are connected
with the closet nodes with the compressive only connection.
The top 50 vertical modes of vibration were extracted for the
following vehicle-bridge interaction analysis.

4.2. Influence of RRC on Probability Distribution. Since the
road roughness condition (RRC) has a significant influence
on the vehicle-bridge interaction system, this study selected
“good” and “poor” RRCs for the comparative study. The
RRCs were simulated by an inverse Fourier transformation
function and corresponding power spectral density. The
coefficients for “good” and “poor” RRCs are 32x10~°m?/
cycle and 512 x107° m*/cycle, respectively. Figure 10 plots
the time histories of the two types of RRC samples. It is
obvious that the poor RRC has a wider fluctuation range
compared to the one of good RRC.

The modal analysis of the bridge was conducted firstly
considering the modal switches in three space directions.
The first 50-order modal shape of the bridge was extracted to
solve vehicle-bridge coupled vibration analysis. The
damping constant of the concrete was taken as 0.05. T
stochastic vehicle flow samples were transformed as
equivalent time-varying concentrated forces based on
EDWL method. Subsequently, the time histories of the
vehicle load effects were evaluated by utilizing the proposed
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FIGURE 4: Probabilistic distribution of axle load of 6-axle trucks: (a) axle weight; (b) gross weight.
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pseudodynamic approach. Figure 11 plots the vertical de-
flection histories of the critical point in the mid-span of the
bridge accounting for both good and poor RRCs,
respectively.

It is observed from Figure 10 that the poor RRC results in
more deviations compared with the good RRC. The maxi-
mum deflection is located at 162s, where several heavy
trucks load on the mid-span point simultaneously. The
maximum deflections for good and poor RRCs are —0.196 m
and —0.246 m, respectively. Thus, it is demonstrated that the
RRC has a significant influence on the maximum load effect.

Since the basis for extreme value extrapolation is the
assumption of Gaussian distribution, the probability dis-
tribution should be fitted. Figure 12 plots the histograms of
the deflections and the fitted PDF and CDF curves of
Gaussian distribution. It is obvious that both good and poor
RRCs follow Gaussian distribution. In addition, the shape of
histograms for the poor RRC is more flat than that of the
good RRC.

The hypothesis testing was conducted to check the fitting
to Gaussian distribution. The fitting variances are 0.0028 and
0.0019 for the good and poor RRCs, respectively. It is
confirmed that the samples do not refuse the Gaussian
distribution. In order to capture the influence of the two
types of RRCs on the probabilistic load effect, the histograms
of numbers of level-crossings were counted as shown in
Figure 13.

As shown in Figure 13, Rice’s level-crossings were fitted
to the top 30% samples. It is observed that the poor RRC
leads to larger number of level-crossings compared to the
good RRC. Based on the above analysis, it can be concluded
that the RRC can affect the probabilistic characteristics of
traffic load effects, and thus a poor RRC will amplify the
maximum traffic load effect.

4.3. Influence of Bridge Span Length on the Dynamic
Deflection. In order to investigate the influence of bridge
span length on the deflection, both shorter-span and longer-
span continuous rigid-frame bridges were selected for
comparison study. The main span lengths of the three
bridges are 140 m, 200 m, and 248 m, respectively. In order
to make the comparison of general significance, the same
traffic flow as shown in Figure 6 was utilized for the three
bridges. The bridge parameters and the maximum deflec-
tions are shown in Table 1.

As observed from Table 1, the maximum deflection
increases with increase of the bridge main span length.
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FIGURE 7: In-site photos of the Labajin bridge in Yalu highway: (a) final state; (b) construction state.

However, the ratio between the good and poor RRC
effects decreases with the increase of the bridge span
length. This phenomenon can be explained by the the-
oretical basis that the bridge with a longer span length has
a lower frequency, which will weaken the vehicle-bridge
interaction. Therefore, the influence of the RRC on the
dynamic effect is weakened with the increase of the bridge
span length.

4.4. Probability Estimation. It was concluded by many re-
searchers that dynamic response of bridges under stochastic
vehicle flow can be assumed as stationary random process
[31]. In order to investigate the influence of random process
samples on the characteristics of stationary random pro-
cesses, the mean value and the correlation coefficient in
random process were analysed. Figure 14(a) plots the de-
flection spectrum density of the bridge girder under

stochastic traffic flow load. Figure 14(b) plots the autocor-
relation coefficient of the samples in 100, 200, and 300s,
respectively.

It is observed that the mean value and standard value
of the initial position are greatly affected by 7 seconds. In
fact, the mean value and correlation coefficient tend to be
constants with the increase of the samplings number.
Therefore, if the sample is large enough, this process can
be assumed as stationary random process. The random
process under stochastic vehicle loads can be represented
by the load effects, which was calculated by a large sample
of vehicle flows.

The mean value and root mean square deflection of the
continuous rigid-frame bridge were obtained by the same
method. Figure 15 shows the distribution of mean value and
root mean square deflection along the girders.

As observed in Figure 15, the maximum mean value and
the root mean square deflection of a continuous rigid-frame
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FIGURE 9: Finite element model of Labajin Bridge: (a) overall model; (b) pier element; (c) girder element.
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bridge are —0.071 m and 0.088 m, respectively. Therefore,
this study selected the mid-span point as representation. The
following investigation will focus on the deflection of the
critical point under stochastic traffic loads.

4.5. First-Passage Reliability Evaluation. In general, the first-
passage reliability analysis can be conducted based on
probabilistic model associated with maximum extrapolation.
The upper threshold deflection of a continuous rigid-frame
bridge is a=L/500=0.4m according to designed codes in
China. Figure 16 shows the time-varying reliability index

based on the first-passage criterion of the maximum girder
deflection.

As shown in Figure 16, the initial reliability index of
the bridge is 6.45. However, the reliability index decreases
significantly with the time and the proportion of dense
traffic flow. With consideration of the proportion of
dense traffic flow as 1.2%, 2.4%, and 3.6%, the corre-
sponding reliability indexes of the bridge in 100 years are
5.76, 5.62, and 5.60, respectively. Therefore, it is con-
cluded that the proportion of dense vehicle flow has
significant influence on the first-passage probability of
the bridge deflection. Thus, the control of dense vehicle
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TaBLE 1: Critical parameters of three continuous rigid-frame bridges.

Bridge name

Span combination (m) Height of the 0# segment (m)

Maximum deflection (m) Dynamic ratio between poor
RRC =good RRC = poor and good RRCs

Shizijing River Bridge 74+140+74 8.0 -0.137 -0.182 1.32
Labajin Bridge 105 +200 +200 + 105 12.5 -0.196 -0.246 1.25
Lengshui River Bridge 130 + 248 + 130 16.0 -0.254 -0.273 1.07
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FIGURE 14: Bride dynamic deflections in frequency domain: (a) spectrum density; (b) correlation coefficient.
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flow is essential for ensuring the bridge safety in service
period.

5. Conclusions

This study developed the vehicle-bridge coupled vibration
model to the dynamic reliability analysis of long-span bridges. A
simplified analytical method was presented for evaluating
probabilistic dynamic load effect induced by stochastic vehicle
loads. The effectiveness of the proposed computational
framework was demonstrated in the case study of a continuous
rigid-frame bridge. Influence of the RRC, the bridge span
length, and the traffic growth on the bridge deflection was
investigated. The conclusions are summarised as follows:

(1) The mean value and the root mean square deflections
induced by stochastic traffic loads are constants, which
are uncorrelated with time. Therefore, the stochastic
traffic-bridge coupled vibration is demonstrated as a
stationary Gaussian random process, which can be
treated as a long time history.

(2) The level-crossing is able to capture the probability
characteristics of the dynamic traffic load effect and
thus provides a connection between the dynamic
effect and the probability model.

(3) The RRC will impact the probabilistic characteristics
of traffic load effects. A poor RRC leads to larger
number of level-crossings compared to a good RRC,
and thus a poor RRC will amplify the maximum
traffic load effect.

(4) The influence of the RRC on the dynamic effect is
weakened with the increase of the bridge span length.
This phenomenon can be explained by the theoretical
basis that the bridge with a longer span length has a
lower frequency, which will weaken the vehicle-bridge
interaction.

(5) With consideration of the proportion of dense traffic
flow as 1.2%, 2.4%, and 3.6%, the corresponding reli-
ability indexes of the bridge in 100 years are 5.76, 5.62,
and 5.60, respectively. The proportion of dense vehicle
flow has significant influence on the first-passage
probability of the bridge deflection. Thus, the control of
dense vehicle flow is essential for ensuring the bridge
safety in service period.

Even though the proposed framework is verified for a rigid-
frame bridge, it can be applied for more types of bridges.
However, more studies are necessary to improve the compu-
tational efficiency and accuracy. A more refined traffic-bridge
interaction analysis approach instead of the simplified EDWL
approach is critical to make the simulation more reasonable. In
addition, the simulated traffic load effect needs to be compared
with structural health monitoring data.
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Antipenetration performance of honeycomb shelter under two repeat projectile strikes is investigated via test and numerical
simulation. Among them, there are two kinds of test targets: cylindrical honeycomb structure target and reinforced concrete
target; a numerical simulation target is a honeycomb-structure target composed of hexagonal honeycomb unit, and the size of the
target is the same as that of the honeycomb-structure target in test. The results show that the damage area of the honeycomb-
structure target is smaller than that of the reinforced concrete target under projectile strikes with approximately the same velocity.
The damage range of the honeycomb-structure target is limited within the hexagonal cell getting contact with projectile left other
cells with no damage. During the two repeat projectile strikes, the first projectile will deflect to some extent just as single projectile
strike. The deflection of the second projectile is larger and is related to the distance between the strike points of the two projectiles.

The results show that honeycomb shelter performs good under two repeat projectile strikes.

1. Introduction

Relationship between weapons and protection engineering is
like the relationship between spear and shield. In recent
years, precision-guided weapons are getting higher in pre-
cision and larger in damage capability, [1] which lead to
protection technology getting greatly developed. Therefore,
in the fight against protection engineering nowadays, re-
peated strikes of weapons are needed to destroy the target
engineering as single strike cannot destroy engineering
especially deeply buried type [2]. In the Gulf War, the U.S.
military had to fire two precision-guided weapons with the
same trajectory to destroy underground protection engi-
neering. In the Iraq war, an underground command center
in Iraq was finally destroyed under 4 repeated penetration
weapon strikes [3]. In the future, repeated strikes will be one
of the major threats to the important protection engineering
in war.

Concrete, metal, and other conventional materials are
often unable to meet the protect requirements as for

repeated strikes. The multilevel porous structure in nature
provides a way to solve the problem. Under the environment
of the survival of the fittest in nature, these organisms form
specific porous structures adapted to the changes of nature
and get preserved, which show excellent impact resistance
mechanical properties. As a typical regular porous structure,
the honeycomb structure is inspired by honeybee’s hon-
eycomb. Scholars have carried out a lot of research on the
impact resistance of this kind of honeycomb material. Hu
et al. have studied the influence of hexagonal angle on
impact performance [4], Shi et al. have studied the me-
chanical behavior of honeycomb and its sandwich structure
under impact load [5], Shi et al. have studied the influence of
loading direction on deformation mode and energy ab-
sorption characteristics of honeycomb under in-plane and
out of plane loading [6], Shi et al. discussed the influence of
cell irregularity and impact velocity on the honeycomb
deformation mode [7], and Wang et al. carried out nu-
merical simulation and experimental research on the single
penetration performance of the honeycomb baftle structure
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[8-11], mainly focusing on the single penetration perfor-
mance of the honeycomb structure.

According to the current research situation, there are few
research studies on the antirepeated penetration of the
honeycomb structure. Repeated penetration research mainly
considers the damage effects such as crater and damage area
size formed by projectile penetration, which can provide
research basis and experimental verification for subsequent
explosion effect analysis [12]. In this paper, a kind of
shielding structure composed of hexagonal concrete-filled
steel tube is taken as the research object in this paper.

2. Test and FEM Simulation Specification

2.1. Test Specification. Projectiles used in the tests (Figure 1)
are made of 40CrNiMoA alloy with the following
specification:

Length: 70 mm

Diameter (middle): 10 mm

Ratio of length to diameter: 7

Diameter (within 60 mm length to the tail end): 15 mm

The compressive strength of concrete and the tensile
strength of steel used in the tests are 90 MPa and 370 MPa,
respectively. The thickness and diameter of the target are
200 mm and 640 mm, respectively. The target used in tests
fall into two categories, namely, Honeycomb Shelter Target
(HST for short, as shown in Figure 2) and Reinforced
Concrete Target (RCT for short, as shown in Figure 3). HST
is a short cylinder with diameter of 640 mm and height of
200 mm mainly composed of 7 concrete-filled steel tubes
with hexagonal section, as shown in Figure 2. Each tube is
made of 4mm thickness steel plate with length of
120 mm x 6 and width of 200 mm which means the tube is
with 6 sides of 120mm in sectional plane and height of
200mm. RCT is also a short cylinder with diameter of
640mm and height of 200mm. Two layers of
70 mm x 70 mm steel nets made of 18 mm diameter bar are
set at planes off upper and lower surface of the cylinder,
respectively, as shown in Figure 3.

Figure 4 is test arrangement diagram, and from the left to
the right are the projectile launcher, speed measuring device,
and target, respectively. Projectile speed can be adjusted by
changing the amount of gunpowder charged in the projectile
launcher. The speed measuring device is composed of a
timer and two pieces of tinfoil arranged perpendicular to
projectile trajectory with a fixed distance. Projectile speed
can be calculated by distance between the two pieces of
tinfoil and time of projectile moving between the two pieces
of tinfoil recorded by the timer.

2.2. FEM Model Specification. The projectile is modeled with
the same size as projectile used in tests by Design Modeler
platform in ANSYS Workbench. The projectile model is
meshed with size control (4 mm in size), as shown in Fig-
ure 5. Parameters for 40CrNiMoA alloy in AUTODYN are
used for the projectile model. Johnson-Cook material
strength model and linear equation of the state are also used
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FIGURE 1: Projectile used in test.

FIGURE 2: Honeycomb shelter target diagram.

for the projectile model. Johnson-Cook strength model is
mainly used to describe materials under large deformation,
large stress, and high temperature. In this strength model,
the yield stress of the material is expressed as

. . 0-6, \"
ay=(A+Bep)(1+Csp)(1—(reh_et) ) (1)

where 0, is the yield stress of the material, A is the yield
stress of the material under small deformation, B is the
hardening constant, ¢, is the effective plastic strain,  is the
hardening index, C is the strain rate constant, ¢, is the
effective plastic strain rate, 0, is the melting temperature,
and 6, is the conversion temperature. In the linear equation
of state, the material density, shear modulus, bulk modulus,
and other parameters are also needed. The specific values of
parameters are shown in Table 1.

The HST is modeled with the same size as target used in
tests by Design Modeler platform in ANSYS Workbench.
The volume sweep mesh method is adopted while generating
finite element. Concrete within steel tube centered in HST is
with more intensive mesh (4 mm in size) for later contact
with projectile, as shown in Figure 6.

As the steel tube is made of low carbon steel, the
Johnson-Cook material strength model, linear equation of
state, and Johnson-Cook material failure model are used to
describe the steel plate in numerical simulation, and related
parameters are listed in Table 2.

The JH-2 material model is adopted for concrete in
AUTODYN which is described by the Johnson-Holmquist
strength model, polynomial equation of state, and John-
son-Holmquist failure model.

It is difficult to determine the parameters of polynomial
equation of state by experiment, so the parameters of
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FiGure 3: Steel nets in RCT: (a) front view and (b) 1-1 section view.
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FIGURE 4: Test arrangement diagram.

FIGURE 5: FEM model of projectile.

TaBLE 1: Material parameters of the projectile body model.
p (kg/ G K A B
m”) (GPa) (GPa) (GPa) (GPa)
7.83 81.8 159 0.792 0.51

n C m

0.26 0.014 1.03

concrete equation of state adopt default parameters. The
parameters of the Johnson-Holmquist strength model
include shear modulus, Hugoniot elastic limit, intact
strength coefficient A, intact strength index N, strain rate
constant C, failure strength coefficient b, failure strength
index M, and maximum failure strength ratio. The pa-
rameters in the failure model include hydrostatic tensile
strength ratio, damage coeflicient, volume expansion
coefficient, principal tensile failure stress, maximum
equivalent strength, and crack-extended energy rate.
These parameters are mainly determined according to the
test, literature, and relevant concrete specifications
[9-12]. The concrete model parameters used for numerical
simulation are shown in Table 3.

0.300 (m) )'_X
0.150

FiGure 6: FEM model of HST.

TaBLE 2: The material parameters of the steel plate model.

P (kg/m3) G (GPa) K (GPa) A (GPa) B(GPa) n C

7.83 81.8 159 0.792 051 026 0.014
m D, D, D3 D, D5

1.03 22 5.43 047  0.0l6 0.63

3. Results

3.1. Test Results. Penetration tests are carried out with
HST and RCT and the penetration direction is perpen-
dicular to target surface in all tests. The main parameters
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TaBLE 3: The JH-2 model of parameters of the concrete.
p (g/cm’) K (GPa) G (GPa) HEL (MPa) A N
2.5 20.45 20.09 105.81 0.79 0.63
C B M MFSR HTL (MPa) D,
0.007 1.61 0.63 1E20 —6.46 0.04
D, BCB TF PTFS (MPa) MP/2 (MPa) Gf (J/m?)
1.0 1 Principal 8.85 1E20 116.4
TaBLE 4: Test results.

Target v U2 Target failure description
number (m/s) & P

3779 Front surface: obvious funnel pit is observed and the damage area is about 374 cm?; one of the projectiles does not
HSTI ' penetrate the target; cracks and other damages are not observed in other cells

782.3 Rear surface: obvious funnel pit is observed and the damage area is about 385 cm?; cracks and other damages are not

) observed in other cells
318 Front surface: obvious funnel pit is observed and the damage area is about 390 cm?; cracks and other damages are
not observed in other cells

HST2

691.8 Rear surface: obvious funnel pit is observed and the damage area is about 380 cm?; cracks and other damages are not

) observed in other cells

3547 Front surface: obvious funnel pit is observed and the damage area is about 2830 cm? There are 6 obvious cracks

RCT1 Rear surface: obvious funnel pit is observed whose depth is 9 cm and the damage area is about 4300 cm?; there are 17

782.0

obvious cracks

and test results are listed in Table 4, where v, and v, stand
for speed of the first and second projectile, respectively.
Front surface is the cylinder surface face to the projectile
launcher and rear surface is the other surface of the
cylinder.

Damage area of HST is smaller than that of RCT as
concrete compressive strength and other performance get-
ting improved due to restraint effect of the hexagon steel
pipe surrounded. HST is divided into some cell by the
hexagon steel pipe so that damage in one cell will have little
influence on neighboring cells. Damage in HST will be re-
strained within cell getting contact with the projectile and no
radioactive crack will appear. Damage of targets after tests is
shown in Figure 7.

3.2. Simulation Results. Based on test results, damage in a
certain cell has little influence on neighboring cells. In
numerical simulation of HST under two repeat projectile
strikes, two projectiles will strike at two locations within the
same cell. Velocity and impact point location of projectile
specifications are listed in Table 5.

In order to figure out the stress condition of the target
during the projectile penetration process, several Gauge
units are selected to get pressure-time history. 10# and 11#
Gauge units belong to concrete within the cell getting
contact with projectile. 14# and 15# Gauge units belong to
concrete within the neighboring cell. 18# Gauge unit be-
longs to the middle steel pipe. 10#, 11#, 14#, and 18# Gauge
units are within the same plane. The numerical simulation
results under different configurations are shown in
Figures 8-11.

4, Discussion

4.1. Analysis of Target Damage Area. It can be found from the
test results that damage area of HST is far smaller than that of
RCT under projectiles with appropriately the same velocity.
While impact points of two projectiles with velocity 377.9 m/
s and 782 m/s, respectively, are within the same cell in HST1,
the damage area in the front surface and rear surface are
374 cm” and 385 cm?, respectively. While impact points of
two projectiles with velocities 318 m/s and 691.8.4 m/s, re-
spectively, are within different cells in HST2, the damage
area in the front surface and rear surface are 390 cm® and
380 cm?, respectively. Under impact of two projectiles with
velocity 354.7 m/s and 782.3 m/s, respectively, the damage
area in the front surface and rear surface of RCTI are
2830 cm”® and 4300 cm?, respectively.

Stress wave will be generated in the honeycomb structure
under projectile penetration, and the stress wave will travel
in the structure, and reflected wave and transmission wave
will form at the interface of a different medium [8]. The
stress wave caused by projectile impact will propagate
through the target, both in concrete and steel, and stress
wave impedance of steel is larger than that of concrete.
While the incident wave arrived at the interface of concrete
and steel pipe, compressed reflection wave will be formed.
Due to the interaction of newly formed compression wave
with other waves, the tensile stress of concrete will be re-
duced. Therefore, stress of concrete in the hexagonal cell
which gets in contact with the projectile is smaller than stress
of concrete in other hexagonal cells. Stress of the steel tube in
the hexagonal cell which gets in contact with the projectile is
the largest and thus the concrete damage area is small. There
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Front view Rear view

Front view Rear view

Front view Rear view

(c)

FIGURE 7: Target after test: (a) HST1 front view and rear view, (b) HST2 front view and rear view, and (c) RCTI front view and rear view.

are only two layers of reinforced bar in reinforced concrete  4.2. Analysis of Target Damage Range. As the experimental
target, and compression reflected wave will be produced  results show, the damage range of the honeycomb-structure
while the incident wave propagation to the face of steel bar,  target is greatly reduced compared with that of reinforced
so the reflected wave is less and thus the failure area of = concrete target. Damage in the front surface of HST target is
concrete in the reinforced concrete target is larger. within the hexagonal cell which gets in contact with the
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TaBLE 5: Configuration for FEM simulation.

Configuration . _ Impact point location of . _ Impact point location of

set Velocity of projectile 1 (m/s) projectile 1 Velocity of projectile 2 (m/s) projectile 2

1 400 0,0,0 566 -30, 0, 200

2 566 0,0,0 566 -30, -90, -200

3 566 =90, 0, 0 566 90, 0, 200

4 783 -60, 0, 0 783 =30, —60, 400

DAMAGE (none)
1.000e + 00

9.000e - 01
8.000e - 01
7.000e - 01
6.000e - 01
5.000e - 01
4.000e - 01
3.000e - 01
2.000e - 01
1.000e - 01
0.000e + 00

(a)

DAMAGE (none)
1.000e + 00

9.000e - 01
8.000¢ - 01
7.000e - 01
6.000¢ - 01
5.000e - 01
4.000e - 01
3.000e - 01
2.000e - 01
1.000e - 01
0.000e + 00 Z

(c)

DAMAGE (none)

1.000e + 00
9.000¢ - 01
8.000¢ - 01
7.000e - 01
6.000¢ - 01
5.000¢ - 01
4.000¢ - 01
3.000¢ - 01
2.000e - 01
1.000e - 01
0.000¢ + 00 Z

(®)

1710*

0*10°

_1*104 -

Pressure (kPa)

-2*10*

_3*10% -

i i i i
00 02 04 06 08 10

Time (ms)
— (1) Gauge# 10 —— (4) Gauge# 15
—— (2) Gauge# 11 —— (5) Gauge# 18

—— (3) Gauge# 14
(d)

Fi1GURE 8: Target damage under configuration set 1 (¢ =1 ms): (a) front view, (b) section view by XZ plane, (c) section view by YZ plane, and

(d) gauge history.

projectile, and there is no damage in other cells. The funnel
pit in the rear surface is also within the hexagonal cell which
gets in contact with the projectile and no damage occur in
other cells. There is a funnel pit in the area which gets in
contact with the projectile and radial cracks extend to the
whole target. The numerical simulation results also show
that damage in the HST target are within the hexagonal cell
which gets in contact with the projectile and there is no
damage in other cells.

When the stress wave propagates to the free surface of
the honeycomb-structure target, namely, the upper and
lower surfaces of the concrete-filled steel tube cell, tensile
wave will be generated as the wave impedance of air is
smaller than that of the concrete or steel pipe. The tensile
wave reflected and incident wave will superimpose over one
another and tensile stress will be formed in the free surface of
the concrete-filled steel tube. If the tensile stress is greater
than that of concrete, the concrete will be damaged and flake
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DAMAGE (none)
1.000e + 00

9.000e - 01
8.000e - 01
7.000e - 01
6.000e - 01
5.000e - 01
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1.000e - 01
0.000e + 00

(a)
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0.000¢ + 00 4

(c)

DAMAGE (none)

1.000e + 00
9.000e - 01
8.000e - 01
7.000e - 01
6.000e - 01
5.000e - 01
4.000e - 01
3.000e - 01
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(d)

FIGURE 9: Target damage under configuration set 2 (=1 ms): (a) front view, (b) section view by XZ plane, (c) section view by YZ plane, and

(d) gauge history.

or spallation will form, but the steel pipe will not peel off at
the free face because of the high tensile strength of steel.
New free surface will form after the formation of the first
layer of concrete spallation, and then, with the penetration
of the projectile, the tensile wave will form at the new free
surface and will result in a new layer of spallation. All those
explain the formation of impact crater and collapse crater
in HST. Impact crater and collapse crater will also form in
reinforced concrete targets, but the range is larger than that
of the honeycomb-structure target. It is mainly due to the
existence of the steel pipe in the honeycomb structure. The
HST target is divided into several hexagonal cells by the
steel tube, and thus wave propagation will undergo mul-
tiple reflection and transmission in the target. Damage
caused by the stretch wave is limited within the hexagonal
cell which gets in contact with the projectile due to the
barrier effect of the steel tube. The stretch wave in other
cells is smaller than the wave caused by the projectile or

target, so no damage forms in other cells. In the reinforced
concrete target, the damage range is larger for there is no
barrier effect of the steel tube.

4.3. Deflection of Projectile. As two projectiles strike the
target in the same cell successively, the deflection of the first
projectile is the same as that in single projectile strike and the
deflection is related to the contact location. the deflection of
the second projectile is larger than that of the first projectile
and it is related to the distance between the first contact
location and the second contact location. While the distance
is smaller, the deflection of the second projectile will be
larger. The concrete damage degree is different and the
strength decreases when the first projectile penetrates the
target. While the second projectile penetration into the same
cell, its deflection will be influenced by the concrete around
with uniform strength. The projectile body is under
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asymmetric force during the penetration process, so it will
undergo a large deflection.

5. Conclusion

(1) Under two repeat projectile strikes, the damage area
of the honeycomb-structure target is smaller than
that of the reinforce-concrete structure because
compressive strength and deformation capacity of
the concrete in the honeycomb structure get im-
proved by the steel tube.

(2) Under two repeat projectile strikes, the damage
range of the honeycomb-structure target is limited
within the hexagonal cell which gets in contact with
the projectile due to the barrier effect of the steel
tube.

(3) During the two repeat projectile strikes, the first
projectile will deflect to some extent just as single
projectile strike. The deflection of the second pro-
jectile is larger and is related to the distance between
the strike point of the two projectiles.

(4) Honeycomb shelter performs good under two repeat
projectile strikes.
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To study the seismic performance of self-centering concentrically braced frame (SC-CBF) structure, the static elastoplastic
analysis, low-cycle repeated loading analysis, and elastoplastic time-history analysis were conducted for a four-story SC-CBF
structure, compared with the traditionally concentrically braced frame (CBF) structure. The influences of different GAP stiffnesses
and cross-sectional areas of prestressed tendon were investigated on the self-centering and seismic performance of the SC-CBF
structure. The results show that the SC-CBF structure has a strong lateral resistance, a small base shear under earthquake action,
and a slight residual drift after unloading. The SC-CBF structure has a better ductility than the CBF structure. The displacement of
the SC-CBF structure under the action of rare and extremely rare earthquakes is large, and the structure can dissipate more energy;
the interstory drift is large, but the residual drift is small, exhibiting its ideal seismic and self-centering performance. However, the
mechanical behavior of prestressed tendons is significantly affected by the stiffness of the GAP. The mechanical and seismic
performances of the overall structure are slightly affected by the stiffness of the GAP, but the cross-sectional area of the prestressed

tendons has a remarkable influence on the overall performance of the structure.

1. Introduction

The steel frame structure has so many significant advantages
such as good seismic performance, lightweight, and short
construction period, so it is widely used in architecture
structures nowadays. However, the steel frame structure
would undergo serious damages under the action of
earthquake according to the earthquake disaster analysis.
Meanwhile, the structure has a large residual drift after
earthquake and cannot be desirably repaired [1, 2]. At
present, on the basis of the seismic design idea that the
structure would not collapse under major earthquakes, be
repairable under moderate earthquakes, and have no
damages under minor earthquakes specified in Chinese code
for seismic design of buildings (GB 50011-2010) [3], the
earthquake-resilient structures can recover structural
function as soon as possible with some reparations after
earthquake, which could well achieve the seismic resilient
design goal [4-6].

As a common form of earthquake-resilient structures,
the self-centering structure can effectively diminish the
residual drift and recover the structures’ normal function
under the action of earthquake. One of the feasible ways to
realize the self-centering function is to apply prestress in the
steel frame structure [7]. The concentrically braced steel
frame (CBF) structure can effectively improve the lateral
resistance and seismic performance for the structure, thus
considered to be an ideal lateral force resisting system [8].
However, the column base of the CBF structure is rigidly
fixed with the foundation, which enables the structure to
have a large lateral stiffness and a small lateral displacement
under the horizontal earthquake action. But the structures’
displacement ductility is limited, and the restrained bracings
are prone to buckling, resulting in a large residual drift and
technical difficulties in repairing structure after the earth-
quake. Ricles et al. [9] proposed the self-centering steel frame
by setting horizontal prestressed steel cable in the beam and
then connecting with the column, and thus, part of the shear
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force is carried by the energy dissipating member. The
prestressed steel cable can reduce the structure’s residual
deformation and provide the recovery for the structure. Due
to the limitations of the CBF structure, Sause et al. [10, 11]
applied the self-centering thought on the CBF structure and
put forward a kind of self-centering concentrically braced
steel frame structure (SC-CBF). To realize the design per-
formance, the SC-CBF structure releases the column base
and permits the column to decompress and uplift; the self-
centering function can be realized by setting prestressed
tendon at the column axis. Roke et al. [12] found that the SC-
CBF structure can achieve the expected lateral deformation
and self-centering performance by time-history analysis,
considering three different prestressed tendon positions.
And in the later study, it was concluded that SC-CBF
structure can effectively control the structure’s residual drift
under the earthquake action, providing a better safety and
overall deformation performance [13].

This paper aims to explore the seismic performance of
self-centering concentrically braced frame (SC-CBF)
structure; the static elastoplastic analysis, low-cycle repeated
loading analysis, and elastoplastic time-history analysis are
conducted for a four-story SC-CBF structure, compared
with the traditionally concentrically braced frame (CBF)
structure. Moreover, the effects of different GAP element
stiffnesses and cross-sectional areas of prestressed tendon
are investigated on the self-centering and seismic perfor-
mance of the SC-CBF structure.

2. Working Principle and Analysis Modeling

2.1. Working Principle. The self-centering structure is
originated from the application of sway column. The column
can rotate freely under the horizontal force, so as to reduce
the damage of members by relaxing the constraint between
the foundation and structure. Based on this, it is possible to
put forward the self-centering concentrically braced frame
via relaxing the column base of the steel frame structure.
Figure 1 shows the mechanical model of SC-CBF structure;
the structural forms of SC-CBF and CBF are similar, but the
SC-CBEF structure has relaxed the connection of foundation
and column base, which allows the column base to de-
compress and uplift under the action of horizontal force.
Meanwhile, prestressed tendon is set vertically in the middle
of the structure to provide restoring force for the structure
rotation. In order to increase the structural energy dissi-
pating capacity, the friction devices are set between the self-
centering column and the gravity column or the energy
dissipating element is added in the lifting part of the column
base, which is different from the site of energy dissipating
members for the CBF structure.

Figure 2(a) and 2(b) shows the rocking behavior of the
SC-CBF structure. Figure 2 reflects the deformation and
rocking of the structure under the action of moderate and
rare horizontal earthquakes, respectively. SC-CBF only
undergoes elastic deformation when the structure suffers a
small horizontal force; the structure’s column and foun-
dation are fixed, and the top displacement is small, which is
similar to the CBF structure. However, when the horizontal
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FiGURE 1: Mechanical model of the SC-CBF structure.

force is large enough, the column base and foundation would
be separated, the column base is lifted, and the top dis-
placement of the column increases the rigid body rotations
of the structure. The sway change in the structure is
exhibited, while the left and right column bases are lifted in
Figure 2(b).

2.2. Parameters of SC-CBF Structure. The SC-CBF structure
is designed as an example according to load code for
building structures (GB 50009-2012) [14] and performance-
based SC-CBF structure design method [15]; the floor and
roof dead loads are 3.5kN/m?, the live load for the floor is
2.0kN/m?, and the snow load is 0.35kN/m? The welded
H-shaped sections are selected for both beams, columns, and
bracings. Material type is defined as Q235 whose yield
strength is 235 MPa. The members’ size of the structure is
shown in Table 1. This SC-CBF structure has four stories.
The first story height is 4.5m, and the other story height is
3 m. The seismic fortification intensity is 8 degree, the site
condition is class II, and the design earthquake classification
is the 2@ group. The floor plan and elevation of the structure
are shown in Figures 3 and 4, respectively.

2.3. Structural Finite Element Model. The finite element
planar model of the SC-CBF structure was established by the
software OpenSees 2.5.0., as shown in Figure 5. Figure 6
shows the detail of the SC-CBF structure’s column base. The
key difference between SC-CBF and CBF structures lies in
the unrestraint of the column base and setting prestressed
tendon, so the stiffness of the GAP element plays a vital role
here. The stiffness of the GAP element is 880 x 10> N/mm,
the initial clearance is 0, and the critical force is 2x10'°N
when the material reaches the plastic state. The default values
in the OpenSees program are used for other parameters [16].
Steel 02 is adopted to simulate the steel, and beam column
fiber element based on flexibility is selected; GAP element is
selected for column base. The constitutive relation and axial
deformation are shown in Figure 7, and the truss element is
used for the simulation of the prestressed tendons.
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TaBLE 1: Sections of structure members.

Members 1** story 2" story 3™ story 4™ story

Beam H400 x 250 x12x 18 H400 x 250 x 12 x 18 H400 x 250 x 12 x 15 H400 x 250 x 12 x 15
Column H400 x 400 x 18 x 18 H400 x 400 x 18 x 18 H400 x 400 x 16 x 16 H400 x 400 x 16 x 16
Bracing H250 x 250 x10 x 15 H200 x200x 8 x12 H200x200x12x15 H200 x200x10x12
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3. Nonlinear Analysis and Results
_PT L PT
E 3.1. Pushover Analysis Results. The finite element model of the
= SC-CBF structure was established completely, and the corre-
g sponding pushover analysis was performed. The target dis-
EE placement of the CBF structure is set to 270 mm (2%), while the
27 SC-CBF structure has a large lateral deformation, so its target
= displacement is set as 540 mm (4%). The base shear-top dis-
< placement curves of two structures are shown in Figure 8.
6000 T 6000 T 6000 T 6000 T 600 T 6000 T It can be seen from Figure 8 that the two pushover
36000

curves have significant differences. On the one hand, the
FIGURE 4: Elevation of the SC-CBF structure. yield displacement of the two structures is quite different.
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FiGure 8: Pushover curves for SC-CBF and CBF structures.

The yield displacement of the SC-CBF structure is about
400 mm, while that of the CBF structure is only about
35mm. Thus, SC-CBF has stronger lateral resistance than
the CBF structure. On the other hand, the maximum base
shear of the SC-CBF structure and CBF structure is about
800 kN and 2400 kN, respectively. The maximum base shear
value of the CBF structure is almost three times that of the
SC-CBF structure, which indicates that the CBF structure
exhibits greater damage risk than the SC-CBF structure.
Furthermore, the SC-CBF structure displays a better energy
dissipating capacity due to that the structure becomes

stage of structural members, respectively, in Figure 9.

Figure 11 is the curve of uplift displacement versus top
displacement of GAP. Figure 12 is the curve of force versus
deformation of GAP. The direction of the applied load here
is from left to right. As for GAP, the left GAP in the
structure is tensioned and experiences the uplift dis-
placement, as shown in Figure 11. Figure 12 shows the
force of the GAP drops to zero after the column base is
decompressed. The right GAP is in compression, and its
stiffness is large; its displacement does not change.
Meanwhile, the force of the right GAP element increases
with the top displacement, but the force keeps constant
after the prestressed tendon yields.

3.2. Low-Cycle Repeated Loading Analysis Results. The
identical finite element model is adopted to perform the
cyclic pushover analysis, and the same horizontal force and
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maximum displacement value were used for loading as
monotonic pushover analysis. The cyclic loading protocol is
shown in Figure 13.

Figure 14 compares the hysteresis loops of SC-CBF and
CBF structures, respectively. It can be seen from the figure
that the performance of two structures is significantly dif-
ferent under the action of low-cycle repeated loading.
However, the hysteresis loop of the SC-CBF structure is a
typical flag shape, which is basically consistent with the
expectation. Before the top displacement of the structure
reaches 400 mm and the structure displays a good lateral
resisting ability, there is no obvious structural stiffness
degradation. During the unloading, the deformation re-
covers quickly, and the residual drift of SC-CBF structure is

500
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FiGURE 12: Force versus deformation of GAP.
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FIGure 13: Cyclic loading protocol.

close to zero, achieving the self-centering expectation
smoothly. Meanwhile, good energy dissipation can be ob-
served corresponding to the shuttle shape exhibited in the
hysteresis loop of CBF structure, but the recovery of
structural deformation is small when unloading, and there is
a significant recovery of deformation hysteresis phenome-
non. After that, the slope of the curve gradually decreases
with the increase in load, which indicates the structure
undergoes stiffness degradation obviously, while the struc-
tural residuals drift is large after unloading.

The prestressed tendons stress-top displacement curve of
the SC-CBF structure during the cyclic loading are shown in
Figure 15. However, the prestressed tendon has some losses
of prestress before yielding of the prestressed tendon.
However, the loss of prestress gradually increases with the
increase in the top displacement after the prestressed tendon
yields, and the increment is more significant especially when
the structure’s top displacement reaches 540 mm; the loss of
prestress arrives at the largest, about 550 MPa. In this case,
the prestressed tendon can be seen as ineffective, which is
corresponding to the fortification goals of life safety under
the rare earthquake.

It can be seen from Figure 16 that the base shear of the
structure increases along with the uplift displacement of
GAP. When the uplift displacement of GAP is removed, the
base shear change in the structure is small, which is because
the prestressed tendon always provides a vertical tensile force
for structure. Furthermore, the stress of GAP in Figure 17
increases with the increase in the top displacement; it
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suddenly increases when the top displacement starts to
change, and then, the amplitude becomes smaller. When the
top displacement of the structure reaches 400 mm, the force of

GAP degenerates during unloading. This is caused by yields of
the prestressed tendon, which leads to the change in the
overall mechanical performance of the SC-CBF structure.

3.3. Elastoplastic Time-History Analysis Results. The elasto-
plastic time-history analysis has advantages in observing the
whole seismic response process of the structure under the
earthquake action, so the seismic response and self-centering
performance analysis for SC-CBF and CBF under rare
earthquake and extremely rare earthquake is performed by
elastoplastic time-history analysis in OpenSees software. The
peak value of the earthquake accelerograms in the time-
history analysis is determined by the Chinese standard and
code [5, 17]. The selected earthquake waves are El Centro
wave, Taft wave, and artificial wave, and the design basis
acceleration is 0.20 g. The peak accelerations are 0.40 g and
0.60g corresponding to intensity 8 rare earthquake and
extremely rare earthquake, respectively.

It can be seen from Figures 18 and 19 that the top
displacement of the SC-CBF structure is nearly twice than
that of the CBF structure. This is due to the unrestrained
column base of the SC-CBF structure, reducing the rigidity
of the structure, which provides a greater lateral drift under
the earthquake forces. Owing to the prestressed tendon’s
tensile recovery effect, the SC-CBF structure’s drift curves
have more peak points than the CBF structure, as shown in
Figure 19(b); SC-CBF structure has three peak drift points at
7s, 14s, and 24s, which makes the top displacement of
structure change greatly under the action of earthquake.

The peak interstory drift for the two structures is about
0.6% in Figure 20, which is less than the code’s limit value of
2%. This is due to the large size of the frame selected in the
calculation analysis here to fully study the recovery capacity
of the prestressed tendon in SC-CBF, thus providing a great
stiffness for the structure. At the same time, the structure can
effectively meet strength requirements under the earthquake
action. The interstory drift of the SC-CBF structure is larger
than that of CBF, owing to the SC-CBF structure’s small
stiffness. However, it can be seen from Figure 21 that the
residual drift of the SC-CBF structure is far smaller than that
of CBF under different earthquake actions. In general, the
good self-centering performance of the SC-CBF structure is
fully demonstrated.



Shock and Vibration 7

— 30
g —
g L
= £
g g 10¢
b5 =
= g 0
§ 10
a. S
g &0
I
n n n n n _30 n n n
0 5 10 15 20 25 30 0 5 10 15 20 25 30 0 5 10 15 20
Time (s) Time (s) Time (s)
—— CBF —— CBF —— CBF
SC-CBF SC-CBF SC-CBF
() (b) ()

FiGure 18: Top displacement versus time curves of the structure under rare earthquake: (a) El Centro wave; (b) Taft wave; (c) artificial wave.

30 b

Top displacement (mm)
Top displacement (mm)

5 10 15 20 25 30
Time (s)
—— CBF —_ CBF —— CBF

_CBF -
SC-C SC-CBF SC-CBF

(@ (®) (©

Time (s) Time (s)

FiGure 19: Top displacement versus time curves of the structure under extremely rare earthquake: (a) El Centro wave; (b) Taft wave; (c)
artificial wave.

R R S B N PR R R .
0.1 0.2 0.3 0.4 0.5 0.6 0.1 0.2 0.3 0.4 0.5 0.6

Interstory drift (%) Interstory drift (%)
—m— CBF El wave —e— SC-CBEF taft wave —m— CBF El wave —e— SC-CBEF taft wave
—m— SC-CBF Elwave —a— CBF artificial wave —m— SC-CBF El wave —a— CBF artificial wave
—o— CBF taft wave —a— SC-CBF artificial wave —e— CBEF taft wave —a— SC-CBEF artificial wave
(a) (b)

FIGURE 20: Peak interstory drift of 4-story structure under earthquake actions: (a) rare earthquake; (b) extremely rare earthquake.



8 Shock and Vibration

4 - 4 -
3+ ® 3+ -»
z z
Q Q
& &
2+ » 2+ -8
1 - 1 -
0 1 2 3 0 3
Residual drift (mm) Residual drift (mm)
—m— CBF El wave —e— SC-CBEF taft wave —m— CBF El wave —e— SC-CBEF taft wave
—m— SC-CBF El wave —a— CBF artificial wave —m— SC-CBF Elwave —&— CBF artificial wave
—e— CBF taft wave —a— SC-CBEF artificial wave —e— CBF taft wave —a— SC-CBEF artificial wave
() (b)

FIGURE 21: Residual drift response of 4-story structure under earthquake actions: (a) rare earthquake; (b) extremely rare earthquake.

1050

1050 880 |

1000 1000
= I Z = 860
2 g5 X2 950 Z
= I g 2 840
S ‘Z 900 | 2 I
2 900 | E z
= 850 |- 850 | ~ 820 }

800 | 800 - 800

0 5 10 15 20 25 30 0 5 10 15 20 25 30 0 5 10 15 20
Time (s) Time (s) Time (s)
(a) (b) (c)

FIGURE 22: Axial tension time-history curves of prestressed tendons under extremely rare earthquake: (a) El Centro wave; (b) Taft wave;
(c) artificial wave.

. 35 . 30
—~ 10 }F
é 30+ é 25t é
s 25+ = = gt
5 g 20 | %
g 20r 8 15f g or
< 15+ = g
%) 210t oo4r :
5 10 | s £ It ]
£ s £ st =cr ol
2 of ! 50l Ill
0 5 10 15 20 25 30 0 5 10 15 20 25 30 0 5 10 15 20
Time (s) Time (s) Time (s)
—— Left GAP —— Left GAP —— Left GAP
Right GAP Right GAP Right GAP

(a) (b) (©

FIGURE 23: Time-history curves of GAP’s uplift displacement under extremely rare earthquake: (a) El Centro wave; (b) Taft wave;
(c) artificial wave.



Shock and Vibration

The time-history analysis results of structures’ members
under extremely rare earthquakes are shown in Figures 22
and 23. Wherein, Figure 22 shows that the peak axial force
of prestressed tendon reaches the maximum 1040 kN under
earthquake, and the prestressed tendon does not yield in
this case, which can provide a sufficient restoring force for
the structure. In addition, it can be seen from Figure 23 that
GAP element would experience a certain uplift displace-
ment under earthquake, which provides a good rocking
behavior and overall displacement ductility for the struc-
ture. The uplift displacement of the left GAP element is
obviously larger than that of the right side, which is due to
the earthquake waves inputted from left to right. After left-
side GAP has undergone the earthquake, the SC-CBF
structure has dissipated a certain amount of earthquake
energy, and the right GAP’s uplift displacement would
decrease in this case. As the amplitude of GAP uplift
displacement increases, the axial tension of prestressed
tendon increases. Because the prestressed tendon does not
yield all the time, SC-CBF structure exhibits a good seismic
performance.

4. Parametric Analysis of SC-CBF Structure

The mechanical behavior of the SC-CBF structure under
earthquakes is complicated. In order to understand the SC-
CBF structure’s self-centering characteristic and seismic
performance comprehensively, it is necessary to analyze the
structural performance under different design parameters.
Thus, the stiffness of the GAP element and the cross-sec-
tional area of prestressed tendon are selected for parameter
analysis in this section, which is because the relaxation of
column base and the application of prestressed tendon will
significantly influence the structural performance.

4.1. Effect of Stiffness for GAP. To explore the influence of
different GAP on the seismic performance of structure, the
stiffness of the GAP was selected as K, 1/2K, and 1/4K,
respectively, and the low-cycle repeated loading analysis was
carried out here.

Figures 24 and 25 are the hysteresis loop of the base shear
versus top displacement and its skeleton curve, respectively.
Figure 24 manifests that three hysteresis loops become a
typical flag shape, and the envelope of the loops is basically
identical under different GAP stiffnesses, which verifies the
good self-centering performance of the SC-CBF structure. It
can be seen from Figure 25 that the slope of skeleton curve
decreases along with the gradual decline in GAP stiffness until
the decompression and uplift of column base. In addition, the
GAP stiftness also has a great impact on the yield displace-
ment. From Figure 25, the structures’ top displacement with
stiffness of K, 1/2K, and 1/4K of GAP is 400 mm, 450 mm, and
520 mm, respectively, when structure yields, which can be
explained from the stress change in the prestressed tendons.

The yield displacement of prestressed tendons has a
significant difference under different GAP stiffnesses in
Figure 26. The smaller the GAP stiffness is, the larger the
yield displacement is, and the larger the lateral drift of the
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structure is, which also leads to the change in the yield point
for the SC-CBF structure. The smaller the initial prestress of
the prestressed tendons, the smaller the GAP stiffness in the
initial mechanical phase. Although the same initial prestress
has been defined in the analysis, the difference of the initial
prestress would also exist due to the constitutive properties
of GAP. When the stiffness of GAP is K, the prestressing
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force begins to increase when the top displacement is 6 mm,
and then the prestressed tendon begins to extend; the
corresponding displacement is 20 mm and 34 mm, respec-
tively, when the stiffness is 1/2K and 1/4K.

4.2. Effect of the Prestressed Tendons Cross-Sectional Area.
As we know, the prestressed tendon can provide self-cen-
tering force for the SC-CBF structure, but the performance
would display some differences with variable cross-sectional
tendon. The cross-sectional area for tendons were selected as
A, 2A, and 3A, respectively, to analyze the seismic perfor-
mance for the SC-CBF structure.

4.2.1. Pushover Analysis. Pushover analysis was performed
here to study the influence of different sections of pre-
stressed tendon on the limit state for the SC-CBF structure.
Figure 27 exhibits the pushover results of base shear and
axial force versus top displacement for different section areas
of prestressed tendons, respectively. For different sections of
the prestressed tendon, the curves of axial force-top dis-
placement for bracings at each story are shown in Figure 28.
In the illustration, A is the cross-sectional area of prestressed
tendon.

In Figure 27(a), the pushover curve of the SC-CBF
structure keeps the same tendency with the cross-sectional
areas of 1/2A, A, and 2A, but the maximum base shear occurs
at small yield displacement as the area is 3A. In case of the
prestressed tendon cross-sectional area being less than 24,
the base shear of the structure increases gradually with the
increase in the cross-sectional areas of the prestressed
tendon, and there would exist an obvious difference in the
maximum base shear. Nevertheless, the difference in max-
imum base shear is small when the cross-sectional area is
between 2A and 3A, which indicates that the design of the
prestressed tendons must fully consider the structural
overall performance.

As is shown in Figure 27(b), the peak axial tensile force of
prestressed tendon is about 1000 kN and 2000 kN, respec-
tively, with tendons’ cross-sectional areas of 1/2A and A,
which has reached the yield point. Furthermore, when the
structure is with 2A and 3A cross-sectional areas, the peak
axial tension of prestressed tendon is about 3250 kN, and the
prestressed tendon has not yielded in this case.

The influence of cross-sectional areas of prestressed
tendons on the limit state of the structure can be analyzed
according to the bracing’s axial force reflected in Fig-
ure 28. It can be seen from Figures 28(a) and 28(b) that
the force of bracings in each story is relatively small, and
the bracing has not yielded before the prestressed tendons
yield, which conforms to the ideal sequence of limit state
for the SC-CBF structure. The bearing capacity of the
structure reduces when the prestressed tendons yield, and
the bearing capacity of the bracing decreases gradually.
Therefore, the bracing’s axial force decreases with the
increase in the top displacement. In Figures 28(c) and
28(d), the third and fourth story bracings’ forces are
about 1700 kN and 1400 kN, and it has reached the value
of yield now. The pushover results show a significant

11

1500

1000 +

500 -

Base shear (kN)
(=]
T

-500

-1000 |-

-600 -400 -200 0 200 400 600
Top displacement (mm)

-1500

— 1/2A --=- 2A
A -— 3A

FIGURE 29: Hysteresis loop of base shear versus top displacement.

1500
1000 -
g 500 -
=
g 0t
ﬁ
b
& 500 |
-1000
_1500 1 1 1 1 1 1 1
-600 -400 -200 0 200 400 600
Top displacement (mm)
- 1/2A —— 2A
—eo— A ¥ 3A

Ficure 30: Skeleton curve.

decline tendency, which is different from the decline of
bracing’s axial force in Figures 28(a) and 28(b). At the
yield of the third and fourth story bracings, the pre-
stressing force of the prestressed tendon also decreases
gradually, leading to the sequence changes in the limit
state of the SC-CBF structure, and the members yield
after the column base decompresses and uplifts, which
cannot meet the requirements of the performance-based
design method.

4.2.2. Low-Cycle Repeated Loading Analysis. To explore the
seismic and energy dissipating performance of the SC-CBF
structure with different cross-sectional areas of prestressed
tendon, the low-cycle repeated loading analysis was carried
out in this section. Figures 29 and 30 are the hysteresis loop
of the base shear versus top displacement and its skeleton
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curve for four different tendon’s cross-sectional areas,
respectively.

The prestressed tendons would provide the restoring
force for the structure, and it does not change with the
difference in tendons’ cross-sectional areas. The hysteresis
loop presents a flag shape, and the envelope area of the loop
increases along with the increase in the tendons’ cross-
sectional areas, indicating that the ability of energy dissi-
pation is significantly affected by the cross-sectional areas.
However, the structure has a large residual drift when the
cross-sectional area is 3A in case of the yielding of the
bracings. The bracing’s yield induces the improvement in the
energy dissipation, but the members undergo an unrecov-
erable plastic deformation after unloading. Figure 30 shows
that the structure’s base shear increases with the increasing
areas of tendons, and the displacement increases during the
column decompression. Moreover, the decline of base shear
becomes more obvious just as the base shear reaches the
peak value, and the structure stiffness decreases greatly
during reloading and unloading. Especially, when the cross-
sectional area is 3A, the stiffness decreases most significantly.

5. Conclusion

In this paper, through the OpenSees program, the me-
chanical and seismic performances are researched for the
SC-CBF and CBF structures by the static elastoplastic
analysis, low-cycle repeated loading analysis, and elasto-
plastic time-history analysis. Some conclusions can be
drawn from the results of this investigation:

(1) Pushover analysis results of the SC-CBF structure
verify its mechanical properties and four-stage limit
states. SC-CBF structure has a stronger lateral re-
sistance capacity, a small base shear, and a good
displacement ductility under earthquake action,
compared with the CBF structure, which can ensure
the structure safety effectively.

(2) The hysteresis loop of the SC-CBF structure presents
a flag shape with a prominent self-centering per-
formance. The residual drift of the structure is small,
and the prestress loss is small when the prestressed
tendon is unloaded before yielding. However, the
CBF structure hysteresis loop is full of “Shuttle,”
displaying a good energy dissipation, but the residual
drift is large when unloading, and the stiffness
degradation phenomenon is obvious.

(3) Under the rare and extremely rare earthquakes,
the SC-CBF structure experiences a larger
drift response, the maximum interstory drift is
about 2-3 times than that of CBF structure,
but the residual drift when unloading is just 1/
10 of CBF structure according to the elastoplastic
time-history analysis result, which fully reflects its
good ductility and self-centering performance.

(4) When the stiffness of GAP decreases by 1/2 and 3/4,

the top displacement increases for 12.5% and 30%,
and the structural lateral drift increases meanwhile.
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With the decrease in GAP stiffness, the initial stress
of prestressed tendon decreases, but the yield dis-
placement of prestressed tendon increases.

(5) The base shear and the axial force of the pre-
stressed tendon increase with the increase in the
sectional areas of the prestressed tendons, the
hysteresis loop becomes full, and the energy
dissipation capacity is increased with the change
in areas. When the increment of the cross-sec-
tional areas arrives to a certain extent, the failure
mechanism of the SC-CBF structure would
change, which is because the prestressed tendons
have not yet yielded when the components yield,
so the overall performance of the structure must
be considered when designing the prestressed
tendons for the structure.
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A tunnel passing below a metro station is taken as the object of our study, and a two-dimensional plane model is established to
study the effects of their dynamic interaction to seismic excitation. Comparative analysis is used to obtain the influence law
between the underground structures and on the soil. The results show that (1) the influence of the underground structure on the
soil response is related to structure depth. The range of influence of the station structure on the surface is approximately five times
the width of the station, and the surface response is obviously significant within this range. (2) The existence of the tunnel is
conducive to reducing the acceleration of the column in the station. It increases the displacement difference between the stations,
but the impact on the internal force of the station is not significant. (3) The influence of the station on the dynamic response of the
tunnel is consistent with regard to tunnel acceleration, difference in displacement between the top and bottom of the tunnel, and

internal force. The presence of the station will reduce the dynamic response of the tunnel.

1. Introduction

With increased development and utilization of urban under-
ground space and the expansion and transformation of existing
underground structures, underground engineering structures
inevitably appear to pass each other at close distances, and
cross-shaped and X-shaped traverse have emerged. As un-
derground structures play an important role in the daily op-
eration of the city, it is very critical to study the seismic
performance of closed underground tunneling structures.
Because an underground structure is buried in the soil, it is
bound by the surrounding soil during an earthquake. The
earthquake resistance mechanism of an underground structure
is inevitably different from that of a surface structure: the
seismic response of the surface structure is mainly controlled by
the inertial force, whereas that of the underground structure is
affected by the surrounding soil and mainly controlled by soil
deformation. It is generally believed that the seismic perfor-
mance of underground structures is superior to that of surface

structures; therefore, the seismic problems of underground
structures are often ignored. However, numerous underground
structures have been seriously damaged in a series of large
earthquakes around the world in the recent years. For example,
the destruction of subway stations and tunnels caused by the
Hanshin earthquake and Wenchuan earthquake indicates that
underground structures are not absolutely safe, and their
seismic performance needs to be studied [1-3].

Presently, there are many research studies on seismic
resistance of underground structures, which have yielded
constructive results. In terms of theoretical research, Lee and
Trifunac [4] studied the dynamic response of tunnels during
the early stage of an earthquake. The analytical solution of
the tunnel dynamic response during an earthquake was
derived through theoretical analysis and reasonable as-
sumptions. In addition, the effects of soil-structure stiffness
and tunnel depth on the dynamic response of the tunnel
were analyzed. Bourouaiah et al. [5] revealed that soil
properties have a great impact on soil-structure interactions,
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and the behavior at the interface between the soil and the
structure depends directly on the soil properties, but the
horizontal and vertical directions are affected differently. In
terms of numerical simulation, Anastasopoulos et al. [6]
simulated the immersed tunnel segment joints with non-
linear superelastic elements and studied the seismic response
law of multisegment long-span tunnels under nonuniform
seismic excitation. The analysis considered that the tunnel
joint can effectively “absorb” a part of the deformation, and
increasing the thickness of the joint gasket or reducing the
length of the joint makes the structure more resistant to
earthquakes. Pitilakis and Tsinidis [7] and Pitilakis et al. [8]
analyzed the deformation behavior of rectangular under-
ground structures during nonuniform earthquakes and
pointed out that the special characteristics of underground
structures make their seismic performance different from
that of aboveground structures. Maugeri et al. [9] studied the
performance of the shallow tunnel lining under seismic
loading through numerical simulation and metaheuristic
techniques. The results showed that genetic algorithm can be
used to evaluate the safety performance of the tunnel lining.
Wen et al. [10] studied the plastic failure behavior of tunnels,
and the results showed that the plastic failure of the upper
cross section of the tunnel was more serious than that of the
lower part. Presently, there are numerous research results on
the lateral response of structures, and the longitudinal re-
sponse of the structure is gradually receiving attention. Park
et al. [11] performed pseudostatic three-dimensional finite
element analysis of tunnel structures under the action of
spatially varied ground motion. It was pointed out that the
spatial ground motion will cause the tunnel to bend lon-
gitudinally and increase the longitudinal axial force of the
tunnel. Chen et al. [12] carried out a model shaking table test
of the tunnel structure. It was considered that the dynamic
response of the tunnel structure under nonuniform seismic
excitation was greater than that under uniform seismic
excitation. Therefore, the spatial effect of seismic excitation
should be considered in the tunnel design. A related test by
Cilingir and Gopal Madabhushi [13, 14] found that the
ground motion response of the tunnel structure depends on
the peak acceleration of the seismic excitation, and the
change in the buried depth does not affect the tunnel de-
formation mode; it mainly affects the tunnel acceleration
and internal force. Moghadam and Baziar [15] studied the
mode of influence of the tunnel on the ground dynamic
response during an earthquake by using a combination of
the shaking table test and numerical simulation. Hashash
et al. [16] reviewed the current state of seismic analysis and
design of underground structures, introduced the quanti-
tative methods used by engineers to assess the seismic action
on underground structures, and expounded the determin-
istic and probabilistic methods for seismic hazard analysis.
Numerical analysis tools such as the finite element method
or finite difference method are used to analyze the dynamic
soil-structure interactions. The effects of the relative struc-
tural flexibility of soil on the structural deformation and
other properties have been studied, and calculation methods
have been proposed. Abate and Massimino [17] studied the
effects of the tunnel depth, aboveground structure position,
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and input seismic waveform on the dynamic interaction of
the tunnel-soil-ground structure system based on an actual
case in Italy. The system was fully coupled and analyzed.
Thirty different recorded accelerations were analyzed based
on the time domain, frequency domain, seismic bending
moment, and axial force on the tunnel lining.

Most of the existing related researches are directed to a
single simple structure, such as a rectangular subway station
or circle tunnel, and the influencing factors (seismic exci-
tation amplitude and type, structural depth, structure size,
and form) are relatively simple. There is a lack of research on
multiple structural systems, such as tunnels crossing each
other, subway stations crossing each other, and tunnels
crossing subway stations from below or above. In addition,
their interactions have not been sufficiently explored, and it
is difficult to draw a systematic general law. The purpose of
this paper is to establish a two-dimensional model to study
the influence of different positional relationships between
structures on the dynamic response of the structures in a
traversing system and draw some general conclusions.

2. Calculation Models

There are many engineering cases of tunnels passing through
subway stations in China. In order to reflect the generality,
the research object of this article is not a specific engineering
case, but an abstract general model from actual projects,
which can obtain a general research result.

2.1. Calculation Range and Boundary Conditions. This paper
studies the seismic response of tunnels running underneath
a metro station structure. Because the tunnel and station
structure are not changed along the longitudinal section, the
problem can be simplified to a plane problem under the
action of seismic waves perpendicular to the longitudinal
direction of the tunnel and the metro station. Therefore, this
paper establishes a two-dimensional plane model, and the
calculation software used is ABAQUS.

The subway station is a two-story and two-span frame
structure with a cross-sectional dimension of 24 m x 14 m,
side wall width of 0.8 m, center pillar width of 0.6 m, top
plate and bottom plates are both of 0.9 m, and a middle floor
slab thickness of 0.4 m. The outer diameter of the tunnel is
6 m, inner diameter is 5.3 m, thickness of the lining is 0.35 m,
and the distance between the centers of the two tunnels is
considered as 0.5D, D, 2D, and 3D (D is tunnel diameter).
The tunnel depth is 17.5m or 26m, corresponding to
shallow buried tunnels and deep buried tunnels, respec-
tively. Based on existing research results [18], the width of
the calculation model is 7 times the width of the station
(three times the width of each station on the left and right
sides), that is, 168 m, and the depth is 50 m to the bedrock
surface.

The established station and tunnel models are shown in
Figure 1. The finite element model includes a free-field
model, spatially varying ground motion soil-station model,
soil-double hole tunnel model, and soil-tunnel-station
model, as shown in Figure 2.
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FIGURE 1: Underground structure model. (a) Station structure. (b) Tunnel structure.
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FiGURrE 2: Finite element model. (a) Free-field model. (b) Soil-station model. (¢) Soil-tunnel model. (d) Soil-tunnel-station model.

The size requirement of the grid unit is L <1/10 =v/10f,
where A is the shortest wavelength, v is the equivalent shear
wave velocity of the soil, and f is the maximum frequency
within the range of the ground motion energy to be con-
sidered. According to the soil material parameters, the
equivalent shear wave velocity of the soil is approximately
220 m/s, and the ground motion energy is mainly concen-
trated within 10Hz. Considering f=10Hz, we obtain
L <2.2m. Therefore, the size of the grid unit is 1 m.

Because the modal analysis is performed first, the vi-
bration characteristics of the system are determined, and
then, the transient analysis is performed. The boundary
conditions of the modal analysis are as follows: the bottom of
the model is set as the fixed boundary, the side is set to the
vertical displacement constraint (i.e., the lateral slip
boundary), and the top is free. In the transient analysis, in
order to input the horizontal transverse seismic wave at the
bottom of the model, the horizontal constraint of the bottom
of the model is removed; the other aspects of the analysis are
the same as in the modal analysis.

2.2. Constitutive Model. In this paper, the equivalent linear
model, called the Davidenkov model, is used to consider the
nonlinear characteristics of soil. Chazelas et al. [19] realized
the secondary development of this model based on ABA-
QUS. The Davidenkov model can be described as

A
Ga _ _[ (Vd/Vr)ZB ]
Ginax L+ (yaly,)™”

A [1-6G,
Ao | G ’

where A and B are fitting constants; v, is the reference shear
strain; y4 is the instantaneous dynamic shear strain; Gy and A
are the instantaneous dynamic shear modulus and damping
ratio; and G, and A, are the maximum dynamic shear
modulus and maximum damping ratio. When A =1, B=0.5,
the Davidenkov model degenerates into the common
Hardin-Drnevich model. Based on the existing dynamic test
data of soil, different types of soils are selected with different
A and B values, and the initial damping ratio is 0.003.

The soil body adopts the solid element, and the unit type
is CPE4R [20]. Because the equivalent nonlinear Davi-
denkov model is employed, the damping characteristics are
considered in the model. The tunnel structure and station
structure adopt the beam unit of unit type B21 [20], and the
tunnel and the station adopt the elastic model. The calcu-
lation parameters of each material are shown in Table 1. The
soil and station and the soil and tunnel are in tie contact, that
is, the relative displacement of the contact interface is not
considered.

1
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TaBLE 1: Calculation parameters of each material.

Material Density (kg/m3) Elastic modulus (MPa) Poisson’s ratio

Soft soil (0-40 m) 1800 208 0.45

Hard soil (40-50 m) 2000 917 0.3

Concrete (station and tunnel) 2500 3.5x10* 0.2

2.3. Input Seismic Wave. The famous El-Centro wave is
selected firstly in the paper, and the amplitude of the input
seismic wave was adjusted to 0.1g (g is the gravitational
acceleration) according to Chinese Code. Then, in order to
compare the seismic response of the tunnel-soil-station
system under different seismic excitations, Kobe wave is
selected for comparison, whose time history and spectrum
curves are shown in Figure 3.

The calculation uses the display algorithm; the step time
of the calculation is taken as 0.002 s, and the calculation time
is taken uniformly as 30s.

3. Calculation Conditions

3.1. Test Conditions. El-Centro wave (near-field wave)
ground motion is selected in the seismic response analysis.
The acceleration time-history curve of the seismic wave and
its Fourier spectrum curve are shown in Figure 3. The
seismic response law of the structural system under the
action of seismic waves is analyzed. The specific working
conditions are shown in Table 2. There are 18 working
conditions. In Tables 2, S represents the net spacing between
the two tunnels, and H represents the net distance between
the top of the tunnel and the bottom of the station.

3.2. Test Points Program of Models. To monitor the seismic
response of the soil and structure, the measuring points are
arranged at equal intervals on the surface and in the depth
direction of the soil, and the acceleration, velocity, and
displacement response of the soil and structure are mainly
monitored. The specific arrangement of the test points is
shown in Figure 4. Due to the symmetrical structure, the
surface test points are only on the semistructure and are
arranged as one point every 4m; the arrangement in the
depth direction is one point every 2m. The station mea-
surement point is on the middle column, and the tunnel
measurement points are at the top and bottom.

4. Verification of Numerical Analysis

In order to ensure the accuracy of the numerical simulation,
this section verifies the tunnel shaking table test in reference
[15].

4.1. Verification of Modal Analysis. In order to verify the
calculation model thoroughly, two models are both used in
the paper. According to the actual size of the model box in
reference [15], a Imx1.6m model is established
(Figure 5(a)), and a prototype with a size of 160 m x 32 m is

established according to the similarity relationship
(Figure 5(b)). The calculation model is established as dis-
cussed in Section 2, and the soil parameters are obtained
according to the values in the reference. The first-order
frequencies of the model and the prototype are 36.948 Hz
and 2.748 Hz, respectively. This shows a good agreement
with the theoretical calculations of 37 Hz and 2.74 Hz; the
relative errors are 0.14% and 0.29%, respectively, indicating
the correctness of the modal analysis process.

4.2. Verification of Dynamic Analysis. Because the input
seismic excitation selected in the shaking table test in the
literature cannot be obtained, the classical El-Centro wave is
used to verify the relationship diagram shown in Figure 21
(Figure 6(a) in this paper) in reference [15]. A free-field
model (FF model) and a model containing an underground
tunnel (SF model) are established, and the amplification
factor at Vs=100m/s is obtained, as shown in Figure 6(b).

It can be seen from Figure 6 that the simulation results in
this paper are similar to those in reference [15]. When the
dimensionless distance X/a =0, the amplification factor is
the smallest; when X/a =3 (or 2), the amplification factor is
the largest; and when X/a > 6, the amplification factor tends
to 1. Despite the influence of different factors such as input
seismic waves, the calculation results in this paper and the
experimental data in [15] show only a slight difference in
amplitude. They maintain a good agreement on the regular
trend, and the differences are within the acceptable error
range. Therefore, the dynamic analysis model and the
method followed in this paper can be considered reasonable
and feasible and can be used for subsequent parameter
analysis.

5. Analysis of Calculation Results

5.1. Modal Analysis. The modal analysis of the established
model is carried out to determine the vibration frequency
characteristics of each working condition. The first 3 fre-
quencies of the free field, soil-station model, soil-shallow
buried tunnel model, and the corresponding soil-station-
shallow buried tunnel model are shown in Table 3.

It can be seen from the Table 3 that (1) f=1.1Hz is
calculated based on the theoretical formula f= V/4H for the
self-vibration characteristics of the free-field soil. It is closer
to the frequency of the model in the table, indicating the
correctness of the model. (2) The fundamental frequencies of
the working conditions are similar, and the underground
structure has no significant influence on the dynamic
characteristics of the system. Its influence is considered
negligible from the engineering point of view.
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FIGURe 3: Time history and spectrum curves of El-Centro wave and Kobe wave. (a) Time history curve of El-Centro wave. (b) Frequency
curve of El-Centro wave. (c) Time history curve of Kobe wave. (d) Frequency curve of Kobe wave.

TaBLE 2: Calculation conditions.

Set Model type Parameters (m) Input motion
SS1 Soil-station Buried depth is 3
ST2 §=3
ST3 . . S=6
ST4 Buried depth is 17.5 S=12
ST5 . §=18
ST6 Soil-tunnel S_3
ST7 . . S=6
T8 Buried depth is 26 S=12
ST9 Iffi (1)85 El-Centro wave and its amplitude are adjusted to 0.1 g.
STS10 STS11 §=3 o
H=9
STS12 STS13 S=6 Ho0s
Soil-tunnel-station o —_O 5
STS14 STS15 S=12 H=9
H=05
STS16 STS17 S§=18 H=9

FF18
FF19
SS20

Free-field
Free-field
Soil-station

Buried depth is 3

Kobe wave (0.1 g)
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FIGURE 4: Arrangement of test points (unit: m). (a) Free-field model. (b) Soil-station model. (c) Soil-tunnel model. (d) Soil-tunnel-station

model.

5.2. Soil Response Analysis

5.2.1. Acceleration Analysis of the Midpoint of the Surface.
Figure 7 shows the acceleration-time history diagram of the
midpoint of the surface of the free field under the action of
0.1 g El-Centro wave. The magnitudes of the acceleration at
the midpoint of the ground are listed in Table 4 and
compared with those of the free field. To facilitate

quantitative analysis, the influence coefficient of the un-
derground structure on soil is defined as

(Acs — A0)

R, =
1 A()

, (2)

where Ag represents the positive acceleration amplitude of
the center of the free-field table, and Acs represents the
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FiGure 6: Comparison of simulation results. (a) Results in Reference [15]. (b) Simulation results of this paper.

TaBLE 3: First three orders of natural frequency under different conditions (unit: Hz).

Set First order Second order Third order
SS1 1.203 1.723 2.256
ST2 1.184 1.618 2.216
STS10 1.204 1.723 2.266
FF18 1.187 1.566 2.148
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Figure 7: Comparison of simulation results.
TaBLE 4: Surface midpoint acceleration under different conditions.
Set S (m) Acceleration amplitude (m/s?) Ry (%)
FF18 0.925
SS1 1.174 26.918
ST2 3 0.925 0
ST3 6 0.933 0.864
ST4 12 0.913 -1.29
ST5 18 0.929 0.432
ST6 3 0.927 0.216
ST7 6 0.926 0.108
ST8 12 0.924 -0.108
ST9 18 0.924 —-0.108
STS10 3 1.170 26.486
STS12 6 1.167 26.162
STS14 12 1.163 25.729
STS16 18 1.157 25.081
STS11 3 1.157 25.081
STS13 6 1.158 25.189
STS15 12 1.162 25.622
STS17 18 1.160 25.405

positive acceleration amplitude of the center of the surface
when the underground structure exists.

It can be seen from the Table 4 that the station structure
has small buried depth and large cross-sectional size, which
have a great influence on the surface acceleration. The
station structure significantly increases the acceleration of
the surface center, and the impact amplitude is approxi-
mately 25%. However, owing to the large depth and small
size of the tunnel, the impact on the surface acceleration is
small, which can be neglected.

5.2.2. Influence of Underground Structure on Soil Response.
Taking the deep buried tunnel as an example, the effects of
the underground structure on the surface acceleration re-
sponse and soil displacement along the depth of the soil are
explored. The surface acceleration amplitude curves of the
four systems (Figure 8) and the soil displacement map in the
depth direction (Figure 9) are presented.

It can be seen from the figure that the degree of influence
of the station on the ground surface acceleration is greater
than that of the tunnel; the influence of the station on the
surface acceleration is approximately five times the station
width (60 m on both sides of the center of the earth’s sur-
face). In this range, the surface acceleration is obviously
larger than the free field, and the surface acceleration outside
this range is different much to free field. Based on the
displacement of the soil in the depth direction, the existence
of the underground structure is beneficial in reducing the
lateral displacement of the soil, and the influence of the
station structure is greater than the influence of the tunnel
structure. The influence of the station structure plays a major
role when the station and the tunnel exist simultaneously.

5.2.3. Influence of the Seismic Wave Type. The soil and
structural responses may be different for different types of
seismic waves. The soil response is taken as an example to
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FIGURE 8: Surface acceleration amplitude under El-Centro wave.
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F1GURE 9: Soil displacement in the depth direction under El-Centro
wave.

analyze the effects of different types of seismic waves and the
surface acceleration of the free field, and the soil-station
model (Figure 10) and soil displacement map are obtained in
the depth direction (Figure 11) under different seismic waves.
It can be seen from the figure that the influence law and
degree of influence of different seismic waves on the soil
response are different. Based on the surface acceleration
response and soil displacement response, the influence of the
El-Centro wave is larger than that of the Kobe wave.
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Figure 10: Surface acceleration under different seismic waves.

5.3. Analysis of the Influence of Tunnel on Station Response.
This section compares the different aspects of the seismic
response of the station with and without tunnels. To facilitate
the analysis of the problem, the influence coefficient of the
tunnel on the station is defined as

CCS - CC

R, =
2 CC

(3)
where Cc represents the response of the station in the earth-
station system, and Ccg represents the response of the
station in the earth-tunnel-station system.

5.3.1. Acceleration Analysis of the Top of the Middle Column
of the Station. In order to explore the influence of the ac-
celeration response at the top of the column in the station
with the tunnel passing underneath, the acceleration re-
sponse of the station center column is given for the case
when only the station structure is present (Figure 12). Ta-
ble 5 lists the acceleration amplitudes for the station
structures with and without the tunnel.

It can be seen from the Table 5 that the existence of the
tunnel can reduce the acceleration of the column in the
station by approximately 10%. Generally, the influence of the
net spacing between the tunnels is not obvious. The greater
the distance between the tunnel and the station, the smaller
the acceleration of the column in the station.

5.3.2. Analysis of the Displacement Angle between Floors of
the Station. There are three measuring points on the column
in the station, which are located at the top, middle, and
bottom of the column. The displacement response of these
points can provide the difference in the interlayer dis-
placement between the upper and lower layers and the
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F1GURE 11: Displacement of soil in depth direction under different
seismic waves.

displacement angle between the layers. The time-history
map of the displacement angle between the stations is shown
in Figure 13 when only the station structure is present. The
maximum displacement angle between the stations in other
systems is given in Table 6.

It can be seen from the graph that the interlayer dis-
placement angle of the lower layer of the station structure is
large; the existence of the tunnel structure increases the
interlayer displacement angle of the station structure. The
smaller the spacing between the tunnel and the station and
the smaller the spacing between the tunnels, the greater the
increase in the displacement angle between the stations.
When the distance between the tunnel and the station is
large, the change in the net spacing between the tunnels will
not cause a large change in the displacement angle between
the stations.

5.3.3. Internal Force Analysis of the Station. By observing the
bending moment cloud diagram of the station structure, it is
found that the maximum bending moment always appears at
the corner of the station at 2.180s. The bending moment
cloud at 2.18 s is shown in Figure 14. The maximum values
(absolute value) of the bending moment of the left corner of
the station for other conditions are listed in Table 7.

It can be seen from the graph that the bending moment
at the corner of the station structure is large and stress
concentration can easily occur. When the distance between
the tunnel and the station is small, the existence of the tunnel
increases the bending moment of the station, but the overall
impact is not significant.
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FIGURE 12: Acceleration at the top of the station.

TaBLE 5: Acceleration at the top of the interior column.

Set S (m) Acceleration amplitude (m/s%) R, (%)
SS1 1.345

STS10 3 1.207 -10.260
STS12 6 1.204 —10.483
STS14 12 1.201 -10.706
STS16 18 1.201 —-10.706
STS11 3 1.198 —-10.929
STS13 6 1.199 —10.855
STS15 12 1.200 —-10.781

5.4. Analysis of the Influence of the Station on Tunnel Response.
This section analyzes the response of the tunnel and dis-
cusses the impact of the station on the dynamic response of
the tunnel. To facilitate the analysis of the problem, the
influence coefficient of the station on the tunnel is defined as

Scs = Ss
Ry=—=5— (4)
s
where Sg represents the response of the tunnel in the soil-
tunnel system and Scs represents the response of the tunnel
in the corresponding soil-tunnel-station system.

5.4.1. Analysis of Acceleration at the Top of the Tunnel.
Taking the soil-shallow buried tunnel with a tunnel spacing
of 3m as an example, the acceleration diagram of the top of
the tunnel is shown in Figure 15. The maximum accelera-
tions of the top of the tunnel under other conditions are
shown in Table 8.

It can be seen from the chart that stations influence
shallow buried tunnels and deep buried tunnels differ-
ently. In the case of a shallow buried tunnel (distance
between the shallow buried tunnel and station is 0.5 m),
the presence of a station slightly enlarges the acceleration
of the tunnel top. The amplification is between 2% and 4%;
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TaBLE 6: Interlayer displacement angle of station structure for various conditions.

11

Set S (m) Maximum displacement angle R, (%)
e m

Upper layer Lower layer Upper layer Lower layer
SS1 1/1041 1/739
STS10 3 1/1013 1/712 2.813 3.769
STS12 6 1/1013 1/716 2.813 3.178
STS14 12 1/1015 1/714 2.604 3.474
STS16 18 1/1016 1/718 2.500 2.882
STS11 3 1/1026 1/733 1.458 0.813
STS13 6 1/1026 1/733 1.458 0.813
STS15 12 1/1026 1/731 1.458 1.034
STS17 18 1/1026 1/731 1.458 1.034
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FIGURE 14: Bending moment cloud diagram of the station structure.
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TaBLE 7: Maximum bending moment at the corner of the station.
Set S (m) Maximum bending moment (N-m) R, (%)
SS1 637063
STS10 3 655808 2.942
STS12 6 648061 1.726
STS14 12 647094 1.575
STS16 18 641156 0.642
STS11 3 638948 0.296
STS13 6 636342 -0.113
STS15 12 634166 —-0.455
STS17 18 634791 -0.356
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FIGURE 15: Acceleration at the top of the tunnel.
TaBLE 8: Acceleration at the top of the tunnel under different conditions.
Set S (m) Acceleration (m/s?) R; (%)
ST2 0.961
STS10 3 0.979 1873
ST3 0.984
STS12 6 1.004 2033
ST4 1.002
STS14 12 1.026 2395
ST5 0.998
STS16 18 1.037 3.908
STe 1.217
STS11 ? 1115 8381
ST7 1.232
STS13 6 1.144 ~8.81
ST8 1.257
STS15 12 1.182 743
ST9 1.264
STS17 18 1.189 —>93

the larger the net spacing between the tunnels, the more
obvious the amplification effect. In the case of a deep
buried tunnel, the presence of the station weakens the

acceleration response at the top of the tunnel by 5%-9%;
the degree of attenuation decreases as the spacing between

the tunnels increases.
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FiGUure 16: Relative displacement between the top and bottom of the tunnel.

TaBLE 9: Displacement difference between the top and bottom of the tunnel under various conditions.

Set S (m) Relative displacement (mm) R; (%)
ST2 8.925
o 3 608 —14.756
ST3 9.135
STS12 6 8161 ~10.662
ST4 9.271
STS14 12 5163 -8.715
ST5 9.347
-y 18 5962 -4.119
ST6 11.367
STS11 3 8.353 ~26.515
ST7 11.532
- 6 8654 -24.957
ST8 11.602
o 12 9277 —20.067
ST9 11.753
. 18 9796 —16.651
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(Avg: 100%)
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FIGURE 17: Bending moment cloud diagram of the tunnel structure.
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TaBLE 10: Maximum bending moment of the tunnel structure
under various conditions.

Set S (m) Maximum bending moment (N-m)  R; (%)
st 217 528

stz 116074 L83s

st 12 01214 11753
stsig 18 105566 973
ggu 3 ﬁ;gié 1588
stsi 6 123486 13706
stis 12 123317 10364
sty 18 125090 Lo

5.4.2. Analysis of the Displacement Difference between the
Top and Bottom of the Tunnel. Taking the soil-shallow
buried tunnel with a tunnel spacing of 3 m as an example, the
displacement difference between the top and bottom of the
tunnel is shown in Figure 16. The maximum displacement
differences between the top and bottom of the tunnel for
various conditions are shown in Table 9.

It can be seen from the chart that the station reduces
the difference in the horizontal displacement between the
top and bottom of the tunnel, and the degree of atten-
uation decreases with an increase in the spacing between
the tunnels. However, the impact amplitudes of the
shallow tunnel and deep tunnel are different. The at-
tenuation for the shallow tunnel is 4%-15%, whereas that
for the deep tunnel is 16%-27%.

5.4.3. Internal Force Analysis of the Tunnel. By observing the
bending moment cloud diagram of the tunnel structure, it is
found that the maximum bending moment appears in the 45
direction of the tunnel structure. The bending moment cloud
diagram of the tunnel structure in the soil-shallow buried
tunnel system (when the tunnel spacing is 3m) is shown in
Figure 17. The maximum value of the bending moment of the
working tunnel structure is shown in Table 10.

It can be seen from the graph that the maximum bending
moment of the tunnel structure appears in the 45° direction
of the tunnel section. The larger the spacing between the
tunnels, the larger the bending moment on the tunnel; the
influence of the station structure on the tunnel bending
moment is inconsistent. In general, the presence of a station
can reduce the bending moment of the tunnel structure.

6. Conclusions

In this paper, a two-hole tunnel underpass station model was
established. The ABAQUS finite element software was used to
analyze the seismic response. The seismic response law of the
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cross-underground structure was discussed. The following
rules were obtained from the calculation and analysis:

(1) Influence of the underground structure on the dy-
namic response of soil: the station structure has a
great impact whereas the tunnel structure has less
impact on the surface response. The range within
which the station structure has a great impact on the
surface response is five times the width of the station.
Within this range, the surface acceleration response
increases significantly, whereas the influence outside
this range is small. The tunnel has a large buried
depth, and its influence on the surface response is
basically negligible. The station depth is small be-
cause of which it has a great influence on the surface
response. When the station and the tunnel structure
exist simultaneously, the influence of the station
structure plays a major role. Overall, the presence of
underground structures reduces the horizontal dis-
placement of the soil.

(2) Impact of the tunnel on the dynamic response of the
station: the existence of the tunnel can reduce the
acceleration of the column in the station by ap-
proximately 10%; the impact of the net spacing
between the tunnels is not obvious. When the dis-
tance between the tunnel and the station is large, the
acceleration of the column in the station is greatly
weakened. The existence of the tunnel structure
increases the interlayer displacement angle of the
station structure; the smaller the distance between
the tunnel and the station and the smaller the
spacing between the tunnels, the greater the increase
in the displacement between the stations. The impact
of the tunnel on the internal force response of the
station is not significant.

(3) Impact of the station on the dynamic response of
the tunnel: the station influences the acceleration
of the shallow buried tunnel and the deep buried
tunnel differently. In the case of the shallow
buried tunnel, the existence of the station slightly
amplifies the acceleration response at the top of
the tunnel. In the case of the deep buried tunnel,
the presence of the station weakens the acceler-
ation response at the top of the tunnel. As the
spacing between the tunnels increases, the degree
of attenuation decreases. The presence of the
station reduces the difference in displacement
between the top and bottom of the tunnel, and
with an increase in the spacing between the
tunnels, the degree of attenuation decreases. The
presence of the station is conducive to reducing
the internal force of the tunnel.

At present, the research on seismic resistance of
complex underground structure is limited, and the re-
lated research still needs further improvement. Under-
ground structures tend to be large in size and traverse
different strata. Moreover, they do not exist indepen-
dently and have a complex environment. Therefore, it is



Shock and Vibration

necessary to consider more influencing factors, such as
structural characteristics, changes in soil parameters,
seismic excitation characteristics, spatial effects of
ground motion effects, and aboveground buildings.
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