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Flowing sand is a special surrounding rock encountered by tunnel construction. Due to the looseness and low viscosity of the
flowing sand, after excavation, the sand body is easy to flow along the open surface. In addition, the water seepage also causes
tunnel instability. Considering the characteristics of water seepage, how to improve the stability of flowing sand bodies and
prevent the instability of surrounding rocks has become a difficult problem. In this paper, a parametric experiment on the
surrounding rock taken from the project site was carried out, and then, a numerical simulation of the flowing sand body was
conducted to study the precipitation construction method and stability of the flowing sand body. Other than that, the tunnel
face vacuum dewatering, vertical vacuum dewatering at the top of the tunnel, and the vacuum dewatering technology of the
gravity well in poor geological section were systematically analyzed in our research. A radial vacuum enclosed precipitation
process for the face of the tunnel was proposed, which effectively solved the problem concerning continuous seepage of water
in the front. Through numerical simulation and field experiments, the basis for determining the precipitation parameters of the
tunnel face was obtained, while aiming at the top position of the tunnel, a vertical vacuum negative pressure precipitation
method of intercepting the top seepage water and the water supply behind the top of the tunnel was proposed. For the bottom
of the tunnel, setting gravity wells on the side walls for the purpose of preventing seepage at the bottom was put forward. The
application of these methods in the project ensured the safety of construction and improved the construction schedule. After
the completion of the dewatering construction, the method of inserting plywood into the small pipe was adopted to avoid the
collapse of the dry sand. Then, to solve the problem of borehole collapse in flowing sand bodies, pipe feeding was introduced,
thus further enhancing the precipitation effect. Furthermore, in view of the problem that the dewatering hole in the flowing
sand body is easy to collapse, resulting in the failure of 60% of the dewatering hole and the sand body is extracted from the
dewatering pipe, causing the risk of the cavity at the top of the tunnel, a method of pipe following is presented to avoid the
damage of geotextile caused by directly inserting the dewatering pipe and further improve the dewatering effect. All the above
processes together form an omnidirectional three-dimensional negative pressure precipitation method that considers the
special sand body flow and water seepage of unfavorable geology and that has been proved to enhance the stability of
surrounding rock in practice.

1. Introduction

With the development of society and economy, the tunnel
construction process is gradually accelerating. Quicksand
formation is a type of formation sometimes encountered in
tunnel engineering. It is generally characterized by poor dia-
genesis, and its engineering properties are closer to com-
pacted silt fine sand. During the construction of the tunnel,

the support is prone to crack in dry sand, and the sand will
flow out from the cracks, resulting in a cavity at the top of
the tunnel, thus further causing engineering accidents.
When the water content is large, the mechanical properties
of the quicksand layer deteriorate rapidly under the action
of water. To be specific, the surrounding rock is deformed
and collapsed, and the quicksand is severe, while the stability
is extremely poor. In this condition, the construction is
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extremely difficult, and the risk is extremely high [1–3].
Especially, when the water-rich quicksand stratum has worse
stability, the safety of tunnel construction is threatened.
Therefore, it is necessary to carry out precipitation construc-
tion in the stratum with rich water and quicksand.

Regarding the precipitation construction technology of
water-rich quicksand formations, there are few domestic
and foreign construction cases, and corresponding research
materials are also scarce. However, some scholars have
conducted some research, mainly focusing on the research
of advanced grouting and reinforcement [4, 5], advanced
precipitation, and excavation methods. Wu et al. conducted
research on Xiamen Xiang’an Subsea Tunnel [6]. In order to
ensure a smooth passage through the water-rich sand layer,
underground diaphragm walls and drain relief wells were
used on the surface to control groundwater, and advanced
pregrouting was taken to consolidate sand in the tunnel,
while as for the construction plan of layer combination,
the CRD method of excavation is adopted. Wang et al.
aimed to reduce the risk of water inrush and mud outburst
in the Bieyancao tunnel on the Yiwan railway and adopted
full-face curtain grouting to reinforce the surrounding rock
[7]. Besides, radial reinforcement and grouting were imple-
mented to reinforce the ground. After the construction, the
full-face pregrouting reinforcement measures were applied
to guarantee the construction safety [8]. Moreover, Deng
introduced the differential equation of seepage movement
in the phreatic aquifer, which laid the foundation for the
theory of groundwater steady flow [9]. Beyond that, Deift
et al. proposed the differential equation of unsteady flow
motion in the phreatic aquifer [10], while Mroueh and
Shahrour [11] used the three-dimensional finite element
method to study the influence of the ground loss caused by
tunnel excavation on the existing foundation.

Analytical methods, finite difference methods, boundary
element methods, and finite element methods are main pre-
cipitation calculation methods. In general, the finite element
method not only maintains the advantages of the original
variational method but also has the flexibility of the differ-
ence method, which makes up for the shortcomings of the
classical variational method. Considering that, it is currently
the most effective method for numerical calculations
[12–15]. From the study on well-point precipitation in
1950, Gong et al. [16] put forward the viewpoint of precipi-
tation “funnel.” Shang [17] observed the change of the
vacuum degree in the soft foundation reinforcement project
with the vacuum-heap loading method and then found that
the vacuum degree decreased with the increase of depth. In
addition, Huang [18] studied the stress state, constructed a
mathematical model of foundation stability under vacuum
conditions, and finally proposed the attenuation formula
of vacuum degree under vacuuming, while Liang [19]
researched the water-rich sections of Beijing subway tun-
nels and obtained the control methods of vertical jet
grouting piles and horizontal jet grouting piles in the tun-
nel, which provided a safe construction environment for
tunnel excavation. Besides, Wu et al. [20] analyzed and
summarized the construction of tunnels in the water-rich
sand layer in Hangzhou and concluded that the liquefac-

tion of the water-rich sandy silt layer was solved by the
full-section pregrouting, combined with the auxiliary mea-
sures such as the advanced pipe shed and precipitation
problems with piping. Through the application analysis
and research on the construction method of the rich water
section belonging to Shenzhen subway tunnel, it is con-
cluded that the water-stop curtain, the dewatering well,
the surface chemical grouting, the deep hole grouting in
the cave, and the advanced small pipe grouting in the cave
are the main factors [21]. Here, it should be noted that
auxiliary construction methods can improve the stability
of surrounding rock and ensure construction safety and
quality. Li [22] obtained a small pipe dense grouting,
advanced drainage in the tunnel, and enhanced initial sup-
port strength via the application research on the construc-
tion technology of Shenzhen cross-street tunnel through
the water-rich sand layer to ensure the smooth passage
of the tunnel. Furthermore, Peng et al. [23] analyzed the
groundwater treatment in the water-rich sandy silt section
of Hangzhou Jiefang Road tunnel and found that the light
well point in the tunnel is an effective and economical way
of precipitation. Apart from that, compared with grouting
and blocking water, its cost is reduced to a great extent.

Scholars have gained rich results when concerning
researching precipitation technology in the formation of
water-rich quicksand. Studies have shown that water and
temperature have a certain impact on the physical and
mechanical properties of rocks [24–29]. In engineering exca-
vation and construction, mining method and stratum buried
depth also have an impact on rock mechanical properties.
For example, in coal mining, mining rate and coal seam
occurrence depth are important factors affecting the physical
and mechanical properties and mechanical response of coal
and rock [30, 31]. In addition, under complex geological
environment, freezing thawing and cyclic loading have a sig-
nificant impact on rock fracture [32, 33]. It can be seen that
for the engineering of excavating rock and soil or under-
ground resource reservoir, the stability and safety of sur-
rounding rock are affected by a variety of environmental
and complex human factors. Then, for tunnel engineering,
complex conditions will cause instability risk of surrounding
rock and then form hidden dangers of geological disasters. A
water-rich sand stratum is a kind of extremely unstable geo-
logical area. When considering its stability and safe excava-
tion, how to reduce precipitation and reduce disasters have
a very important impact on the safe implementation of the
project and the stable operation of the tunnel. However,
there are few reports about the precipitation problem in
the large-deformation section in water-rich and soft rock.
Due to the special stratum status of the project, using tradi-
tional methods, the effect is not ideal, and the construction
progress and construction quality are difficult to be effec-
tively solved. Therefore, the vacuum negative pressure pre-
cipitation method is optimized and improved, followed by
good results having been achieved. In this case, a certain
coal-transport railway tunnel is taken as the engineering
background to analyze and discuss the precipitation prob-
lem in the water-rich soft rock section with large deforma-
tion in this paper.
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2. Sample Preparation and the Parameter
Test Experiment

2.1. Sample Preparation. The sampling site is a special
railway tunnel for coal transportation in southwestern
China, which traverses the soft rock of the Tertiary fine
sandstone formation and is featured with loose rock quality
and extremely bad diagenesis. Besides, it belongs to the
extremely soft rock with extremely poor stability and is easy
to soften in contact with water. When the groundwater is
developed or the water content is high, the surrounding rock
softening is obvious. In addition, the sandstone is mostly
silt-like, and water gushing occurs in the base, while the
water is immersed into silt, and the arches and side walls
collapse, and blocks are serious. In this case, sand samples
were collected at different locations in this tunnel.

2.2. The Quicksand Parameter Test Experiment. During the
tunnel construction process, the sand body is very easy to
slide, which brings great risks to the construction. In order
to better guide the construction, corresponding experi-
ments on the physical and chemical properties of sand
are conducted.

2.2.1. Density and Moisture Content Determination. During
the construction process, due to the phenomenon of sand
gushing and sand boiling in some areas, great risks appeared
in the construction. Thus, in order to better guide the
construction, tests were conducted on four different water
gushing sections, mainly on the density and moisture con-
tent of quicksand, as shown in Figure 1.

The results are obtained through experiments, as shown
in Table 1. Through the mastery of these data, theoretical
data is provided for the optimization of the construction
process, and at the same time, a basis is presented for the
selection of construction methods.

2.2.2. Particle Size Analysis. The particle size of dry sand was
tested, as shown in Table 2.

The composition of the sand particle size is not much
different, and the particle size is relatively fine, with more
than 90% less than 0.5mm, which is a poor gradation.
Besides, the cementation is not good and it is easy to col-
lapse. At the same time, the tunnel is medium-coarse sand,
but the mud content is small and about 5% on average.
Moreover, the mud content of sand bodies in domestic and
foreign tunnels was investigated, and most of them were
around 20%, which is one of the reasons why the tunnel con-
struction in this study is extremely difficult.

2.2.3. Surrounding Rock Reinforcement Measures. In order to
study the stability of the dry sand tunnel, a compressibility
experiment was carried out on the dry sand here to deter-
mine the corresponding reinforcement measures, so as to
provide the necessary parameters for the effective mainte-
nance design of the surrounding rock. Apart from that, the
experimental results show that the dry sand possesses a
higher compression rate, and the compression rate corre-
sponds directly to the water content. Therefore, the sand
can easily collapse without taking measures.

2.3. Reinforcement Measures. In this study, due to the low
mud content of the sand body in the project (as shown in
Figure 2(a)), many problems occurred in the construction.
Considering that, a series of measures have been taken in
reinforcement, and curtain grouting has been adopted for
the tunnel face. At the same time, horizontal jet grouting
piles were used to reinforce the periphery of the tunnel face,
and the side walls of the lower steps and the bottom of the
pavement were excavated and supported with jet grouting
piles to strengthen the side walls. At this time, the strength
of the tunnel consolidation construction process has reached
the highest level and cannot be further enhanced, but the
effect is still not apparent. In this case, it can be seen that
the pure reinforcement measures still have large defects for
this project.

In order to improve the surrounding rock and increase
the stability of the sand body, curtain grouting reinforce-
ment, horizontal jet grouting pile reinforcement, and oblique
jet grouting pile reinforcement are adopted. In the curtain
grouting reinforcement, the grouting parameters are changed
on site to adjust the setting time of the grout, but the final
effect is still not ideal, as shown in Figure 2(b). After the
overall grouting, it becomes ring-shaped, layered, and vein-
shaped, and its self-stabilization ability is poor. Due to the
high pressure of the surrounding rock water body, the place
where the grouting is not tight will be the easiest point for
water to flow out, which will eventually lead to instability of
the tunnel face and affect the progress of the project. Besides,
in the construction of horizontal jet grouting piles along the
periphery, it is effective in some parts, but the whole is not
very ideal. To be specific, insufficient occlusion is common,
and it is difficult to operate at the angle of construction and
to ensure the quality of jet grouting piles. Apart from that,
the grouting consolidation strength itself is insufficient.
Affected by water and sand inrush, the water pressure is
large, which makes it easy to break through the water inrush
at the poor local effect and then enlarges the overall effect of
grouting, as shown in Figure 2(c). Furthermore, in the con-
struction concerning of the side wall of the lower step, the
bottom of the paving and the supporting construction with
the inclined side wall jet grouting piles, the side wall jet
grouting piles are well occluded, as displayed in Figure 2(d).
However, the pile-forming distance in each cycle is limited,

Figure 1: Test experiments on the physical properties of quicksand
in the water gushing section of the tunnel.
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generally up to about 6 meters, and during the actual
excavation process, only 2 to 3 meters can be dug, and then
supplementary reinforcement construction of horizontal jet
grouting piles is required.

3. Theoretical Analysis of Precipitation in
Shifting Sand Formation

3.1. Precipitation Numerical Simulation Calculation. FLAC
3D numerical simulation software is commonly employed
in the research of tunnels, mining, and rock and soil instabil-
ity analysis [34–40]. For the water-rich sand layer encoun-
tered during the construction process, FLAC 3D finite
difference software was used to analyze the sand layer

precipitation. Besides, a single downpipe is simulated to
dewater the sand layer under negative pressure conditions
(-0.05MPa, -0.06MPa, -0.07MPa, and -0.08MPa). Thus,
the influence radius of different negative pressure drops
can be obtained, which can provide a theoretical basis for
the arrangement of dewatering holes in engineering con-
struction, whereas the numerical simulation takes the
water-rich sand layer as the research object simplifies the
calculation model and assumes that the sand layer is uni-
formly distributed. The physical and mechanical parameters
of the sand layer are shown in Table 3.

The size of the model is 5m × 2m × 5m, and the precip-
itation hole is set at a position of 2m from the bottom. Other
than that, the precipitation hole adopts a cylindrical grid,

Table 1: Test results of physical properties of quicksand.

Bulk density (kg/m3) Apparent density (kg/m3) Water content before precipitation (%) Water content after precipitation (%)

1546.3 2565.5 19.2 6.4

Table 2: The composition of sand bodies with different particle sizes.

No. D10 (mm) D30 (mm) D50 (mm) D60 (mm) Dav (mm) Nonuniformity coefficient (Cu) Curvature coefficient (Cc)

1# 0.095 0.15 0.19 0.22 0.241 2.32 1.08

2# 0.120 0.18 0.24 0.27 0.274 2.25 1.00

3# 0.086 0.14 0.22 0.27 0.263 3.14 0.84

4# 0.098 0.16 0.19 0.22 0.219 2.24 1.19

(a) Onsite sand body situation (b) Curtain grouting effect

(c) Horizontal jet bite (d) Vertical jet grouting pile on side wall

Figure 2: Construction effect of grouting reinforcement.
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and its periphery is surrounded by a radial grid around
the cylindrical body, while the remaining sand layers are
all rectangular grids. The model is divided into 58149
nodes and 53440 units, and the geometric model is pre-
sented in Figure 3.

In the model, displacement boundary conditions are
selected to define the model, when five surfaces, namely,
the front, rear, left and right sides, and the bottom are
subjected to displacement constraints. Besides, the upper
surface is a free boundary, and the initial stress field is
considered in accordance with the self-weight stress field.
Furthermore, a water level is set on the upper boundary of
the model, and the software automatically generates pore
pressure based on the water level and the porosity of the soil.
Apart from that, we set the leakage boundary condition on
the outer boundary of the precipitation hole and add nega-
tive pressures of -0.05MPa, -0.06MPa, -0.07MPa, and
-0.08MPa to the outer boundary of the precipitation hole
and then calculate. After that, during the calculation process,
we observe and record the distribution of sand pore
pressure, as shown in Figure 4, while the influence radius
of negative pressure precipitation is determined by the dis-
tribution of sand pore pressure, and the calculation results
are seen in Table 4.

The negative pressure precipitation has a greater impact
on the pore pressure of the upper part of the precipitation
hole. Then, a closed elliptical isobaric area with upper and
lower sides will be established near the precipitation hole.
In this area, the precipitation hole has the greatest impact
on the sand body. Leaving this area, the influence of negative
pressure precipitation gradually decreases, while the isobar
formed by precipitation basically coincides with the precipi-
tation funnel curve. According to the calculation results, the
influence radius of different negative pressure precipitations
is obtained, as displayed in Table 4:

As the precipitation pressure continues to increase, the
precipitation radius increases. In the actual construction
process, the size of the precipitation pressure should be
determined according to the onsite hydrogeological condi-
tions. For precipitation in areas with poor stratum stability,
the precipitation pressure should not be too high and should
be determined in conjunction with onsite protective mea-
sures. From Figure 5, in the numerical model, the precipita-
tion displacement is acquired.

During the precipitation process, the sand will flow with
the extraction of water, resulting in an increase in the sand
within the radius of the precipitation hole, while there will
be sand erosion in a certain area above the precipitation
hole. Besides, during the construction process, the support
measures in this area should be strengthened. From
Figures 5(b)–5(d), it can be seen that there is a triangular
strain concentration area within 1m of the influence radius

just above the precipitation hole, and the sand in this area
accepts the lost sand from above. Compared with other
areas, the soil will deform to a great extent, and the density
of sand particles will be relatively increased. Moreover,
affected by the negative pressure of precipitation, the stress
is relatively concentrated within the radius of precipitation,
and the stress outside the radius of precipitation is basically
and evenly distributed, as presented in Figure 5(c). There-
fore, in the actual project, the support measures for the soil
above the dewatering hole should be enhanced. In addition
to that, monitoring equipment should be installed within
2m above the dewatering hole to monitor the deformation
of the soil in real time in order to respond to the danger in
time.

3.2. Theoretical Calculation. The process of precipitation
completion is also that of reducing the water content of the
semicylinder to the water content of the sand body when it
can be excavated. Therefore, the following formula can be
derived:

Q2 −Q1 =
1
2πr

2 q1 − q2ð Þ: ð1Þ

Among them, Q1 represents the normal water inflow
(m3) within the precipitation range of a single downpipe;
Q2 refers to the pumping capacity of a single downpipe
(m3); and q1 denotes the moisture content (%) of the quick-
sand without pumping water, while q2 indicates the water
content (%) after pumping. By further derivation, the

Table 3: Physical and mechanical parameters of sand layer.

Permeability coefficient
(cm/s)

Poisson’s ratio Void ratio
Cohesion
(kPa)

Internal friction angle
(°)

Modulus of elasticity
(MPa)

Density
(kg/m3)

4:47 × 10−3 0.20 0.42 3.0 25.0 20.5 1547

Figure 3: Numerical simulation geometric model.
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calculation formula of the precipitation radius can be
obtained:

r =
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

2 Q2 −Q1ð Þ
π q1 − q2ð Þ

s

: ð2Þ

According to the measurement results of field practice,
the difference between the absolute value Q2 and Q1 of the
pumping water of a single downpipe is calculated, as shown
in Table 5.

Through the monitoring data, the precipitation radius
under different pressures of the specific water inflow is cal-
culated here, and the calculation result of the formula is
brought into it, as shown in Table 6.

By comparing the results obtained from the theoretical
computer field measurement, it is shown that the precipita-
tion radius calculated by the numerical simulation is very
close to that calculated by the theoretical calculation, and
there are only a few errors. Besides, the reasons for these
errors are related to the simplification of the model. There-

fore, the calculation result can be used as a reference for
the layout of downwater pipes in actual construction.

4. Onsite Vacuum Negative Pressure
Precipitation Technology

Through the above experiments and theoretical analysis, the
theoretical values of precipitation water pressure and precip-
itation radius are obtained and are applied in the field to for-
mulate reasonable precipitation parameters. At the same
time, during the application process, it was found that there
was still water leakage at the top and bottom after the con-
struction was completed, which brought certain difficulties
to the construction. Therefore, the measures for omnidirec-
tional precipitation of the tunnel face, the top of the tunnel
and the bottom of the tunnel were optimized and designed.

4.1. Vacuum Negative Pressure Precipitation Technology for
the Face. Vacuum negative pressure precipitation in the cave
sucks the air in the well point pipe, horizontal pipe, and
water storage tank through a vacuum pump to form a
certain degree of vacuum (i.e., negative pressure). The
groundwater outside the pipeline system is pressed into the
well point pipe under the action of the pressure difference
and then to the storage tank through the horizontal pipe.
Besides, it is pumped away. As a result, the water level drops,
the void ratio decreases, the soil is consolidated, and the
operation reaches a dry and wet state. Furthermore, in order
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Figure 4: Different negative pressure precipitation pore pressure cloud map.

Table 4: Different negative pressure precipitation radius.

Negative pressure (MPa) -0.05 -0.06 -0.07 -0.08

Precipitation radius (m) 0.83 1.04 1.15 1.28
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to achieve a better effect of vacuum negative pressure precip-
itation in this section, the length of the precipitation pipe
here is 9m, and that of the precipitation pipe in the actual
precipitation range is 7m. The vacuum precipitation process
of the entire tunnel face is displayed in Figure 6:

The precipitation pressure of this project is generally
-0.06MPa, while the precipitation radius is 1m, and the
mutual influence coefficient is 0.8, so that the most suitable
distance between the precipitation pipes is 0.8m at this time.
Besides, the layout of the downpipe at the tunnel face is
shown in Figure 7.

Each of the downfall pipes is 9m, and they are formed by
welding 1.5m long steel pipes in sections. Besides, the pipe
body is drilled with 8mm holes with the 10 cm spacing in
a plum blossom pattern. Apart from that, no precipitation
drilling is provided for the pipe end of 2m and the pipe head

of 0.5m. After each section of the pipe is drilled, two layers
of geotextile are used to wrap it, and a layer of the 100-
mesh filter screen is wrapped around it. After winding, every
20 cm interval is used to tie tightly. Other than that, the
32mm diameter precipitation steel pipe uses 25 steel pipes
as the joints of each section and is welded and connected.
Furthermore, each downfall pipe is equipped with a special
structure pipe head of 10 cm, and the bottom end of the pipe
head adopts a steel welded crosshead with a diameter of
8mm and is sealed at the bottom. The schematic diagram
of the downwater pipe layout is shown in Figure 8.

When the vacuum negative pressure was employed for
precipitation at the beginning, PVC pipes were used. At
the same time, after drilling the holes, we retreat the drill
and directly stuff the processed and wrapped precipitation
pipes into the holes. Besides, the filter screen layer wrapped
around the downfall pipe has a large friction with the sand
body, which can easily damage the filter screen layer. As a
result, the extracted water contains a large amount of sedi-
ment, causing blockage of the pipe and even the upper sand
body to empty with the precipitation, forming a cavity and
resulting in a large area of landslides. When the PVC pipe
is used for precipitation, the construction will have a great
impact on the precipitation pipe, and it is very likely to cause
damage to the precipitation pipe. Besides, during the con-
struction, the rear water will continue to penetrate into the
face of the tunnel, and it is difficult to guarantee the tunnel-
ling length. Clear water flows out after the pipe is down, as
shown in Figure 9(a).

The process has been improved as follows. After the
drilling is completed, do not retract the drill and insert the
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Figure 5: -0.06MPa negative pressure precipitation soil stress and deformation cloud map.

Table 5: Absolute value table of different negative pressures and
pumping.

Negative pressure (MPa) -0.05 -0.06 -0.07 -0.08

Absolute pumping capacity (m3) 0.256 0.464 0.766 1.149

Table 6: Table of negative pumping pressure and precipitation
radius.

Negative pressure (MPa) -0.05 -0.06 -0.07 -0.08

Precipitation radius (m) 0.8 1 1.1 1.25
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wrapped downpipe through the middle of the hollow drill
rod. Then, we slowly withdraw the pipe and leave the down-
pipe in the borehole to ensure the integrity of the downpipe

and improve the quality of the precipitation. Apart from
that, we pull out the cork of the branch pipe section con-
nected with the main pipe, connect the branch pipe with

250

300

1 2

4
Φ32 high frequency
welded pipe

3

5 6
2.5 m 2.5 m354

104

(a) Dewatering pipe layout (b) On-site layout of downwater pipes

Figure 7: Layout of the downwater pipe.

Water tank
Vacuum pump

Φ32 welded
pipe

Φ32 wire hose

Figure 6: General layout of vacuum precipitation.

Two circles of geotextile and gauze are wrapped

Figure 8: Structure diagram of downwater pipe.
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the well point pipe, tie it firmly with 10# lead wire, and wrap
it tightly with a sealing tape. After that, we check the connec-
tion of each pipe. Furthermore, through the above operation
process, the precipitation effect is obvious, the safety of the
construction is ensured, the construction progress is acceler-
ated, and the benefit is improved. As for the effect, it is given
in Figure 9(b).

4.2. Vertical Vacuum Negative Pressure Dewatering
Technology on Tunnel Top. In order to speed up the con-
struction and precipitation progress, in addition to precipi-
tation at the tunnel face, vertical precipitation at the top of
the tunnel was also coordinated, as shown in Figure 10.
Besides, the precipitation process is the same as that of the
tunnel face. The length of the precipitation pipe is 9m and
the row spacing is 6m, while the precipitation effect is obvi-
ous. Apart from that, the construction process is almost the
same as the horizontal vacuum precipitation process, and
only the differences are explained. Furthermore, we arrange
the parameters as required for the precipitation section, use
red paint positioning marks for the drilling points and spac-
ing according to the design, and prepare in advance for the
hole positions that affect the drilling.

By adopting vacuum negative pressure precipitation
technology on the top of the tunnel, the emergence of water
strands at the top of the tunnel is effectively avoided, thereby
controlling the phenomenon of voiding at the top due to the
flow of pressurized water along the gap and taking away the
sand at the top. In addition to that, the rear water penetrates
to the face of the tunnel, indirectly speeding up the precipi-
tation progress and ensuring the safety of construction.

4.3. Vacuum Negative Pressure Dewatering Technology of the
Gravity Dewatering Well in the Cave. Vacuum negative pres-
sure precipitation ensures that there is no running water
phenomenon in the upper and middle guide construction
faces. In order to prevent water from gushing out during
invert construction and avoid sand boiling, in this research,
a dewatering technique for dewatering wells in the cave is
proposed, when the diameter of the drilled hole is 290mm,
while XY-2B drilling rig is adopted, and the protective barrel
should be 0.30m above the ground next to the hole to pre-
vent surface sewage from infiltrating into the well. Besides,
the shaft wall pipes are all bridge steel pipes, and their diam-
eter is 108mm (outer diameter). Apart from that, the water

filter pipe is wrapped with a layer of geotextile and a layer of
100 mesh nylon gauze. In addition, the diameter of the water
filter pipe is the same as that of the well wall pipe, whereas
the sedimentation tube exists at the bottom of the filter tube,
when the diameter is the same as that of the filter tube; the
length is 0.50m, and the bottom of the sedimentation tube
is sealed. Furthermore, the area that is 4.00m below the
bottom of the diving well is filled with gravel as a filter layer.
In order to prevent the infiltration of ground sewage and
ensure the effect, high-quality clay must be used to fill the
ground surface and compacted above the surrounding filling
surface of the gravel material.

After the completion of the well construction, the deep
well pump should be run in time, while drainage pipes,

(a) Clear water flows out after the tube is down (b) Effect drawing after stepping method construction on steps

Figure 9: Effect picture after downpipe and after precipitation.

Figure 10: Vertical vacuum precipitation.

Figure 11: Gravity well dewatering and its effect.
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cables, etc. should be laid, and the pumping and drainage
system should be installed, followed by the pumping test
being able to start. Besides, these devices shall be marked
on site. Moreover, during well washing and dewatering oper-
ation, pipes shall be used to drain water into the sump, and
the water shall be discharged into the preset drainage ditches
outside the site through the drainage pipes preset outside the
site that should be cleaned regularly to ensure the smooth
flow of the drainage system. The effect is shown in Figure 11.

In the reinforcement measures, in order to control the
sand boiling phenomenon, the oblique rotary jet grouting
pile is adopted to form the partition wall. Since the sand
layer is a whole, it cannot prevent water from penetrating
from the bottom of the partition wall to the bottom plate.
Therefore, through the gravity dewatering wells, it is possible
to achieve no water gushing during the invert excavation of
the tunnel in the water-rich quicksand formation and to
ensure the dryness of the construction surface. In addition,
this technology can well control the groundwater level line
to be lower than the lowest point of invert construction
and overcome the difficulty of invert construction in rich
water and quicksand formations.

5. Tunnel Excavation Technology after
Precipitation Is Completed

After the completion of the tunnel precipitation, the sand
layer is almost dry. However, dry sand is a kind of soil with
special properties, with different water content, and its
mechanical indexes are quite different. Moreover, the
mechanical behavior of the surrounding rock varies with
the size of the tunnel span and section. Because of its small
cohesive force, an empty surface is formed when the tunnel
is excavated, and it is prone to collapse under the action of
gravity due to the disturbance of the excavation. Moreover,
its deformation is abrupt, discontinuous, and irreversible,
and tunnel construction is very risky. Therefore, deforma-
tion control and collapse prevention must be put in the first
place in tunnel construction in dry sand formations.

5.1. Tunnel Excavation Technology. The dry sand tunnel is
excavated with the CD method or three-step arc reserved
core soil, while both the upper part and the lower part are

excavated by pneumatic shovels and pneumatic picks.
Besides, dump trucks tracklessly transport the ballast out.
Since the tunnel in this study is a single-track tunnel with
a small cross-section, the natural collapse angle of dry sand
is generally 45°. Therefore, the three-step arc-shaped
reserved core soil construction method is selected.

The advanced support will use advanced small conduits
for prereinforcement, which will cause less disturbance to
the surrounding rock during the excavation process. Due
to the small particle size of dry sand, it must be encrypted
when carrying out advanced support. Therefore, the rein-
forcement measures of the encrypted small conduits have
been taken, as shown in Figure 12(a). Apart from that, the
length of the leading small pipe is 3.0m, the circumferential
spacing is 0.15 cm, the excavation is carried out every 1.5m,
and the overlap length is 1.5m. In construction, holes are
arranged on the steel frame web at intervals along the 158°

range of the vault to ensure that the extrapolation angle of
the small catheter is 5° ~10°. In addition, the first shotcrete
is used to seal the face, and then, the small pipe is drilled
and installed. Besides, the dry sand layer advanced small
pipe construction technology mainly includes two processes
of hole layout and drilling and pipe installation. Moreover,
to guarantee that the dry sand does not collapse, a wooden

(a) Advance small catheter implementation (b) Plywood installation

Figure 12: The implementation of advanced conduit and plywood installation.
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insert plate is installed between the steel arch and the small
pipe so as to prevent the dry sand from slipping. After dril-
ling the bolt hole with the YT-28 air gun, the small pipe is
driven in from the middle of the section steel frame, and
the exposed end is supported on the steel frame behind the
excavation surface, which forms a presupport system with
the steel frame, whereas, after the construction of the small
pipe is completed, the steel arch is erected on the face of
the tunnel, and the flexible plywood of 250 × 500 × 5mm is
made at the same time, as shown in Figure 12(b).

The installation of plywood has played a great role in pre-
venting the collapse of dry sand, avoiding large-scale landslide
accidents caused by the sliding of dry sand from the middle of
the small pipe, ensuring the stability of the surrounding rock,
and solving the collapse problem fundamentally.

The following points should be paid attention to when
adopting this construction technology. During the excava-
tion process, a special person is responsible for following
up and commanding, and the operation must be carried
out in strict accordance with the requirements. Besides, the
upper guide is designed to change the original double-row
small catheter into a single-row small catheter, with one in
every 15 cm. After excavation, it must be closed and formed
into a ring in time, and the lock-foot anchor pipe must be
installed in time, while the temporary invert should be set
reasonably, whereas, after overexcavation and small-area
landslides are treated, it should be ensured that the backfill-
ing behind the steel frame is compact, and grouting holes
should be reserved for large landslides. In addition, the bot-
tom of the invert tunnel is supported and sealed well in time.
Apart from that, we follow up the invert in time as required
to ensure that the step distance of the invert and the second
liner is always kept within a safe step distance, and as close
as possible to the tunnel face.

5.2. Analysis on Monitoring Measurement Data Results. One
vault sinking point and two clearance horizontal conver-

gence measurement lines are arranged on each measurement
section of the tunnel. Besides, measure until the lining struc-
ture is closed and the sinking basically stops. Furthermore,
the measurement section layout is shown in Figure 13, while
the convergence of the tunnel in the vertical and horizontal
directions is displayed in Figure 14.

From the horizontal convergence data, it can be seen
that the maximum displacement is 45.06mm. Besides, the
curve is smooth, and the data slightly fluctuates. Apart from
that, it is judged that the surrounding rock is stable. Further-
more, the total displacement of the vault subsidence is
49mm, and the temporal curve regression analysis shows
that the data tends to be stable, and the surrounding rock
is judged to be stable.

6. Conclusion

Aiming at the construction of quicksand tunnels, in this
paper, laboratory parameter measurement experiments and
numerical calculations are performed, when combined with
field experiments, to study the precipitation technology,
construction methods, and stability of quicksand surround-
ing rocks for tunnels in quicksand formations. The main
conclusions are as follows:

(1) For tunnel construction in the quicksand stratum,
the disadvantages of reinforcement measures under
such geology are analyzed, and a comprehensive
three-dimensional negative pressure dewatering con-
struction method is proposed. For the phenomenon
of the sand influx on the tunnel face and sand boiling
on the bottom, the tunnel face is put forward,
whereas, for the water replenishment behind the
top of the tunnel, a construction method of inter-
cepting the water replenishment by the vertical
vacuum dewatering on the top of the tunnel is intro-
duced. Besides, for the phenomenon of sand boiling
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on the bottom plate, a method of setting gravity
dewatering wells on the side walls is presented to
ensure the safety of construction and improve the
construction progress, and it is obviously reflected
in the construction progress. Furthermore, before
this method is adopted, the excavation is 15m in 8
months, and after this method is used, the average
excavation is 25m per month

(2) Since the borehole in the quicksand formation is
easy to collapse, the method of feeding the dewater-
ing pipe from the drill pipe avoids the damage of the
geotextile caused by the direct insertion of the
dewatering pipe, enhances the precipitation effect,
reduces the construction risk, and realizes the rapid
construction

(3) When the precipitation is completed, considering
that the natural collapse angle of dry sand is gener-
ally 45°, it is more reasonable to use the three-step
arc-shaped reserved core soil construction method.
At the same time, the plywood is inserted into the
back of the small duct during the construction,
which eliminates the risk of the tunnel construction
caused by the collapse of the dry sand radically and
ensures the safety of the construction
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To quantitatively study the influence of temperature and strain rate on the brittleness of sandstone, the mechanical parameters of
sandstone under different temperatures and strain rates are collected from the previous literature, and two empirical equations for
calculating rock brittleness are used to quantitatively calculate and evaluate the brittleness of sandstone. The results show that both
BI1 and BI2 can characterize the brittleness of sandstone, but the applicable conditions are different. The BI1 method is more
accurate in calculating the variation in the sandstone brittleness with a strain rate, while the BI2 method is more accurate in
calculating its variation with temperature. The brittleness of sandstone increases with the increase in the strain rate, especially
when the strain rate exceeds 100 s-1. Under low-temperature conditions, the strength and brittleness of rocks increase due to
the strengthening of ice. Under the condition of high temperature, the thermal damage to sandstone is intensified after 400°C,
and the quartz phase changes after 600°C, which leads to the increase in microcrack density and the decrease in brittleness of
sandstone. The conditions of low temperature and high strain rate are beneficial to the enhancement of sandstone brittleness.

1. Introduction

Brittleness is a very important property of rock. It can be
used as an index of safety risk in resource exploitation and
engineering construction projects. For example, brittleness
is an important property for shale gas compressibility mea-
surement and evaluation and is a basic parameter for reser-
voir evaluation. Rock bursts are directly related to the brittle
fracture of rock masses and the instability failure of sur-
rounding rock structures [1]. Brittleness also is a key index
of rock drillability, which plays an important role in improv-
ing tunneling speed and reducing tool wear [2]. Therefore, it
is important to evaluate the brittleness of rock accurately in
the process of resource development and engineering
construction.

Definitions of brittleness vary across disciplines and
fields, and at present, there is no unified definition. Never-
theless, many scholars have carried out in-depth research

on the brittleness of rock and established different evaluation
indexes of brittleness [3, 4]. For example, Jarvie et al. [5]
defined the percentage of brittle minerals in rocks as a BI.
Altindag [6] defined the BI of rock as the ratio of compres-
sive strength to tensile strength. There are many definitions
of BI based on curve shapes [7–9] and energy relationships
[10] in stress-strain curves. Hucka and Das [11] defined a
BI as the ratio of elastic strain to total strain in a stress-
strain curve. Tarasov and Potvin [12] defined a BI for rocks
as the ratio of rupture energy to excess (released) energy.

Temperature is one of the important factors affecting
rock mechanical properties. Geotechnical engineering and
artificial freezing engineering in cold areas make the sur-
rounding rock of the engineering structure be subject to
periodic low-temperature effects or long-term low-
temperature freezing, and its strength characteristics are
very different from normal temperature conditions. Under
high-temperature conditions, sandstone produces thermally
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induced cracks, which affect its strength and integrity and
brings great hidden dangers to engineering constructions.
Therefore, it is necessary to understand the mechanical
behavior of rock under different temperature conditions.
On the other hand, underground engineering construction
often involves ore and rock crushing, pile driving, explosives,
and other engineering techniques, which are almost all
related to fracturing and stress wave propagation in rocks
under impact loads. This is related to the dynamic mechan-
ical properties of rock.

At present, there has been much in-depth research on
the influence of different temperatures and strain rates on
the physical and mechanical properties of rocks. However,
there are relatively few studies on the evaluation of rock brit-
tleness under these two influencing factors. Based on this,
this study selected sandstone as the research object and stud-
ied the effects of temperature and strain rate on the brittle-
ness of sandstone.

2. Experimental Results of Previous Studies

In previous experiments, some researchers focused on the
influences of tensile strength, mineral composition, and
other factors on the brittleness of the specific rocks, while
neglecting important common characteristics. In this paper,
we summarized the effects of the strain rate and different
treatment temperatures on the brittleness of sandstone based
on the previous research results, as shown in Table 1. In
these studies, sandstone is collected from different areas
and processed into different sizes and then treated at differ-
ent temperatures. With different loading rates, the impact
load test or static compression test of sandstone treated at
different temperatures was carried out with SHPB, and the
stress-strain curves under different test conditions were
obtained. In this paper, the brittleness of sandstone is quan-
titatively calculated according to these stress-strain curves, to
explore the influence of temperature and strain rate on the
brittleness of sandstone.

3. Methods of Calculating Rock Brittleness

After many years of theoretical exploration, researchers have
put forward nearly 80 brittleness indexes (BI) of rock [13].
Because of differences in test conditions, some of these
indexes can reflect differences in rock brittleness, while
others need further experiments to verify their accuracy. In
this study, based on stress-strain curves, two typical empiri-
cal formulas for evaluating rock BI are selected [14] (formu-
las (1) and (2)).

BI1 =
E
M

, ð1Þ

where E is the prepeak elastic modulus and M is the post-
peak elastic modulus.

BI2 =
Wel
Wtot

, ð2Þ

whereWel is the elastic energy at failure andWtot is the total
energy at failure.

As shown in the stress-strain curve in Figure 1, BI1 is
approximately the ratio of the AB segment to the FG seg-
ment. BI2 is equal to the ratio of the areas for CDE and
OABCD in the stress-strain curve in Figure 1.

4. Analysis and Discussion

4.1. Influence of the Strain Rate. Figure 2 shows the relation-
ship between the brittleness index and strain rate calculated
by formulas (1) and (2). As shown in Figure 2(a), there is an
overall increasing trend in BI1 with an increasing strain rate.
When the strain rate is lower than 100 s-1, BI1 slowly
increases from 0.2 to about 0.7. When the strain rate is
between 100 s-1 and 180 s-1, BI1 increases rapidly from 0.7
to about 2.5. As shown in Figure 2(b), BI2 decreases with
the increase in the strain rate. When the strain rate is lower

Wel

Wtol

St
re

ss
 σ

Strain ε
O

A

E

B

C

F

M

G

E D

Figure 1: Stress-strain curve of brittle rock.
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than 100 s-1, BI1 decreases rapidly from 0.9 to about 0.7.
When the strain rate is between 100 s-1 and 180 s-1, the BI1
decreases slowly from 0.7 to about 0.65. At a higher strain
rate, with the increase in the strain rate, BI1 increases slowly,
while BI2 decreases rapidly, as shown in Figure 2(c).

4.2. Influence of Temperature. To facilitate the comparison
of the variation of the brittleness index with temperature,
the data for the calculated brittleness indexes from different

literature are standardized as shown in equation (3). The B
I1∗ and BI2∗ denote the standardized brittleness indexes cal-
culated in equations (1) and (2), respectively. Figure 3 shows
the variation in the BI∗ of sandstone with treatment temper-
ature. It can be seen that under low-temperature conditions,
BI1∗ and BI2∗ both shows a downward trend with increasing
temperature, as shown in Figures 3(a) and 3(c). Under high-
temperature conditions, BI1∗ and BI2∗ can be divided into
two stages as the temperature increases, but they show
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Figure 2: Changes in the BI of sandstone with strain rate. (a) BI1 [25, 26, 51, 53]; (b) BI2 [25, 26, 54, 60]; (c) BI1 and BI2 [58].
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opposite trends. When the heating temperature is about
100°C, BI1∗ drops to the minimum and BI2∗ increases to
the maximum, as shown in Figures 3(b) and 3(d).

BI∗ = BI − BImin
BImax − BImin

, ð3Þ

where BI∗ represents the standardized brittleness index. BI
represents the brittleness index at different temperatures,
and BImax and BImin represent the maximum and minimum
values of the brittleness index at different temperatures,
respectively.

5. Discussion

Brittleness is a very important property of rocks (especially
deep rocks). The brittleness of rock is affected by many fac-
tors such as mineral composition, Young’s modulus, Pois-
son’s ratio, compressive strength, and tensile strength
[15–17]. In this paper, the effects of the strain rate and tem-
perature on the brittleness of sandstone were studied and the
mechanisms of influence were discussed.

The brittleness of rock is closely related to its failure
stress. According to previous studies, the variation in failure
stress with a strain rate of brittle materials is shown in
Figure 4(a), which is roughly divided into three stages.
Among them, point A is the end of stage I, and the
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Figure 3: Changes in the BI ∗ of sandstone with temperature: (a, b) BI1 ∗; (c, d) BI2 ∗. [38, 52, 55–57, 59, 61–63].
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corresponding strain ε1 is 102 s-1; point B is the inflection
point of the stage II curve, and the corresponding strain εs
is 103 s-1; and point C is the starting point of stage III, and
the corresponding strain ε2 is 104 s-1 [18]. In stage I, that
is, in the area of low strain, a quasistatic fracture mainly
occurs in rocks. The original pore closures and microcracks
in sandstone are compressed and compacted with the
increase in the strain rate, resulting in a slow increase in rock
strength and brittleness [19]. This stage is mainly controlled
by the thermoactivation mechanism [20, 21]. In stage II,
with the continuous increase in the strain rate, the fracture
damage controlled by dynamics in the sandstone gradually
increases [22, 23], and the energy consumed gradually
increases [24–26]. The energy required for crack generation
is greater than the energy required for crack expansion [27].
In rock dynamics tests, due to the short duration of the
impact loading action, the specimen does not have enough
time for energy accumulation and can only be used for
energy accumulation by increasing the strength of the rock
[11, 28, 29]. The dynamic increase coefficient (DIF), which
is the ratio of dynamic strength to static strength, is usually
used to express the increase in rock strength [30], as shown
in Figure 4(b). It can be seen that when log ε is close to 2.0 s-1

(ε = 100 s−1), the DIF value increases significantly, which
leads to a rapid increase in the brittleness of the rock. When
the strain rate is close to 103 s-1 (point B), the failure stress
growth rate reaches the maximum. In stage II, the macro-
viscosity mechanism is dominant [31], the inertia of the rock
is gradually obvious, and the viscosity coefficient decreases

with the increase in the strain rate. When the upper yield is
reached in the shock compression process, that is, entering
stage III, the rate of increase in rock strength with the increase
in the strain rate slows down. With the continuous increase in
the strain rate, the rock enters the high strain zone, and defects
of different sizes begin to grow in the rock. The sandstone will
produce permanent damage, and the rock will change from
brittleness to ductility. The strain rates involved in this study
includes stage I and a portion of stage II.

The temperature has a great influence on the physical and
mechanical properties of sandstone [32]. Under low-
temperature conditions, bulk water, capillary water, and
adsorbed water in the rock gradually freeze into ice, and some
of the unfrozen adsorbed water forms a water film (as shown
in Figure 5) [33]. As the temperature continues to decrease,
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rate [30, 64–68].

Frozen High temperature

Ice

Water film

Mineral particles

Pores and cracks

Figure 5: Schematic diagram of low-temperature freezing and
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the thickness of the unfrozen water film becomes progressively
thinner [34]. Due to the supporting force of the ice, the con-
nection force between the mineral particles becomes stronger,
and the mineral skeleton becomes more stable, which
strengthens the strength of the rock [35]. At the same time,
due to the rapid expansion of ice in the formation process, it
squeezes the surrounding minerals and produces microcracks,
weakening themechanical properties of the rock [36]. Accord-
ing to the study ofWang et al. [37], during the freezing process
of rock, the strengthening effect inhibits the weakening effect,
which leads to the continuous increase in the strength of the
rock. Therefore, the brittleness of the rock gradually increases
as the temperature decreases [38], as shown in the low-
temperature area in Figure 6(a). Under high-temperature con-
ditions, due to the different thermal expansion coefficients of
mineral particles [39], nonuniform expansion occurs and
thermally induced cracks occur. At the same time, the
adsorbed water and crystal water in the sandstone overflowed,
causing the pore structure of the sandstone to change [40]. As
the temperature continues to rise, different degrees of defects
and cracks occur after the rock cools [41, 42]; especially after
400°C, thermal cracks are gradually obvious, and the internal
microcracks of the sandstone increase, the strength decreases,
and the brittleness is weakened, as shown in the high-
temperature area in Figure 6(a). Around 600°C, quartz begins
to undergo a phase transformation from α-quartz to β-quartz
[43, 44], and the internal and intergranular cracks between the
mineral particles become increasingly serious [45–47]. Under
high temperatures, these changes in the internal structure of
sandstone lead to a gradual decrease in its strength, reduced
brittleness, and enhanced plasticity [48].

In summary, temperature and strain rate have significant
effects on the brittleness and plasticity of sandstone due to
its water content, pore and crack distribution, mineral struc-

ture, and so on. Low temperature and high strain rate are
conducive to the enhancement of sandstone brittleness, as
shown in Figure 6(b). Both BI1 and BI2 can reflect the brit-
tleness of sandstone but have different applicable conditions.
Within the strain rate range of this study, as the strain
increases, the internal pores and cracks of the sandstone
decrease and the strength of the sandstone increases. For
the calculation of BI1, because the prepeak and postpeak
elastic moduli are considered, the calculation result is more
accurate. Under low-temperature conditions, the strength
of sandstone increases, and the BI1 and BI2 changes show
the same change trend. However, under high-temperature
conditions, the plastic characteristics of sandstone are
enhanced, which leads to the unreliable selection of the post-
peak elastic modulus of some samples for BI1, so the BI2
value is more reliable. At around 100°C, BI2 suddenly
increases, which may be due to the high-water content of
sandstone. The water evaporates during the heat treatment
process, and the original pores and cracks of the sandstone
are exposed. When subjected to a load, the strain rate
increases, increasing brittleness.

6. Conclusions

In this paper, based on existing research data, the variation
in the brittleness of sandstone with temperature and strain
rate was studied and discussed from a microscopic point of
view. At the same time, the variation in sandstone brittleness
under the combined action of temperature and strain rate
was analyzed. The main conclusions are as follows:

(1) Temperature and strain rate are two important
parameters that affect the brittleness of sandstone.
Based on previous studies, two empirical formulas
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for the quantitative calculation of sandstone brittle-
ness are selected. Among them, the BI1 method is
more accurate in calculating the variation in the
sandstone brittleness index with the strain rate, while
the BI2 method is more accurate in calculating its
variation with temperature

(2) Under dynamic load, with the increase in the strain
rate, the failure stress and brittleness of sandstone
are positively correlated. When the strain rate
exceeds 100 s-1, the failure stress of sandstone begins
to increase significantly, resulting in a significant
increase in the brittleness index

(3) Under low-temperature conditions, the water inside
the rock gradually freezes into ice. Due to the
strengthening effect of ice, the strength and brittle-
ness of the rock increase. Under the condition of
high temperature, the thermal damage to sandstone
is intensified after 400°C, and the quartz phase
changes after 600°C, which leads to the increase in
microcrack density and the decrease in brittleness
in sandstone. The conditions of low temperature
and high strain rate are beneficial to the enhance-
ment of sandstone brittleness

Notations

BI: Brittleness index
BI∗: Standardized brittleness index
E: Prepeak elastic modulus
M: Postpeak elastic modulus
Wel: Elastic energy and total energy at failure
Wtot: Slab top surface temperature.
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The Dongsheng gas field is characterized by low porosity and low permeability. Its principal producing reservoir is the H-1 zone,
belonging to the Lower Shihezi Formation. Sand is the main lithology in the H-1 zone, while mud interlayers are also well
developed in a vertical direction. As a result, the reservoir is a sand-mud interbed, which brings difficulty to fracture height
extension. In order to understand the process of fracture height growth in a sand-mud interbed reservoir and obtain the
responses of injection pressure and fracture width during a hydraulic fracturing, a hydromechanical-coupled model is
established. Mud interlayers are fully considered and a cohesive zone model is adopted to deal with fracture propagation.
Numerical results show that the fracture extends quickly to the sand-mud interface after initiation and breaks through rather
than propagating along the interfaces. Pressure and width both increase continuously when fracture propagates in the mud
interlayer. High-viscosity and high-injection rates are helpful for the fracture to break through the mud interlayer, especially at
an early period. When the mud interlayers are asymmetric, pressure and width fluctuate several times once fracture propagates
inside and breaks through the mud interlayer. Perforations close to the thinner mud interlayer can increase the fracture width
and reduce fracturing risks.

1. Introduction

The Dongsheng gas field belongs to the Erdos basin, which
locates in North China. The principal producing reservoir of
the Dongsheng gas field is Lower Shihezi Formation, especially
the H-1 zone. Without too many complex structures, the for-
mation is flat overall and has a good continuity horizontally.
The thickness of the H-1 zone ranges from 10m to 50m and
there are multiple gas formations in the vertical direction.

The main sedimentary system of the H-1 zone includes
the alluvial fan and braided stream. As a result, the lithology
is very complicated, including pebbly sandstone, coarse
sandstone, medium sandstone, fine sandstone, siltstone,
and dark mud. Particularly, the coarse sandstone, medium
sandstone, and fine sandstone are the main reservoirs.

Due to the influence of river channel migration and the
variation of the flood scale, barely permeable and imperme-
able interlayers are well developed vertically in the H-1 zone
[1]. The most common interlayers in the H-1 zone are mud
and property interlayers [2], as shown in Figure 1. The
lithologies of mud interlayers have the characteristic of high
clay content, such as pure mudstone, silty mudstone, and
argillaceous siltstone, while the lithologies of the property
interlayer are primarily siltstone or argillaceous fine silt-
stone. Compared with the mud interlayer, the property
interlayer has higher porosity and permeability but they
are still below the lower limit of the effective reservoirs. In
this paper, only mud interlayers are considered to investigate
its influence on fracture height growth. The thickness of the
mud interlayer varies widely from several centimeters to
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25m. The thick mud interlayers can be treated as caps which
can prevent fracture propagation.

The lithologies of gas reservoirs are also complex,
including coarse sandstone, medium sandstone, and fine
sandstone. The porosity ranges from 5.0% to 16.9% and
the permeability is mainly in the range from 0.3mD to
0.9mD [4, 5]. Both porosity and permeability are very low,
and hydraulic fracturing is the most effective way to develop
the Dongsheng gas field. Therefore, it is especially important
to understand fracture height growth and specify the
responses of injection pressure and fracture width during
fracture propagation. In this paper, a hydromechanical
coupled numerical model about fracture height extension
is established based on the reservoir characteristics in the
Dongsheng gas field taking into account of mud interlayers
and stress difference. The numerical results illustrate the
process of fracture height growth and are instructive to the
design of a hydraulic fracturing.

2. Model

Classic linear elastic fracture mechanics (LEFM) is a widely
used method to evaluate fracture propagation. When the
stress intensity factor (SIF) at fracture tip is larger than frac-
ture toughness which is an inherent property of the solid
material, fracture initiates and propagates [6, 7]. At the frac-
ture tip, there is a stress singularity which is described by SIF
in LEFM. But the SIF is usually difficult to obtain and this
stress singularity bothers numerical simulations at times.

Instead of using the classic LEFM to deal with an elastic
crack tip region where stress singularity exists, the cohesive
zone model [8–11] assumes the existence of a fracture pro-
cess zone (where the rock has yielded or experienced micro-
cracking) in front of the material crack tip, which is
governed by a traction-separation law. The stress singularity
at the crack tip is avoided in cohesive zone models through
this constitutive law. In this way, the cohesive zone model
provides an alternative approach to explicitly simulate the
fracture process near the tip and is often applied in modeling
hydraulic fracturing.

2.1. Cohesive Zone Model. In this work, we use a hydrome-
chanical model utilizing the finite element method with a
special zero-thickness interface element based on the cohe-
sive zone model which has shown its effectiveness in previ-
ous work [12–15].

Indeed, there are numerous kinds of T-S models [16, 17]
and the classic bilinear traction-separation criteria [18–20]
are used in this paper, as shown in Figure 2. These criteria
evaluate the stress ratios between a given stress value and
the peak nominal stress value in each of the three directions
and is based on a quadratic combination of all three ratios
[21], as shown in equation (1) as follows:

tnh i
t0n

� �2
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Figure 1: The characteristics of the H-1 zone in the Dongsheng gas field [3].

2 Geofluids



where tn, ts1, ts2 are nominal stress, first direction shear
stress, and second direction shear stress. t0n, t

0
s1, t

0
s2 represent

the peak values of the nominal stress when the deformation
is either purely normal to the interface or purely in the first
or the second shear direction. hi is the Macaulay bracket
with the usual interpretation htni = tn if tn ≥ 0 and htni = 0
if tn < 0.

The fracture initiation and propagation are natural out-
comes of a cohesive zone model. After cohesive element
debonds, fluid flows in the hydromechanical interface and
transmit pressure on the cohesive element, as shown in
Figure 3.

2.2. Fluid Flow. We assume that the rock surrounding the
hydraulic fractures is permeable. Leakoff and poroelastic
effects are considered during fracture propagation. There-
fore, the fluid flow can be divided into three processes: flow
inside the fracture, leakage through fracture, and seepage in
the matrix.

As to incompressible fluid, flow in the hydromechanical
cohesive interface is derived from the fluid mass balance
equation:

∂w
∂t

+∇∙q + qL =Q tð Þδ x, yð Þ, ð2Þ

where w is normal opening, which equals to the displace-
ment jump in the normal direction of the interface, q is

the longitudinal fluid flux, qL is fluid leakoff, QðtÞ is the
source term, and δðx, yÞ is the Dirac delta function.

The lubrication equation for fluid flow between parallel
plates is used to simulate flow in the fracture. It is given as
follows:

q = vw = −
w3

12μ∇p, ð3Þ

where v is the average fluid velocity over the cross-section of
the hydraulic fracture, μ is the viscosity of the Newtonian
fluid, and p is fluid pressure inside the fracture.

Combining equations (2) and (3), we obtain the equation
for fluid flow in a hydraulic fracture:

∂w
∂t

−∇∙
w3

12μ∇p + qL =Q tð Þδ x, yð Þ: ð4Þ

For the seepage in the matrix, according to the theory of
poroelasticity, the continuity equation utilized in numerical
formulation is as follows [22]:

∇
k
γl

∇p0 − blð Þ
� �

+mT _ε = 0, ð5Þ

where k is matrix permeability coefficient, γl is specific
weight of liquid, p0 is the pore pressure, bl is the body force
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Figure 2: Bilinear traction-separation constitutive law for (a) tensile and (b) shear failure of the cohesive element.
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Figure 3: Sketch of fluid flow within cohesive elements.
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of the liquid phase, ε is the strain tensor, and m = ½1, 1,
1, 0, 0, 0�.

In addition, fluid leakage through the fracture wall can
be expressed by the following:

qL = CL p − p0ð Þ, ð6Þ

where CL is leakoff coefficient.

2.3. Rock Deformation. The governing equations of rock
deformation include the equilibrium equation, geometric
equation, and constitutive equation [23, 24]. The equilib-
rium equation is written as follows:

∇∙σ + b = 0, ð7Þ

where σ is stress tensor and b is body force vector of the
rock.

According to Boit’s theory, effective stress can be
expressed as follows:

σ′ = σ + αp0I, ð8Þ

where σ′ is the effective stress tensor, α is the Biot coefficient,
and I is the Kronecker delta.

The geometric equation is written as follows:

ε = 1
2 ∇u+∇uT
� �

: ð9Þ

The constitutive relationship can be expressed as

σ = λεvolδ + 2Gε − Cζδ,
p = Cεvol −Mζ,

ð10Þ

where λ and G are the Lamé parameters of the porous mate-
rial, while C and M are additional elastic moduli required to
describe a two-phase medium. εvol is the volumetric strain. ζ
is a strain parameter describing the volumetric deformation

of the fluid relative to that of the solid. δ is the Kronecker
function.

2.4. Model Construction. In this study, a sand-mud interbed
model is established. In Figure 4, the whole model is 80m
× 40m in size. The thicknesses of upper and lower caps
are both 10m. Between the upper and lower caps, there are
two asymmetric mud interlayers as the thicknesses of the
upper and lower interlayers are 3m and 1m, respectively.
The first and second interfaces are defined according to the
sequence when hydraulic fracture is encountered. Injection
point is right at the center of the model. Cohesive zones
are presented along the fracture height path and sand-mud

Table 1: Rock mechanical properties for simulation.

Property
Fine
sand

Coarse
sand

Mud cap/
interlayer

Young’s modulus (GPa) 35 59 20

Poisson’s ratio 0.2 0.25 0.3

Tensile strength (MPa) 2.5 2.4 7.51

Cohesion (MPa) 36 6.4 13

Friction angle (°) 19 48 18

Table 2: Basic parameters for simulation.

Category Sand Mud cap/interlayer

Damage displacement (m) 10−4 10−4

Porosity (%) 10 1

Permeability (mD) 1 0.1

Leakoff coefficient (m/Pa·s) 10−13 10−14

Vertical stress (MPa) 75 75

Minimum horizontal stress (MPa) 60 64

Pore pressure (MPa) 30

Fluid viscosity (mPa·s) 2

Injection rate (m2/s) 6 × 10−4

80 m

40 m

Upper cap

Lower cap

Sand

Mud
Injection pointCohesive zone

σ v

1st interface

𝜎h

2nd interface

Figure 4: Sketch of the sand-mud interbed numerical model.
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interfaces in order to investigate fracture height growth
behavior at sand-mud interfaces.

Rock mechanical parameters adopted in numerical sim-
ulations are shown in Table 1, and they are all obtained from
experimental measurements using downhole cores from the
Dongsheng gas field. In order to investigate the influence of

rock mechanics on fracture height growth, both fine sand
and coarse sand are tested.

Table 2 includes basic parameters except for rockmechan-
ics. The reservoir parameters are all used according to the
Dongsheng gas field so that the numerical models are consis-
tent with the actual reservoir conditions as much as possible.

Figure 5: Height growth process in the reservoir without mud interlayers.
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3. Results

In order to clearly illustrate about fracture height growth in
sand, we first study the cases neglecting mud interlayers.
Afterwards, we consider two symmetric mud interlayers
whose thicknesses are both 3m. In the end, two asymmetric
mud interlayers as shown in Figure 4 are taken into account
which is in accordance with the characteristics of the Dong-
sheng gas field.

3.1. Reservoirs without Mud Interlayers. Figure 5 shows frac-
ture height extension in sand. At the sand-mud interface, the
fracture passes through directly and extends to the cap. This

is because the reservoir shear strength is much larger than
tensile strength and tensile failure dominates. Besides,
when fluid wants to flow into the interface, it needs to
overcome overburden stress or vertical stress, which is
very difficult because the reservoir is deeper than 3000m.
But at the interface, it still can be observed that stress dis-
continuity exists.

Figure 6 clearly shows the fracture width and pressure
responses during propagation. When fracture propagates
in sand, pressure drops rapidly after initiation and keeps
being smooth, while the width increases slowly. When the
fracture reaches the interface and extends in the cap, propa-
gation slows down. As a result, pressure increases and width

0.00

1.00

2.00

3.00

4.00

5.00

6.00

7.00

8.00

0 50 100 150 200 250 300

W
id

th
 (m

m
)

Fine sand
Coarse sand

60.00

62.00

64.00

66.00

68.00

70.00

72.00

74.00

Pr
es

su
re

 (M
Pa

)

Time (s)
0 50 100 150 200 250 300

Time (s)

Figure 8: The influence of the rock property on injection pressure and fracture width.

(a) 4MPa (b) 8MPa
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expands. In reality, when pressure is large enough, fracture
will propagate horizontally in sand rather than keep the
extension in the cap. The zigzags shown in Figure 6 are
due to the mesh size used in the numerical model. With
smaller meshes, the lines will be much more smooth but
the calculation will be tremendous. Therefore, the element
size along fracture is 0.25m in this model and calculation
accuracy is not affected.

3.1.1. The Effect of Sand Property. Figures 7 and 8 show that
the fracture propagates in fine and coarse sands, respectively.
With a lower tensile strength, the fracture propagates much
easier in coarse sand. As a result, pressure is lower and width
is smaller. However, when the fracture extends to the inter-
face, pressure in coarse sand increases rapidly and surpasses
that in fine sand. This is because the elastic modulus of
coarse sand is lower. Under the same condition, fracture
width is smaller and the friction along fracture is higher. If

the fracture continuously propagates in the cap, it requires
higher pressure to overcome friction.

3.1.2. The Effect of Minimum Horizontal Stress Difference
between Cap and Sand. Before the fracture reaches the inter-
face, the responses of pressure and width are exactly the
same. But after fracture extends into cap with higher stress,
pressure increases higher and fracture opens wider, as shown
in Figures 9 and 10.

3.1.3. The Effects of Fluid Viscosity and Injection Rate. We
consider four cases to investigate the influence of fluid vis-
cosity and injection rate on height growth, and they are
the low viscosity and low injection rate (LVLR), low viscosity
and high injection rate (LVHR), high viscosity and low
injection rate (HVLR), and high viscosity and high injection
rate (HVHR). Compared with viscosity, it seems that the
injection rate has the most influence on fracture width.
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Figure 11: The influence of fluid viscosity and injection rates on injection pressure and fracture width.
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Figure 12: The influence of fluid viscosity and injection rates on height growth.
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Figure 11 clearly shows that with the high injection rate,
fracture width is larger. At the same time, when the fracture
extends to the interface, pressure increases rapidly. With
higher viscosity, fluid friction along the fracture is higher,
as shown in Figures 12(c) and 12(d).

3.2. Reservoirs within Symmetric Mud Interlayers. In this sec-
tion, two symmetric mud interlayers are inserted in sand.
Figure 13(a) shows that fracture extends to the first interface
which is corresponding to ① in Figure 14 when fracture
pressure and width are about to increase rapidly. The pres-
sure keeps increasing until ② when the fracture tip extends
into the mud interlayer. While the fracture propagates in

the mud interlayer, it seems that pressure no longer
increases. Due to the high in situ stress of the mud interlayer,
fracture propagation velocity slows down at the moment and
friction along the fracture reduces. Therefore, pressure
inside the fracture is much more uniform and pressure at
the injection point tends to be similar to the pressure at
the tip of fracture. As a result, fracture width keeps growing
until ③, when the fracture breaks through the second inter-
face and exits the mud interlayer. Afterwards, fracture
extends to the interface of sand and cap. But it is a very short
period from③ to④. This is because when the fracture prop-
agates inside the mud, it requires a higher pressure. When
the fracture leaves the mud and goes into the sand, the high

(a) Height extends to the first interface (b) Height breaks through the first interface

(c) Height extends to the second interface (d) Height breaks through the second interface

Figure 13: Height growth process in the reservoir with symmetric mud interlayers.
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pressure will accelerate fracture growth. Therefore, the frac-
ture reaches the sand and cap interface quickly as shown in
Figure 13(c). In the end, the fracture extends inside the cap
and the pressure increases integrally although the pressure
at the injection point does not rise up obviously, which
results in fracture width increasing continuously.

3.2.1. Effect of Fluid Viscosity and Injection Rate. When the
mud interlayers are imbedded in sand, the treatment param-
eters affect height growth differently. With a high injection
rate, the fracture propagates to the first interface and breaks
through the mud interlayer quickly. As shown in Figure 15,
it seems that under the low fluid viscosity condition, the
pressure required to break through mud interlayer is a little
bit smaller. This may be resulted from the lower friction
when fluid viscosity is low. Under the high viscosity and
high injection rate conditions, pressure inside the fracture
is the highest. Therefore, when we hope that the fracture
breaks through mud interlayers in sand, high viscosity and
high injection rate are the best choices especially at the early
period.

3.2.2. Effect of Stress Difference between Sand and Mud
Interlayers. As shown in Figure 16, before the fracture
reaches the first interface, the responses of pressure and

width are exactly the same. But when the stress difference
between sand and mud interlayers increases, the pressure
required to break through the mud interlayer is higher and
the fracture opens wider. Besides, it takes more time to break
through the mud interlayers.

As shown in Figure 17, when the stress difference
increases from 2MPa to 7MPa, the net pressure required
to break through the mud interlayer rises up linearly from
8.59MPa to 12.42MPa. The increment of net pressure,
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Figure 15: The influence of fluid viscosity and injection rates on injection pressure and fracture width.
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3.83MPa, is smaller than the increment of stress difference,
5MPa. This is because when the minimum horizontal stress
is large, it becomes much more difficult for fracture to break
through. Fracture propagation slows down and fluid friction
along the fracture drops. As a result, pressure inside the frac-
ture trends to be uniform and only a small increment of net
pressure can keep the fracture propagating.

3.3. Reservoirs within Asymmetric Mud Interlayers. Asym-
metric mud interlayers are more common in reality and
are considered in this section. The numerical model is the

same as shown in Figure 4. The distances between the injec-
tion point to the upper and lower first interface are the same.

It can be observed that fracture extension becomes much
more complex from that in Figure 18 and the process is
divided into several stages, as shown in Figure 19. The upper
and lower fracture branches reach① and breaks through the
first interface ② at the same time. But the stress distribution
is no longer in symmetry from the reservoir top to bottom
due to the influence of asymmetric mud interlayers. After-
wards, both upper and lower branches extend in the mud
interlayer. But the lower branch quickly reaches the second

(a) (b)

(c) (d)

Figure 18: Height growth process in the reservoir with asymmetric mud interlayers: (a) height extends to the first interface, (b) height
breaks through the first interface, (c) the lower branch breaks through the mud interlayer and extends to the lower cap, and (d) the
upper branch extends to the upper cap.
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interface and the fracture width keeps growing ③. Right
after the lower branch breaks through the lower thin mud
interlayer, it goes quickly to the interface between sand and
lower cap ④. Figure 18(c) shows at the moment when the
lower branch reaches the cap interface, the upper branch is
still inside the upper mud interlayer and does not break
through. As both branches extend in mud, the pressure
increases continuously. Finally, the upper branch breaks
through the second interface and the width decreases imme-
diately once more ⑤. As the number of mud asymmetric
interlayers increases, the fluctuation of pressure and width
will be more frequent. Every time the fracture breaks
through the mud interlayer, it requires a higher pressure.
Therefore, in reality, it may be difficult for the fracture to
run through all interlayers. But at the early period, fluid with
high viscosity and high rate is helpful for fracturing all sand
reservoirs. Once the height extends into the multiple sand
layers, it will become much easier for the fracture to propa-
gate inside the sand.

In order to understand the influence of the perforation
position on fracture height growth when the mud interlayers
are asymmetric, two cases are studied. The distance between
perforation to the center of the model in both Figures 20(a)
and 20(b) is 1m. In Figure 20(a), perforation is above the
center of model. In Figure 20(b), perforation is below the
center of the model. It can be observed that after both
branches extend into the cap, these two cases have no differ-
ence from the perspective of stress filed. But during the

propagation process, it can be observed in Figure 21 that
when the perforation is below the center point, which means
the position of perforation is close to the thinner mud inter-
layer, fracture width is much larger during fracture propaga-
tion. This is because the upper thick mud layer is difficult to
break through and the fracture is asymmetric. That is to say,
perforating close to the thinner mud layer can enlarge frac-
ture width and make sand transport inside the fracture
smoothly, which can reduce the risks of sand plugging.

4. Conclusions

This paper focuses on fracture height growth during hydrau-
lic fracturing in the Dongsheng gas field. A hydromechanical
sand-mud interbed model is established taking into full con-
sideration reservoir characteristics. Besides, the parameters
used in the simulations are from the experimental tests on
downhole cores. Based on the numerical simulations, it can
be concluded that fluid is difficult to flow inside the inter-
faces between sand and mud as it requires a much higher
pressure to overcome overburden stress. As a result, the frac-
ture extends vertically and breaks through mud interlayers
without orientation. With a larger Young’s modulus, frac-
ture width in coarse sand is smaller than that in fine sand.

When there are mud interlayers within sand, the process
of fracture height growth is complicated especially when the
mud interlayers are asymmetric. Injection pressure and frac-
ture width vibrate as fracture extends to and breaks through

(a) Perforation above the model center (b) Perforation below the model center

Figure 20: The influence of the perforation position on height growth.
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the mud interface. As the minimum horizontal stress differ-
ence between the mud interlayer and the sand layer
increases, the net pressure required to break through the
mud interlayer increases linearly. What is more, when the
mud interlayers are asymmetric, the fracture branch near
the thinner mud interlayer breaks through the interlayer
and reaches cap interface first. Afterwards, the other side
branch propagates to the cap interface as the pressure inside
the fracture increases. What needs to be stressed is that what
we studied in this paper is a 2D height growth problem. In a
hydraulic fracturing, when fracture height extends to the
mud interlayers, it may propagate continuously in sand
rather than break through the mud interlayer. This is
because the stress of mud is larger than that of sand under
normal circumstance. Fracture propagates much easier hor-
izontally. If we want the fracture height to break through
multiple mud interlayers, a high net pressure inside the frac-
ture is required. Therefore, according to the simulation
results in this paper, high viscosity fluid and high injection
rate are beneficial to build a high net pressure inside the frac-
ture, especially at the early period. In addition, when the
mud interlayers are asymmetric, perforation close to the
thinner mud interlayer can enlarge fracture width and make
sand transport inside the fracture smoothly, which can
reduce the risk of sand plug.
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Taken overlying strata of fully mechanized top coal caving mining (FMTCCM) in 15m extra thick coal seam as the research
object, the comprehensive research methods such as field investigation, theoretical calculation, and numerical analysis are used
to systematically analyze. During the mining of extra thick coal seam, the overlying strata form the structure of lower
cantilever beam and upper hinged rock beam. The downward transmission caused by the interaction of this combined
structure is the fundamental reason for the strong periodic ground pressure behavior of working face and roadway blow. The
movement process of overlying strata movement is divided into four stages, and dynamic distribution characteristics of lateral
abutment pressure in different stages are obtained. It is considered that the gob side roadway can be in a relatively stable
overburden structure and stress environment during the stable stage of abutment pressure. The distribution range of the
internal and external stress fields is determined, which provides a theoretical basis for the reasonable roadway layout. At last,
the fracture position and abutment pressure evolution process of overlying strata along the goaf side of the extra thick coal
seam are further verified by drilling stress measurement.

1. Introduction

China is rich in thick coal seam and extra thick coal seam,
whose reserves and production account for about 45% of
the total reserves. In recent years, extra thick and thick coal
seams have become the main coal seam in China. During
the mining of extra thick coal seam, the ground pressure
behavior is severe and the peak value of abutment pressure
is large. During the mining of the upper section working face,
along the advancing direction of the vertical working face, the
overlying strata will break, rotate, and sink successively after
the first weighting, and the basic roof will be broken period-
ically to form a stable structure [1–3]. The distribution of lat-
eral abutment pressure is directly related to the occurrence

state of the overlying basic roof rock and the macrostructure
formed after fracture [4, 5].

At present, many studies have been carried on the over-
burden activity characteristics and abutment pressure evolu-
tion law. Zhu [6] put forward the point of view that the
“triangle hanging plate” structure is formed in the end of
working face and established a mechanical model of the
stope roof structure. It is considered that the shape size
and movement characteristics of the overlying hanging plate
structure are closely related to the mine pressure behavior
law of driving along the goaf. Song et al. [7, 8] developed a
mechanical model of overlying strata of a roadway driving
along the goaf, divided the lateral basic roof fracture position
into the internal and external stress fields before and after,
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and considered that digging roadway within the scope of the
internal stress field can effectively avoid major accidents. On
the contrary, when the roadway is excavated within the
scope of the external stress field, the stability of roadway is
poor and maintenance is difficult. Yu et al. [9] think that
after the working face is mined, the rupture, rotation, and
subsidence of the arc triangle block above the goaf force
the lateral abutment pressure to transfer to the deep part
of the solid coal, and a stress reduction area will be formed
at the edge of the goaf. The serious stress disaster can be
avoided by driving along the goaf in the lower stress area,
and a large number of field tests have been conducted under-
ground. Ma et al. [10] conducted field measurement and
analysis on the ground pressure of some fully mechanized
top coal caving faces and mining roadways and found that
the mining and caving ratio of the working face have an
effect on the distribution characteristics of lateral abutment
pressure. Meanwhile, the peak point of lateral abutment
pressure moves far away with the increase of caving ratio,
which is favorable for driving roadway along the goaf with
a narrow coal pillar. Wang et al. [11] obtained the dynamic
evolution process of the lateral abutment pressure and
microseismic activity through mine pressure observation
and considered that the vertical stress trend of lateral coal
seam in the goaf presented different stage characteristics.
The stress and elastic-plastic evolution law of coal seam in
each stage and interval were obtained through the measured
data. Taking the 8.5m mining height fully mechanized
working face of Shangwan coal mine as the research back-
ground, Di et al. [12] adopted the methods of engineering
analogy, theoretical calculation, and physics simulation to
analyze the characteristics of overburden movement and
abutment pressure. Based on the D-P criterion, Lode param-
eter correction statistical calculation formula was introduced
to quantitatively analyze the size, location, and range of the
abutment pressure peak point. Wang [13] established the
strata movement model at the end of the goaf and studied
the structural characteristics of the stable front end and the
evolution law of lateral support pressure in the goaf. The
results show that the fracture of the rock above the solid coal
side in the goaf forms a triangular slip zone; with the insta-
bility of the fracture in the triangular sliding zone, the lateral
support pressure of the solid coal decreases due to the trans-
fer of some loads to the goaf. Based on the engineering and
technical problems of the abnormal ground pressure of
Datong mining area, Yu et al. [14] established the structural
mechanical model of breaking “triangular plate” in the far-
field key layer and clarified the relationship between the
structural movement of the far-field “triangular plate” and
the mine pressure behavior of the working face.

The above scientific research achievements have laid a
foundation for exploring the temporal and spatial relation-
ships between the overburden activity and abutment pres-
sure in the goaf under the condition of an extra thick
coal seam. However, because of the complexity and partic-
ularity of overburden structure and activity law in the goaf
of a fully mechanized top coal caving face in the extra thick
coal seam, it is necessary that the analysis model is estab-
lished in order to explore the temporal and spatial evolu-

tion laws of lateral abutment pressure in different stages
of the overburden activity. It can provide theoretical guid-
ance for the excavation time and layout space of roadway
along the goaf.

2. Engineering Background

The 8211 working face is located in the second panel of
Madaotou coal mine, the north side is the undeveloped solid
coal, the south side is the 8210 goaf which has been mined
out, and the west side is the panel roadway. The relative
position of the 8211 working face is shown in Figure 1.
The fully mechanized caving mining method is adopted in
the working face. The main mining coal seam is 3-5, the
average dip angle is 2.5°, the average thickness of the coal
seam is 15m, the structure is complex, and the endogenous
fractures are developed. There is a multilayer gangue inter-
calated between the coal seams, with the thickness of
0.7m~3.6m. The lithology is mainly mudstone, carbona-
ceous mudstone, and kaolinite mudstone.

The roof of the 8211 working face contains multilayer
hard roof with large thickness, good integrity, high strength,
and strong compactness. It is basically composed of gray
medium coarse sandstone and coarse sandstone. The imme-
diate roof is the interbedding of mudstone and sandstone,
the immediate floor is carbonaceous mudstone, and the floor
is gray white medium grained sandstone and fine sandstone.
The main mineral composition is quartz, feldspar, and cal-
careous cementation (see Table 1 for the rock properties of
8211 working face).

3. Stability Evaluation of Surrounding Rock

Combined with the observation results of roof strata
(Figure 2) and physical and mechanical tests of coal samples,
the mechanical parameters and properties of the coal and
rock are obtained [15]. The uniaxial compressive strength
of coal is 11MPa, the uniaxial tensile strength is 1.28MPa,
the elastic modulus is 6.16MPa, and the internal friction
angle is 15.3°. Coal seam has poor integrity, low strength,
and easy breakage, which is not conducive to the roadway
surrounding rock control. The uniaxial compressive strength
of sandstone is 79.4MPa, the uniaxial tensile strength is
5.83MPa, the elastic modulus is 42.84MPa, and the internal
friction angle is 36.26°. Roof sandstone is relatively complete
with hard and high strength, which has a huge impact on the
working face and roadway below.

4. Overburden Structure Characteristics of
FMTCCM in Extra Thick Coal Seam

4.1. Structural Form of Overburden. In the process of study-
ing the strata control in mines, it is found that the mine
pressure behavior law of stopes and roadways is closely
related to the structural form and activity characteristics of
overlying strata, especially the key strata that play a decisive
role in controlling the strata behaviors of stopes and
roadways. According to the “three zones” theory of overly-
ing strata movement, the distribution and location
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characteristics of bending subsidence zone, fracture zone,
and caving zone of overlying strata are mainly affected by
the mining height, and the relative position of key strata in
“three zones” determines the structural form and movement
form [16]. For the conventional working face with general
mining height, during the mining process, with the increase
of the hanging roof area, the roof gradually breaks. The adja-
cent broken rock blocks will be hinged and occluded with
each other to form a relatively stable articulated structure
under the action of horizontal thrust, as shown in Figure 3.

For the mining of the extra thick coal seam, the amount
of coal mined out at one time is doubled, resulting in a large
space increase in gob. Due to the large space size of the goaf,
the broken rock above the coal body can not smoothly touch
the gangue. Instead, the cantilever beam structure is located
above the coal body. Stable hinged structures can be formed
in the key strata of higher layers above the cantilever [17].
The structural form of the key strata is mainly determined
by the mining height and the position of the key strata.
The occurrence state of the key strata and the activity pat-
tern have a direct impact on the mine pressure behavior of
the stope and roadway. Therefore, it is the primary problem

to determine the structure of the upper key strata after the
lower coal body is mined out.

According to the relevant calculation [18, 19], the struc-
tural form of the cantilever beam is formed in the lower key
strata after the lower coal body is mined out. It can be seen
that the overlying strata of FMTCCM in the extra thick coal
seam has a structural form of low cantilever beam (LCB) and
high hinged rock beam (HHRB). The structural model is
shown in Figure 4.

4.2. Mechanical Analysis of Overburden Structure. With the
continuous mining of coal, LCB gradually turns and deforms
and forms a separation layer with the HHRB, which forces
the HHRB structure to lose its support and slide. The unsta-
ble hinged rock beam structure acts on the LCB, causing the
LCB breaking and further rotation deformation. The move-
ment of the whole “cantilever beam + hinged rock beam”
structure is the main factor causing the strong underground
pressure behavior of the working face and roadway below.
Therefore, it is necessary to carry out mechanical analysis
of the whole overburden structure, so as to clarify the rela-
tionship between the key overburden structures.

N8210 Gob

N8211 Working face

N2211 Headgate

N8209 GobN8209 Working face

N5211 Test roadway Section coal pillar to be reserved

N5209 Tailgate

N2209 Headgate

30mCoal pillar

Figure 1: Relative position relationship of the 8211 working face.

Table 1: Lithology of the 8211 working face.

Lithology Thickness (m) Depth (m) Lithology description

Aluminous mudstone and sandy mudstone
interbedding

28.4 332.9
The upper part is purple patchy aluminum mudstone, and

the lower part is yellow green sandy mudstone.

Medium coarse sandstone 9.2 342.1
It is grayish white coarse-grained massive structure, with

gravel gradually increasing at the bottom.

Sandy mudstone and siltstone interbedding 39.4 381.5
It is mainly composed of light gray sandy mudstone
and siltstone interbedded with thin layer of clay rock.

Medium coarse sandstone 13.5 395.0
Gray white coarse-grained massive structure intercalated

with thin-layer siltstone.

Siltstone 3.2 398.2
The main mineral composition is quartz and calcareous

cementation.

Carbonaceous mudstone 2.3 400.5 Black muddy structure, containing root plant fossils.

Coal seam 15.0 415.8
It is mainly black and semi dark coal with multilayer

gangue and developed endogenous fractures.

Carbonaceous mudstone 5.3 421.1 Black muddy structure, containing root plant fossils.

Medium fine sandstone 14.5 435.6
Gray medium fine structure, containing a thin layer of silt

and fine sandstone.
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4.2.1. Mechanical Analysis of Hinged Rock Beam Structure.
The mechanical model of hinged rock beam structure is
established, and the force of each key block is analyzed.
The bearing state of key block C is shown in Figure 5,
where the adjacent key blocks are hinged to O3, the hori-

zontal thrust between them is TBC and TCD, the uniform
load of overlying strata is q4, the supporting force of caving
gangue on key block B is q3, the downward force of key
block B on key block C is f BC , and the weight of key block
C is QC .
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Figure 2: Observation results of roof strata structure.

Key block A
Key block B

Key block C
Immediate roof

Goaf

Figure 3: Structural characteristics of overburden for the conventional working face.
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If ∑x = 0 and ∑y = 0 in the vertical and horizontal direc-
tions, then

TBC = TCD, ð1Þ

f BC = q4LC − q3LC −QC: ð2Þ
TBC can be obtained by the following formula [20, 21]:

TBC =
LB QB + q2LBð Þ
2hB − LB sin θ

, ð3Þ

where the length and thickness of key block B are LB and
hB, respectively, and the uniform loads imposed on blocks B

and C by the overlying weak rock layer are q2 and q4, respec-
tively, which can be obtained by controlling the unit weight
of the weak rock layer by the key block. The weight of key
block B is QB, the rotating angle of key block B is θ, and
the breaking distances of key blocks B and C are LB and
LC , respectively.

Key block B is hinged with key blocks A and C at points
O2 and O3, respectively. The bearing state of key block C is
shown in Figure 6. Where the supporting force of weak rock
stratum on key block B is qy, the length of the supporting

A B

High hinged rock beam structure

Low cantilever structure

Goaf of 8210 fully mechanized caving face

C

Figure 4: Overburden structure characteristics.

Key block CfBC
Qc

TCD
O3

TBC

q4

q3

Lc

Figure 5: Mechanical analysis of key block C.

qy

Key block B

q2

LB

fAB

TAB

TCB

fCBQB

h B

O2

O3

x

Rg

𝜃

Figure 6: Mechanical analysis of key block B.

qy'

c

Q

x2O2

α l0

qz

x

h

Figure 7: Force analysis of the cantilever beam structure.

Figure 8: Numeric calculation model.
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force is x, and the supporting force of goaf gangue on key
block is Rg. The vertical forces imposed by key blocks A
and C on key block B are f AB and f BC , and the both are
mutual forces. The horizontal forces imposed by key blocks
A and C on key block B are TCB and TAB, respectively. Tak-
ing ∑x = 0, ∑y = 0, and calculate the moment for O2, ∑M
O2 = 0, then

qyx
2 =

q2
LB
2

cos θ + hB sin θ

� �
+QB

LB cos θ + hB sin θð Þ
2

−TCB hB cos θ − LB sin θð Þ − f CB LB cos θ + hB sin θð Þ
−RgLB cos θ

2
66664

3
77775 cos θ:

ð4Þ

4.2.2. Mechanical Analysis of Cantilever Beam Structure. The
mechanical model of the cantilever beam structure is estab-
lished, as shown in Figure 7. For the force analysis of

cantilever beam structure, ∑MO2 = 0, which satisfies the fol-
lowing balance equation:

1
2
Q l0 + h cot αð Þ + qy′ x2 − h cot αð Þ2� �

− qzc
2 = 0, ð5Þ

where the sum of the gravity of the cantilever beam and
the strata load controlled by cantilever beam is Q; the
thickness and fracture distance of the cantilever beam are h
and l0, respectively; the dip angle of the fracture is α; the load
under the action of the hinged rock beam structure is qy ′;
and the force of the underlying coal and rock mass on the
cantilever beam is qz, and the distance from the fracture
position of the cantilever beam to Q2 is c.

Through simultaneous equations (3), (4), and (5), the
following qz is obtained.

From the above formula, it can be seen that the stress
environment of the coal body near the goaf is closely related
to the breaking position of the cantilever beam structure.
The bearing capacity of the coal body near goaf is inversely
proportional to the square of the breaking position c of the
cantilever beam structure.

5. Movement Characteristics of Overlying
Strata Structure

Considering the overlying strata in the goaf are mostly in
discrete state, UDEC numerical simulation software is used
to analyze the characteristics of overlying strata structure
movement and its correlation with lateral abutment pressure
distribution law of coal body [22, 23].

5.1. Establishment of Numerical Calculation Model. Com-
bined with engineering conditions of the 8210 working face
in Madaotou coal mine, the numerical model is established
(Figure 8). The simulated working face length along the x
-axis direction is 300m. The deformation of the model is
constrained by fixed boundary. The horizontal boundary of
the model and the vertical direction of the bottom boundary
are fixed. The equivalent uniform load of 8.5MPa is applied
at the upper boundary. The coal and rock mechanical
parameters are shown in Table 2.

5.2. Overburden Movement along Goaf and Evolution of
Lateral Abutment Pressure. During the mining of the upper
working face, overlying rock structure undergoes the whole
process of deformation, fracture, rotary subsidence, and sta-
bility. Combined with numerical analysis results and the
internal and external stress field theory [24], the formation
and development of lateral abutment pressure can be
divided into four stages (Figure 9).

The first stage is before the change of support capacity
of the coal wall. At this stage, the key strata in relatively
stable state gradually transmit the pressure of overburden
to the upper part of the coal seam, and the stress of the
coal body has not reached its ultimate bearing strength.
Therefore, the whole coal seam, including the side coal
wall of the goaf, is in elastic deformation state. The process
of abutment pressure is a monotone decline curve with the
peak value at the edge of the coal wall, as shown in
Figure 9(a).

The second stage is from the beginning of coal abutment
pressure changed to the key strata broken. With the increas-
ing of overburden activity, the lateral abutment pressure in a
certain range increases to exceed the strength limit of the
coal seam. With the destruction of the coal body, its bearing
capacity begins to decrease. The process of abutment pres-
sure on the coal seam will divide into the plastic zone and
elastic zone. The pressure increases gradually in the plastic
zone and decreases monotonically in the elastic zone. The

qz =
1
c

� �2

q2
LB
2

cos θ + hB sin θ

� �
+QB

LB cos θ + hB sin θð Þ
2

−
LB QB + q2LBð Þ
2hB − LB sin θ

hB cos θ − LB sin θð Þ

− q3LC − q4LC −QCð Þ LB cos θ + hB sin θð Þ
−RgLB cos θ

2
6666666664

3
7777777775

cos θ
x2

x2 − h cot αð Þ2� �
+
1
2
Q l0 + h cot αð Þ

8>>>>>>>>><
>>>>>>>>>:

9>>>>>>>>>=
>>>>>>>>>;

: ð6Þ
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peak position of the pressure is at the junction of the elastic-
plastic zone, as shown in Figure 9(b).

The third stage is from the key strata broken to touch
gangue. Before the key strata are broken, it is in a state of

tensile stress concentration near the broken line. When the
tensile stress exceeds the tensile strength limit, the strata will
break in front of the coal wall on the goaf side. The abutment
pressure distribution is clearly divided by the broken line.

Table. 2: Joint mechanical parameters of coal and rock.

Lithology
Normal stiffness Shear stiffness Shear modulus Bulk modulus Cohesion

Internal
friction angle

Tensile strength

(GPa) (GPa) (GPa) (GPa) (MPa) (°) (MPa)

Overlying strata 2 4.1 2.3 7.1 8.1 10.5 33.3 3.2

Medium coarse sandstone 5.2 2.9 10.2 15.3 26.5 35.4 5.8

Overlying strata 1 3.8 2.1 8.3 8.9 11.9 28.1 3.3

Medium coarse sandstone 5.2 2.9 10.2 15.3 26.5 35.4 5.8

Siltstone 4.8 2.6 9.8 12.1 15.5 33.2 4.3

Carbonaceous mudstone 2.6 1.4 2.8 3.6 10.8 28.1 3.8

Coal seam 2.2 1.2 1.7 2.2 5.9 15.3 1.3

Carbonaceous mudstone 3.6 1.7 2.8 3.6 10.8 28.1 3.8

Siltstone 5.6 2.8 8.2 10.3 7.2 34.8 3.7
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(b) The second stage
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(c) The third stage

50 45 40 35 30 25 20 15 10 5 0
2

4

6

8

10

12

14

16

18

20

22

Horizontal distance from goaf/m

La
te

ra
l a

bu
tm

en
t p

re
ss

ur
e/

M
Pa

 

(d) The fourth stage

Figure 9: Structural characteristics of overburden movement and dynamic distribution curve of lateral abutment pressure in different stages.
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The two parts are the internal stress field controlled by the
LCB and HHRB structure located within the broken line,
and the external stress field that bears the additional stress
of the upper rock layer beyond the broken line, as shown
in Figure 9(c).

The fourth stage is from a low-level key stratum and
high-level key stratum movement, touch- gangue to stability.
At this stage, the overall failure height of overlying strata
does not increase any more, the arch height of fracture arch
reaches the maximum value, and the relative positions of the
internal and external stress fields and stress peaks are basi-
cally stable. The lateral coal mass of the goaf is in a relatively
stable overburden structure and stress environment, as
shown in Figure 9(d).

The average thickness of the coal seam in Madaotou
coal mine is 15m, which belongs to the extra thick coal
seam. The overlying strata will go through the movement
process described in the above four stages. Because of the
large thickness of the coal seam, the huge mining space will
be formed, which leads to a violent and long lag period
overlying rock activity. The peak value of abutment pres-
sure formed is high, and the influence range is large. At
the same time, it will take a long time for the overlying rock
movement to reach a stable state. It can be seen that road-
way driving along the goaf in the fourth stage, namely, the
stable abutment pressure stage, can ensure that the gob side
roadway is in a relatively stable overburden structure and
stress environment.

6. Field Measurement

The lateral abutment pressure is monitored by installing a
borehole stress meter on the coal pillar side. Firstly, it can
reveal the dynamic evolution law of the coal pillar abutment
pressure on the goaf side, which can reflect the movement
state of the overlying strata in the goaf, and clarify the activ-
ity and stability stage of the overlying strata. Secondly, it can
also judge the bearing capacity of different areas in the coal
pillar according to the influence range and distribution state
of the coal pillar bearing pressure on the goaf side [25].

The borehole stress gauge is installed at the coal pillar
side of gob side roadway of the N8209 working face to mon-
itor lateral abutment pressure, so as to verify the broken
position of overburden rock and the evolution law of abut-
ment pressure. The layout of monitoring station is shown
in Figure 10.

As mentioned above, monitoring the abutment pressure
in the coal pillar can reflect the strata movement state in the
gob. According to Figure 11, when the working face is mined
to about 30m behind the station, the abutment pressure
with a borehole depth of 13m (17m from the edge of the
goaf) has dropped significantly and then slowly rises as the
working face continues to advance. It is indicated that over-
lying strata is fractured near 17m from the coal wall edge of
the goaf, and the fractured rock masses squeeze the coal in
the subsequent rotation process. The abutment pressure
stress with a borehole depth of 8m (22m from the edge of
the goaf) increased significantly and then gradually slowed
down and stabilized with the distance of the working face,

indicating that the partial load was transferred to the front
of fracture position after the rock block is fractured. Com-
pared with a borehole depth of 28m, the abutment pressure
with a borehole depth of 3m (27m from the edge of the goaf)
always maintains a higher stress level, and the coal body
within this range still has a certain bearing capacity. However,
in the mining process of the working face, it becomes a poten-
tial deformation and failure area due to strong mining, which
is prone to plastic deformation and failure.

The abutment pressure with a borehole depth of 28m
(2m from the edge of the goaf) decreased significantly at
30m behind the working face. It shows that the coal bearing
capacity at the location was reduced, and yield failure
occurred, causing the stress to transfer to the depth of the
coal pillar. The abutment pressure with borehole depths of
23m and 18m (7m and 12m from the goaf, respectively)
have a small increase in front of the work face but little
change. It indicates that the coal body is still elastic state
and has a large bearing capacity within the range of
7m~12m from the goaf. From the above discussion, it can
be concluded that field measurement results are consistent
with theoretical analysis.

The stress distribution law of coal pillar drilling at differ-
ent positions from the 8210 working face is shown in
Figure 12.

(1) With the advance of the working face, the abutment
pressure of the coal pillar redistributes during the
movement of the overlying strata. Before the overly-
ing strata is broken, the stress curve of the coal pillar
presents a “single hump” type, and the peak value of
the overall stress is shifted to the side of the roadway
along the goaf. After the overlying strata is broken,
the stress curve of the coal pillar presents the “asym-
metric saddle” type, and the stress value of the coal
pillar side in the goaf is smaller than that of the coal
pillar side along the roadway, which indicates that
the mining roadway under the condition of 30m
protective coal pillar is always in a high stress envi-
ronment during the movement of the overlying
strata

(2) The coal body within a certain range from the edge
of the goaf wall is in a low stress state, and the coal
body has a certain bearing capacity. If the mining

N8210 working face N8210 Gob

30m coal pillar

Monitor station of mine pressure

N8209 working face

N5210 headgate
28m

23m
18m

13m
8m

3m

Figure 10: The layout of monitoring station.
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roadway is arranged in this area, it is easier to main-
tain the roadway under the strong mining influence.
Within the range of 300m behind the working face,
the abutment pressure of the coal pillar is always in
the state of dynamic adjustment. Until the working
face is pushed over 300m, the abutment pressure
in the coal pillar tends to be stable, and the activity
of the overlying strata gradually is stopped

7. Conclusion

(1) As the coal body is continuously mined, the unstable
hinged rock beam structure acts on the low cantile-
ver beam and causes the low cantilever beam to
break and further turn to be deformed, which is the
main factor causing the strong mine pressure behav-
ior of the working face and roadway below
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(2) Four different movement stages of overlying rock
structure along the goaf side of the extra thick coal
seam are obtained and analyzed in detail. It is pro-
posed that roadway driving along the goaf in stable
abutment stress stage can avoid roadway in unstable
overburden structure and stress environment

(3) The fracture position and lateral abutment pressure
evolution process of overlying strata on the gob side
of the extra thick coal seam are confirmed by field
measurement, which provides reference for the rea-
sonable driving time and location of roadway
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As one of the most important unconventional hydrocarbon resources, the oil shale has been extracted with a frozen wall to
successfully increase the shale oil production and reduce environmental pollution, which results from the harmful liquids in
the in situ conversion processing of oil shale. Thereby, the strength and permeability of the frozen wall are extremely critical
to reduce the harmful chemicals leaching into the groundwater. However, the permeability and strength of the frozen wall can
be influenced by periodic freeze-thaw cycles. In order to investigate the damage and deterioration characteristics of oil shale
samples after various periodic freeze-thaw cycles, the oil shale samples were periodically frozen and thawed as many as 48
times, after which the sample mass, stress-strain, freeze-thaw coefficient, uniaxial compressive strength, elastic modulus,
and longitudinal wave velocity of the oil shale samples were separately measured. According to the measured results, the
number of freeze-thaw cycles greatly influenced the physical and mechanical properties of oil shale samples. The uniaxial
compressive strength and elastic modulus of the oil shale samples were changed with maximum variation rates of 64%
and 65%, respectively. Meanwhile, the freeze-thaw coefficient of measured oil shale samples exponentially decreased with
the increased number of freeze-thaw cycles, whereas the longitudinal wave velocity of tested samples ranged from 1602m/s
to 2464m/s as a result of the new micropores inside the oil shale sample. Research results have enormous significance to
the efficient and safe in situ exploitation of oil shale deposits.

1. Introduction

Oil shale is considered an important unconventional hydro-
carbon resource, and its worldwide reservoir volume is huge.
According to the latest report of the World Energy Council
[1], the converted reserves of oil shale resources into shale
oil reaches up to 4:8 × 1012 bbl throughout the world, which
is 4 times as much as the world’ s oil resources. It can be
confirmed that there are more than 300 shale deposits dis-
tributed in 40 countries, though the most abundant oil shale
resources are located in the United States [2]. With the
increasing price of the crude oil, the new energy resources,
such as oil shale, have received further attention due to their

tremendous prospects for the production and utilization
[3, 4]. Therefore, various production technologies of the
shale oil have been proposed, such as true in situ (TIS) and
modified in situ (MIS) for the conversion of oil shale [5]. In
addition, the in situ conversion and restoration of shale oil
are mainly accomplished by means of heat and chemistry
activation, which intensively change the underground envi-
ronment and reservoir property of the oil shale [6].

In shell’ s in situ retorting and conversion process, the
kerogen of shale oil is thermally decomposed and converted
into shale oil gas, which will be collected and separated
above ground [7, 8]. However, the uncollected liquids in
the spent shale or the vapour produced during in situ
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retorting may leach into groundwater; thereby, a frozen wall
acts as an underground barrier around the oil shale site [9].
Besides, the freezing technology was applied to form a
water-proof structure during the in situ production of
underground energy [10]. In order to prevent groundwater
from entering the oil shale site and prevent the harmful liq-
uids produced by the in situ retorting from leaching out at
the site, the frozen wall has been successfully utilized for
the in situ conversion processing of oil shale [11, 12]. Ini-
tially, the targeted oil shale reservoir is enclosed with a
cluster of freezing boreholes, which facilitates the rapid
formation of underground frozen wall with expected coolant
temperature of minus 42.8°C. Due to the permeability and
strength of the frozen wall are determined by the physical
and mechanical properties of oil shale deposits, the potential
production capacity of shale oil may also be reduced when
the conditions of the frozen wall, such as temperature, stress,
and confining pressure, are changed. Once the strength
and permeability of frozen wall have been weakened by
freezing-thawing conditions, the underground water will
be directly polluted, and the production efficiency will be
subsequently reduced. In addition, the deformation and fail-
ure of frozen wall eventually leads to the potential pipe break-
ages, which dramatically increase the production cost of shale
oil [13, 14]. Thereby, the influence of freeze-thaw condition

on the quality of frozen wall is extremely crucial for improv-
ing the exploitation of oil shale reservoir [15].

In previous studies, great advancements about the effects
of periodic freeze-thaw conditions on variations of the
mechanical and physical properties of other rocks have been
made in recent years [16]. [17] from Spain conducted series
of freeze-thaw experiments on various types of granites for
56 cycles with time intervals of 4 h, 8 h, and 12 h while the
temperature was ranging from 12°C to 20°C. Subsequently,
the ultrasonic wave velocity of granite samples was tested
after every freeze-thaw cycle. The test results showed that
the ultrasonic velocity of granite samples decreases with
the lithology and freeze-thaw cycles, which result from the
increased number of pores and microcracks caused by the
freeze-thaw action. Yavuz [18] also found that the hardness,
comprehensive strength, and P-wave velocity of andesite
samples reduced after 10 freeze-thaw cycles and 50 thermal
shock cycles, whereas the porosity and water absorption rate
of the measured samples increased.

The rock mechanical properties under periodic freeze-
thaw cycles were researched by Yang and Zhang, and the
influence of freezing temperatures and freezing speed on
the deterioration characteristics of rocks was obtained by
using CT scanning equipment [19–21]. Besides, the temper-
ature variation of frozen soil wall and the evolution charac-
teristics of the specific heat capacity are analyzed by Yang
et al. [22]. Wu Gang [23] separately tested the deterioration
characteristics of saturated and dry rock samples with 60
freeze-thaw cycles, and the ultrasonic longitudinal wave
and shear wave velocities were measured by the ultrasonic
tester. Working with granite samples obtained from Jilin,

Tensile stress Grown cracks

Figure 1: Schematic diagram of periodic freeze-thaw action process in oil shale samples.

Figure 2: The tested oil shale samples with a diameter of 35mm.

Table 1: Physical parameters of the tested oil shale samples.

Dry density ρ (g/cm3)
Natural moisture

content (%)
Porosity (%)

1.40 5.5490 1.7972
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China, Liu [24] conducted freeze-thaw experiments for 20
cycles under the condition of local minimum temperature.
The test results showed that low-temperature freeze-thaw
cycles have no obvious effect on the quality of granite,
whereas these cycles have a great impact on the strength,
stiffness, and Poisson’s ratio of the tested samples. In addi-
tion, Bellanger [25] analyzed the calculation method of tun-
nel frost heaving force corresponding to the physical and
mechanical properties of rock samples. Overall, several effec-
tive methods for controlling the freezing deterioration of soft
rock have been proposed, including changing the physical
and mechanical properties of the rock, extruding the pore
water from the frozen area, and increasing the internal tem-
perature of the tunnel [26].

In present studies, the influence of periodic freeze-thaw
cycles on the deterioration characteristics of undermined
oil shale is adequately analyzed according to the changes in
physical and mechanical properties of rock samples. Studies
on the physical and mechanical characteristics of oil shale
samples will facilitate the development and utilization of
oil shale resources. In addition, the oil shale samples recov-
ered from Huadian Oil Field were utilized to measure the
physical and mechanical properties of the tested samples.
The freeze-thaw testing machine and mechanical testing
machine were used to assess the damage and deterioration
characteristics of oil shale samples under conditions of peri-
odic freeze-thaw cycles, and the influence of periodic freeze
-thaw cycle on the variation of mechanical and physical
properties was investigated. The findings will contribute to
the comprehensive study of oil shale samples, especially for
the exploitation and production of oil shale deposits.

2. Mechanism of the Periodic Freeze-
Thaw Cycle

Freeze-thaw cycles refer to the periodic freezing or thawing
of rock and soil while the temperature falls below zero or
rises above zero, which belongs to the physical and geologi-
cal process phenomenon. Under minus temperature condi-
tion, water in the fractures of rock and soil will be frozen
and expanded; thus, excessive pressure produced by ice par-
ticles will be accumulated inside the rock fracture. However,
the frozen ice existed inside the fractures will be melted
while the temperature rises, and the water droplets as well
as moisture move along the pores or capillary pathway of
the structure surface to the internal structure. Hence, the
pressure on two walls of the rock fracture was dramatically
decreased, and two walls between rock fractures push back
to the center. Moisture in the structure surface and internal
fractures will be alternately frozen and melted, which is
known as periodic freeze-thaw cycle. As shown in Figure 1,
during the process of periodic freeze-thaw cycle, fractures
inside the rock will be expanded and grown in quantity;
accordingly, the stones are separated by rock particles [27].

Freeze-thaw deterioration of rocks is an integrated pro-
cess derived from the physical, chemical, and mechanical
phenomena. It is a complicated process coupling with a mul-
tifield of temperature, water, and force, especially the energy
transfer, phase change, and migration of water [28]. The
essence of freeze-thaw damage and deterioration is that the
compositions of rock, such as water, ice, and mineral, have
different thermal physical properties [29]. Due to different
crystalline orientations have different thermoelastic proper-
ties, as well as different shrink and expansion ratios of vari-
ous mineral particles, shrinkages and expansions across the
grain boundary are unbalanced, which applies a gravity force
between mineral grains and micropore. The weakly cemen-
ted rock particles will be destroyed by such internal stress
and cause partial damage and deterioration inside the rock
matrix. While the temperature dropping to the freezing
point, water transforms from liquid to solid, and this process
will generate inflation tensile stress, which will lead to the
damage of some weak rock particles. When the temperature
rises, pore fissure water in the rock melts, freezing stress
releases, moisture migrates, and fracture in local damage
area interconnects, eventually aggravating this damage. With
the increase of periodic freeze-thaw cycle, internal stress

Figure 3: Experimental apparatus of TDS-300 periodic freeze-thaw cycles.

Figure 4: DNS100 microcomputer controlled electronic test
machine.
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alternately acts on the skeleton of rock mass with the exter-
nal temperature circulation, which causes irreversible deteri-
oration inside the rock matrix.

According to Lemaitre’ s brittle damage model, the dete-
rioration characteristic of oil shale sample can be specified
by the uniaxial compression strain, as shown in formula (1):

D = ε

εr

� �k

: ð1Þ

According to the relationship between stress and strain
obtained from uniaxial compression, the stress can be
expressed as

σ = E 1 −Dð Þε: ð2Þ

Thereby, the damage constitutive equation of oil shale
samples can be presented as formula (3) after various
freeze-thaw cycles:

σ = E nð Þ 1 − ε

εr

� �k
" #

ε: ð3Þ

Besides,

E nð Þ = E0 1 −D nð Þ½ �: ð4Þ

Eventually,

σ = E0 1 −D nð Þ½ � 1 − ε

εr

� �k
" #

ε, ð5Þ

where D denotes the damage degree of oil shale, n denotes
the freeze-thaw cycles, E denotes the elasticity modulus of

raw oil shale, EðnÞ denotes the elasticity modulus of frozen
oil shale, ε denotes the initial strain of oil shale sample,
and εr denotes the strain of frozen oil shale.

It can be indicated that the uniaxial compression
strength of the oil shale sample is closely influenced by
freeze-thaw cycles, which conversely changes the physical
and mechanical properties of oil shale samples. Therefore,
the variation of uniaxial compressive strength, mass,
freeze-thaw coefficient, stress, and strain of tested oil shale
samples will be discussed with various freeze-thaw cycles
in the present research.

3. Tests on the Oil Shale Samples with Periodic
Freeze-Thaw Cycle

3.1. Preparation of Tested Oil Shale Samples. The tested oil
shale samples were recovered from Huadian Basin, Jilin
Province, China. The dimension of all tested samples is φ
50mm × 100mm, and the dry density of all samples is
approximately 1.4 g/m3. The reservoir depth of tested oil
shale sample is 600m, and the seam deposition age in Hua-
dian belongs to the Tertiary period of the Cenozoic [30].
Besides, the tested samples were prepared by drilling and
coring in oil shale mass with a water drilling method in
the laboratory. According to the requirements for thin sam-
ples, the height-diameter ratio of prepared samples was 2 : 1,
which accords with the requirement for improving measure-
ment errors. In present experiments, a total of 24 pieces of
oil shale samples with good integrity were tested, and the
tested samples were as shown in Figure 2.

Meanwhile, other specified physical parameters of the
tested oil shale samples are as shown in Table 1. The dry
density was tested by dehydrating for 48 hours in a drying
oven, whereas the natural moisture content and porosity
were simultaneously measured with a QKY-11 gassy poros-
ity detector manufactured by Nantong Experimental Appa-
ratus Company. The porosity of oil shale samples can be
calculated based on the solid volume and physical volume
of the tested samples. The solid volume is derived from the
balance pressure of a standard curve.

3.2. Experimental Apparatus. The test apparatus with a spec-
ified cryogenic bath is termed as TDS-300 freeze-thaw cycle
test machine, which was manufactured by Suzhou Donghua
Test Instrument Co., Ltd., as shown in Figure 3. The mini-
mum working temperature of the test machine is -40°C,
and the periodic freeze-thaw cycle of the oil shale samples
can be conducted by freezing in the test machine and thaw-
ing in the water. Once the freezing temperature of the tested
sample is confirmed, the periodic freeze-thaw cycles of oil
shale samples will be automatically completed without extra

Figure 5: Samples in the periodic freeze-thaw experimental
apparatus.

Table 2: State of each group of samples.

Group Group 1 Group 2 Group 3 Group 4 Group 5 Group 6 Group 7 Group8

Hydrous conditions Dry Saturated Saturated Saturated Saturated Saturated Saturated Saturated

Cycle times 0 0 2 times 4 times 8 times 16 times 24 times 48 times
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operations. Overall, relevant requirements of the standard
measurement of periodic freeze-thaw cycles are qualified.

The mechanical and physical properties of the oil shale
samples were measured with a DNS100 microcomputer,
controlled by electronic universal testing machine, as shown
in Figure 4. The universal testing machines are mainly used
for testing the tensile, compression, bending, shear, peel, tear,
and other mechanical properties for all types of metallic, non-
metallic, and composite materials. The maximum force, ten-
sile strength, bending strength, compression strength, elastic
modulus, breaking elongation, yield strength, and other
parameters can be obtained. Meanwhile, the ZBL-U520 ultra-
sonic detector, electronic balance (tolerance of 0.0001g) accu-
racy, vernier caliper, and drying oven have been utilized in all
experiments.

3.3. Experimental Methods and Proposals. According to the
operation specification of conventional rock experiments
under conditions of periodic freeze-thaw cycles in water
conservancy and hydroelectric engineering (SL264-2001),
all periodic freeze-thaw experiments were conducted with
-20°C freezing temperature and 20°C thawing temperature.

The experimental procedures were as follows: firstly, the
oil shale samples were frozen for 4 hours in the test appara-
tus with a temperature of -20°C, then being thawed for 4
hours in the water at a temperature of 20°C, namely, each
freeze-thaw time step was 8 hours. There were 8 groups of
oil shale samples in all freeze-thaw experiments, and each
group included 3 samples. Six groups of samples were proc-
essed under conditions of periodic freeze-thaw cycles with 2,
4, 8, 16, 24, and 48 hours, separately. Before the periodic
freeze-thaw experiments, all the oil shale samples were
placed in the oven (temperature at 105°C) for 48 hours,
which is aimed at dehydrating all the samples to a constant
weight (mass changes no greater than 0.1% in 24 hours).
Then, the mass of each oil shale sample can be weighed
and recorded. As shown in Table 2, totally, 2-8 groups of
samples were continuously vacuumed for 4 hours until no
air bubbles existed in the sample.

Subsequently, the oil shale sample was placed in distilled
water for 48 hours until to be saturated; thus, the mass of
each oil shale sample can also be weighed and recorded.
The oil shale samples in group 1 and group 2 were prepared
for the uniaxial compressive strength experiment, and the
rest of the samples were placed in the freeze-thaw experi-
mental apparatus for periodic freeze-thaw experiment, as

Sample
preparation Drying Weighing

Acoustic
wave test

Uniaxial
compression

test

Weighing

Weighing Freeze-
thaw cycle

Soaking

Group 1 Group 2

Group

Various

cycles

3–8

Data
acquisition

Figure 6: Flow diagram of the periodic freeze-thaw experiments.

Figure 7: Test on the mechanical properties of the measured oil shale samples.

Figure 8: Ultrasonic detection on oil shale samples after periodic
freeze-thaw cycles.
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shown in Figure 5. After the designed freeze-thaw cycles
were completed, the mass variation of tested oil shale sam-
ples will be weighted and recorded. The ultrasonic detection
and uniaxial compression experiments were conducted once
the weight of oil shale samples has been measured. Overall,
the oil shale samples were continuously tested under condi-
tions of periodic freeze-thaw cycles until all the experiments
were entirely completed. The flow diagram of the periodic
freeze-thaw experiments is shown in Figure 6.

3.4. Uniaxial Compression Test on Oil Shale Samples after
Periodic Freeze-Thaw Cycles. Once the oil shale samples
were processed under conditions of periodic freeze-thaw
cycles, the mechanical properties were measured with the
uniaxial compression experiments in the rock mechanics
laboratory (locates in the College of Construction Engineer-
ing, Jilin University). Under average ambient temperature
conditions, the experiments were carried out using a
DNS100 microcomputer-controlled electronic universal
testing machine, and the strain and stress measurement were
acquired with the electric resistance strain gauge. Mean-
while, the axial loading rate was controlled and assigned to
0.5MPa/s in all experiments. The process used for testing
the mechanical properties of the measured oil shale samples
is shown in Figure 7.

3.5. Ultrasonic Detection on Oil Shale Samples after Periodic
Freeze-Thaw Cycles. In order to investigate the influence of

periodic freeze-thaw cycles on the deterioration characteris-
tics of measured oil shale samples, the ultrasonic propaga-
tion velocity of measured sample has been obtained by
ultrasonic detection on frozen-thawed samples, as shown
in Figure 8. The ultrasonic propagation velocity is varying
with various materials, which is highly related to the density
of measured samples. While the fractures inside the oil shale
samples are extended by internal stress derived from period-
ically freezing and thawing, the density of oil shale samples is
changed. Besides, the nondestructive and ultrasonic longitu-
dinal wave tests on oil shale samples have been completed
after various freeze-thaw cycles, and the effect of periodic
freeze-thaw cycles on longitudinal wave velocity of oil shale
samples was subsequently analyzed and recorded.

4. Results and Discussions

4.1. Influence of Periodic Freeze-Thaw Cycles on the Mass
Changes of Oil Shale Sample. The mass variation of the mea-
sured samples before and after different periodic freeze-thaw
cycles has been shown in Table 3. Test results have shown
that the mass of each measured sample is increasing after
periodic freeze-thaw cycles, and the sample in serial number
of OS-6-2 has the maximum mass changes, which goes up to
4.38%. It can be implied that the internal micropore of mea-
sured sample is increasing, and the new micropore inside the
oil shale appears due to the effect of frost heaving and melt
shrinkage. Thereby, the water migrated into the internal

Table 3: Mass changes of oil shale samples before and after periodic freeze-thaw cycles.

Freeze-thaw cycle
times (time)

Sample no. Mass before freeze-thaw cycles (g) Mass after freeze-thaw cycles (g)
Rate of mass
change (%)

Average rate of
mass change (%)

0

OS-2-1 139.5024 — —

—OS-2-2 147.6156 — —

OS-2-3 138.8170 — —

2

OS-3-1 138.2813 141.5362 2.35

2.22OS-3-2 134.1621 136.6143 1.83

OS-3-3 145.2909 148.9062 2.49

4

OS-4-1 137.6229 141.5727 2.87

2.75OS-4-2 139.3990 143.5113 2.95

OS-4-3 145.2748 148.8195 2.44

8

OS-5-1 138.0036 142.5931 3.33

3.20OS-5-2 146.2784 151.6432 3.67

OS-5-3 135.9549 139.5099 2.61

16

OS-6-1 138.2125 143.9026 4.12

4.20OS-6-2 139.4651 145.5730 4.38

OS-6-3 142.9672 148.8533 4.12

24

OS-7-1 134.2431 139.8679 4.19

4.26OS-7-2 147.3052 153.5951 4.27

OS-7-3 141.9107 148.0412 4.32

48

OS-8-1 138.8485 141.8060 2.13

2.27OS-8-2 135.6381 139.3410 2.73

OS-8-3 140.9224 143.6704 1.95
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rock fractures, which resulted in the mass increase of oil
shale samples. In addition, the average mass change rate of
each group of oil shale samples is increasing while the peri-
odic freeze-thaw cycles are less than 24. However, the aver-
age mass change rate of measured samples will slightly
decline with the increase of periodic freeze-thaw cycles while
the freeze-thaw cycle is more than 24. It can be indicated
that the expansion of micropore is hindered and the frac-
tures inside the oil shale samples are squeezed; thus, it is dif-
ficult for moisture to come into the fractures inside the oil
shale samples.

In essence, the volume of fissure water occupied in the
rock matrix or the external water enters through the rock
fractures will increase by approximately 9% after the ice is
frozen. Besides, the ice exerts pressure on both sides of the
cracks, leading to the increase of depth and width of cracks.
While the ice is melting, generated water will flow into the
new cracks. The water will be refrozen when the temperature
drops, which enlarges the internal cracks inside the oil shale
samples. Therefore, the periodic freeze-thaw cycle will
weaken the oil shale samples until it is completely destroyed.

4.2. Influence of Periodic Freeze-Thaw Cycles on the Stress-
Strain of Oil Shale Samples. As shown in Figure 9, the
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Figure 10: Variation of freeze-thaw cycles on the uniaxial
compressive strength of oil shale samples.

Table 5: Relationship among uniaxial compressive strength, elastic modulus, and freeze-thaw cycles.

Fresh and dry Fresh and saturated 2 cycles 4 cycles 8 cycles 16 cycles 24 cycles

Average uniaxial compressive strength (MPa) 10.3941 7.3274 4.7087 4.6953 4.3599 4.0460 3.6972

Average elastic modulus (GPa) 4.3710 3.9822 2.6942 2.1367 2.0031 1.6045 1.4961

Table 4: Relationship between the freeze-thaw coefficient and freeze-thaw cycles.

Fresh and dry Fresh and saturated 2 cycles 4 cycles 8 cycles 16 cycles 24 cycles

Freeze-thaw coefficient — 1 0.64 0.64 0.60 0.55 0.50
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Figure 9: Variation of freeze-thaw cycles on the stress and strain of the measured oil shale samples.
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stress-strain curves of all the tested oil shale samples were
obtained based on the test results of uniaxial compressive
strength after various periodic freeze-thaw cycles. The stress
and strain of the dry rock samples, saturated samples, and
measured samples were obtained and checked. In addition,
Young’s modulus of the oil samples was determined by the
ratio of compression stress and longitudinal strain; hence,
the compression stress and longitudinal strain of all samples
should be precisely confirmed. Moreover, all tested results
about periodic freeze-thaw experiments should be repeatedly
measured for 3 times in order to reduce the measurement
uncertainty.

It can be inferred that the damage and deterioration on
the mechanical properties of the oil shale samples can be
influenced by the periodic freeze-thaw cycles. Due to the
hardness of the oil shale samples being low, excessive frac-
tures are present inside the oil shale samples; thus, the

stress-strain variation on the oil samples is determined by
the freeze-thaw cycles. When the number of freeze-thaw
cycles is 48, the deterioration on the mechanical properties
of the oil shale sample is the greatest. Although individual
differences of the oil shale samples result in diverse effects
on the stress-strain of tested samples, the deterioration of
the oil shale samples can be illustrated by the obtained
stress-strain.

Under the effect of periodic freeze-thaw cycles, there is
an obvious drop in uniaxial compressive strength, and the
downtrend is also obvious, especially in the initial cycles of
the freeze-thaw process. Comparing the stress-strain
changes of oil shale samples before and after the periodic
freeze-thaw process, a similar variation tendency can be
found throughout the periodic freeze-thaw process, which
can be divided into three stages: the pressure stage, elastic
deformation stage, and the crack extension stage.

4.3. Influence of Freeze-Thaw Cycles on the Freeze-Thaw
Coefficient of Oil Shale Samples. The rock’s ability to resist
freeze-thaw damage and deterioration can be expressed by
the freeze-thaw coefficient. According to the specifications
for rock tests in water conservancy and hydroelectric engi-
neering (SL264-2001), the formula of the rock freeze-
thawing coefficient is shown as follows:

K f =
Rf

Rs

, ð6Þ

where Kf is the freeze-thaw coefficient, Rf is the saturated
uniaxial compressive strength after freeze-thaw test (MPa),
and Rs is the saturated uniaxial compressive strength before
the periodic freeze-thaw tests (MPa). The freeze-thaw coeffi-
cients of the tested oil shale samples are shown in Table 4.

According to the measured results in Table 4, the freeze-
thaw coefficient of oil shale samples significantly reduces
with the increased number of freeze-thaw cycles. In the first
2 freeze-thaw cycles, the freeze-thaw coefficient of the tested
samples rapidly decreases. Subsequently, the freeze-thaw
coefficient of the samples continues to decrease. However,
the decreasing rate of the freeze-thaw coefficient significantly
reduces after the initial 2 freeze-thaw cycles. It can be
inferred that the pore space inside the oil shale sample has
been gradually reduced, and the sample will be compacted
during the freeze-thaw process; thus, the freeze-thaw coeffi-
cient of oil shale samples decreases.

4.4. Variation of the Uniaxial Compressive Strength and
Elastic Modulus. As shown in Table 5, the average uniaxial
compressive strength and elastic modulus are reduced with
the increased number of freeze-thaw cycles, and the maxi-
mum compressive strength and elastic modulus are obtained
from the fresh and dry oil shale samples. Due to the pore
matrix of oil shale samples is connected by rock particles,
the fresh and dry oil shale samples have little moisture inside
the pore volume, causing the compressive strength and elas-
tic modulus of oil shale samples to be maximized, which
reach up to 10.39MPa and 4.37GPa, respectively. Once the
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tested oil shale samples have been processed by several peri-
odic freeze-thaw cycles, the compressive strength and elastic
modulus of oil shale samples gradually decrease. It can be
inferred that the water inside the pore volume is periodically
frozen and melted; thereby, the connection between rock
particles has been broken by the interaction force of rock
particles, which results in the reduction of the average com-
pressive strength and elastic modulus. The tested oil shale
samples processed with 24 periodic freeze-thaw cycles exhib-
ited the minimum compressive strength and elastic modulus
among all the tested oil shale samples, which is simply
3.69MPa and 1.49GPa, respectively.

Meanwhile, the uniaxial compressive strength of the oil
shale sample varied closely with the numbers of freeze-
thaw cycles. As shown in Figure 10, the uniaxial compressive
strength of oil shale is greatly influenced by the periodic
freeze-thaw cycles. It can be implied that the uniaxial com-
pressive strength of the oil shale sample exponentially
decreased with the increased number of freeze-thaw cycles.
In the first 2 freeze-thaw cycles, the uniaxial compressive
strength dramatically decreased; then, the amplitude reduces,
and eventually, the uniaxial compressive strength was only
slightly decreasing with the remaining freeze-thaw cycles.
After the oil shale samples have undergone 24 freeze-thaw
cycles, the maximum variation rate of uniaxial compressive
strength was reached up to 64%.

According to the experimental results, the relationship
between the uniaxial compressive strength and the number
of freeze-thaw cycles can be fitted

σ = −
19:82058 + 27:14498

1 + nE0:15905/11:09104ð Þ , ð7Þ

where σ is the uniaxial compressive strength (MPa), n is the
number of freeze-thaw cycles, and the correlation coefficient
is 0.98587.

Additionally, the elastic modulus of the tested oil shale
sample was obtained under conditions of different freeze-
thaw cycles. As shown in Figure 11, the elastic modulus of
the oil shale sample exponentially decreased with the
increasing of freeze-thaw cycles, and the maximum elastic
modulus was approximately 4GPa, whereas the minimum
elastic modulus of tested oil shale sample is approximately
1.5GPa. After processing the oil shale samples with 24
freeze-thaw cycles, the maximum variation rate of the elastic
modulus reached up to 65%, which is greatly influenced and
determined by the number of freeze-thaw cycles.

According to the obtained elastic modulus results, the
relationship between the elastic modulus and freeze-thaw
cycles can be fitted as

E = 1:14961 + 2:83426
1 + n0:82524/1:99395ð Þ , ð8Þ

where E is the elastic modulus (GPa), n is the number of
freeze-thaw cycles, and the correlation coefficient is 0.98423.

4.5. Influence of Freeze-Thaw Cycles on Longitudinal Wave
Velocity of Oil Shale Samples. According to the obtained
wave velocity of tested oil shale sample, the longitudinal
wave velocity of processed oil shale sample is shown in
Figure 12. With the increase of periodic freeze-thaw cycles,
the longitudinal wave velocity of oil shale sample dramati-
cally decreases. The periodic freeze-thaw cycle has a signifi-
cant influence on the longitudinal wave velocity of tested oil
shale samples. As shown in Table 6, once the oil shale sam-
ples have been proceeded with 24 periodic freeze-thaw
cycles, the minimum wave velocity of 1602m/s can be
accomplished.

Due to the performance of periodic freeze-thaw cycles
on measured oil shale sample, the frozen ice particles inside
the fractures will be melted while the temperature rises; oth-
erwise, the water or moisture will be repeatedly frozen,
which enlarges the fractures inside the oil shale samples.
Thereby, the density of oil shale sample is decreasing due
to the pore volume of the measured sample being increased.
However, the wave velocity positively varies with the density
of measured materials; thus, the longitudinal wave velocity
reduces with the increase of periodic freeze-thaw cycles.

5. Conclusions

Under conditions of periodic freeze-thaw cycles, the physical
and mechanical properties of oil shale samples were dramat-
ically varied, and related conclusions and findings can be
obtained:

(1) Periodic freeze-thaw cycles greatly influence the
physical and mechanical properties of oil shale sam-
ples. Once the oil shale samples were frozen and
thawed for 24 cycles, the maximum compressive
strength and elastic modulus were 10.39MPa and
4.37GPa, respectively, besides the maximum varia-
tion rates of uniaxial compressive strength and elas-
tic modulus reaches up to 64% and 65%, respectively

(2) The freeze-thaw coefficient of measured oil shale
samples exponentially decreased with the increased
number of freeze-thaw cycles, whereas the longitudi-
nal wave velocity of tested samples ranged from
1602m/s to 2464m/s, as a result of the new micro-
pores inside the oil shale sample

Data Availability

The data used to support the findings of this study are
included within the article.

Table 6: Relationship between longitudinal wave velocity and freeze-thaw cycles.

Freeze-thaw cycle Dry 0 times 2 times 4 times 8 times 16 times 24 times

Average longitudinal wave velocity (km/s) 2.4644 2.6751 2.4.991 2.2418 2.0581 1.9055 1.6025
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In order to reveal the mechanism of thermal-induced deformation and fracture development of salt rock under high temperature,
the particle flow program PFC2D was used to study the triaxial compression failure process of salt rocks under different
temperatures; at the same time, a combination model of Burge and Linearpbond was proposed to simulate plastic deformation
and heat conduction of salt rock. Finally, the simulation results were compared with the experimental results to verify the
validity of the conclusion. The simulation results show that the elastic limit points of rock gradually descend, the dilatancy
points rise gradually, and the plastic deformation characteristics of salt rock become more obvious with the increase of
temperature. Due to the damage of the sample, the strong chains break and disappear, increasing the proportion of the weak
chains, and the high temperature intensifies the rupture of the contact between the particles in the salt rock. As the
temperature increases from 50°C to 120°C, the strong chains in the rock sample decrease significantly, and the damage
gradually increases; when the temperature is 150°C, the contact force decreases sharply, and the damage of salt rock is
significant. According to the particle displacement cloud diagrams, it is found that the expansion direction from the middle
part of the rock sample to the left and right ends is 12.08°, 9.55°, 8.2°, 6.33°, and 0°, respectively. The displacement directions of
the rock sample show obvious radial expansion tendency, and the higher the temperature, the more obvious the “drum-
shaped” failure phenomenon in the middle of the rock sample. During the heating process, the thermal cracks are mainly
tensile cracks, and transverse cracks are gradually formed in the middle of the model. The cementation failure points at the top
and bottom of the model expand in an oblique direction and form oblique cracks of about 45°. From the three different
mathematical models of macroscopic and mesoscopic views, it is concluded that the effect of temperatures on salt rock is more
significant after 90°C. This research is important for exploring the macroscopic and microscopic mechanics evolution of salt
rock and provides a reference for determining the long-term mechanical strength of salt rock.

1. Introduction

Salt rock can create an ideal environment for the storage
of underground oil and gas energy, and salt cavern energy
storage is generally built in the salt rock ore layer with a
depth of 1500m [1]. However, with the rapid development
of shallow favourable deposits, the development of salt
cavern underground energy storage is expanded from shallow
(buried depth < 1500m) to deep (buried depth 1500-2500m)
and ultradeep (buried depth > 2500m), during which the con-
struction and operation of underground storage also facemore
complex geological conditions, such as high in situ stress and

high ground temperature. Therefore, it is very important to
study the physical and mechanical properties of salt rock in
a high-temperature environment to ensure the safe operation
of storage.

Many scholars have done a lot of experimental research on
the mechanical properties of salt rock under the influence of
temperature. Gao et al. [2] carried out triaxial compression
tests of salt rock under the temperature of 25°C, 50°C, and
100°C to study the variation of macroscopic mechanical
parameters of rock mass with temperature from a macro per-
spective, and they found that the peak stress and elastic mod-
ulus of salt rock decreased with the increase of temperature.
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Wu et al. [3] monitored the acoustic emission activities of salt
rock in the process of thermal loading and explored the acous-
tic emission characteristics of rock at different stress stages
under high temperatures. Kang et al. [4] designed the damage
self-recovery test of salt rock and analyzed the damage and
healing mechanism of salt rock from the perspective of crystal
by using SEM technology. Under different temperatures and
osmotic pressures, Yang et al. [5] carried out triaxial creep
tests on calciummirabilite salt rock and analyzed the influence
of temperature on the creep process of calcium mirabilite.
Because of the restriction of the test conditions, the tempera-
ture in the triaxial test of salt rock was not high (below
100°C), and the results had limitations.

In addition, the laboratory tests always try to explain the
temperature effect from the macroscopic perspective, which
cannot reflect the mesoscopic development of salt rock in
the thermodynamic coupling process; the DEM makes up
this defect and is widely used in the geotechnical engineering
field. Shen et al. [6] used PFC2D to simulate the dynamic fail-
ure process of shale rock under uniaxial compression and
explored the evolution characteristics of microcracks in brit-
tle shale failure under different stresses. Jiang et al. [7] used
the discrete element method (DEM) to carry out triaxial
simulation tests on structural sand and compared the results
of numerical simulation and laboratory tests. Li et al. [8]
applied the 3D-GBM model to PFC3D to explore the micro-
mechanical properties of salt rock practical scale and verified
the effectiveness of this method. Based on the DEM, Li et al.
[9, 10] adopted the thermal-mechanical creep constitutive
model to explore the micromechanism of the influence of
temperature on the creep behaviour of salt rock. Xu [11]
and Liang et al. [12] used PFC2D to establish the thermal-
mechanical model and explored the fracture mechanism of
granite under high temperature from a mesoscopic perspec-
tive. However, although the particle discrete element method
has been widely used to analyze the damage evolution of
rock mass, the research on the failure law of rock under a
high-temperature environment is limited.

Given the complexity of rock and earth mass mesostruc-
ture and the limitation of the research, there is no accepted
mechanical theory formed to characterize the relationship
between macro- and mesoevolution of rock mass. Based on
the particle flow simulation technology, this paper makes up
for the inadequacy of indoor high-temperature rock mechan-
ics tests, analyzes the triaxial compression failure process of
salt rock under 20°C, 50°C, 90°C, 120°C, and 150°C, and syste-
matically studies the correlation characteristics of salt rock
from mesoscopic change to macroscopic response, revealing
the macro-mesoevolution mechanism of salt rock damage
under high-temperature environment.

2. Constitutive Contact Model and Thermal
Module Implementation

2.1. Selection of Constitutive Model

(1) Burger model: Burger’s model is an elastoviscous
rheological model, which consists of the Maxwell
body in series with the Kelvin body (Figure 1(a)).

The main contact parameters are the stiffness ðKm,
KnÞ of the elastic element and the bond coefficient
ðCm, CkÞ of the viscous element. The stiffness of the
elastic element is the stiffness of contact between
particles. The bond coefficient of the viscous element
is the contact damping of the particles, which is
related to the deformation strength. This model can
well reflect the viscoplastic deformation characteris-
tics of salt rock; however, during heating and load-
ing, the internal thermal damage of the salt rock
cannot be reflected by Burger’s model, and the
built-in program of the model does not have related
functions, such as crack control network, force
chain, and energy

(2) Linearpbond model: the Linearpbond model consists
of a bond component and a linear elastic component
(Figure 1(b)), which establishes an elastic contact
and can better simulate the linear elastic stage of salt
rock. In addition, stiffness ratio (kn/ks), bond strength
(c), and effective modulus (E∗) are the main contact
parameters in the Linearpbond model. The stiffness
ratio is the ratio of normal stiffness to tangential stiff-
ness (related to particle deformation). Bond strength is
the contact bond strength of the particles. Effective
modulus is the elastic modulus assigned to a single
particle at the microscopic scale. After the contact
bond is broken, the model allows the contacts between
particles to produce cementation failure points, which
can simulate the microcrack propagation during load-
ing to better reflect the degradation of mechanical
properties of rock and thermal expansion effects

(3) Combination constitutive model: during the triaxial
compression test, the salt rock exhibits strong visco-
plastic deformation characteristics, and microcracks
grow significantly. In addition, the high temperature
increases the ductility of the rock mass, and the ther-
mal response of the internal cementation is strong.
When the temperature reaches a certain value, the
salt rock may enter a creep stage. Therefore, to better
simulate the mesoscopic failure process of salt rock

Ball1

Maxwell section Kelvin section

Ball3

Ball2

Linear bond

Linear elastic componentBond component

(b)

(a)

Figure 1: A combinatorial constitutive contact model of Burger
and Linearpbond.

2 Geofluids



under high-temperature triaxial stress, the combina-
tion constitutive contact model of Burger and Line-
arpbond was adopted, as shown in Figure 1. The
constitutive models, burger and linear bond, and
their parameters are quoted from the built-in data-
base of PFC2D of Itasca commercial [13, 14]

2.2. Heat Transfer Mechanism of the Model. To study the dis-
placement and stress changes of rock particles under the action
of thermal effect, the model needs to have the ability of heat
storage and heat conduction. In the particle flow program,
the heat conduction between particles is realized by the heat
source through the heat pipe and finally forms the network
heat transfer channel. The heat pipe represents the heat transfer
process, which is related to predetermined thermal parameters
of the model. Thermal parameters include thermal expansion
coefficient (α), thermal resistance (η), thermal conductivity
(k∗), and specific heat capacity (Cv). These parameters work
together to generate heat conduction between particles. These
parameters are determined following Section 3.4 of this paper.
The thermal effect of particles produces the following effects:
thermal strain causes particle expansion, which leads to the
change of contact force; at the same time, the heat transferred
through the contact between particles causes the expansion of
the bond; their combined effect causes rock sample deforma-
tion. In addition, when heat is transferred to the inside of the
model, the force and range of contact between particles will
increase, and the parallel bond between particles will be broken,
or particles will be moved, resulting in partial failure of the heat
pipes between particles. The number of effective heat pipes
decreases, and the overall heat conduction ability of the model
decreases. The above process is consistent with the actual situ-
ation [15], so the PFC2D model can better simulate the heat
conduction process of rock.

2.3. Thermal Strain Constitutive Model. In the PFC2D, the heat
source completes heat conduction through the heat pipe and
finally forms a network heat transfer channel. We assume that
the effect of strain on temperature can be ignored, and the
continuity equation of heat conduction involving thermal-
mechanical coupled quasistatic mechanics is shown in

−
∂qi
∂xi

+ qv = ρCv
∂T
∂t

, ð1Þ

where qi is the heat flow vector, qv is the volumetric heat
source intensity or energy density, ρ is the density, Cv is the
specific heat capacity, and T is the temperature.

In the PFC2D, the thermal strain is obtained by calculat-
ing the expansion of the adhesion between particles, and the
thermal strain of the particles under the action of tempera-
ture is calculated by

ΔR = αRΔT , ð2Þ

where ΔT is the temperature increment, α is the linear
expansion coefficient of the particle, and ΔR is the change
in radius under temperature.

3. Numerical Modeling and
Parameter Calibration

3.1. The Establishment of the Geometric Model. Referring to the
high-temperature triaxial compression test in the salt rock
chamber [16], numerical simulation was carried out to perform
comparative analysis and verify the conclusion drawn in
numerical simulation. The two-dimensional plane stress model
was established, and the size of the model is Φ100mm × 200
mm, which is consistent with the laboratory test. In the model,
the particle size range is 0.7mm~1.05mm, obeying uniform
probability distribution. The reasonable ratio of the sample size
to the average grain diameter is greater than 30~40 [17]. The
combination constitutive model is adopted to simulate the con-
tacts between particles; the contacts between the wall and the
particle adopt Linear’s model, forming a total of 17,993 con-
tacts. The density of the rock sample is 2300kg/m3, and the
porosity is 0.03. The salt rock model is shown in Figure 2.

3.2. Test Scheme of Numerical Simulation. The first step is to
calibrate the parameters of the constitutive contact model
based on the laboratory test results. The test temperature
was set to 20°C (indoor temperature), and the axial loading
speed was set to 0.05m/s. In the quasistatic simulation, a
higher local damping coefficient is usually used to remove
the kinetic energy in the system effectively, making the qua-
sistatic deformation occur at a much higher rate than the
actual situation [18, 19]. Triaxial compression tests with
confining pressures of 10MPa, 20MPa, and 30MPa were,
respectively, simulated to obtain the stress-strain curves;
data processing was studied by trial and error method and
comparison method. Then, the results were compared with
laboratory test results to confirm the reasonable parameters
of the numerical simulation constitutive contact model.

The second step is to determine the thermal model
parameters and the new contact parameters. The triaxial
compression tests were carried out at environment tempera-
tures of 50°C, 90°C, 120°C, and 150°C while setting the triax-
ial confining pressure as 10MPa and the axial loading speed
as 0.05m/s. Through parameter optimization, the stress-
strain curves of salt rock were obtained. By comparing to
laboratory test results, the reasonability of numerical simula-
tion thermal model parameters was verified, and new con-
tact parameters were determined.

The third step is to conduct the triaxial high-temperature
numerical simulation test of salt rock. According to the
parameters determined above, the triaxial confining pressure
was set to be 10MPa, and the axial loading speed was set to
be 0.05m/s. The stress-strain curves of salt rock under the
environment temperatures of 20°C, 50°C, 90°C, 120°C, and
150°C were to obtain to further explore the damage evolution
mechanism and macroscopic and mesoscopic characteristics
of salt rock model at high temperatures.

3.3. Determination of Constitutive Contact Model Parameters.
Since the cross-sectional area of the salt rock changes greatly
after compression, the assumption of small strain is no longer
applicable. Therefore, based on the results of the laboratory
test [16], the area correction method [20] was used to process
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the stress-strain data (Figure 3). The principle of the area
correction method is as follows.

As the deformation changes the cross-sectional area of the
rock sample, the corresponding pressure can be corrected by
engineering strain; the specific expression is as follows.

σluc =
F1
A′

, A′ = A0
1 − εt

, ð3Þ

where σluc is linear corrected axial pressure, A0 is the
cross-sectional area of the unpressurized sample, F1 is the
axial force, and εt is the engineering strain value.

In addition, according to the current research results
[21–25], a set of constitutive model mesoparameters
(Table 1) are determined by comparing the revised labora-
tory test results of salt rock so that the basic macroscopic
parameters and stress-strain curves from the triaxial numer-
ical simulation at room temperature are in good agreement
with the laboratory test results (Figure 3). Comparison of
stress-strain curves between laboratory test and numerical
simulation shows that the correlation coefficients between
the test curves and numerical curves are 0.9652, 0.9402,
and 0.9601, respectively. The selected mesoparameters can
reasonably reflect the macromechanical properties of the
laboratory triaxial tests.

3.4. Determination of Thermal Model Parameters and New
Contact Parameters. The heat conduction of the salt rock
model was simulated by using the heat module of PFC2D,
in which the upper and lower boundary of the salt rock
model was set to be adiabatic, so the heat was transmitted

from the lateral boundary of the model. With the reference
data [9, 26, 27] and optimized parameters, a set of meso-
scopic parameters of the thermal model were determined
(Table 2). Specific heat capacity, CvðJ/kg∘CÞ, indicates the
amount of heat required to raise the temperature of 1 kg of
material by 1°C. The microscopic properties could be the
same as the macroscopic specific heat capacity of the mate-
rial. The thermal coefficient of expansion, α (1/°C), is the rel-
ative change in length of a unit length object when its
temperature increases by 1°C. This microscopic property
can be set by the macroscopic thermal coefficient of expan-
sion α of the material. Upper and lower boundary thermal
resistance, ηð∘C/W ⋅mÞ, is the ratio of the temperature dif-
ference between the two ends of the object and the power
of the heat source when heat is transmitted through the
object. The value of η can be calculated by traversing the
thermal network of a given granular material. Macroscopic
thermal conductivity, k∗ðW/m∘CÞ, refers to the heat transfer
per unit time through per unit horizontal cross-sectional
area when the temperature gradient is 1°C/m vertically
downward.

In addition, as the temperature rose, the cohesion
between the particles was weakened, the particles moved,
and the cementation points were destroyed, resulting in the
contact of the particles, the local organization, and even
the overall structure greatly changed. Therefore, it is neces-
sary to update the contact parameters of the model after
the rock temperature rising to better simulate the loading
process of salt rock after heating up. The contact model
parameters at 20°C were used as the reference parameters,
and the new contact parameters were determined through

4.9869E+01

4.9000E+01

4.8000E+01

4.7000E+01

4.6000E+01

4.5000E+01

4.4000E+01

Thermal balls

(a)

Burger active
Linear active
Linear bond active

(b)

Figure 2: Numerical model of the salt rock: (a) particle model of heat transfer; (b) different contact models between particles.
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Figure 3: Stress-strain curves of different confining pressures at 20°C: (a) confining pressure 10MPa; (b) confining pressure 20MPa; (c)
confining pressure 30MPa.

Table 1: Microstructure parameters of PFC2D constitutive contact model.

Contact model Mesoscopic parameter Numerical value

Linear

Density (kg/m3) 2300

Linear contact modulus (Pa) 3 × 109

Stiffness ratio kn/ks 1.0

Coefficient of intergranular friction (μ) 0.6

Parallel bond

Bond contact modulus (Pa) 3 × 109

Normal bond strength (Pa) 2:6 × 108

Shear bond strength (Pa) 2:0 × 108

Burger’s

Kelvin elastic coefficient (Pa) 1 × 109

Kelvin viscosity coefficient (Pa·s) 1 × 105

Maxwell elastic coefficient (Pa) 5 × 1011

Maxwell viscosity coefficient (Pa·s) 1 × 107

Friction coefficient (μ) 0.6
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parameter optimization (Table 3). Under temperatures of
50°C, 90°C, 120°C, and 150°C, the simulation results of salt
rock experiments with confining pressure of 10MPa were
obtained (Figure 4). The stress-strain characteristics of the
laboratory test and numerical simulation test show good
agreement, which verifies the rationality of the selection of
thermal parameters and new contact parameters.

4. Analysis of Numerical Calculation Results

4.1. Characteristic Analysis of Salt Rock Strain Curves. In this
section, triaxial compression simulations were carried out on
salt rock under a different confining pressure of 10MPa and
20°C, 50°C, 90°C, 120°C, and 150°C, respectively. The transverse
strain, stress-strain curves, and volume strain curves of the sam-
ples were monitored and recorded, as shown in Figures 5–7.

Generally, the deformation process of rock can be
divided into a linear elastic stage, a nonlinear elastic stage,
a plastic stage, and a failure stage. As shown in Figure 5,
the turning point from the nonlinear elastic stage to the plas-
tic stage is defined as the elastic limit point, and it can be
seen that the elastic limit points (a–e) of the rock gradually
descended with the increase of temperature. The result
shows that with the increase of temperature, the plastic
deformation of salt rock becomes more obvious, and the
stress-strain curves of salt rock tend to be flatter. Figure 6
shows that with the temperature increase from 20°C, 50°C,
90°C, 120°C, to 150°C, respectively, the dilatancy points (a–
e) of salt rock continuously increase at 20°C, 50°C, 90°C,
120°C, and 150°C. The result shows that with the increase
of temperature, the internal particles of the rock sample
expand, which causes the volume to increase and the same
sample becomes loose. Therefore, the volume strain values
of the sample reaching the expansion points increase during
axial loading.

Figure 7 shows the transverse strain of salt rock after
heating, and it can be seen that with the increase of termina-
tion temperature, the transverse strain was 0.0147, 0.0170,
0.018, and 0.0182, respectively, and the corresponding incre-
ments were 0.0023, 0.001, and 0.0002; this can be explained
as that the temperature causes the increase of thermal
motion of particles. However, when the particles collided
with the wall, particles moved in reverse, resulting in the
decrease of the increments of transverse strain.

4.2. Evolution of Force Chain Network in Rock Mass during
Loading. The force chain network represents the distribution
of the interparticle contact force in the soil framework

Table 2: Microstructure parameters of PFC2D thermal model.

Model parameter Units Numerical value

Coefficient of thermal conductivity (k∗) W/ m∘Cð Þ 2.5

Specific heat capacity (Cv) J/kg∘C 1015

Thermal coefficient of expansion (α) 1/∘C 2:8 × 10−6

Upper and lower boundary thermal resistance (η) ∘C/W ⋅m 1 × 10300

Table 3: New contact parameters of rock sample model at high temperature.

Model parameter Numerical value
Temperature (°C) 20 50 90 120 150

Kelvin elastic coefficient (Pa) 1 × 109 5 × 108 2:5 × 108 2:2 × 108 2:0 × 108

Maxwell elastic coefficient (Pa) 5 × 1011 4 × 1011 3:0 × 1011 2:5 × 1011 1:5 × 1011

Maxwell viscosity coefficient (Pa·s) 1 × 107 0:8 × 107 0:6 × 107 0:4 × 107 0:2 × 107

Normal bond strength (Pa) 2:6 × 108 2:4 × 108 2:2 × 108 2:0 × 108 1:8 × 108

Shear bond strength (Pa) 2:0 × 108 1:8 × 108 1:7 × 108 1:54 × 108 1:4 × 108
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Figure 4: Stress-strain curves of different temperatures under the
confining pressure of 10MPa.
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system, which can reflect the sensitivity of the particle sys-
tem to the force. Figure 8 shows the variation of the force
chain network of the sample at different temperatures under
the axial strain of 0.15. The contact force in the force chain
was generalized to visually reflect the variation of the inter-
nal stress field of the sample at different temperatures.

(1) It can be seen from Figures 8(a)–8(e) that the contact
force inside the salt rock gradually decreased, and
the strong chains broke and disappeared with the
damage of the samples; at the same time, as the tem-
perature increased, the proportion of weak chains
increased under the same strain of 0.15, showing that
the high temperature intensifies the rupture of con-
tact between particles in the salt rock

(2) The maximum contact force changed from 0.787MPa
to 0.649MPa as the temperature changed from 20°C
to 50°C. When the temperature changed from 120°C
to 150°C, the maximum contact force varied from

0.6MPa to 0.417MPa. For the temperature of 50°C,
90°C, and 120°C, the contact force slightly changed
from 0.649MPa, 0.62MPa, to 0.6MPa. However,
Figures 8(b)–8(d) show that the force chains inside
the rock sample significantly became disperse from
50°C to 120°C, indicating that the damage began to
intensify gradually. The contact force decreased sharply
at 150°C, indicating that the salt rock was damaged
significantly

4.3. Evolution Law of Cloud Image of Displacement Field
inside the Model. Figure 9 shows the change of displacement
field in the sample under the temperature of 20°C, 50°C,
90°C, 120°C, and 150°C, respectively, and the axial strain
was 0.15.

(1) By analyzing the displacement direction of particles,
it can be known that the displacement direction of
the particles in the middle of the sample showed an
obvious radial expansion trend at different tempera-
tures, and the salt rock model appeared a “drum
shape” destruction phenomenon

(2) The arrows in Figures 9(a)–9(e) indicate the outward
expansion direction of the central particles. It can be
seen that the expansion direction from the middle of
the sample to the left and right ends was 12.08°,
9.55°, 8.2°, 6.3°, and 0°, respectively, with the increase
of temperature, which gradually changed from
incline to horizontal. Therefore, during the loading,
the phenomenon of “drum shape” in the middle of
the rock sample became more obvious with the
increase of temperature

4.4. Expansion Analysis of Mesofailure of Rock Mass during
Heating. This section studies the initiation and evolution of
thermal cracks in the salt rock during the heating process
when the confining pressure of the test is 10MPa, the initial
temperature of the test is 20°C, and the heating termination
temperatures are 50°C, 90°C, 120°C, 130°C, and 150°C,
respectively. Figure 10 shows the distribution and extension
of thermal cracks inside rock samples when the temperature
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changed from 20°C to 50°C. A certain bonding distance is set
between particles. The bonding force will be generated
between particles due to the bonding action, which is called

the state of cementation when the distance between two par-
ticles is smaller than this distance. Cementation failure
occurred under the action of thermal stress and thermal
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Figure 8: The force chain network evolution diagram of salt rock samples at different temperatures.

8 Geofluids



strain. The failure criterion is as follows: the failure occurs
between particles, generating cementation failure point,
when the tensile stress, compressive stress, or shear stress
generated between particles is greater than the cementation
strength between particles.

(1) It can be seen from Figures 10(a)–10(e) that there
was a temperature gradient between the boundary
and the internal particles of rock mass, and the
cementation failure occurred first at the edge of the
sample under the combined effect of thermal stress
and thermal strain. As the heat was transferred to
the interior of the model, the number of cementation
failures increased, and the cementation failure points
near the edge of the sample gradually connected.
After reaching the termination temperature, the
cementation failure points became stable

(2) In the middle of the model, the cementation failure
points expanded along the transverse direction. At

the top and bottom of the model, the cementation
failure points expanded obliquely, and the direction
was about 45° from the horizontal direction

(3) Figure 11 shows the curve of the number of cementa-
tion failures under different temperatures. Figure 11
(a-b1-c1-d1) is the segment point of the cementation
failure curve at 50°C, and Figure 11 (a-b2-c2-d2) is
the segment point of the cementation failure curve at
90°C, 120°C, 130°C, and 150°C. It can be seen that at
the initial stage of temperature rising (a-b1 and a-
b2), the number of internal cementation failures in
the salt rock increased linearly. With the transmission
of heat (b1-c1 and b2-c2), the internal temperature
gradient of rockmass became smaller, and the number
of cementation failures grew smoothly. However, with
the increase of temperature, the thermal motion of the
particles increased, the cohesion decreases, and the

(a) 20°C, angle: α = 12:08° (b) 50°C, angle: α = 9:55°

(c) 90°C, angle: α = 8:2° (d) 120°C, angle: α = 6:3°

(e) 150°C, angle: α = 0°

Figure 9: Displacement field nephograms of sample model at different temperatures.
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cementation failure points continued to increase at a
slower rate. After the termination of heat transfer
(c1-d1 and c2-d2), the cementation failure of rock
mass no longer increased

(4) According to the statistics of rock cementation failure
points during the whole process of heating (Table 4),
it was found that the number of cementation failure

points gradually increased with the termination tem-
perature. However, when the temperature exceeded
120°C, the number of cementation failure points
decreased, which may be because the significant
enhancement of thermal movement and diffusion of
particles in this temperature range move particles no
longer a single movement, but a granular organiza-
tional movement. At the same time, the wall became
more sensitive to the movement of particles, and the
confining pressure of the wall also largely prevented
contact fractures caused by particle dislocations

5. Quantitative Analysis of Thermal Damage of
Salt Rock

5.1. Damage Analysis Based on the Elastic Modulus. In this
section, the damage value is defined by the change of elastic
modulus of the sample before and after heating [28], and the
damage variable DðTÞ is calculated as follows.

D Tð Þ = 1 − ET

E0
, ð4Þ

where ET is elastic modulus at temperature T (MPa) and E0
is elastic modulus at 20°C (MPa).

By analyzing the stress-strain curves at 20°C, 50°C, 90°C,
120°C, and 150°C, the corresponding elastic modulus of salt
rock was calculated to be 4.989GPa, 4.56GPa, 3.72GPa,
2.33GPa, and 1.089GPa, respectively. DðTÞ at different tem-
peratures were 0, 0.0860, 0.2543, 0.533, and 0.7817, respectively,
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Figure 10: Distribution and propagation of cementation failure points in the salt rock model at 50°C (blue is the tensile failure points, green
is the shear failure points, and red arrow represents the microcrack propagation direction).
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and the change curves of damage variables and elastic modulus
with temperature are drawn in Figure 12.

It can be seen that the elastic modulus gradually decreased
with increasing temperature, while the damage variables grad-
ually increased, showing a negative correlation of them. Before
reaching 90°C, the damage variables increased slowly from 0
to 0.2543 by 0.2543, and after 90°C, it increased by 0.5274.
Between 90°C and 120°C, the damage variables changed from
0.2543 to 0.5330 by 0.2787. From 120°C to 150°C, they chan-
ged from 0.533 to 0.7817 by 0.2487. In conclusion, the damage
of the salt rock model was relatively gentle before 90°C, while
the influence of temperature on the salt rock was more signif-
icant after 90°C, but the higher the temperature did not cause
more damage.

5.2. Damage Analysis Based on Cementation Accumulation
Numbers. The particles are connected by the Linearpbond
model and the Burger model. When the contact force is
greater than the bonding strength, the contact bond will be
broken and produce cementation failure points; then, the
cementation failure points extend and penetrate each other
to form microcracks, finally leading to the damage and dete-
rioration of the salt rock model.

In addition, the rock damage index is usually defined by
the development of microcracks as the basic variable. How-
ever, in the actual test, the number of cracks is not easy to
obtain [29]. Therefore, many scholars define the damage var-
iables as the ratio of cumulative acoustic emission ringing
numbers to the cumulative ringing numbers under peak stress
[30, 31]; the cementation failure numbers can represent cumu-
lative acoustic emission ringing numbers in numerical simula-
tion of particle flow [32, 33]. Therefore, with the particle flow
discrete element method, the rock damage index was calcu-
lated as follows to quantitatively analyze the damage degree
of salt rock at different temperatures.

D Tð Þ =
N Tð Þ
N0 Tð Þ

, ð5Þ

where NðTÞ is the cumulative cementation failure number at
temperature T and N0ðTÞis the cementation failure number
corresponding to peak stress at temperature T.

Generally, the point where the axial strain of salt rock is
0.1 is defined as the peak stress point. It can be seen from
Figure 13 that at different temperatures, the variation trend

of the salt rock damage variable DðTÞ with the axial strain
was basically the same, which can be divided into three
stages. In stage I, the curve showed a slow-growth trend. In
stage II, the slopes of all curves began to increase, and the
damage started to be gradually intensified when the axial
strain reached 0.75. In stage III, the damage variable sharply
increased, and the higher the temperature, the more obvious
the increment.

In the early stage of loading (ε = 0 ~ 0:075), the damage
variable of salt rock did not change obviously at different
temperatures. At the end of loading (ε = 0:075 ~ 0:15), the
temperature showed a great influence on the damage of salt
rock. In order to visually show the influence of temperature
on the internal damage of salt rock, at different tempera-
tures, the damage variables of salt rock when the axial strain
was 0.09, 0.12, and 0.15 were obtained, as shown in Table 5.

Table 4: Cementation failure number of sample model at different
temperatures.

Serial
number

Initial
temperature

(°C)

Termination
temperature (°C)

Cementation failure
numbers (piece)

1# 20 50 720

2# 20 90 874

3# 20 120 1148

4# 20 130 1041

5# 20 150 998
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Figure 12: Damage variable curves of salt rock at different
temperatures.
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It is found that from 20°C to 50°C, the damage increments
under different strains were 0.1949, 0.0164, and 0.109, respec-
tively. From 50°C to 90°C, the damage increments were
0.0011, 0.1049, and 0.1968, respectively. From 90°C to 120°C,
the damage increments were 0.1797, 0.227, and 0.229, respec-
tively. From 120°C to 150°C, the damage increments were
-0.0355, 0.1439, and 0.4935, respectively. In conclusion, under
different strains, the damage increments increase significantly
with the temperatures after 90°C.

5.3. Damage Analysis Based on Crack Density Parameters. In
the particle flow program, the rock model was established
based on the assumptions of nonintersecting cracks, uni-
form crack distribution, and simple crack shape, which is
the hypothetical model without cracks interaction (NIA).
Based on NIA, Budiansky and O’Connell deduced the calcu-
lation model of rock elastic modulus and crack density
parameters [34, 35], as follows.

ρ = 45 2 − v0ð Þ
16 1 − v20
� �

10 − 3v0ð Þ
E0
E

− 1
� �

, ð6Þ

where E0 is the elastic modulus of undamaged rock (MPa),
V0 is Poisson’s ratio of undamaged rock, E is the elastic
modulus of damaged rock (MPa), and ρ is the crack density
parameters.

Referring to the elastic modulus and Poisson’s ratio of
undamaged salt rock at room temperature, this paper
explored the damage degree of salt rock at 20°C, 50°C,
90°C, 120°C, and 150°C. The elastic modulus and Poisson’s
ratio of undamaged salt rock are 7.157MPa and 0.187,
respectively [16]. Formula (3) is used to calculate the crack
density of salt rock at different temperatures (see Table 6)
and draw the curve of crack density with temperature, as
shown in Figure 14.

When there is no thermal damage, the crack density
parameter of rock is set to 0. It can be seen from Figure 14
that the crack density parameters increased slowly from
0.2433 to 0.5172, totally by 0.2739 before 90°C. From 90°C
to 120°C, the value changed from 0.5172 to 1.1597 by
0.6425. From 120°C to 150°C, it changed from 1.1597 to
3.1192 by 1.9595. It can be seen that the number of cracks
in the unit volume sharply increased after 90°C, and the tem-
perature had a significant impact on the damage of salt rock
at 150°C.

5.4. Comparative Analysis of Calculation Models. The elastic
modulus, cumulative cementation numbers, and derived
crack density parameters are closely related to the damage
deterioration of rock mechanical properties.

(1) The elastic modulus and crack density showed a con-
sistent variation with temperature, indicating that
the temperature has a significant effect on the dam-
age of salt rock after 90°C

(2) According to the calculation of cementation accu-
mulation numbers, it was found that the damage of
salt rock gradually increased after the axial strain
reaching 0.075. Under different strains, the incre-
ments were 0.196, 0.1213, and 0.3018 from 20°C to
90°C, while the increments were 0.1442, 0.3079,
and 0.7225, respectively, from 90°C to 150°C. After
90°C, the damage variables increased significantly
with the change of temperatures; with the increase
of loading, the damage variables increased signifi-
cantly at 150°C. In addition, the crack density
parameter also represents the damage of salt rock
from the perspective of microcracks. The crack den-
sity parameter increased by 0.2739 from 20°C to
90°C, while it increased by 2.602 from 90°C to
150°C. After 90°C, the number of cracks per unit vol-
ume increased sharply. It can be seen from Figure 13
that the temperature has a significant effect on the

Table 5: Damage variables of salt rock at different temperatures.

Temperature
(°C)

Strain
(ε = 0:09)

Strain
(ε = 0:12)

Strain
(ε = 0:15)

20 0.7243 1.2949 1.6872

50 0.9192 1.3113 1.7962

90 0.9203 1.4162 1.9930

120 1.10 1.6432 2.2162

150 1.0645 1.7871 2.7097

Table 6: Crack density parameters of salt rock at different
temperatures.

Temperature
(°C)

Elastic modulus
(MPa)

Crack density
parameters

20 4.989 0.2433

50 4.56 0.3188

90 3.72 0.5172

120 2.33 1.1597

150 1.089 3.1192
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Figure 14: Crack density parameter curve of salt rock at different
temperatures.
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damage of salt rock at 150°C. The damage analysis of
microcracks in salt rock from two different calcula-
tion models reflects the damage of salt rock under
the action of temperature

(3) Model ①: the calculation model is established from
the perspective of macroscopic elastic modulus.
Model ②: the calculation model is established from
the perspective of mesoscopic cementation failure
points. Model ③: the microcrack density parameter
is established by using the macroscopic modulus,
and the microphysical quantity characterizing the
material is connected with the macroscopic modu-
lus. From three different mathematical models, it is
concluded that the temperature has a significant
effect on the damage of salt rock after 90°C

6. Discussions

The physical and mechanical properties of the salt rock are
affected by temperature, and the mechanism is complicated.
On the one hand, the temperature is related to the thermal
motion of the crystal particles. The higher the temperature,
the weaker the binding force between particles, resulting in
the enhanced plasticity of the rock and the decreased strength.
The cohesion between rock particles is composed of true cohe-
sion and apparent cohesion; true cohesion represents the
bonding strength between particles, while apparent cohesion
represents the frictional occlusal effect between particles [36].
In the low-temperature environment, the occlusal effect plays
a dominant role, so the particle displacement is small, the elas-
tic tensile deformation between the particles is not obvious,
and the bonding strength is not weakened. In the high temper-
ature, the friction and occlusion strength between particles are
basically destroyed, and true cohesion plays a major role. With
the increase of temperature, the bonding strength between
particles is gradually destroyed, and the plastic deformation
characteristics of rock become obvious. On the other hand, salt
rock has damage repair function, including damage micro-
crack healing based on diffusion, microcrack filling based on
NaCl crystal recrystallization, and the healing and bonding
of NaCl crystal particles in the fracture zone [4]. The energy
recovery, healing speed, and crystallization development of
salt rock are closely related to the ambient temperature. The
simultaneous occurrence of damage and repair of salt rock is
also the reason for the complexity of the research topic.
Through numerical simulation, it is found that there exists a
postpeak hardening stage during triaxial compression of salt
rock at high temperatures; the higher the ambient tempera-
ture, the more obvious this stage is. Due to the restriction of
test instruments and high-temperature conditions, the curves
of this stage generally cannot be obtained in laboratory rock
mechanics tests. In this stage, the salt rock still has a higher
load-bearing capacity, the stress increment is small, and the
strain keeps increasing. In addition, it is found in the numeri-
cal simulation that the number of cementation failures in the
salt rock model decreases when the temperature exceeds
120°C. Meanwhile, the damaged salt rock has short-term
self-healing characteristics under temperature conditions in

laboratory tests. To sum up, the formation mechanism and
physical significance of the above problems need to be further
studied.

7. Conclusions

In this paper, through particle flow simulation analysis tech-
nology, the triaxial compression failure process and strength
characteristics of salt rock under a high-temperature envi-
ronment were systematically studied, and the following con-
clusions can be drawn.

(1) With the increase of temperature, the elastic limit
points (a–e) of rock gradually decrease, which indicates
that the plastic deformation characteristics of salt rock
become more obvious. In addition, as the termination
temperature gradually increases, the transverse strain
values are 0.0147, 0.0170, 0.018, and 0.0182, respec-
tively, and the increments of transverse strain are
0.0023, 0.001, and 0.0002, which maybe because of the
decrease of the increment of transverse strain caused
by the limitation of the wall and confining pressure.

(2) With the increase of temperature, the strong chains
break and disappear, and the proportion of weak
chains increase, which shows that the high temperature
intensifies the rupture of contact between particles in
the salt rock. The strength chains inside the rock
sample decrease significantly from 50°C to 120°C, indi-
cating that the damage begins to intensify gradually.
The contact force decreases sharply at 150°C, indicat-
ing that the salt rock is damaged significantly at a tem-
perature of 150°C during the loading process

(3) By analyzing the displacement direction of particles
in the cloud map of the displacement field, it can
be known that the displacement direction of the par-
ticles in the middle of the sample shows an obvious
radial expansion trend at different temperatures,
and the salt rock model shows a “drum shape”
destruction phenomenon. With the increase of tem-
perature, the expansion direction from the middle of
the sample to the left and right ends is 12.08°, 9.55°,
8.2°, 6.33°, and 0°, respectively, and the phenomenon
of “drum shape” in the middle of rock sample
becomes more obvious

(4) During the heating process, the salt rock model is
mainly controlled by tensile stress, so the thermal
cracks in the sample are mainly tensile cracks. In the
middle of the sample model, the microcracks roughly
expand along the transverse direction. At the top and
bottom of the model, the microcracks expand diago-
nally, and the direction of expansion is about 45° in
the horizontal direction. In addition, the number of
microcracks in the salt rock decreases when the tem-
perature exceeds 120°C, which is different from the
general rock, indicating that the damage self-healing
phenomenon seems to occur in this temperature
range
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(5) The damage variables of salt rock are analyzed from
the macro and micro perspectives; it is concluded
that the damage of salt rock is more significant after
90°C. In addition, it is found that the damage of salt
rock is significantly aggravated at 150°C in the math-
ematical model of cumulative cementation numbers
and crack density parameter, which is also consistent
with the evolution law of the force chain network in
salt rock
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Based on the sandstone from the slope of Baorixile open-pit mining area in Hulunbuir City, Inner Mongolia, the dynamic uniaxial
compression test of sandstone with different freeze-thaw cycles has been carried out by Split Hopkinson Pressure Bar test (SHPB).
The test results show that the crushing degree of sandstone becomes serious with the freeze-thaw cycle times and strain rate
increases. The dynamic compressive strength increases with the raise of strain rate under the same freeze-thaw cycles, while it
reduces with the increases of freeze-thaw cycles at the same strain rate. It is found that the 10 freeze-thaw cycles are an
obvious inflection point. When it is less than 10 cycles, the dynamic compressive strength of sandstone specimens decreases
rapidly, it is more than 10 cycles, and the strength decreases gradually. This is due to that the evolution progress of pores in
sandstone is more uniform after a certain number of freeze-thaw cycles. Meantime, the effect of freezing and thawing is mostly
restrained by the pore evolution. On the other hand, the dissipated energy required for sandstone failure grows up with the
increase of the number of freeze-thaw cycles. It shows that more energy is needed for the engender of pores and fractures in
sandstone caused by freeze-thaw cycle. This led to the deterioration of sandstone structural stability and the decrease of
dynamic mechanical properties.

1. Introduction

More than 70% of the land area of China is perennially fro-
zen and seasonally frozen. Among them, some areas in the
northeast and high-altitude areas in the west are permafrost
regions, while north and south China are seasonal perma-
frost regions [1]. These frozen regions are rich in mineral
resources, and the rock mass will inevitably receive dynamic
loads such as impact of drilling and blasting in the process of
mineral mining. In addition, the effect of temperature
change on rock freezing and thawing mechanics cannot be
ignored [2]. Therefore, the study of mechanical properties
and failure law of rock under the combined action of
freeze-thaw and dynamic load is of great significance to rock
mass engineering in frozen regions.

At present, the mechanical properties of rock under con-
ventional freeze-thaw cycles have been deeply studied by
many scholars [3–18]. Zhou et.al [19–21] used the NMR sys-
tem to study the pore structure change and damage mecha-

nism of granite under freeze-thaw cycle. Amitrano et.al [22]
tested the failure characteristics of rock under the action of
freeze-thaw cycle by acoustic emission test and found that
a large number of internal cracks occurred with the progress
of freeze-thaw cycle. Wu et.al [23] studied the longitudinal
wave velocity, mass, and volume of marble after freeze-
thaw cycle and summed up the physical and mechanical
properties of marble after freeze-thaw cycle. Yang et.al [24]
used uniaxial and triaxial compression tests of sandstone
and coal under different temperatures and confining pres-
sures to study the strength properties of rocks under
freeze-thaw cycles. Nicholson et.al [25] carried out freeze-
thaw cycle tests on fractured rocks to study the effect of
primary fractures on the degree of freeze-thaw damage.
Huseyin et.al [26] tested the compressive strength and other
parameters of andesite after freeze-thaw cycle and obtained
the deterioration law of andesite. Jihwan Park et.al [27] used
CT scanning and SEM techniques to analyze the microstruc-
ture changes of rocks under freeze-thaw cycles. Bellanger
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et.al [28] studied the saturated water content, porosity, and
permeability of limestone in northeastern France and
obtained the relationship between them.

Moreover, the internal damage and fracture process of
rock under dynamic load will be accompanied by the trans-
formation and dissipation of energy. Energy dissipation is
the most important factor in rock failure; so, many scholars
have made an indepth study on the mechanism of rock
energy dissipation [29–32]. For instance, Xie et.al [33, 34]
found that the internal damage and fracture of rock are
caused by external energy, and the rock damage equation
based on energy dissipation can better describe the damage
process of rock. Gong et.al [35, 36] carried out static uniaxial
compression test and Brazilian splitting test of red sandstone
and found the law of linear energy storage and energy con-
sumption in compression tension failure of rock.

However, the current research on the dynamic mechan-
ical properties of rock under freeze-thaw is relatively few. In
this paper, the dynamic uniaxial compression tests of sand-
stone under different freeze-thaw cycles are studied in detail,
and its failure mechanism is analyzed from the point of view
of energy.

2. Samples and Test Methods

2.1. Sample Making. The test samples are taken from sand-
stone with good particle uniformity and structural integrity
in Baorixile open-pit mining area in Hulunbuir City, Inner
Mongolia. According to the Standard of Experimental
method for Engineering Rock Mass [37], the sandstone sam-
ple is polished into a disc sample with a height of 25mm and
a diameter of 50mm, as shown in Figure 1, and the basic
mechanical parameters of the tested sandstone are shown
in Table 1.

2.2. Test Equipment. TDS-300 freeze-thaw cycle test
machine is used in the freeze-thaw cycle test, as shown in
Figure 2. The temperature can be controlled by the device
is -40°C-90°C, and the temperature fluctuation is ±0.05°C.

The impact load test of sandstone using the Split Hop-
kinson Pressure Bar test device (SHPB) is shown in

Figure 3. The device can be used to test the impact dynamic
characteristics of rock, concrete, and other materials. It is
mainly composed of transmitting cavity, incident rod, trans-
mission rod, and data acquisition and processing system.
The rod is made of chromium alloy steel. The diameter of
the incident rod and the transmission rod is 50mm, and
the lengths are 2m and 1.5m.

Figure 1: Sandstone samples under impact loading test.

Table 1: The basic mechanical parameters of the tested sandstone.

Uniaxial compressive
strength/MPa

Longitudinal strain/10-2 Tensile strength/MPa Transverse strain/10-2 Elastic modulus/GPa Poisson’s ratio

28.05 0.84 3.91 0.09 3.82 0.14

Figure 2: TDS-300 freeze-thaw cycle testing machine.

Figure 3: Split Hopkinson Pressure Bar test device (SHPB).
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2.3. Test Scheme and Process. First of all, the sandstone sam-
ples were saturated with water, and after the samples were
completely saturated, the freeze-thaw cycle test was carried
out, and the single freeze-thaw cycle was set to 12h. The sam-
ples were frozen at-20°C for 6h and thawed at 20°C for 6h.
The experiment was divided into 6 groups according to differ-

ent freeze-thaw cycles, and the freeze-thaw times were 0, 1, 5,
10, 15, and 20 times. After different freeze-thaw cycles, the
Split Hopkinson Pressure Bar device was used to carry out
impact loading tests on the samples with different impact pres-
sures of 0.5MPa, 0.6MPa, and 0.7MPa, and the dynamic
characteristics of sandstone samples were tested.

Table 2: Bullet velocity and strain rate under different pressure.

Grouping and numbering
of samples

Air pressure (MPa) Bullet velocity (m/s) Average speed (m/s) Strain rate (s-1) Average strain rate (s-1)

Y0-1

0.5

11.25

11.03

54.8

53.15

Y1-1 10.41 50.2

Y5-1 11.09 53.8

Y10-1 11.16 51.7

Y15-1 11.27 53.2

Y20-1 11.02 55.2

Y0-2

0.6

12.82

13.09

75.3

75.07

Y1-2 12.98 70.5

Y5-2 13.32 73.8

Y10-2 12.93 77.8

Y15-2 13.29 77.7

Y20-2 13.19 75.3

Y0-3

0.7

14.41

14.92

98.9

99.07

Y1-3 15.12 102.6

Y5-3 14.77 96.7

Y10-3 15.09 96.1

Y15-3 14.84 98.3

Y20-3 15.28 101.8

Table 3: Dynamic uniaxial compression mechanical parameters of sandstone under different freeze-thaw cycles.

Grouping and numbering
of samples

Strain rate (s-1) Compression strength (MPa) Axial strain (10-2)

Y0-1 54.8 155.54 0.73

Y0-2 75.3 179.11 0.97

Y0-3 98.9 221.03 1.18

Y1-1 50.2 140.28 0.87

Y1-2 70.5 167.99 1.04

Y1-3 102.6 200.36 1.27

Y5-1 53.8 130.46 0.98

Y5-2 73.8 157.33 1.16

Y5-3 96.7 185.65 1.36

Y10-1 51.7 121.75 1.09

Y10-2 77.8 148.94 1.28

Y10-3 96.1 176.21 1.44

Y15-1 53.2 112.23 1.16

Y15-2 77.7 140.07 1.33

Y15-3 98.3 166.83 1.52

Y20-1 55.2 105.28 1.21

Y20-2 75.3 135.68 1.39

Y20-3 101.8 158.76 1.59
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3. Test Results

The bullet velocity and strain rate of uniaxial compression
test under different impact pressure are shown in Table 2,
and the peak dynamic compressive strength and peak strain
of sandstone under different freeze-thaw cycles and strain
rates are shown in Table 3.

3.1. Dynamic Uniaxial Compression Strength Analysis. The
influence of strain rate and freeze-thaw cycles on dynamic
compressive strength is as follows. Figure 4 shows the
dynamic compression strength curve of sandstone under
different strain rates, and n is the number of freeze-thaw
cycles. Figure 5 is the dynamic compression strength curve
of sandstone under different freeze-thaw cycles, and s is
the strain rate.

As shown in Figure 4, the dynamic compressive strength
of sandstone rises with the increase of strain rate. This is due
to that under the impact load of high strain rate, the sand-
stone with the same number of freeze-thaw cycles needs
more stress, which leads to the failure of sandstone samples.
The compressive strength declines with the increase of
freeze-thaw cycles. It is clear that both strain rate and
freeze-thaw affect the dynamic compressive strength of
sandstone, but the effect of freeze-thaw is higher than that
of strain rate.

As illustrated in Figure 5, the dynamic compressive
strength of sandstone declines with the increase of freeze-
thaw cycles. The reason is that repeated freeze-thaw cycles
lead to repeated expansion and contraction of pores in sand-
stone, resulting in pores gradually developing into cracks
and seriously destroying the internal structure of sandstone;
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Figure 4: Dynamic compressive strength of sandstone under
different strain rates.
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Figure 5: Dynamic compressive strength of sandstone under
different freeze-thaw cycles.
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rates.
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so, freeze-thaw cycles will significantly reduce the mechani-
cal properties of sandstone.

3.2. Variation Law of Dynamic Axial Strain. The effect of
strain rate and freeze-thaw cycle on strain: Figure 6 shows
the dynamic axial strain curve of sandstone under different
strain rates. Figure 7 shows the dynamic axial strain curve
of sandstone under different freeze-thaw cycles.

As it can be seen from Figure 6: the dynamic axial
strain of sandstone growth with the increase of strain rate,
the reason is that the higher stress is needed to destroy the
sandstone sample at high strain rate; so, the axial strain
increases.

In Figure 7, the axial strain of sandstone ascends with the
increase of freeze-thaw cycles. This is due to those different
times of freeze-thaw cycles will destroy the internal structure
of sandstone and make the internal pores growth into
through fissures, resulting in the axial strain of sandstone
samples will rise with the increase of the number of freeze-
thaw cycles.

4. Discussion

4.1. Energy Dissipation Law. In the impact load test of sand-
stone, the destruction process of sandstone must be accom-
panied by the absorption and dissipation of energy. Energy

Table 4: Energy statistical table.

Sample number Strain rate/s-1 WI/J WR/J WT /J WS/J

Y0-1 54.8 126.38 39.10 36.78 50.5

Y0-2 75.3 179.07 61.01 59.92 58.14

Y0-3 98.9 230.24 86.51 54.51 89.22

Y1-1 50.2 127.30 37.92 36.02 53.36

Y1-2 70.5 178.84 58.64 47.34 72.86

Y1-3 102.6 233.03 88.62 44.36 100.05

Y5-1 53.8 126.84 38.86 34.17 53.81

Y5-2 73.8 180.14 58.62 45.68 75.84

Y5-3 96.7 230.17 80.27 32.80 117.1

Y10-1 51.7 127.99 37.44 31.41 59.14

Y10-2 77.8 180.37 62.14 35.76 82.47

Y10-3 96.1 232.27 85.79 31.87 114.61

Y15-1 53.2 126.95 38.69 28.01 60.25

Y15-2 77.7 180.28 60.25 32.40 87.63

Y15-3 98.3 230.81 81.22 30.12 119.47

Y20-1 55.2 126.33 37.53 28.12 60.68

Y20-2 75.3 179.72 59.42 31.84 88.46

Y20-3 101.8 231.45 83.18 28.86 119.41
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Figure 8: Four kinds of energy change curves under different strain rates and freeze-thaw cycles.
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absorption in sandstone depends on factors such as pore
space. The development and expansion of pores and frac-
tures within the sandstone require the absorption of energy
[21]. The dissipated energy required for sandstone failure
can be calculated by incident energy, reflection energy, and
transmission energy. The formula is as follows:

WI = EoCoAo

ðt
o
ε2I tð Þdt, ð1Þ

WR = EoCoAo

ðt
o
ε2R tð Þdt, ð2Þ

WT = EoCoAo

ðt
o
ε2T tð Þdt: ð3Þ

In the formula, WI is the incident energy, WR is the
reflected energy, WT is the transmission energy, Eo is the
elastic modulus of rod, Co is the longitudinal wave velocity
of the rod, Ao is the cross-sectional area of the rod, εtðtÞ is
the incident stress wave strain signal, εRðtÞ is the reflected
stress wave strain signal, and εTðtÞ is the transmitted stress
wave strain signal.

The dissipated energy in the failure process of sandstone
specimen is expressed by WS, and the formula is

WS =WI −WR −WT : ð4Þ

Table 4 shows the energy statistics of dynamic uniaxial
compression test of sandstone under different freeze-thaw
cycles.

Figure 8 shows the variation curve of four kinds of
energy with the number of freeze-thaw cycles when the aver-
age strain rates are 53.15, 75.07, and 99.07. It can be seen
from Figure 8 that the incident energy and transmission
energy remain stable under different freeze-thaw cycles.

However, the incident energy and transmission energy grow
up with the increase of strain rate, and the higher the strain
rate, the greater their growth. It shows that the incident
energy and reflection energy are not sensitive to the number
of freeze-thaw cycles. The transmission energy reduces with
the increase of freeze-thaw cycles and increases at first and
then declines with the increase of strain rate. The dissipated
energy ascends with the increase of the number of freeze-
thaw cycles, and the higher the strain rate, the greater the
increase of dissipative energy.

4.2. Failure Mechanism of Sandstone Sample. The strain rate
effect of dynamic compressive strength of sandstone is ana-
lyzed from the point of view of energy. The interior of the
sandstone sample is full of natural pores and fissures, and
the failure process of sandstone is also the process of the
development and expansion of pores and fissures. The
crack rises with the increase of strain rate and so does
the energy require [38]. Because the time of impact load
is very short, the sample can only increase the stress to bal-
ance the external energy; so, the dynamic compressive
strength of sandstone samples ascends with the increase
of strain rate.

Figure 9 shows the curve of dissipated energy varying
with the number of freeze-thaw cycles at different strain
rates. It can be seen that the dissipated energy of sandstone
sample rises obviously with the increase of the number of
freeze-thaw cycles, and the growth rate of dissipative energy
gains in with the increase of strain rate. It shows that the fail-
ure of sandstone under the combined action of freeze-thaw
cycle and high strain rate impact load will absorb more
energy and illustraion of the development of pores and
cracks in sandstone needs higher energy. Therefore, with
the increase of strain rate and the number of freeze-thaw
cycles, the failure degree of sandstone specimens becomes
larger and larger, as shown in Figure 10.
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Figure 9: The variation curve of dissipative energy with the number of freeze-thaw cycles under different strain rates.
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5. Conclusions

(1) The dynamic mechanical properties of sandstone
are significantly affected by freeze-thaw cycles and
strain rate. With the increase of freeze-thaw cycles,
the strength of sandstone decreases and the strain
increases and the strength and strain of sandstone
growth with the increase of strain rate

(2) When the number of cycles is less than 10, the
dynamic compressive strength of sandstone
decreases rapidly, and the image is obviously con-
cave. When the number of cycles is more than 10
times, the strength decreases gradually, and the
image shows a convex shape. 10 freeze-thaw cycles
are an obvious inflection point. The reason is that
after a certain number of freeze-thaw cycles, the
internal pores of sandstone develop more evenly,
which suppresses the effect of freeze-thaw on sand-
stone and slows the decrease of strength

(3) With the increase of the number of freeze-thaw
cycles, the dissipative energy is required for sand-
stone failure growth. The reason is that the freeze-
thaw cycle makes the sandstone loose, and the
development of cracks aggravates. When the sand-
stone is destroyed by external forces, it is easy to
produce more cracks, resulting in a greater degree
of failure of the samples, showing a powder clastic
shape
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The migration of fracture and leaching solute caused by mining activity is critical to the hydrogeology. To characterize liquid and
solid migration in a mining area of intergrown resources, the coordinated mining of coal and uranium was considered, and a
physical experiment based on transparent soil was conducted. A well experimental performance of transparent soil composed
of paraffin oil, n-tridecane, and silica gel and the leaching solution comprised of saturated oil red O dye was observed for
hydrogeology characterization. An “arch-shaped” fracture zone with a maximum height of 90m above the mined goaf and
a “horizontal-shaped” fracture zone with a fractured depth of 9.97–16.09m in the uranium-bearing layer were observed.
The vertical leachate infiltration of 4.83m was observed in the scenario of uranium mining prior to coal, which is smaller
than those in the scenarios of comining of coal and uranium (10.26m) and coal mining prior to uranium (16.09m). A
slight strata movement below the uranium was observed, and the leaching solution infiltration in the coal mining area was
not observed in a short period in the scenario of uranium mining prior to coal; both of those was presented in the
scenarios of comining of coal and uranium and coal mining prior to uranium.

1. Introduction

The natural resource mining of coal, oil, uranium, etc. con-
cerns a series of safety and environmental problems. Visual-
izing the strata movement, failure mechanism, and seepage
distribution attracts numerous attention, and many achieve-
ments have been obtained [1–5]. To investigate the mecha-
nism and characteristics of the geotechnical problems,
transparent soil, including a refractive index-matched skele-
ton and a saturating fluid, has been accepted in the field of
physical modeling [6, 7]. The internal deformation and flow
path in the case of multiscale geotechnical experiments can
be appropriately described in a continuous and nonintrusive
manner [8–10]. Further, the time-dependent spatial behav-
iors and seepage features inside the transparent soil can be
appropriately measured using optical technologies and

image processing techniques, including particle image velo-
cimetry (PIV) and digital image correlation (DIC) [11–13].

The soil skeleton materials and their corresponding
fluids, including amorphous silica powder, silica gel, hydro-
gels, and fused quartz, have been extensively developed to
mimic different natural soils [14]. Xu [15] developed the
transparent soil, comprising silica gel powder, mineral oil,
and n-tridecane, to study the deformation damage mecha-
nism and fracture evolution of the surrounding rock. Ahmed
and Iskander [16] evaluated the tunnel construction stability
based on the prepared transparent soil and mineral oil solu-
tion. Wei et al. [17] introduced transparent cemented soil as
a surrogate for the physical modeling of geotechnical prob-
lems. Zhang [18] developed a transparent rock similar mate-
rial, which was applied in the stress and deformation
experiments of the tunnel. Ye [19] conducted a 3D crack
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growth test using similar materials containing transparent
brittle rock, which were similar to the epoxy resin, curing
agent, and rosin materials via the high- and low-
temperature treatment processes. Fu et al. [20] studied the
fracture process based on a new material having a three-
dimensional internal fracture surface, which contained a C-
type epoxy resin, curing agent, and thin mica sheet. Li
et al. [21] developed a type of transparent rock, which was
a similar test material and contained a mixed solution of sil-
icon powder and mineral oil (liquid paraffin and n-
tridecane).

The intergrown resource mining concerns the stress-
fracture-seepage-solute transportation coupling process,
which is directly related to groundwater and mining safety.
The transparent soil and developed coordinated mining
equipment were employed to investigate the development
of the mining-induced fracture and leaching solution in this
study. Taking coordinated mining of coal and uranium as an
example, a physical experiment was conducted in different
mining scenarios, and the migration and distribution of
the fracture zone and leaching solute were analyzed.

2. Hydrogeology

The intergrown resource deposit of coal and uranium is
located in Yijinhuoloqi in the northeast of the Ordos Basin.
In the coal mine with a production capacity of 26 million t/a
and a mining area of 399.94 km2, the mining coal seam 3-1 is
buried at a depth of 600m with an average thickness of
3.36m. The sandstone-type uranium is grown in the Jurassic
and located in the east wing of the coal mine with an area of
4.17 km2. The thickness of the uranium varies from 1.10m
to 7.90m, and the average thickness of the uranium is
3.44m. Additionally, the uranium is located above the 3-1
coal seam at a distance of 90–150m, and the uranium-
bearing stratum is a direct aquifer of the 3-1 coal seam.
The occurrence of coal and uranium is shown in Figure 1,
and the specific hydrogeology is shown in Figure 2.

3. Mathematical Model of the
Physical Experiment

To characterize the hydrogeology of the intergrown
resource, a mathematical model as a function of a hydrome-
chanical coupling equation, elasticity equilibrium equation,
and effective stress equation is employed as

Kx
∂2p
∂x2

+ Ky
∂2p
∂y2

+ Kz
∂2p
∂z2

= S
∂p
∂t

+ ∂e
∂t

+W,

σij,i + Xj = ρ
∂2ui
∂t2

,

σij = σij + αδp,

8
>>>>>><

>>>>>>:

ð1Þ

where Kx, Ky , and Kz are the permeability coefficients in the
Cartesian system, and Kx = Ky = Kz is assumed; P is the
hydraulic pressure; S is the water storage coefficient; W is
the source-sink term; e is the volume strain; σij is the total

stress tensor; σij is the effective stress tensor; Xj is the vol-
ume force; ρ is the density; α is Biot’s effective stress coeffi-
cient; and δ is the Kronecker symbol.

Combining the elasticity balance equation, geometric
equation, and physical equation, the stress and strain com-
ponents are eliminated, and the displacement equation is
obtained by

G∇2u + λ +Gð Þ ∂e∂x + X = ρ
∂2u
∂t2

,

G∇2v + λ +Gð Þ ∂e∂y + Y = ρ
∂2v
∂t2

,

G∇2w + λ +Gð Þ ∂e∂z + Z = ρ
∂2w
∂t2

,

8
>>>>>>>><

>>>>>>>>:

ð2Þ

where ∇2 = ð∂2/∂x2Þ + ð∂2/∂y2Þ + ð∂2/∂z2Þ is the Laplace
operator notation; G = E/2ð1 + μÞ is the shearing modulus
of elasticity; λ = μE/ð1 + μÞð1 − 2μÞ is Lamet’s constant; e =
ð∂u/∂xÞ + ð∂v/∂yÞ + ð∂w/∂zÞ is the volumetric strain; and
X, Y , Z are the volume force in the Cartesian coordinate
system.

The coefficients in the prototype characterized by ð′Þ
and physical model represented by ð′′Þ are suitable in the
given mathematical model: CG =G′/G′′, CE = E′/E′′, Cl =
x′/x′′, Cλ = λ′/λ′′, Ce = e′/e′′, Cu = u′/u′′, Cγ = X ′/X ′′, Cρ

= ρ′/ρ′′, Ct = t ′/t ′′, K ′ = CKK ′′, S′ = CSS′′, Q′ = CQQ′′, y
′ = Cly′′, z′ = Clz′′, ∂e′/∂x′ = ð1/ClÞð∂e′′/∂x′′Þ, ∇2u′ = ðCu

/Cl
2Þ∇2u′′, and ∂2u′/∂t′2 = ðCu/Ct

2Þð∂2u′′/∂t′′2Þ, where Ci
is the similarity coefficient. Based on a similar principle
[22], the following expressions are given:

CG
Cu

Cl
2 = Cλ

Ce

Cl
= CG

Ce

Cl
= Cγ = Cρ

Cu

Ct
2 , ð3Þ

CK
CP

C2
l

= CS

Cp

Ct
= Ce

Ct
= Cw: ð4Þ

(1) Geometric similarity: Cu = CeCl and Ce = 1 were
assumed and Cu = Cl was obtained

(2) Stress similarity: combining CGCe = CγCl, Ce = 1,
and the similarity principle and the homogeneous
principle of dimension, the CG = Cλ = CE = Cp = Cγ

Cl was obtained

(3) Time similarity: integrating Cγ = CρCg, Cu = CeCl,

Cg = 1, and Ce = 1 into Cγ = CρðCu/Ct
2Þ, then Ct =ffiffiffiffiffi

Cl

p
was obtained

(4) Loading similarity: integrating Kx = Ky = Kz = K into

equation (1), then Ce = 1, Cp = CλCl, and Ct =
ffiffiffiffiffi
Cl

p

were obtained

(5) Source and sink term similarity: Cw = 1/
ffiffiffiffiffi
Cl

p
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Figure 1: The spatial distribution of coal and uranium in the Ordos Basin.
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(6) Water storage coefficient similarity: CS = 1/Cγ

ffiffiffiffiffi
Cl

p

(7) Permeability similarity: CK =
ffiffiffiffiffi
Cl

p
/Cγ

4. Physical Experiment

4.1. Experiment Setup. The geological and hydrology proper-
ties were characterized by the transparent soil and leaching
solution. The behaviors of fracture development and fluid
migration were studied in different mining scenarios. A
“seven-point” pattern technology was adopted for the in situ
leaching of uranium. The space of pumping wells is set to
30m, the pumping volume is set to 8m3/h, and the coal
mining speed is assumed as 16m/d.

The experiment equipment is composed of the control,
loading, and monitoring systems, and a good performance
function for the in situ leaching of uranium and coal mining
was developed, as shown in Figure 3. In detail, the under-
ground mining of coal and in situ leaching of uranium were
performed by hydraulic pumping. The seepage migration,
fracture movement, and strata displacement were captured
by the monitoring system. And the specific technical param-
eters are shown in Table 1.

The physical model includes transparent acrylic glass
and is sealed by bolts and colloids, and the dimension is 40
cm × 20 cm × 40 cm (length × width × height). The trans-
parent soil is prepared by aggregate particles and saturated
liquid. The aggregate particle was made by the mixture of
200–300- and 20–40-mesh silica gel powder, and the

Figure 4: Preparation of the leaching solution.

Mechanical stirring Overburden bedding Saturated vacuum

Strata formed Coordinated mining

Figure 5: Preparation process of the transparent strata.

Table 1: Key technical parameters of the equipment.

Category Power Stress/pressure Measuring range Accuracy Flow rate Operating system

Loading pump 5.5 kW 10 t 400mm 0.1mm — PLC

Fluid pump 1 kW 0-10MPa — 0.01mL 0-1.2 L/minute PLC

4 Geofluids
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saturated liquid was made by the mixture of paraffin oil and
n-tridecane.

4.2. Experimental Procedure. The sandy mudstone layer,
conglomerate aquifer, and coarse-grained sandstone layer
were characterized by transparent soil. The coal seam was
described by an oil bag located in the bottom of the physical
model. The sandy mudstone layer was characterized by a
mixture of 200–300-mesh silica gel powder and mineral
oil. The conglomerate aquifer and coarse-grained sandstone
were characterized by a mixture of 200–300- and 20–40-
mesh silica and mineral oil, respectively. The preparation
procedure is shown in Figure 4, and the specific experiment
steps are shown:

(1) The saturated liquid was obtained by the mixture of
paraffin oil and n-tridecane at a mass ratio of 0.85 : 1.
Subsequently, the silica gel powder and saturated liq-
uid were mixed in a mass ratio of 1 : 0.65, and the
mixture was stirred using the stirrer for 1 h

(2) The mixture was poured into the transparent abra-
sive tool to be vacuumized and saturated for 12h
until the bubbles of the material completely disap-
peared. Subsequently, the mixture was consolidated
with respect to a certain amount of mechanical stress
for 7 days until the transparent material of the sandy
mudstone, conglomerate aquifer, and coarse-grained
rock approached the physical strength. Further, the
transparent rock layer presented appropriate trans-
parency with a refractive index of 1.42

(3) The saturated oil red O dye and saturated liquid
were mixed and retained for 24 h. Then, the solution
tracer was obtained as the in situ leaching solution of
uranium, as shown in Figure 5

(4) For uranium mining prior to coal, in situ leaching
was conducted with the prepared solution tracer
using a pumping system. For the scenario of the
comining of uranium and coal, the coal seam was
mined at a rate of 16m/d through the pumping fluid

Arch-shaped
fracture zone

Caved zone

Leaching
solution 

(c) 132m

Arch-shaped
fracture zone 

Caved zone

Leaching
solution 

Mudstone

(d) 150m

Figure 6: Development of fracture field and migration of leaching solution.
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from the oil bag, and the in situ leaching was con-
ducted with the solution tracer using a pumping sys-
tem. For the scenario of coal mining prior to
uranium, the coal seam was initially mined, and the
stability of the mining-induced fractured zone was
obtained; then, the in situ leaching was performed
using the solution tracer

5. Results and Analyses

5.1. Hydrogeology Response to the Comining of Coal and
Uranium. During the coordinated mining of coal and ura-
nium, the fracture growth and the solution diffusion were
investigated. The specific characteristics of multifield cou-
pling are shown in Figures 6 and 7.

In Figure 6, a “cone-shaped” leaching solution diffusion
area around the injection well was observed, as the in situ
leaching of uranium at a constant speed of 0.14m/s. The
leaching solution diffused and was transported from the
injection well to the pumping well under the effect of the
negative pressure. With the advancement of coal mining,
the fracture zone and caving zone could be observed in the
sandy mudstone above the coal seam. In addition, a
“horizontal-shaped” fracture zone was observed in the
uranium-bearing layer due to the hydraulic and mechanical
fracturing effect. In Figure 7, an increasing trend in the
height of the fractured zone and the caving zone and frac-
tured depth was presented, and seepage depth varied around
11m, as the process of the in situ leaching of uranium. As
the coal mining advanced to 48m, the height of the caving

zone approached to 10m, the height of the fractured zone
had grown into 21m, and the fractured depth evolved into
4.77m. Meanwhile, the uranium was normally mined, and
a 10m vertical infiltration of leaching solution along the hor-
izontal direction was observed. As the coal mining advanced
to 112m, the height of the caving zone is 26.6m and the
maximum height of the fractured zone is 90m above the
coal goaf. Further, a plastic zone with a length of 20m was
formed in front of the mining face, as shown in
Figure 6(b), and a balanced horizontal flow state was
obtained with a seepage depth of 11m and a fracture depth
of 11.35m. As the mining advanced to 150m, the maximum
height of 90m was maintained with respect to the fractured
zone; in contrast, the height of the caving zone is 35.8m. In
addition, a fracture depth of 14.2m and a seepage depth of
11.6m are obtained. Further, the stability of the horizontal
flow was maintained with respect to the in situ leaching,
and the increase in vertical infiltration of the leaching solu-
tion was presented. Figure 6(d) shows that the morphology
of the fractured zone is characterized by an “arched-shape”
structure and the maximum height of the fractured zone is
90m, as the mining advanced to 150m. The decrease in frac-
ture zone height from the middle to the end of the stope was
presented. No obvious vertical infiltration was observed, as
the in situ leaching was performed.

The vertical infiltration of the solution was not obvious
in the scenario of the comining of coal and uranium; how-
ever, the horizontal and dynamic movements of the solution
were observed between the injection well and the pumping
well. A fracture zone characterized by the existence of an
“arched-shape” structure was observed in the stope, and
the stability was maintained for a long time. The maximum
height is 90m, which is 20 times the coal seam thickness.
The “arched-shape” boundary of the fracture zone is
observed under the no-key-layer condition in the overlying
strata, and the coal mining was protected under the
“arched-shape” structure.

5.2. Comparison of the Different Mining Scenarios of Coal
and Uranium. The diffusion of the leaching solution, the
development of a mining-induced fracture zone, and the
influence of convection and dispersion of the underground
fluid on the diffusion of the leaching solution are presented
in Figures 8 and 9.

Figure 8(b) presents that the horizontal movement dom-
inated the distribution of the leaching solution and that ver-
tical infiltrate cannot be formed in the scenario of uranium
mining prior to coal. This illustrates that the pressure differ-
ence between the coal seam and uranium-bearing strata
plays an important role in the distribution of the leaching
solution. For the comining of coal and uranium, the fracture
zone, characterized by an “arched-shape” morphology, was
generated with the advance of coal mining, as shown in
Figure 8(c). Further, the stability of the uranium deposit
was observed based on the protective effect of the undis-
turbed layer located below the uranium deposit. The maxi-
mum penetration depth of the solution was limited, and
the vertical penetration behavior of the solution was not
observed in a short period. The accelerated infiltration of
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the solution influenced by the convection effect would be
presented in the goaf, as the solution approached the frac-
ture zone in a long period.

Figure 9 shows that a stable 90m height of the fractured
zone was presented in the comining of coal and uranium
and coal mining prior to uranium. The fracture depth in
the uranium layer in the comining of coal and uranium
was larger than that of coal mining prior to uranium and
uranium mining prior to coal. However, the seepage depth
of the leaching solution in coordinated mining of coal prior
to uranium was higher than that in the comining of coal and
uranium and uranium mining prior to coal. The maximum
fractured depth in the uranium layer was observed in the
comining of coal and uranium, because the physical influ-
ence and hydraulic fracturing effect caused by coal mining
dynamically changed the hydrogeology. Considering the
time-dependent effect, the maximum seepage depth was
observed in coal mining prior to uranium. The vertical infil-
tration of the leaching solution was limited to 10–12m
because of the presence of an undisturbed layer during ura-
nium mining in the uranium prior to coal.

6. Discussion

The geotechnical mechanics and permeability of the trans-
parent soil composed of the different skeletons and saturat-
ing fluids were studied [7, 14]. And the displacement in
embankment road, tunneling, and slope slipping were inves-
tigated using the transparent soil [1–5, 23]. However, the
development of the mining-induced fracture and leaching
solute was rarely characterized by the transparent soil. In
this study, the hydrogeology of intergrown resources was
described by transparent soil, which comprises paraffin oil,

n-tridecane, and silica gel in different mass ratios. The coor-
dinated mining of coal and uranium in different scenarios
was performed. The hydrogeology response characterization
with respect to the mining can be given as follows:

(1) Considering a matching refractive index, the sandy
mudstone was characterized by the mixture of 200–
300-mesh silica gel powder and mineral oil; the con-
glomerate aquifer and coarse-grained sandstone
were represented by 200–300- and 20–40-mesh silica
gel powder and mineral oil

(2) The mining-induced fracture zone was well charac-
terized by the “white zone” caused by air, and the
leaching solution was characterized by the saturated
red O dye

(3) The “arch-shaped” fractured zone exhibits a maxi-
mum height of 90m, and the “horizontal-shaped”
fractured zone exhibits a maximum height of
14.24m in the uranium-bearing layer. The leaching
solution seepage depth of 12m was determined by
the distribution of the saturated red O dye

(4) The difference in the scope of the fractured zone and
seepage area was characterized by the white zone and
red zones

7. Conclusions

Based on the physical experiment through transparent soil,
the diffusion and migration of the in situ leaching solution
and the development of mining-induced fracture zones were
observed in different mining scenarios of coal and uranium,
and the main conclusions are given:

(1) The hydrogeology was appropriately characterized
by a mixture of silica gel powder and mineral oil.
The sandy mudstone was characterized by a mixture
of 200–300-mesh silica gel powder particles with low
permeability. The conglomerate aquifer was charac-
terized by 20–40-mesh silica gel powder. And the
mud pebble was characterized by a mixture of 200–
300- and 20–40-mesh silica gel powder

(2) With the oil separation and air diffusion along the
fracture net, a white zone covering the mining-
induced fracture zone was observed; the migration
of the leaching solution was characterized by the sat-
urated oil red O dye. A fracture zone characterized
by an “arch-shape” morphology was observed with
a maximum height of 90m above the mined goaf,
and the mining face was protected by the “arch-
shape” structure. “Horizontal-shaped” fracture zones
with depths of 9.97, 18.4, and 16.09m were observed
in the uranium-bearing layer for the scenario of ura-
nium prior to coal, comining of coal and uranium,
and coal mining prior to uranium, respectively

(3) A smaller leaching solution vertical infiltration of
4.83m was observed, compared with those of
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Figure 9: Comparison in the development of fracture and seepage
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10.26m in the comining of coal and uranium and
16.09m in coal mining prior to uranium. The layer
below uranium was stable, and the leaching solution
infiltration in the coal mining area was not observed
in a short time for coordinated mining in different
scenarios
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The postconstruction settlement of the bridge approach is usually uneven, which could create a bump in the roadway. Indeed, this
is a typical situation at the end of the bridge approach and requires a solution. One of the main causes of postconstruction
settlement is the creep of soil. This paper is aimed at generalizing a new design method for controlling highway
postconstruction settlement by replacing subgrade with expanded polystyrene (EPS). In the new method, the creep
coefficient can be calculated based on the Yin-Graham EVP model. Thus, the relationship between the overloading ratio
(OLR) and overconsolidation ratio (OCR) is obtained. The new method involves five steps: (a) determine the creep
coefficient based on the relationship between the creep coefficient and over consolidation ratio, (b) divide the ground into
a suitable number of sublayers, (c) select groups of different overloading ratios and then calculate the average values of the
additional stress and overconsolidation ratio for each sublayer under different OLRs, (d) calculate the postconstruction
settlement under different OLRs, and (e) determine the replacement capacity for different sections. This method can be
used for quantitative design according to different requirements of postconstruction settlement of foundation. Taking
Huzhou Avenue as an example, the case study illustrates the calculation process of the new method in detail.

1. Introduction

The bridge approaches provide a smooth transition of cars
from roadway pavements to bridge structures. However,
the postconstruction settlement of bridge approaches is
usually uneven, which could create a bump in the roadway.
Indeed, this is a typical situation at the bridge approach
and requires a solution.

The bump at bridge-head is a complicated technical
problem. The creep of soil is one of the main causes of post-
construction settlement. The soil exhibits creep properties.
Compared with primary consolidation settlement, creep set-
tlement is small but significant, especially for soft clay. In the
past several decades, extensive studies have been conducted
on the creep of soft clay. Ladd et al. [1] first proposed the

question of whether creep settlement occurs in the process
of primary consolidation settlement. And there are two dif-
ferent views on whether the creep occurs during primary
consolidation. They summed them up as Hypothesis A and
Hypothesis B. Hypothesis A holds that creep occurs only
in the secondary consolidation stage, and no creep occurs
in the primary consolidation stage. Mesri et al. [2–4], Wang
et al. [3], and Mesri and Vardhanabhuti [4] support Hypoth-
esis A. However, Hypothesis B believes that the soil creep is
caused by its own viscosity and occurs from the beginning of
the primary consolidation process. It is supported by Bjer-
rum [5], Stolle et al. [6], Nash and Ryde [7], Yin et al. [8],
Suklje [9], Bouchard et al. [10], Berre and Iversen [11], Leoni
et al. [12], Karim et al. [13], and Nash and Brown [14]. As is
known, with the effective stress changes, the creep always
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exists actually, which means that Hypothesis B is reasonable.
Based on Hypothesis B and the equivalent time concept, Yin
and Graham [15–18] proposed a 1D elastic viscoplastic (EVP)
model for creep behavior, which can be used to calculate the
creep settlement. According to the EVP model, the creep coef-
ficient is closely related to the over consolidation ratio (OCR).

Some compression tests [19–21] have shown that the
creep coefficient decreases with the increase of OCR. There-
fore, the use of a preload larger than the final construction
load is an effective method to reduce postconstruction settle-
ment [22–26]. However, in the actual project, for some sec-
tions, the preloading period is insufficient so that it is
difficult to achieve the original effect within the time limit
of the project. The method of replacing part of subgrade
with lightweight materials to reduce the permanent load of
subgrade can solve the problem [27, 28]. Expanded polysty-
rene (EPS) is one of the high-quality lightweight materials
[29]. EPS has the characteristics of ultralightweight, compress-
ibility resistance, self-reliance, water resistance, flame retar-
dant, and so on. The density of the EPS material is generally
0.2~0.3 kN/m3, which is equivalent to 1/100~1/60 of the soil
density. EPS has high compressive strength and varies with
density, so it can be used as an embankment filling material
in the elastic range of 80~140kN/m2. EPS is a synthetic resin
foam containing independent bubbles that do not absorb
water. The physical properties and mechanical indexes of the
EPS material change little in the aging process, excellent aging
resistance, and its aging life is more than 60 years.

It is important to determine the appropriate thickness of
EPS to control the postconstruction settlement but there are
only few studies in this area. Chen et al. [30] suggest that
consolidation, compression, and other parameters can be
calculated according to the monitoring data, and the calcula-
tion program of foundation settlement reflecting the process
of overloading-unloading and reloading should be compiled.
Then, the relationship between different capacities of
lightweight material and postconstruction settlement is
obtained. Thus, the thickness of the lightweight material can
be determined according to the allowable postconstruction
settlement. Many factors are considered in this method, but
it is difficult to be generalized and applied in engineering due
to its complex calculation. Jiang et al. [31] come up with a for-
mula to calculate the thickness. However, this formula also
relies on monitoring data and the postconstruction settlement
is only estimated according to the measured data. Therefore,
this formula may not be used in the stage of design.

This paper is aimed at proposing a new practical design
method for controlling highway postconstruction settlement
by replacing subgrade with EPS. First, the functional rela-
tionship between the creep coefficient and overconsolidation
ratio is established by fitting the one-dimensional compres-
sion test data. Second, the relationship between the over-
loading ratio (OLR) and overconsolidation ratio (OCR) is
deduced. Then, groups of different OLR are selected and
the postconstruction settlement under different OLRs is cal-
culated. This method can be used for quantitative design
according to different requirements of postconstruction set-
tlement of foundation. And it can make the OLR greater
than 1.3 without the limitation of foundation stability.

2. Creep Coefficient of Overconsolidated Soil

Buisman proposed the concept of secondary consolidation
coefficient (Cα). As is shown in Figure 1, it is believed that
the e − lg t curve is close to a straight line after primary con-
solidation. The slope of the straight line part i is defined as
secondary consolidation coefficient Cα.

Cα =
e0 − e1

lg t1 − lg t0
, ð1Þ

where t0 is the time at the end of primary consolidation and
t1 is any time after the end of primary consolidation.

However, Equation (1) is not applicable to the overcon-
solidated soil because overconsolidated soil has finished pri-
mary consolidation before test. In 1964, Crawford [32]
conducted normally consolidated soil compressive rheologi-
cal tests and plotted e − lg p curves of different consolidation
times. In 1967, Bjerrum made a creep diagram. As is shown
in Figure 2, he divided the displacements which he observed
in the actual engineering into “instant compression” and
“delayed compression” and proposed that the delayed com-
pression can be described with parallel lines in e − lg σ space.

Based on Bjerrum’s creep diagram, Yin-Graham pro-
posed the 1-D EVP model, and the total strains can be writ-
ten as follows:

εz = εzo +
λ

V
ln σz′

σzo′

 !
+ ψ

V
ln te + to

to

� �
, ð2Þ

where εzo is a reference strain and εz is the total strain. σzo′ is
a reference stress that corresponds, respectively, to the strain
at the beginning of loading. For normally consolidated soil,
σzo′ corresponds to strain εzo. V is the specific volume of
the soil (1 + e), that is, the volume occupied by unit volume
of solids. So λ = Cc/2:303 and ψ = Cαe/2:303, where Cc and
Cαe are the compression index and creep coefficient under
logarithmic coordinates. Here, we call Cαe “creep coefficient”
instead of the “secondary consolidation coefficient”, because
Equation (2) considers creep occurs during and after “pri-
mary consolidation.” And to is a parameter that can be mea-
sured by one-dimensional compression test, which is usually
taken as unit time or the boundary point between the pri-
mary consolidation and secondary consolidation [33]. te is
called the equivalent time as defined by Yin and Graham.

According to Equation (2), the void ratio e, the effective
stress σ, and the equivalent te have a unique relationship.

e = eo − Cc lg
σz′
σzo′

 !
− Cαe lg

te + to
to

� �
: ð3Þ

As is shown in Figure 3, no matter if it is normal consol-
idation soil or overconsolidated soil, the zero point of time is
taken as the loading start time of its corresponding normal
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consolidation condition. For example, point 2 in Figure 3 is
under overconsolidation condition, and its corresponding
normal consolidation condition is point 5 on the normal
consolidation line. The time corresponding to point 5 is
the beginning time. And te is the equivalent time that is from
point 5 to point 2. Such a time coordinate system combines
normal consolidation and overconsolidation into a unified
time coordinate system, so it is called an absolute time coor-
dinate system. Now, te can be found from

Cαe0 lg
te + to
to

� �
= Cc − Ceð Þ lg σz′

σzo′

 !
, ð4Þ

where Cαe0 is the normal consolidation soil creep coefficient
and Ce is the expansion coefficient. From which

te = to
σz′
σzo′

 ! Cc−Csð Þ/Cαeo

− to: ð5Þ

Let

OCR = σz′
σzo′

, δ = Cc − Cs

Cαeo
: ð6Þ

te can be expressed as follows:

te = to OCRð Þδ − to: ð7Þ

According to Equation (7), te is a parameter related to
OCR, and it can reflect the stress history and the state of soil.
For overconsolidated soil, the creep coefficient of overconso-
lidated soils can be expressed as

Cαe =
e1 − e2

lg te2 + toð Þ/ te1 + toð Þð Þ
= e1 − e2
lg te1 + Δt + toð Þ/ te1 + toð Þð Þ

= e1 − e2
lg 1 + Δt/ te1 + toð Þð Þð Þ ,

ð8Þ

where te1 and te2 are the equivalent time; e1 and e2 are the

void ratios at equivalent time te1 and te2, respectively; and
△t is the current load duration from te1 to te2.

According to Equations (7) and (8), the creep coefficient
is not a constant. It can be expressed as a function with over-
consolidation ratio.

Cαe = f OCRð Þ: ð9Þ

3. The Relationship between Overconsolidation
Ratio (OCR) and Overloading Ratio (OLR)

The maximum value of load in the past, namely, the preload,
divided by the present value of load, is defined as the over-
load ratio (OLR). Overload ratio (OLR) was proposed to
reflect overload state, which can be expressed as follows:

OLR = po
pf

, ð10Þ

where po is the preload, that is, the load under the condition
of overload preloading. pf is the present value of load, that is,
the final construction load on the ground surface.

The maximum value of effective stress in the past,
namely, the preconsolidation pressure, divided by the pres-
ent value of effective value of effective stress, is defined as
the overconsolidation ratio (OCR).

OCR = σc

σ0
, ð11Þ

where σo is the present effective stress and σc is the precon-
solidation pressure.

When the load on the ground surface changes, the stress
state of each point in the soil stratum will change, and OCR
will also change. For example, as is shown in Figure 4, point
A is under normal consolidation condition before loading.
That is, σo is equal to γiz.

In soil mechanics, when load po is applied to the ground
surface, the vertical additional stress σm is equal to αpo.
Here, α is the additional stress coefficient which can be cal-
culated based on the depth of soil and the load distribution
type. It is convenient that we can look up the additional
stress coefficient table to determine its value. And when final
load pf is applied to the ground surface, the vertical addi-
tional stress σf is equal to αpf . So, the OCR of point A can
be expressed as follows:

OCR = σo + σm
σo + σf

= γiz + αpo
γiz + αpf

: ð12Þ

As is shown in Figure 4,

H = h + Δh + hs, ð13Þ

pf = γh + γEΔh + γshs, ð14Þ

po = γH = γ h + Δh + hsð Þ, ð15Þ

e

tt0 t1

C𝛼

Figure 1: Primary consolidation and secondary consolidation of
normally consolidated soil.
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where γ, γE, γi, and γs indicate the unit weight of filling soil,
EPS, soft soil, and pavement, respectively; h, △h, and hs-
indicate the thickness of soft soil, EPS, and pavement, respec-
tively; and H is the designed height of embankment fill.

Let us establish the relationship between the OCR and
OLR. Based on Equations (10) and (11),

OCR = γiz + αγ h + Δh + hsð Þ
γiz + α γh + γEΔh + γshsð Þ

= γiz + αγh + α γE + γ − γEð Þð ÞΔh + α γs + γ − γsð Þð Þhs
γz + α γh + γEΔh + γshsð Þ

= 1 + γ − γEð ÞΔh + γ − γsð Þhs
γh + γEΔh + γshs + γiz/αð Þ ,

ð16Þ

OLR = γ h + Δh + hsð Þ
γh + γEΔh + γshs

= γh + γE + γ − γEð Þð ÞΔh + γs + γ − γsð Þð Þhs
γh + γEΔh + γshs

= 1 + γ − γEð ÞΔh + γ − γsð Þhs
γh + γEΔh + γshs

:

ð17Þ

According to Equations (14) and (15).

1
OCR − 1 −

1
OLR − 1 = γiz

α γ − γEð ÞΔh + γ − γsð Þhs
: ð18Þ

Let

β zð Þ = γiz
α γ − γEð ÞΔh + γ − γsð Þhs

: ð19Þ

Thus, OCR, OLR, and z have a relationship:

OCR = 1 + 1
1/ OLR − 1ð Þð Þ + β zð Þ : ð20Þ

4. The New Method for Controlling
Postconstruction Settlement

4.1. Procedures of Applying the Practical Design Method. The
new method for controlling postconstruction settlement
involves the following 5 steps:

(a) Determine the creep coefficient. Based on the Yin-
Graham EVP model, the functional relationship
between the creep coefficient and overconsolidation
ratio is established by fitting the one-dimensional
compression test data

lgp

Undrained shear strength

V
oi

d 
ra

tio
 e

Instant compression
during sedimentation

Delayed compression

pc

ratio at different time 
Equilibrium void

of sustained loading

Figure 2: Bjerrum’s creep diagram.
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Figure 3: Equitime e − lg p curves.
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(b) Divided the ground into a suitable number of sub-
layers. Each sublayer within a same soil layer should
not be overly thick. The thickness of each sublayer
should be controlled within 2m-4m. For each
sublayer, it is assumed that pressure is uniformly
distributed

(c) Select groups of different OLRs and calculate the
average values of the additional stress and OCR for
each sublayer under different OLRs. The OLR
usually ranges from 1.1 to 1.6 in actual projects.
Based on Equation (19), the additional stress and
OCR at the center point of each sublayer are
calculated and the values are taken as the average
additional stress and OCR for each sublayer

(d) Calculate the postconstruction settlement under dif-
ferent OLRs. Based on the functional relationship
between Cαe and OCR, the creep coefficient of each
layer is determined according to the average over-
consolidation ratio for each sublayer. According to
Equation (20), the settlement of each sublayer was
calculated and the total postconstruction settlement
of ground can be calculated as follows:

s = 〠
n

i=1

Hi

1 + eoi
Cαei lg

t1 + Δt
t1

� �
, ð21Þ

where s is the total postconstruction settlement of ground,
Hi is the thickness of each sublayer, Cαei is the creep coeffi-
cient of each sublayer, t1 is the preloading period, and △t
is the service period which is usually taken as 15 years

(e) Correct the settlement value with the safety factor μ
and determine the overload ratio and the replace-
ment capacity under the requirements of postcon-
struction settlement

4.2. Advantages of the New Method. On the one hand, the
subgrade soils become overconsolidated soil after replace-
ment with EPS, so the creep coefficient is greatly reduced.
As a lightweight material, EPS itself has the characteristics

of ultralightweight, compressibility resistance, self-reliance,
water resistance, flame retardant, and so on. Therefore, this
method can better control the postconstruction settlement.

On the other hand, this method can be used for the
quantitative design according to different requirements of
postconstruction settlement of foundation. In the process
of the engineering design, the calculation of postconstruc-
tion settlement is often calculated by empirical formula or
correction coefficient. This is often unable to meet the strict
requirements of some engineering. Using the creep coeffi-
cient, this method can realize the quantitative calculation
of postconstruction settlement.

Besides, this method can make the overloading ratio
greater than 1.3 without the limitation of foundation
stability. It is necessary to control the overloading ratio to
ensure the stability of the foundation when using the over-
load preloading method for ground treatment. Thus, when
the overloading is relatively small, a longer preloading time
is needed to ensure the effect of controlling the postconstruc-
tion settlement, which would prolong the construction period.
This method can make the overloading ratio greater than 1.3,
which is like a strategy using space to exchange for time.

5. Case Study

5.1. Project Background. The considered Huzhou Avenue is
constructed on soft clay on the Huzhou plain, southeast of
the city of Huzhou in China. As is shown in Figure 5, the
bridge approach is about 140m long, which is divided into
5 transition sections (S1 to S5) and 1 general section (GS).
The soft clay beneath it is about 13m deep. In order to pro-
vide a smooth transition of vehicles from highway pave-
ments to bridge structures, the design scheme is different
for each section. Cement-soil mixed piles are used in S1
and S2. EPS lightweight materials are used in S3, S4, and
S5. The plastic drainage plate is used in all sections.

The soft clay has high water content, a high void ratio,
high compressibility, low strength, and low permeability.
The soil profile is depicted in Figure 6, obtained from geo-
logical survey. The soil consists of 2 layers: (a) hard crust
and (b) soft clay.

EPS
1:1.5

1:1.5

Fill

Pavement structure

A

Geostatic stress curve 
Additional stress curve

under po 

Additional stress curve
under pf

𝜎o𝛼pf𝛼po

h
s

Δ
h

h

H

z

H
i

Figure 4: Cross-section of EPS filling.
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5.2. One-Dimensional Compression Test

5.2.1. Test Apparatus. As is shown in Figure 7, the sixteen
automatic pneumatic consolidation apparatus is adopted to
carry out one-dimensional compression test. The ring knife
is 2 cm high, and the base area is 45.6 cm2. Compared with
traditional apparatus, the system has the advantage of auto-
matic data acquisition during the test and overcomes the
disadvantages of traditional manual recording. In order to
ensure the reliability of the test results, the apparatus was
proofread before the test.

5.2.2. Test Scheme and Description. In order to determine the
stress history of the ground soils, the preconsolidation pres-
sure should be first determined. Casagrande proposed an
empirical graphical method using the e − lg p curve to obtain
the maximum effective stress that had acted on the clay in
the past. It is known through tests that the soft clay belongs
to normally consolidated soil. The sample soils are taken
from a depth of 5m, and the preconsolidation pressure is
about 110 kPa. In order to ensure that the maximum load
is greater than the preconsolidation pressure, it is set as
150 kPa. The test loading path is divided into overloading,
unloading, and reloading in order to simulate the actual con-
struction condition. The soft clay is overconsolidated after
reloading. For excluding the influence of the loading ratio
factor, the loading ratio of each group is set as 1. Since the
overconsolidation ratio is small and the creep coefficient
changes greatly, the overconsolidation ratios are set as 1.1,
1.2, 1.4, and 1.8. It takes a long time for the creep coefficient

to stabilize, so the duration of the last stage test should be at
least 7 d. The specific scheme for one-dimensional compres-
sion tests is shown in Table 1.

5.2.3. Test Results. Figure 8 shows the s − lg t curve of sample
1. Since the sample soil belongs to normally consolidated
soil, it is obvious that the boundary between the primary
and secondary consolidations is at about to = 100min.
According to Equation (1),

Cα =
e0 − e1

lg t1 − lg t0
= 1:469 − 1:437
lg 1440 − lg 100 = 0:0271: ð22Þ

Figure 9 shows the e − lg t curve of soil sample 2, sample
3, sample 4, and sample 5 under the last stage load. From
Figure 9, we can learn that the lines of all samples are
smooth after 100min, so to is 100min. And the duration
should be reduced by 100 minutes, so △t = 7d – 100 min
= 9980 min. Since each stage of load, except the last stage,
lasts for 1 day, the equivalent time should be taken as 1
day. According to Equation (8), the creep coefficient can
be calculated.

Taking sample 2 as an example, te = 1d = 1440 min,
to = 100 min, △t = 9980min, e1 = 1:245, and e2 = 1:228. So,
when OCR is 1.1, the creep coefficient.

Cαe =
e1 − e2

lg 1 + Δt/ te1 + toð Þð Þð Þ
= 1:245 − 1:228
lg 1 + 9980/ 1440 + 100ð Þð Þð Þ

≈ 0:0197:

ð23Þ

The creep coefficients under each overconsolidation ratio
are calculated as shown in Table 2.

The relationship between the creep coefficient and OCR
is depicted in Figure 10.

It is found that the relationship between the creep
coefficient and overconsolidation ratio can be fitted by an
exponential function as follows, and the correlation coeffi-
cient R2 is 0.991.

Cαe = −0:0031 + 0:2446e−2:1184OCR: ð24Þ

5.3. Calculate the Postconstruction Settlement. As is shown in
Figure 11, to facilitate the analysis, it is assumed that po is
divided into 2 stages that are abruptly applied on the ground

EPS

Plastic drainage plate

Bridge structurePavement structure Cement‑soil mixed piles

S1GS S3S5 S4 S2

Fill

Figure 5: Profile of bridge approach.

Hard crust

Soft clay

1 m

13 m

Figure 6: Profile of soil.
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surface. When the final stage is applied up to t2, the addi-
tional surcharge is replaced with lightweight EPS, and the
preload is reduced from po to pm. And then, the pavement
is laid and the load is up to pf .

As is shown in Figure 6, the thickness of hard crust is
approximate 1m. Due to its low compressibility, the post-
construction settlement of this layer is negligible. The
designed height of embankment fill H is 4.4m. The unit
weight of filling soil γ is taken as 20 kN/m3. According to
Equation (13),

po = γH = 20 × 4:4 = 88 kPa: ð25Þ

The designed thickness of pavement structure layer hs is
0.9m. And its unit weight γs is taken as 23 kN/m3. When the
thickness of EPS △h is taken as 0.5m, according to
Equations (13) and (15), the final load pf and OLR are cal-
culated below.

pf = γh + γEΔh + γshs

= 20 × 3 + 0:2 × 0:5 + 23 × 0:9
= 80:47 kPa,

ð26Þ

OLR = po
pf

= 88
80:47 = 1:093: ð27Þ

For the first soil layer, the depth of the middle point
z = 1m. Having looking up the additional stress coefficient
table, we obtain α = 1:0. According to Equations (18), (19),
and (21),

β zð Þ = γiz
α γ − γEð ÞΔh + γ − γsð Þhs

= 16 × 1
1 × 20 − 0:3ð Þ × 0:5 + 20 − 23ð Þ × 0:9

= 1:838,

ð28Þ

Figure 7: Automatic consolidation apparatus.

Table 1: Scheme for one-dimensional compression tests.

Sample OCR Load path and duration

1 1.0 37.5 kPa (1 d)⟶75 kPa (1 d)⟶150 kPa (7 d)

2 1.1 37.5 kPa (1 d)⟶75 kPa (1 d)⟶150 kPa (1 d)⟶60.6 kPa (1 d)⟶90.9 kPa (1 d)⟶136.4 kPa (7 d)

3 1.2 37.5 kPa (1 d)⟶75 kPa (1 d)⟶150 kPa (1 d)⟶55.5 kPa (1 d)⟶83.33 kPa (1 d)⟶125 kPa (7 d)

4 1.4 37.5 kPa (1 d)⟶75 kPa (1 d)⟶150 kPa (1 d)⟶47.5 kPa (1 d)⟶71.3 kPa (1 d)⟶107 kPa (7 d)

5 1.8 37.5 kPa (1 d)⟶75 kPa (1 d)⟶150 kPa (1 d)⟶37.0 kPa (1 d)⟶55.5 kPa (1 d)⟶ 83.3 kPa (7 d)

Note: the arrow direction in the loading path represents the next level stress. The number before the brackets is the value of the load, and the number in the
brackets is the duration of the load. For example, 37.5 kPa (1 d) represents that the load is 37.5 kPa (duration is 1 day).

0.1 1 10 100 1000 10000
4.0
3.8
3.6
3.4
3.2
3.0
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d100

S 
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m
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Figure 8: s − lg t curve.

7Geofluids



OCR = 1 + 1
1/ OLR − 1ð Þð Þ + β zð Þ

= 1 + 1
1/ 1:093 − 1ð Þð Þ + 1:838

= 1:077,

ð29Þ

Cαe = −0:0031 + 0:2446e−2:1184OCR = 0:0227: ð30Þ
In this project, the timing of replacement is the tim-

ing of unloading. As the timing of unloading is mainly
determined based on the degree of primary consolidation,
the timing of replacement could be determined with
traditional method. The preloading period lasts 1 year,
so t1 = 1 year. The postconstruction settlement at the
end of the service period can be calculated according to
Equation (19).

s1 =
H1

1 + eo
Cαe lg

t1 + Δt
t1

� �

= 2
1 + 1:574 × 0:0227 lg 1 + 15

1

� �
= 0:021m:

ð31Þ

The postconstruction settlement of other soil layers is
calculated in turn, and the calculation results are shown
in Table 3.

Actually, the degree of consolidation cannot reach 100%,
so the calculated postconstruction settlement should be cor-
rected. The correction factor μ can be evaluated according to
the degree of consolidation. The correction factor μ is an
empirical coefficient. Here, according to existing engineering
experience, as is shown in Table 4, we suggest the value of
the correction factor should be determined based on the
degree of consolidation after preloading. In this project, the
degree of consolidation after preloading is about 80%, so
the correction coefficient is 1.3.

According to the above calculation process, the postcon-
struction settlement under different OLRs is calculated as
Table 5.

The allowable postconstruction settlement of the gen-
eral section is 30 cm, which is the requirement in the spec-
ification. The longitudinal grade allowable value is 4‰. As
is shown in Figure 5, the distance between the general sec-
tion and Section 3 is 65m. If the OLR of Section 3 is set
as 1.09, the longitudinal grade is ð300 − 141:7Þ/65000 =
2:4‰ < 4‰.

As is shown in Figure 12, the settlement curve of the
cross-section is distributed in parabolic shape roughly. How-
ever, the calculated overloading ratio above is that of the

0.1 1 10 100 1000 10000
1.20

1.25

1.30

1.35

1.40

1.45

1.50

1.55

1.60

V
oi

d 
ra

tio

t (min)

Sample 2
Sample 3

Sample 4
Sample 5

Figure 9: e − lg t curve of overconsolidated soil.

Table 2: Creep coefficient under different OCRs.

OCR Cαe

1.0 0.0271

1.1 0.0197

1.2 0.0156

1.4 0.0107

1.8 0.0019
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Figure 10: The relationship between the creep coefficient and
OCR.
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8 Geofluids



midpoint of each section. So, the cross-section can be opti-
mized to get more economical. The specific optimization
content will be introduced in another article.

6. Conclusions

Based on practical engineering, a new design method for
controlling postconstruction settlement is proposed in this
paper. Main conclusions are drawn as follows:

(a) Based on the1D EVP model and the concept of
equivalent time, the functional relationship between
the creep coefficient and overconsolidation ratio
can be established by fitting one-dimensional com-
pression test data. It is found that the creep coeffi-

cient decreases with the overconsolidation ratio
increasing

(b) The relationship between the overloading ratio and
overconsolidation ratio is deduced. In practical engi-
neering, the overconsolidation ratio can be changed
by adjusting the overloading ratio, and then, the
creep coefficient can be changed to control the post-
construction settlement

(c) The new method can be used for the quantitative
design according to different requirements of postcon-
struction settlement of foundation. The case study
shows that the method is operable in engineering
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In this study, the deformation characteristics and mechanical properties of coal and rock mass in the S2N5 working face of the
Xiaokang coal mine are analyzed to address the problem of large deformation of soft rocks with high in situ stress surrounding
roadways. Through a newly developed grouting pipe, a double-shell grouting technology, consisting of low-pressure grouting and
high-pressure split grouting, is proposed for the Xiaokang coal mine. In addition, the effect of grouting is evaluated by borehole
peeping and deformation monitoring. The results show that the double-shell grouting technology can effectively improve the
overall mechanical properties of the surrounding coal and rock mass, preventing the large deformation and failure of the roadway.
This technology can be useful when analyzing and preventing large deformation of soft rock roadways.

1. Introduction

Controlling the soft rock strata surrounding roadways is
important when conducting mining activities [1, 2]. To con-
trol the large deformation of soft rock roadways, it has
become necessary to support them with bolt/cable + steel
mesh + shotcrete technology [3, 4]. However, bolts and
anchor cables could not play a full role because of insuffi-
cient anchoring force in soft rock, and grouting reinforce-
ment is an effective method to control the deformation of
roadway surrounding rock [5, 6]. Grouting reinforcement
technology is an indispensable part of the support design
for tunnels with high ground stress and complex geological
conditions [7]. Grouting reinforcement technology can
effectively improve the mechanical properties and integrity
of broken surrounding rock. At the same time, grouting
reinforcement can prevent the surrounding rock from
becoming unstable and also prevent its damage and failure
during mining [8]. There have been many studies on the

mechanism and control of large deformation of roadways
in soft rock with high in situ stress.

Li. et al. analyzed the failure mechanism of a large span
intersection through numerical simulation and proposed a
double-bolt control technology to effectively control the
deformation of the surrounding rock in roadways [9]. Li.
et al. proposed a coupling support technology consisting of
a high-toughness sealing layer + hollow grouting cables +
full-length anchoring bolts in deep boreholes to effectively
control the large deformation of roadways [10]. Fangtian
et al. implemented a whole section anchor–grouting rein-
forcement technology in a coal mine based on a double-
shell anchor–grouting reinforcement mechanism to control
the deformation of the rock surrounding a roadway [11].
Wang et al. put forward the concept of “high strength, integ-
rity, and decompression” based on the large deformation
mechanism of soft rock surrounding a roadway and devel-
oped a confined concrete (CC) support system, which was
verified by field tests [12]. Chen et al. proposed a whole
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section double arch synergy reinforcement technology of
“sprayed concrete + grouting + anchor bolt + anchor cable”
to control the deformation of inclined shaft in soft sur-
rounding rock [13]. Zhang et al. proposed a grouting mate-
rial with low cost and high density for the reinforcement of
large-scale floor cracks; the optimal proportion of constitu-
ents for the new grouting material (including 1% foaming
agent) was 40% of cement, 30% of clay, and 30% of fly ash
[14]. Yang et al. put forward a new grouting method based
on the CFD-DEM coupling principle; one typical subgrade
section in the Shanghai–Nanjing intercity railway was used

to simulate the grouting process and the diffusion mecha-
nism of the slurry at the microlevel [15].

This study mainly analyzes the mechanism of large defor-
mation occurring in roadways surrounded by soft rock with
high geostress and the reinforcement of soft broken coal rock
mass using inorganic grouting material. Modified coal and
rock mass can be effectively reinforced in a roadway sur-
rounded by rock using double-shell grouting technology
(low-pressure grouting in shallow surrounding rock and
high-pressure split grouting technology in deep surrounding
rock) to enhance the strength and the deformation resistance
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Figure 1: General situation of the Xiaokang coal mine. (a) Geographical location of the Xiaokang coal mine. (b) Coal seam of S2N5.
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Figure 2: Basic situation of the S2N5 working face.
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of the surrounding rock under mining activity. The field
application of double-shell grouting technology is achieved
using a newly developed grouting conduit and good results
are obtained.

2. Field Overview

2.1. Engineering Background. The Xiaokang coal mine is
located in Kangping County, Shenyang City, Liaoning Prov-
ince, China, as shown in Figure 1(a). It is 40km away from
Shenyang City. The mine area is 28.99m2, and the output is
270Wt/a. There are no hydrological characteristics of large riv-
ers in the mine area. The structure of the Xiaokang coal mine is
influenced by the second subsidence zone of the Neocathaysian
system and the Yinshan zonal structural zone of the Tianshan
Mountains, where tension-torsion normal faults are well-
developed. The sliding structure of themine has multilevel slid-
ing surfaces and small faults in the oil shale on the roof of the
coal seam. In addition, the widespread development of gravity
sliding structures in the Xiaokang coal mine has destroyed the
integrity of the coal roof and increased the mine pressure.

The maximum buried depth of the coal seam in the
S2N5 working face is 585m, and the coal seam inclination
is generally 3° ~6°. The length of the mining area is
1061.5m, and the width is 200m as shown in Figure 2.
The average thickness of the coal seam is about 7.52m as
shown in Figure 1(b). The adjacent working face S2N3 was
mined in 1994 with a small pillar 6m away from the S2N5 area
as shown in Figure 2. Affected by the S2DF32H fault, the
roadway deformation in the working face is obvious and the
stability of the roadway is difficult to control. Therefore, near
the DF12 fault, grouting reinforcement is proposed to control
the deformation of S2N5’s ventilation roadway.

2.2. Original Support Design of the S2N5 Tunnel. The prob-
lem of implementing an adequate support system has been
restricting the development of the Xiaokang coal mine
[16]. A series of reforms have been carried out on the selec-
tion of an appropriate roadway support section, the support-
ing material of the arch frame, and the anchor cable as
shown in Table 1.

It can be seen from Table 1 that the supporting methods
selected for the Xiaokang coal mine have become increasingly
more complex and that the support strength has gotten
increasingly higher. At present, the roadway in the Xiaokang
coal mine has adopted a compound lining structure. The
initial support consists of bolts (2.4m) and anchor cables
(7.3m). The row spacing between bolts is 800mm× 600mm
and anchor cables is 1600mm× 1200mm. The diameter of
mining roadway in the S2N5 working face is 4.6m. Compre-
hensive mechanized cavingmining technology is adopted with
a mining height of 3.8m, and the height of caving mining is
3.72m. The secondary lining is composed of steel arch (U36)
and shotcrete (28mm) as shown in Figure 3. However, the
mining roadway, which has had a long service period and a
complex engineering-geological environment, still needs to
be improved to achieve normal production of the mine.

3. Failure Characteristics and Mechanism of the
Surrounding Rock

3.1. Failure Characteristics of the Surrounding Rock. Obser-
vations of the deformation of the rock surrounding the road-
way at the S2N5 working face show that the influence range

Table 1: Development of the support system in the Xiaokang coal mine.

Supporting design Parameters

Section

Trapezoid Three-center Semicircle Horseshoearch arch arch Circular

Steel arch 25U-shape steel arch 29U-shape steel arch 36U-shape steel arch

Bolts and anchor cables

Screw steel bolt Equal-strength rebar bolt Anchor cable (17.8 mm 21.8 mm

21.8 mm
28.6 mm

17.8 mm
21.6 mm)

R =23
00

45
0

10
00

14
0

51
90

450 45046005500

3800

Overlap part of steel arch

Wood block

Back filling gangue

Φ28.6 mm×7300 mm anchor cable
Φ22 mm×2400 mm bolt:
U36 Steel steel arch 
Shot crete 28 mm

Figure 3: Support design of the ventilation roadway of S2N5.
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of the advance working face is up to 200m. The zoning sta-
tistics of the influence area of the working face are as follows.

(1) Abutment pressure affects damage zone I (0-20m).
The roadway is seriously affected by the mining pres-
sure of the working face. Under mining pressure, the
roadway section shrinks overall, and the bottom
heave phenomenon is particularly obvious. The arch
frame of the roadway needed to be dismantled and
repaired twice to achieve normal production as
shown in Figure 4(a)

(2) Abutment pressure affects damage zone II (20-75m).
The roadway shows the rheological properties of soft
rock, and the support structure shrinks overall. The
plastic zone is far beyond the control depth of the
support structure as shown in Figure 4(b).

(3) Abutment pressure affects damage zone III (75-120m).
The pressure around the roadway causes the support
structure to shrink overall under pressure. Because
the support structure does not have certain pressure
relief characteristics, the U36 arch frame presents dif-
ferent shapes of yielding states, such as folding, bend-
ing, and falling off

(4) Abutment pressure affects the IV area (120-200m).
As the strength of surrounding rock is not coupled
with the strength of support body, the failure of
roadway starts from a certain point, which is mainly
manifested in the form of falling blocks of shotcrete,
bending deformation of the steel arch, and the failure
of the anchors in the shallow surrounding rock

3.2. Failure Mechanism of the Surrounding Rock in S2N5

3.2.1. Low Strength of the Surrounding Rock. The roof of the
roadway in the S2N5 working face is mainly composed of
coal and shale, and the floor is composed of sandy mud-
stone. In the laboratory, the strengths of the roof, floor,
and coal were tested using the rock strength test system
shown in Figure 5. The strength parameters are shown in
Table 2. The strengths of the coal, shale, and sandy mudstone
are 14.20MPa, 19.70MPa, and 17.71MPa, respectively. The
surrounding rock belongs to the typical three-soft coal seam,
which has low compressive strength, poor stability, and poor
load-bearing capacity [17–20]. In the process of coal mining,
areas of stress expansion and collapse of the surrounding rock
easily occur due to the concentrated stress in the surrounding
rock. The low strength of the rock mass surrounding the road-
way is the main cause of the large deformation of the roadway.

3.2.2. Clay Minerals and Microstructure. The rock mineral
content and the clay mineral relative content were tested
using an X-ray diffractometer, and the results are shown in
Tables 3 and 4:

It can be seen from Table 3 that the clay content of the
bottom sandy mudstone is 45.7%, and the illite-smectite
layer-mixed clay mineral is the main component with a con-
tent of 58%, followed by kaolinite (19%) and illite (15%).
The shale clay composition of the roof is 39.5%, and the
main constituents of the clay are the illite-smectite layer-
mixed content (58%) followed by kaolinite (30%) and illite
(12%). Both the imonite mixed layer and the kaolinite show
strong hydrophilicity and easily soften and disintegrate in
contact with water. After the excavation of the working face,

(a) (b)

(c) (d)

Figure 4: Failure phenomenon of the S2N5 working face.
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the surrounding rock encounters water and wind, causing
significant expansion in the soft rock, which leads to the
destruction of the soft rock. This is another cause of the floor
heave and roof failure.

SEM (scanning electron microscopy) shows that the
shale surface is smoother after magnification of 36 times
perpendicular to the bedding direction. After magnification
by 27740 times, it is found that the shale surface has curved
flaky illite and imonite mixed layer, clay minerals, fine clastic
particles, and microholes as shown in Figure 6(a). The paral-

lel bedding direction shows the directional distribution of
thin-bedded illite and imonite mixed layers, and there are
some biofossil fragments and micropores in the shale, which
is also one of the reasons for the high oil content of the shale,
as shown in Figure 6(b). Extremely well-developed horizon-
tal and vertical cracks penetrate the coal body as shown in
Figure 6(c), which is the main reason for the low strength
of the coal body. The mudstone has a thin layer with a floc-
culent structure, as shown in Figure 6(d). Due to its high clay
content, the structure of mudstone is relatively loose.

Data processing center

Hydraulic servo system

Annular strain gauge

Rock sample

MTS-2000KN

Figure 5: Rock strength testing system.

Table 2: Physical and mechanical parameters of the surrounding rock.

No. Lithology
Tensile strength

(MPa)
Friction angle

(°)
Poisson’s
ratio

Cohesion
(MPa)

Compressive strength
(MPa)

Elastic modulus
(GPa)

1 Coal 0.64 47.20 0.11 2.35 14.20 5.8× 103
2 Shale 0.79 33.60 0.12 4.28 19.70 6.3× 103

3 Mudstone 1.32 47.70 0.18 1.52 17.71 8.8× 103

Table 3: Mineral content of the surrounding rock.

Lithology
Mineral content (%)

Quartz Feldspar Anorthose Calcite Dolomite Siderite Pyrite Kaolinite Clay mineral

Mudstone 47.5 1.8 5.0 / / / / / 45.7

Shale 29.3 0.8 2.6 12.1 / 14.7 1.0 / 39.5

Table 4: Clay mineral relative content of the surrounding rock.

Lithology
Clay mineral relative content (%)

Mixed layer than
(%)

S I/S It Kao C C/S I/S C/S

Mudstone / 58 15 19 8 / 40 /

Shale / 58 12 30 / / 50 /

S: smectite; I/S: illite-smectite layer-mixed; It: illite; K: kaolinite; C: chlorite; C/S: chlorite -smectite layer-mixed.
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3.2.3. Measurement of the Geostress. We conducted on-site
measurements of the geostress on the working face. The
results show that the S2 mining area is dominated by
horizontal tectonic stress, with a maximum value of
22.76MPa, which is 1.22 times the self-weight stress. The

direction of the maximum horizontal principal stress is
east-west (EW). The angle between the direction of the
roadway and the maximum stress is greater than 70°,
which is also one of the reasons for the large deformation
of the roadway.

Curved sheet of illite

Curved sheet of Illite-smectite layer-mixed

Clastic rock

Microporous gap

(a)

Biological fossil fragments

Curved sheet of Illite-smectite layer-mixed

Microporous gap

(b)

25μm
Micro-annulus

Transverse crack 

Longitudinal crack

(c)

Curved sheet of Illite-smectite layer-mixed

Kaolinite 

(d)

Figure 6: SEM of surrounding rock. (a, b) SEM of mudstone. (c, d) SEM of shale.
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The analysis above shows that the strength values of the
surrounding rock are all lower than 20MPa, which shows
that it is a typical soft rock. Although the maximum hori-
zontal principal stress is only 12.05MPa, the strength-to-
stress ratio is about 3, and the coal and rock mass are in a
state of high in situ stress. However, due to the high content

of clay in the roof and bottom and the developmental cracks,
which become the main channels to conduct water under
certain conditions, the strength of the surrounding rock is
greatly reduced after encountering water. In addition, in
the original support plan, although the anchor cable of
φ28.6 was used, the initial pretightening force was only

Roadway

P

Pi

P

Pi

Deep bearing shell
of surrounding rock

Shallowbearing shell
of surrounding rock

Long grouting pipe
L = 6.0 m: φ = 75 mm

Short grouting pipe
L = 2.0 m: φ = 75 mm

Rock yield envelope
before grouting

Rock yield envelope
after grouting

𝜑

𝜑′

0

𝜏

Δ
C

Δσ1σ3 σ1σ′3 σ′1 σ

CC′
Figure 7: Double-shell grouting reinforcement mechanism.

Table 5: Physical and mechanical properties of grouting materials.

1 Initial grouting time 2018.6.20 Water: solid 0.52 : 1

2

Cement and admixtures

Cement (92%) Admixtures (8%)

P.O 52.5
Water reducing agent Bentonite Accelerator

Expansive
agent

Other

2.0 0.4 0.2 5.0 0.4

3

Physical and mechanical properties of grouting materials

Liquid
viscosity

Liquid
time

Softening plasticity
time

Hardening plastic
time

Final setting
time

Inflation rate
Bulk

density
Compressive
strength

/s /min % g/cm3 MPa

37.26 40 20 20 70 0.43 1.75 >30

Seal grouting hole

N

YAfter 24 h

Seal grouting hole

YN

After 24 h

Start

Over

Shotcrete
H = 3~5 cm

Drilling grouting hole
L = 2.0 m; Φ75 mm

Install the grouting
steel pipe; L = 1.8 m

Grouting
P = 0.1~2 MPa

Grouting
P = 0.5~8 MPa

Install the grouting
steel pipe; L = 2.0 m

Diffusion
radius >3 m or

Q<1 L/min

Drilling
L = 6.0 m; Φ75 mm

Diffusion
radius>3 m or

Q<1 L/min

Figure 8: Grouting process and control standards.
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175 kN. The tension test of the anchor cable shows that the
pretightening force is only 150 kN, but the anchoring force
can reach 380 kN after field testing. This shows that the
anchor cable with the low pretension cannot mobilize the
stress of the deep surrounding rock. The short anchor bolt
and the long anchor cable with low pretension cannot form
a stress overlap, and their stress-bearing arch strengths are
low and not enough to resist the strong mining activity.
The U36 circular arch is used as the last line of defense against
the deformation of the soft rock roadway. Its rigidity is high,
but it cannot be adapted to the rheological characteristics of
the soft rock. The rheological properties of the bottom argilla-
ceous siltstone after encountering water and the nonuniformly
distributed load under the deviator stress caused by roof engi-
neering leading to obvious asymmetric deformation, finally
causing the metal shed to be destroyed first from the bottom
heave and then successively form severe shrinkage and defor-
mation, resulting in complete instability.

4. Double-Shell Grouting Technology

Grouting and reinforcement of broken coal and rock mass
can improve the mechanical properties of the weak struc-
tural surface and increase the cohesive force and internal
friction angle of the broken coal and rock mass [21]. The
cementation effect of the grouting material can increase the
internal relative displacement resistance between the discon-

tinuous blocks of broken coal and rock mass, thereby
improving the overall stability and integrity of the surround-
ing rock [22]. In addition, grouting materials can penetrate
the fissures of the surrounding rock to form a skeleton bear-
ing structure, improve the residual strength of the crushed
surrounding rock, and give full play to the self-stability of
the coal and rock mass [23].

According to the engineering geological conditions of
Xiaokang Coal Mine, the concept of double-shell grouting
is proposed, namely, shallow low-pressure grouting and
deep high-pressure split grouting, as shown in Figure 7(a).

Grouting machinery and materials

(a)

Grouting servo control system

(b)

Self-developed grouting pipe

(c)

Grouting processGrouting process

(d)

75 mm

600 mm
1800 mm

Outflow hole

Drilling

Self-developed grouting pipe Surrounding rock

(e)

Figure 9: On-site grouting process and a newly developed grouting pipe installation method.
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Figure 10: Overview of the testing site.
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In addition, considering that the length of the initial sup-
porting anchor cable is 7.3m, it is hoped that the internal
grouting can be carried out on the surrounding rock within
its range without damaging the anchor section of the anchor
cable. The grouting is carried out as follows:

(1) A large amount of grouting material is poured into
the coal body so that a harder thin plate is formed
in the shallow coal body to resist the deformation
of the surrounding rock. At the same time, it also
provides an isolation layer for the high-pressure frac-
turing grouting

(2) Compared with the shallow surrounding rock, the
deep surrounding rock has fewer fissure channels.
High-pressure fracturing grouting technology can
inject the grouting material into the surrounding
rock along its structural plane to improve the cohe-
sion (c) and friction angle (φ) of the coal mass as
shown in Figure 7(b). At the same time, a fissure
framework is formed inside the coal body to further
enhance the coal body’s ability to resist deformation

Grouting technology is widely used in surrounding rock
reinforcement [24]. Cement materials have the characteris-
tics of low cost and good performance and are commonly
used to manage soft rock roadways in coal mines [25]. In
the Xiaokang coal mine, the deformation of the soft rock
roadway before mining was about 300mm, which was able
to stay steady. In addition, a large number of cracks were
detected in the surrounding rock by borehole visitation.
Therefore, P.O52.5 concrete was chosen as the grouting
material. In order to fill the cracks in the coal and rock mass,
an expansion agent which accounts for about 0.4% of the
total composition is specially added. The volume expansion
rate of the grouting material is about 0.43%, the final setting
time is 70 minutes, and the final strength is not less than
30MPa. The mechanical properties of the grouting materials
are shown in Table 5.

4.1. Low-Pressure Grouting Technology. To prevent the
grouting material from leaking, the surrounding rock was
sprayed with 3~ 5 cm of thick concrete. Then, holes with a
diameter of 75mm and a depth of 2.0m and 8.0m were
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Figure 11: Support design of grouting reinforcement.
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Coal
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Figure 12: Sample of the grouting block. (a) Sample of the shallow coal. (b) Sample of the deep coal.
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drilled in the shallow and deep surrounding rock. The
detailed grouting process is shown in Figure 8. The on-site
grouting process is shown in Figures 9(a), 9(b), and 9(d).
A newly developed grouting pipe with a length of 1.8m
and an outer diameter of 75mm as shown in Figure 9(c)
was installed as shown in Figure 9(e).

4.2. High-Pressure Split Grouting Technology. Split grouting
technology uses high-pressure grouting pumps to split the
surrounding rock along the bedding or weak surfaces. By
injecting thick slurry into the fissures, the surrounding rock
is compacted and the strength of the surrounding rock is
increased. The grouting flow rate should be kept at
20 L/min as much as possible. If the flow rate is too small,
it will cause the slurry to condense in the equipment and
pipelines, and the flow rate will be prone to slurry leakage.

Since the grout enters the initial setting state in about 40
minutes, the grouting time of each barrel of grout should
not exceed 40 minutes. The detailed grouting process is
shown in Figure 8.

5. Field Test and Evaluation of the
Controlling Effect

5.1. Selection of the Testing Site. The grouting test was car-
ried out on 100m (270m~170m) of the S2N5 transport
roadway. Monitoring points were created at 20m intervals
and numbered II-VII in sequence. I monitoring point was
used for data analysis and comparison as shown in
Figure 10. In the grouting test section, the deformation of
the roadway between the roof and floor (AB) and that of
the two sides of the roadway were measured (CD).

0.4 m

(a) 0.4 m

0.6 m

(b) 0.6 m

0.96 m

(c) 0.96m

1.21 m

(d) 1.21m

1.69 m

(e) 1.69m

2.36 m

(f) 2.36 m
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(g) 2.58m

3.26 m

(h) 3.26m

3.56 m

(i) 3.56m

4.81 m

(j) 4.81m

5.27 m

(k) 5.27m

6.31 m

(l) 6.31 m

Figure 13: Results of the borehole observations.
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5.2. Grouting Reinforcement Support Design. Considering the
original roadway support form in the Xiaokang coal mine, a
double-shell grouting reinforcement scheme is proposed as
shown in Figure 11(a). The alternate arrangement of the
shallow and deep drilling holes is shown in Figure 11(b).

5.3. Evaluation of Grouting

5.3.1. Grouting Block Analysis. To evaluate the effect of grout-
ing, rock samples were evaluated. The shallow coal seam was

relatively broken, and the grouting material could penetrate
the bedding and joints of the coal under the action of lower
pressure as shown in Figure 12(a). The grouting material
had a high bonding force to the fracture surface, which
improved the deformation rigidity of the fractured coal and
rock mass structure so that the integrity of the coal mass was
improved. The deep coal seam was relatively complete, and
the groutingmaterial could expand themicrocracks in the coal
under the action of high-pressure splitting. Through the
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squeezing action, the c and φ of the coal body were enhanced
as shown in Figure 12(b).

5.3.2. Borehole Observations. An electronic borehole obser-
vation instrument, which is an effective method for grouting
evaluation, was used to observe the grouting borehole
[26–29]. Observations showed that the shallow surrounding
rock fissures were relatively developed and that the grouting
material could fully fill the coal seam fissures to improve the
integrity of the coal seam as shown in Figures 13(a)–13(e).
Although there were fewer fissures in the deep surrounding
rock, the internal structural surface of the coal seam was still
filled under the action of the high-pressure fracturing grout-
ing as shown in Figures 13(f)–13(l).

5.3.3. Deformation Curve of the Surrounding Rock. The statis-
tics of themaximumdeformation of the surrounding rock in the
grouting test area are shown in Figure 14, and themaximumdis-
placement between the roof and floor is shown in Figure 14(a).
After grouting, the displacement between the roof and floor
decreased from a maximum of 885mm to 145mm, which is a
decrease of 83.5%. The deformation of the two sides of the road-
way decreased from amaximum of 680mm to 90mm, which is
a decrease of 86.8%, as shown in Figure 14(b). Sections II and V
were selected for detailed analysis, as shown in Figures 15(a) and
15(b). The results show that the deformation of the mining
roadway is obviously reduced and normal production can be
maintained after grouting. The influence of the advanced abut-
ment pressure was reduced to about 150m. The roadway defor-
mation was still dominated by roof subsidence, but the
deformation was significantly reduced.

6. Conclusion

(1) The S2N5 working face is a typical three-soft coal
seam, which shows obvious rheological characteris-
tics under the action of high geostress. The original
support structure could not control the deformation
of the surrounding rock, resulting in the failure of
supporting structures

(2) The pretension of the bolts and anchor cables was
too low to consolidate the broken surrounding rock
and form a stress-bearing structure. The superposi-
tion of the advanced abutment pressure and the
geostress is the dynamic source of the large deforma-
tion in the S2N5 working face

(3) Grouting reinforcement can effectively improve the
value of cohesion (c), friction angle (φ), and strength of
thebrokensurroundingrock (σ1 andσ3).The surround-
ing rock bonded by grouting materials and bolts and
anchor cables forms a stress-bearing structure that pre-
vents large deformation from occurring in the roadway

(4) Double-shell grouting technology can effectively
improve the overall mechanical properties of the sur-
rounding coal and rock mass and prevent the large
deformation and failure of the roadway using a
newly developed grouting pipe made in this study
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In order to construct the damage constitutive model (DCM) of high-concentration cemented backfill (HCCB) in coal mine, the
generalized Hoek-Brown strength criterion was used as the failure criterion. For the difference of theoretical derivation of
constitutive relation, a new DCM based on residual strength was proposed. Combined with the conventional triaxial
compression test, the correctness and rationality of the DCM were verified. The damage evolution characteristics of HCCB
were analyzed, and the physical meaning of model parameters was clarified. The results show that (a) the theoretical curves of
stress-strain relation are in good agreement with its experimental curves, which means DCM can simulate the deformation and
failure process of HCCB. (b) The damage evolution curve of HCCB is S-shaped. To some extent, the confining pressure can
inhibit the development of damage. (c) The parameter F0 reflects the position of the peak point of the DCM, and parameter n
is the slope of the straight line segment in the postpeak strain softening stage, which are, respectively, used to characterize the
strength level and brittleness of HCCB. The establishment of DCM of HCCB is helpful to reveal its deformation and failure
mechanism and provides theoretical basis for its strength design.

1. Introduction

While coal mining has made great contribution to national
economy, it has also brought serious environmental prob-
lems. Backfilling mining is one of the effective ways to solve
the above problems. With the increasing popularity of envi-
ronmental protection concept, backfilling mining will be
applied more widely. High-concentration cemented backfill
(HCCB) in coal mine is a goaf backfilling material composed
of coal gangue, fly ash, cement, admixture, and water in a cer-
tain proportion. It has good flow characteristics before coag-
ulating and high strength after coagulating. HCCB is mainly
used to support the overlying strata in the coal mine goaf to
effectively control the surface settlement and reduce all kinds
of mining damage [1]. Constitutive relation is one of the key
and hot issues in the study of mechanical properties of rock
and other materials. The damage constitutive model
(DCM) is established by combining the damage mechanics
and statistical analysis theory, a stress-strain (σ1 − ε1) rela-
tion which can characterize the deformation and failure pro-

cess of rock and other materials, used to analyze and solve the
deformation and failure problems of materials [2–5]. The
damage constitutive relation of HCCB is directly related to
its stability in goaf and control effect of coal mine surface
collapse.

At present, the research on damage constitutive relation
is mainly focused on rock materials and has achieved fruitful
research results. The reasonable measurement of rock
microelements strength is one of the key problems in the
establishment of DCM. Many experts and scholars regard
the strength failure criterion as the random distribution var-
iable of rock microelement strength. According to the ran-
domness of the distribution of defects in rock materials,
the damage in rock deformation and failure process was
studied based on the maximum strain criterion and a
DCM with simple form and parameter easy to obtain was
established [6–9]. Using the Mohr-Coulomb (M-C) criterion
as the expression method of microelement strength and
assuming the microelement strength follows Weibull ran-
dom distribution, a three-dimensional damage statistical
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constitutive model was established to reflect the postpeak
softening characteristics of rock [10–14]. Based on the the-
ory of probability statistics and continuous damage mechan-
ics, the Drucker-Prager (D-P) criterion was introduced as
the failure criterion of rock microelements, and the damage
evolution equation of rock was deduced strictly, which
greatly improved the degree of agreement between the theo-
retical curve of σ1 − ε1 relation and the test data [15–19].
Yan et al. [20], Pan et al. [21], and Zhang et al. [22] used
the triple shear energy yield criterion, the unified strength
criterion, and the double shear unified strength criterion to
characterize the rock microelement strength, respectively,
and constructed the DCM based on the above strength crite-
rion. The failure criteria of rock materials involved in the
above study include maximum strain criterion, M-C crite-
rion, D-P criterion, triple shear energy yield criterion, uni-
fied strength criterion, and double shear unified strength
criterion, among which M-C criterion and D-P criterion
are in the majority.

As an artificial composite material, HCCB has a short
diagenetic time and a large number of soft structural planes
such as pores and cracks. The deformation and failure pro-
cess after loading shows obvious nonlinear characteristics.
The generalized Hoek-Brown strength criterion can reflect
the nonlinear failure characteristics of rock mass better by
comprehensively considering a variety of influencing factors,
while D-P criterion is relatively conservative, and M-C crite-
rion is more suitable to represent the linear relation [23–27].
Therefore, the generalized Hoek-Brown strength criterion
was selected as the failure criterion of HCCB. In view of
the difference of the theoretical derivation of constitutive
relation, the theoretical derivation model was modified and
a new DCM was proposed. The correctness and rationality
of the model were verified by conventional triaxial compres-
sion tests. The damage evolution characteristics of HCCB
were analyzed. The related studies are helpful to reveal the
deformation and failure mechanism of HCCB under triaxial
compression and provide a theoretical basis for its strength
design.

2. Test Equipment, Materials, and Results

2.1. Test Equipment. The conventional triaxial compression
test was carried out on the RTR-2000 triaxial dynamic test
system for high-pressure rock (see Figure 1). The system is
mainly used for testing physical and mechanical parameters
in normal- and high-temperature and high-pressure envi-
ronment. The system is equipped with a high stiffness load-
ing frame, the load stiffness is up to 10mN/mm, the
maximum axial pressure is 2000 kN, the maximum confin-
ing pressure is 140MPa, the maximum pore pressure is
140MPa, and the maximum temperature is 200°C. Samples
of different sizes can be tested according to the requirements
of users. The sample is a cylinder with a diameter of
25~100mm and a height of 50~200mm. The change of test
conditions and data acquisition can be completely controlled
by a computer. The operator can control the operation of the
test by means of load, displacement, strain, and stress.

Axial displacement control was adopted in the test. The
axial loading rate was strictly in accordance with standard
for test method of concrete physical and mechanical proper-
ties (GB/T50081-2019) [28]. During the test, the specimen
was first installed in the pressure chamber. Specimens with
insufficient end flatness should be polished in advance. Sec-
ondly, the specimen was preloaded to make the pressure
head contact with the specimen. Then, the confining pres-
sure was applied to the predetermined value according to
the hydrostatic pressure condition. The loading rate of con-
fining pressure was 0.25MPa/min, and the predetermined
values were 0MPa, 1MPa, 2MPa, and 3MPa, respectively.
After the confining pressure loading, the specimen was
under hydrostatic pressure. Finally, the load was applied
along the axis at a constant displacement rate until the spec-
imen was in the residual strength stage. In order to reduce
the adverse effects of specimen discreteness on the test and
ensure the success of the test, three groups of tests were
carried out under each confining pressure, and one group
of tests was selected for analysis.

2.2. Test Materials. The coal gangue used in the test was
taken from Xinyang Coal Mine in Xiaoyi City, the fly ash
was selected from the coal-fired power plant around
Xinyang Mine, the cement was commercially available
ordinary Portland cement, the admixture was cellulose
hydroxypropyl methyl ether, and the preparation water
was laboratory tap water. Combined with the practice of
backfilling mining in Xinyang Coal Mine, the mass fractions
of coal gangue, fly ash, cement, cellulose hydroxypropyl
methyl ether, and water were set as 49.94%, 18%, 12%,
0.06%, and 20%, respectively. The weighed raw materials
were mixed in turn to prepare the backfilling slurry with
mass concentration of 80%. The specimens (ϕ50 × 100mm)
were poured in time and maintained to the prescribed age
(28 days). All specimens used the same batch of raw materials.
Slurry preparation strictly referred to standard for test method
of performance of ordinary fresh concrete (GB/T50080-2016)
[29]. The pouring and maintaining of specimens strictly
referred to standard for test method of concrete physical and
mechanical properties (GB/T50081-2019) [28]. The speci-
mens after maintaining are shown in Figure 2.

2.3. Test Results. The σ1 − ε1 curves of HCCB are similar
under different confining pressures. Taking the specimen
with confining pressure of 2MPa as an example, the defor-
mation and failure process of HCCB is analyzed. Similar to
the deformation and failure process of materials such as

Figure 1: Test system.
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rocks, the σ1 − ε1 curve of the specimens can be divided into
five stages, as shown in Figure 3.

(1) Initial compaction stage (before point A): at the ini-
tial stage of compression, the original defects inside
the HCCB are pressed and closed. The curve of σ1
− ε1 is approximately linear. The reason why there
is no typical concave section is that the HCCB is so
soft that most of the original defects have been com-
pressed in the process of confining pressure loading.
The deformation at this stage is close to elastic defor-
mation and can be mainly restored after unloading

(2) Elastic deformation stage (AB section): the HCCB
bears the load stably. The curve σ1 − ε1 is close to a
straight line. This stage is dominated by elastic defor-
mation which can be recovered, but also contains a
small amount of plastic deformation which cannot
be recovered

(3) Yield deformation stage (BC section): when the
external load reaches the yield stress of the HCCB,
new cracks initiate, expand, and gradually connect.
The curve of σ1 − ε1 is convex, whose slope of tan-
gent decreases until it drops to 0. With the increase
of axial strain, the unrecoverable plastic deformation
increases gradually

(4) Strain softening stage (CD section): when the peak
strength is reached, the HCCB is damaged and then
enters the strain softening stage. The slope of the
tangent of the σ1 − ε1 curve changes from zero
to negative. The bearing capacity is gradually
decreasing. The plastic deformation increases sig-
nificantly. The specimens show obvious dilatancy
characteristics

(5) Residual strength stage (after point D): with the
increase of axial strain, the axial stress does not
change. The curve of σ1 − ε1 is a horizontal line.
Although HCCB in this stage has been completely
destroyed, it still maintains a certain bearing capacity

3. Establishment of DCM

According to the general pattern of damage mechanics, in
order to obtain the DCM of materials, the damage variables
are defined in a certain way and damage evolution equation
is derived accordingly. Then, the damage evolution equation
is substituted into the constitutive relation to obtain the
DCM.

3.1. Damage Evolution Equation. Assuming that the number
of damaged microelements of the HCCB under a certain
level of load is Nd , the damage variable D is defined as the
ratio of the number of damaged microelements Nd to the
number of total microelements N [2, 15]; then,

D = Nd

N
: ð1Þ

When the stress level S reaches the strength F of the
microelement, the microelement is destroyed. Assuming
that F obeys a certain probability distribution, the number
of microelements that fail in any stress level interval ½S, S +
dS� is as follows:

dNd =Np Sð ÞdS, ð2Þ

where p is the density function of the probability distribution
satisfied by F. For F, the commonly used distribution types
include Weibull distribution and normal distribution.

When the stress level reaches a certain S, the number of
damaged microelements is as follows:

Nd =
ðS
0
Np xð Þdx =NP Sð Þ, ð3Þ

where P is the distribution function of the probability
distribution satisfied by F.

It can be obtained from Equations (1) and (3) that

D = P Sð Þ: ð4Þ

Equation (4) is the deduced damage evolution equation.
For any probability distribution, the value of the distribution
function changes from 0 to 1 as S increases, which is consis-
tent with the change law of D.

Figure 2: Specimens.
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A microelement is taken from any section of the speci-
men of HCCB, and it is assumed that (1) the microelement
conforms to the generalized Hoek theorem, (2) the yield of
microelements follows Hoek-Brown criterion, and (3)
microelement strength strictly follows Weibull random dis-
tribution [8]. Then, the probability density function of the
microelement strength is as follows:

p Fð Þ = n
F0

F
F0

� �n−1
exp −

F
F0

� �n� �
, ð5Þ

where F0 and n are the Weibull distribution parameters.
The distribution function of the microelement strength

is as follows:

P Fð Þ = 1 − exp −
F
F0

� �n� �
: ð6Þ

It can be obtained from Equations (4) and (6) that

D = 1 − exp −
S
F0

� �n� �
: ð7Þ

According to the assumption of point (2) satisfied by the
microelement, S can be determined by the Hoek-Brown cri-
terion. The expression of the generalized Hoek-Brown
strength criterion [24] is as follows

σ1c = σ3c + σc m
σ3c
σc

+ s
� �α

, ð8Þ

where σ1c is the maximum principal stress under rock fail-
ure, MPa; σ3c is the minimum principal stress under rock
failure, MPa; σc is the uniaxial compressive strength of rock,
MPa; M is the material parameter, which can be obtained
according to the rock mass classification index GSI; S and
α are constants related to material characteristics. For mate-
rials with good quality, α = 0:5.

The generalized Hoek-Brown strength criterion
expressed by the effective stress invariants [24] is as follows:

S = f σ∗ð Þ =mσc
I∗1
3 + 4J∗2 cos2θσ +mσc

ffiffiffiffiffi
J∗2

p
cos θσ +

sin θσffiffiffi
3

p
� �

= sσ2
c ,

I∗1 = σ∗
1 + σ∗

2 + σ∗
3 ,

J∗2 =
σ∗
1 − σ∗

2ð Þ2 + σ∗2 − σ∗
3ð Þ2 + σ∗1 − σ∗3ð Þ2

6 ,

8>>>>>><
>>>>>>:

ð9Þ

where f ðσ ∗Þ is the strength of microelement, MPa; I∗1 is the
first invariant of effective stress, MPa; J∗2 is the second
invariant of effective stress deviator, MPa; θσ is Lord’s angle.
For conventional triaxial compression test, θσ = 30°; σ∗i is the
effective stress in the direction i, i = 1, 2, 3MPa.

According to the generalized Hoek law and the concept
of effective stress, the corresponding effective stress can be
obtained as follows:

σ∗1 =
σ1Eε1

σ1 − μ σ2 + σ3ð Þ ,

σ∗2 =
σ2Eε1

σ1 − μ σ2 + σ3ð Þ ,

σ∗3 =
σ3Eε1

σ1 − μ σ2 + σ3ð Þ ,

8>>>>>>>><
>>>>>>>>:

ð10Þ

where σi is the nominal stress in the direction i, MPa; E is
the elastic modulus, GPa; ε1 is the axial strain, %; μ is
Poisson’s ratio.

Substituting Equation (10) into Equation (9), the follow-
ing can be obtained.

I∗1 =
Eε1 σ1 + σ2 + σ3ð Þ
σ1 − μ σ2 + σ3ð Þ ,

J∗2 =
E2ε21 σ2

1 + σ22 + σ23
� �

3 σ1 − μ σ2 + σ3ð Þ½ �2 −
σ1σ2 + σ2σ3 + σ1σ3ð Þ
3 σ1 − μ σ2 + σ3ð Þ½ �2 ,

S = mσcEε1σ1
σ1 − μ σ2 + σ3ð Þ + E2ε1

2 σ1 − σ3ð Þ2
σ1 − μ σ2 + σ3ð Þ½ �2 :

8>>>>>>>>><
>>>>>>>>>:

ð11Þ

3.2. Damage Constitutive Relation. Lemaitre [30] established
the strain equivalence hypothesis. The damage model estab-
lished is as follows:

σ∗i =
σi

1 −D
: ð12Þ

According to Hoek’s law, the principal strain can be as
follows:

εi =
1
E

1 + μð Þσ∗i − μ σ∗
1 + σ∗2 + σ∗3ð Þ½ �: ð13Þ

It can be obtained from Equations (12) and (13) that

σ1 = Eεi 1 −Dð Þ + μ σ2 + σ3ð Þ: ð14Þ

According to Equation (14), when the HCCB is
completely damaged, that is, D = 1, σ1 = μðσ2 + σ3Þ. Then,
the residual strength of HCCB is μðσ2 + σ3Þ. However, the
actual residual strength of HCCB is σr . There is an absolute
difference in value between them. In order to eliminate this
difference, make the established constitutive model more in
line with the reality and better characterize the σ1 − ε1 rela-
tion of HCCB. Equation (14) is modified based on the σr
of HCCB. A new constitutive model of HCCB is proposed,
that is,

σ1 = Eεi 1 −Dð Þ + μ σ2 + σ3ð Þ + σmD, ð15Þ

where σm is the difference between σr and μðσ2 + σ3Þ, that is,
σm = σr − μðσ2 + σ3Þ.
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In the conventional triaxial compression test, σ2 = σ3,
the DCM of HCCB can be expressed as follows:

σ1 = Eε1 1 −Dð Þ + σr − 2μσ3ð ÞD + 2μσ3: ð16Þ

It can be seen from Equations (16) and (7) that the
determination of distribution parameters F0 and n is one
of the key issues in the establishment of DCM. The
unknown parameters of the model can be determined
according to the extreme value characteristics of the σ1 − ε1
curve. The specific determination process is as follows.

Assuming that the stress and strain at the peak point
corresponding to σ1 − ε1 curve under different confining
pressures are σ1c and ε1c, respectively, then,

∂σ1
∂ε1

				
σ1=σ1c ,ε1=ε1c

= 0: ð17Þ

The derivative of Equation (16) can be obtained.

∂σ1
∂ε1

= E 1 −Dð Þ + σr − 2μσ3 − Eε1ð Þ ∂D
∂ε1

: ð18Þ

According to Equations (17) and (18), the following can
be obtained.

∂D
∂ε1

				
σ1=σ1c ,ε1=ε1c

= E D1c − 1ð Þ
σr − 2μσ3 − Eε1c

, ð19Þ

where D1c is D when σ1 = σ1c and ε1 = ε1c, and it can be
determined from Equation (16), that is,

D1c =
σ1c − 2μσ3 − Eε1c
σr − 2μσ3 − Eε1c

: ð20Þ

Partial differentiation of Equation (7) can be obtained.

∂D
∂ε1

= exp −
S
F0

� �n� �
n

S
F0

� �n−1
" #

1
F0

∂S
∂ε1

: ð21Þ

Partial differentiation of Equation (11) can be obtained.

∂S
∂ε1

= mσcσ1E
σ1 − 2μσ3

+ 2E2ε1 σ1 − σ3ð Þ2
σ1 − 2μσ3ð Þ2

= mσcσ1E σ1 − 2μσ3ð Þ + 2E2ε1 σ1 − σ3ð Þ2
σ1 − 2μσ3ð Þ2 :

ð22Þ

The transformation of Equation (7) can be obtained.

exp −
S
F0

� �n� �
= 1 −D: ð23Þ

It can also be expressed as follows:

S
F0

� �n−1
= −

F0
S

ln 1 −Dð Þ: ð24Þ

By substituting Equations (22)–(24) into Equation (21)
and then substituting Equation (21) into Equation (19), it
can be obtained that

n = S1c
σr − 2μσ3 − Eε1cð Þ ln 1 −D1cð Þ

⋅
σ1c − 2μσ3ð Þ2

mσcσ1c σ1c − 2μσ3ð Þ + 2Eε1c σ1c − σ3ð Þ2 ,
ð25Þ

where S1c is S when σ1 = σ1c and ε1 = ε1c, and it can be deter-
mined from Equation (11), that is,

S1c =
mσcEε1cσ1c σ1c − 2μσ3ð Þ

σ1c − 2μσ3ð Þ2 + E2ε21c σ1c − σ3ð Þ2
σ1c − 2μσ3ð Þ2 : ð26Þ

By substituting D =D1c and S = S1c into Equation (23), it
can be obtained that

F0 =
S1c

−ln 1 −D1cð Þ½ �1/n
: ð27Þ

4. Model Verification

According to conventional triaxial compression test with
σ3 = 0MPa, the uniaxial compressive strength of HCCB
was 8.5MPa, that is, σc = 8:5MPa. The material parameter
m of the generalized Hoek-Brown strength criterion was
fitted by the least square method and m = 5:58. Combined
with conventional triaxial compression test results, DCM
parameters under different confining pressures were
obtained, as shown in Table 1.

In order to verify the correctness and rationality of the
established DCM, the obtained model parameters were
replaced into the DCM to draw the theoretical curve of σ1
− ε1 relation. The theoretical curves were compared with
the test curves under different confining pressures, as shown
in Figure 4.

As can be seen from Figure 4, under low confining pres-
sure, the postpeak curve of σ1 − ε1 relation has an obvious
strain softening stage. The postpeak axial stress decreases
significantly with the increase of axial strain, as shown in
Figures 4(a)–4(c). When the confining pressure reaches a
certain value, the postpeak curve of σ1 − ε1 relation no lon-
ger has obvious strain softening stage. After the specimen
reaches the peak strength, with the increase of axial strain,
the axial stress decreases but not significantly, as shown in
Figure 4(d). In Figure 4(d), the peak strength is 16.6MPa
and the residual strength is 16.3MPa, which are very similar,
but the postpeak strain softening stage still exists. For the
σ1 − ε1 relation whose postpeak curve has obvious strain
softening stage, its theoretical curve agrees well with the
experimental curve, especially in the prepeak stage and the
residual strength stage. In the strain softening stage, the the-
oretical curve and the test curve are in relatively low agree-
ment, showing a certain difference. However, in
Figures 4(a)–4(c), the maximum difference between theoret-
ical and experimental values in the strain softening stage is
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1.35MPa. Compared to local differences of tens of megapas-
cals in the rocks, the degree of match has been greatly
improved. For the σ1 − ε1 relation whose postpeak curve
has no obvious strain softening stage, there is a great differ-
ence between the theoretical curve and the experimental
curve, especially in the prepeak stage. The maximum differ-

ence between theoretical value and experimental value is
7MPa. From the initial compaction to the peak strength,
the difference gradually decreases between them. In the post-
peak stage, the theoretical curve can simulate the experimen-
tal curve well. In view of the relatively large difference
between the theoretical value and the experimental value in

Table 1: Parameters of DCM.

Specimens number σ3 (MPa) E (GPa) μ σ1c (MPa) ε1c (%) σr (MPa) S1c (MPa) D1c F0 n

SJ-0 0 2.595 0.135 8.5 0.5270 1.8 836.10 0.44 1173.92 1.64

SJ-1 1 3.540 0.149 12.0 0.7320 7.9 1831.17 0.77 1046.47 0.72

SJ-2 2 1.932 0.132 14.3 1.9950 12.0 3082.34 0.91 354.61 0.42

SJ-3 3 1.102 0.110 16.7 3.9976 16.3 3593.18 0.99 13.85 0.26
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Figure 4: Damage constitutive models.
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the prepeak stage, it is considered that the damage constitu-
tive equation established can only characterize the σ1 − ε1
relation whose postpeak curve has no obvious strain soften-
ing stage to a certain extent. When a DCM with a higher
degree of consistency is needed, its damage constitutive rela-
tion can be reconstructed.

When the confining pressure is 0MPa, the postpeak
axial stress decreases rapidly with the increase of axial
strain. The absolute value of the slope of the straight seg-
ment of the postpeak curve is large. The difference
between peak strength and residual strength is large.
HCCB shows obvious brittleness. With the increase of
confining pressure, the axial stress after the peak decreases
slowly with the increase of axial strain. The absolute value
of the slope of the straight section of the postpeak curve is
small. The difference between the peak strength and the
residual strength is reduced. The brittleness of the HCCB
weakens, showing a certain plasticity. When the confining
pressure is 3MPa, the HCCB shows the lowest brittleness.
The DCM can reflect the trend of brittleness decreasing
and plasticity increasing.

5. Analysis of Damage Evolution Characteristics
and Parameter Effect

5.1. Damage Evolution Characteristics. The theoretical
curves of σ1 − ε1 relation are in good agreement with the
experimental curves, which indicates that the established
DCM is correct and the damage evolution equations are rea-
sonable. Based on damage evolution equations, the damage
evolution characteristics in the process of deformation and
failure of HCCB will be discussed. The evolution equation
of damage variable is shown in Equation (28).

D = 1 − exp −
S
F0

� �n� �
,

S = mσcEε1σ1 σ1 − 2μσ3ð Þ + E2ε1
2 σ1 − σ3ð Þ2

σ1 − 2μσ3ð Þ2 :

8>>>><
>>>>:

ð28Þ

According to Equation (28), combined with the parame-
ters of DCM, damage evolution curves of HCCB under dif-
ferent confining pressures can be drawn, as shown in
Figure 5.

Most of the damage evolution curves of rock materials
show S-shaped [2, 24]. The damage evolution curves
increase monotonically under different confining pressures.
With the increase of axial strain, the damage variable
increases from 0 and gradually approaches 1, completing
the continuous accumulation of damage until it reaches sat-
uration. The whole damage evolution process can be divided
into no damage stage, damage beginning stage, damage
accelerating stage, damage slowing stage, and damage stabi-
lizing stage. The corresponding deformation and failure
stages are initial compaction and elastic deformation stage,
yield deformation stage, early strain softening stage, late
strain softening stage, and residual strength stage. As can
be seen from Figure 5, the damage evolution curves of

HCCB are half S-shaped and are the upper part of S. The
damage evolution curves mainly include the damage slowing
stage and damage stabilizing stage. The reasons are as fol-
lows: due to the confining pressure, the starting point of
the damage evolution curve and the stress-strain curve is
not the origin, resulting in no damage stage, damage begin-
ning stage, and damage accelerating stage that are not shown
in Figure 5. The dashed line in Figure 5 is the dividing line
between the damage slowing stage and the damage stabiliz-
ing stage. Among them, the damage stabilizing stage corre-
sponds to the residual strength stage of HCCB, and the
damage slowing stage almost corresponds to all deformation
and failure stages except the residual strength stage. The rea-
son for the above differences is that the strength of cemented
matrix forming HCCB is low. The cemented matrix is
rapidly damaged from the beginning of axial loading. In
the damage slowing stage, the damage of HCCB increases
rapidly at first and then slowly. The increase rate gradually
slows down. In the early part of this stage, most of the dam-
age of the HCCB is completed within a small axial strain
range. In the later part of this stage, the damage increment
is limited, but this part lasts for a long time, which is several
times of the early part. In the damage stabilizing stage, the
damage of HCCB does not increase any more. D is always
1, which means that the HCCB has been completely
damaged.

Figure 5 shows that the damage slowing stage of HCCB
will last for a long time no matter under low or high confin-
ing pressure. The axial strain of HCCB is maintained at a
high value when it is completely damaged. When D = 1,
the HCCB is completely damaged. The axial strain under
complete damage is defined as εr . The curve of εr changing
with σ3 is shown in Figure 6.

It can be seen from Figure 6 that εr increases with the
increase of σ3. There is a roughly linear relation between
them; that is, the greater the confining pressure is, the
greater the axial strain is when the HCCB is completely
damaged. The main reason is that confining pressure can
inhibit the development of damage to some extent. With
the increase of confining pressure, when HCCB achieves
the same damage amount, the axial deformation required
is larger.

5.2. Parametric Effect. Most of the parameters in the DCM
have clear physical meanings. For example, E is the elastic
modulus, reflecting the elastic level of the material. At the
same time, there are also some parameters whose physical
meanings are unclear, such as Weibull distribution parame-
ters F0 and n. The following is to determine the physical sig-
nificance of F0 and n by analyzing their influence on DCM.
Weibull distribution parameters F0 and n are the common
reflection of material characteristics and confining pressure
of HCCB. Under the same confining pressure, F0 and n
are bound to be different for HCCB with different propor-
tions. Similarly, for HCCB with the same proportion, F0
and n are different under different confining pressures and
show certain regularity. It can be seen from Table 1 that with
the increase of confining pressure of HCCB, both F0 and n
of the DCM decrease.
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Figure 5: Continued.
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5.2.1. Effect of F0 on DCM. Based on the specimen with con-
fining pressure of 2MPa, other parameters remain
unchanged and only parameter F0 is changed. When F0 var-
ies approximately in amplitude of 100, the DCM was
obtained under different values of F0, as shown in Figure 7.

Figure 7 shows that the linear elastic deformation stage
of the DCM is almost not affected by F0. The linear elastic
deformation stages under different F0 are approximately

coincident. With the increase of F0, the peak strength, peak
strain, and residual strength of the DCM all increase. The
peak point of the DCM moves outward and is further and
further away from the origin in the horizontal and vertical
directions. But the shape of the DCM basically remains
unchanged. The postpeak strain softening stages under dif-
ferent F0 are approximately parallel. F0 has no significant
effect on the slope of straight line segment in strain softening
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Figure 5: Damage evolution curves.
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stage. Therefore, F0 reflects the location of the peak point of
the DCM, which can be regarded as a physical quantity rep-
resenting the strength level of HCCB.

5.2.2. Effect of n on DCM. Based on the specimen with con-
fining pressure of 2MPa, other parameters remain
unchanged and only parameter n is changed. When n varies
approximately in amplitude of 0.10, the DCM was obtained
under different values of n, as shown in Figure 8.

Figure 8 shows that the linear elastic deformation stage
of the DCM is almost not affected by n. The linear elastic

deformation stages under different n are approximately
coincident. With the increase of n, the peak strength, peak
strain, and residual strength of the DCM all decrease. The
peak point of the DCM moves inward and is closer to the
origin in the horizontal and vertical directions. On the other
hand, the shape of DCM changes obviously. N changes the
softening and steepening degree of the straight line segment
in the strain softening stage. As n increases, the line segment
becomes steeper and the brittleness of HCCB increases.
Therefore, n reflects the slope of the straight section in the
strain softening stage, which can be regarded as a physical
quantity representing the brittleness degree of HCCB.

6. Conclusions

The following conclusions can be drawn from this study:

(a) For the σ1 − ε1 relation whose postpeak curve has
obvious strain softening stage, the theoretical curve
agrees well with the experimental curve. The DCM
can characterize the deformation and failure process
of HCCB. For the σ1 − ε1 relation whose postpeak
curve has no obvious strain softening stage, the dam-
age constitutive relation with higher degree of coin-
cidence can be established according to the demand

(b) The damage evolution curve of HCCB is S-shaped.
The damage evolution process only shows damage
slowing stage and damage stabilizing stage because
of the confining pressure. When the HCCB is
completely damaged, the axial strain remains high.
Confining pressure can inhibit the development of
damage to some extent
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(c) The linear elastic deformation stage of the DCM is
almost not affected by the distribution parameters
F0 and n. F0 reflects the position of the peak point
of DCM and n reflects the slope of the straight line
segment in the strain softening stage, respectively,
used to characterize the strength level and brittleness
degree of HCCB
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Due to the extensive excavation of the mine pit, a special frozen rock slope is formed, which transforms the permafrost (coal rock)
of certain thickness in the frozen state to the melting state. To evaluate the dynamic mechanical properties and deformation
characteristics of coal under cyclic freeze-thaw conditions, freeze-thaw experiments with different cycle times were
conducted. And the mechanical properties of coal under quasistatic and dynamic conditions were investigated by using
GCTS multifunctional rock mechanic experimental apparatus and SHPB dynamic loading apparatus, respectively. The
results show that with the increase of freeze-thawing times, mass of both water-saturated and dried coal samples gradually
decreased, the postpeak becomes gentler, and the specimens show ductile damage characteristics. The damage of the coal
samples changed more after 30 freeze-thaw cycles, when deterioration of the coal samples was highest. The elastic modulus
of the coal sample after freeze-thawing decreases continuously with the increase of the number of freeze-thaw cycles, and
its trend decreases approximately linearly. Dynamic compressive strength of the coal samples decreases after freeze-thaw
cycles, and this trend is consistent with the quasistatic loading conditions.

1. Introduction

With the decreasing amount of coal resources in China and
the increasing energy demand year by year, several cities
with depleted coal resources have emerged in the Middle
East [1–3]. Coal resource development has been gradually
extended to the northwest planning area, where several large
open-pit coal mines are located in the high-altitude peren-
nial permafrost zone. Due to the extensive excavation of
the mine pit, a special frozen rock slope is formed, which
transforms the permafrost (coal rock) of certain thickness
in the frozen state to the melting state. With the change of
temperature and the two-state cycle of freezing and melting,
the nature of coal rock medium is also changing, thus, mak-

ing the frozen rock slope of open pit mine in high altitude
permafrost area a special slope. The special characteristics
of high-altitude areas are mainly manifested in two aspects:
climatic conditions and stratigraphic conditions [4–6].
Wang et al. [7] investigate the fatigue mechanical character-
istics of marble having different interbed orientation sub-
jected to multilevel constant-amplitude (MLCA) cyclic
loads. The experimental results reveal that the deformation,
strength, lifetime, damping characteristics, and energy
release and dissipation are all impacted by the interbed
structure. The rock structural deterioration and damage
accumulation were investigated as well as the stimulated nat-
ural fracture pattern. Results show the frost heaving force
acted on natural fracture results in the rock volumetric
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changes [8]. A typical open pit mine in Qinghai Province is
taken as the study site, and the ice layer in its coal rock mass
is shown in Figure 1.

The altitude of this area is above 4000m. Spatially, it
belongs to the high-altitude cold area of Qinghai-Tibet Pla-
teau, and the surface water system is more developed. The
annual and monthly temperature changes in the area are
shown in Figure 2, from which it can be seen that the coal-
field area has a large temperature difference and has the dis-
tinctive characteristics of an alpine area. In the high-altitude
zone, due to the peculiarities of the natural environment, as
shown in Figure 2, the slope is in the alternating state of
above-zero and below-zero temperature for many years
and months, and the surface water-saturated rock and struc-
tural surface of the slope are in the cyclic and repeated freez-
ing and melting state. Due to the direct influence of
atmospheric environment, the rock properties of frozen rock
slopes of open pit mines in high altitude areas undergo
unstable changes related to temperature and moisture,
which is the essential difference between these slopes and
those of conventional open pit mines.

The analysis of the evolution law of slope stability based
on the changes of ambient temperature and moisture can
more accurately describe the safety status and change trend
of the slopes of open pit coal mines in high altitude areas.
Appropriate safety protection can be carried out accordingly

to improve the safety of mining operations. There is a freez-
ing period of more than half a year, the temperature starts to
rise gradually in April, and the stratum starts to melt gradu-
ally. The high-temperature period is basically from June to
September, during which the ground surface is in a state of
ablation, and the strata gradually freeze from October. In
addition, during most months, there is often a cycle of
above- and below-zero temperatures within a day. The sur-
face will undergo a phase cycle of melting and freezing. In
the actual production process of open pit coal mine, there
are external forces such as blasting, earthquake, excavation,
and mechanical vibration. The slope structure of coal rock
mass is disturbed by different degrees of dynamic loads,
and there is a safety risk of instability [9–11]. The dynamic
loading mode of coal rock under freeze-thaw damage condi-
tions is a common phenomenon in current engineering
practice. Therefore, the study of rock mechanical properties
of freeze-thaw damaged rocks under dynamic loading form
has important guiding significance and practical engineering
application value, which can provide a reliable theoretical
basis for the construction design and scheme optimization
of related projects.

Many scholars have made a series of achievements in the
research of rock freezing and thawing and introduced a
series of modern means. Yang et al. [12] proposed the devel-
opment direction of rock mass freeze-thaw multiscale

Ice layer

Coal

(a)

Sandy conglomerates

Ice layer

(b)

Sandstone

Ice layer

(c)

Figure 1: Picture of ice layer in coal and rock mass of open pit slope.
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damage identification and evaluation mechanism and pre-
liminarily discussed the microfine macrocross-scale cogni-
tive idea of rock mass damage induced by freeze-thaw. Xu
et al. [13] established a theoretical model of rock freeze-
thaw deterioration of sandstone samples selected from the
slope of open-pit mine. Wen et al. [14] preliminarily dis-
cussed the engineering application of freezing and thawing
rock test results. İsmailİnce [15] analyzed the microscopic
images of frozen and thawed rocks. Fener [16] analyzed
the porosity characteristic of rock and studied the polarizing
microscope image. Khanlari and Abdilor and Park et al. [17,
18] analyzed the rock freeze-thaw damage qualitatively and
quantitatively from the microscopic point of view by means
of electron microscope scanning and CT scanning. There-
fore, scholars generally pay attention to the laboratory tests
of mechanical properties and freezing and thawing mecha-
nism of freeze-thaw rocks.

The dynamic and static combined loading characteristics
of frozen and thawed rock have developed rapidly in recent
years. However, the research in this field is still in the devel-
opment stage, and there is some relevant literature for refer-
ence. Wang et al. [19, 20] used the automatic freezing and
thawing cycle system to freeze and thaw the red sandstone
sample, and the visible cracks were generated after the rock
freezing and thawing. Dynamic mechanical properties of
rock sample before and after freezing and thawing were
studied by using a one-dimensional SHPB device with a
diameter of 100mm, and the changes of the physical, static,
and dynamic mechanical properties of the rock sample were
analyzed. Zhou et al. [21] studied the changes of saturated
porosity of rocks with different freeze-thaw cycles and made
a subtle study by NMR technology. Wen et al. [22] con-
ducted multiple freezing and thawing of granite porphyry
samples, used one-dimensional SHPB experimental device

for impact loading, and analyzed the dynamic strength of
rock samples with different freezing and thawing times
under the same strain rate in combination with numerical
simulation software.

At present, the design and protection theories of frozen
rock slopes of open pit coal mines in high altitude areas
are based on the theories of conventional open pit slopes.
The research on the evolution of slope stability under the
influence of multiple factors is carried out in a targeted man-
ner, especially the mechanical characteristics of coal rock
under the disturbance of external dynamic load after
freeze-thaw cycles. The conclusion can complement the the-
ory of stability of frozen rock slopes in open pit mines and
provide theoretical basis for sound slope design and safety
protection in special areas. Therefore, it is of great theoreti-
cal significance to study the mechanical properties and
deformation characteristics of coal rock masses in open pit
coal mines in cold regions under the combined effects of
freeze-thaw cycles and dynamic load disturbances to ensure
the safe mining of open pit coal mines.

2. Test Preparation

2.1. Sample Preparation. The coal samples were taken from
Muli mine field, an open pit mine in the cold area of North-
west China. Muli mining area is located in northwest China,
with mountains and valleys. Table 1 shows the industrial
analysis parameters of coal samples. Calorific value of the
coal sample is 6850 cal/g, the moisture content is 2.065%,
the air-dry ash is 15.9, the dry basis ash is 6.083, and the
vitrinite reflectance is 3.16. Table 2 shows the chemical com-
position. Nitrogen value is 0.795%, the carbon is 78.032%,
the hydrogen is 2.851%, the oxygen is 1.169%, the sulphur
is 0.43%, and the other elements are 16.723. The coal
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Figure 2: Variation law of annual and daily temperature in coalfield area where open-pit coal mine is located. (a) Variation law of
temperature over the years. (b) Variation law of calendar day temperature.
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specimen is processed into a cylinder. Accuracy of specimen
meets the requirements of the rock dynamic properties test
procedure (T/CSRME001-2019). Ensure that the error of
flatness of both ends of the specimen is not more than
0.05mm. Loading displacement was set to 0.02mm/s for
the quasistatic condition, and the impact air pressure was
set to 0.4MPa for the dynamic impact test. Four freeze-
thaw cycles (0, 10, 20, and 30) were set, and three coal rock
specimens were set for each condition. The selected speci-
mens were numbered.

The selected and numbered specimens were put into the
water-saturated dish, and distilled water was injected into
the water-saturated dish to submerge the specimens. The
water-filled dish is continuously pumped with 0.1MPa pres-
sure for 4 h until no bubble overflows on the surface of the
specimen and then soaked for more than 24h to obtain the
water-saturated specimen. The saturated specimen is put
into the automatic low temperature freeze-thaw test cham-
ber (temperature accuracy: ±0.5°C; temperature range:
50°C~ -40°C) for freeze-thaw cycle test. Considering the his-
torical minimum temperature of the sampling site and refer-
ring to the relevant specifications, the temperature was set to
-20°C~20°C. Each freeze-thaw cycle lasted 720min, as
shown in Figure 3.

2.2. Experimental System. The specimens that reached the
freeze-thaw limited number of times were subjected to qua-
sistatic and dynamic uniaxial compression tests, and the
instruments used were the GCTS rock mechanics loading
device and theΦ50mm SHPB system, respectively, as shown
in Figure 4.

3. Results and Discussion

3.1. Mechanical Properties of Coal after Freeze-Thaw Cycle.
No macroscopic cracks were observed in the coal samples
throughout the freeze-thawing process, and all of the coal
samples showed surface particle exfoliation. The drying
and water-saturated masses of the coal samples at different
freeze-thaw times (0, 10, 20, and 30) are shown in
Figure 5. With the increase of freeze-thawing times, the mass
of both water-saturated and dried coal samples gradually
decreased, and the decreasing trend was basically consistent.
However, there is a slight difference in the degree of change

between the two, which is due to the change in the degree of
open fracture penetration caused by the formation and
change of internal debris in the rock after different freeze-
thawing times. Compared with the nonfreeze-thawed rock
samples, the quality of the water-saturated rock samples
decreased by 8.33% after 10 freeze-thaw cycles, 18.33% after
20 freeze-thaw cycles, and 33.33% after 30 freeze-thaw
cycles. After each freeze-thaw cycle, the mass of rock sam-
ples decreased significantly, and the surface layer further
spalling occurred significantly.

Typical stress-strain curves for coal samples subjected to
0, 10, 20, and 30 freeze-thaw cycles are shown in Figure 6.
The peak strength of unfrozen-thawed specimens is the larg-
est. With the increase of the number of freeze-thawing, the
postpeak becomes gentler and specimens show ductile dam-
age characteristics. The stress-strain curves before and after
freeze-thawing can be divided into four stages, i.e.,
compression-density stage, elastic stage, crack development
stage, and damage stage. With the increase of the number
of freeze-thawing, compressive phase was significantly
extended. In particular, the compressive stage of freeze-
thawed samples with 20 times of freeze-thawing increased
significantly compared with those without freeze-thawing.
This indicates that the first 20 freeze-thaw cycles led to the
significant development of microfractures inside the
specimens.

The longitudinal wave velocity of rock is affected by var-
ious factors such as mineral composition, cement and condi-
tion, and porosity and structural form. The wave velocities
of saturated rock samples and dried rock samples all
decrease gradually with the increase of freeze-thawing times,
mainly because the pores in the rock samples keep increas-
ing with the increase of freeze-thawing times. The denseness
of the rock sample decreases, and the voids are filled with
water or air, which leads to the decrease of the longitudinal
wave velocity after freeze-thawing because the velocity of
longitudinal waves in water or air is much smaller than the
propagation velocity in rock. Since the open pores of the
rock sample are filled with water after the sample is full of

Table 1: Industrial analysis parameters of coal samples.

Calorific value
(cal/g)

Moisture
(%)

Air dry
ash

Dry basis
ash

Vitrinite
reflectance

6850 2.065 15.9 6.083 3.16

Table 2: Chemical composition of coal sample.

Nitrogen
(%)

Carbon
(%)

Hydrogen
(%)

Oxygen
(%)

Sulphur
(%)

Other
elements

(%)

0.795 78.032 2.851 1.169 0.43 16.723
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water, the wave speed of the water-saturated rock sample is
slightly larger than that of the dry rock sample. Figure 7
shows the histogram of the average wave velocity of coal
samples versus the number of freeze-thaws. It can be found
that the wave velocities of saturated coal samples after
freeze-thaw cycles are all lower than those in the dry state.
The wave velocity of saturated coal samples decreased by
10.03% after 10 freeze-thaw cycles, 12.16% after 20 cycles,
and 33.46% after 30 freeze-thaw cycles.

In general, the damage of the material can indirectly
reflect the internal crack expansion characteristics. To fur-
ther evaluate the damage to coal samples by freeze-thaw
cycles, damage factor D was defined based on the variation
of the wave velocity test values of the P-wave as follows:

D = 1 − VPF
Vp

 !2

, ð1Þ

where VP is the wave velocity value before the freeze-thaw
cycle of the coal sample, and VPF is the wave velocity value
after the freeze-thaw cycle.

Soviet scholar L.M. Kachanov first proposed the concept
of damage. Solid materials in an unsuitable environment or
mechanical action (such as temperature, external loading,
and corrosion), the internal microscopic cracks, microscopic
hole generation, convergence, and expansion will cause local
deterioration of the material, known as the material damage.
The damage of the material will cause the material strength,
stiffness, and toughness decline and shorten the service life.
In order to give a proper description of the material micro-
structure change phenomenon, it is necessary to introduce
the damage variable as an internal variable of the intrinsic
structure relationship. Because the change of material struc-
ture is generally said to be irreversible, according to the ther-
modynamic point of view, the entropy of the material
increases during the damage process, i.e., the damage occurs
cumulatively, so the damage variable is not only an invisible
internal variable but also an increasing quantity. Figure 8
shows the relationship between damage factors and freeze-
thaw times of coal samples. As shown in Figure 8, the aver-
age values of damage factors for coal samples after 0, 10, 20,
and 30 freeze-thaw cycles were 0, 0.21, 0.24, and 0.54,
respectively. The damage of the coal samples changed more
after 30 freeze-thaw cycles, when the deterioration of coal

Gas gun

Emission cavity

Spindle punch

Incident bar

Strain gauge

Confining pressure system

Coal sample

Axial compression system

Transmitting bar

Strain gauge
𝜀i

𝜀t

𝜀r

Absorbing bar

(e)

Figure 4: Rock mechanics loading device with different strain rate. (a) GCTS loading device. (b) Hopkinson bar dynamic loading device. (c)
Spindle punch. (d) Sine wave waveform recording instrument. (e) Hopkinson bar.
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samples was highest. Table 3 shows the change of porosity of
coal samples tested by the NMR method, and it can be seen
that the characteristics of the change of deterioration degree
of coal samples reflected from the porosity are basically con-
sistent with the damage factor.

3.2. Mechanical Properties of Coal after Freeze-Thaw Cycle
under Dynamic Loading. In civil engineering construction,
mining development, road construction, and other produc-
tion fields, dynamic load is a factor that cannot be ignored.
The physical and mechanical properties of slope rocks
exposed to the air for a long time are changed after freeze-
thaw damage. Due to the possible stress effect of the rock
itself, it is also subjected to the impact of earthquake, blast-
ing, landslide, etc. In-depth understanding of the impact

loads on freeze-thaw damaged rocks during the construction
can avoid unnecessary losses. In order to ensure the safe pro-
duction of open pit mines in cold regions, the study of their
dynamical properties after freeze-thawing is particularly
crucial.

Table 4 shows the mechanical parameters of coal sam-
ples after cyclic freezing and thawing. As shown in
Figure 9, the elastic modulus of the coal sample after
freeze-thawing decreases continuously with the increase of
the number of freeze-thaw cycles, and its trend decreases
approximately linearly. Moreover, the overall dispersion of
the modulus of elasticity of the coal samples increases when
the number of freeze-thaw cycles is 30. The elastic modulus
of coal samples varied from 1.2 to 4.5GPa within 30 freeze-
thaw cycles. When the number of freeze-thaw cycles is lower
than 20, the Poisson’s ratio of coal samples decreases contin-
uously with the increasing number of cycles. However, when
the number of cycles continued to increase to 30, the Pois-
son’s ratio increased to some extent. When the number of
freeze-thaw cycles reached 20, the Poisson’s ratio of coal
samples was the smallest. Figure 10 shows the relationship
between dynamic compressive strength and freeze-thaw
cycle times of coal samples after freeze-thaw. Dynamic com-
pressive strength of the coal samples decreases after freeze-
thaw cycles, and this trend is consistent with the quasistatic
loading conditions.

The fitted functions between the mechanical parameters
(modulus of elasticity, Poisson’s ratio, and dynamic com-
pressive strength) of the coal samples after freeze-thaw
cycles and the number of cycles are as follows:

E = 4:369 × 0:978N , R2 = 0:83, ð2Þ

ν = 0:397 − 0:011N + 6:667N2 + 7:222, R2 = 0:85, ð3Þ

σct = 61:162 × 0:951N , R2 = 0:95: ð4Þ
Rocks are aggregates of mineral particles cemented

together with various complex forms of cracks, holes, and
other defects inside. During the freeze-thaw cycle, more
holes and small cracks expand under the action of water-
ice phase change. At the same time, the mineral particles
are deformed by the temperature stress, and the different
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Table 3: Porosity of coal samples before and after freezing and
thawing.

Group
Cycle

freeze-thaw
times

Porosity before
freezing and thawing

(%)

Porosity after
freezing and
thawing (%)

Group
1

0 3.97 3.97

Group
2

10 4.23 6.39

Group
3

20 4.15 10.85

Group
4

30 4.35 12.93

7Geofluids



expansion coefficients lead to the uncoordinated deforma-
tion of different mineral particles. This leads to the expan-
sion and accumulation of primary cracks, the initial state
of the interparticle interface is destroyed, and even particle
freeze-thaw damage. As a result, more debris is formed
around the mineral particle interface, resulting in the loss
of macroscopic freeze-thaw integrity of the rock, which is
an important reason for freeze-thaw damage to occur in coal
with low water content. The degree of crack extension and
connectivity varies at different freeze-thaw stages. This leads
to different degrees of degradation of physical and mechan-
ical properties of coal samples after freeze-thaw cycles. The
coal sample is saturated with water, and the microscopic
observation of crumb-like material is more abundant. Dur-
ing the freeze-thaw process, the temperature stress is con-
centrated inside the rock, and the freeze-thaw cycle causes
greater structural damage to the coal samples. This causes
greater damage and destruction of coal samples, and there-
fore, this type of coal rock has poor freeze-thaw resistance.

Table 4: Mechanical parameters of coal samples after cyclic freezing and thawing.

Cycle freeze-thaw times Sample Diameter (mm) Height (mm) Dynamic UCS (MPa) Elastic modulus (GPa) Poisson’s ratio

0

F1 49.6 99.87 57.35 4.45 0.42

F2 49.7 101.10 64.50 4.28 0.40

F3 49.6 99.78 57.53 4.38 0.37

10

F4 49.8 99.45 40.42 3.54 0.32

F5 49.5 99.86 41.56 3.56 0.29

F6 49.7 100.35 38.56 3.38 0.28

20

F7 49.6 99.87 27.65 2.91 0.25

F8 49.8 98.78 24.68 2.85 0.27

F9 49.6 98.69 18.65 2.70 0.24

30

F10 49.6 99.53 8.56 1.32 0.28

F11 49.8 101.20 7.69 2.56 0.32

F12 49.7 100.52 12.89 2.84 0.33
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Figure 9: Relationship between deformation parameters and freeze-thaw cycles of coal samples. (a) Dynamic uniaxial compressive strength.
(b) Poisson’s ratio.
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4. Conclusions

(a) With the increase of freeze-thawing times, the mass
of both water-saturated and dried coal samples grad-
ually decreased, and the decreasing trend was basi-
cally consistent. However, there is a slight
difference in the degree of change between the two,
which is due to the change in the degree of open
fracture penetration caused by the formation and
change of internal debris in the rock after different
freeze-thawing times. Compared with the
nonfreeze-thawed rock samples, the quality of the
water-saturated rock samples decreased by 8.33%
after 10 freeze-thaw cycles, 18.33% after 20 freeze-
thaw cycles, and 33.33% after 30 freeze-thaw cycles

(b) The peak strength of the unfrozen-thawed speci-
mens is the largest. With the increase of the number
of freeze-thawing, the postpeak becomes gentler, and
the specimens show ductile damage characteristics.
The stress-strain curves of the specimens before
and after freeze-thawing can be divided into four
stages, i.e., compression-density stage, elastic stage,
crack development stage, and damage stage. In par-
ticular, the compressive stage of freeze-thawed sam-
ples with 20 times of freeze-thawing increased
significantly compared with those without freeze-
thawing. This indicates that the first 20 freeze-thaw
cycles led to the significant development of micro-
fractures inside the specimens

(c) The wave velocities of saturated coal samples after
freeze-thaw cycles are all lower than those in the
dry state. The wave velocity of saturated coal sam-
ples decreased by 10.03% after 10 freeze-thaw cycles,
12.16% after 20 cycles, and 33.46% after 30 freeze-
thaw cycles. The damage of the coal samples chan-
ged more after 30 freeze-thaw cycles, when the dete-
rioration of the coal samples was the highest

(d) The elastic modulus of the coal sample after freeze-
thawing decreases continuously with the increase of
the number of freeze-thaw cycles, and its trend
decreases approximately linearly. Moreover, the
overall dispersion of the modulus of elasticity of
the coal samples increases when the number of
freeze-thaw cycles is 30. The dynamic compressive
strength of the coal samples decreases after freeze-
thaw cycles, and this trend is consistent with the
quasistatic loading conditions
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The cycle of the freeze-thaw action must be taken into account in the stability analysis of an open pit slope in the high-altitude and
cold regions, because the natural process of freeze-thaw poses a significant effect on mechanical properties of the rock mass. To
achieve this purpose, a linear relationship between the geological strength index (GSI) and the Tianshan slope rock mass rating
(TSMR) system is established considering the effect of the freeze-thaw action by introducing a freeze-thaw correction
coefficient δ. The GSI value is modified for rock mass in high-altitude and cold regions. The improved Hoek-Brown criterion
considers the influences of the freeze-thaw action and steep and gentle slopes. The research outcome is applied in the No. 4
minefield open pit coal mine in the Muli mining area. Numerical calculations are performed by inputting rock mass
mechanical parameters obtained in traditional and modified criterions, to discuss the influences of the freeze-thaw action on
the stabilities of both the present mining slope and the final slope at the end of the designed mining. The results show that the
safety factors of the original slope are 2.33 and 1.67, respectively, while after the modification, they are 2.14 and 1.61,
respectively. In terms of the No. 4 minefield open pit coal mine, the slope stability meets the design requirement, although
taking the freeze-thaw cycle into account.

1. Introduction

Slope stability analysis has always been one of the basic
problems in the field of geotechnical engineering. At present,
some fruitful results have been achieved in the analysis of
slope stability under normal temperature [1]. However, the
research of rock slope stability under freeze-thaw cycles in
cold regions is still in its infancy [2]. The freeze-thaw cycle
normally causes the deterioration of mechanical properties
of the rock mass [3–5], thus leading to slope instability. It
is an urgent task to study the influence of the freeze-thaw
action on rock slope stability.

Reasonable determination of rock mass mechanical
parameters is the basis of slope stability analysis and slope
treatment, and it is also one of the difficulties in rock
mechanics research and development [6]. At present, many
methods have been widely used to determine rock mechan-

ical parameters [7–17]. Practice has proven that when rock
mechanical parameters are modified and converted into
rock mass mechanical parameters, the results could better
meet the engineering needs [17]. Such modification is based
on laboratory rock experiments and tests and by taking a
comprehensive list of factors into account such as the types
and characteristics of rock structural planes, stress state, rock
disturbance, size effect, and groundwater. The Hoek-Brown
criterion as a typical example has attracted wide attention
from both academia and engineering geological fields, and
it has been widely applied as well. Currently, it has become
one of the most recommended methods by the International
Society for Rock Mechanics and Rock Engineering (ISRM)
[17–21].

The Hoek-Brown criterion could reflect the intrinsic and
nonlinear failure characteristics of the rock and rock mass as
well as the influence that the structural plane and stress state
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exert on rock mass strength. It could also be used to explain
the influence of the low stress zone, tension stress zone, and
minimum principal stress on rock mass strength. In addition
to the above, it can be extended to the description of the
fractured rock mass and anisotropic rock mass. The latest
edition is the generalized Hoek-Brown strength criterion
[18, 21], which was proposed in 2002. In its expression, the
disturbance factor D which considers the effect of stress
relaxation and near blast damage is introduced, and a
parameter selection method based on the geological strength
index (GSI) is proposed. The Hoek-Brown strength criterion
is empirical. Determining the two parameters is crucially sig-
nificant for selecting rock mass strength parameters. Hence,
many scholars have carried out in-depth analysis and
research on the values of D and GSI [22, 23].

The freeze-thaw action causes damage to rocks and thus
is not conducive to the stability of the rock slope. Under the
action of freeze-thaw cycles, the rock mass undergoes freeze-
thaw damage and its strength decreases. Especially for the
fractured rock mass containing water, water-ice phase trans-
formation occurs at low temperature. As the ice body grows
and volume expands, tensile stress occurs around the pore
and at the tip of the fracture, which causes rock mass frost
heave and cracking. Recurrent freeze-thaw weakens the
integrity and strength index of the rock mass. When the
Hoek-Brown criterion is used to determine rock mass
parameters, the effect of freeze-thaw cycles on GSI must be
considered. At present, the experimental method is a major
one applied to study the physical and mechanical properties
of rock mass in cold regions. According to this method, the
effects of freeze-thaw cycles on the physical and mechanical
parameters of the rock mass under different conditions have
been discussed. However, the problem remains unsolved
regarding how to determine the mechanical parameters of
the rock mass based on the experimental results.

This paper establishes the relationship between GSI and
TSMR and presents an improved Hoek-Brown criterion.
The proposed theoretical analysis is applied in an engineer-
ing case, well demonstrating the influence of freeze-thaw
cycles on the slope stability. The outcome of this research
is useful for the slope design of similar projects.

2. Quality Evaluation of Rock Mass Slope in
Cold Regions

The No. 4 Minefield open pit coal mine is located in the
Juhugeng Coal Mine Area in the Northeast of Qinghai Prov-
ince. It is part of the Qinghai-Tibet Plateau. Its approximate
location is shown in Figure 1. The highest altitude in the area
is 4083.20m, and the lowest altitude is 3814.30m. The low-
est temperature is mainly in January to February and the
lowest recorded temperature is -36°C, whereas the highest
temperature is in July to August with the highest recorded
temperature of 19.8°C. The annual average temperature is
-4°C and the annual average ground temperature is -1.0°C
to -3.5°C. Surface water freezes from October and thaws
until April next year; as a result, it is below 0°C for nearly
six months every year. The maximum seasonal freezing
depth of the Muli mining area is about 8.25m. Because the

MULI

N

Study area

200 m

Figure 1: Location of the area under study.

Table 1: Rock strength parameters after freeze-thaw tests.

Number of freeze-thaw
cycles

Average saturated compressive strength
(MPa)

Coarse
sandstone

Fine
sandstone

Muddy
siltstone

0 104.1 114.8 89.6

30 90.1 98.8 73.1

60 83.9 86.7 58.7

90 74.2 79.6 50.1

120 64.4 72.3 42.3

Table 2: Freeze-thaw coefficients of rock samples.

Number of freeze-thaw
cycles

Average saturated compressive strength
(MPa)

Coarse
sandstone

Fine
sandstone

Muddy
siltstone

0 1 1 1

30 0.87 0.95 0.82

60 0.81 0.76 0.66

90 0.71 0.69 0.56

120 0.62 0.63 0.47

Figure 2: Relationship between freeze-thaw coefficients and freeze-
thaw cycle times.

2 Geofluids



coal mine is located in the permafrost area of the Qinghai-
Tibet Plateau, the influence of freeze-thaw action on open
pit slope stability must be considered.

2.1. Freeze-Thaw Coefficient. At present, the relevant regula-
tions and standards about freeze-thaw tests in China are as
follows: Rock Test Rules for Water Conservancy and Hydro-
power Engineering (SL264-2001), Rock Test Rules for High-
way Engineering (JTGE41-2005), and Engineering Rock
Test Method Standard (GBT 50266-2013). However, these
codes and standards do not provide fully unified standards
for the operation and requirements of freeze-thaw experi-
ments, and due to lack of consistent understanding of
freeze-thaw experiments at the international level, even the
ISRM recommended standards for rock experiments are no
exception.

According to the geological investigation report and the
temperature variation pattern in the Muli mining area, the
freeze-thaw cycling experiments were carried out with
coarse sandstone, fine sandstone, and muddy siltstone as
representative rock samples. The samples were set to freeze
at -25°C for 8 hours in a cryogenic refrigerator before being
taken out. Lukewarm water would then be injected into the
test box and the water temperature was kept at 25°C for 8
hours for sample thawing. The rock uniaxial compressive
strength was measured after the freeze-thaw cycle times were
set at 0, 30, 60, 90, and 120. The experimental results are as
shown in Table 1 [24, 25].

The definition of the rock freeze-thaw coefficient is con-
sistent in the preceding specification standards. In this
paper, the definition of the freeze-thaw coefficient is quoted
from the Engineering Rock Mass Test Method Standard
(GBT 50266-2013):

K fm =
�Rfm

�Rw

, ð1Þ

where Kfm is the freeze-thaw coefficient of rock samples,
�Rfm is the average rock saturated uniaxial compressive
strength after freeze-thaw cycles, and �Rw is the average rock

saturated uniaxial compressive strength before freeze-thaw
cycle tests. The freeze-thaw coefficient of rock samples can
be obtained as shown in Table 2.

Table 2 shows that as the number of freeze-thaw cycle
times increases; the freeze-thaw coefficients of the three
kinds of rock samples gradually decreased to quite a differ-
ent extent, which can also be seen from Figure 2. As a matter
of fact, the freeze-thaw coefficients reflect the sensitivity of
different rocks to freeze-thaw action. Specifically, the coeffi-
cient reduction of muddy siltstone is the largest, followed by
coarse sandstone and fine sandstone. Since the influence of
freeze-thaw action on rock mass quality is not limited to a
single factor, it is necessary to modify the whole evaluation
system before the introduction of the freeze-thaw coefficient.
Therefore, the correction coefficient δ of rock freeze-thaw
action is introduced to evaluate the influence of freeze-
thaw action on rock mass quality. The quantification of the
correction coefficients is mainly based on some existing rock
freeze-thaw coefficient data. In addition, the hardness of
rock mass, in combination with experience and field investi-
gation, should also be considered.

The relationship between rock hardness, uniaxial com-
pressive strength, and freeze-thaw correction coefficient is
shown in Table 3. Combined with joint fissure investigation
and uniaxial compression, the results suggest that coarse
sandstone is hard rock and fine sandstone and muddy silt-
stone are relatively hard rock. The freeze-thaw correction
coefficients are shown in Table 4.

2.2. Quality Classification of Slope Rock Mass. So far, many
empirical rock mass quality classification systems have been
put forward around the world. Some of them are directly or
indirectly used in slope rock mass such as Q, RMR, MRMR,
SMR, M-RMR, SRMR, and CSMR [26]. At present, there are
still no relevant standard operational procedures and evalu-
ation systems for slope engineering rock mass in open pit
mines with high-altitude and cold conditions. The CSMR
evaluation system introduces a height correction coefficient
and structural plane correction coefficient, which are suit-
able for high slopes where hydropower projects are con-
structed. On this basis, Zhang et al. [27] introduced the
freeze-thaw coefficient and established the rock mass quality
evaluation system TSMR, which is suitable for highway slope
engineering in a cold and high-altitude environment. Luo
et al. [28], based on the TSMR evaluation system, analyzed
the slope stability in the Mengku Iron Mine. No.4 minefield
open pit mine in the Muli mining area which is located in
high-altitude and cold areas, which meets the application
conditions of the TSMR evaluation system. Hence, TSMR

Table 3: Corresponding relationship between rock uniaxial compressive strength, rock hardness, and rock freeze-thaw correction
coefficients.

Rock uniaxial compressive strength Rc > 60MPa 30MPa < Rc ≤ 60MPa 15MPa < Rc ≤ 30MPa 5MPa < Rc ≤ 15MPa Rc ≤ 5MPa

Rock types Hard rock Relatively hard rock Relatively soft rock Soft rock
Special soft

rock

Freeze-thaw correction coefficients
(δ)

≥0.9 0.7‐0.9 0.5‐0.7 0.2‐0.5 ≤0.2

Table 4: Freeze-thaw correction coefficients of rock mass in Muli
mining area.

Lithology Freeze-thaw correction coefficient

Coarse sandstone 0.9

Fine sandstone 0.85

Muddy siltstone 0.7
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is used herein to evaluate the rock mass quality in the No. 4
minefield open pit mine. The TSMR expression is as follows:

TSMR = δξRMR − λ F1F2F3ð Þ + F4, ð2Þ

where δ and ξ are the freeze-thaw correction coefficient and
slope height correction coefficient, respectively; ξ = 0:57 +
0:43ðHr/HÞ, where Hr = 80m and H is the slope height;
λ is the structural plane condition coefficient, and a geo-
logical report shows that there are faults in the mining
area and λ = 1; F1 refers to the adjustment value of the
dip direction between discontinuity and the slope surface;
F2 is the adjustment value of the dip angle of discontinu-
ities; and F3 is the adjustment value of the dip angle
between discontinuity and the slope surface. The values
of F1, F2, and F3 are shown in Table 5. F4 = 10 which
is the adjustment factor of slope excavation and can be
obtained through engineering practice experience and pre-
splitting blasting. Based on Equation (2) and the correc-
tion of slope parameters, the TSMR calculation results of
the slope rock mass are shown in Table 6.

3. Rock Mass Quality Parameters of Open
Pit Slope

Since Hoek-Brown failure criterion was put forward in 1980
by E. Hoek and E. T. Brown, it has been widely applied in

the field of rock mass engineering, and a series of practical
engineering problems have been solved. At the same time,
it has also attracted more scholars to conduct theoretical dis-
cussion. The latest version is expressed as follows [20]:

σ1 = σ3 + σc mb
σ3
σc

+ s
� �a

, ð3Þ

mb =mi exp
GSI − 100
28 − 14D

� �
, ð4Þ

s = exp
GSI − 100
9 − 3D

� �
, ð5Þ

a =
1
2
+
1
6

e−GSI/15 − e−20/3
� �

, ð6Þ

where σ1 and σ3 are the major and minor principal stresses,
respectively; σc is the uniaxial compressive strength of the
intact rock; mb, s, and a are the empirical parameters reflect-
ing rock mass characteristics; the value of mi is 13, 15, and 5
for coarse sandstone, fine sandstone, and muddy siltstone,
respectively; D is the disturbance factor, which is related to
the rock mass excavation mode and disturbance degree.
The research object herein is located in a large open pit coal
mine and is excavated by blasting, so D = 1; GSI is the geo-
logical strength index for short. With regard to the determi-
nation of the GSI value, Hoek, Kaiser, and Brown established
the relationship between the GSI and RMR values, namely,

GSI = RMR76, RMR76 > 18, ð7Þ

GSI = RMR89 − 5, RMR89 > 23, ð8Þ
where RMR76 and RMR89 are rock mass classification sys-
tems established by Bieniawski in 1976 and 1989, respec-
tively. Based on the RMR system, TSMR is a rock mass
quality evaluation method that takes into account the
freeze-thaw behavior, rock mass structure, and slope height.
Therefore, for rock mass slope engineering in cold and high-
altitude regions, the GSI value can be expressed as follows:

GSI = TSMR76, TSMR76 > 18, ð9Þ

Table 5: Adjustment values of occurrence on discontinuous planes in Muli mining area.

Condition Very favorable Favorable Ordinary Unfavorable Very unfavorable

Plane failure

∣αj − αs ∣
∣αj − αs − 180° ∣ >30° 30°‐20° 20°‐10° 10°‐5° <5°

F1 0.15 0.4 0.70 0.85 1.00

Plane failure
∣βj ∣ <20° 20°‐30° 30°‐35° 35°‐45° >45°

F2 0.15 0.4 0.70 0.85 1.00

Plane failure
βj − βs >10° 10°‐0° 0° 0°‐10° <-10°

F3 0 6 10 25 30

Note: αj : discontinuous plane inclination; αs: slope inclination; βj: discontinuous plane angle; βs: slope angle.

Table 6: TSMR values of slope rock mass in Muli mining area.

Lithology TSMR values

Coarse sandstone 56

Fine sandstone 58

Muddy siltstone 50

Table 7: GSI values of slope rock mass in Muli mining area.

Lithology GSI

Coarse sandstone 51

Fine sandstone 53

Muddy siltstone 45
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GSI = TSMR89 − 5, TSMR89 > 23: ð10Þ
The GSI values of different lithologies in the No. 4 mine-

field open pit coal mine of the Muli mining area can be
obtained from the above equation. The results are tabulated
in Table 7.

In addition, in 2002, Hoek also gave the estimation equa-
tion of the deformation modulus of rock mass.

E = 1 −
D
2

� � ffiffiffiffiffiffiffi
σc
100

r
10 GSI−10ð Þ/40 σci < 100MPað Þ, ð11Þ

E = 1 −
D
2

� �
10 GSI−10ð Þ/40 σci > 100MPað Þ: ð12Þ

In the stability analysis of rock slope engineering, the
limit equilibrium method and many kinds of numerical soft-
ware are based on the Mohr-Coulomb failure criterion. On
the basis of the strength parameters of the Hoek-Brown cri-
terion, E. Hoek proposed the following expressions for cal-
culating the internal friction angle and cohesion of the
Mohr-Coulomb criterion:

c =
σc 1 + 2að Þs + 1 − að Þmbσ3n½ � s +mbσ3nð Þa−1

1 + að Þ 2 + að Þ
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1 + 6amb s +mbσ3nð Þa−1/ 1 + að Þ 2 + að Þ½ �

q ,

ð13Þ

φ = sin−1
6amb s +mbσ3nð Þa−1

2 1 + að Þ 2 + að Þ6amb s +mbσ3nð Þa−1
" #

, ð14Þ

where σ3n = σ3 max/σc, and the relationship between σ3 max,
the upper limit of the confining stress, and σcm, the rock
mass strength, is as follows:

σ3 max
σcm

= k
σcm

γH

� �m

, ð15Þ

where k and m are empirical parameters, γ is the unit weight
of rock mass, and H is the engineering burial depth. The
compressive strength of the rock mass can be determined as

σcm = σc
mb + 4s − a mb − 8sð Þ½ � mb/4 + sð Þa−1

2 1 + að Þ 2 + að Þ : ð16Þ

In slope engineering, Li et al. [29] have corrected the
values of k and m in Equation (15) based on the limit anal-
ysis method. The modified k and m are 0.2 and -1.07 for the
steep slope and 0.41 and -1.23 for the gentle slope.

According to the above expressions, the rock mass
mechanical parameters of the No. 4 minefield open pit coal
mine in the Muli mining area are determined as shown in
Table 8. At the same time, the calculated results herein are
compared with those obtained by generalized the Hoek-
Brown criterion, and the latter are calculated using RocLab
software. Figure 3 shows that the internal friction angle of
the rock mass calculated in this paper is larger than that cal-
culated by the generalized Hoek-Brown criterion. The rea-
son is that under the influence of the freeze-thaw action,
rock mass damage occurs inducing new cracks. As a conse-
quence, the joint surface of rock mass becomes rougher,
and the internal friction angle of the rock mass becomes
larger. The case is especially true for muddy siltstone.
Because of freeze-thaw susceptibility, the numerical results
obtained through the two methods are quite different. As
can be seen from Figure 3, as a result of the freeze-thaw
action, the overall strength of rock mass decreases, and the
calculated cohesion values are smaller than that calculated
by the generalized Hoek-Brown criterion.

4. Engineering Application

4.1. Engineering Survey. The lithology of the strata in the No.
4 minefield open pit coal mine is mainly fine sandstone,
coarse sandstone, and muddy siltstone. The present situa-
tion of open pit mining is shown in Figure 4. The minimum
mining elevation is +4000m and the maximum mining
depth is 135m. The stability analysis herein is made accord-
ing to the geological environment conditions, the present
production situation of open pit mine, and the structural

Table 8: Strength parameters of rock mass on No. 4 minefield slope under freeze-thaw environment.

Lithology
Internal friction angle φ (°) Cohesion c (MPa)

Poisson
ratio

Deformation modulus
E (GPa)

Unit weight
(kN/m3)

Improved Hoek-Brown
criterion

RocLab
Improved Hoek-Brown

criterion
RocLab

Coarse
sandstone

44.5 37.8 0.412 0.669 0.17 5.25 26.89

Fine
sandstone

49.9 42.1 0.259 0.436 0.20 4.89 26.39

Muddy
siltstone

36.9 22.8 0.249 0.270 0.19 2.66 26.59

Figure 3: Comparison of rock mass internal friction angle and
cohesion obtained by two methods.
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characteristics of the slope rock mass. More specifically, the
working slope is a mining face with a small slope angle of
about 12 degrees and good stability, so it is not considered.
Likewise, the end slope is clamped and its stability is good,
so it is not considered either. However, the nonworking
slope has a larger slope angle and higher slope height in
comparison with the working slope and the end slope. On
top of this, a complete working platform has not yet been
formed in Zone I, and the north slope suffered from land-
slides, hence resulting in its poor stability. Therefore, the
present slope stability analysis is conducted at the 1-1 typical
section of Zone I, which is located on the north side of the
nonworking slope. Such stability analysis is also conducted
for the final slope angle designed for the end of mining.

4.2. Stability Analysis of Present Slope. According to the geo-
logical profile and rock mass structure characteristics, the
typical section of the nonworking slope at Zone I is shown

1

1

Working slope
4540 m

Nonworking slope

N

Figure 4: Present situation of open pit mine.

Fine sandstone Coarse sandstone

Muddy
sandstone

Mudstone

Figure 5: Profile of nonworking slope under the present open pit mining situation.

Table 9: Strength parameters of mudstone rock mass on No. 4
minefield slope.

Lithology
Deformation
modulus E
(GPa)

Internal
friction
angle φ

(°)

Cohesion
c (MPa)

Poisson
ratio

Unit
weight
(kN/
m3)

Mudstone 2.78 21.4 0.220 0.25 23.42

1.8

1.9

2.0

2.1

2.2

2.3

2.4

F
S

Hoek-Brown criterion
(Roclab)

Improved Hoek-Brown
criterion

FS:2.14

FS:2.33

Total
displacement (m)

Total
displacement (m)

Figure 6: Slope safety factor and total displacement of the present
nonworking slope in open pit mining (by RocLab and improved
Hoek-Brown criterion).
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in Figure 5. The model contains a group of weak planes with
mudstone as lithology, and its strength parameter is shown
in Table 9. The height of the model slope is 94m. With the
influence of the boundary area of the model on the calcula-
tion results considered, the distance from the bottom to the
left boundary is 145m, the top to the right boundary is
240m, and the total height of the model is 188m [30]. Phase
2 (Ver.8.014) software is used to establish a model and ana-
lyze the slope stability. After meshing, there are 5830 units
and 3042 nodes. The slope surface is a free boundary, with
the bottom boundary of the model fixed, and the left and
right end boundaries constrained horizontally. The rock
mass parameters calculated by the two methods in Table 8
are entered into the model for analysis and calculation, and
the slope safety factor is calculated by the strength reduction
method. The slope safety factors are 2.33 and 2.14, respec-
tively, based on the rock mass parameters obtained by using
RocLab software and the improved Hoek-Brown criterion.
The reason for the difference is that the rock mass strength
is reduced by freeze-thaw action, which is consistent with
the previous analysis. On the whole, no matter which
method is used to calculate the rock mass parameters, the
safety factor of the present slope is highly larger than speci-
fication requirements. This is because the present slope angle
is small, about 28 degrees; therefore, the safety factor is large
and the stability of the slope is good. The overall displace-
ment and meshing of the slope calculated by the two
methods are shown in Figure 6. It shows that the maximum
displacements are 8 cm and 5 cm, respectively, both occur-
ring on steep slopes and weak layers. The analysis shows that
although freeze-thaw cycling reduces the strength of rock
mass, the slope angle of the nonworking side is relatively
gentle, so the safety factor of the slope is large and the stabil-
ity of the slope is good.

4.3. The Final Slope Stability Analysis of Open Pit Mine. The
final slope angle of the open pit mine is a significant techni-
cal parameter, which directly affects the safety and economic
benefits of the mine [30–38]. In the design process of the
No.4 minefield open pit mine, a technical study is carried
out to the final slope angle. In the study of slope engineering
stability, when mining to the designed mining depth (slope
height of 160m), the final slope angle is recommended to
be 34 degrees. The current working conditions are the same

as in the research report. A typical section of the northern
slope (Zone I) is selected as the study section (Figure 7).
Finite element model is established. The model parameters
are the same as that of the present slope as mentioned ear-
lier. The calculation results are shown in Figure 8. The slope
safety factors are 1.67 and 1.61, respectively, based on the
rock mass parameters obtained by using RocLab software
and the improved Hoek-Brown criterion. The maximum
displacement is 16 cm and 13 cm, respectively. The analysis
indicates that the safety factor of the slope calculated by
the improved Hoek-Brown criterion decreased. The reasons
and rules are also due to the freeze-thaw action, which
reduces the strength of the rock mass. The seasonal freezing
depth of the Muli mining area is about 8.25m. Considering
the influence of moisture migration and blasting vibration,
the slope is stable when the final slope angle is 34 degrees,
and the slope angle design is relatively reasonable.

4.4. Discussion. Figure 9 presents the calculation process of
modified rock mass parameters. The freeze-thaw correction
coefficient is introduced to obtain the modified rock mass
TSMR values. The linear relationship between TSMR and
GSI is established to further achieve the values of other

Fine
sandstone

Coarse sandstone 

Mudstone
Muddy
siltstone

Figure 7: Profile of nonworking slope at the end of designed mining.

1.50

1.52

1.54

1.56

1.58

1.60

1.62

1.64

1.66

1.68

F
S

Hoek-Brown criterion
(Roclab)

Improved Hoek-Brown
criterion

FS:1.61

FS:1.67

Total
displacement (m)

Total
displacement (m)

Figure 8: Slope safety factor and total displacement of nonworking
slope at the end of designed mining (by RocLab and improved
Hoek-Brown criterion).
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parameters in the Hoek-Brown criterion. In addition, the
values of empirical parameters k and m are corrected for
the steep slope and the gentle slope. Then, equivalent con-
version of the Hoek-Brown criterion to Mohr-Coulomb cri-
terion is performed. Finally, the values of the rock mass
parameters in the numerical calculation are obtained. All
the parameters of the Hoek-Brown criterion are corrected
throughout the calculation process, because the freeze-thaw
correction coefficient is introduced at the beginning. The
modified rock mass parameters can better describe the
mechanical properties of slopes in high-altitude and cold
regions. Absolutely, the correction of the empirical parame-
ters k andm has more conformity with the actual slope engi-
neering of the open pit mine.

As shown in Figures 6 and 8, it can be seen that after
considering freeze-thaw action, the slope safety factor
decreases by 8.15% and 3.59%, respectively. The decreased
slope safety factor may affect the magnitude of slope inclina-
tion in slope design. Generally, the slope inclination is
designed as large as possible for the economic benefit, when
considering the specification requirements and safety pre-
mise. The reduction of slope inclination caused by the
decreases of the slope safety factor can also affect the mine
production. In addition, it can be seen from Figure 2 that
the rock freeze-thaw coefficient decreases as the number of
freeze-thaw cycles increases, which generally shows that
the freeze-thaw coefficient is reduced with the decrease
of the rock strength. It can be seen from Figure 3 that
when the freeze-thaw action is considered, the internal
friction angle of the rock increases, while the cohesion
decreases. Comprehensive analysis shows that under the
effect of freeze-thaw of rock, the water-ice phase change
causes the initial fractures of rock. The initiated cracks
then expand until new fractures are formed. The forming
of the new cracks may increase the roughness of rock
joints which increase the internal friction angle and

decreases the cohesion. However, the overall integrity is
of the rock destroyed by the forming of the new fractures,
thus reducing its mechanical properties. Since the freeze-
thaw actions have significant effects on the slope stability,
the freeze-thaw effects should be involved in the design
process of the slope as well as production despite the
effects of slope height, slope inclination, and slope rock
parameters on slope stability.

5. Conclusions

According to the characteristics of freeze-thaw effects on
rock mass in high-altitude and cold regions, mechanical
parameters of rock mass are calculated and determined
based on the improved Hoek-Brown criterion. The No. 4
minefield open pit coal mine in the Muli mining area is
taken as an engineering case, and the differences between
the traditional method and the modified method in calculat-
ing slope stability are compared and analyzed. The main
conclusions are drawn as below:

(1) The experimental results show that the strength
parameters of rock mass decrease under the situation
of freeze-thaw cycles, after 120 freeze-thaw cycles,
leading to the freeze-thaw coefficients of coarse
sandstone, fine sandstone, and muddy siltstone
decreasing to 0.62, 0.63, and 0.47, respectively

(2) The Hoek-Brown criterion is modified based on the
linear relationship between TSMR and GSI in the
Hoek-Brown criterion and by considering whether
the slope is steep or gentle. According to the correla-
tion between the Hoek-Brown criterion and the
Mohr-Coulomb criterion, mechanical parameters of
the slope rock mass are determined in open pit
mines in the case of freeze-thaw cycles. Based on

TSMR

s a

Empirical
parameters of

modified Hoek-
Brown criterion

Rock mass
parameters

Disturbance
factor D

GSI: geological strength index

Freeze-thaw correction coefficient 𝛿, slope height correction coefficient 𝜉, RMR, structural plane
condition coefficient 𝜆, adjustment values of occurrence on discontinuous planes F1, F2, F3,

adjustment factor of slope excavation F4

Intact rock characteristic
parameter mi 

m
b

The uniaxial compressive strength of intact rock 𝜎
c

Steep or
gentle slopes

Empirical
parameters k, m

The rock mass
strength 𝜎

cm

The upper limit of
confining stress 𝜎

3max

𝜎
3n

Friction angle 𝜑Cohesion cDeformation modulus E

Figure 9: Calculation process of rock mass parameters.
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improved calculation results, the internal friction
angle of the rock mass is increases by 17.7%, 18.5%,
and 61.8%, and the cohesion is decreased by 38.4%,
40.6%, and 7.8%, respectively

(3) The slope stability in the open pit mine slope is cal-
culated considering the effects of freeze-thaw. The
calculated results show that in terms of the current
slope, the safety factor of its nonworking slope is
2.14, and the maximum displacement occurred at
the steep slope and weak surface with the values of
5 cm. At the end of mining, the slope safety factor
is 1.61, and the maximum displacement is 13 cm.
These decrease the slope safety factor by 8.15% and
3.59%. The improved calculation method of rock
mass parameters can quantitatively reflect the influ-
ence law of freeze-thaw on rock mass strength. Com-
pared with the traditional method, the calculated
safety factor of the slope is more consistent with
the reality of the open pit slope in high-altitude
and cold regions. The improved calculation method
provides theoretical guidance for the design and
evaluation of an open pit slope
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Overburden deformation is an important concern for the safe and green mining of coal resources. Similarity simulation testing is
the main approach used to study the deformation characteristics of the overburden in coal mining. In the application of Brillouin
optical time-domain analysis (BOTDA) in similarity simulation tests, the capability of distributed optical fiber sensing (DOFS) to
detect the characteristics of the overburden deformation and the evolution is a key factor affecting the testing accuracy. In this
study, the relationships between DOFS and overburden deformation and the face impact pressure under geological conditions
in short-distance coal seam mining were explored. The results show that DOFS can be used to monitor the strain conditions of
the overburden during the entire mining process and can provide the peak positions of the advance support pressure on the
face. A DOFS characterization model for investigating the spatial and temporal evolutions of overburden deformation was
established. A new method of characterizing the face impact pressure based on the fiber frequency shift variation was
developed. The method was demonstrated to be effective through comparison of monitored results of impact pressure counts
detected using pressure sensors. The characteristics of the face impact pressure in short-distance coal seam mining were
obtained. The results of this study provide valuable guidance for the development of similarity simulation testing and
intelligent mining engineering techniques.

1. Introduction

The mining of coal resources can destroy the overburden rock
layers, resulting in soil and water losses at the ground surface,
damage to the regional ecological balance, and many other
serious environmental problems [1–3]. Current mining tech-
niques have evolved from shallow, single coal seam to multi-
layer mining. The overlying rocks are affected by repeated
mining disturbances [4]. The overburdenmigration character-
istics caused by the mining are fundamentally important to
the development of mining techniques, and they are of great
significance to the prevention and control of mining-related
geological disasters such as rock burst, coal (rock) body pro-

trusion, roadway deformation, and water inrush from the
roof and floor [5–7]. However, the on-site in situ research
has been limited by high costs, great technical difficulties,
and restricted monitoring equipment [8, 9]. Therefore, simi-
larity simulation testing is the main approach used to inves-
tigate the characteristics of the overburden deformation,
fracturing, and roof impact pressure [10, 11]. At present,
close-range photography, total station instruments, and dial
indicators are usually used to obtain displacement measure-
ments in similarity simulation tests, while strain gauges and
pressure sensors are widely used for stress and strain moni-
toring. Due to the low test accuracy and disadvantages of
scattered measurements only at selected locations, these
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testing methods are difficult to use for the continuous mea-
surement of the entire field in real time [12, 13].

Optical fiber monitoring techniques have many advan-
tages such as high precision, corrosion resistance, and elec-
tromagnetic interference resistance. They are widely used
in monitoring the quality of structures in the electric power,
mining, and construction industries [14, 15]. Among them,
Brillouin optical time-domain analysis (BOTDA) is out-
standing due to its high precision, distributed measure-
ments, and the measurements of the absolute temperature
and strain [16–18]. Horiguchi et al. [19] first proposed the
distributed optical fiber sensor monitoring technique based
on stimulated Brillouin scattering in 1989. Bao et al. [20]
proposed Brillouin optical time-domain analysis with differ-
ential pulse-width pairs (DPP-BOTDA) based on a differ-
ence method in order to further improve the spatial
resolution of optical fiber monitoring. Kishida et al. [21]
proposed pulse-prepump Brillouin optical time-domain
analysis (PPP-BOTDA) to obtain high spatial resolution
and high-precision strain measurements via optical fiber
sensing. Song et al. [22] proposed a new monitoring tech-
nique for distributed optical fiber sensing to achieve a
centimeter-level spatial resolution.

BOTDA can be used for internal strain monitoring of
rock strata, and it is an important monitoring method for
detecting rock deformation [23, 24]. Moffat et al. [25] used
a distributed optical fiber sensing monitoring system based
on BOTDA to detect the displacement of the tunnel roof
and the tunnel’s two sides in order to evaluate rock deforma-
tion due to mining activities. Buchoud et al. [26] used artifi-
cial collapse pits to simulate surface collapse pits and to
carry out surface subsidence displacement monitoring based
on distributed optical fiber sensing (DOFS) and achieved
submillimeter-level vertical surface displacement measure-
ments. Zhang et al. [27] used inclined drilling to implant dis-
tributed sensing optical cables in the sampling field of their
similarity simulation test in order to accomplish strain field
monitoring of overburden deformation during mining. Chai
et al. [28] applied the distributed strain fiber technique to a
three-dimensional physical similarity simulation test to con-
duct quantitative characterization of the internal deforma-
tion and failure of mining-induced overburden.

In this study, a distributed optical fiber sensing tech-
nique (BOTDA) was applied in a physical similarity simula-
tion test. Distributed optical fiber sensors were used to test
the internal strain of the overburden under repeated mining
conditions and to explore the relationships between the
overburden failure, face impact pressure, and optical fiber
monitoring results. The results of this study provide a useful
basis for the application of distributed optical fiber sensing
in similarity simulation testing in mining engineering.

2. Similarity Simulation Test Based on
Distributed Optical Fiber
Sensing Monitoring

2.1. Principle of PPP-BOTDA. The propagation of light in an
optical fiber produces three scattering signals: Rayleigh scat-

tering, Raman scattering, and Brillouin scattering. Brillouin
scattered light is caused by nonlinear interactions between
incident light and phonons that are thermally excited within
the light propagation medium. This scattered light shifts in
frequency by a Brillouin shift and propagates in the opposite
direction relative to the incident light [29]. Figure 1 shows
the monitoring principle of BOTDA.

Compared to BOTDA, PPP-BOTDA (i.e., pulse-
prepump-Brillouin optical time domain analyzer) [26],
higher spatial resolution can be obtained. This is done by
loading an appropriate pulse-prepumped light to preexcite
phonons before introducing the pulsed light (pumped light.)
The PPP-BOTDA has a smaller half-value full width and
higher frequency resolution of the Brillouin gain spectrum,
achieving a spatial resolution of 10mm and 0.0025% strain
test accuracy.

It has been found that there is a relationship between
Brillouin frequency shift (BFS) νB and temperature T or
strain ε; the relationship can be expressed as follows [30]:

VB2 =VB1 + CT T − T0ð Þ + CεΔε, ð1Þ

where vB2 is Brillouin scattered frequency shift with
strain at a certain temperature T , vB1 is Brillouin scattered
frequency shift without strain at temperature T0, CT is the
sensitivity coefficient of the fiber to temperature, Cε is the
sensitivity coefficient of the fiber to strain, and T0 is the ini-
tial temperature. The CVT is 1.07MHz/°C, and the CVε is
0.0497MHz/με.

It is worth noting that the temperature-induced Brillouin
frequency shift is much smaller than that caused by strain
(0.002%/°C). Therefore, when measuring the Brillouin fre-
quency shift caused by strain, if the temperature changes
within 5°C, the temperature can be ignored.

2.2. Similarity Simulation Test Design. Research on the
movement of the overlying strata in mining engineering
has been a black box problem. Similarity material simulation
tests provide an effective solution for studying overburden
deformation and rock structure evolution during coal min-
ing [31]. The similarity model was constructed using a
3000 × 200 × 2000mm (length × width × height) plane stress
model frame and based on the geological conditions of the
Ningtiaota coal mine. The similarity model contained two
coal seams that could be excavated. The thickness of the
upper coal seam 1-2 was 1.95m, and the thickness of its over-
burden was 123.05m. The thickness of the lower coal seam
2-2 was 4.65m, and the thickness of its overburden was
158.35m. The inclination angle of the coal seam ranged
from 1°47′ to 0°13′. The distance between the two coal
seams was 33.35m, i.e., short-distance coal seams. The sim-
ilarity materials were composed of quartz sand, gypsum, and
mica powder. These materials were mixed with ratios based
on calculation results and the similarity theory [31]
(Table 1). The geometric similarity ratio, bulk density simi-
larity ratio, and stress similarity ratio were 1 : 150, 1 : 1.56,
and 1 : 234, respectively.

The coal seam was excavated from the left side of the
model to the rear side. One 30 cm wide boundary coal pillar
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was left on each side of the model to eliminate the influence
of the boundary effect on the similarity simulation test. In
each coal seam, the excavation step was 3 cm, the number
of excavations was 77, and the excavation length was
240 cm. Coal seam 1-2 was excavated first in the similarity
simulation test. After the excavation, the model was allowed
to settle for two weeks. After the overburden of the goaf
behind the face was compacted, coal seam 2-2 was excavated.

2.3. Monitoring System Layout. The similarity simulation
test monitoring system included a NX-6055 Brillouin scat-
tering optical time-domain analyzer, distributed optical fiber
sensors, CL-YB-114 pressure sensors, and a micrometer. The
distributed optical fiber sensors (DOFSs) were common
single-mode fibers with a diameter of 2mm. The distributed

optical fiber sensor layout is shown in Figure 2. Four verti-
cally distributed optical fiber sensors (V1, V2, V3, and V4)
were embedded in the similarity model to monitor the
deformation characteristics of the overlying rocks. The spac-
ing between the vertically distributed optical fiber sensors
was 60 cm, and that between the horizontally distributed
sensors was 39 cm. Each fiber sensor was connected in series
with another fiber sensor and then connected with an NBX-
6055 optical stress analyzer.

3. Analysis of Monitoring Results

Figure 3 shows the strain monitoring results of DOFS V1-V4
for the working-face mining of coal seam 1-2. Figure 4 shows
the strain monitoring results of the DOFS for the working-
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Figure 1: Monitoring principle of BOTDA.

Table 1: Material ratios used in the similarity material model.

Lithology of simulated
stratum

Stratum
thickness (m)

Simulated
thickness (cm)

Accumulated
height (cm)

Material
ratio

Dosage of analogous
materials (kg)

Sand Gypsum
Mica

powder

Loess 42.00 28.0 117.1 1019 238.25 2.38 21.44

Sandy mudstone 14.76 9.8 89.1 919 82.89 0.92 8.29

Siltstone 21.55 14.4 79.3 837 119.53 4.48 10.46

Medium-grained sandstone 28.75 19.2 64.9 837 159.47 5.98 13.95

Siltstone 6.70 4.5 45.8 937 37.63 1.25 2.93

Medium-grained sandstone 9.96 6.6 41.3 828 55.24 1.38 5.52

1-2 coal seam 1.89 1.3 34.7 5.13 0.19 1.28

Fine-grained sandstone 9.4 6.3 33.4 937 52.34 1.89 4.42

Siltstone 3.80 2.5 27.1 828 21.08 0.53 2.11

Fine-grained sandstone 5.90 3.9 24.6 837 32.73 1.23 2.86

Siltstone 1.00 0.7 20.7 937 5.62 0.19 0.44

Fine-grained sandstone 12.16 8.7 20.0 828 73.14 1.8 7.18

2-2 coal seam 4.60 3.1 11.2 12.48 0.47 3.12

Siltstone 3.54 2.4 8.2 937 19.88 0.66 1.55

Fine-grained sandstone 8.70 5.8 5.8 837 48.26 1.81 4.22
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face mining of 2-2 coal seam. The vertical axis in Figures 3
and 4 represents the similarity model height, and the hori-
zontal axis shows the strain monitoring value provided by
the optical fiber. When the strain value is positive, the opti-
cal fiber is stretched. When the strain value is negative, the
optical fiber is compressed.

When the optical fiber was far away from the face, the
overlying rock containing the optical fiber was under the stress
conditions of the original rock, and the strain value provided
by the optical fiber was not affected by the mining. As the face
was excavated, the strains of DOFSs V1-V4 were successively
affected by the excavation.When the face was close to the rock
in which the optical fiber was placed, the optical fiber reported
negative growth with a small amplitude, and the strain peak
occurred in the rock near the top of the coal seam. As the dis-
tance between the face and the optical fiber decreased, the
strain peak value initially increased and then decreased. When
the face reached and passed through the rock in which the
optical fiber was placed, the strain peak value changed from
negative to positive with a continuous increase. The strain
peak value in the overburden also increased gradually and
occurred in the middle and upper parts of the overburden.
As the face moved far away from the optical fiber, the strain
peak value decreased and then became stable. During the
excavation of coal seams 1-2 and 2-2, the strain monitoring
curves of optical fibers V1-V4 exhibited clear trends in both
their numerical values and structural forms as the face was
excavated. Therefore, optical fiber strain monitoring can be
used to invert the overburden failure characteristics during
the mining process.

4. Analysis of Temporal and Spatial Distribution
Characteristics of Overburden Strain

4.1. Analysis of Temporal and Spatial Evolutions of
Overburden Strain. Figure 5 shows the strain distribution
of optical fiber V3 during the mining of the face of coal seam

1-2, with the vertical axis representing the similarity model
height and the horizontal axis representing the distance
between the face and V3. When the distance was negative,
the face was close to the optical fiber. When the distance
was positive, the face was far away from the optical fiber.
The compression and tension regions are separated by the
0με curves. During the construction of the similarity model,
a certain amount of prestress was applied to the distributed
optical fiber sensors to make the distributed optical fiber
sensors more sensitive to the changes in the overburden
pressure during mining of the face. Therefore, before the
face was mined, the lower part of the model in the height
range of 0-53 cm was under slight compression, while the
upper part of the model in the height range of 53-120 cm
was under slight tension. As the face approached optical
fiber V3, the compressive strain range of V3 increased due
to the influence of the advanced support pressure. When
the face was advanced to the position of V3, the compressive
stress affected an expanded height range of 0-79 cm in the
similarity model. The compressive strain provided by the
optical fiber sensor near the face was the greatest, reaching
−452.29με. After the face passed V3, tensile strain appeared
in the overlying strata. As the face was excavated, the range
of the tensile strain expanded, and the peak strain position
moved upward. When the face had advanced to 42 cm past
optical fiber V3, the peak tensile strain reached the maxi-
mum value of 7627.85με, occurring in the overlying rock
at a height of 51.0 cm above the face of coal seam 1-2. As
the face progressed farther away from V3, the fiber strain
gradually changed from tensile to compressive, indicating
that the overburden in the goaf was gradually compacted.

Figure 6 shows the strain distribution of V3 during the
mining of coal seam 2-2. After the face was excavated during
the mining of coal seam 1-2, the overburden gradually recov-
ered to the stress level of the original rock. The bottom part
of the similarity model (height range of 0-24 cm) was
affected by the impact pressure. As the face approached
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Figure 2: Layout of the distributed optical fiber sensors.
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Figure 3: Continued.
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Figure 3: Strain monitoring results of DOFS V1-V4 in the mining of coal seam 1-2.
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Figure 4: Continued.
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Figure 4: Strain monitoring results of DOFSs V1-V4 in the mining of coal seam 2-2.
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V3, the broken overburden rocks in the goaf of coal seam 1-2

did not have any capacity to sustain loads. Therefore, the
rocks all caved downward into the goaf of coal seam 2-2

under the influence of the secondary mining, resulting in
the compression range of the optical fiber gradually increas-
ing. When the face was 21-58 cm away from V3, the com-
pressive strain range of the overburden was the greatest,
and the entire height range of 0-114 cm in the similarity
model was under compressive strain. When the face passed
through and progressed farther away from the position of
V3, the deformation characteristics were similar to the
deformation characteristics of the overlying strata during
the excavation of coal seam 1-2. When the face was 39 cm
away from V3, both the range and peak value of the tensile
strain reached their maxima, with a maximum tensile strain

of 7867.18με and the position of the maximum tensile strain
located at a height of 88 cm above the face of coal seam 2-2.

4.2. Optical Fiber Monitoring Analysis of Overburden
Damage. Figure 7 shows the fiber strain curves as the face
successively approached, passed through, and progressed
farther away from the fiber sensor. A direct relationship
between the fiber strain curves and the overburden deforma-
tion characteristics was established under these different
excavation conditions.

The strain monitoring curve for the case of the face
approaching V1 is shown in Figure 7(a). When the face
was excavated from 0 to 40 cm, it became gradually closer
to the optical fiber. The optical fiber was in a coal wall sup-
port area of the face. Under the influence of the advance
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Figure 6: Strain distribution of fiber V3 during the mining of coal seam 2-2 (the abscissa is the model height, and the ordinate is the distance
between the face and the optical fiber).
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support pressure, compressive strain occurred in the lower
part of the optical monitoring fiber. As the face advanced
toward the optical fiber, the compressive strain initially
increased and then decreased. The maximum compressive
strain was −295.52με, and it occurred when the excavation
advanced to 31 cm from V1. The variation trends of the opti-
cal fiber’s compressive strain in front of the face verify the
distribution characteristics of the advance support pressure
in front of the face [5]. The position of the peak compressive
strain was the same as the position of the maximum
advanced support pressure in front of the face.

The strain monitoring curve for the case of the face pass-
ing through V1 is shown in Figure 7(b). When the face was
excavated from 43 to 85 cm, the face passed through the
optical fiber. When the face passed through the optical fiber
by 0-12 cm, the optical fiber sustained tensile strain. As the
face was excavated further, the fiber’s strain curve exhibited
a three-step distribution. The optical fiber’s strain was nega-
tive in the height range of 0-31 cm above the face, corre-
sponding to heights of 35-66 cm in the similarity model,
and the compressive strain gradually increased. The fiber’s
strain was positive in the height range of approximately
31-52 cm above the face, corresponding to heights of 66-
87 cm in the similarity model. According to the three-zone
theory of the overburden [32], the step in the negative strain
curve corresponded to the overburden fracture zone, where
the fractured rocks were gradually compacted, causing a
gradually increase in the compressive strain. The step in
the positive strain curve corresponded to the overburden
crack zone, where the optical fiber was strained. A bending
subsidence zone was located above the crack zone. The
fiber’s strain decreased in the bending subsidence zone.

The strain monitoring results for the case of the face
being far away from V1 are shown in Figure 7(c). When
the face was excavated from 88 to 240 cm, the face was far

away from the optical fiber. In this stage, because the face
had been fully excavated, the overburden rocks collapsed
in a large area and gradually and firmly pressed on the lower
caving zone, eliminating the cracks in the middle crack zone
and causing a negative strain in the optical fiber due to the
overall compression effect. The upper part of the similarity
model was a bending subsidence zone, in which the fiber’s
strain varied very little.

As the face progressed farther away from V1, the impact
of the mining on optical fiber’s signal became weak, while
optical fibers V2, V3, and V4 were gradually influenced by
the mining to a greater extent, and their strains’ variation
trends were similar to that of V1. These analysis results show
that the peak position of the advanced support pressure on
the face and the heights of the caving zone and fracture zone
in the overburden goaf can be estimated based on the rela-
tive positions of the optical fiber and the face and on the
optical fiber monitoring characteristic curves under different
overburden deformation conditions.

5. Optical Fiber Monitoring Analysis of the Face
Impact Pressure

5.1. Relationship between Face Impact Pressure and Optical
Fiber Frequency Shift. When the coal seam was not exca-
vated, the overlying rocks were not disturbed by mining,
and the fiber’s Brillouin frequency shift in the similarity
model did not change. When the face was excavated, the
large-scale collapse of the overlying strata caused the impact
pressures to act on the face. The face impact pressure is of
great importance to the safety of the face. The overburden
collapse in a large area caused drastic variations in the fiber’s
Brillouin frequency shift in the similarity model. Therefore,
the variation of the fiber frequency shift can be used to char-
acterize the occurrence of the face impact pressure.
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The concept of the variation degree of the optical fiber
frequency shift can be explained as follows. There are j col-
lected samples of the frequency shift in the optical fiber
monitoring database, and there are n sampling points for
each data sample. The difference in the frequency shifts of
two collected samples in a given space is normalized to char-
acterize the deformation degree of the rock structure and to
reflect the intensity of the rock movement. The variation
degree is expressed as follows:

Dx =
1
n

〠
n

j=1
BFSj
�
�

�
� − 〠

n

j=1
BFSj−1
�
�

�
�

 !

, ð2Þ

where Dx is the variation degree of the optical fiber fre-
quency shift in the testing when the face is excavated for a
distance x, and n is the number of sampling points for the
optical fiber. When the overburden strata experience small
deformations, the frequency shift variation of the monitor-
ing fiber is small. When the overburden strata experience a
large separation or are even broken and fall, the frequency
shift variation is large.

5.2. Characterization of Face Impact Pressure Based on
Optical Fiber Frequency Shift Variation. During the face
mining, the strata containing fibers V1-V4 were affected by
the mining disturbances. Therefore, the variation degree of
the optical fiber frequency shift throughout the entire pro-
cess of mining the face was the sum of the variation degree
of each optical fiber (V1, V2, V3, and V4) (Figures 8 and
9). The horizontal axis in the figures represents the mining
distance of the face, and the vertical axis represents the var-
iation degree of the optical fiber frequency shift.

Figure 8 shows that there were a total of 14 spikes in the
optical fiber frequency shift curve during the mining of the

face of coal seam 1-2, indicating that there were 14 episodes
in which the impact pressures acted on the face, correspond-
ing to excavation distances of 37, 58, 76, 91, 109, 124, 136,
151, 163, 178, 190, 205, 220, and 235 cm. The first peak cor-
responded to the appearance of the first impact pressure
when the face was excavated to 37 cm, with a frequency shift
of 98.69MHz, and the first impact pressure acted on the
face. It occurred when the basic overburden roof overhang
reached the span limit, shear fractures formed along the coal
wall of the face under the effects of the rock weight and the
pressure caused by the upper overburden rocks. The step
distance, the mining length of the working face from the
time of impact pressure to the time of last pressure, of the
initial impact pressure was 37 cm. The height of the fracture
zone was 4.5 cm. The overburden caving angle was 52° on
the side farther away from the face. The overburden caving
angle was 46° on the side closer to the face. Rock separation
occurred above the basic overburden roof, and the maxi-
mum height of the stratum gap was 1 cm. The stratum gap
gradually closed as the excavation continued. The overlying
rocks located in the goaf were entered the pressure relief
zone. The second peak in Figure 8 occurred when the face
was excavated to 58 cm, with a frequency shift variation
degree of 16.41MHz, and the first periodic impact pressure
occurred on the face. The broken rocks rotated unstably
toward the goaf. The step distance of the first periodic
impact pressure was 21 cm. After the second peak, multiple
periodic impact pressures acted on the face. It can be
observed that the step distances of the periodic impact pres-
sures were 12-21 cm, with an average of 15.5 cm. The varia-
tion degrees of the optical fiber frequency shift were 12.44-
98.69MHz.

Figure 9 shows that there were 16 peaks in the variation
degree curve of the optical fiber frequency shift for the face
of coal seam 2-2 during the mining process, indicating that
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the impact pressures acted on the face 16 times, including
one initial impact pressure and 15 periodic pressures. The
step distance of the initial impact pressure was 36 cm, while
the step distances of the periodic pressures were 9-18 cm,
with an average of 13.27 cm. The variation degrees of the fre-
quency shift were 60.52-103.45MHz. It can be seen that the
step distances of the impact pressures in the mining of the

lower coal seam were less than those in the mining of the
upper coal seam in the short-distance coal mining.

5.3. Comparison of the Face Impact Pressure in Short-
Distance Coal Seam Mining. The mining of lower coal seam
2-2 caused repeated disturbances to the stress of the overly-
ing strata, resulting in the intensity of the impact pressures
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and the ordinate is the variation degree of the optical fiber frequency shift). (a) Face excavation distance of 36 cm. (b) Face excavation
distance of 106 cm.
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Figure 10: Comparison of the variation degree of the optical fiber frequency shift with the impact pressure (the ordinate is peak values in the
mining of coal seams 1-2 and 2-2).
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acting on the face in the lower coal mining differing from
that in the upper coal mining. Figure 10 shows the compar-
ison of the variation degree of the optical fiber frequency
shift in the impact pressure events on the face during the
mining of coal seams 1-2 and 2-2.

Figure 10 shows that the average variation degrees of the
mining of coal seams 1-2 and 2-2 were 30.92 and 80.06MHz,
respectively, with a ratio of 1 : 2.64. This indicates that the
average intensity of the impact pressures in the mining of
coal seam 2-2 was 2.64 times that in the mining of coal seam
1-2, reflecting the more violent mining environment of coal
seam 2-2. The reason for this phenomenon was that after
the upper coal mining was completed, the overburden chan-

ged from intact rocks to broken rocks, and the caved rocks fell
into the goaf. The load-sustaining capacity of the caved rocks
was greatly reduced, causing its load to directly act on the coal
seam floor in the goaf. When a single key layer in lower coal
seam 2-2 overburden was broken during face mining, the cav-
ing of the overburden in the original goaf was affected by the
secondary mining, causing overall clipped collapse and step
subsidence of the overburden. This is the reason why the
intensity of the impact pressures in this type of mining is
greater than that in single-coal-seam mining. Moreover, the
mining height of the lower coal seam was 2.38 times that of
the upper coal seam. The higher mining height caused
greater vertical deformation of the overburden. When the
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(b) Impact pressure acting on the face during the mining of coal seam 2-2

Figure 11: Comparison of the impact pressures monitored by the optical fiber sensors and the pressure sensors.
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coal seam spacing was smaller, it was easier for the cracks in
the overburden of the lower coal seam to penetrate into the
goaf of the upper coal seam. Therefore, the impact pressures
during the short-distance mining of the lower coal seammin-
ing were more violent than those in single-coal-seam mining.

5.4. Comparative Analysis of Pressure Sensor Measurement
Results. The pressure of the overlying strata during the coal
mining process was measured using CL-YB-114 pressure
sensors installed at the bottom of the similarity model. The
coal seam excavation caused the advanced support pressure
of the overburden, which was sustained by the coal wall in
front of the face. When the impact pressure occurred, the
peak value of the advanced support pressure increased rap-
idly. Therefore, the peak value of the monitored curve of
the advanced support pressure can be used to judge whether
an impact pressure event occurred.

For the mining of the faces of coal seams 1-2 and 2-2, the
comparisons of the variation degrees of the optical fiber fre-
quency shifts and the peak values of the advanced support
pressures provided by the pressure sensors are shown in
Figure 11. The initial pressure of the overburden was mea-
sured by the pressure sensors before the face was excavated.
The initial support pressure measured in coal seam mining
1-2 was 4.30MPa, while that in coal seam 2-2 was 4.00MPa.
This is because the overburden pressure was reduced by the
mining of coal seam 1-2. The overburden pressure sustained
by the coal wall increased gradually during the excavation of
the face, and the peak values of the advanced support pres-
sures also increased gradually. The curve of the pressure
sensors exhibits continuous convex peaks. When the peaks
occurred, the initial impact pressure or periodic pressures
occurred on the face. During the mining of coal seams 1-2

and 2-2, the pressure sensors detected 14 and 16 impact
pressure events, respectively. Moreover, the step distances
of the impact pressures detected by the pressure sensors
were consistent with the signals reflected by the variation
degree of the optical fiber frequency shift. Therefore, the
frequency shift variation can be used to characterize the
impact pressure acting on the face.

6. Conclusions

In this study, critical issues in applying distributed optical
fiber sensing to monitoring overburden deformation using
similarity simulation tests were investigated. The relation-
ships between the optical fiber monitoring, overburden
deformation, and face impact pressure were explored. The
following conclusions were drawn.

(1) Overburden strain monitoring during the entire
mining process was achieved at different relative
positions between the distributed optical fiber sen-
sors and the face. The peak positions of the advanced
support pressures acting on the face were obtained.
The three-step characteristics of the Brillouin fre-
quency shift curve of the vertically distributed fiber
sensors reflect the dynamic variation of the overbur-
den movement in the goaf. They can quantitatively

describe the height evolution characteristics of the
overburden fracturing zone and the crack zone in
the similarity model

(2) A new method was proposed for characterizing the
impact pressure acting on the face based on the var-
iation degree of the optical fiber frequency shift. The
number of impact pressure events detected by the
optical fiber frequency shift variation was basically
consistent with the pressure sensor monitoring
results, thus validating the proposed method

(3) The variation characteristics of the impact pressures
acting on the face during short-distance coal mining
were revealed by analyzing the characteristics of the
optical fiber frequency shift variation curves. The
step distances of the impact pressures during the
mining of the lower coal seam were less than those
during the mining of the upper coal seam, but the
intensity of the impact pressures was greater than
that during the mining of the upper coal seam
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Industrial wastewater may have a long-time effect on the environment and human life as it goes underground and causes
serious pollution continuously. To have a well understanding of the migration of such wastewater is a basic task for
industrial wastewater treatment as well as industrial design. To study the migration mechanism of industrial wastewater in
rock formations, the governing equations such as mechanics, seepage, heat, and mass transfer are reviewed, referenced, and
proposed. The thermal (T)-hydraulic (H)-mechanical (M) coupled model of the multimedia of matrix-fault and matrix-
fracture-fault is established. The influence of the fault and the fractures on the pressure distribution and contaminant
migration is analyzed. The influence of fault length, width, dip angle, permeability, and temperature of wastewater on
contaminant migration is parametrically studied. The following results can be obtained. (1) The fracture quantitively affects
the concentration distribution, while the fault dominates the concentration distribution and contaminant migration. (2)
The migration of the contaminants can be geometrically divided into 3 zones along the direction of the fault: the
saturation zone, the rapid diffusion zone, and the concentration decrease zone. (3) There is a peak of the concentration
along the bottom of the model. The position of the peak is the projection of the endpoint of the fault. (4) The fault
length has the most significant effect on contaminant accumulation. The temperature of the wastewater has the minimum
effect on the contaminant accumulation. (5) The accumulation of concentrations can be divided into 2 stages, the slow
growth stage (before 20 years) and the rapid growth stage (after 20 years). The main channel of contaminant migration in
the slow growth stage is a fault. During the rapid growth stage, the contaminants penetrate through the rock matrix as
well as the fault.

1. Introduction

The great development of the society and economy of China
leads the rapid growth in the industry. However, the develop-
ment of the industry inevitably results in environmental
problems as the wastewater discharge cannot be avoided.
The wastewater that contains the contaminants will cause
long-time pollution and risks for the social life and ecology
because it migrates continuously in the underground, such
as soil and rock. Such polluted soil or rock thus becomes poi-

sonous and harmful and has adverse effects on the envi-
ronment and human life [1–3]. Therefore, the study of
the transport process of contaminants in industrial waste-
water in rock formations has been a hot topic for scholars
in the last decades.

The simultaneous existence of different scales of physical
structures in rock formations, such as matrix, fracture net-
works, and faults, leads to strongly nonhomogeneous behav-
iors [4–7]. The contaminants in the migration process thus
penetrate from even microscale to macroscale. The flow
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status also changes from linear Darcy seepage in the rock
and natural microfracture network to the complicated non-
linearity in faults. Meanwhile, the transport of contaminants
in industrial wastewater in rock formation is the result of a
combination of multiple physical fields, including thermal
field, hydraulic field, and stress field. The fluid pressure
changes in the hydraulic field due to the fluid flow behavior
and affects the stress distribution in the rock formation, i.e.,
it influences the stress field. Also, the thermal characteristics
are influenced by the change of velocity of the flow. The
change of porosity and permeability of the rock formation
due to the change of the stress field also affects the
hydraulic field. The change of temperature in the thermal
field influences the hydrodynamic viscosity coefficient and
the fluid density, which affects the hydraulic field. Thermal
stress has a consequent effect on the stress distribution of
the stress field.

As mentioned above, the process of the migration of the
industrial wastewater is a complex multiphysics coupled
problem, such as thermal-hydraulic (TH), thermal-
chemical (TC), thermal-mechanical (TM), and THM cou-
pling [8–14]. Based on the energy conservation model, pore
fluid mass conservation equation, and the elastic-plastic
constitutive model, a more comprehensive multicomponent
THM coupling model for unsaturated porous media was
established by Seetharam et al. [15, 16]. However, the contri-
bution of the rock formation with strong inhomogeneity to
the fluid motion was not considered. et al. established a
THMC coupling model for clay barriers in high radioactive
waste storage [17]. However, the pore fluid flow and solute
diffusion characteristics driven by the combined tempera-
ture gradient and concentration gradient were not included.
For the study of the mathematical model of fluid seepage,
many studies have been carried out. Three typical basic
models of rock seepage are proposed, i.e., the equivalent
continuous medium seepage model, the fracture network
discontinuous medium seepage model, and the dual medium
seepage model [18–20]. Rossen pointed out that the pore-
fissure and interfracture seepage problems can be solved by
the way of Darcy’s law and an anisotropic permeability ten-
sor and proposed a method to characterize the anisotropic
seepage in fractured rock masses using continuous medium
theory [21]. Such equivalence model is not applicable when
the fractured rock mass cannot be treated as a continuous
medium, and the discontinuous medium method should be
employed [22]. Hsieh et al. introduced hydrodynamics into
fracture-pore media by using the N-S equation and the
continuity equation as governing equations and provided a
new approach to solve this difficult problem [23].

Most of the current studies do not simultaneously con-
sider the inhomogeneity of rock mass and the coupling effect
of multiphysics during the migration of the contaminants.
Therefore, the THM coupling model with the consideration
of the multimedia, i.e., matrix-fracture-fault, is proposed.
The influence of the fault and natural fractures on the pres-
sure distribution and contaminant concentration during
migration is firstly analyzed. Secondly, the influence of fault
length, width, dip angle, permeability, and inflow tempera-
ture of wastewater on contaminant migration is studied.

The contaminants in industrial wastewater of this paper
are not specified as this is a theoretical and parametric study.
The contaminant can be referred to as the common heavy
metal ion such as Pb (plumbum) or Hg (mercury).

2. The Coupled THM Model

The seepage of contaminants in rock formations is the result
of a combination of physical, chemical, biological, and other
factors. Therefore, the study of contaminant migration in
rock formations requires the establishment of governing
equations under the coupling of multifield such as the chem-
ical field, thermal field, stress field, and hydraulic field.
Meanwhile, the migration of contaminants involves convec-
tion, adsorption, desorption, hydrodynamic dispersion,
chemical action, and microbial decomposition, which cause
great difficulties for the research.

In this paper, the study focuses on the seepage mecha-
nism of contaminants in rock formations under the coupled
THM effect. The flow of industrial wastewater is considered
to be unidirectional, and the effects of adsorption, desorp-
tion, chemical interaction, and microbial decomposition
during the migration of contaminants are not considered.

In addition, to carry out the numerical modeling, the fol-
lowing simplifications and assumptions of the extremely
complex process of THM coupling still required are put for-
ward to establish the theoretical model. (1) The rock is a sat-
urated, isotropic, homogeneous, and small deformation
porous elastic medium. (2) The phase change is not consid-
ered, i.e., the transformation between gas and liquid phases
due to temperature is not considered. (3) Only the heat con-
duction mode is considered in the rock mass, and thermal
radiation is not considered. (4) The thermal strain in the
rock mass due to temperature is isotropic.

2.1. Equivalent Continuous Medium Model Theory

2.1.1. Hydraulic Field. The density of wastewater is defined
as a function of temperature and pressure [24] and can be
expressed as

ρ = ρ0 1 + ηw p − p0ð Þ − βw T − T0ð Þ½ � = ρ0 1 + ηwΔp − βwΔTð Þ,
ð1Þ

where ηw is the compression coefficient of the fluid, βw is the
thermal expansion coefficient of the fluid, ρ0 is the fluid
reference density, p and p0 are the pore water pressure and
initial pore water pressure, respectively, and T andT0 are
the fluid temperature and initial temperature, respectively.

The average value of the general ground temperature
gradient is 3°C/100m; thus, the temperature of the flow of
wastewater in the rock formation is below 40°C.

The hydrodynamic viscosity decreases with increasing
temperature, and the relationship between the hydrody-
namic viscosity and the temperature conforms to the power
function. The expression of the dynamic viscosity of
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wastewater with temperature is as follows [25, 26]:

μ = 1:787 × 10−3e −0:333+1:962×10−4×Tð Þ×T½ �: ð2Þ

The flow of industrial wastewater in a rock formation
can be assumed as the flow of a fluid in a porous medium.
According to the law of conservation of mass and Darcy’s
law, the hydraulic field equation can be expressed as

ϕρcp
∂p
∂t

+∇ ⋅ −ρ
k
μ

∇p + ρg∇Hð Þ
� �

=Qm − ϕρcT
∂T
∂t

− ρ
∂ϕ
∂t

,

ð3Þ

where cp = 1/ρ∂ρ/∂p,cT = 1/ρ∂ρ/∂T , ϕ is the porosity, ρ is
the density of wastewater, k is the permeability of the matrix,
g is the acceleration of gravity, ∇H = ð0, 0, 1ÞT , H represents
the hydraulic head, and Qm is the source term.

2.1.2. Thermal Field. The fluid flow in the rock mass is
assumed in thermal equilibrium. Without the consideration
of the heat exchange between the rock mass and the waste-
water, the thermal field equation of the fluid flow process
in saturated porous media can be obtained as [27]

ρCð Þeff
∂T
∂t

+ 1 − ϕð ÞTKαT
∂εv
∂t

= λeff∇
2T + ρcw

k
μ
∇p∇T ,

ð4Þ

where ðρCÞeff = ϕρcw + ð1 − ϕÞρscs is the effective heat
capacity, λeff = ϕλw + ð1 − ϕÞλs is the effective thermal con-
ductivity, αT is the coefficient of thermal expansion of the
rock matrix, εv is the volume strain of the rock matrix, cw
is the specific heat capacity of wastewater, λw is the thermal
conductivity of wastewater, ρs is the density of the rock
mass, cs is the specific heat capacity of the rock matrix, and
λs is the thermal conductivity of the rock matrix.

2.1.3. Stress Field. The constitutive relationship of the rock
mass is idealized as isotropic, homogeneous, and linear
medium with small deformation. The deformation of the
rock mass will be caused by 3 factors: the stress of the rock
mass, the pressure of fluid flow in the rock mass, and the
temperature change of the rock mass. Therefore, the stress-
strain relationship for the rock mass with consideration of
pore pressure and temperature is obtained based on the
linear principle:

σij = σij′ + αpδij = 2Gεij + λδijεv − KαTδij T − T0ð Þ + αpδij,
ð5Þ

where σij is the stress tensor, σij′ is the effective stress tensor,
G is the shear modulus, G = E/2ð1 + νÞ, εij is the strain ten-
sor, λ is the Lame constant,λ = 2Gν/ð1 − 2νÞ, and α is the

Biot coefficient:

α = 1 − K
Ks

, ð6Þ

where K is the bulk deformation modulus of the rock matrix,
K = E/3ð1 − 2νÞ, and Ks is the bulk deformation modulus of
the rock grains.

Based on the Cauchy strain theory and the static equilib-
rium, the geometry relationship and the equilibrium equa-
tion can be obtained:

εij =
1
2 ui,j + uj,i
� �

, ð7Þ

εv = εkk = ε11 + ε22 + ε33, ð8Þ
σij,j + f i = 0: ð9Þ

Combined with Equation (5), we can get the equation of
the stress field of rock mass under stress, pore pressure, and
temperature:

G ui,ij + uj,ij
� �

+ λuj,ji − αTT ,i + αp,i + Fi = 0, ð10Þ

where Fi is the volume force of the rock mass and ui is the
displacement component of the rock mass.

2.1.4. Porosity Model. Porosity is the key factor of pore pres-
sure; thus, it is necessary to choose a porosity model of the
rock mass. According to the derivation of the definition of
porosity, the dynamic porosity equation of the rock mass is
defined as follows [28]:

ϕ = α − α − ϕ0ð Þ exp −
1
Ks

p − p0ð Þ + αT T − T0ð Þ − εv − εv0ð Þ
� �

:

ð11Þ

2.1.5. Permeability Model. The Kozeny-Carman (KC) equa-
tion [29] is a semiempirical formulation widely used in the
study of permeability evolution of the porous media. Based
on the porosity model, the permeability model can be
expressed as

k = k0
1
ϕ0

−
1
ϕ0

− 1
� ��

1 − 1
Ks

p − p0ð Þ + αT T − T0ð Þ − εv − εv0ð Þ
� �� 	3

:

ð12Þ

2.2. THM Coupling Relationship. The coupled THM model
defined based on the field equations provided above is illus-
trated in Figure 1. (1) The hydraulic field affects the mechan-
ical field by changing the fluid pressure. (2) The mechanical
field affects the porosity and permeability through the
change of volume strain and thus affects the hydraulic field.
(3) The hydraulic field affects the thermal convection term
in the thermal field through the change of fluid velocity vec-
tor. (4) The thermal field affects the fluid density by chang-
ing the temperature and then affects the hydraulic field. (5)
The mechanical field changes the thermal deformation
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energy to affect the thermal field. (6) The change of temper-
ature in the thermal field produces thermal stress and then
affects the mechanical field.

2.3. Matrix-Fracture-Fault (MFF) Multimedia Model. The
matrix-fracture-fault (MFF) multimedia model is different
from the equivalent continuous medium model. It considers
the porous medium separately from the fractured medium
with discretization of the fractured medium and the influ-
ence of each fracture on the hydraulic and thermal fields.
With the continuous improvement of the fracture network,
the MFF multimedia model is trending toward perfection
in terms of modeling [30].

2.3.1. Hydraulic Field. The equation controlling the seepage
in the fracture can be expressed as follows [28]:

df Sf
∂p
∂t

+ ∇T ⋅ −df

kf
μ
∇Tp

� �
= −df

∂εv
∂t

+Qf , ð13Þ

where df is the fracture width, Sf is the water storage coeffi-
cient of the fissure, ∇T is the tangential gradient operator
along the fissure boundary direction, which is the tangential
differentiation on the boundary as a function of the x
-direction and y-direction, and kf is the fissure permeability.

2.3.2. Thermal Field. In contrast to the equivalent continu-
ous medium case, when discrete fractures are present in
the model, the discrete fractures become the main flow
channels for the fluid in the matrix. Therefore, the effect of
convective action in the matrix on the thermal field of the
model can be neglected. The heat conduction effect is con-
sidered to be present in the matrix only, and therefore, the
governing equation for the thermal field in the fracture can
be expressed as follows:

df ρCð Þeff
∂T
∂t

= ∇T ⋅ df λeff∇TT
� �

+ df ρcw
k
μ
∇p∇TT +Qw:

ð14Þ

2.3.3. Stress Field. Same as the stress governing equation for
the equivalent continuous medium, the stress field govern-
ing equation for the fracture part can be expressed as

G ui,ij + uj,ij
� �

+ λuj,ji − αTT ,i + αp,i + Fi = 0: ð15Þ

Since the study in this paper is a 2-dimensional diffusion
model, the discrete fractures are treated as a geometry model
of line. Therefore, the deformation of the fractures is
neglected. The relationship between permeability and stress
of the fractures can be established based on the borehole test
of water pressure measurement [31]:

kf = kf 0 exp −αfσn
� �

, ð16Þ

where kf 0 is the permeability of the fracture when σn = 0,
σn is the normal corresponding force of the fracture sur-
face, αf is the influence coefficient, and it determines the
fracture state.

2.4. Contaminant Migration Model. The migration mecha-
nism of contaminants in porous media consists of 3 parts:
convection, i.e., the contaminant is driven by the water
flow to migrate downstream; diffusion, where the contam-
inant diffuses from high concentration area to low concen-
tration area under the effect of a concentration gradient;
and dispersion, which is caused by the presence of a
porous media, and the porous media cause the migration
velocity of contaminants to be different in magnitude
and direction from the average flow rate. Although the
mechanisms of diffusion and mechanical dispersion are
different, they are still difficult to distinguish. And they
are generally named as hydrodynamic dispersion. The
mechanism of contaminant migration in porous media
can be expressed as follows:

∂c
∂t

= ∇ ⋅ D∇cð Þ−∇ ⋅ ucð Þ + I, ð17Þ

where c is the solute concentration, D is the hydrodynamic
dispersion coefficient, and u is the convection velocity.

3. Migration in the Multimedia under the
Coupled THM Effects

To investigate the migration of the contaminants under the
coupled THM effects as well as the influence of the fault
and fractures, 2 models are employed, i.e.,

(1) matrix-fault (MF) model

(2) MFF model
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Figure 1: THM coupling diagram.
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The MF model considers the rock matrix and the fault,
and the MFF model considers the rock matrix, the fault,
and the fractures.

The upper boundary of the model is the inflow boundary
of the wastewater. The initial temperature of the rock forma-
tion is 318K. The temperature of the inflowing contaminant
at the upper boundary is 293K. The concentration of con-
taminants is 1mol/m3. The head pressure of the upper
boundary is 9000Pa. The parameter used in the numerical
study is listed in Table 1.

To study the concentration distribution of the contami-
nant around the fault and the accumulation of the concen-
tration, 2 monitoring lines (AB and CD) are selected. The
line of AB is along the direction of the fault. The line of C
D is along the bottom of the geometry models. The coordi-
nates of endpoints A, B, C, andD are (23.66m, 30m),
(6.34m, 0m), (0m, 0m), and (30m, 0m).

3.1. MF Model. As shown in Figure 2, a geometric model
with the size 30m × 30m is established. The incline angle
of the fault is 60°, the width of the fault is 0.002m, and the
coordinate of the midpoint of the fault is (15m, 15m).

As shown in Figure 3, the pressure around the fault var-
ies obviously as the contour lines concentrate. The pressure
distribution in the model behaves nonhomogeneously due
to the fault. The difference in permeability of the fault and
the rock matrix may be the reason for this phenomenon as
it may cause the nonhomogeneity in the seepage field.

Figure 4 is the distribution of the contaminant concen-
tration after 20 years. The contaminants are mainly concen-
trated in the upper half of the model and along the fault. It
may imply that the contaminants migrate very slowly, and
the diffusion is more significant in the fault than in the
matrix.

As mentioned above, the fault may influence the flow of
the wastewater and the migration of the contaminants
greatly. The flow vector is employed to illustrate. As shown
in Figure 5, both the direction and density of the vectors
change obviously around the fault; thus, it can be another
aspect to reflect the role of the fault for the distribution of
the nonhomogeneity.

Although the fault has a dramatic effect on the flow field,
the concentration of the contaminants is monitored along
the fault direction, i.e., the line of AB. It is important to note
that the length of AB in this paper is calculated based on the
start point of A. As shown in Figure 6, the contaminants
reach saturation as the concentration is close to 1mol/m3

within the length of 3m toward the fault direction. And

Table 1: The parameters and values.

Parameters Value

Young’s modulus of the rock matrix, E (Pa) 2 × 1010

Young’s modulus of the rock grains, Es (Pa) 5 × 1010

Poisson’s ratio, ν 0.3

Coefficient of thermal expansion of rock matrix, αT (1/K) 1:2 × 10−5

Density of the rock grains, ρs (kg/m
3) 2652

Specific heat capacity of the rock matrix, cs (J/(kg·°C)) 2190

Thermal conductivity of the rock matrix, λs (W/(m·°C)) 0.56

Density of the wastewater, ρ0 (kg/m
3) 1100

Specific heat capacity of the wastewater, cw (J/(kg·°C)) 4210

Thermal conductivity of the wastewater, λw (W/(m·°C)) 0.65

Initial porosity, φ0 0.001

Initial permeability of the matrix, k0 (m
2) 2:5 × 10−15

Initial permeability of the fault, k1 (m
2) 1 × 10−13

Initial permeability of the fractures, k2 (m
2) 2:5 × 10−14

Width of the fault, d1 (m) 0.002

Aperture of the fracture, d2 (m) 0.0005

30 m

p = 9000 Pa, c = 1 mol/m3

30 m

30
 m

Geologic fault

Matrix

C (0 m, 0 m) B D

A

�e midpoint of the
fault (15 m, 15 m) 

60°

Figure 2: Geometry of the MF model.
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the diffusion of the contaminants becomes remarkable from
about 3m to 15m along the fault. Thus, a rapid diffusion
zone can be found. From 15m to the bottom of the model
(point B), the concentration decreases rapidly. Therefore,
the migration of the contaminants can be divided into 3
zones along the direction of the fault, i.e., the saturation
zone, the rapid diffusion zone, and the concentration
decrease zone.

It can be also observed that the concentration increases
with time. The concentration of the point of B reaches 0:23
× 10−3mol/m3, 1:31 × 10−3mol/m3, 1:3 × 10−3mol/m3,
0.012mol/m3, 0.074mol/m3, and 0.138mol/m3 at the time
of 5 years, 10 years, 15 years, 20 years, 25 years, and 30 years,
respectively.

Figure 7 is the plot of the concentration along the line of
CD, i.e., the bottom of the model. Similarly, the concentra-
tion increases with time, and it becomes the maximum after
30 years. Meanwhile, it can be found that this is a peak in
each line of the plot. And the peak occurs at the point of
the projection of the endpoint of the fault. The reason may
be as follows. The fault has a significant effect on the migra-
tion of the contaminants as its permeability is much higher
than that of the rock matrix. The projection of the endpoint
of the fault is the point which is the nearest to the fault;
therefore, the peak value of the concentration occurs around
such a point.

3.2. MFF Model. In this section, the MFF model (Figure 8)
with the consideration of the rock matrix, the fault, and
the fractures is employed to study the effect of the fractures.
50 fractures are generated randomly by using MATLAB cod-
ing [32]. The length of the fractures varies from 0.8m to 4m.
The direction of the fractures varies from 0° to 360°. The
aperture of each fracture is 0.0005m.

Compared with Figure 3, there are more drastic pressure
changes in the model (Figure 9). The nonhomogeneity of the
pressure distribution of the MFF model is more obvious
than that of the MF model. The pressure contours change
around the natural fractures. However, the main pattern of
the pressure distribution of the MFF model is similar to that
of the MF model. It can be also found that the distribution of
the concentration of the MFF model (Figure 10) is similar to
that of the MF model. The phenomena mentioned above
may indicate that the fault has a dominant role in the con-
centration distribution and contaminant migration.

Based on Figure 11, it can be found that there are also 3
typical zones of the contaminant concentration, the satura-
tion zone, the rapid diffusion zone, and the concentration
decrease zone. And the geometry scale of the 3 zones is also
similar to that of the MF model. The concentration of the
point B reaches 1:15 × 10−3mol/m3, 1:47 × 10−3mol/m3,
1:79 × 10−3mol/m3, 0.016mol/m3, 0.086mol/m3, and

Figure 5: The flow vector of the wastewater of the MF model.
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Figure 3: The pressure distribution contour of the MF model.
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Figure 4: The concentration distribution contour of the MF model.
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0.157mol/m3at the time of 5 years, 10 years, 15 years, 20
years, 25 years, and 30 years, respectively.

Figure 12 is the plot of the concentration distribution
along the bottom of the MFF model (the line of CD); there
is also a peak for each line of the plot. Each peak value of
MFF is higher than the corresponding one of the MF model.
And the position where the peak occurs is almost the same
as that of the MFF model. Therefore, the concentration dis-

tribution of the 2 models is similar, and the magnitude of the
MFF model is higher than that of the MF model.

4. Effect of the Fault Parameters on
Contaminant Migration

As discussed in Section 3, the fault has a dominant role in
contaminant migration. The parametric study of the fault
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Figure 6: The contaminant concentration along the line of AB in the MF model.
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is carried out in this section. The length, width, dip, perme-
ability, and width of the fault are selected as the parameters.
In addition, the effect of the initial temperature of industrial
wastewater is also studied.

4.1. Length of the Fault. Based on the results of Section 3.1,
the length of the fault may dominate the distribution of con-
taminants; it is thus a crucial factor affecting the migration
of contaminants. In this section, 3 models with different
fault lengths (Table 2) are employed to explore the effect of
fault length on the migration of contaminants.

Figure 13 shows the accumulation of contaminants
along the line of CD under the different fault lengths. The
accumulation of contaminants at the line of CD increases
gradually with time. After 30 years, the accumulation of con-
taminants at the CD reaches 3:68 × 10−4mol (Model L1),

0.064mol (Model L2), and 1.58mol (Model L3), respec-
tively. The length of the fault has an obvious effect on the
accumulation of contaminants. A longer fault will result in
more accumulation of contaminants.

4.2. Width of the Fault. The width of a fault may not have a
remarkable effect on the migration pattern of the contami-
nants while it is associated with permeability. It may also
have an important effect on contaminant accumulation. In
this section, 3 models with the different fault widths
(Table 3) are established to study the influence of fault width
on contaminant accumulation.

The accumulation of the contaminants along the line of
CD under the different fault widths is plotted in Figure 14.
After 30 years, the accumulation of contaminants at the line
of CD reaches 0.69mol (Model W1), 1.58mol (Model W2),
and 1.83mol (Model W3), respectively. A larger fault width
may lead to a larger accumulation. This indicates that the
width of the fault can increase the local permeability of the
model and enhance the diffusion of contaminants.

4.3. Fault Dip Angle. In the process of contaminant migra-
tion, the dip angle of the fault may determine the length of
the fault; therefore, the migration distance of the contami-
nants as well as the distribution of the contaminants could
be affected by such dip angle. Three models (Table 4) with
different dip angles of the fault are considered for the accu-
mulation of contaminants.

Figure 15 is the plot of the accumulation of contami-
nants along the line of CD under the different fault dip
angles. After 30 years, the accumulation of contaminants
along the line of CD reaches 0.67mol (Model D1),
1.25mol (Model D2), and 1.58mol (Model D3), respectively.
The 60° of dip angle of the fault may induce the maximum
accumulation of contaminants.
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Figure 10: The concentration distribution contour of the MFF
model.
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Figure 8: Geometry of the MFF model.
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4.4. Fault Permeability. The permeability coefficient is an
index of the permeability of rock formations and has a crit-
ical influence on the migration of contaminants. In this sec-

tion, the initial permeability k of the fault is set as 1 × 10−13
m2. Three models (Table 5) with different permeability of
the fault are employed to investigate the influence of fault
permeability on the accumulation of contaminants.

Figure 16 shows the accumulation of contaminants
along the line of CD with time under the different perme-
ability. After 30 years, the accumulation of contaminants at
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Figure 11: The contaminant concentration along the line of AB in the MFF model.
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Table 2: The fault length in the different models.

Model no. Model L1 Model L2 Model L3

Fault length (m) 10 20 30
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CD reaches 0.67mol (Model P1), 1.58mol (Model P2), and
1.84mol (Model P3), respectively. A larger permeability
results in a larger accumulation of contaminants.

4.5. Inflow Temperature of Industrial Wastewater. When
wastewater flows into a rock formation, the inflow tempera-
ture will impact the thermal field of the rock formation, and
the intereffect of the THM coupling will thus influence the
migration of the wastewater. In this section, the inflow tem-
perature of wastewater (Table 6) is selected as a parameter to
study the contaminant accumulation.

The accumulation of contaminants along the line of CD
under different inflow temperatures is plotted in Figure 17.
The accumulation of contaminants at the CD increases grad-
ually with time. After 30 years, the accumulation of contam-
inants along the line of CD reaches 1.58mol (Model T1),
1.69mol (Model T2), and 1.76mol (Model T3), respectively.
The temperature of the inflow water has a positive relation-
ship with contaminant accumulation, while it does not affect
as much as the fault parameters.

4.6. Discussion. From Figures 13–17, it can be inferred that
the fault length has the most remarkable effect on the con-
taminant accumulation, while the temperature of the waste-
water has the minimum effect on the contaminant
accumulation.

Meanwhile, the accumulation of contaminants is divided
into 2 stages, slow growth stage and rapid growth stage. And
for all the models, the slow growth stage is before 20 years,
and the rapid growth stage begins after 20 years. The reason
for the 2 stages may be that the main channel of contami-
nant migration in the slow growth stage is the fault; thus,
the concentration accumulation increases slowly. During
the rapid growth stage, the long-time scale seepage results
in the entire penetration of the contaminants through the
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Figure 15: The contaminant accumulation along the line of CD
under different fault dip angles.
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Figure 13: The contaminant accumulation along the line of CD
under different fault lengths.

Table 3: The fault width in the different models.

Model no. Model W1 Model W2 Model W3

Fault width (m) 0.001 0.002 0.003
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Figure 14: The contaminant accumulation along the line of CD
under the different fault widths.

Table 4: The fault dip angle in different models.

Model no. Model D1 Model D2 Model D3

Fault dip angle (°) 30 45 60
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rock matrix as well as the fault; therefore, the concentration
accumulation increases rapidly.

5. Conclusions

Based on the governing equations of the THM coupled the-
ory, multimedia of MF and MFF is presented. The migration
of the contaminants is analyzed. The parametric study of the
fault geometry and the temperature of the wastewater is car-
ried out. The conclusion can be summarized as follows:

(1) The pressure distribution is strongly nonhomoge-
neous around the fault. The fracture quantitively
affects the concentration distribution, while the fault
dominates the concentration distribution and con-
taminant migration

(2) The migration of the contaminants can be geometri-
cally divided into 3 zones along the direction of the
fault, the saturation zone, the rapid diffusion zone,
and the concentration decrease zone

(3) There is a peak of the concentration along the bot-
tom of the model. Such peak a occurs at the point
of the projection of the endpoint of the fault because
this position is the nearest to the fault

(4) The accumulation of contaminants is positively cor-
related with the fault length, width, dip angle, per-
meability, and temperature of wastewater. The fault
length has the most significant effect on contaminant
accumulation. The temperature of the wastewater
has the minimum effect on the contaminant
accumulation

(5) The accumulation of concentrations can be divided
into 2 stages, the slow growth stage (before 20 years)
and the rapid growth stage (after 20 years). The main
channel of contaminant migration in the slow
growth stage is a fault. During the rapid growth
stage, the contaminants penetrate through the rock
matrix as well as the fault

Symbols

ηw: The fluid compression coefficient
βw: The thermal expansion coefficient of the fluid
ρ: The fluid reference density (kg/m3)
ρ0: The density of wastewater (kg/m3)
ρs: The density of the rock mass (kg/m3)
p: The pore pressure (MPa)
p0: The initial pore pressure (MPa)
T : The fluid temperature (°C)
T0: The initial temperature (°C)
φ: The porosity
φ0: The initial porosity
k: The permeability of the matrix (m2)
k0: The initial permeability of matrix (m2)
k1: The initial permeability of fault (m2)
k2: The initial permeability of fracture (m2)

Table 5: Permeability in different models.

Model no. Model P1 Model P2 Model P3

Fault permeability (m2) 0.5 k 1.0 k 1.5 k
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Figure 16: The contaminant accumulation along the line of CD
under different permeability.

Table 6: The temperature of the inflow wastewater.

Model no. Model T1 Model T2 Model T3

Inflow temperature (°C) 20 30 40

Time (year)
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Figure 17: The contaminant accumulation along the line of CD
under different inflow temperatures.
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g: The acceleration of gravity (m/s2)
Qm: The source term
αT : The coefficient of thermal expansion of the rock matrix
λs: The thermal conductivity of the rock matrix

(W/(m·°C))
λw: The thermal conductivity of wastewater (W/(m·°C))
cw: The specific heat capacity of wastewater (J/(kg·°C))
cs: The specific heat capacity of the rock matrix (J/(kg·°C))
K : The bulk deformation modulus of the rock matrix (Pa)
Ks: The bulk deformation modulus of the rock grains (Pa)
E: Young’s modulus of the rock matrix (Pa)
Es: Young’s modulus of the rock grains (Pa)
υ: Poisson’s ratio of the rock matrix
εv: The volume strain of the rock matrix
d1: The width of fault (m)
d2: The aperture of fracture (m).
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The appearance of porous asphalt (PA) pavement is to solve the problem of road ponding in rainy days. The internal air voids in
PA pavement are the main functional structure that determines its drainage performance. It is of great practical significance to
find out the relationship between void drainage capacity and air voids. This paper is aimed at researching the relationship
between three-dimensional (3D) pore structures and drainage performance of PA concrete. Four samples were formed and
scanned by CT equipment to obtain the internal cross-sectional CT images. Image dodging algorithm and OTSU method were
conducted to deal with these CT images for segmenting them into three subimages (void image, asphalt mortar image, and
aggregate image) according to the three components of PA concrete. The voids on void images were identified and classified
into three groups according to the three kind of pores (interconnected pore, semi-interconnected pore, and closed pore) and
reshaped them into 3D pore structures according to the overlapping principle. Then, the volume and size distribution of the
pores was analyzed. Besides, this research mainly focused on the influence of several parameters obtained from interconnected pores
on the drainage performance of PA concrete at last. The permeability coefficient of PA concrete samples was tested, and equations
between permeability coefficient and void content were fitted linearly. The distribution of hydraulic radius and cross-sectional area
ratio was calculated and researched by statistical methods. A new parameter, perimeter variation coefficient, is proposed to study
the influence of boundary wall roughness on the drainage performance. At last, equivalent drainage channel was drawn to reflect
the drainage capacity of PA concrete.

1. Introduction

In the engineering field, water stability and drainage problems
have always been perplexing engineers and scholars [1–4].
Porous asphalt (PA) pavement is known as a kind of environ-
mental friendly pavement due to its drainage, noise reduction,
and antiskid properties [5–7]. PA pavement was originally
designed for rapidly draining the rainwater to improve driving
safety on rainy days. The drainage performance is closely
linked with its interconnected pore structures [8, 9]. However,
pore structures usually exist in PA concrete in extremely com-
plex geometry, which poses a great challenge to study the rela-
tionship between drainage performance and characteristic
parameters of pore structures.

Void parameters (such as void content and size) are
commonly used indicators instead of characteristic parame-
ters of pore structures for researching its influence on drain-
age performance or other properties by most researchers
[10–14]. Void parameters are usually obtained from two-
dimensional cross-sectional images by using computed
tomography (CT) technology combined with image process-
ing technology. Although it is relatively easy to obtain void
parameters, more efforts are needed to develop and propose
pore characteristic parameters of pore structures, so as to
study its influence on drainage performance more accu-
rately. Three-dimensional (3D) reconstruction of pore
structures is an important step to research its influence on
drainage performance or other properties. Due to the

Hindawi
Geofluids
Volume 2021, Article ID 9432323, 13 pages
https://doi.org/10.1155/2021/9432323

https://orcid.org/0000-0001-6258-3609
https://orcid.org/0000-0002-0621-3416
https://orcid.org/0000-0001-7184-5404
https://orcid.org/0000-0002-8067-080X
https://orcid.org/0000-0002-7547-5583
https://creativecommons.org/licenses/by/4.0/
https://doi.org/10.1155/2021/9432323


complexity of pore geometry, there is still a lack of effective
methods to reconstruct the 3D geometry and obtain charac-
teristic parameters of pore structures at present, and only a
few researchers have done some work in this field [15–17].
Gruber et al. [15] reconstructed the 3D model of pores and
simulated the fluid flow in PA concrete sample by Avizo
and ANSYS 12.0. Zhao et al. [16] proposed a method to
separate the valid and invalid interconnected pores in PA
concrete. Besides, in terms of drainage performance, most
researches generally regarded PA concrete as permeable
medium to study its macro drainage performance, but not
to study the impact of its structure properties on drainage
performance from the micro structure perspective [18–20].
Garcia et al. [18] analyzed the permeability reduction in
drainage asphalt mixtures through a self-developed device
and using the coefficient of permeability as the indicator to
reflect the drainage performance of drainage asphalt mix-
tures. Aboufoul et al. [19] investigated the effects of air void
topology on hydraulic conductivity in asphalt mixtures by
using 3D printing technology, and permeability coefficient
was also used for predicting the hydraulic conductivity.

In this paper, the authors tried to find the key parameters
affecting hydraulic characteristics based on image processing
technology, which paves the way for further revealing the
drainage characteristics of PA concrete. First, 3D pore struc-
tures were successfully reconstructed by overlapping principle.
Second, the volume and size distribution of pores was analyzed.
Third, the permeability coefficient of PA concrete samples was
tested and equations between permeability coefficient and void
content were fitted linearly. At last, several key hydraulic
parameters affecting hydraulic characteristics were studied.

2. Materials and Mix Design

Four PA concrete (PAC-13) specimens were taken as the
research object in this paper whose target void content was

set to be 16%, 18%, 20%, and 22%, respectively. Due to mold
size, the specimens were formed with the same size of 300
mm × 300mm × 40mm, in which the coarse aggregate was
basalt, the fine aggregate was basalt machine-made sand,
and appropriate amount of limestone powder was used as
mineral powder filler. In addition, SBS-modified asphalt
mixed high-viscosity additives (HVA) were used as binder
to increase the adhesion between asphalt mortar and aggre-
gates. The aggregate gradation is shown in Figure 1.

3. CT Image Processing

CT scanning technology was used to scan the specimens to
observe the internal structure, mainly observing the pore
structures in PA concrete. Due to the allowed sample size of
CT equipment, the four specimens were, respectively, cut into
nine pieces with the same size of 100mm× 100mm× 40mm,
and the central piece was taken as target sample I~IV to be
scanned. Besides, the samples were scanned along the thick-
ness direction with an interval of 0.14mm. In the process,
275, 272, 270, and 273 CT images were generated from the
sample I~IV, respectively.

Image processing is an important step to obtain and
evaluate the characteristic of pore structures. A reliable
image segmentation algorithm is indispensable and essential
to segment these CT images. Image processing generally
involves four steps: image graying (RGB to gray), median
filtering, contrast enhancement, and image segmentation
[6, 16]. Image segmentation is the most important step in
the whole process; the segmentation algorithm directly
determines the accuracy of subimages after segmentation.
As we know, the OTSU algorithm [21] is a commonly used
method to segment gray images due to its advantages such as
simplicity, efficiency, and accuracy. The OTSU algorithm
describes a method to separate target object and background
in a digital image by finding out the key thresholds for
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classifying all the pixels into different groups. In this paper,
the OTSU algorithm was also used in image segmentation.
All the CT images were separated into three subimages by
the OTSU algorithm according to the three components
(void, asphalt mortar, and aggregate) of PA concrete, as
shown in Figure 2. However, the quality of subimages was
always disappointing while CT images without further
improved process. For example, Figures 2(a1), 2(a2), and
2(a3) are subimages of CT image Figure 2(a), whose white
areas stand for void, asphalt mortar, and aggregate, respec-
tively. It is obvious in the figures that a part of aggregate
was missing and wrongly classified as asphalt mortar or
void. In most cases, CT images need to be preprocessed by
specific methods before segmentation to eliminate some spe-
cific defects that affect the accuracy of segmentation. In this
research, a universal phenomenon was found in most CT
images that the aggregate in the center shows brighter (with
larger intensity) while the aggregate at four corners shows
darker (with smaller intensity), as shown in Figure 2(a). So
it can be inferred that the uneven illumination may be the
main defect that affects the accuracy of segmentation which
needs to be preprocessed. Subsequently, a series of image
dodging algorithms were conducted to unify the illuminance
component of CT images before segmentation.

To meet different image processing demands in different
fields, a variety of image dodging algorithms have been
developed by researchers, such as MASK dodging [22],
homomorphic filter dodging [23], Retinex dodging [24],
and 2D gamma dodging [25]. In this paper, they were all
conducted on the CT images to unify the illuminance
component and then separated into three subimages, respec-
tively, as shown in Figure 2. It is easy to find that CT image
preprocessed by 2D gamma dodging shows the best segmen-
tation effect: less aggregate missing and asphalt mortar and

void being closest to actual situation. It should be noted,
however, that this research mainly focused on the pore
structures in PA concrete. A novel method to identify and
reconstruct pore structures was introduced in Section 4,
and the proportion of pore structures that connected with
the outside space was calculated by MATLAB. The results
are shown in Table 1.

Furthermore, the four samples were placed into a mea-
suring cup with proper amount of distilled water to measure
the proportion of pore structures that connected with the
outside space according to Equation (1). The measuring
cup is shown in Figure 3, and measuring results are listed
in Table 1. In addition, the errors between measured values

= +

(a) (a1) (a2) (a3)

+

(a)

= + +

(b) (b1) (b2) (b3)

(b)

= + +

(c) (c1) (c2) (c3)

(c)

= + +

(d) (d1) (d2) (d3)

(d)

= + +

(e) (e1) (e2) (e3)

= + +

(e)

Figure 2: CT image segmentation: (a) without dodging; (b) MASK dodging; (c) Retinex dodging; (d) homomorphic filter dodging; (e) 2D
gamma dodging; (∗1) void; (∗2) asphalt mortar; (∗3) aggregate. The range of “∗” is (a)–(e).

Table 1: Proportion of pore structures that connected with the
outside space (%).

Sample I II III IV

Without dodging
Vc 13.10 14.88 21.67 25.12

E 34.89 7.15 7.30 3.26

2D gamma
Vc 12.93 14.42 21.03 24.47

E 33.18 3.85 4.12 5.77

MASK
Vc 13.05 15.11 22.27 25.89

E 34.44 8.80 10.23 0.27

Retinex
Vc 18.25 21.53 29.13 30.21

E 87.99 55.04 44.21 16.33

Homomorphic
Vc 13.28 15.08 21.91 25.35

E 36.82 8.60 8.47 2.37

Vp 9.71 13.89 20.20 25.97
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and calculated values were obtained by Equation (2) and also
listed in Table 1.

Vp =
Va −VWð Þ

Vs
, ð1Þ

E =
∣ Vp −Vc

� �
∣

Vp
, ð2Þ

where Vp is the measured proportion of pore structures that
connected with the outside space, Va is the volume of dis-
tilled water, Vw is the volume of distilled water with sample,
Vs is the volume of sample, Vc is the calculated proportion
of pore structures that connected with the outside space,
and E is the error between Vp and Vc.

From Table 1, it can be concluded that image dodging
could improve the visual and sensory effects, but limited
help for image segmentation. Compared with the measured
values and errors, values calculated from the CT images that
are preprocessed by 2D gamma image dodging are more
accurate and reliable than the others. Values calculated from
images preprocessed by Retinex image dodging show the
maximum error. Considering the image segmentation effect
and calculation accuracy, 2D gamma dodging algorithm was
chosen to unify illumination of CT images for further
research, eventually.

4. Identification and Reconstruction of
Pore Structures

4.1. Identification of Pore Structures. As mentioned above, a
series of CT images was obtained and separated into three
subimages, including void image, asphalt mortar image,
and aggregate image. Pore structures in PA concrete could
be reconstructed through an appropriate algorithm by using
air voids in void images. Actually, such an algorithm is avail-
able: overlapping principle. It is easy to imagine that air

voids in two adjacent void images that share a common
overlapping area, from the top view, must belong to the
same pore structure if the interval of the two void images
is close enough along the thickness direction. According to
the overlapping principle, all the air voids in different CT
images can be identified and classified into independent
groups that belong to different pore structures. Thus, all
the air void groups can be reshaped into pore structures by
MATLAB, respectively.

4.2. Reconstruction of Pore Structures. Pore structures in PA
concrete mainly can be classified into three types: intercon-
nected pore (IP), semi-interconnected pore (SP), and closed
pore (CP). Interconnected pore refers to the pore with two
open ends that connected with the outside space at the top
and bottom of samples. Semi-interconnected pore refers to
the pore with an open end and a dead end. Closed pore
refers to the pore with two dead ends that isolated from
the outside space. According to the overlapping principle, a
MATLAB program was properly edited and executed to
reconstruct all the pore structures. Figure 4 shows all the
interconnected pore structures in the four samples. It can
be seen that samples I~IV contain 3, 3, 1, and 1 intercon-
nected pore, respectively. Pore structures in image (a)~(c)
were reconstructed from sample I, images (d)~(f) were
reconstructed from sample II, images (g) and (h) were
reconstructed from samples III and IV, respectively. How-
ever, it is discouraged that all the pores have a complex
and disorderly structure which turned out to be a challenge
for further research. Besides, the samples also contain thou-
sands of closed pores and dozens of semi-interconnected
pores, which are not listed in Figure 4 due to the space lim-
itation of the paper. In addition, it also can be inferred that
the sample formed by the aggregate gradation with smaller
target void content is more likely to form multiple indepen-
dent interconnected pores, while the sample formed by the
aggregate gradation with larger target void content is more
likely to form single overall interconnected pore.

(a) (b)

Figure 3: Measuring device.
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5. Distribution of Pore Structures

5.1. Volume Distribution. There are generally thousands of
pore structures in PA concrete, most of which are micro
closed pores. The number and volume of pore structures in
the four samples were calculated and listed in Table 2 after
3D reconstruction process. It can be seen that the number

of closed pores with volume less than 1mm3 accounts for
more than 70% of the total number; however, their cumula-
tive volume accounts for a very small proportion of the total
volume of all the pores in the samples, which is less than
0.5%. In specimens I-V, the cumulative volume of all closed
pores accounts for 8.53%, 7.62%, 1.97%, and 0.28% of the
total pore volume, respectively. And the cumulative volume
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Figure 4: Interconnected pore structures.
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of all semi-interconnected pores accounts for 3.64%, 1.57%,
0.13%, and 0.05% of the total pore volume, respectively.
The volume of interconnected pore is the absolutely domi-
nant part of the total pore volume in samples I~IV, account-
ing for 87.83%, 90.81%, 97.90%, and 99.67%, respectively. It
should be noted that each sample contains only one inter-
connected pore in the table. Actually, PA concrete with
lower void content may contain several independent inter-
connected pores. It was found that the surface texture of
samples has an important influence on 3D reconstruction
process. The surface texture is an open boundary with a
certain depth. All the independent interconnected pores will
intersect with the surface texture at the top or bottom to
form a whole. Therefore, the CT image within the texture
depth must be deducted in the 3D reconstruction process
to achieve the purpose of separating independent intercon-
nected pores. For instance, three independent intercon-
nected pores are separated from samples I and II when
deducting CT images covering the texture depth in the 3D
reconstruction process.

5.2. Size Distribution. As we know, the size of pore structures
is definitely a significant factor that directly determines the
drainage performance of PA concrete. However, due to the
complex geometry of pore structures, it is difficult to find a
reasonable parameter to characterize its size. In this
research, equivalent diameter of voids on each CT images
was calculated to reflect the size of pore structures from
the perspective of statistics, as shown in Figure 5. Equivalent
diameter refers to the diameter of a circle whose area equal
to the void. It can be seen that the void size is mainly distrib-
uted below 2.61mm, most of which belongs to intercon-
nected pores. The size of voids belonging to closed pores
and semi-interconnected pores is mainly distributed below
5.21mm. In terms of interconnected pores, void size is

mainly below 5.21, but the distribution range is relatively
wide, and the maximum value is greater than 20.86mm.
With the increase of void content, the proportion of void
with large size gradually increases.

6. Hydraulic Characteristics

PA pavement is aimed at quickly removing the rain water,
increasing the skid resistance of pavement to improve the
driving safety when it was born in the world. Pore structures
act as a drainage pipe to drain rain water from pavement
surface. The drainage performance of PA pavement depends
on the size and geometry of pores. Due to the complex
geometry of pores, it is hard to find a representative param-
eter to evaluate its drainage performance. Some researchers
[18, 19] considered PA concrete sample as a whole to test
its permeability coefficient for evaluating its drainage perfor-
mance according to Darcy’s law [26] (Equation (3)) which
was first proposed and used to test the permeability of soils.
Although permeability coefficient may be a good choice for
evaluating drainage performance in a sense, it is still a chal-
lenge to reveal the internal relationship between drainage
performance and geometry of pores.

Q = kA
ΔH
L

, ð3Þ

where Q is the seepage water volume per unit time, cm3/s; k
is the permeability coefficient, cm/s; A is the top surface area
of sample to be tested, cm2; ΔH is the water head difference
between top and bottom of sample to be tested, cm; and L is
the thickness of sample to be tested, cm.

6.1. Permeability Coefficient. According to Darcy’s law, per-
meability coefficient of samples I-IV was tested by constant

Table 2: Number and volume distribution of pore structures.

Volume range
(mm3)

I II III IV
Num. Vol. Num. Vol. Num. Vol. Num. Vol.

0~1
IP 0 0.00 0 0.00 0 0.00 0 0.00

SP 31 9.94 29 9.51 38 7.96 38 8.56

CP 945 158.94 1101 193.64 1378 120.29 378 38.53

1~10
IP 0 0.00 0 0.00 0 0.00 0 0.00

SP 19 76.93 21 64.22 5 19.03 6 11.13

CP 212 675.86 263 838.51 111 358.68 42 136.78

10~100
IP 0 0.00 0 0.00 0 0.00 0 0.00

SP 6 179.23 8 377.49 3 70.19 2 21.75

CP 68 2060.12 68 2182.76 28 574.10 5 69.49

100~500
IP 0 0.00 0 0.00 0 0.00 0 0.00

SP 5 927.52 2 374.09 0 0.00 0 0.00

CP 7 1141.29 5 782.71 3 401.34 0 0.00

>500
IP 1 41566.90 1 47654.50 1 72185.50 1 87136.70

SP 1 530.80 0 0.00 0 0.00 0 0.00

CP 0 0.00 0 0.00 0 0.00 0 0.00

Total 1295 47327.53 1498 52477.43 1567 73737.09 472 87422.94
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water head method [26] in this research and the results are
shown in Figure 6. Figure 6(a) shows the relationship
between permeability coefficient and void content which
was calculated from CT images. It can be seen that there is
a highly linear positive correlation between permeability
coefficient and void content. The correlation coefficient
reaches 0.998. Figure 6(b) shows the relationship between per-
meability coefficient and measured void content Vp. It should
be noticed that measured void content only involves the pro-
portion of pore structures that connected with the outside
space. Likewise, it can be found that the permeability coeffi-
cient also shows a high linear correlation with the measured
void content, and the correlation coefficient reaches 0.987.

6.2. Hydraulic Parameters. In Equation (3), ΔH refers to the
mean value of water head loss, and L refers to the sample
thickness rather than the seepage path. Actually, the flow pat-

tern of water in the pore structures is extremely complex; due
to the complex geometry of pores, it is hard to find an effective
method for revealing the relationship between water head loss
and flow pattern of water. This research mainly focused on
some key parameters and analyzed their variation law, which
lays a foundation for further study of hydraulic characteristics.

As a kind of Newtonian fluid, flow resistance will be pro-
duced in the process of water flow due to its viscosity. To
overcome the resistance, a part of mechanical energy will
be consumed, resulting in head loss. There are two main rea-
sons for the water head loss. One is the influence of viscosity.
The interaction between water and solid wall boundary
causes uneven velocity distribution on the cross section,
which leads to friction resistance in the water flow. The
liquid needs to consume a part of energy to overcome the
friction resistance. The other is the influence of solid wall
boundary. The sharp change of boundary shape will change
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the internal structure of water flow and produce vortex flow.
The particles in the flow will collide with each other to con-
vert kinetic energy and potential energy. In this process, a
part of mechanical energy is converted into heat energy,
resulting in energy loss. Besides, the head loss is also related
to the microscopic motion of the liquid. Due to the micro-
scopic motion, flow patterns of water can be divided into

two types: laminar flow and turbulent flow. Osborne
Reynolds [27, 28] has revealed the different nature of the
two flow patterns through experiments in the 1880s and
studied the relationship between head loss and pipe diame-
ter, wall roughness, and velocity. According to the different
reasons causing the water head loss, it can be generally
divided into two parts, namely, the water head loss along
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flow path and the local water head loss. The general calcula-
tion equations are as follows [27]:

hf = λ
l
4R

v2

2g ,
ð4Þ

λ = f Re,
Δ

R

� �
, ð5Þ

hj = ζ
v2

2g , ð6Þ

ζ = f
A1
A2

� �
, ð7Þ

where hf is the water head loss along flow path, λ is the
resistance coefficient along flow path, l is the flow path, R
is the hydraulic radius, Δ is the boundary wall roughness,
Re is the Reynolds number, v is the flow velocity, g is the
acceleration of gravity, hj is the local water head loss, ζ is
the local resistance coefficient, and A1/A2 is the cross-
sectional area ratio at cross section change.

In Equations (4)–(7), there are many unknown parame-
ters that need to be determined. Only R and A1/A2 can be
directly calculated from the CT images while the others are
hard to obtain. Figure 7 shows the distribution of R and A1
/A2 of interconnected pores in samples I~IV. Hydraulic
radius is an important parameter that can comprehensively
reflect the influence of cross-sectional shape and size on
average velocity. A1/A2 can reflect the size change on each
cross section of pores. It can be concluded from
Figure 7(a) that hydraulic radius is mainly distributed in

the range of [0.18, 0.88) mm, accounting for 83.54%,
85.90%, 77.54%, and 69.94% of the total number, respec-
tively, in samples I~V, and the curves gradually flatten with
the increase of specimen number, indicating that with the
increase of void content, the number of larger voids
increases gradually, and the drainage capacity increases in
a sense. Besides, it can be seen from Figure 7(b) that the area
ratio of adjacent cross sections of interconnected pores is
mainly below 0.1, accounting for 99.43%, 99.71%, 99.38%,
and 99.24% of the total number, respectively, in samples
I~IV, indicating that the geometry of pore structures in PA
concrete is extremely complex, which poses a very difficult
challenge to the study of its drainage performance or other
performances. Meanwhile, it can be found that almost all
the values of A1/A2 are less than 1, indicating that the size
of voids near the top is larger than that near the bottom.

In Equation (5), λ is the function of Re, R, and Δ. Δ,
called boundary wall roughness, refers to the average value
of bulge height of boundary wall, which is an important fac-
tor that cannot be ignored. For pipe with regular shape, the
roughness can be easily obtained, but for the pore structure
in porous asphalt concrete, it is almost impossible to define
and obtain the boundary wall roughness due to its complex
shape. In this research, another similar parameter, called
perimeter variation coefficient, was defined to reflect the
boundary wall roughness. The perimeter variation coeffi-
cient is defined as follows:

CR =
Po − Pc

Pc
, ð8Þ

where CR is the perimeter variation coefficient, Po is the
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perimeter of void, and Pc is the perimeter of a circle equal to
the area of the void.

Figure 8 shows the distribution of perimeter variation
coefficient in samples I~IV.

It can be seen that the values less than 1.06 account for
93.98%, 92.5%, 88.00%, and 85.01%, respectively, in samples
I~V; likewise, the values larger than 1.06 account for 6.07%,
7.50%, 12.00%, and 14.99%, respectively. It can be concluded
that the perimeter variation coefficient of samples with more
void content is generally larger than that with less void con-
tent. The larger perimeter variation coefficient means that
the perimeter contacting with the water flow becomes larger,
which produces greater resistance to the water flow and is
not conducive to the pavement drainage.

It is easy to imagine that larger area for water passing on
a cross section will show greater drainage capacity. Consid-
ering the interconnected pores as a whole pipe with only
one water passing channel, take the centroid of all the voids
on each CT images as the center of the pipe, and take the
accumulated area value of each void on an image as the area
of the channel; then, draw a circle on each cross section,
respectively, as shown in Figure 9. It can be seen that the size
of the channel near the top is larger than that near the mid-
dle and lower part. The size of channels with larger sample
number is generally larger than that with smaller sample
number, indicating that sample with larger void content
tends to show better drainage performance.

7. Further Research

Although the 3D geometry of pore structures in PA concrete
has been successfully reconstructed, it still remains a chal-

lenge to propose several key parameters for describing the
geometry characteristics. Besides, there is no doubt that the
drainage performance of pavement is related to the shape,
size, roughness, and other related parameters of intercon-
nected pores, but there is still a lack of effective way to obtain
these parameters to evaluate its drainage performance,
which needs further research.

8. Conclusions

This paper is aimed at researching the relationship between
3D pore structures and drainage performance of PA concrete.
Four samples were formed and scanned by CT equipment to
obtain the internal cross-sectional CT images. Image process-
ing technology and OTSU method were conducted to deal
with these CT images for segmenting them into three subi-
mages (void image, asphalt mortar image, and aggregate
image) according to the three components of PA concrete.
The voids on void images were identified and classified into
three groups according to the three kind of pores (intercon-
nected pore, semi-interconnected pore, and closed pore) and
reshaped them into 3D pore structures. Then, the volume
and size distribution of the pores was analyzed. Besides, this
researchmainly focused on the influence of several parameters
obtained from interconnected pores on the drainage perfor-
mance of PA concrete at last. The conclusions are as follows:

(1) Image dodging plays an important role in CT image
segmentation process. 2D gamma dodging shows an
excellent performance in unifying the illumination
component of CT images to improve the image
segmentation effect
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(2) Pore structures in PA concrete can be classified into
three types according to the interconnectivity,
including interconnected pore, semi-interconnected
pore, and closed pore. Pore structures in the PA con-
crete can be reconstructed according to the overlap-
ping principle

(3) PA concrete generally contains a lot of pores, most of
which are closed pores, but their cumulative volume
only accounts for about 0.5% of the total pore vol-
ume. The other small parts are semi-interconnected
pores and interconnected pores; however, their
cumulative volume accounts for more than 99% of
the total pore volume

(4) The void size is mainly distributed below 2.61mm,
most of which belongs to interconnected pores. The
size of voids belonging to closed pores and semi-
interconnected pores is mainly distributed below
5.21mm. With the increase of void content, the pro-
portion of void with large size gradually increases

(5) There is a highly linear positive correlation between
permeability coefficient and void content. The corre-
lation coefficient reaches 0.998. The permeability
coefficient also shows a high linear correlation with
the measured void content, and the correlation coef-
ficient reaches 0.987

(6) Hydraulic radius is mainly distributed below
0.88mm. With the increase of void content, the
number of larger voids increases gradually, indicat-
ing that the drainage capacity increases in a sense.
The geometry of pore structures in PA concrete is
extremely complex. Meanwhile, almost all the values
of A1/A2 are less than 1, indicating that the size of
voids near the top is larger than that near the bottom

(7) The perimeter variation coefficient of samples with
more void content is generally larger than that with
less void content. The larger perimeter variation
coefficient means that the perimeter contacting with
the water flow becomes larger, which produces
greater resistance to the water flow and is not condu-
cive to the pavement drainage. PA concrete with
larger void content is more likely containing larger
water passing channel, which tends to show a better
drainage performance
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In the engineering of underground construction, the discontinuous structures in rock mass have important influences on the
mechanical behaviors of the subsurface of rock mass. The acquisition of mechanical parameters is the basis of rock mass
engineering design, construction, safety, and stability evaluation. However, the mechanical parameters and failure
characteristics of the same rock mass under different mechanical conditions cannot be obtained due to the limitations of
specimen preparation techniques. In recent years, with the continuous development of 3D printing (3DP) technology, it has
been successfully applied to the repetitive preparation of rock mass samples. The combinations of 3DP and other techniques,
such as 3D scanning and CT scanning, provided a new approach to study the mechanical behavior of complex structural rock
masses. In this study, through a comprehensive review of the technical progress, equipment situation, application fields, and
challenges of the use of 3DP technology, the following conclusions were obtained: (1) 3DP technology has advantages over
traditional rock mass specimen preparation techniques, and the verification of test results using 3D printed samples shows that
the 3DP has broad application prospects in geotechnical engineering. (2) The combination of 3DP and other advanced
techniques can be used to achieve the accurate reconstruction of complex structural rock masses and to obtain the mechanical
and failure characteristics of the same rock mass structure under different mechanical boundary conditions. (3) The
development of 3DP materials with high strength, high brittleness, and low ductility has become the major bottleneck in the
application of 3DP in geotechnical engineering. (4) 3D printers need to meet the high precision and large size requirements
while also having high strength and long-term printing ability. The development of 3D printers that can print different types
of materials is also an important aspect of the application of 3DP in geotechnical engineering.

1. Introduction

Rock mass is characterized by discontinuity, inhomogeneity,
and anisotropy. It is composed of various weak structural
joints within certain engineering scales [1–4]. The internal
structures of rock mass are generally complex and contain
defects such as pores, joints, and fissures that directly affect
the strength, deformation, and seepage characteristics of
the rock mass, which are closely related to the stability of
rock engineering [5–8]. Therefore, the mechanical behavior

and failure characteristics of complex structural rock masses
have become the key factors of rock mass engineering
design, construction, safety, and stability evaluation [9–11].

Currently, the acquisition of mechanical parameters of
rock mass is carried out using three main methods: in situ
field tests [12–14], laboratory tests [15, 16], and numerical
simulation [17, 18]. Specifically, in situ testing is the most
effective method of obtaining the mechanical parameters of
rock mass on an engineering scale. However, the large size
of rock mass specimens used in in situ testing causes many
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problems, such as a long test period, high costs, and influ-
ences on construction, leading to less data being obtained
through in situ testing. Laboratory tests have been the most
important means of obtaining the mechanical parameters of
rocks because they can visualize the mechanical characteris-
tics, such as the strength, deformation, and failure character-
istics, of rock mass specimens under different mechanical
boundary conditions. However, due to the limitations of
the testing equipment in terms of the size of rock samples
and the difficulty in preparing samples of complex struc-
tures, it is hard to obtain the mechanical parameters via lab-
oratory tests. Moreover, since the experimental testing of
rocks is generally destructive, it is impossible to accurately
obtain the change rule of mechanical properties of the same
rock mass. Numerical simulation has the advantages of low
cost and repeatability, so it has become an effective supple-
ment to in situ tests and laboratory tests on rock masses.
However, the complex structures of rock mass are often
simplified in the simulation process due to the limitations
of calculation conditions, making the numerical model
differ from the real structures of rock mass. In addition,
the selection of material parameters and determination of
constitutive relation in the simulation process would affect
the calculation results [19–21].

As was discussed above, when laboratory tests are used
to study the mechanical and failure properties of rock mass,
the specimens need to be representative of their structural
characteristics. Due to the complexity of natural rock mass
structures, it is difficult to obtain rock mass specimens with
identical structures and properties. So, it is impossible to
obtain the mechanical properties of the same rock mass
structure under different mechanical boundary conditions.
Such problems can be solved by using similar material
model tests. However, it is difficult to make specimens with
natural joint surfaces, special internal structures, and cham-
ber excavation models, although these structural characteris-
tics have important influences on the strength, deformation,
and failure characteristics of rock masses [22–25]. Therefore,
the repetitive preparation of complex structural specimens is
the key to carrying out laboratory tests.

As an additive manufacturing technology, the 3DP
differs from traditional manufacturing techniques such as
cutting and grinding because it uses a layer-by-layer accu-
mulation method to achieve the precise reconfiguration of
complex structures. In recent years, the 3DP has been widely
used in many fields such as biomedicine, aerospace, automo-
bile manufacturing, and electronic components [26–29].
With the development of 3DP technology, some studies have
begun to explore the applications of 3DP in the field of rock
mechanics. For example, the combination of technologies of
3DP, stress freezing technique, CT scanning, and X-ray
scanning has enabled the quantitative characterization and
visualization of complex structures inside deep rock masses
[30–34]. Based on this technology, transparent natural sand
conglomerate specimens have been produced to investigate
the effects of complex structures on the stress field and plas-
tic zone [35, 36]. Furthermore, some materials such as poly-
lactic acid (PLA), gypsum, and photosensitive resin have
also been used in the preparation of rock-like specimens.

The feasibility of 3DP in rock mechanics tests was initially
verified by comparing the mechanical and failure properties
of rock specimens [37, 38]. After that, several regular rock
masses were assessed using 3DP, and the influences of the
structural characteristics on the overall mechanical proper-
ties were studied [39–41]. Recently, the 3DP technique has
been applied to the structural reconstruction of irregular
columnar jointed rock masses, and the feasibility and supe-
riority of this method in the reconstruction of complex
structural rock masses have been demonstrated by compar-
ing the results of mechanical and laboratory tests [42–44].

Thus, it is clear that the 3DP has advantages over other
techniques used in rock mechanics testing, such as the accu-
rate and rapid specimen preparation of complex structural
rock masses [45]. However, compared with the mechanical
and failure characteristics of high strength and high brittle-
ness in rock mechanics tests, the specimens prepared using
3DP usually have low strength and high plasticity, which
limit the applications of 3DP in rock engineering. Therefore,
on the basis of 3DP technology in complex structural rock
mass reconstruction and mechanical testing, the applications
and progress of the use of 3DP technology in the rock mass
are reviewed from the aspects of materials, equipment, and
test methods. In addition, the deficiencies of current 3DP
technology in rock mass engineering are discussed to pro-
vide guidance for its engineering application.

2. The Technologies, Materials, and
Equipment of 3DP

2.1. The Technologies of 3DP. The difference between 3DP
technologies and traditional methods lies in the printing
materials and accumulation methods. Table 1 describes the
common 3DP technologies and their corresponding mate-
rials, which are mainly divided into three categories: (1)
Extrusion 3DP technology includes fused deposition
manufacturing (FDM), fused filament fabrication (FFF),
directed ink writing (DIW), and continuous fibre fabrication
(CFF) [46–49]. The principle of this method is that the
material is melted at a high temperature and ejected from
the nozzle; then, the material solidifies quickly after being
ejected. (2) 3DP using photography includes stereolithogra-
phy (SLA), digital light processing (DLP), and continuous
liquid interface production (CLIP) [50, 51]. The principle
of this method is that the liquid photosensitive resin is
sprayed from the nozzle, and the liquid in the target area is
irradiated with ultraviolet light, so that the liquid can be rap-
idly solidified. (3) The 3DP via layer powder bonding
includes powder-based 3DP, electron beam melting (EBM),
selective laser melting (SLM), selective heat sintering
(SHS), selective laser sintering (SLS), and direct metal laser
sintering (DMLS) [52–57]. The principle of SLS consists in
spreading the first layer of powder, and then, the infrared
laser is used to sinter the powder into the desired solid
object. The powder bed is preheated a few degrees below
the melting temperature of the polymer, and the laser locally
provides only the thermal energy necessary to melt the poly-
mer. In addition, the commonly used 3DP techniques also
include laminated object manufacturing (LOM) [58],
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directed energy deposition (DED) [58, 59], and electron
beam freeform fabrication (EBF3) [58].

The general processes of 3DP technologies are mostly
similar and can be divided into four steps: (1) 3DP model
building, which usually uses computer-aided design (CAD)
software to build a 3D solid model. In this process, the solid
3D model can be built independently or can be acquired
using other means such as CT scanning. (2) Model format
conversion and slicing. In this process, it is necessary to
convert the established 3D model into a format that can be
recognized by the 3D printer. Then, the model is sliced
according to the accuracy of the 3D printer. (3) The 3DP
path and parameter setting to printing. (4) Postprocessing
of printed models. For some 3D printed models, redundant
materials (such as the supporting materials) may need to
be removed after printing.

2.2. The Materials of 3DP. Different 3DP techniques require
different materials (Wang and Qi [54]). Table 2 describes the
3DP materials used in different 3DP techniques. Currently,
the 3DP materials such as polylactic acid (PLA), gypsum-
like materials, photosensitive resins, and acrylonitrile buta-
diene styrene (ABS) have been used in the production of
rock mass specimens [60–64]. The failure of rock materials
generally shows high strength and high brittleness. However,
from the test data of these materials, the specimens made
from these materials exhibit low strength and high ductility
which are different from the mechanical and failure charac-
teristics of real rocks. To address this issue, Fereshtenejad
and Song [65] investigated the material properties of powder

layer printing technique and found that by using appropriate
posttreatment techniques and changing printing parameters,
the strength of 3DP specimens could be improved. However,
the test results still differed from the mechanical and failure
properties of natural rocks. Perras and Vogler [66] made
specimens with two different particle sizes using the powder
layer and inkjet head technology to carry out Brazilian split-
ting tests. Through comparative testing of three types of
natural sandstone specimens, it was found that the speci-
mens made using 3DP were close to the sandstone speci-
mens with the weakest roughness, tensile strength, and
fracture processes. Zhou and Zhu [67] compared specimens
made of five 3DP materials and conducted mechanical anal-
yses, which found that the photosensitive resin is the most
ideal material for building hard and brittle rocks. According
to the test results shown in Figure 1, the photosensitive resin
specimens printed using stereolithography (SLA) have better
strength, but their brittleness characteristics are still less than
those of natural rocks. Therefore, the brittleness of the spec-
imens should be improved by freezing at low temperatures
and adding internal macro- or microcracks.

2.3. 3D Printers. In addition to the printing materials, the
printing equipment is another factor limiting the applica-
tions of 3DP in the related fields. In 1986, the first 3DP
device (SLA-250) was produced by 3D Systems Corporation.
Since then, the 3DP technology has developed rapidly in
industrial applications, and the corresponding 3D printers
have been developed on the basis of different printing tech-
nologies. In 1989, Deckard invented selective laser sintering

Table 1: Classifications of 3DP technology [43].

Technical types Technical names Materials
Printer

manufacturer
Sources

Melt extrusion

Fused deposition manufacturing
(FDM)

Thermoplast, eutectic alloy, rubber

Stratasys
3D Systems

[46]

Fused filament fabrication (FFF) Thermoplast, eutectic alloy, rubber, etc. [47]

Directed ink writing (DIW) Ceramics, alloy, metal ceramic, etc. [48]

Continuous fibre fabrication (CFF) Nylon, straps, glassfibre, etc. [49]

Photopolymerization

Stereolithography (SLA) Photosensitive resin

3D Systems [51]
Digital light processing (DLP) Photosensitive resin

Continuous liquid interface
production (CLIP)

Photosensitive resin

Layer powder
bonding

Powder-based 3DP Almost any alloy, powdered polymer, gypsum

Z Corporation
3D Systems
Stratasys

[52]

Electron beam melting (EBM) Almost any alloy (including titanium alloys) [53]

Selective laser melting (SLM)
Titanium alloy, cobalt chromium alloy, stainless

steel, aluminum
[54]

Selective heat sintering (SHS) Thermoplastic powder [55]

Selective laser sintering (SLS) Hot plastic, metal powder, ceramic powder [56]

Direct metal laser sintering (DMLS) Almost any alloy [57]

Lamination
Laminated object manufacturing

(LOM)
Paper, sheet metal, plastic film Helisys [58]

Powder feeding Directed energy deposition (DED) Almost any alloy Fraunhofer [59]

Metal wire
Electron beam freeform fabrication

(EBF3)
Almost any alloy LARC [58]
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(SLS), which enabled the application of laser sintering tech-
nology in the field of 3DP [68]. In 1995, Z Corporation
obtained a license from MIT and produced this type of
3DP device. In 2005, the company also invented the first
high-precision colour 3D printer. Subsequently, several
printers have been developed and widely used. In 2009,

Organovo, USA, used 3DP to manufacture artificial blood
vessels. In 2011, Southampton University, UK, printed the
first unmanned aircraft using 3DP. In 2011, Kor Ecological
Company launched the first car whose surface and parts
were manufactured using 3DP. In 2013, British researchers
printed embryonic stem cells and similar biological tissues

Table 2: 3D printed rock specimens.

Materials Specimen Description of mechanical properties
Failure properties of

specimen
Sources

Sand-based materials

Unconfined compressive strength (UCS) at
about 20MPa

[35]

[36]

Young’s modulus at about 1.8GPa

[71]

[72]

Resin

Unconfined compressive strength (UCS) at
about 80MPa

[30, 31]

Young’s modulus at about 1.5GPa [67]

Gypsum powder

Unconfined compressive strength (UCS) at
about 55MPa

[73–76]
Young’s modulus at about 7GPa

Ceramics power

Unconfined compressive strength (UCS) at
about 3MPa

[67]

Young’s modulus at about 0.15GPa [77]

Mixed materials

Unconfined compressive strength (UCS) at
about 55MPa

[78]

[79]

Young’s modulus at about 5GPa

[80]

[81]

Polylactic acid (PLA) Young’s modulus at about 1.391GPa [37]

Acrylonitrile butadiene
styrene (ABS)

K IC ≈ 0:789 ± 0:131MPa-m1/2

[64]
J IC ≈ 256 ± 84 J/m2
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for the first time with a 3D printer. Since 2014, the 3DP
applications in shipbuilding, aerospace science and technol-
ogy, medicine, construction, automobiles, and other fields
have appeared [69, 70].

The current 3D printer manufacturers are mainly
located in the United States, Israel, Germany, Japan, Sweden,
and other countries. Among them, 3D Systems and Stratasys
account for almost 90% of the production of 3D printers. In
2011, 3D Systems acquired Z Corporation, and in 2012,
Stratasys acquired Israel’s Objet Company and completed
resource integration. The current equipment manufacturers
corresponding to different 3DP technologies are also listed
in Table 1. From Table 1, it can be seen that for 3DP tech-
nologies such as FEM, FFF, DIW, and CFF, the related man-
ufacturers of 3D printers are mainly Stratasys and 3D
Systems. For 3DP technologies such as SLA, DLP, and CLIP,
the main equipment manufacturer is 3D Systems. For 3DP
technologies such as powder-based 3DP, EBM, SLM, SHS,
SLS, and DMLS, the manufacturers mainly include Z Corpo-
ration, 3D Systems, and Stratasys. For LOM, DED, and EBF3

technologies, the major equipment manufacturers are
Helisys, Fraunhofer, and LARC, respectively.

Although there are many kinds of 3DP techniques and
printers, the applications of 3DP technology and its mate-
rials in rock mass engineering reconstruction are limited
because of the following requirements. (1) The natural rocks
are generally characterized by high strength; the applications
of 3DP in rock mass engineering should meet the high
strength conditions. (2) The failure of rock materials is gen-
erally brittle. When the rock structure is reconstructed via
3DP, the reconstructed specimens should meet the charac-
teristic of high brittleness. (3) The structure of rock contains
joints and cracks, so the corresponding 3DP materials and
printers need to meet the characteristics of high precision.

(4) It is necessary to obtain the mechanical parameters of
rock mass on the engineering scale. Therefore, in order to
reconstruct the large size of rock mass specimens, the 3D
printer that meets the requirement of printing large-size
rock mass is also needed.

3. Applications of 3DP in Rock Mass
Experimental Tests

With the development of 3DP technology, it has been pre-
liminarily applied in the field of rock mass engineering. In
this section, the use of 3DP in rock mass experimental tests
was summarized.

3.1. Preparation of Specimens in Laboratory Tests

3.1.1. Experimental Tests on 3D Printed Specimens. The
mechanical and failure properties of 3D printed specimens
are the basis for the applications of 3DP technology in rock
mass experimental tests. In the process of making rock spec-
imens, some materials are selected to reconstruct the 3DP
rock mass. Table 2 describes the 3DP materials used for
reconstructing rock specimens and the mechanical and
failure properties (such as UCS and Young’s modulus) of
corresponding materials. As is shown in Table 2, the
sandstone-based materials were used to prepare standard
size specimens using 3DP [66, 71, 72]. It was found that
the uniaxial compressive strength of the specimens was
about 20MPa, and Young’s modulus reached about
1.8GPa. The failure mode exhibits brittle failure characteris-
tics, which is consistent with natural sandstone specimens.

Zhou and Zhu [67] reported that the resin is the most
ideal material for simulating rock materials based on the
comparison of mechanical and failure properties of five
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Figure 1: Standard specimens prepared using different 3DP materials and their failure modes: (a) standard specimens, (b) failure modes,
and (c) stress-strain curves related to the specimens [67].
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standard 3DP materials. Therefore, the resin has been used
in several studies due to its mechanical and failure character-
istics [30–32]. However, the ductility of resin is large, exhi-
biting plastic characteristics under uniaxial compression,
which is different from the brittle failure of rocks. To solve
this problem, the brittle failure can be increased by freezing
it at low temperatures and adding macro- or microcracks
within the specimen [67]. In addition to the sandstone-
based materials and photosensitive resin, gypsum has been
used in several studies to reconstruct rock specimens using
3DP [73–76]. The 3D printed specimens reconstructed by
gypsum generally have low strength, which is suitable for
simulating soft rock structures. Wu et al. [73] used glue
immersion with evacuation to enhance the rock specimens
and achieved better results. The failure characteristics of
3D printed gypsum specimens under uniaxial compression
are also presented in Table 2. As can be seen from Table 2,
the 3D printed gypsum specimens exhibit brittle failure, which
is consistent with the failure of natural rocks. However, the
specimens prepared from gypsum have anisotropic character-
istics [73]. In addition, since the gypsum specimens need to be
soaked with glue to improve their strength, the glue cannot
penetrate into the interior of specimens uniformly, leading to
the uneven strength of specimens.

Several studies have mixed the cement with printing
materials when preparing the 3D printed specimens. For
example, as is shown in Table 2, Feng et al. [78] printed
the specimens using 525R ordinary Portland cement and
obtained the mechanical and failure characteristics of the
specimens under uniaxial compression. The uniaxial com-
pressive strength of specimens reached 60MPa, and the
elastic moduli reached about 5GPa. For the failure charac-
teristics of 3D printed specimens prepared from this mate-
rial, the brittle failure was predominant. Like the 3D
printed specimens prepared using gypsum, the specimens
are anisotropic which can be used to simulate the mechani-
cal and failure characteristics of shale.

3.1.2. Repetitive Preparation of Rock Mass with Complex
Structures. Since the 3DP has the characteristics of high pre-
cision and repeatability, it has been used in the preparation
of specimens containing different structures. The mechani-
cal and failure characteristics of the same structural speci-
mens under different mechanical conditions were tested on
this basis. Compared with the traditional laboratory speci-
mens containing joints and fissures, the 3DP method allows
for the repetitive preparation of rock specimens with the
same structures. For example, several studies have used
3DP methods to prepare specimens with single and multiple
fractures and studied the mechanical and failure properties
of rock specimens under different loading conditions
(Table 3) [82–85].

The reconstruction of rock masses requires higher preci-
sion because of the influence of mechanics and structure on
the failure process. Compared with traditional rock mass
reconstruction methods, the 3DP has the advantages of
higher precision and efficiency. Therefore, the repeatability
of 3D printed specimens is better than that of specimens
prepared by traditional methods, which makes it easier to

analyze the effects of different external factors (e.g., rock
structure, surrounding pressure state, and loading condi-
tions) on the failure characteristics. For example, the
mechanical properties of structural planes in rock masses
are related to geological disasters such as landslides and rock
bursts, which play an important role in the safety and stabil-
ity control of rock mass engineering. Therefore, the determi-
nation of the mechanical properties of rock mass structural
planes is the basis of rock mass engineering design, con-
struction, and stability evaluation. The repetitive prepara-
tion of identical specimens containing structural planes is
the factor for studying the mechanical and failure charac-
teristics of rock masses [88]. Compared with the regularity
of joints and fissures prepared in the laboratory, the natural
joint planes have irregular characteristics, so it is difficult to
prepare the representative specimens in experiments. More-
over, it is hard to obtain the failure and mechanical charac-
teristics of the same structural planes under different
mechanical conditions.

Due to the advantages of 3DP technology, such as the
high precision and reproducibility, several studies have
attempted to use 3DP to prepare identical rock mass speci-
mens containing structural surfaces. Table 4 presents the
typical cases of rocks containing structural planes produced
by 3DP technology. Ban et al. [89] printed the scanned data
of structural planes using 3DP and then achieved the repet-
itive production of natural structural planes. The advantage
of this method is that they used 3DP as the bridge of obtain-
ing structural plane information and repetition reconstruc-
tion. However, the mechanical similarity between natural
rocks and casting materials should be considered. Ishibashi
et al. [90] used acrylic resin to produce the 3D printed shear
specimens with specific roughness coefficients. The tests
results showed that the 3DP is an effective method for pro-
ducing structural planes with specific roughness coefficients.
Specifically, it allows for the repeated tests on the shear
seepage characteristics of identical rock mass specimens.

The main advantage of 3DP is the precise reconstruction
of complex structures. Taking advantage of this, several
studies have used 3DP to reconstruct the rock masses with
complex structures. Suzuki et al. [92, 93] produced the rock
mass specimen containing complex fracture networks using
3DP (Figure 2). The analysis of CT scanning results revealed
that the rock mass specimens reconstructed using 3DP
reduced the uncertainty of laboratory tests and numerical
calculations, which are important for the acquisition of
mechanical and failure characteristics of complex fractured
rock masses.

In rock mass engineering, understanding the mechanical
and failure characteristics of complex structural rock masses
is the basis of engineering safety design, analysis, and stabil-
ity evaluation. The structure of rock mass is the controlling
factor that determines the mechanical and failure character-
istics. However, it was difficult to reconstruct structural rock
masses for either experimental testing or numerical calcula-
tions. Xia et al. [43, 44] used 3DP to reconstruct the colum-
nar jointed rock mass at Baihetan hydropower station
(Figure 3). By comparing the mechanical properties, failure
characteristics, and acoustic emission characteristics of the
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Table 3: 3DP fractured rock specimens.

No. Specimen
Specimen

materials and
test conditions

Test results Relevant mechanical parameters Comments Sources

1

Photosensitive
resin

Dynamic compressive stress and
strain, longitudinal wave velocity,

elastic modulus, etc.

Symmetrical wing cracks initiated

[86]
Dynamic
loading

The specimen cannot completely reflect the
mechanical behavior of brittle rocks

2

Photosensitive
resin

Compressive strength and axial
strain at the peak stress influenced
by the flaw number and angles.

Wing and antiwing cracks wrapped around
the flaw edge

[87]The maximum crack propagation velocity
in single flawed specimens is higher than

that in double flawed specimens

Static uniaxial
compression

3

Gypsum-like
material

Dynamic compressive stress and
strain, longitudinal wave velocity,

elastic modulus, etc.

The 3DP technique could prepare
specimens with preset cracks

[40]The failure patterns of gypsum-like
specimens are close to the rock mechanical

tests

Dynamic
loading

4

Gypsum-like
material Young’s modulus, Poisson’s ratio,

uniaxial compressive strength,
tensile strength.

3D printed rock-like Brazilian discs with
preexisting flaws were investigated

[82–84]
Brazilian tests

The 3DP technology combined with DIC
method shows the superiority in the

laboratory test

Table 4: 3D printed natural structural planes.

No. Specimen
Specimen

material and
target test

Test type Specimen preparation Sources

1

Polylactic
acid

Scanning of natural rock mass structural plane using
3D scanning technology

[89]
Shear tests

The information on the structural plane of the natural
rock mass was printed and used as a mold, and the
repetitive pouring of the structural plane was achieved

on this basis

2

Acrylic resin

Acrylic resin was used to prepare the structural plane,
and shear tests were carried out

[90]
Shear tests

3

Polylactic
acid

3DP method was used to make the shear sample mold,
and then, the sample was poured

[91]
Shear test
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3DP reconstructed columnar jointed rock mass with the
results of in situ and laboratory tests, the mechanical proper-
ties of the 3DP reconstructed columnar jointed rock mass
were verified, which demonstrates the effectiveness of 3DP
in the structural reconstruction of complex rock masses.

The accurate description and visualization of complex
internal structures and stress distribution of rock mass are
important for solving the various underground engineering

problems [30]. By comparing stress and failure characteris-
tics of the 3DP reconstructed model with natural coal spec-
imens, the discontinuity and stress freezing technique can be
intuitively quantified by the combined application of 3DP
and CT scanning (Figure 4). The method of combining
3DP with the stress freezing technique is a promising
method for quantifying and visualizing the complex fracture
structures of underground rock masses and their influences

4 cm

(a) (b)

Figure 2: Precise reconstruction of complex rock mass structures using 3DP [92, 93]: (a) 3DP preparation of complex rock mass structures;
(b) CT scanning results of the 3D printed rock specimens.
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Figure 3: Accurate reconstruction of columnar jointed rock mass using 3DP [44].
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Figure 4: Accurate reconstruction of fractured rock mass using 3DP [30].
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on the 3D stress distribution. In addition, this method can
also be used to verify the numerical simulation results.

3.2. Tunnel Failure Simulation. Geomechanical model tests
can accurately reflect the spatial relationship between engi-
neering geology and the structure of rock mass. The test
results can provide an intuitive interpretation of mechanical
properties, deformation trends, and stability characteristics
of rock masses. Therefore, the experimental tests have
become an important method for studying the stability of
rock structures and verifying numerical simulations [74,

94–96]. In deep underground projects, there are widely adja-
cent tunnels and caverns, such as the twin railroad tunnels
for urban and mountain highways [97–100], large caverns
in hydroelectric power plants [101, 102], and the deep mine
tunnels [103, 104]. The quantitative stability evaluation of
multitunnel structures is an important issue related to the
safety evaluation and stable construction of underground
tunnels. Jiang et al. [105] simulated the overall failure pro-
cess of the twin-tunnel structure based on a 3D printed
sandstone reconstruction model (Figure 5). In addition, they
proposed the safety factor method for evaluating the overall

(a) (b) (c) (d)

(e) (f) (g)

(h) (i) (j) (k)

(l)

Figure 5: Failure processes of the 3D printed twin-hole tunnel [105].

10 Geofluids



safety of multitunnel structures. The experimental results
and corresponding numerical analysis showed that the
reconstruction of the twin-tunnel structure using 3DP is an
effective method for studying tunnel failure and stability
analysis. It was determined that for the double tunnel struc-
tures, the plastic strain connectivity between tunnels can be
used as a conservative instability criterion, and the tunnel
displacement inflection point can be used as the overall
instability criterion, respectively.

The repetitive preparation of tunnel models and
mechanical testing are some of the most commonly used
research methods for studying tunnel stability [106–108].
However, the preparation of rock specimens using traditional
methods has disadvantages, including time-consuming and
unavoidable human errors [30]. The reconstruction method
of 3DP may overcome the disadvantages of traditional geo-
technical modelling methods. Song et al. [74] prepared four
tunnel models via 3DP with gypsum powder and PLA (poly-
lactic acid) materials. The uniaxial compression test results
showed that the failure characteristics of the conventional
tunnel and single fault tunnel models are similar to the failure
process of the 3D printed model (Figure 6). The results of the
experimental tests are in general agreement with the artificial
model tests, tunnel engineering examples, and numerical
simulations, indicating that the 3DP technology can be
applied to the experimental study of tunnels.

3.3. Integration of the 3DP with Other Techniques. As the
new technique, the 3DP can be combined with other
advanced techniques in the failure analysis of rock masses,

thus making up for the disadvantages of traditional testing
methods. This section focuses on the applications of 3DP
in the combination with other related techniques.

3.3.1. Integration of 3DP with 3D Scanning and CT Scanning.
The mechanical properties of structural planes are the
important factors affecting the stability of rock mass. There-
fore, the typical strength of structural planes has been con-
cerned in the field of rock mechanics [109–113]. However,
the structural planes of the natural rock masses are complex,
and the morphology is characterized by anisotropy and size
effects. So, it is difficult to accurately evaluate the shear
strength of natural structural planes.

In the traditional experimental tests, since it is difficult
to make irregular rock mass structures in the preparation
processes, the specimen needs to be simplified. The influ-
ences of irregular rock mass structures on the mechanical
and failure characteristics are ignored, which makes the
mechanical characteristics of rock mass differ from the test
results. With the development of measurement technology,
several studies have applied digital photogrammetry
methods to rock mass structure measurements [115–119].
In particular, 3D laser scanners can achieve real replication
and are now gradually being used in the field of engineering
measurements and detection. The 3D laser scanner can
obtain 3D information for complex, irregular, and nonstan-
dard objects. So, it has become an important method for
obtaining information on the irregular structures of rock
masses [114]. As is shown in Figure 7 [114], the surface
information for irregular rock structures was acquired via
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Figure 6: Failure processes of the 3D printed tunnel model [74].
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3D scanning, and the 3D data for rock masses was regener-
ated by postprocessing point cloud data. Then, the data can
be output by the 3DP printer, which solved the problem of
an irregular rock mass structure that cannot be reproduced
by general methods of laboratory tests.

In addition to the surface irregularities, defects such as
joints and fissures also exist within rock masses [120–122].
Nondestructive CT identification can be used to obtain
images of internal structures of rock mass under different
environments without disturbance. The CT images are
expressed as the colour of CT number, which finally reflects
the distribution of each medium inside rocks. The CT tech-
nique can be used to obtain the information of joints and fis-
sures inside rock masses (Figure 8) [30]. Therefore, through
the combination of CT scanning and 3DP, the irregular
joints and fissures can be replicated, and the mechanical
properties of the same rock masses under different stress
conditions can be obtained.

3.3.2. Integration of 3DP and Numerical Simulations. The
3DP can transform digital models of rock masses into exper-
imental models, thus providing the possibility of repeated
failure tests on the complex structure of rock mass. Similarly,

the 3D digital models can also be imported into the numer-
ical software for numerical calculations, such as the finite
element [123–125] and discrete element [126] analysis.
Therefore, the 3DP is compatible with the laboratory tests
and numerical simulations and can be regarded as a virtual
bridge connecting laboratory tests and numerical simula-
tions. For example, the 3DP was used to verify the reliability
of numerical methods [76]. In addition, the 3DP in combi-
nation with numerical simulation has focused on the verifi-
cation of mechanical and failure modes of rock mass
specimens (Figure 9) [85].

By comparing the results of uniaxial compression and
Brazilian splitting tests of 3D printed specimens with
numerical results, it was concluded that the failure mode of
specimens produced using 3DP is consistent with the classi-
cal numerical simulations. Furthermore, several studies have
used a combination of 3DP and numerical simulation to
verify the results of laboratory tests, thus demonstrating
the effectiveness of 3DP in studying failure modes of rock
masses [76, 85].

Since the 3DP can transform digital models of rock
masses into laboratory specimens, its main advantage lies
in the accurate reconstruction of complex rock mass

(a) (b)

Figure 8: Acquisition of CT scanning data for rock masses [30].

(a) (b)

Figure 7: Acquisition of 3D scanning data for rock masses [114]: (a) photographs of natural rock mass structures and (b) the 3D
information of rock masses regenerated by postprocessing point cloud data.
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structures. Based on this, Song et al. [74] and Jiang et al.
[105] produced tunnel models using 3DP and carried out
numerical simulations for comparison. The numerical
results are shown in Figure 10. As can be seen in this figure,
the combination of 3DP and numerical analysis enabled the
thorough analysis of strength, deformation, and failure
mode of the rock mass’ structure.

3.3.3. Integration of 3DP and the Stress Freezing Technique.
The stress freezing technique is an effective method for
quantitatively analyzing the three-dimensional stress field

within a complex solid structure. The property of isotropic
stress or isotropic stripes caused by external loads in a
warmed environment can be “frozen” and recorded when
the specimen returns to room temperature [30, 126–128].
With the development of optical mechanics experimental
technologies, the solid 3D stress freezing method has been
used to make progress in the photoelastic material proper-
ties, model preparation, 3D optical measurement theory,
fringe picking and resolution analysis, and free-surface stress
measurements [129–133]. It is a convenient, economical,
and effective way to intuitively and quantitatively analyze
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Figure 9: Mutual verification of test results for 3D printed specimen and numerical test [85].
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the complex stress field in the solid structure. However, the
traditional method of model preparation in 3D photoelastic
analysis is mainly making the mold and then casting and
molding. This method not only requires the solving of cast-
ing process challenges but also leads to high costs and long
preparation cycles. For the complex solid structures, when
using traditional methods to make 3D photoelastic models,
the complex local features have to be omitted. In particular,

the complex structures within a solid are difficult to set up
using conventional methods. For example, it is difficult to
prepare photoelastic models of subsurface rock mass media
with internal pores or fractures. Therefore, it prevents the
3D stress freezing method from being used to visually dis-
play the internal stress field of complex solid structures.

The 3DP technology has enabled the rapid production of
complex 3D solid models. Based on the digital model of files,

0.0
0.0 0.5 1.0 1.5 2.0

Overload factor K
2.5 3.0

K
t
 = 2.44

K
c
 = 1.85

0.3

0.65
0.55
0.45
0.35
0.25
0.15
0.050.6

0.9

D
isp

la
ce

m
en

t o
f C

PI
 (m

m
)

1.2

1.5

1.8

𝜀
P

0.65
0.55
0.45
0.35
0.25
0.15
0.05

𝜀
P

K
t
 = 2

K
c
 = 1.85

0.65
0.55
0.45
0.35
0.25
0.15
0.05

𝜀
P

0.65
0.55
0.45
0.35
0.25
0.15
0.05

𝜀
P

(a)

Colorby: state

Shear-n shear-p
Shear-n shear-p tension-p
Shear-n tension-n shear-p tension-p

Shear-p tension-p
Tension-n

Tension-p

Tension-n shear-p tension-p
Tension-n tension-p

Shear-p

Block

(b)
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the 3DP technology uses powdery (or liquid) photosensitive
resin, ceramic, or metal materials to build a 3D solid via
rapid laser curing and layer-by-layer spraying [134–138].
Compared with the traditional photoelastic material of
epoxy resin, the photosensitive resin has similar composi-
tion, photoelasticity, and stress freezing characteristics,
which ensures the feasibility of making photoelastic models
of complex structures with 3DP technology. Therefore, the
applications of 3DP and 3D stress freezing methods provide
a promising path for realizing the quantitative characteriza-
tion and visualization of complex analyses. The typical test
results obtained using 3DP and stress freezing technique
are shown in Figure 11 [31].

3.3.4. Integration of 3DP and Other Electronic Technologies.
The numerical and laboratory tests have been used to inves-
tigate the factors influencing the mechanical properties of
anchored rock joints [139, 140]. Feng et al. [29] used 3DP
rock bolts and anchoring glue to reinforce the specimens
with joints. The surface morphology of the 3DP rock bolt
is consistent with the actual rock bolt with better strength.
In addition, the digital image correlation (DIC) method
was used to capture the changes of strain/displacement fields
of the specimen, and the effects of joint planes and joint
angles on the crack process, DIC variation pattern, and
stress-strain evolution were discussed in conjunction with
the test results.

The scanning electron microscope (SEM) is a high-
resolution electrooptical instrument used for observing the
microscopic fields of objects [141–143]. The micromorphol-
ogy of the sample surface can be observed, and this method
has been used in the experimental fields because of its high
scanning resolution [144–148]. By combining the technolo-
gies of 3DP and SEM, the mesostructural features of the
3DP reconstructed rock mass specimens can be obtained.
Then, the mesostructural features of the 3DP reconstructed
rock mass specimens can be compared with those of natural
rock mass structures. It ensures the consistency between the
macrostructural features and natural rock mass structures
and also describes the structural features of 3D printed spec-
imens on the mesoscale, thus measuring the structural
features of rock mass from macroscale to microscale.

4. Discussions

4.1. Improvement of Rock Mass Experimental Methods Using
3DP. As was previously mentioned, the main methods of
testing the mechanical properties of jointed rock masses
are in situ testing, laboratory tests, and numerical simula-
tions. There are mutual influences and verifications among
the three methods [149–153]. In situ testing is the most
effective method of obtaining the mechanical parameters of
rock masses in engineering. But it takes a long time and is
expensive. In addition, in situ testing is mainly used for ver-
ification, while laboratory tests are used to obtain the
mechanical characteristics of rock masses. Moreover, there
are problems such as size effects and anisotropy between in
situ and laboratory tests. Due to the limitations of experi-
mental testing equipment such as the size of the rock speci-

men and the difficult preparation of complex rock mass
structures, it is impossible to accurately obtain the change
rule of the mechanical properties of the same rock masses
under different mechanical conditions. Thus, the recon-
struction of complex rock masses has become the bottle-
neck of obtaining the mechanical parameters of complex
rocks. Numerical simulation analysis has the advantages
of low cost and repeatability, which are generally used to
supplement the in situ and laboratory tests. However, the
numerical processes are always limited by the computa-
tional model, selection of material parameters, constitutive
relationship, etc.

Based on the discussions above, it is clear that the in situ
testing, laboratory tests, and numerical simulations mutually
validate and support each other. However, due to the limita-
tions of laboratory tests and numerical simulations, there are
problems of producing physical and numerical models,
which make the obtained physical and numerical model
structures differ from the actual rock masses. With the
development of 3DP, the methods of obtaining physical
and numerical models have been changed (Figure 12). As
can be seen from Figure 12, due to the emergence of the
3DP and other techniques, a bridge has been created
between in situ tests, laboratory tests, and numerical simula-
tion. Based on the geological surveys and in situ testing of
rock masses, the information on the surface and internal
structures can be obtained via 3D scanning and CT scan-
ning. Through the digital reconstruction of model structure,
the 3DP can be used to output the reconstructed digital
model. Thus, a physical model of rock mass with completely
consistent structures can be made. Based on this, the
mechanical and failure tests can be conducted on identical
specimens. Similarly, the reconstructed digital model of rock
mass can be imported into the numerical software for calcu-
lations. Thus, more accurate mechanical parameters for the
engineering design can be obtained by comparing the results
of in situ tests, laboratory tests, and numerical simulations.
After the comparison, the obtained mechanical parameters
can be corrected through the feedback analysis of designing
and construction.

4.2. Problems and Challenges regarding the 3DP Technology.
Although the 3DP technology has obvious advantages in the
reconstruction of rock mass structures, there are still several
challenges in the applications of engineering. In this section,
we describe the problems that need to be solved.

4.2.1. The 3DP Materials. Rock mass failure has the typical
characteristics of high strength, high brittleness, and low
ductility. But there is no 3DP material that can satisfy all
of these characteristics. Currently, the materials that can be
used for 3DP of rock mass structures mainly include photo-
sensitive resin, gypsum, and sandstone-based self-made
materials [43, 44]. The rock specimens prepared from these
materials often possess one or two of the mechanical and
failure characteristics of the real rocks. For example, photo-
sensitive resin is a liquid material before printing. The rock
specimens prepared from these materials can meet the char-
acteristics of high strength and precision. However, the
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problems of ductility and low brittleness lead to the need for
additional treatment [67]. For example, the 3D printed spec-
imen made of gypsum has high brittleness during the failure
process, but the strength does not meet the requirements of
general rocks [73]. The sandstone-based material specimen

is brittle, but the strength differs from those of natural
rocks [35].

In terms of the limitations of 3DP materials regarding
the mechanical and failure characteristics of rocks, the solu-
tion is to modify one material that meets the requirements of
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Figure 11: Applications of 3D printed structures combined with stress freezing technique: (a) monochromatic illumination of the
isochromatic fringe pattern of M-III at different loading stages and (b) illustration of the residual stress distribution of the specimens
after the removal of the compressive stress [31].
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the natural rock masses. For example, photosensitive resin
can be modified by adding materials with high brittleness
characteristics in order to obtain the characteristics of high
brittleness, low ductility, and high strength. But it requires
the intersection of geotechnical engineering, chemical engi-
neering, and other related subjects.

4.2.2. The 3D Printers. The 3D printers and printing mate-
rials are closely related. Due to the different 3DP processes,
most 3D printers can print using one or two types of mate-
rials. Therefore, it is necessary to develop 3D printers that
can utilize a wide range of 3DP materials. In addition, the
3D printers are relatively expensive, and most researchers
cannot afford them, which is one of the main factors that
limit the application of 3DP to the accurate reconstruction
of rock mass structures.

Since the material of 3DP is accumulated layer by layer
in an incremental manner, the preparation of complex struc-
tures can be achieved. Thus, making the reconstructed struc-
ture anisotropic is one main characteristic but unavoidable.
In addition, the defects such as joints and fissures in the rock
mass are generally small in size. In order to achieve the accu-
rate reconstruction of these structures, the 3D printers need
to have high precision. Therefore, in the aspects of reducing
anisotropy of 3D printed specimens and meeting the
requirements of preparing small joints and fissures, the 3D
printers need to have the property of high precision.

The size effect is a basic feature for the jointed rock
masses. To obtain more accurate mechanical parameters of
jointed rock masses and to meet the relevant requirements
for engineering design, it is necessary to reconstruct the 3D
printed models to be a large size in the model tests. This
imposes the requirements on the printing size and capability
of the 3D printers. First, since the 3D printed specimens
need to meet the requirements of large size, it needs to have
the capability of printing large specimens. Second, due to the
contradiction between the overall size of the modelled rock
mass structure and its small structures such as joints and fis-
sures, the 3D printer also needs to be able to produce large
specimens containing small structures. Third, due to the
large size and high precision requirements of the 3DP, it
requires the 3D printer to have long-term printing capabil-
ity. Overall, these are the main bottlenecks that limit the
applications of 3DP technology in rock engineering. With
the development of the 3DP technology, those problems
can be solved, and the 3DP technology will be widely used
in rock mass engineering.

5. Conclusions

In this paper, the technical development, equipment situa-
tion, application fields, and challenges involved in using
3DP technology in rock mass mechanics were

The in
situ test 

• Geological investigation
• Specimen preparation
• Test equipment preparation
• Loading condition setting
• Analysis of test results Geological 

investigation

• 3D printing technology
• 3D scanning technology
• CT imaging technology
• Computer-aided designing 
• Any technologies

3D printing CT scanning

The 
laboratory 

test

Test equipment

• Material selection for model
test

• Specimen preparation
• Test equipment preparation
• Loading condition setting
• Analysis of test results

• Constitutive model set up
• Geometric model set up
• Loading condition setting
• Analysis of test results

Fo
un

da
tio

n
Fo

un
da

tio
n

Fo
un

da
tio

n

Designing basis

Verification and feedback

The cross-
integration

of 3DP
technology
and other

technologies

The
numerical
simulation

Physical and
mechanical 
properties of

rock mass

Jing et al. 2017

Specimen
preparation

Geometric model Jing et al. 2017

Engineering
applications

Figure 12: Method changes of obtaining mechanical properties of rock mass by 3DP.

17Geofluids



comprehensively reviewed, and the following conclusions
were obtained.

(1) As an emerging technology, the 3DP has obvious
advantages in terms of the production of experimen-
tal rock models compared to previous sample prepa-
ration techniques. This technology has been used in
the precise reconstruction of rock mass structures.
The results of the 3D printed specimens used in uni-
axial compression show that the 3DP has broad
application prospects in the geotechnical engineering

(2) The 3DP technology has been successfully applied in
the specimen preparation for laboratory tests and
repetitive preparation of natural rock masses
containing structural planes. By combining the tech-
nology of 3DP with 3D scanning, CT scanning,
numerical calculations, stress freezing technique,
and other advanced techniques, the complex struc-
tural rock masses can be accurately reconstructed.
Based on this, the mechanical and failure character-
istics of the identical rock masses under different
mechanical boundary conditions can be obtained

(3) The mechanics and failure modes of the general rock
specimens have the characteristics of high strength,
high brittleness, and low ductility. However, the
3DP materials containing all of those above charac-
teristics have not yet been developed, which has
become the main constraint in the use of 3DP in
the geotechnical engineering

(4) Due to the size effect of rock masses and anisotropic
characteristics of the 3D printed specimens, it is nec-
essary for the 3D printers to have high precision, be
able to print large specimens, be suitable for long-
term printing, and have the capability to print using
different types of materials
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Liquid nitrogen freeze-thaw fracturing has attracted more and more attention in improving the coal reservoir permeability. In
order to reveal the impact of liquid nitrogen freeze-thaw on the multiscale structure of deep coal, the multiscale structure
evolution law of deep and shallow coal samples from the same seam in the Qinshui coalfield during the liquid nitrogen freeze-
thaw cycling was investigated using NMR T2 spectrum, NMRI, and SEM. The connectivity between mesopores and
macropores in deep and shallow coal is improved after liquid nitrogen freeze-thaw cycles. The influence of liquid nitrogen
freeze-thaw cycles on the structure evolution of deep and shallow coal is the formation and expansion of microscopic fractures.
The initial NMR porosity of deep coal is lower than that of shallow coal from the same coalfield and coal seam. The NMR
porosity of both the deep and shallow coal samples increases with the increase of the number of freeze-thaw cycles, and the
NMR porosity growth rate of the deep sample is lower than that of the shallow sample.

1. Introduction

Global reserves of deep coalbed methane (CBM) are approx-
imately 47:6 × 1012 m3 [1], and the development of deep
CBM in the United States started early and has been gradu-
ally commercialized [2–7]. Although China developed deep
CBM production relatively late, it has achieved success in
deep CBM development in recent years in the Cainan area
of Junggar Basin [8–10], Yanchuannan on the eastern edge
of the Ordos Basin, Linfen block, and Zhengzhuang and
Shizhuang block of Qinshui Basin [11], indicating great
potential for the development of deep CBM production.

The multiscale structure of coal is not only the main flow
channel of CBM but also the main factor influencing its
development. Qin et al. investigated the pore-fracture char-
acteristics of deep coal with a depth of more than 1000m
in the Daning-Jixian area using nuclear magnetic resonance

(NMR) and found that the development of macropores and
fractures is superior to that of micropores [12]. Gao studied
the influence of temperature and stress on the characteristics
evolution of pore-fracture structures in deep coal reservoirs
in the Linxing block by NMR and found that the deforma-
tion of fractures and mesopores is more significant than that
of micropores under the same stress and the negative effect
of temperature on fractures and mesopores is greater than
that of micropores [13]. Xu et al. analyzed the pore structure
of medium-high rank coal samples from depths of 100-
1800m in Yichuan of Shaanxi Province and Shizhuang of
Shanxi Province by mercury intrusion, low-temperature liq-
uid nitrogen adsorption, and NMR. Their results show an
increase in micropores and a decrease in mesopores and
macropores with depth [14]. Lu et al. analyzed the pore-
fracture structure of coal samples from different depths of
14 coal mines in the south of Qinshui Basin and found that
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fracture density is not affected by depth and is distributed
between 7 and 15 fractures/5 cm. Compared with shallow
coal samples, the average diameter of the pore-throat in deep
coal decreases, the volume of micropores increases slightly,
and the volume of mesopores and macropores decreases
slightly; when the depth exceeds 1000m, the porosity is gen-
erally less than 6% [15, 16]. Zheng et al. studied the variation
in porosity with depth in Qinshui Basin and found that the
porosity of coal in the depth greater than 800m is generally
less than 6.5% [17]. Liang et al. studied the pore structure
characteristics of samples at different depths in the Huainan
coalfield and found that porosity decreased with depth, and
the ratio of the macropore specific pore volume to the total
specific pore volume is decreasing, while that of micropores
is increasing [18]. Zhang found there is a binomial relation-
ship between porosity and effective stress in deep coal reser-
voirs in the Yushe-Wuxiang block and Shizhuang south
block [19].

Due to the low permeability of CBM reservoirs, hydrau-
lic fracturing has become a common method to improve
coal seam permeability. However, the solid particles in the
fracturing fluid may block the flow channel, and the adsorp-
tion of the fracturing fluid on the coal surface and the water-
swelling minerals in the coal seam leads to expansion of the
coal matrix during the fracturing, thus reducing the perme-
ability of the seam [20]. In addition, hydraulic fracturing
consumes large amounts of water, pollutes groundwater,
and induces earthquakes [21]. In view of these factors,
exploration of new coal seam fracturing technology is
urgent. Liquid nitrogen fracturing has attracted increasing
attention in recent years [22, 23]. The vaporization and
expansion of liquid nitrogen injected into the coal seam,
the solidification and expansion of water in the coal seam
caused by low temperature, and the thermal stress caused
by low temperature will damage and destroy the coal body,
and then, the permeability of the coal seam is improved
[24]. Qin systematically studied the effect of liquid nitrogen
freeze-thaw on the coal pore-fracture structure. He sug-
gested that more freeze-thaw cycles are better than a longer
freezing time in improving coal seam permeability [24], and
it is the difference in the initial porosity that causes the dif-
ferent increments of permeability under liquid nitrogen
freeze-thaw conditions [25]. Sun et al. found that the impact
of freeze-thaw on rocks pores and fractures is sandstone> li-
mestone> granite, which is also related to their initial poros-
ities [26]. Using nitrogen adsorption and mercury injection,
Qin et al. found that the cumulative seepage pore volume
and total pore volume have an exponential relationship with
freezing time, and cumulative pore volume has a quadratic
relationship with freeze-thaw cycles [27]. Using NMR and
SEM, Qin et al. observed that when the freezing time
increased from 1 minute to 1 hour, the maximum fracture
width increases from 5.56μm to 100μm [28]. Yan analyzed
the pore structure of coal samples with different water con-
tent before and after liquid nitrogen freeze-thaw cycling
using nitrogen adsorption and found that the variation in
pore structure increases with increasing water content [29].
Sun et al. found that the pores and fractures become more
developed when the freezing temperature decreases under

freeze-thaw conditions [30]. Zhai et al. found that freeze-
thaw cycles increase the proportion of mesopores and
macropores and reduce the proportion of micropores [31].

Liquid nitrogen freeze-thaw cycling, a nonwater fractur-
ing technology, has many advantages over hydraulic fractur-
ing. In recent years, scholars have conducted a lot of
researches on the effect of liquid nitrogen freeze-thaw cycles
on the multiscale coal structure, mainly focusing on the
effects of the liquid nitrogen freeze-thaw cycle on shallow
coal. In view of this, using the NMR T2 spectrum, NMRI,
and SEM, this paper compares the evolution of multiscale
structures in deep and shallow coal after different numbers
of liquid nitrogen freeze-thaw cycles to reveal the multiscale
structure evolution law of deep and shallow coal in liquid
nitrogen freeze-thaw cycling.

2. Laboratory Experiments: Methodology
and Procedures

2.1. Samples. The two samples used in the experiments were
collected from Qinshui coalfield. The HL sample was col-
lected from coal seam no. 15 in the Hengling block, and
the SJZ sample was collected from coal seam no. 15 in the
Sijiazhuang coal mine, with sampling depths of 1436 and
420 meters, respectively. The sample was prepared by wire-
electrode cutting, as shown in Figure 1. The sample used in
the liquid nitrogen freeze-thaw experiment is cylindrical,
with a diameter of 25mm and a length of 50mm.

2.2. Multiscale Structure Evolution Experiment of Deep
Coal under Liquid Nitrogen Freeze-Thaw Cycles

2.2.1. Principles of NMR. This paper mainly uses nuclear
magnetic resonance imaging (NMRI) and NMR relaxation
spectrum. The basic principle of NMRI is to apply the radio
frequency pulse, layer selection gradient field, phase encod-
ing gradient field, and frequency encoding gradient field to
the test sample; then, the signal source in three dimensions
is located through slice selection, phase encoding, and fre-
quency encoding. The signal is then collected and decoded
(Fourier transform). Finally, NMRI is achieved according
to the relationship between the signal intensity and image
gray value (pixels with larger signals are more bright, while
those with smaller signals are less bright) [32, 33]. The
NMRI flowchart is shown in Figure 2 [34].

The quantitative relationship between transverse relaxa-
tion time T2 and pore radius r is mainly used to analyze the
multiscale structure of coal in the NMR relaxation spectrum
analysis [35, 36],

r = ρFsT2, ð1Þ

where r is the pore radius, ρ is the surface transverse relaxa-
tion rate (m/s), and Fs is the shape factor; Fs = 1, 2, 3 for the
pore shape of the slit, columnar, and spherical, respec-
tively [37].

As shown in Equation (1), the larger the multiscale
structure is, the longer the corresponding transverse relaxa-
tion time T2 is.
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2.2.2. Experimental Procedures. The coal samples were dried
at 60°C for 24 hours before liquid nitrogen freeze-thaw
cycling. The drying oven is shown in Figure 3. The T2 spec-
trum of the dried samples was used as the base signal. The
SEM, porosity, and permeability tests were carried out
before the freeze-thaw cycling. Then, vacuum-water satura-
tion treatment was performed (12 hours). The vacuum-
water saturation device is shown in Figure 4. The T2 spec-
trum and NMRI tests were conducted under water satura-

tion, and then, the sample was dried (60°C for 24 hours).
Next, the liquid nitrogen freeze-thaw cycles and related tests
were carried out, using liquid nitrogen to freeze the sample
for 1 hour. Figure 5 shows the liquid nitrogen freeze-thaw
device and frozen samples. Then, the samples were melted
at room temperature for 1 hour, and vacuum-water satura-
tion treatment was carried out (12 hours) after every two liq-
uid nitrogen freeze-thaw cycles. The T2 spectrum test was
performed under water saturation, and then, the samples

SJZ

HL

Figure 1: Coal sample wire-electrode cutting.

Slice
selection

Phase
encoding

Frequency
encoding

Signal
acquisition

2D FT processing Layer image display

Figure 2: Flowchart of nuclear magnetic resonance imaging.

Figure 3: Drying oven for coal samples.
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were dried at 60°C for 24 hours and the porosity and perme-
ability tests were conducted. Finally, after 10 liquid nitrogen
freeze-thaw cycles, NMRI and SEM imaging of the samples
were implemented.

3. Results and Discussion

3.1. SEM Comparison before and after Freeze-Thaw Cycles.
The deep and shallow coal samples were imaged before
and after the freeze-thaw cycles using an EVO scanning elec-
tron microscope customized from Zeiss, to investigate the
effect of freeze-thaw cycles on coal microstructure, as shown
in Figure 6.

As can be seen in Figure 6, the expansion of fractures can
be observed in the deep coal sample (HL), and the formation
of new fractures can be observed in the shallow sample
(SJZ), after the liquid nitrogen freeze-thaw cycles. Therefore,
the influence of the freeze-thaw cycles on the microstructure
evolution of deep and shallow coal mainly manifests the for-
mation of new fractures and the expansion of original frac-
tures, which verifies the improved connectivity between
mesopores and macropores and the fracture (macropores
in NMR tests) development found in subsequent NMR tests
after the liquid nitrogen freeze-thaw cycles. Zhai et al.
observed the formation of new fractures in coal by SEM after

freeze-thaw cycles [31]. Qin et al. also observed the expan-
sion of fractures in coal by SEM after freeze-thaw cycles [28].

3.2. NMRI Comparison before and after Liquid Nitrogen
Freeze-Thaw Cycles. In order to visually display the micro-
structure evolution of the deep and shallow coal before and
after the freeze-thaw cycle, NMRI was carried out on the
HL (deep) and SJZ (shallow) samples before and after 10 liq-
uid nitrogen freeze-thaw cycles. The MesoMR23-60H
medium-size NMRI analyzer developed by the Suzhou Niu-
mag Analysis Instrument Corporation was used in this
paper, as shown in Figure 7. In NMRI, the center frequency
is 21.240MHz, the echo time is 5.885ms, the repetition time
is 500ms, the slice thickness is 25mm, the stacking times is
16, the frequency code is 256, and the phase code is 192.

The NMRI results are shown in Figure 8. The bright
spots represent the development of the pore structure in
the NMRI images. The brighter and larger spots reflect the
more developed pore structure [38]. Comparing the NMRI
images of deep and shallow samples before and after the
freeze-thaw cycle, it can be found that the pore structure of
the shallow sample before cycling is better developed than
that of the deep samples, and the variation in pore structure
of the shallow sample is also more significant than that of
the deep coal after liquid nitrogen freeze-thaw cycles, which

Figure 4: Vacuum-water saturation device.

Figure 5: Liquid nitrogen freeze-thaw device and frozen samples.
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can be seen from the initial porosity of the deep and shallow
samples before the freeze-thaw cycle and the variation pat-
terns of porosity during the freeze-thaw cycles (Figure 9).

3.3. Evolution Law of Multiscale Coal Structure during
Liquid Nitrogen Freeze-Thaw Cycles. Considering that the
NMR T2 spectrum comprehensively can reflect the multi-
scale micropore, mesopore, and macropore structure charac-
teristics, the NNM T2 spectra of the deep (HL) and shallow
(SJZ) samples were tested before freeze-thaw and after the
2nd, 4th, 6th, 8th, and 10th cycles. The MesoMR23-60H
medium-size NMRI analyzer developed by Suzhou Niumag
Analysis Instrument Corporation was also used in the
NMR T2 spectrum test. In the test, the main value of the
RF signal frequency was 23MHz, the RF signal frequency
offset was 401587.9Hz, the RF 90° pulse width was
10.00μs, and the RF 180° pulse width was 19.52μs; the signal
frequency range and the sampling frequency received by the
receiver during sampling were 250 kHz, the sampling repeat

interval was 3000ms, the RF delay was 0.08ms, the analog
gain was 20, the digital gain was 3, the count of cumulative
samples was 16, the preamplifier gain was 0, the number of
echoes was 10000, and the echo time was 0.20ms.

Figure 10 shows three peaks in the T2 spectrum during
liquid nitrogen freeze-thaw cycles for the HL and SJZ sam-
ples. Based on the relationship between pore size and relax-
ation time (Equation (1)), with the increase of relaxation
time, the three peaks in the T2 spectrum represent micro-
pores, mesopores, and macropores, from left to right, respec-
tively. From the evolution law of the T2 spectrum in the
process of liquid nitrogen freeze-thaw cycles, it can be found
that with the increase of the number of freeze-thaw cycles,
the peak areas corresponding to micropores, mesopores,
and macropores increase. Namely, with the increase of the
number of liquid nitrogen freeze-thaw cycles, the volumes
of micropores, mesopores, and macropores increase, which
can be verified by Figure 9 (variation law of porosity over
freeze-thaw cycles). Also, the valleys between the peaks cor-
responding to mesopores and macropores gradually become
less visible with more freeze-thaw cycles, which indicates
that the connectivity between mesopores and macropores
is gradually enhanced [38].

In order to investigate the individual evolution of micro-
pores, mesopores, and macropores, the proportion of the
peak areas corresponding to micropores, mesopores, and
macropores in the total area of the three peaks after different
cycle numbers is calculated over the process of liquid nitro-
gen freeze-thaw cycles, as shown in Figure 11.

It can be observed from Figure 11 that the proportion of
micropores in the total pore volume decreases with the
increase of freeze-thaw cycles, and the proportion of meso-
pores and macropores in the total pore volume increases.
Compared to macropores, mesopores increase more obvi-
ously. Zhai et al. investigated the coal pore structure evolu-
tion under freeze-thaw cycles by NMR; they also observed
that the proportion of micropores decreased and the propor-
tion of mesopores and macropores increased [31].

HL

F-T

HL

100 𝜇m 100 𝜇m

200 𝜇m 200 𝜇m

SJZ SJZF-T

Figure 6: SEM images before and after freeze-thaw cycle.

Figure 7: MesoMR23-60H medium-size NMRI analyzer.
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There is a linear relationship between NMR signal inten-
sity and water mass in pore structure [39]. In view of this,
this paper investigates the linear relationship between
NMR signal intensity and water mass in the pore structure
of the coal sample, as shown in Figure 12.

After obtaining the relationship between NMR signal
intensity and water mass, the mass of water in the coal sam-
ple pore structure can be obtained by NMR signal intensity,
from which the volume of the pore structure in the sample
can be further obtained. Finally, the evolution law of NMR
porosity with the number of freeze-thaw cycles was
obtained, as shown in Figure 9.

Figure 9 indicates that the porosity of the deep (4.00%)
sample before liquid nitrogen freeze-thaw cycling is less than
that of the shallow (4.14%) sample. A linear positive correla-

tion exists between the porosity of both samples and the
number of freeze-thaw cycles, and the growth rate of the
deep coal sample is less than that of the shallow coal sample
(Figure 9(a)). Qin et al. found that the coal with larger initial
porosity has a larger porosity growth rate during freeze-thaw
cycling [34]. In this study, the initial porosity in shallow coal
is larger than that in deep coal, which can explain the growth
rate of shallow coal being larger than that of deep coal. Sun
et al. and Qin et al. found that there is a quadratic function
relation between the porosity and the number of freeze-
thaw cycles in shallow coal and shallow rock, respectively
[25, 26]. Therefore, in this study, the relationship between
the porosity and the number of freeze-thaw cycles was also
fitted by the quadratic function (Figure 9(b)). It can be found
that the quadratic function is better than the linear function

(a) NMRI of HL sample before F-T (b) NMRI of HL sample after F-T

(c) NMRI of SJZ sample before F-T (d) NMRI of SJZ sample after F-T

Figure 8: Comparison of NMRI before and after freeze-thaw cycle.
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in fitting the relation between the porosity and the number
of freeze-thaw cycles in both deep and shallow coals. The
coefficient of the quadratic term is positive in shallow coal,

while the coefficient of quadratic term is negative in deep
coal, which indicates that the effect of increasing the
freeze-thaw number on improving the structure is more sig-
nificant in shallow coal than in deep coal. The difference
between deep and shallow coals in response to freeze-thaw
cycles may be also caused by the difference of rock mechan-
ical properties. Li and Li found that the compressive
strength, shear strength, and cohesion of rock increase with
the increase of depth [40].

4. Conclusions

The multiscale structure evolution law of deep and shallow
coal samples from the same seam in the Qinshui coalfield
during the liquid nitrogen freeze-thaw cycles was investi-
gated using the NMR T2 spectrum, NMRI, and SEM. The
following conclusions can be drawn:

(1) The initial NMR porosity of deep coal is lower than
that of shallow coal from the same coalfield and coal
seam
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(2) The connectivity between mesopores and macro-
pores in deep and shallow coal is both improved
after liquid nitrogen freeze-thaw cycles, and the con-
nectivity is gradually enhanced over freeze-thaw
cycles

(3) The influence of the liquid nitrogen freeze-thaw
cycle on the structure evolution of deep and shallow
coal is mainly the formation and expansion of
microscopic fractures

(4) During the liquid nitrogen freeze-thaw cycles, the
volumes of micropores, mesopores, and macropores
in deep and shallow coal increase. The proportion of
micropores in the total pore structure volume
decreases, and the proportion of mesopores and
macropores in the total pore structure volume
increases. Compared to macropores, the increase of
the proportion of the mesopore volume in the total
pore volume is more significant

(5) The NMR porosity of both deep and shallow coal
samples increases with the number of freeze-thaw
cycles, and the NMR porosity growth rate of the
deep sample is lower than that of the shallow sample
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The maximum temperature difference of Tianshan Road can reach 77.4°C in a year. Under such complex mechanical
environment, the mechanical properties of rock mass and structural planes will change significantly as the increase of freeze-
thaw cycles (FTC). Consequently, the FTC has become a key factor in the instability and failure of rocky slopes along the
Tianshan Road. In this paper, the progressive deformation of rocky slopes and sudden failure process after critical instability
were studied through the FTC tests of rock mass and structural planes, discrete element method, and theoretical analysis. The
results show that the structural planes and internal microcracks of the rock mass expand under the action of the FTC, causing
a gradual decrease in the stability of the slope. The dynamic collapse of the rocky slope has a certain degree of randomness
caused by the spatial distribution of structural planes and the interaction between the rock fragments. Due to the limitation of
the slipping space and the tilt angle of the trailing edge of the slope, long-distance migration did not occur, and the in situ
accumulation of the slope was obvious after failure. The analysis method in this paper can provide an important reference for
guiding the catastrophe mechanism analysis and protection of engineering slopes in cold regions.

1. Introduction

The Tianshan Mountains are composed of more than 20
parallel high-steep mountains [1]. As a result, many high-
altitude areas do not melt all year round [2]. The Tianshan
Road is a major traffic artery that traverses the northern,
central, and southern parts of the Tianshan Mountains and
connects southern Xinjiang with northern Xinjiang. There-
fore, its geographic location is very important ([3]; Figure 1).

The Tianshan Road has a total length of 537 km, most of
which is through the alpine mountains above 2000m, and
the geological conditions of the entire line are extremely
complicated. It starts at Dushanzi and ends at Kuche; the
eastern part is connected to the Bayinbulak grassland, and
the western part is connected to the Tangbula grassland.
Specifically, it passed through Bingdaban at an altitude of
more than 4000m three times. The Tianshan Road has
almost all the geological disasters that can occur on the
world’s highways, such as collapses, landslides, mudslides,
frozen soil, and avalanches.

The study area can be characteristic of complex litholog-
ical changes, high-steep slopes, intense unloading, and
multiple cracks. Furthermore, the mechanical characteristics
of rocky slope change significantly as the increase of the
freeze-thaw cycles (FTC), which has become the dominant
factor of rocky slope failure [4]. Once the deformation and
instability of road slope occur, the operation of highway
engineering will be seriously affected. As for these mechani-
cal environments, indoor rock mechanics tests [5, 6], similar
model tests [7], numerical simulations [8, 9], in situ moni-
toring [10, 11], and failure mechanisms [12–14] are used
to study the evolution trend of rock mass. However, there
are still significant gaps between the existing research
methods and the research motivation to effectively reveal
the catastrophic evolution of rocky slopes under the FTC,
especially in the changing mechanical state and the collapse
process after the critical state.

A typical rocky slope along the Tianshan Road was taken
as a research object in this paper. Its progressive deforma-
tion and sudden failure process were studied through the
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FTC test results of rock mass and structural planes, discrete
element methods (DEM), and theoretical analysis. These
analysis methods can provide important references for guid-
ing the evolution trend and protection of engineering slopes
in cold regions.

2. Study Area

Through the comparative analysis of the high- and low-
temperature climate along the Tianshan Road, it can be
found that the maximum temperature difference between
day and night can reach about 45°C. And the maximum
temperature difference in different seasons of the year can
reach 77.4°C, of which the extreme maximum temperature
is 41.8°C in the Wusu section in the northern part of the
study area, and the extreme minimum temperature is
-48.1°C in the Bayinbulak area. Due to intense ultraviolet
radiation, the surface temperature of the rocky slope is about
12°C higher than the expected temperature. Under this
extreme climate, the rocky slopes are affected by the high
temperature stress, ice cleavage force, and frost heave and
thawing shrinkage [15].

In the study area, the terrain is higher in the west and
lower in the east, and the altitude is between 2000m and
5000m. Caused by the subduction and compression of the
Indian plate to the Eurasian plate, the topography of the
mountain crisscross basin is formed. Meanwhile, many gla-
ciers are developed in high-altitude areas along the Tianshan
Road. And due to the deep cutting of the valleys, the terrain
is undulating, and the natural conditions are harsh.

3. Engineering Geologic Conditions

3.1. Topography. The study area is the alpine valley of the
North Tianshan Mountains, specifically on the southern
slope of Hashelekandaban. The slope height is about
25~30m, and the average slope is about 75°. This section is
convex and developed in the conglomerate. The leading edge
of the slope is the Kuitun River that is about 10~15m wide
and about 80m away from the road.

3.2. Formation Lithology and Geological Structures. The
stratigraphy of the study area is relatively simple, mainly

outcropping the Quaternary and the Middle Carboniferous
strata. Among them, the Quaternary deposits are distributed
above the Kuitun River. It is a mainly fragmented conglom-
erate with a particle size of 5~15 cm. The Carboniferous
Middle System belongs to the Bayingou Formation in the
Yilianhaergabishan district, and the lithology is sandstone.
A small fault, about 1 km south of the study area, is derived
from a regional structure.

3.3. Earthquake and Neotectonic Movement. The study area
is located near the North Tianshan seismic belt, which
spreads in the east-west direction, starting from the east of
Barkol and extending westward to the piedmont of the
North Tianshan Mountains. The thrust-wrinkle active zone
in this area is related to earthquakes. And the earthquake
occurrence scope is distributed in an elliptical shape, with
features of low occurrence frequency, high intensity, and
concentrated time distribution.

3.4. Hydrogeological Conditions. The formation, occurrence,
and migration of groundwater are dominated by climatic
conditions, topography, stratum lithology, and geological
structure. Rainfall and glacier snowmelt are the main sup-
plies of groundwater. Groundwater discharges to rivers
through runoff from structure zones or fracture zones. The
annual rainfall in the area ranges from 250mm to 500mm.
Except for a small amount of evaporation, the rest rainfall
is supplied to groundwater and rivers. Fracture water of
detrital rocks is the main type of groundwater. Meanwhile,
the tuffaceous sandstone is the main aquifer.

3.5. Climate. Through analysis of weather station data in the
study area, the extreme cold weather in winter occurs in
January, with an average temperature of -9.0°C. The maxi-
mum thickness of snow can reach 60~150 cm, and the
maximum melting thickness of seasonally frozen soil is
80 cm. The study area surfers the most severe snow damage
in winter along the Tianshan Road. Meanwhile, the extreme
high-temperature weather of summer occurs in July, with an
average temperature of 22.0°C. The annual precipitation
ranges from 250mm to 500mm. The spring and summer
are the seasons with heavy rains, accounting for 65 to 80%
of the annual precipitation.
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4. Structure and Stability Factors of the
Typical Slope

The rock stratum (180°∠35°) of the typical slope is the
medium-thick layered sandstone. The primary structural
planes (294°∠80°) have a spacing of about 1m, an opening

of 5mm, straight and smooth, no fillings, and an extension
length over 10m. The rock mass is divided into approxi-
mately 1m × 1m × 0:5m, and the linear fissure rate is
55.1%. The shape of the slope is convex, without the influ-
ence of groundwater. Due to the excavation and blasting
caused the unloading and rebound of the rock mass, this

Table 1: Parameters of materials in freeze-thaw area (area I).

Material Parameters
Time of the freeze-thaw cycles

0 15 30 50

Rock mass

Density (kg/m3) 2600 2626 2678 2704

Volume modulus (GPa) 5.9 3.1 2.8 2.6

Shear modulus (GPa) 5.1 2.9 2.6 2.4

Cohesion (MPa) 6.2 5.3 4.7 4.2

Internal friction angle (°) 48 41 36 32

Tensile strength (MPa) 3.2 2.7 2.4 2.2

Layer

Normal stiffness (GPa) 13.2 12.6 12.2 11.9

Shear stiffness (GPa) 11.6 11.0 10.6 10.3

Cohesion (kPa) 86 56 50 43

Internal friction angle (°) 42 38 35 34

Structural planes

Normal stiffness (GPa) 11.3 10.7 10.3 10.0

Shear stiffness (GPa) 0.94 0.88 0.84 0.81

Cohesion (kPa) 82 53 47 41

Internal friction angle (°) 40 36 33 31

Table 2: Parameters of materials in nonfreeze-thaw area (area II).

Parameters
Density
(kg/m3)

Volume
modulus (GPa)

Shear modulus
(GPa)

Cohesion (kPa)
Internal friction

angle (°)
Tensile

strength (MPa)

Rock mass 2750 6.2 5.4 7.6 52 3.9

Parameters
Normal

stiffness (GPa)
Shear stiffness

(GPa)
Cohesion (kPa)

Internal friction
angle (°)

Tensile strength
(MPa)

/

Layer 18.2 13.6 180 45 1.2 /

Structural planes 16.4 11.3 160 42 0.8 /

Highway

20°

Weathering
zone line

0 10 20 30 40

1940

1960

1980

1920

1930

1950

1970

Distance (m)

El
ev

at
io

n 
(m

)

Area I Area II

80°294°

Figure 2: The typical section applied in numerical calculations.
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Figure 3: Continued.
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section of the Tianshan Road has fallen blocks year-round.
The weathering thickness of the slope is about 10m. The
dominant structural planes make the rock mass more frag-
mented with a block-to-fragmental structure. With the com-
bination of discontinuities and the free face, it is prone to

slide along the structural planes under the self-weight and
external dynamics.

The freezing conditions are the main external forces for
the slope failure. The study area is in snowy weather from
January to March. In this case, the rainfall and glacier snow
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Figure 3: Max-shear stress distribution of the typical rocky slope.
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melting make water enter the joints network of the rocky
slope, which freeze into ice in winter, expand the volume,
generate ice splitting force, and push the rock mass. Mean-
while, the rock mass is subjected to the FTC of seasonal

reciprocation and the temperature difference between day
and night, causing the cracks to expand and the mechanical
properties of the rock mass to reduce. Taking one year as a
period, the deformation of the rock mass gradually increases.
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Figure 4: Displacement distribution of the typical rocky slope.
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In summary, the failure mechanism of the rocky slope
can be determined to the excavation of highway makes the
leading-edge to form the slipping space, and the layer of
the down-dip slope is cut by the antidip structural planes
to form dangerous rock mass. Then, under the action of
the internal and external forces, the sliding-cracking defor-
mation is generated. After instability, it slips to the free face,
causing a typical sliding-type collapse.

5. Methods

Based on the field investigation, 3DEC is used to simulate
the large deformations of block systems [16, 17]. The typical
section was divided into two areas ([3, 18]; Figure 2). The
mechanical parameters of rock mass and structural planes
in area I are changing with the FTC. And area II is defined
as the nonfreeze-thaw-affected zone. In 3DEC, the blocks
and the structural planes are set to the Mohr-Coulomb
model. The mechanical parameters of the rocks and struc-
tural planes in each area are comprehensively selected
through field survey and indoor test results ([19]; Tables 1
and 2).

After the parameters assignments of all the blocks and
structural planes, the fixed velocity boundary conditions
and load conditions are applied to the numerical model.
The left, right, and bottom boundaries of the model are
fixed, and the upper part of the model has a free boundary.
The times of FTC are taken as the driven parameter, and
the self-weight is considered in the load process. When the
maximum unbalanced force of the node approaches zero
or is relatively small compared with the total force initially
applied, the model is taken as a state of equilibrium.

6. Results

The analysis of 0 times, 15 times, 30 times, and 50 times of
FTC is simulated for the typical rocky slope. And the distri-

bution of max-shear stress (Figure 3) and displacement
(Figure 4) is obtained.

After 15 times of the FTC, a stress concentration zone
appeared along the structural planes in the freeze-thaw
affected area. With the increase of FTC, the concentration
distribution of the max-shear stress in the freeze-thaw
affected area gradually expands. After 50 times of the FTC,
a slipping zone is formed and basically penetrated.

Under the action of the FTC, the maximum displacement
of the slope has increased from 4.468mm to 20.554mm after
15 times of the FTC. After the 50 times of the FTC, the max-
imum displacement increased to 28.366mm, and the factor
of safety was reduced from 2.56 to 1.64, which shows that
the deformation of the slope will increase and the stability
of the slope will decrease.

From the perspective of stability trend (Figure 5), the
factor of safety decreases sharply under 0~15 times of the
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FTC, and then the decreasing tendency tends to be gentle
after 30 times of the FTC. It can be inferred that the sliding
collapse may undergo local instability under the action of the
FTC with intense weathering or unloading. Affected by
external factors such as heavy rainfall or earthquakes, the
slope may be a failure.

7. Discussions

According to the previous theoretical analysis, the critical
state was predicted by the evolution trend [20]. The related
mechanical parameters of the rock mass and discontinuities
were determined by the existing test data [21]. Furthermore,
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Figure 7: The dynamic collapse process of the typical section.
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the microscopic parameters were calibrated according to the
macroscopic parameters in the critical state, and the related
methods will not be described in detail [22, 23].

A numerical model was established based on the typical
section involving 35496 particles (Figure 6). The bedrock
without weathering at the trailing edge was simplified as a
wall to reduce the amount of calculation. Notably, this sim-
plification of trailing edge may affect the simulation results
of the slip rate of the rocky slope, but it can still effectively
reveal the whole collapse process. Four monitoring points
were placed on the typical section.

The dynamic collapse process of the typical section
(Figure 7) led to several conclusions. As the concentration
of shear stress in rocky slope, dense cracks expand from
the toe to the middle part along the structural planes. The
cracks increase and gradually penetrate, forming a gradual
cumulative failure, which leads to further collapse of the
slope under the action of gravity.

According to the dynamic characteristics of monitoring
points (Figure 8), the displacement continues to increase,
and the velocity begins to fall after reaching the peak values.
Specifically, the peak values of slip velocity and the final slip
distance of monitoring point 2 in the leading edge are the
largest, while the related values of monitoring point 4 are
the smallest. This phenomenon shows that due to the spatial
distribution of multiple structural planes and the interaction
between the rock fragments, the movement characteristics of
the particles have a certain randomness during the failure
process. Moreover, the sliding space at the leading edge is
limited, and the sliding inclination angle of the trailing edge
is small. As a result, there is no long-distance migration, and
the in situ accumulation phenomenon of the slope is obvious
after slope failure. Even so, the sliding failure of the rocky
slope would still cause great damage to Tianshan Road.

The dynamic characteristics of monitoring points are
consistent with the data monitored by the Zhenziyan
collapse [24], which shows that the numerical simulations
are effective.

8. Conclusions

Driven by the times of FTC, the mechanical parameters of
the rock mass and structural planes were reduced. And the
numerical calculations of DEM were used to reveal the
disaster-causing effect of the freezing and weathering envi-
ronment in the alpine area.

Specifically, as the increase of FTC, the structural planes
and internal microcracks of the rock mass would expand
under the action of frost heave force. Moreover, the physical
and mechanical properties of the rock mass on the surface
are further deteriorated, leading to a gradual decrease in
slope stability.

The dynamic collapse results show that the cracks grad-
ually extend from the toe to the middle part of the rocky
slope along the structural planes. The cracks continue to
increase and gradually penetrate, forming a progressive
failure, which causes further collapse of the slope under the
action of gravity. Due to the spatial distribution of multiple
structural planes and the interaction between rock frag-

ments, the movement characteristics of rock masses have a
certain degree of randomness in the collapse process. And
the sliding failure of the rocky slope will cause great damage
to Tianshan Road. Therefore, it is necessary to strengthen
the monitoring of the rocky slope of Tianshan Road. In this
case, the real-time deformation and mechanical state can be
obtained, and the threat of landslide can be prevented.
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Rock mechanical parameters are of great importance for the construction and design of rock engineering. Rocks are usually
subjected to the deteriorating effect of cyclic wetting-drying because of the change in moisture content. The main objective of
this study is to reveal the degradation effects of wetting-drying cycles on strength and modulus on varying rocks. Three kinds
of sandstones with different mineral constituents are selected for testing. Artificial treatments of cyclic wetting-drying are
conducted on respective specimens of the three sandstones (0, 10, 20, 30, and 40 cycles) to simulate the damage of rocks
exposed to natural weathering. Uniaxial compressive tests are carried out on sandstone specimens to obtain their strength and
modulus. Test results show that, for the tested sandstones, both of the uniaxial compressive strength (UCS) and modulus are
reduced as the cyclic number rises. In the first ten cycles, the losses of UCS and modulus are very significant. Subsequently the
changes of UCS and modulus become much more placid against cyclic number. When the cyclic number is the same, the loss
percentages of rock mechanical properties of the three sandstones are very different which mainly depends on the contents of
expandable and soluble minerals.

1. Introduction

In the pluvial region, rock masses are commonly exposed to
cyclic wetting-drying (WD) interactions in many rock engi-
neering applications, such as slope, mining, tunnelling, and
underground storage [1–3]. The periodic cyclic WD can dete-
riorate the mechanical characteristics of rocks, which would
cause some engineering geological hazards, e.g., ground subsi-
dence, landslide, and mine collapse [4–7]. Thus, on account
of the stability and safety of rock engineering, a deep under-
standing the deformation and mechanical behavior of rocks
exposed to WD cycles is of great significance.

So far, the impact of WD weathering on rock mechanical
properties has been widely explored. For instance, Hale and
Shakoor [8] performed uniaxial compressive tests on six
kinds of sandstones after 50 WD cycles. They reported that
no remarkable correlation between uniaxial compressive

strength (UCS) and WD cycles can be found. Similar tests
have been widely carried out under quasistatic and dynamic
conditions. More researchers however hold the opinion that
as the number of WD cycles increases, the UCS of rocks is
decreased [9–20]. Except for uniaxial compressive tests,
many other types of experimental tests were also performed
on rock specimens exposed to cyclic WD treatments, such as
triaxial compressive test [13, 21, 22], Brazilian disc test
[17, 23, 24], bending test [25–27], and shear test [28, 29].
For example, Zhang et al. [29] found that under the same
vertical stress, the shear strength of siltstone declines after
cyclic WD treatments. Hua et al. [26, 27] measured mode I
and mode II fracture toughness of a Chongqing sandstone
of sandstone and found that the twomodes of fracture tough-
ness are decreased by 52.4% and 56.2% when the sandstone
specimen is endured seven WD cycles. Zhou et al. [24] first
investigated the dynamic tensile properties of sandstone
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subjected to cyclic WD treatments by means of a split
Hopkinson pressure bar. They discovered that as the WD
cycles rises, the dynamic tensile strength of sandstone declines
significantly at given loading rates. Also, they established a
strength prediction model considering rate effect and WD
deterioration. Overall, the strength, stiffness, and fracture
toughness of different rocks experience varying deterioration
levels after cyclic WD. However, the underlying mechanism
is not understood. Technically speaking, the test data in differ-
ent publications are not comparable due to the differences in
lab weathering methods and testing conditions, such as
wetting or dryingmethod, testingmachine, and loading speed.

This research is aimed at understanding the deterioration
of mechanical behavior of rock caused by cyclic WD; a series
of uniaxial compressive tests are conducted on three kinds of
sandstone specimens. The strength and elastic modulus of
sandstone specimens after different WD cycles are obtained.
The sensitivity of mechanical behavior for the three sand-
stones to cyclic WD deterioration is revealed. The weakening
mechanisms induced by cyclic WD are elucidated.

2. Experimental Method

2.1. Testing Materials and Specimen Preparation. Three
kinds of sandstones with different engineering properties
are selected for test materials, which are labelled as S1, S2,
and S3, respectively. The optical image of thin sections for
the three sandstones is shown in Figure 1. Their mineralog-
ical constituents are measured via X-ray diffraction (XRD)
technique, as listed in Table 1. As seen in Table 1, mineral
contents of the three sandstones are very different. S1 holds
abundant content of clay minerals (about 13.77%), while S3
has few clay minerals (less than 1%). S2 has a moderate clay
content of 2.03%.

50mm rock cores are first drilled from one single slate
without visible discontinuities. Then, the cores are sliced
into cylindrical specimens with the length slightly greater
than 100mm. Subsequently, all ends of each specimen are
polished by a grinding machine to the top and bottom sur-
faces planar to each other and perpendicular to the long axis
of this specimen. After specimen manufacturing, the internal
moisture of all specimens is removed via the oven-dried
method under a constant temperature of 50°C for more than
48 hours. These specimens are considered the specimens free
from cyclic WD treatments for comparison.

The whole artificial WD treatment includes a free-soaking
period and oven-drying period, as depicted in Figure 2. In the
former period, the specimens are submerged a tank full of
distilled water at 25°C for 48 hours to get a nominal complete
water-saturated state. In the later period, the water-saturated
specimens are put into the oven at 50°C for 48 hours for dry-
ing. Then, the specimens are cooled in the oven at 25°C for 2

S1 S2

S3

Figure 1: Optical microscope images of the three tested sandstones.

Table 1: Mineral constituents of the three sandstones.

Mineral
Mass percentage (%)

S1 S2 S3

Quartz 57.20 44.94 63.39

Feldspar 13.48 28.71 29.09

Calcite 5.26 17.36 1.79

Hematite 6.45 5.35 1.07

Mica 3.84 1.61 2.21

Clay

Smectite 9.72 0 0

Chlorite 4.05 2.03 0

Clinochlore 0 0 <1
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hours. For each type of rock, we design five groups of speci-
mens experiencing 0, 10, 20, 30, and 40 WD cycles for testing.
Each group prepares five specimens.

2.2. Experimental Setup. A servocontrolled material testing
system (MTS 332) is used to perform all uniaxial compressive
tests are performed on a servocontrolled material testing sys-
tem (MTS 332), as seen in Figure 3. The MTS 332 has a global
stiffness of 1370kN/mm and a loading capacity of 500 kN. The
displacement-control loading approach is adopted. During
tests, the displacement speed is maintained at 0.24mm/min
until specimen failure, i.e., the axial deformation rate of the
specimen is nearly 4 × 10−5 s-1. The applied axial load is
recorded by a load cell in the machine. The axial deformation
of the specimen is determined by a linear variable differential
transformer attached besides the specimen.

3. Test Results and Discussion

3.1. Effect of WD Cycles on Rock Strength. Figure 4 shows the
uniaxial compressive strength (UCS) of the tested sandstones
after cyclic WD treatments. We can observe that, for the
original specimen, the rank of UCS is S3> S2>S1. With the
increasing number of WD cycles (n), the UCS of each sand-
stone decreases with different declining rates. For S1 and S2,
their UCS experiences relatively remarkable changes with the
increasing cyclic number. However, the UCS of S1 has very
slight reduction induced by cyclic WD.

Figure 5 further presents the normalized UCS of the tested
sandstones. It is found that the UCS of the three tested sand-
stones drops dramatically in the first ten WD cycles and then
stabilizes. This phenomenon agrees with test data in many
prior studies [10–12, 14, 20]. After 40WD cycles, the percent-
age of UCS reduction for S1, S2, and S3 is 29.99%, 17.78%, and
7.15%, respectively.

As reported by Zhou et al. [20], the relationships
between rock properties and the number of WD cycles (n)
can be characterized by the exponential form:

σc nð Þ = a + be−cn, ð1Þ

where σc is UCS and a, b, and c are fitting constants. Specif-
ically, the term of b is a dimensionless constant, which
represents the strength reduction rate as the increase of n.
The higher value of b means the stronger sensitivity of
UCS to WD cycles.

To compare the UCS sensitivity of the tested sand-
stones to WD cycles, we fit the test data according to
Equation (1) as shown in Figure 4. The specific relation
expressions are

Oven-drying

Free-wetting

Water tank

Distilled water
25°C, 48 h

Drying: 50°C, 48 h
Cooling: 25°C, 2 h

Oven

Figure 2: Schematic of a whole wetting-drying treatment process.

Figure 3: Photographic view of the loading apparatus.
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where σc1, σc2, and σc3 are the UCS of S1, S2, and S3,
respectively; R2 is the coefficient of determination. From
Equation (2), we can see that S1 has the largest UCS
sensitivity to WD cycles, followed by S2 and S3.

3.2. Effect of WD Cycles on Rock Modulus. Initial modulus
and Young’s modulus are compared in the section. They
are measured from the stress-strain curve. The former is

calculated according to the secant modulus at the strain of
0.2%, and the latter is the gradient of the linear portion.

Figure 6 shows the changes in initial modulus and
Young’s modulus of the tested three sandstones versus the
number of WD cycles. From Figure 6(a), for all tested sand-
stones, the average values of initial modulus decrease as the
cyclic number increases. Initially, the average initial modulus
of S1, S2, and S3 are 3.59GPa, 4.28GPa, and 2.88GPa,
respectively. After 10 cyclic WD treatments, they are
decreased to 2.44GPa, 3.46GPa, and 2.63GPa. Thereafter,
the initial modulus declines more slowly and tends to
become stable as cyclic number rises. It also can be seen
from Figure 6(b) that, when a rock specimen is experienced
a given number of WD cycle, its Young’s modulus is greater
than initial modulus. Also, Young’s modulus follows a simi-
lar decreasing pattern as the initial modulus.

Figure 7 further displays the modulus reduction of sand-
stones after 40 WD cycles. We can observe that when the
tested three sandstones are subjected to 40 WD cycles, the
initial modulus of S1, S2, and S3 is reduced by 49.03%,
33.88%, and 16.32%, respectively. The loss percentage of
Young’s modulus is 38.38%, 18.14%, and 4.16% for S1, S2,
and S3, which is much lower than that of initial modulus.

4. Discussion

4.1. Weakening Mechanism for Strength Reduction Induced
by WD Cycles. It is extensively shared that the presence of
water plays a dominant weakening role on rock strength
and stiffness due to physical-chemical-mechanical water-
rock interactions [19, 30–34]. Some water-weakening effects
will be vanished when the rock is dried again, but some are
not and lead to irreversible damage of rock structure [35].
Cyclic WD treatments further aggregate the cumulative
damage. The underlying mechanisms for the rock damage
induced by WD cycles are as follows [25]:

(1) Mechanical cracking induced by expandable min-
erals: when the rock is immersed in water, some
expandable minerals, e.g., smectite, will absorb water
molecules and dilate. The swelling pressure on the
pore wall will promote the creation and propagation
of intergranular cracks [36]. Also, in the oven-drying
period, the swelling pressure will decrease as the free
water evaporates. During cyclic WD treatments, the
pores containing expandable minerals are actually
subjected to repeated tensile loads. This fatigue load-
ing further damages the rock structure [25]

(2) Mineral dissolution: mineral grains are commonly
insoluble in distilled water. However, under atmo-
spheric condition, the calcite will react with distilled
water due to the presence of gaseous carbon dioxide
as follows [37]:

H2O + CO2 gð Þ⟶H+ +HCO3
−

CaCO3 + H+ ⟶ Ca2+ + HCO3
−

(

ð3Þ
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Figure 4: Variation in the UCS of tested sandstones versus the
number of WD cycles.
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Figure 5: Normalized UCS of tested sandstones versus the number
of WD cycles.
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The abovementioned two reactions can increase the
crack density in rock, which is verified from scanning elec-
tron microscope [13, 25] and computerized tomography
[17]. This will further decrease the rock strength. Hence,
we can deduce that the strength reduction induced by cyclic
WD is highly controlled by the content of expansible min-

erals (smectite) and soluble minerals (calcite). It can be seen
from Figure 8 that the percentage of UCS loss after 40 cycles
rises as the percentage of clay mineral increases. However,
there is no clear correlation between the UCS loss and calcite
content. Thus, we can infer that the smectite swelling plays a
more important role in rock deterioration than calcite disso-
lution. Among the tested three sandstones, S1 has the most
content of smectite (9.72%) and a moderate content of cal-
cite (5.26%); thus, it experiences the greatest UCS loss
caused by cyclic WD and is most sensitive to cyclic WD.
Though there is no smectite in S2, it has a considerable
content of calcite, such that the UCS reduction of S2 is the
second largest after S1. In S3, no expandable minerals and
a little content of calcite exist. These results in the UCS of
S3 are not sensitive to WD cycles.

4.2. Weakening Mechanisms for Modulus Reduction Induced
by WD Cycles. As known, the initial modulus is an indicator
of the volume of microdefects within the rock specimen. The
lower initial modulus means the greater volume of initial
defects. As discussed in Section 4.1, after cyclic WD treat-
ments, the crack density in rock specimen will increase pri-
marily due to mechanical cracking and mineral dissolution.
The decrease of initial modulus verifies our hypothesis to
some extent. The loss percentage of modulus is related to
the increment of defect volume caused by WD cycles. Simi-
lar with UCS, the different sensitivities of modulus to cyclic
WD depend on the content of smectite and calcite.
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Figure 6: Variation in (a) initial modulus and (b) Young’s modulus of tested sandstones versus the number of WD cycles.
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4.3. Engineering Significance. Rock strength and modulus are
very crucial parameters for rock engineering design and con-
struction [38]. In practice, rock structures are commonly
exposed to water erosion and cyclic wetting-drying degrada-
tion. Our test results reveal that rock strength and modulus
will be decreased after cyclic WD treatments. The declining
extent is mainly controlled by the contents of expandable
and soluble minerals. Thus, it should be noted that the weak-
ening effects of WD on rock strength and modulus should be
considered. Before rock engineering design, the rainy period
or the variation of water table should be surveyed; the engi-
neering indicators of rock are predicted according to the water
cyclic period and the service life of project. Moreover, some
potential protection methods can be adopted to alleviate
water-weakening effects [25]:

(1) Rocks containing high contents of expandable (e.g.,
smectite) and soluble (e.g., calcite) minerals cannot
be used for critical structures, such as the key pillar
in underground cavern

(2) Waterproof measures must be applied in critical
rock structures

(3) To clog the channels of water seepage, specific
binders can be used on rock structures to repair the
visible fractures and cracks

5. Conclusions

In the present study, we aim to understand the effects of
wetting-drying cycles on the strength andmodulus of different
rocks; uniaxial compressive tests were carried out on three
kinds of sandstone specimens suffering different numbers
of artificial cyclic wetting-drying treatments (up to 40
cycles). The following specific conclusions can be made:

(1) For the tested sandstones, when they suffer wetting-
drying cycles, their uniaxial compressive strength
and modulus are decreased in different contents

(2) The losses of strength and modulus are commonly
remarkable in the first ten cycles, and then, the
declining rate is much gentler

(3) The sensitivity of rock strength and modulus to
wetting-drying cycles is controlled by the mineral
composition of rock. The clay swelling and calcite
dissolution are probably the dominating mechanisms
for the degradation of rock properties after wetting-
drying cycles
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Gas is associated with coal mining; it commonly exists in the coal seam. It is one of the major dangers during the production
because its reaction between the coal masses may induce the gas-coal outburst as well as it being an expositive matter. The gas
accident has caused a huge amount of property damage and casualties. Therefore, the primary precaution for coal mining is
gas control. At present, drilling and extraction are the main approaches for gas accident prevention. After drilling, the ground
pressure will be released; the gas which is in a free state or absorbed in the coal seam will be easy to extract as the migration
channel is enhanced. Hence, one of the most concerned problems is the stress redistribution of the coal and rock mass around
the borehole. In practical engineering, there are many joints distributed in the coal and rock strata, so it is necessary to
investigate the effect of the drilling in the jointed coal and rock mass. In this paper, the boundary element model of the
borehole in the jointed coal and rock mass is established to study the influence of joints on the stress and displacement field.
The following results can be obtained. The number of joints has a significant effect on the maximum displacement of the coal
and rock mass. The maximum displacement increases with the number of the joint. The position of the maximum
displacement shifts from the boundary of the borehole to the far field. Meanwhile, it can be found that the displacement may
reach a peak value when the joint angle is 30° and if the joint number is less than 4, and the maximum displacement may
occur under the joint angle of 45° and if the joints number continuous increases. The von Mises stress has a trend of
increasing with the number of joints when the joint angle is less than 30°, while it has a decreasing trend when the joint angle
is larger than 30°. The max stress may occur at the joint angle of 15°. The maximum shear stress occurs mostly in the No. 4
joint and the No.7 joint. When the joint angle is 30°, the maximum shear stress occurs in the No. 3 joint and the No. 4 joint.
The overlap of the position of the maximum von Mises stress or the maximum displacement with different joint angles or
different numbers of joint leads to a reexploration of such positions. The position of the maximum von Mises stress and the
maximum displacement o is relatively steady, which locates symmetrically around the borehole. The line between the points
that behaves as the maximum von stress is approximately perpendicular to the joint direction.

1. Introduction

Gas is associated with coal mining; it commonly exists in the
coal seam. It is one of the major dangers during the produc-
tion, because its reaction between the coal masses may
induce dynamic disasters such as gas-coal outburst, as well

as it being an expositive matter. The gas accident has caused
a huge amount of property damage and casualties [1–5].

Therefore, the primary precaution for coal mining is gas
control. At present, mining of the protective layer and
drilling-extraction are the main approaches for gas accident
prevention. However, a suitable protective layer cannot be
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always found, especially in the deep underground. Thus,
drilling-extraction may be the preferred method for the
regional gas control under this circumstance [6–10]. After
the drilling, the ground pressure will be released, the gas
which is in a free state or absorbed in the coal seam will be
easy to extract as the migration channel is enhanced. Hence,
one of the most concer1ned problems is the stress redistri-
bution of the coal and rock mass around the borehole.

At present, many studies have been carried out to inves-
tigate the process, effect, and the mechanism of pressure
relief by drilling. Wang optimized the surface drilling posi-
tion and drainage pressure of Yuwu coal mine. The results
show that the position in horizontal of surface drilling
should arrange inside of “O” ring, and in vertical, it should
be arranged between the collapse zone to the middle part
of the fracture zone [11]. Tong et al. studied the behavior
of gas extraction from the protected layer by surface drilling.
It is found that, after the protected layer working face was
advanced through the surface drilling, the gas extracted by
surface drilling behaves as 3 periods, i.e., the rising period,
stable period, and decay period [12]. Lian studied the key
factors of well completion such as well layout, well structure,
drilling technology, and drilling management and provided
reference for the application of gas extraction in surface
wells [13]. Liu et al. proposed an efficient strategy to mini-
mize air leakage for underground gas extraction based on
the controlling of the fracture permeability of the coal rock
mass. A good strategy to minimize air leakage for under-
ground gas extraction is to seal the developed fractures
around the borehole [14]. Based on the results of the drain-
age from pressure release area, Wu indicated that the
coalbed methane drainage from coal seams with low perme-
ability in the release area of pressure is not only advanta-
geous to the coal mine safety production but also can
enhance recovery ratio of the coalbed methane enormously
and enhances the economic efficiency of the coalbed meth-
ane development [15]. Chen et al. carried out a hydraulic
flushing technology with cross-seam boreholes to solve this
problem. Furthermore, the optimal spacing of hydraulic
flushing boreholes (HFB) is determined to provide the basis
for field testing [16]. Hu et al. conducted an experimental
study on the permeability enhancement of boreholes by
using liquid CO2 phase-transition blasting (LCPTB). The
results indicated a significant increase in the permeability
of the coal seam, and the efficiency of gas drainage can be
obtained by using LCPTB. The amount of gas extracted from
the LCPTB-enhanced holes was 1.8–8 times greater than
that extracted from common borehole [17]. Gao et al. stud-
ied the effect of the borehole and the borehole-slotting on
the pressure relieve. The parametric study of the geometry
of the slotting, and the in situ stress is carried out [18].
Wei et al. optimized the process parameters of gas extraction
and carried out the application study in the field. The results
show that the reduction of gas pressure around the borehole
group is larger than that from a single borehole. The bore-
hole spacing is suggested to be 2 times of or over the effective
drainage radius [19]. Zhao et al. studied the influence of coal
gas seepage law between boreholes for gas extraction and
proposed the law of gas pressure distributions, gas seepage

velocity distributions, and permeability change in the coal
rock mass between two drilled boreholes and around the
two boreholes [20].

As we know, the underlying mechanism of drilling-
extraction is pressure relief. When a borehole is drilled in
the coal rock mass, the stress will be released and the perme-
ability of the coal mass is also changed as the deformation.
Therefore, the stress and displacement may be the important
indexes for describing the drilling effect. Meanwhile, there
are many joints in the coal rock mass which may also impact
the drilling effect. In this paper, a boundary element model
of a borehole in jointed coal rock mass is established and
simulated. The stress and displacement of the coal rock mass
around the borehole is analyzed. The influence of the angles
and number of joints on the stress and displacement field is
discussed. The results can be a reference for borehole drilling
evaluation of coal bed methane gas engineering.

2. Model Establishment

The analysis domain is a 10m × 10m square. The borehole
is a circle with a radius of 0.3m, and the center of the bore-
hole is located at the point of ð0, 0Þ. The in situ stress in the
horizontal direction is 10MPa, and the in situ stress in the
vertical direction is 17MPa. As shown in Figure 1, there
are 7 paralleled joints in a group. And the joint direction θ
varies from 0° to 75° with the interval of 15°. The spacing
of the joints in each group is about 0.9m.

The mechanical parameters of the coal rock mass are
listed in Table 1. The normal stiffness and the shear stiffness
of the joint are assumed as 10000MPa/m and 1000MPa/m,

10 m

4

3

2

0.3 m

1

5

(0 m, 0 m)
𝜃

0.9 m
6

7

Figure 1: Geometry model.

Table 1: The mechanical parameters of the coal rock mass.

Parameter
Poisson’s
ratio

Frictional
angle

Cohesion
Elasticity
modulus

Tensile
strength

Value 0.25 50° 2MPa 10GPa 0.3MPa

2 Geofluids



–4.50e–005
4.50e–005
1.35e–004
2.25e–004
3.15e–004
4.05e–004
4.95e–004
5.85e–004
6.75e–004
7.65e–004
8.55e–004
9.45e–004
1.04e–003

Total
displacement
m

(a) Without joint

–1.50e–004
1.50e–004
4.50e–004
7.50e–004
1.05e–003
1.35e–003
1.65e–003
1.95e–003
2.25e–003
2.55e–003
2.85e–003
3.15e–003
3.45e–003

Total
displacement
m

(b) Joint angle: 0°

–1.50e–004
1.50e–004
4.50e–004
7.50e–004
1.05e–003
1.35e–003
1.65e–003
1.95e–003
2.25e–003
2.55e–003
2.85e–003
3.15e–003
3.45e–003

Total
displacement
m

(c) Joint angle: 15°

Total
displacement

–2.00e–004
2.00e–004
6.00e–004
1.00e–003
1.40e–003
1.80e–003
2.20e–003
2.60e–003
3.00e–003
3.40e–003
3.80e–003
4.20e–003
4.60e–003

m

(d) Joint angle: 30°

Figure 2: Continued.
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respectively. In this paper, the maximum stress and the max-
imum displacement are most concerned as such physical
values may results in key issues that represent the drilling
effect in practical engineering.

3. Analysis of the Numerical Results

3.1. Displacement Field. As shown in Figure 2(a), the total
displacement of the model is symmetric in vertical and hor-
izontal directions as there is no joint distributed in the
model. The maximum displacement occurs at the boundary

of the borehole. As shown in Figures 2(b)–2(g), compared
with the model of Figure 2(a), the displacement field changes
greatly under the effect of the joints. The position of the
maximum displacement shifts from boundary of the bore-
hole to the far field. The maximum displacement of the coal
rock mass can be found around the No. 4 joint and No. 7
joint (Figure 1).

The max displacement is the maximum total displace-
ment of the model under different conditions, including
the horizontal displacement and the vertical displacement.
The total displacement is the vector sum of the vertical

–2.50e–004
2.50e–004
7.50e–004
1.25e–003
1.75e–003
2.25e–003
2.75e–003
3.25e–003
3.75e–003
4.25e–003
4.75e–003
5.25e–003
5.75e–003

Total
displacement
m

(e) Joint angle: 45°

–2.50e–004
2.50e–004
7.50e–004
1.25e–003
1.75e–003
2.25e–003
2.75e–003
3.25e–003
3.75e–003
4.25e–003
4.75e–003
5.25e–003
5.75e–003

Total
displacement
m

(f) Joint angle: 60°

–2.00e–004
2.00e–004
6.00e–004
1.00e–003
1.40e–003
1.80e–003
2.20e–003
2.60e–003
3.00e–003
3.40e–003
3.80e–003
4.20e–003
4.60e–003

Total
displacement
m

(g) Joint angle: 75°

Figure 2: Displacement nephogram.
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displacement and the horizontal displacement. As shown in
Figure 3, the maximum displacement of the coal rock mass
is impacted significantly by the number of joints as it has
an entire trend of rapid increase rapidly with the number
of joints. Meanwhile, it can be seen that there is a slight drop
of the displacement when the joints distributed at 15°

(Figure 3(b)) or 30° (Figure 3(c)). And the drop occurs when

the joint number rises by 4 to 5. It also can be found that the
domination component of the maximum displacement
gradually transits from vertical displacement to horizontal
displacement as the joint angle varies from 0° to 75°.

As shown in Figure 4, if the joint number is less than 4,
the maximum displacement increases with the angle of the
joint (0° ≤ joint angle ≤ 30°). However, the maximum
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Figure 3: Variation of the displacement.
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Von Mises stress
MPa

10.5
13.5
16.5
19.5
22.5
25.5
28.5
31.5
34.5
37.5
40.5
43.5
46.5

(a) Without joint
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(b) Joint angle: 0°
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(d) Joint angle: 30°

Figure 5: Continued.
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displacement behaves in an opposite trend when the joint
angle is larger than 30°, i.e., 30° ≤ joint angle ≤ 75°. And it
can be concluded that the displacement may reach a peak
value when the joint angle is 30° if the joint number is less
than 4.

3.2. Stress Field. As shown in Figure 5, the maximum von
Mises stress is around the boundary of the borehole with
any joint angle. It means that the joints have little effect on
the position of the maximum von Mises.

As shown in Figure 6, the von Mises stress has a trend of
increase with the number of joints when the joint angle is less
than 30°, while it has a decreasing trend when the joint angle is
larger than 30°. It also can be found that the stress generally
decreases with the incline joints (joint angle > 0°). In addition,
the max stress may occur at the joint angle of 15°.

For each joint angle, the maximum shear stress of the
joints is summarized in Table 2. The value in the table is cal-
culated with the distribution of 7 joints for each joint angle.
It can be seen that the maximum shear stress occurs mostly

Von Mises stress
MPa –1.5

1.5
4.5
7.5

10.5
13.5
16.5
19.5
22.5
25.5
28.5
31.5
34.5

(e) Joint angle: 45°

Von Mises stress
MPa 4.5

7.5
10.5
13.5
16.5
19.5
22.5
25.5
28.5
31.5
34.5
37.5
40.5

(f) Joint angle: 60°

Von Mises stress
MPa

7.5
12.5
17.5
22.5
27.5
32.5
37.5
42.5
47.5
52.5
57.5
62.5
67.5

(g) Joint angle: 75°

Figure 5: Von Mises stress nephogram.
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in the No. 4 joint and the No.7 joint. When the joint angle is
30°, the maximum shear stress occurs in the No. 3 joint and
the No. 4 joint. And it should be noted that the relationship
between the shear stress and shear displacement is a linear
relationship with one parameter, i.e., the shear stress divided
by the shear stiffness is the shear displacement. Thus, the
shear displacement is not listed in this paper. And it can
be concluded that the maximum shear displacement occurs
in the same position of the maximum shear stress. This indi-
cates that the farther the joint is from the borehole, the joint
behaves the greater the shear displacement.

3.3. Discussion. In Sections 3.1 and 3.2, the displacement
field and the stress field are analyzed in the view of the joint
angle and the number of the joints, while to get a well under-
standing of the evolution of such physical fields should be
not only focused on the quantity that was affected by the
joints but also focused on the position evolution.

Figure 7 is the plot of the occurrence of the maximum
von Mises stress. As described in Section 3.2, the maximum
von Mises in each distribution model of the joints may occur
around the borehole. A, B, C, D, E, F, and G are denoted as
the position that the maximum stress occurs. Besides, the
relevant data is summarized in Table 3. It should be pointed
that each model has a characteristic of symmetry, and the
position may be not unique. Here, only one position for each
model is listed.

It is obvious that all the position of the maximum von
Mises stress occurs in the same position which is close to
the borehole boundary. It means that such position does
not change with the number of joints or the joint angle. This
finding is not very reasonable as the joint angle varies. How-
ever, it can be found that the similarity in position or the
same positions may be due to the computation element/unit
size after a double check of the results obtained by software.
Therefore, further exploration of the results is needed. And
the refined results of the position are then obtained. The
positions of the maximum von Mises stress and the displace-
ment for each joint angle are plotted in Figure 8. A1 and A2
are the position that the maximum von Mises stress behaves.
Similarly, B1 and B2 are the position that the maximum
stress behaves.

Based on Figure 8, the symmetry of A1 and A2 (B1 and
B2) can be observed. And in accordance with the current
results, those positions are located around the borehole. In
addition, it can be inferred from Figure 8 that the line
between A1 and A2 is approximately perpendicular to the
joint direction. The reexplored values of the maximum von
Mises stress and the maximum displacement are listed in
Tables 4 and 5. The trend of the stress and the displacement
generally agrees with the results of Section 3.1 and Section
3.2 in terms of the joint angle and joint number.
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The number of joint
4 5 6 7

0°
15°
30°
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Figure 6: Maximum von Mises stress with the number of joints.

Table 2: Summary of the maximum shear stress of the joints
(MPa).

Joint number
Joint angle

0° 15° 30° 45° 60° 75°

1

2

3 1.67

4 0.32 1.22 1.61 1.50 1.01

5

6 1.67

7 0.32 1.22 1.61 1.50 1.01
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4. Conclusions

Based on the boundary element, the numerical model of the
coal rock mass with the distribution of the joints is estab-
lished to study the influence of borehole drilling on the stress
and displacement field. The parametric study is carried out
in terms of the joint angle and the number of joints. The fol-
lowing conclusions can be obtained.

(1) The maximum displacement increases with the
number of joints. The position of the maximum dis-
placement shifts from the boundary of the borehole
to the far field. The maximum displacement of coal
rock mass can be found around the No. 4 joint and
No. 7 joint. There is a slight drop of the displacement
when the joints are distributed at 15°or 30°. The dis-
placement may reach a peak value when the joint
angle is 30° and if the joint number is less than 4.
The drop occurs when the joint number rises by 4
to 5. The domination component of the maximum
displacement gradually transits from vertical dis-
placement to horizontal displacement as the joint
angle varies from 0° to 75°

(2) The von Mises stress has a trend of increase with the
number of joints when the joint angle is less than
30°. It has a decreasing trend when the joint angle
is larger than 30°. Such stress generally decreases
with the incline joints (joint angle > 0°). The maxi-
mum von Mises stress may occur at the joint angle
of 15°. The maximum shear stress occurs mostly in

the No. 4 joint and the No.7 joint. When the joint
angle is 30°, the maximum shear stress occurs in
the No. 3 joint and the No. 4 joint

(3) The overlap of the position of the maximum von
Mises stress or the maximum displacement with dif-
ferent joint angles or different numbers of joints
leads to a reexploration of such positions. The posi-
tion of the maximum von Mises stress and the max-
imum displacement is relatively steady, which
locates symmetrically around the borehole. The line
between the points that behaves as the maximum
von stress is approximately perpendicular to the
joint direction
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Strain rate is not only an important influence factor for deformation property but also an important parameter for analyzing the
dynamic mechanical behavior of rock material. In this study, the dynamic compressive mechanical properties of saturated yellow
sandstone at four strain rates and six freeze-thaw temperatures are investigated by using the SHPB test system. The coupling effect
of strain rate and freeze-thaw temperatures on the mechanical parameters of rock material are discussed in detail, and the
relationship formula of peak strain and dissipated energy with strain rate and freeze-thaw temperature are also established.
Finally, the fractal dimension characteristic of fracture specimens with the strain rate and temperature are analyzed by using
the fractal dimension method. The research results indicate that (1) with the increase of strain rate, the increase speed of peak
strain, peak strength, and dissipated energy at medium strain rate level was obviously higher than that at high strain rate level,
indicating that the strain rate effect weakened at high strain rate. (2) Freeze-thaw temperature can improve the brittleness-
ductile transformation rate of saturated specimens. (3) According to the strain rate sensitivity coefficient, at room temperature,
the strain rate effects on peak strain and peak strength are weakest, while at -20°C~ -30°C, they are most significant. In
addition, the strain rate effect on dissipated energy is significant at room temperature, while weakest at -30°C. (4) The fractal
dimension gradually increases with strain rate increasing or freeze-thaw temperature decreasing, indicating that the freeze-thaw
environment has a positive function for increasing the damage and fracture degree of specimens for saturated specimen. Our
research results can provide an extremely important theoretical basis for the dynamic disaster prevention and structural design
of rock engineering in cold regions.

1. Introduction

The dynamic mechanical properties of rock material are an
extremely important evaluation index for rock structural
engineering stability, such as tunnel excavation, blasting
engineering, mining excavation, and oil drilling engineering.
Therefore, the structural design and stability assessment of
underground engineering need to take the dynamic mechan-
ical properties of rock material into account for preventing

the impact of earthquake and impact load on the structure
strength [1, 2]. Strain rate is an extremely effective parameter
which can reflect the deformation and dynamic mechanical
behaviors of rockmaterials. Meanwhile, the mechanical proper-
ties of rock material are closely related to the strain rate [3–5].
According to the amplitude, it can be divided into the low strain
rate (10-5-10-2 s-1), medium strain rate (10-2-102 s-1), high strain
rate (102-104 s-1), and ultrahigh strain rate (more than 104 s-1)
[2, 6–8]. In the lower strain rate range, the material strength
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parameter gradually increases with the increase of strain rate,
while rapidly increases under the medium strain rate condition.
At the high or ultrahigh strain rate level, the strain rate effect of
the material strength parameter becomes weak again [9]. The
split Hopkinson pressure bar (SHPB) system, as the most com-
monly used and stable dynamic test device, has been widely
used to obtain the dynamic mechanical properties of rock or
rock-like materials at the high strain rate. In fact, the strain rate
effect of various rock-like materials, e.g., concrete, earth-rock
aggregate, and rock, have been investigated and achieved fruit-
ful research results by experimental and numerical simulation
methods [10–17]. However, the dynamicmechanical properties
of rock materials are not only related to the strain rate but also
closely related to the freeze-thaw (F-T) effect. The coupling
influence of temperature and impact loading was ignored in
the above investigation.

In fact, many rock engineering techniques in cold
regions, such as highway construction, open-pit slope stabil-
ity, and roadway and tunnel excavation, are concerned with
the freeze-thaw problem of rock materials. Hence, the design
of these engineering must fully take the impact of freeze-
thaw effect on rock mechanical properties into account. At
present, a lot of studies have been carried out on the
freeze-thaw effect of rock materials under static or dynamic
loading conditions [18–25]. However, the above works were
mainly limited to static or dynamic mechanical investigation
by considering the effect of freeze-thaw cycle times at differ-
ent strain rates or freeze-thaw temperatures at low or
medium strain rate. This does not reveal the influence of
freeze-thaw temperature on the dynamic impact mechanical
properties of rock materials subjected to the high strain rate
loading condition.

In addition, the fragmentation distribution characteristic
of specimens after impact loading are also an extremely
important index for evaluating the damage degree of rock
materials by statistical or fractal methods. A large number of
investigations related to the failure characteristics of rock
materials have been carried out at different strain rates, stress
state, high temperatures, or freeze-thaw effect [9, 26–28].
However, few reports about the coupling effect of the
medium-high stain rate and freeze-thaw temperature on
dynamic fracture characteristics have been published in litera-
ture. In this paper, wemainly focus on the following two issues
for detailed discussion:

(1) How does the strain rate affect the dynamic mechan-
ical properties of rock materials subjected to differ-
ent freeze-thaw temperatures and whether the
strain rate hardening effect still exists?

(2) How do the strain rate and freeze-thaw temperature
affect the fracture degree of specimens?

Based on the above proposed problems, the dynamic
compressive test of saturated yellow sandstone is carried
out under different strain rates and temperatures. Then,
the coupling effect of strain rate and freeze-thaw tempera-
tures on the dynamic mechanical behaviour of rocks are
analyzed in detail and the expression formula of dynamic

mechanical parameters related to temperature and strain
rate are also deduced in Section 3. Finally, after the impact
test, we collected the fragments of saturated yellow sand-
stone and analyzed its fractal characteristic by using the frac-
tal dimension calculation method. Our research results can
provide an extremely important theoretical basis for the
dynamic disaster prevention and structural design of rock
engineering in cold regions.

2. Experimental

2.1. Material Preparation. In this study, the test rock mate-
rial was yellow sandstone, gathered from the Haerwusu
open-pit coal mine (Figure 1) located in Inner Mongolia
Autonomous Region, China. The main mineral contents
were 54% albite, 19.9% quartz, 17.4% anorthoclase, 5.8%
laumontite, and 2.9% santafeite. The sandstone specimens
were taken from the same block and cut into cylinders
50mm in diameter and 25mm in height with errors less than
0.05mm in height and 0.02mm in diameter [9]. Then, the
nondestructive ultrasonic P-wave velocity tests carried out
in specimen indicated that the yellow sandstone materials
exhibit an obvious isotropic behavior. Its P-wave and density
were, respectively, 1.58 km/s and 2287 kg/m3 with the aver-
age uniaxial compressive strength of 50.89MPa, elastic mod-
ulus 5.67GPa, and Poisson’s ratio 0.22.

2.2. Testing Equipment. The main testing equipment
included the freeze-thaw testing system, SHPB testing sys-
tem, and particle size screening device for separating frag-
ment. Firstly, the JC-ZDR-5 freeze-thaw testing machine
was used to treat the saturated yellow sandstone materials
with eight freeze-thaw cycles under normal temperature
(25°C) and low temperatures (-5°C, -10°C, -15°C, -20°C,
and -30°C). Then, an impact loading test was carried out
on a 50mm diameter SHPB test system, which consists of
the loading drive system, pressure bar system, energy
absorption system, and signal acquisition system, as shown
in Figure 2. During the impact test, the striker bar could
obtain different impact speeds by adjusting the air pressure
produced by high-pressure nitrogen tank, and then, the
striker bar collided with the incident bar with the occurrence
of incident plus or stress plus in the incident bar which
would be transmitted to the free end of the rock specimen.
Some incident pulses were returned to the incident bar as
reflected pulse, while others were transmitted to the trans-
mission bar as a transmitted pulse. All of the stress plus
information in the two bars would be recorded into a signal
acquisition system by the strain gauge on the elastic com-
pression bar. In this study, the elastic modulus and wave
velocity of incident bar and transmission bar are, respec-
tively, 210GPa and 5450m/s with the length 25mm and
diameter 50mm of incident bar. After the impact test, the
particle size screening device was used to research the fractal
characteristic of the fragment by using the fractal dimension
method.

2.3. Testing Procedure. In this study, the specific test proce-
dures (Figure 2) were as follows:
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(1) The saturated experimental procedures: the P-wave
velocity of nature specimen was firstly monitored.
The specimens with the same P-wave velocity
(approximately 1580m/s) were selected to be dried
in an incubator for 24 hours at 105°С. Next, the
selected specimens were placed in the vacuum
pumping saturation system (VPSS) to extract gas
with water injection for 12 hours until the bubble-
free overflow from the surface of the specimen.
Then, the air pressure was adjusted in the sealed tank
to the atmospheric pressure and kept for 12 hours.
When the quality change of the specimen was less
than 0.01 g per hour, it can be considered that it
has reached the water saturation state

(2) The freeze-thaw cycle test procedures: firstly, the sat-
urated yellow sandstone specimens were taken out
from the sealed tank. In order to eliminate the effect
of moisture content, the saturated yellow sandstone

specimens with the same moisture content were
selected as the test specimens and divided into 24
groups with five specimens of each group. The aver-
age saturated moisture content was about 5.71%.
Then, the saturated specimens were placed in the
freeze-thaw cycle tank and frozen to different tem-
peratures (25°С, -5°С, -10°С, -15°С, -20°С, and
-30°С) with eight freeze-thaw cycles. In addition,
the temperature-fall stage, freezing stage,
temperature-rise stage, and thawing stage lasted for
2 h, 6 h, 1 h, and 6h, respectively; the total time of
one freeze-thaw cycle is 15h. The temperature his-
tory curve of the freeze-thaw experiments is dis-
played in Figure 3

(3) The impact load test procedures: the specimen was
placed between the incident bar and transmission
bar; the two ends of which were coated with the vas-
eline to reduce the friction effect at the specimen-

Haerwusu open-pit coal mine

Figure 1: Sampling location.
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Figure 2: Structure characteristic of the SHPB and testing procedure.
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incident bar or specimen-transmission bar interface.
Then, an impact gas pressure (0.2~ 0.35MPa) were,
respectively, applied to the saturated specimens at
the same temperatures to produce different strain
rates. The average strain rate ranges of saturated yel-
low sandstone in this study were from 74.22 s-1 to
169.41 s-1. In this experiment, there were 6 groups
of temperature and 4 groups of strain rate. A total
of 24 groups of experiments were combined in pairs,
and each experiment was repeated 5 times

(4) After the impact test, the fragments of specimens
were collected and divided into different particle size
ranges by using a classifying screen. Then, the frag-
ment mass in different particle size ranges was mea-
sured, and the fractal characteristics were analyzed to
reflect the coupling effect of freeze-thaw temperature
and strain rate on the damage degree of saturated
yellow sandstone

2.4. Data Processing

2.4.1. Dissipated Energy Calculation Process. Based on the
one-dimensional stress wave theory and the uniform stress
assumption, the stress σðtÞ, strain εðtÞ, and strain rate _εðtÞ
of each specimen can be calculated by using three-wave
analysis methods [2, 24].

_ε = Cs

ls
εi tð Þ − εr tð Þ − εt tð Þ½ �,

ε = Cs

ls

ðt
0
εi tð Þ − εr tð Þ − εt tð Þ½ �dt,

σ = A0E0
2As

εi tð Þ + εr tð Þ + εt tð Þ½ �,

8>>>>>>>><
>>>>>>>>:

ð1Þ

where εiðtÞ, εrðtÞ, and εtðtÞ, respectively, represent the

strain signals of the incident wave, the reflected wave, and
the transmitted wave; E0, A0, and Cs are, respectively,
Young’s modulus, the cross-sectional area, and the elastic
wave speed of the bar; ls and As are the height and the
cross-sectional area of the specimen, respectively; and t is
the duration time of elastic wave.

Then, the incident energy Wi, reflected energy Wr , and
transmitted energy Wt can be calculated by

Wj =
A0Cs

E0

ðt
0
σ2j dt j = i, r, t, ð2Þ

where σiðtÞ, σrðtÞ, and σtðtÞ, respectively, represent the
stress of incident wave, reflected wave, and transmitted
wave.

In the SHPB test, the incident energy (Wi) caused by the
impact between the striker bar and incident bar can be
treated as the total energy input to the system, which mainly
includes four parts [24]. The energy reflected to the incident
bar (reflected energy, Wr), the energy transferred to the
transmitted bar (transmitted energy, Wt), the energy
absorbed by the specimens (dissipated energy (DE), Ws),
and the energy lost at the specimen-incident and
specimen-transmitted bar interfaces due to the friction
effect, which accounted for a very small proportion, can be
ignored. Hence, the energy dissipation Ws can be expressed
as

Ws =Wi −Wr −Wt: ð3Þ

2.4.2. Definition of Strain Rate Sensitivity Coefficient. In
order to more clearly and effectively describe the strain rate
effect of dynamic compression mechanical properties of sat-
urated yellow sandstone under different low temperatures,
the strain rate sensitivity coefficient of peak strength, peak
strain, elastic modulus, and energy dissipation were defined
as follows [2]:

γσ =
σ2 − σ1
_ε2 − _ε1

,

γε =
ε2 − ε1
_ε2 − _ε1

,

γE =
E2 − E1
_ε2 − _ε1

,

γW = Ws2 −Ws1
_ε2 − _ε1

,

8>>>>>>>>>>>><
>>>>>>>>>>>>:

ð4Þ

where γσ, γε, γE, and γW are the strain rate sensitivity
coefficient of peak strength, peak strain, elastic modulus,
and energy dissipation, respectively. _ε2 and _ε1 represent
the maximum and minimum value of strain rates at each
low temperature. σ, ε, E, andWs are the corresponding peak
stress, peak strain, elastic modulus, and dissipated energy of
specimens, respectively. The larger the strain rate sensitivity
coefficient is, the more significant the strain rate effect is.
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3. Experimental Result Analysis

The dynamic peak stress, dynamic peak strain, dynamic
elastic modulus, and brittle/ductile behaviour of specimens
under the coupling effect of freeze-thaw temperatures and
strain rates could be inferred from the stress-strain curve.
Figure 4 presented the typical dynamic compressive stress-
strain curves obtained from the SHPB test at four loading
levels and six freeze-thaw temperature levels. It can be seen
clearly that the strain rates and freeze-thaw temperatures
have an extremely important influence on the dynamic com-
pression behavior of rock specimens [29]. The stress-strain
curve can be roughly divided into four stages as a whole:
nonlinear compression deformation stage with the initial
crack closure, elastic deformation stage, crack unsteady

propagation stage, and postpeak plastic deformation stage.
Although under different strain rates and temperatures, the
shape feature of the stress-strain curve is basically similar
with their process of nonlinear compression deformation
stage relatively short. When the temperature is less than
-20°С, the slope of the post-peak stress-strain curve
decreases significantly. It means that the brittleness of the
yellow sandstone specimens weakens whereas their plastic
or ductile enhances. In addition, the strength parameters,
such as peak stress, peak strain, dynamic elastic modulus,
and dissipated energy, of specimens varied as the tempera-
ture and strain rates changed. The experimental results of
dynamic compressive mechanical behavior for yellow sand-
stone under different temperatures and strain rates are
shown in Table 1. It should be noted that the experiment

0 5 10 15 20 25 30 35 40
0

20

40

60

80

100
𝜎

 (M
Pa

)

T= 25°C
T= –5°C
T=–10°C

T=–15°C
T=–20°C
T=–30°C

(a) _ε = 74:22 s-1

𝜎
 (M

Pa
)

0 5 10 15 20 25 30 35 40
0

20

40

60

80

100

T= 25°C
T= –5°C
T=–10°C

T=–15°C
T=–20°C
T=–30°C

(b) _ε = 91:64 s-1

𝜎
 (M

Pa
)

0 5 10 15 20 25 30 35 40
0

20

40

60

80

100

T= 25°C
T= –5°C
T=–10°C

T=–15°C
T=–20°C
T=–30°C

𝜀 (10–3)

(c) _ε = 118:22 s-1

𝜎
 (M

Pa
)

0 5 10 15 20 25 30 35 40
0

20

40

60

80

100

𝜀 (10–3)

T= 25°C
T= –5°C
T=–10°C

T=–15°C
T=–20°C
T=–30°C

(d) _ε = 169:41 s-1
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results are the average value of three specimens after remov-
ing two groups’ data with larger error.

3.1. Coupling Effect of Strain Rate and Low Temperatures on
Dynamic Peak Strain. Figure 5 shows dynamic peak strain
under different temperatures and strain rates. It can be seen

clearly that the two variables exist good regularity and the
uniform fitting equation of these curves can be expressed as

εc = d1 Tð Þ_ε + d2 Tð Þ½ � × 10−3, ð5Þ

where d1 ðTÞ and d2 ðTÞ are, respectively, the fitting

Table 1: Experimental result of dynamic compressive mechanical behavior for yellow sandstone under different temperatures and strain
rates.

Number
Temperature T

(°C)
Strain rate _ε

(s-1)
Average value _ε

(s-1)
Dynamic compressive strength

(MPa)
Peak strain

(10-3)
Elastic modulus

(GPa)
DE
(J)

1 25 72.51

74.22

70.41 5.02 34.42 30.13

2 -5 74.57 67.16 6.70 23.48 27.81

3 -10 76.00 61.83 7.84 13.46 24.77

4 -15 73.87 53.55 8.55 9.13 23.52

5 -20 75.02 44.97 10.40 7.97 24.20

6 -30 73.95 36.39 11.72 3.68 20.19

1 25 92.35

91.64

76.49 6.61 35.36 48.64

2 -5 91.58 73.68 8.16 17.46 43.55

3 -10 91.10 66.20 9.14 11.91 38.93

4 -15 92.47 62.92 10.36 5.69 34.00

5 -20 91.93 56.84 11.91 4.83 34.45

6 -30 90.41 47.49 15.50 3.08 30.69

1 25 116.94

118.22

90.94 6.61 23.92 72.22

2 -5 118.27 85.67 8.70 21.56 61.74

3 -10 119.33 82.46 10.26 17.71 54.54

4 -15 118.93 74.85 12.44 9.45 49.74

5 -20 117.86 70.76 13.57 7.63 46.08

6 -30 117.99 60.23 17.30 6.42 44.74

1 25 168.43

169.41

92.42 8.61 23.46 85.47

2 -5 169.35 90.38 11.04 12.48 82.66

3 -10 170.39 86.30 12.09 10.33 78.87

4 -15 169.47 82.22 14.00 8.82 66.74

5 -20 168.98 76.09 15.57 8.53 63.41

6 -30 169.84 65.02 19.57 7.70 54.23
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Figure 5: Dynamic peak strain under different temperatures and strain rates.
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coefficients related to temperature, of which the value and
correlation coefficient are shown in Table 2.

In order to obtain the specific expression of peak strain
under coupling effect of the strain rate and temperature, it
is needed to analyze the relationship between the fitting
coefficients and temperatures. As shown in Figure 6, the var-
iation of fitting coefficients with the temperature also exists
good regularity. The fitting equation is shown in

d1 = 0:000019T2 − 0:00062T + 0:03667, R2 = 0:9423,
d2 = 0:00187T2 − 0:08325T + 3:71645, R2 = 0:9389:

(

ð6Þ

Substituting Equation (6) into Equation (5), the relation-
ship formula of peak strain with strain rate and temperature
can be deduced as follows:

εc = 0:000019T2 − 0:00062T + 0:03667
� �

_ε + 0:00187T2 − 0:08325T + 3:71645
� �

× 10−3:

ð7Þ

The dynamic peak strain of rock is predicted by Equa-
tion (7) and compared with the laboratory observation; as
shown in Figure 7, the 1 : 1 inclined line is given in the figure.
The distance between the predicted value and the 1 : 1
inclined line represents the error between the predicted
value and the observation value [30]. It can be seen from
the figure that the predicted value is basically distributed
near the 1 : 1 inclined line; Equation (7) can be used to pre-
dict dynamic peak strain at any temperature and impact
rate.

Figure 8 shows the strain rate sensitivity coefficient of
peak strain variation with temperature. Figure 9 shows the
increased ratio of peak strain compared to room tempera-
ture under different temperatures and strain rates. It can
be seen from Figures 8 and 9 that the enhanced effect of
strain rate always exists under low temperature. However,
according to the strain rate level [7, 8], the increase speed
of peak strain at medium strain rate level (74.22 s-1 and
91.64 s-1) is obviously higher than that at high strain rate
level (118.22 s-1 and 169.41 s-1) with stain rate increasing.
At room temperature, the strain rate sensitivity coefficient
of peak strain is 0.038. With temperature decreasing, the
value changes in volatility. From -5°C to -25°C, the strain
rate sensitivity coefficient increased by 21.05%, 15.79%,
50.00%, and 42.11% compared to room temperature,

Table 2: Fitting coefficient values in Equation (5).

25°C -5 °C -10°C -15°C -20°C -30°C

d1 0.033 0.042 0.042 0.055 0.052 0.074

d2 2.888 3.788 4.972 5.088 6.894 7.592

R2 0.906 0.969 0.976 0.922 0.968 0.867
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respectively. When the temperature reach -30°C, the strain
rate sensitivity coefficient reaches the maximum value of
0.082 increased by 115.79%, indicating that the strain rate
effect has a most important influence at this temperature.

In addition, it can be seen from Figure 9 that the increase
ratio of peak strain compared to room temperature shows
the scattered distribution with the increase of strain rate,
indicating that the influence of strain rate on the increase
ratio of peak strain is not regular. However, the increase
ratio of peak strain gradually increases with decreasing of

temperature and reaches the maximum value when the tem-
perature reaches -30°C. It means that the freeze-thaw tem-
perature has a certain enhancement effect on the plastic
behavior of yellow sandstone. The lower the freeze-thaw
temperature is, the greater the ductility of saturated yellow
sandstone is.

3.2. Coupling Effect of Strain Rate and Low Temperatures on
Dissipated Energy. Figure 10 shows dissipated energy under
different temperatures and strain rates. As can be seen
clearly from Figure 10 that the dissipated energy presents
obvious strain rate and temperature effects and the uniform
fitting equation of these curves is as follows:

WL = d1 Tð Þ ln _εð Þ − d2 Tð Þ: ð8Þ

The fitting coefficients d1 ðTÞ and d2 ðTÞ as well as the
correlation coefficient of fitting curves are shown in Table 3.

For obtaining the certain equation of dissipated energy
under coupling influence of strain rate and temperature,
the relationship between fitting coefficients and temperature
should be firstly determined.

Figure 11 shows the fitting curve of the above variables,
indicating a good regularity. The fitting equation can be
written as shown in Equation (9).

d1 =
1:08276T + 72:02811,  − 30 ≤ T≤−5, R2 = 0:9208,
0:04633T + 66:64167,  − 5 < T ≤ 25, R2 = 1,

(

d2 =
4:46241T + 282:8418,  − 30 ≤ T≤−5, R2 = 0:9110,
0:00366T + 257:9485,  − 5 < T ≤ 25, R2 = 1:

(

ð9Þ

Substituting Equation (9) into Equation (8), the certain
expression of dissipated energy under the coupling effect of
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Table 3: Fitting coefficient values in Equation (8).

25°C -5 °C -10 °C -15°C -20°C -30°C

d1 67.73 66.41 65.22 53.04 47.34 41.73

d2 258.00 257 256.10 204.80 179.60 157.90

R2 0.956 0.996 0.999 0.997 0.999 0.972
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strain rate and temperature can be obtained as follows:

WL =
1:08276T + 72:02811ð Þ ∗ ln _εð Þ − 4:46241T − 282:8418, −30 ≤ T≤−5,
0:04633T + 66:64167ð Þ ∗ ln _εð Þ − 0:00366T − 257:9485, −5 < T ≤ 25:

(

ð10Þ

Equation (10) is used to predict the dissipated energy of
rock and compare it with the laboratory observation value.
As shown in Figure 12, the 1 : 1 inclined line is given in the
figure. The distance between the predicted value and the
1 : 1 inclined line represents the error between the predicted
value and the observation value. It can be seen from the fig-
ure that the predicted value is basically distributed near the
1 : 1 inclined line; Equation (11) can be used to predict the
dissipated energy at any temperature and impact rate.

Figure 13 shows the strain rate sensitivity coefficient of
dissipated energy variation with temperature. As can be seen

from Figure 13 that the enhancement effect of strain rate on
dissipated energy under different temperatures also exists
and the increase speed under different temperatures also
have an obvious strain rate effect. The increased ratio of dis-
sipated energy at high strain rate level (118.22 s-1 and
169.41 s-1) is lower than that at medium strain rate level
(74.22 s-1 and 91.64 s-1), indicating that the strain rate effect
gradually weakens with strain rate increasing. At room tem-
perature, the strain rate sensitivity coefficient of dissipated
energy is 0.579. As the temperature goes down, the value
gradually nonlinear decreases until it reaches minimum
value (0.358) at -30°C, showing that the strain rate effect
on dissipated energy gradually weakens with the decrease
of freeze-thaw temperature.

Figure 14 shows the increase ratio of dissipated energy
compared to room temperature under different tempera-
tures and strain rates. It can be seen from Figure 14 that
the increased ratio of dissipated energy under different
freeze-thaw temperatures shows a change characteristic of
decreasing first in the range of 74.22 s-1~ 118.22 s-1 and then
increasing in the range of 118.22 s-1~ 169.41 s-1, indicating
that the influence of strain rate on the increase ratio of dis-
sipated energy has an obvious interval effect. On the whole,
with the increase of freeze-thaw temperature, regardless of
individual discrete points, the increase ratio of dissipated
energy gradually increases, of which the values are substan-
tially negative. From -30°C to -5°C, the increase ratio
changes from -36.9% to -10.47% at strain rate 91.64 s-1 or
from -36.55% to -3.29% at strain rate 118.22 s-1. At -30°C,
the increase ratio of dissipated energy reaches minimum
value, indicating that the energy absorption capacity of rock
material has reached weakest.

This maybe mainly because that the freeze-thaw temper-
ature has significantly resulted in the serious inner damage
degree of rock material by the frost heaving effect. As a
result, the energy absorbed by specimens will be greatly
reduced in the process of impact test.

3.3. Coupling Effect of Strain Rate and Low Temperatures on
Elastic modulus. The dynamic elastic modulus is an
extremely important mechanics index for evaluating the
impact deformation resistance of rock materials. In general,
there are many various methods to determine elastic modu-
lus, which mainly include secant modulus, tangent modulus,
and average modulus. In this paper, we take the slope of
approximate straight line at the elastic stage of the stress-
strain curve as the elastic modulus of rock material. The
methods have already been used in other papers [9].

Figure 15 shows the elastic modulus evolution law under
different temperatures and strain rates. Figure 16 shows the
strain rate sensitivity coefficient of elastic modulus under
different temperatures. As can be seen from Figures 15 and
16, the elastic modulus fluctuates with the strain rate
increasing. It means that there is no obvious strain rate effect
on the elastic modulus under different temperatures. The
experimental phenomenon has already been verified in some
experiments [2]. In addition, with the freeze-thaw tempera-
ture increasing, the elastic modulus gradually increases, indi-
cating that the lower the freeze-thaw temperature is, the
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Figure 12: Plots of predicted dissipation energy against observed
dissipation energy.
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weaker the deformation resistance of yellow sandstone will
be.

Figure 17 shows the increase ratio of elastic modulus
compared to room temperature. As can be seen from
Figure 17, the increased ratio of the elastic modulus presents
obvious fluctuation characteristic with strain rate increasing.
In addition, the increased ratio of the elastic modulus grad-
ually decreases with the temperature decreasing. From -5°C
to -30°C, the increase ratio changes from -31.77% to
-89.3% at strain rate 74.22 s-1 or from -9.8% to -73.14% at
strain rate 118.22 s-1. At -30°C, the increase ratio of elastic
modulus compared to room temperature reaches minimum
value, indicating that the ability to resist deformation of
rocks has reached weakest under this temperature.

3.4. Coupling Effect of Strain Rates and Low Temperatures on
Dynamic Peak Strength. Figure 18 shows dynamic peak
stress under different temperatures and strain rates.
Figure 19 indicates the strain rate sensitivity coefficient of
peak stress variation with temperature. As can be seen from
Figures 18 and 19, the enhanced effect of strain rate on peak
strength of yellow sandstone under different temperatures
also always exists. It has an obvious regularity with temper-
ature and strain rate. On the whole, the increase speed of
peak stress at high strain rate level (118.22 s-1 and 169.41 s-
1) is lower than that at medium strain rate level (74.22 s-1

and 91.62 s-1), showing that, at the same temperature, the
strain rate effect gradually weakens with the increase of
strain rate. In addition, the strain rate sensitivity coefficient
of peak stress is always positive and dramatically increases
with the temperature decreasing from 25°C to -20°C, indicat-
ing that the strain rate effect on peak strength gradually
strengthened with the decrease of freeze-thaw temperature.
Otherwise, the strain rate sensitivity coefficient of 0.30 at
-30°C is slightly lower than that of 0.33 at -20°C, but higher
than that under other temperatures. It may be because that,
at -30°C, the surface of specimens appeared an obvious par-
ticle spalling phenomenon, which increased the frost heave
damage degree and destroyed the integrity of rock material
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so that caused errors in the test results. The particle spalling
phenomenon is shown in Figure 20.

Figure 21 shows the increase ratio of peak stress com-
pared to the room temperature under different temperatures
and strain rates. It can be seen from Figure 21 that, on the
whole, the increase ratio of peak stress has an obvious
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correlation with the temperature and strain rate. As the
strain rate increases, the increase ratio gradually nonlinear
increases and the phenomenon is more significant with the
temperature decreasing. When the temperature reaches
-30°C, the phenomenon is most pronounced. In addition,
the increase ratio of peak stress gradually decreases with
decreasing of temperature and reaches the minimum value
of -48.32% for 74.22 s-1, 37.92% for 91.64 s-1, 33.76% for
118.22 s-1 and 29.65% for 169.41 s-1when the temperature
reaches -30°C, indicating that the freeze-thaw temperature

has a serious weakening effect on rock strength, which can
reduce the bearing capacity of rocks.

4. Coupling Effect of Strain Rate and Low
Temperature on Fractal Characteristics

4.1. Fractal Dimension Calculation Methods. In order to
quantitatively study the effect of strain rate on the fracture
degree of specimens at different freeze-thaw temperatures,
the mass-equivalent dimension method as an effective fractal
dimension calculation method is used to explore the fractal
characteristics of the fracture specimens after impact test in
this literature. The specific calculation formula is as follows
[27]:

D = 3 − d, ð11Þ

d = lg MR/Mð Þ
lg R , ð12Þ

where D is the fractal dimension of fracture specimens.
The larger parameter D is, the higher the fracture degree of
specimen is. d is the slope of the fitting line in the logarith-
mic coordinates ðlg ðMR/MÞ − lg RÞ. MR is the cumulative
mass of fragments smaller than particle size R for each spec-
imen. M is the total mass of fragment.

After the impact test, the fragment of specimen firstly be
collected, and then, a classifying screen with eight layers is
used to divide the particle size range of fragments into 50-

Table 4: Fractal characteristic parameters of fractured sandstone.

T (°C) _ε (s-1)
MR/M d D

R = 1 R = 2:5 R = 4 R = 6 R = 8:5 R = 11 R = 13 R = 15

-5

74.22 0.13 0.11 0.09 0.06 0.04 0.03 0.02 0.02 0.99 2.01

91.64 0.37 0.37 0.29 0.21 0.11 0.08 0.06 0.04 0.91 2.09

118.22 0.60 0.54 0.48 0.38 0.30 0.24 0.19 0.13 0.58 2.29

169.41 0.74 0.65 0.59 0.48 0.37 0.30 0.25 0.16 0.56 2.44

-10

74.22 0.16 0.15 0.13 0.09 0.06 0.04 0.03 0.02 0.92 2.08

91.64 0.46 0.41 0.33 0.27 0.18 0.13 0.10 0.07 0.72 2.28

118.22 0.61 0.60 0.54 0.48 0.38 0.28 0.23 0.15 0.54 2.46

169.41 0.89 0.84 0.82 0.71 0.60 0.48 0.39 0.26 0.47 2.53

-15

74.22 0.24 0.23 0.16 0.11 0.06 0.05 0.04 0.02 0.90 2.10

91.64 0.54 0.53 0.48 0.37 0.26 0.19 0.15 0.10 0.67 2.33

118.22 0.69 0.64 0.55 0.45 0.36 0.29 0.25 0.17 0.52 2.48

169.41 0.92 0.92 0.90 0.85 0.69 0.56 0.51 0.34 0.38 2.62

-20

74.22 0.35 0.30 0.28 0.16 0.10 0.08 0.06 0.04 0.82 2.18

91.64 0.61 0.54 0.52 0.42 0.34 0.27 0.22 0.14 0.60 2.40

118.22 0.68 0.68 0.67 0.58 0.47 0.38 0.32 0.21 0.48 2.52

169.41 0.96 0.96 0.93 0.89 0.77 0.64 0.55 0.37 0.36 2.64

-30

74.22 0.44 0.44 0.35 0.29 0.21 0.16 0.13 0.08 0.65 2.35

91.64 0.71 0.65 0.59 0.47 0.37 0.29 0.25 0.16 0.57 2.43

118.22 0.72 0.70 0.68 0.57 0.45 0.36 0.30 0.21 0.45 2.55

169.41 0.97 0.97 0.96 0.91 0.83 0.71 0.61 0.44 0.30 2.70
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Figure 22: Variation of fractal dimension, D, with strain rate and
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15mm, 15-13mm, 13-11mm, 11-8.5mm, 8.5-6mm, 6-
4mm, 4-2.5mm, 2.5-1mm, and 1-0mm. The maximum
particle size is 50mm. The fragment mass in different ranges
of particle size will be measured by electronic scales and the
parameters M, MR, and MR/M will also be calculated. Next,
parameter d can be obtained by taking the slope of fitting
line in the logarithmic coordinates ðlg ðMR/MÞ − lg RÞ.
Finally, substituting parameter d into Equation (11), the
fractal dimension of fragments (D) can be easily calculated
at different temperatures and strain rates. The fractal charac-
teristic parameters of fractured sandstone are shown in
Table 4.

4.2. Variation of Fractal Dimension under Strain Rate and
Freeze-Thaw Temperature. Figure 22 shows the variation of
fractal dimension with strain rate and freeze-thaw
temperature.

It can be seen from Figure 22 that the strain rate effect on
the fractal dimension under different freeze-thaw tempera-
tures always exists. The fractal dimension presents a positive
correlation with strain rate. When the strain rate increases
from 74.22 s-1 to 169.41 s-1, the fractal dimension of frag-
ments increases from 2.01 to 2.44, up 21.39% for -5°C; from
2.08 to 2.53, up 21.63% for -10°C; from 2.10 to 2.62, up
24.76% for -15°C; from 2.18 to 2.64, up 21.10% for -20°C;
and from 2.38 to 2.70, up 14.89% for -30°C. In addition,
on the whole, the increased speed of fractal dimension grad-
ually decreases with strain rate increasing, showing that high
strain rate is more likely to increase the fracture degree of
rock material, but the strain rate effect weakened at high
strain rate. In addition, the fractal dimension also gradually
increases with freeze-thaw temperature decreasing, indicat-
ing that the low freeze-thaw temperature environment has
a positive function for increasing the damage and fracture
degree of specimens for the saturated specimen. When the
temperature reaches -30°C and the strain rate reaches
169.41 s-1, the fractal dimension reaches the maximum
value, indicating that the fracture degree of specimens at this
state is the most serious.

5. Conclusion

In this paper, the coupling effect of strain rate and freeze-
thaw temperature on dynamic compressive mechanical and
fracture behavior of saturated yellow sandstone are studied
by SHPB test. Moreover, the relationship formula of the peak
strain and dissipated energy with the strain rate and freeze-
thaw temperature is also established. Finally, the fractal
dimension method is introduced to analyze the fractal char-
acteristics of fractured specimens subjected to different strain
rates and temperatures after impact test. The main conclu-
sions summed up are as follows:

(1) The enhanced effects of strain rates on the peak
strain, peak strength, and dissipated energy of satu-
rated yellow sandstone under different freeze-thaw
temperatures still exist. With the increase of strain
rate, the increase speed of above parameters at
medium strain rate level (74.22 s-1 and 91.64 s-1)

was obviously higher than that at high strain rate
level (118.22 s-1 and 169.41 s-1), indicating that the
strain rate effect gradually weakens at high strain.
The elastic modulus change has nothing to do with
the strain rate

(2) At the same strain rate, the parameters of peak
strength, elastic modulus, and dissipated energy
gradually decrease with the decrease of freeze-thaw
temperature whereas peak strain opposite

(3) At room temperature, the strain rate effect on peak
strain and peak strength is weakest, while at
-20°C~ -30°C, it is most significant. When the tem-
perature is higher than -10°C, the increased speed
of strain rate sensitivity coefficient has no obvious
change, while the increase rapidly with temperature
decreasing when it is below -10°C. In addition, the
strain rate effect on dissipated energy is significant
at room temperature, while weakest at -30°C

(4) The strain rate and freeze-thaw temperature have a
significantly important effect on the fractal dimen-
sion of fractured specimens. With the strain rate
increasing, the fractal dimension gradually increases.
However, the increased speed gradually decreases,
showing that high strain rate is more likely to
increase the fracture degree of rock material, but
the strain rate effect weakened at high strain rate.
In addition, the fractal dimension also gradually
increases with freeze-thaw temperature decreasing,
indicating that the freeze-thaw temperature environ-
ment with low temperature has a positive function
for increasing the damage and fracture degree of
specimens for saturated specimen
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This paper investigates the loading behavior and soil-structure interaction associated with a floating stone column under rigid
foundation by using the discrete element method (DEM). The aggregates and soft soil are simulated by particles with different
sizes. The rigid foundation is simulated by two loading plates at the same position with the same velocity. The stress
distributions and microscopic interaction between the column and soft soil are investigated. The vertical stress of the column
increases with settlement and decreases with the depth. The position of the column with large radial stress also has large
deformation, which decreases from top to bottom. The vertical and radial stresses of the soft soil increase with settlement, and
the radial stress shows high value in the upper part of soft soil. The stress concentration ratio is obtained by two loading
plates, which decreases from 2.5 to 1.55 during loading. The interaction between column and soft soil shows that the column
does not penetrate into the underlying stratum but drags the surrounding soil down.

1. Introduction

Stone columns have been proved to be effective, economical,
and environment friendly to improve the soft soils [1, 2].
They can increase bearing capacity, reduce final and differen-
tial settlement, accelerate soil consolidation, improve slope
stability, and decrease liquefaction potential [3–5]. Since this
technique was first recorded in 1839 in Bayonne (France), it
has been widely used around the world [6–8]. Numerous
studies have been done to reveal the engineering characteris-
tics of stone column-improved soft soils, especially in recent
decades.

Based on one-dimensional (1D) consolidation theory by
Terzaghi and ideal drain well solution by Barron, many ana-
lytical, semianalytical solutions of soft clay with stone col-
umn have been obtained. Most of them considered pore
water pressure and time factor, derived consolidation equa-
tions under various geological states and boundary condi-
tions. The average degree of consolidation can be well
predicted by using the solutions [9–15].

Field monitoring can get the settlement and deformation
of structure; the data can be used to reliably analyze settle-
ment and bearing capacity of stone columns in soft clay. In
situ monitoring generally lasts for several years, even more
than ten years, which is time-consuming and uneconomical
[1, 2]. Laboratory tests can overcome those disadvantages,
which simulate field structure in small scale. Experimental
study on behavior of stone column can be carried out by var-
ious parameters like shear strength of soft clay, loading con-
ditions, and diameter and spacing of stone columns [16–21].
Obvious bulging deformation can be observed when only
pile is loaded; the maximum bulging location is 0.5 times
the column diameter from the top [20]. No significant bulg-
ing is seen when the load is applied to the entire model tank
area [20, 21].

The finite element method (FEM) is widely used to ana-
lyze the behavior of stone columns. It is assumed that stone
column is isotropic and continuous, and part of the model is
usually taken as research object due to the axial symmetry
[22–30]. Some studies convert individual stone columns to
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column walls using plane strain analysis. The results coin-
cide with equivalent area method in long-term conditions
[26]. The computational efficiency of FEM is relatively high,
but its results mainly focus on the macroscopic level of
model.

DEM-FDM is a coupled numerical modeling scheme.
Isolated stone column can be simulated by DEM, and sur-
rounding soil is simulated by FDM with Mohr-Coulomb
yield criterion. Many studies using this method have been
done to understand the behavior of stone columns and sur-
rounding soils [31–35]. It is found that the failure mode of
isolated stone column in soft clay is related to soil elastic
modulus and soil cohesion [31]. The force and displacement
between stone column and soil are transferred by a series of
walls, which cannot be captured directly.

The DEM is widely used in geotechnical engineering,
such as slopes, embankments, roads, and rocks [36–46]. In
geotechnical engineering, DEM can simulate the disconti-
nuity of soil and rock and reveal the microscopic failure
mechanism. Wang et al. [40] have used DEM to study
the effects of confining pressure and load path on defor-
mation and strength of cohesive granular materials. Yu
et al. [42] have investigated the failure mechanism of
sandstones under different bedding angles and osmotic
pressures by DEM. DEM is an effective simulation method
because of the granularity of stone column aggregate; it
can simulate microscopic response of granular materials.
Gu et al. built a 3D DEM model for an end-bearing stone
column in soft clay, and the stone column and surround-
ing soil were simulated by DEM. They analyzed the stress
and deformation of an isolated stone column under load
[47]. However, in practice, stone columns do not always
penetrate the soft soil layer and sit on a hard bearing layer
[19, 21]. Stone columns are ordinary installed under rigid
foundation or uniform distributed load [22]. Until now,
according to the author’s knowledge, there is no DEM
research on the stress and deformation of floating stone
column under rigid foundation.

In this study, a 3D model for floating stone column in
soft clay is built, and the model is loaded uniformly on the

top. The vertical and radial stress of the column and the soft
soil, the porosity, coordination number and deformation of
the column, the stress concentration ratio, and the
column-soil interaction are analyzed.

2. Numerical Simulation

2.1. Unit Cell. Stone columns are usually arrayed in trian-
gular or square as depicted in Figure 1. Thus, the part of
column and surrounding soil is a hexagon (Figure 1(a))
or square (Figure 1(b)). Due to axial symmetry conditions,
the hexagon or square can be transformed into a circle (cyl-
inder) with the same area. The diameter of unit cell is 2re =
1:05 − 1:13sc for triangular and square form, respectively,
where sc is the distance from center to center between

s
c

r
c

r
e

(a) Triangular

s
c

r
c

r
e

(b) Square

Figure 1: Layout of stone columns.

Table 1: Microscopic properties of aggregate.

Parameter Value

Particle density (g/cm3) 2.65

Coefficient of particle friction 0.8

Particle normal stiffness (N/m) 6:0 × 107

Particle shear stiffness (N/m) 1:0 × 107

Contact bond normal strength (N) 130

Contact bond shear strength (N) 130

Table 2: Microscopic properties of soil particles in the top layer.

Parameter Value

Particle density (g/cm3) 2.65

Coefficient of particle friction 0.25

Particle normal stiffness (N/m) 4:0 × 104

Particle shear stiffness (N/m) 4:0 × 104

Contact bond normal strength (N) 3.2

Contact bond shear strength (N) 3.2
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columns, rc is the radius of the column, and re is the replace-
ment radius of the column.

2.2. Parameter Selection. The DEM software, three-
dimensional particle flow code (PFC3D, version 5.0), is
applied in this study. PFC is a mature business software of
Itasca company. The displacements and contact forces of
each particle are calculated by Newton’s second law.

The linear contact bond model is used in this study to
simulate the aggregate and the soft clay. The parameters of
aggregates and soil particles are shown in Tables 1 and 2,
which have been validated by Gu. In the Gibson soil model,
the undrained shear strength of soft clay increases with
depth. According to Han’s suggestion, the undrained shear
strength of soft clay can be calculated [48]:

τu = c + 0:25γ′z, ð1Þ

where c is the cohesion of soft clay and γ′ is the effective spe-
cific weight of soft clay. The contact-bond strength of the
lower six layers was 3.40N, 3.65N, 3.95N, 4.20N, 4.55N,
and 4.90N, respectively.

2.3. DEM Model of a Floating Stone Column under Rigid
Foundation. A 3D DEM model is built to simulate a floating
stone column under rigid foundation. Figure 2 shows the
unit cell for a floating stone column in soft clay. In order
to effectively simulate stone column-soil interaction and
improve the calculation efficiency, the diameter and height
of the model are set as 800mm and 1500mm, respectively.
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Annular loading plate

Soil particles
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Loading
direction

Circular loading
plate
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Figure 2: 3D model for unit cell of a floating stone column in soft clay.
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The bottom slab of the model is fixed. The friction coeffi-
cient of side boundary is set as 0 to reduce the influence of
the boundary on the model. The diameter of stone column
is 260mm, and the length is 1000mm. The diameter of
aggregates ranges from 30 to 50. Aggregates with a diameter
of 30 to 40mm make up 40% of the stone column, and
aggregates with a diameter of 40-50mm make up 60%. The
porosity of stone column is 0.37. The area replacement ratio
is 10.56%, between 10 and 35% [7].

Due to the irregular shape of soil particles and the influ-
ence of mineral component, the microscopic interaction of
soil particles is very complex [49, 50]. DEM is difficult to
simulate clayey soil accurately. This study makes some sim-
plifications, ignores some properties, and focuses on the
cohesive features of soft clay. The soft clay is simulated by
linear contact bond model. The diameter of soil particles
ranges from 18 to 20mm. A total of 117930 particles are
generated to simulate soft clay around and beneath the stone
column. For clear display, the soil particles are divided into
two groups, the soil around stone column and the
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Figure 8: Continued.
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underlying stratum, which are shown in different colors. The
initial porosity of soft clay is 0.4.

A circular plate and an annular plate are generated as
loading plates. The two loading plates are rigid and will
not be deformed during the loading process. The diameter
of the circular plate is 260mm. The inner diameter of the
annular is 260mm and the outer diameter is 800mm. The
two loading plates move down simultaneously to obtain an
initial pressure of 5.0 kPa. Under the initial pressure, the
particles of stone column and soil reach a certain compac-
tion state. The displacement control method is used in the
loading process. During the loading process, the two loading
plates simultaneously move downward at a uniform speed of
0.008m/s. This speed is small enough to ensure that the
model remains quasistatic during loading. The ratio of the
maximum unbalanced force to the maximum contact force
is less than 0.003.

The parameter variation of aggregates and soft clay
during loading can be monitored by measurement spheres.
Figure 3 shows the location of measurement spheres within
the model. There are fourteen measurement spheres of
260mm diameter along the stone column to the bottom slab.
These measurement spheres (ID from 1 to 14) overlapped
each other, allowing for more intensive monitoring of data.
Forty-two measurement spheres (ID from 15 to 56) are gen-
erated to monitor the surrounding soft soil at different posi-
tion. The diameter of these measurement spheres is 100mm.

3. Results

3.1. Stresses and Deformation of the Stone Column. The mea-
surement sphere provided by PFC3D 5.0 can effectively
obtain the stress and deformation changes of the column

and soil clay during loading. Because the medium is discrete,
stress cannot be obtained directly. The average stress in a
measurement sphere can be computed:

�σ = −
1
V
〠
Nc

F cð Þ ⊗ L cð Þ, ð2Þ

where �σ is the average stress in the measurement sphere, V
is the volume of the measurement sphere, Nc is the number
of contacts in the measurement sphere or on the boundary,
FðcÞ is the contact force vector, LðcÞ is the branch vector join-
ing the centroids of the two particles in contact, and ⊗
denotes outer product.

3.1.1. Vertical and Radial Stresses. Figure 4 shows the distri-
bution of vertical stress along the stone column under differ-
ent settlements. On the whole, the vertical stress increases
with the increase of settlement. When the settlement is more
than 1000mm, the stress on the top of stone column
decreases significantly. This is because the horizontal con-
straint of the aggregates on the top of column is small, and
the effective volume of the measurement sphere (ID = 14)
is decreasing due to the increase of settlement. The vertical
stress firstly increases and then decreases along the stone
column, which means that the vertical load is transferred
from the column to the surrounding soil. At the beginning,
the maximum stress is about at the 200mm below the
column top; with the increase of settlement, it gradually
moves down to 500mm. The vertical load on the column
is transferred downward, but not to the bottom of the
column.

(e) s = 120mm (f) s = 150mm

Figure 8: Deformation of the column during loading.
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Figure 5 shows the distribution of radial stresses along
the stone column under different settlements. As shown in
the figure, the maximum radial stress occurs within the
range of 400mm below the column top. With the increase
of settlement, the radial stress also increases, but the affected
area does not increase.

3.1.2. Porosity Change. The change of porosity is an impor-
tant index of stone column. It can reflect the change of rel-
ative density of the column during loading. However, the
exact variation of porosity is difficult to obtain in laboratory

and field tests. The measurement sphere in PFC can easily
measure the change of porosity with time. Porosity is the
ratio of the volume of the void in the measurement sphere
to the volume of the whole measurement sphere. Four mea-
surement spheres are selected at the model heights of
700mm, 900mm, 1100mm, and 1300mm. The four posi-
tions correspond to 200mm, 400mm, 600mm, and
800mm in the column, respectively.

Figure 6 shows the porosity changes of the column
during loading. The initial porosity of stone column is
0.37, which increases to 0.425 immediately after the initial
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Figure 9: Vertical stresses of the soft soil: (a) 180mm, (b) 280mm, and (c) 350mm away from the center of the column.
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pressure is applied. As the load continues to increase, the
porosity of the three lower positions changes little and is
basically stable between 0.41 and 0.42. The porosity of
the upper position is stable at about 0.42, when settlement
is less than 750mm. When the settlement is greater than
700, the porosity increases with the increase of settlement.
This indicates that when the settlement is less than
750mm, the aggregates of the column are relatively dense.
As the load continues to increase, the lower part of the
column remains stable, and the upper part shows sign of
failure.

3.1.3. Coordination Number. The coordination number is
the average number of active contacts for each particle in a
measurement sphere and is computed as

Cn =
∑Nb

n bð Þ
c

Nb
, ð3Þ

where Cn is coordination number, Nb is the number of par-

ticles with centroids in the measurement sphere, and nðbÞc is
the number of active contacts of particle b.
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Figure 10: Radial stresses of the soft soil: (a) 180mm, (b) 280mm, and (c) 350mm away from the center of the column.
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The coordination number can be used to estimate the
particle movement of the column. Four measurement
spheres at the model heights of 700mm, 900mm, 1100mm,
and 1300mm are selected. The four positions correspond to
200mm, 400mm, 600mm, and 800mm in the column,
respectively. Figure 7 shows the coordination number in
the column during loading. After the initial pressure was
applied, the coordination number at the heights of 700mm,
900mm, 1100mm, and 1300mm was 4.9, 4.7, 4.5, and 4.0.
As the load gradually increases, the coordination number of
the four positions has some fluctuations, but the coordina-
tion number increases in general, which means that the
aggregates became denser. At the end of loading, the coordi-
nation number at the height of 700mm, 900mm, 1100mm,
and 1300mm was 4.7, 4.6, 4.3, and 3.8. The aggregates at
the upper part of the column have a small coordination num-
ber, which also mean that the aggregates are relatively loose.
This is consistent with the result of porosity.

3.1.4. Deformation. The deformation of the column can
reflect the failure mode intuitively. However, it is difficult
to monitor the deformation process of stone column under
load in laboratory test and in situ engineering practice.
Numerical simulation can overcome this disadvantage and
conveniently obtain the deformation of column under vari-
ous loads. PFC 3D obtained the deformation of the column
during loading, as shown in Figure 8. Under the action of
load, the column is constantly compressed and expanded.
Expansion becomes smaller from top to bottom. The defor-
mation of the upper part of the column is large, and the
radial stress is also large, which shows a certain positive
correlation. When the settlement reaches 1500mm, the
shape of the column is close to the frustum of a cone. The
results of the PFC numerical simulation are similar to those
of the experiments [20, 21]. Wang et al. [20] and Guo et al.
[21] conducted the model test of stone column under
uniform load on the entire top of model. The deformation
of stone column under rigid foundation is different from
that under load only on the column top. When the load only
applies on the column top, obvious expansion deformation
will occur below the column top [29, 33]. This difference is
related to the confined strength of the soil. When the load
is applied to both column and soil, the soil can provide
greater confined strength than when the load is applied only
to the column.

3.2. Vertical and Radial Stresses of the Soft Soil. The vertical
and radial stresses of the soft soil during loading are
obtained using measurement spheres at different positions.
Figure 9 shows the vertical stresses of the soft soil 180mm,
280mm, and 350mm away from the center of the column.
Figure 9(a) shows that the vertical stress fluctuates along
the depth direction. This is because the soil in this area is
close to the column and is greatly affected by the deforma-
tion of the column. The vertical stress distributions of the
soft soil are relatively regular in Figures 9(b) and 9(c). The
vertical stresses in Figure 9 all increase with the increase of
load. At the same position away from the center of the
column, the vertical stress decreases with the increase of

the depth. As the loading plate gradually moves down, the
volume of the measurement sphere at the top gradually
decreases, so the stress measured by the measurement sphere
at the top also decreases.

Figure 10 shows the radial stresses of the soft soil
180mm, 280mm, and 350mm away from the center of the
column. Figures 10(a) and 10(c) show that the radial stress
of the upper part of the soil is relatively large. Figure 10(b)
shows that the radial stress fluctuation of the soil in the mid-
dle is large, but the value of radial stress is small. At the
height of 500mm, that is, the position of column foot, the
radial stress increases significantly.

The distribution of vertical and radial stress of the soft
soil under rigid foundation is different from that load only
on the column top. When load is only on the column top,
the vertical stress increases along the depth, and the radial
stress in the upper soil near the side boundary is large [47].

3.3. Column-Soil Interaction

3.3.1. Stress Concentration Ratio. The stress concentration
ratio is an important parameter in geotechnical engineering,
which reflects the load sharing between column and soil. In
this study, a circular loading plate and an annular loading
plate are generated to record the load on the column and
soil, respectively. The stress concentration ratio can be
obtained by calculating the recorded load. Figure 11 shows
that the stress concentration ratio decreases with the
increase of settlement. After the initial pressure applied,
the stress concentration ratio reaches the maximum of 2.5.
This is because the column had higher stiffness than the sur-
rounding soil and carried more load. With the gradual
increase of load, the settlement becomes larger, and the
stress is transferred from the column to soil. When settle-
ment reached 150mm, the stress concentration ratio is
1.55. The results in this study are in the range of 2 to 4,
which is consistent with other’s literature [10, 26]. In Zhang
et al.’s article, the typical stress concentration ratio of a stone
column-improved ground under rigid foundation is 2 to 4

0
1.0

1.5

2.0

2.5

3.0

30 60
Settlement (mm)

St
re

ss
 co

nc
en

tr
at

io
n 

ra
tio

90 120 150

Figure 11: Stress concentration ratio with settlement.

9Geofluids



[26]. When the settlement is greater than 90mm, the stress
concentration ratio is less than 2. This is due to the expan-
sion of the column top; the circular loading plate cannot
record accurately. The stress concentration ratio at the later
stage of loading is an approximate value.

3.3.2. Deformation of Column and Soil at the Bottom of
Column. PFC has the advantage to monitor the movement

of particles under load. Each particle can be divided into dif-
ferent groups before loading. Therefore, the trajectory of
particles can be clearly seen during loading. In this study,
as shown in Figure 2 the particles of soft clay are divided into
two groups with different colors. The soil with yellow is the
same height as the column. Figure 12 shows the deformation
of column and soil at the bottom of column under different
settlements. With the increase of load, the deformation of

(a) s = 0 (b) s = 30mm

(c) s = 60mm (d) s = 90mm

(e) s = 120mm (f) s = 150mm

Figure 12: Deformation of column and soil at the bottom of column during loading.

10 Geofluids



column and soil becomes larger, and the protrusion is more
obvious. When the settlement reaches 150mm, the protru-
sion is close to cone. The column does not penetrate into
the underlying stratum, and the column has a drag effect
on the surrounding soil. In other words, the column and
surrounding soil deform cooperatively, showing certain
integrity. This is related to the large coefficient of friction
between column and soil. The stress is transmitted from
inside to outside through the column to the surrounding
soil, thus making the protrusion to cone shape.

4. Discussion

Although the proposed DEM model can analyze the behav-
ior of a floating stone column under rigid foundation, it still
needs to be improved in the following aspects: (1) the linear
contact model was used to simulate the soil particle for sim-
plicity; the use of PFC to simulate soft soil requires further
study; (2) the displacement-control method was adopted in
the model, and the load-control method could be developed
in further study; and (3) when the column top expanded
during loading, the loading plate on the column did not
expand simultaneously.

5. Conclusions

In this present work, a 3D DEM model of a floating stone
column under rigid foundation is established. The aggre-
gates of stone column and soft clay are simulated with par-
ticles, using the linear contact model. Two loading plates at
the same position with the same velocity are used to simulate
the rigid foundation. The stress and deformation of column
and soft clay are investigated in this study. The interaction
between column and soil is also analyzed. Based on the
numerical simulation results, the following conclusions have
been obtained:

(i) The vertical stress of the column increases with the
increase of settlement and decreases with the depth
of the column. The radial stress of the column also
increases with the settlement, but the affected area
is concentrated in the shallow section

(ii) With the settlement increasing, the porosity of the
shallow section of the column increases and the
coordination number is relatively small. This means
that the aggregates in the upper part of the column
become loose as settlement increases. The porosity
and coordination number of the lower section of
the column remain relatively stable with the
increase of settlement. Therefore, the aggregates in
the lower part remain relatively dense

(iii) Under rigid foundation, the surrounding soil can
provide great lateral strength. The expansion defor-
mation of the column decreases gradually from top
to bottom

(iv) The vertical stress of the soft clay increases with the
increase of settlement. The radial stress of the upper

part of soft clay is large, and at the position of col-
umn foot, the radial stress increases significantly

(v) The stress concentration ratio decreases from 2.5 to
1.55 during loading. The column does not penetrate
into the underlying stratum, and the column drags
the surrounding soil down
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Montmorillonite is the main mineral source for the swelling and shrinking of expansive soils. The macroscopic phenomena of soil
are affected by the action of deep-level nanosized minerals. In order to illustrate the nanoscale mechanism from the molecular
level, a combination of Monte Carlo and molecular dynamics was used to explore the swelling and shrinking characteristics of
montmorillonite. The results showed that the basal spacing, free swelling ratio, and void ratio were positively correlated with
water content but were inversely proportional to the change of CEC. The hysteresis phenomena of swelling and shrinking were
the most significant at a water content of 40%. Compared with the expansive soil, the nanoscale shrinkage curve of
montmorillonite also included three stages of normal shrinkage, residual shrinkage, and no shrinkage. The relative
concentration of water molecules conveyed information such as the thickness and position of the hydration film and explained
the difference in swelling and shrinking caused by the above variables. The changes in the number and length of hydrogen
bonds revealed the order of formation and the process of destruction of hydrogen bonds during the reaction. The similarity of
the trends between the basal spacing, binding energy, and the number of hydrogen bonds indicated that the swelling and
shrinking of the crystal layer are a reflection of the molecular interaction, and the hydrogen bonding is particularly critical.

1. Introduction

Expansive soil is widely distributed worldwide and generally
exists on the surface of the earth. It is mainly composed of clay
minerals such as montmorillonite, illite, and kaolinite [1]. Due
to its engineering characteristics of swelling and shrinking, it
often causes damage to roadbeds, slopes, and buildings, bring-
ing huge losses to the economic security of countries around
the world [2, 3].

Both natural and remodeled expansive soils have extremely
complex mineral compositions and random structures. The
research scale ranges from nanosized minerals to macroscale
clays, and there are complex interactions between particles, as
well as between particles and electrolyte solution [4–7]. So
far, the explanation of the swelling and shrinking mechanism

of expansive soil has not been unified. Most of them are based
on the macrolevel, ignoring the coupling process of physics,
mechanics, and chemistry on the microscale [8–10]. Studies
have shown that montmorillonite plays an important role in
the swelling and shrinking of expansive soil. Starting with nano-
level minerals is a prerequisite to fully understand and clarify its
deformation and destruction [11]. However, it is highly difficult
to test the interaction between the solid and liquid molecules of
crystal layer by experimental methods, which hinders the fur-
ther development of clay mineralogy to a certain extent.

With the improvement of molecular simulation technol-
ogy, many scholars have achieved remarkable results in the
behaviors of montmorillonite and the influencing factors of
swelling. Boek et al. [12] first used the Monte Carlo method
to simulate the hydrated phenomena of Na-montmorillonite
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and found the basic spacing increased with the rise of water
content. Marry et al. [13] obtained its structure and kinetic
features to calculate the diffusion coefficient of water mole-
cules and interlayer cations. In order to determine the key
factors affecting the swelling properties, Chang et al. [14]
investigated the hydrated behaviors under the action of
different cations such as Li+, Na+, and K+ by molecular sim-
ulation. Furthermore, Wang and Zeng [15] regarded the
water content and the types of interlayer cations as variables,
sorting the ability of Li+, Na+, and K+ to organize oxygen atoms
through the radial distribution function. Katti et al. [16] relied
on Fourier transform infrared and molecular dynamics to
study the swelling behaviors of Na-montmorillonite in various
organic fluids. Abduljauwad et al. [17] considered the influence
of dry density on swell potential and pressure of Na-
montmorillonite from the perspective of cohesive energy den-
sity (CED). In addition to its own conditions, Li [18] reported
the changes in the interlayer structure of Na-montmorillonite
and Cs-montmorillonite in the range of 300K-600K. But up
to date, there are few evaluations on the influence of cation
exchange capacity (CEC), and most of the above researches
are obviously insufficient in system and depth. Recently, stud-
ies involving the shrinking of montmorillonite after losing
water have rarely been mentioned. In addition, the range of
water content that the existing literature focused on is too
narrow (0~30%). It cannot reflect the characteristics of mont-
morilloniteintheentirestageofswellingandshrinkingandlack-
ing a connection with macroscopic experimental phenomena
[19–21].

In this paper, based on the molecular dynamics, the
influence of water content, types of interlayer cations, and
cation exchange capacity on the swelling and shrinking
behaviors of montmorillonite under normal temperature
and pressure was explored. The simulation results of the
nanoscale were utilized to figure out the microscopic mech-
anism and preliminarily explained the macroscopic experi-
mental phenomena.

2. Methodology

2.1. Swelling Behaviors of Montmorillonite

2.1.1. Model Construction. The Wyoming montmorillonite
(Mnt) selected in this article has been widely studied by
scholars [22, 23]. The unit cell belongs to the monoclinic sys-
tem, space group C2/m with α = γ = 90°, β = 99°, a ≈ 5:23Å,
and b ≈ 9:06Å. When montmorillonite is in a completely
dry state, c ≈ 9:60Å.While adsorbing one, two, three, and four
layers of water molecules, the c values are 12.5Å, 15.5Å,
18.5Å, and 21.5Å, respectively [21]. To keep the number of
particles in the system constant and eliminate the boundary
effect of the model, referring to the experience of Skipper
[24], the simulation cell consisted of 8 unit cells (4 × 2 × 1
array of clay unit cell) using periodic boundary conditions
and the space group in the simulated environment is P1. Con-
sidering the complicated forms and time-consuming calcula-
tion in the MCY and TIP4P, the SPC/E model was selected
to better reflect the properties of water and describe the inter-
action between water and clay [23, 25]. By adjusting the bond

angle H-O-H and bond lengthH-O to 109.47° and 1Å, respec-
tively, the dipole moment of the water molecule will be close to
the real value [21]. The nanoscale Mnt and the macroscopic
samples were bridged through water content, fully reflecting
the whole stage of swelling and further establishing the con-
nection between two scales. The initial water content (the per-
centage of the mass of water molecules to the mass of clay,
namely,mH2O/mclay × 100%), c value, and number of hydrated
layers under different numbers of water molecules are listed in
Table 1.

According to Lowenstein’s nonadjacent principle [26]
followed by multiple isomorphous replacement of mont-
morillonite, Si4+ in tetrahedral sheet and Al3+ in octahe-
dral sheet will be replaced by Al3+ and Mg2+,
respectively. Take Na-Mnt or Ca-Mnt with a layer charge
of 0.75 (0.38 per half unit cell) as an example; there are six
Na+ or three Ca2+ between the layers, and the molecular
formula is Na0.75{Si7.75Al0.25}[Al3.5Mg0.5]O20(OH)4·nH2O
or Ca0.375{Si7.75Al0.25}[Al3.5Mg0.5]O20(OH)4·nH2O. The
supercell configuration of Na-Mnt with 0~4 hydrated
layers is depicted in Figure 1.

2.1.2. Simulation Design. Layer charge density and cation
exchange capacity (CEC) are important criteria for the clas-
sification of clay minerals. In soil science, CEC means the
milligram equivalent of cation exchange per 100 g of soil,
namely, the molar charge per unit mass of soil. Layer charge
and CEC can be transformed into each other, but a previous
work has rarely linked the two indicators. To this end, this
paper constructed three types of Mnt models according to
the standard “geological exploration instruction of bentonite
deposit” GB 12518-1990, including low-level charge type
(0.20~0.35 per half unit cell), transition type (0.35~0.45 per
half unit cell), and high-level charge type (0.45~0.60 per half
unit cell). The transition from layer charge to CEC (eq/g) is
realized by formula (1), so as to be related to the CEC
detected by macroscopic experimental methods.

CEC eq/gð Þ = 1000 × 2σ/e′
FW/100

, ð1Þ

where σ is the layer charges, e′ is the charge of an electron,
FW ðgÞ represents the mass of the model. Equation (1) pre-
sents that the CEC of the mineral is affected by the volume,
natural density, and layer charge of the model, and the CEC
of Mnt is various under different water contents [27].
Tables 2 and 3 list the variable gradients of water content
and layer charge density. The water content range of 16~232
water molecules corresponds to water content in the range
of 5%~70%, covering all states of the soil when it expands
and shrinks [28]. In view of the fact that the interlayer cations
of Mnt are mostly Na+ and Ca2+ under actual conditions and
the layer charge density generally varies from 0.20 to 0.60 per
half unit cell, so the total number of groups simulated is 66,
corresponding to 66 CEC values. The CEC of Mnt is not
greatly affected by the types of cations (Tables 2 and 3).
According to the changes of CEC, it can be roughly divided

2 Geofluids



into three levels, namely, LCEC (30~60 eq/g), MCEC
(60~100 eq/g), and HCEC (100~160 eq/g).

2.1.3. Computational Parameters and Procedure. The simu-
lation was performed by Materials studio software package
on the system containing Mnt, water, and ions. The force
field, CLAYFF, proposed by Cygan et al. [29] was applied

to describe the process of molecular dynamics. With refer-
ence to the parameters of previous experience [15, 21], the
long-range Coulomb electrostatic force was processed by
the Ewald summation method with an accuracy of 10-
4 kcal/mol. The van der Waals force of the short-range inter-
action was acquired by the atom-based method, and the cut-
off distance, spline width, and buffer distance were set to

Table 1: The parameters of Mnt with different numbers of water molecules between layers.

Parameters
The number of water molecules

16 32 64 96 128 149 166 183 199 216 232

The number of hydrated layers 1 1 1 2 3 3 3 3 3 4 4

Initial c value (Å) 12.5 12.5 12.5 15.5 18.5 18.5 18.5 18.5 18.5 21.5 21.5

Initial water content (%) 5 10 20 30 40 45 50 55 60 65 70

(a)

(c) (d) (e)

(b)

z

x

H
O
Al

Si
Mg
Na

Figure 1: Na-Mnt in different hydrated layers: (a) dry state, (b) 1-layer hydrated, (c) 2-layer hydrated, (d) 3-layer hydrated, and (e) 4-layer
hydrated.

Table 2: CEC of Na-Mnt.

Layer charge density (per half unit cell) Type of layer charge Number of Na+
Water content (%)

5 10 20 30 40 45 50 55 60 65 70

0.20 Low-level 3 49 47 43 40 37 35 34 33 32 31 30

0.38 Transition 6 97 93 85 79 73 70 68 65 63 61 60

0.60 High-level 10 160 153 140 130 121 119 112 108 105 101 99

Table 3: CEC of Ca-Mnt.

Layer charge density (per half unit cell) Type of layer charge Number of Ca2+
Water content (%)

5 10 20 30 40 45 50 55 60 65 70

0.25 Low-level 2 65 62 57 53 49 49 45 44 42 41 40

0.38 Transition 3 97 93 85 79 73 70 68 65 63 61 60

0.60 High-level 5 160 153 141 130 121 116 112 108 103 102 99
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12Å, 0.5Å, and 0.5Å, respectively. The basic steps included
the adsorption of water molecules and interlayer cations,
geometric optimization, structural relaxation, and the kinetic
simulation of swelling. The specific details are as follows:

(1) The adsorption of water molecules and interlayer cat-
ions: in accordance with the gradients of the layer
charge, the isomorphous replacement was accom-
plished first, and then, the initial model was con-
structed. The corrected water molecules and Na or
Ca were given the corresponding charges through
CLAYFF force field, and specific parameters are listed
in Table 4 [30]. Sorption of water molecules and inter-
layer cation (Na+ or Ca2+) was carried out using the
MetropolisMonte Carlo method in the Sorptionmod-
ule of the software. Specifically, the parameters
selected for ratios of “exchange,” “conformer”,
“rotate,” “translate,” and “regrow” are 0.39, 0.2, 0.2,
0.2, and 0.2, respectively [9]. In this way, initial crystal
structures after adsorption were built.

(2) Geometric optimization: to gain the conformation
with the lowest potential energy, the energy of
adsorbed Mnt was minimized by the Smart algo-
rithm. The convergence tolerance and displacement
were controlled to 1:0e − 4 kcal/mol and 5:0e − 5Å,
respectively, and the maximum number of iteration
steps was 5000. When the energy of the system
dropped to a stable level and reached the conver-
gence criterion, the optimized configuration was
chosen to lay the foundation for the next step.

(3) Structural relaxation: the model was further opti-
mized globally to prevent the energy of the system
from falling into the local optimum in the NVT
ensemble, and a more stable configuration can be
generated. In this section, the kinetic simulation of
Na-Mnt and Ca-Mnt was carried out at 25°C
(298K). The temperature was controlled by the more
efficient Velocity Scale method with an allowable
error of 5.0K. Considering that most models have
reached equilibrium at the 50th ps, the total simula-
tion time and time step were, respectively, 200 ps
and 0.5 fs to improve accuracy [30].

(4) The kinetic simulation of swelling: when simulating
the swelling of Mnt in the NPT ensemble, all the
atomic degrees of freedom need to be released to apply
a fixed temperature (298.15K) and pressure (1 atm).
Since Mnt is an inorganic crystal and its structure
and shape are known, the pressure can be fixed by
the Berendsen method. To save simulation time and
increase accuracy, this research integrated previous
experience and set the total simulation time to 200ps
[30, 31]. The time step was conducted for 0.1 fs.

Using the method of Chang et al. [14] for reference, the
new basic spacing of hydrated clay minerals after swelling

was taken as the initial basal spacing for the following simu-
lation. The trajectory of the balanced model will be extracted
and processed by Perl script.

2.2. Shrinking Characteristics of Montmorillonite. When the
mineral undergoes swelling reaction, the water molecules
in the pores of the soil will evaporate with the influence of
temperature, leading to water content of soil decreasing
and further shrinking under external force. If the water con-
tent is less than a certain critical value, the volume of the soil
will no longer change. This study concentrated on the
shrinking process of Mnt with atmospheric pressure after
evaporation. For the Monte Carlo method, firstly, it can pro-
vide more detailed information without providing experi-
mental data and calculate a reliable and balanced system
by determining the energy, pressure, and temperature of
the configuration. Secondly, this method can more realisti-
cally describe the water absorption and desorption of water
molecules randomly distributed among the layers of clay
particles to simulate the process of shrinking. Finally, the
algorithm is less restricted by geometric conditions such as
the size, number of atoms, and orientation of the system,
which is convenient for obtaining more realistic and accu-
rate simulated results [23, 32].

The fundamental difference between the swelling and
shrinking of Mnt lies in the adsorption and desorption of
water molecules. The current work was combined with the
research of Zheng et al. [23] and desorbed a fixed amount
of interlayer water molecules in the expanded model by
Monte Carlo. During the shrinking period, the water content
of the entire system changes from 70% to 0%. It means that
when the process of swelling is completed at a higher water
content (such as 70%), Monte Carlo will be used on this
basis to make the system reach a lower water content (such
as 65%) as a model premise of simulating shrinking by delet-
ing a specific number of water molecules.

The parameters are the same as those in Section 2.1.
Geometry optimization, structural relaxation, and simulation
of shrinking (NPT ensemble) were executed in sequence,
and finally the trajectory data after equilibrium was sorted.

2.3. Data Analyses. Before the discussion and analysis of the
results, it is necessary to figure out the way and physical
meaning of certain nanolevel parameters. For instance, the
basal spacing, free swelling ratio, and void ratio can display
the phenomena of swelling and shrinking from different
aspects, as well as the relative concentration, binding energy,
number, and length of hydrogen bonds reflecting its reaction
mechanism. The ergodic hypothesis points out that even if
the system is in an equilibrium state, its configuration will
dynamically change with time and the system will experi-
ence all possible microscopic states at this time. Therefore,
it is statistically significant to extract the data of the stable
configuration to calculate the following indicators.

2.3.1. Basal Spacing (d001‐value). The change of the basal
spacing represents the ability of swelling and shrinking of
Mnt, including the thickness of solid minerals and interlayer
spacing. The formula is defined as [21]
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d001‐value Å
� �

=
V

a × b × sin α
, ð2Þ

where V ðcm3Þ is the statistical average volume in the system
and a ðÅÞ, b ðÅÞ, and sin α are the average unit cell
parameters.

2.3.2. Free Swelling Ratio (FS). Compared with the basal spac-
ing, the free swelling rate is a professional measure of three-
dimensional swelling. The larger the free swelling ratio, the
stronger the swelling abilities of the soil. It is defined macro-
scopically as the ratio of the difference between the volume
of loose dried soil particles when freely accumulated in the
air and water to the volume when freely accumulated in the
air; thus, Ahmed and Abduljauwad [9] gave a way to describe
the free swelling ratio (FS) of expansive clays on a microscale
and the specific form is expressed as

FS %ð Þ = IDD − FDD
FDD

× 100%, ð3Þ

where IDD ðg/cm3Þ is the initial dry density and FDD ðg/cm3Þ
is the final dry density.

2.3.3. Void Ratio ðeÞ. The shrinking of soil is mostly charac-
terized by the shrinkage curve (the relationship curve
between void ratio and water content) [28]. According to
the Connolly algorithm, the porosity of the clay matrix can
be calculated by the hard-sphere test-particle insertion
(TPI) method. The Connolly radius was 1.0Å. The van der
Waals scale factor and grid interval were 1.0 and 0.25Å.
Hereby, the free volume (FV) and occupied volume (OV)
can be solved, and the void ratio is given as

e =
OV
FV

, ð4Þ

where OV ðÅ3Þ and FV ðÅ3Þ, respectively, are the free vol-
ume (including the volume of water molecules) and the solid
phase volume of clay after swelling.

2.3.4. Relative Concentration. Relative concentration refers
to the ratio of the number of atoms or molecules on a certain
plane of the model to the number of atoms or molecules in
the entire system, quantitatively depicting the position and
distribution of atoms or molecules. With this parameter,
the process of swelling and shrinking of Na-Mnt and Ca-
Mnt under different CEC can be further explored.

2.3.5. Binding Energy (Ebind).Whitley and Smith [33] discov-
ered that the main thermodynamic factor affecting the swell-
ing of Mnt is the energy term in the free energy of swelling.
To distinguish differences between the swelling and shrink-
ing with different water content, types of cations, and CEC
from the perspective of thermodynamics, the binding energy
was introduced as [34]

Ebind kcal/molð Þ = −Einter = Esolid + EH2O
� �

− Etotal: ð5Þ

The binding energy Ebind ðkcal/molÞ in (5) is the negative
value of the interaction energy Einter ðkcal/molÞ, which is used
to measure the interaction energy between the solid and liquid
phase and quantitatively characterize the interaction force
between molecules. The more positive the binding energy,
the stronger the attraction between the solid and liquid mole-
cules. The greater the absolute value of the negative binding
energy, the more significant the attraction between water mol-
ecules and the clay wafer. Esolid ðkcal/molÞ, EH2O ðkcal/molÞ,
and ETotal ðkcal/molÞ are the energy of the solid phase, liquid
phase, and the total energy of the system, respectively.

2.3.6. The Number and Length of Hydrogen Bonds. Hydrogen
bonding is a special nonbonding interaction. For the force field,
CLAYFF, it is reflected in the interaction between static elec-
tricity and van der Waals. It can be divided into intermolecular
hydrogen bonds and intramolecular hydrogen bonds accord-
ing to their types [35]. Relevant studies have shown [21] that
intermolecular hydrogen bonds in Mnt are mainly formed
between water molecules and bridging oxygen atoms on the
surface of the wafer. On the one hand, the intermolecular
hydrogen bonds are generated between the hydroxyl hydrogen

Table 4: Force field and charges of montmorillonite and water.

Type Atom Symbol q (e) σij (Å) εij (kcal/mol·Å)

Montmorillonite

O (bridging oxygen) ob -1.050 3.5532 0.1554

O (hydroxyl oxygen) oh -0.950 3.5532 0.1554

Na (interlayer cation) Na 1.0 2.6378 0.1301

Ca (interlayer cation) Ca 2.0 3.2237 0.1000

H (hydroxyl hydrogen) ho 0.425 — —

Mg (octahedral magnesium) mgo 1.360 5.9090 9:0298 × 10−7

Al (tetrahedral aluminum) at 1.5750 3.7064 1:8405 × 10−6

Al (octahedral aluminum) ao 1.575 4.7943 1:3298 × 10−6

Si (tetrahedral silicon) st 2.100 3.7064 1:8405 × 10−6

Water
O (H2O) o∗ -0.820 3.5532 0.1554

H (H2O) h∗ 0.410 0.0000 0.0000
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in the structure and the common oxygen atoms of silicon-
oxygen tetrahedron and aluminum-oxygen octahedron and
between a few bridging oxygen atoms. When water molecules
are adsorbed into the crystal layer or desorbed from the inter-
layer, the hydrogen bonds will vary accordingly. Thus, the
changes of hydrogen bonds in the system may be related to
the swelling and shrinking behaviors of Mnt.

In view of this, we determined the order of formation dur-
ing swelling, the process of destruction during shrinking, and
the distribution of water molecules between layers by the
number of hydrogen bonds ðNHBÞ, the number of hydrogen
bonds per water molecule ðNHB,pÞ, and the length of hydrogen
bonds ðLHBÞ. Using Perl script to define the bonding rule of
hydrogen bonds is that the distance between the largest donor
and acceptor was 2.5Å, and the smallest angle between the
donor, hydrogen atom, and acceptor was 90° [21].

3. Results and Discussion

3.1. Hysteresis Curve of Swelling and Shrinking. Referring to
(2), the relationships between d001‐value and water content
of Na-Mnt and Ca-Mnt under different CEC are shown in
Figures 2(a) and 2(b). d001‐value has slightly decreased with
the increase of CEC (Figure 2), which is consistent with the
test results of Ahmed and Abduljauwad [9]. In the process of
Mnt from swelling to shrinking, d001‐value has undergone
four hydrated states. Generally, it first grew with the rise of
water content and then declined with the decrease of water
content. The swelling and shrinking had evident hysteresis
effects. Tang [28] also found the irreversibility of the swell-
shrinking deformation of the sample in the macroscopic test.
The experimental results of Fu [19] and Berend [20] using
X-ray diffraction (the range of water content is 0%~30%),

and the simulation results of Zheng et al. [23] are in good
agreement with the hysteresis curve in Figure 2, which
largely confirms the accuracy of the simulation results in this
work. Comparing the changes of d001‐value between Na-
Mnt and Ca-Mnt, the interlayer cations had an effect on
the swelling and shrinking of Mnt. However, Na-Mnt only
had a smaller swelling advantage than Ca-Mnt, which may
be related to the hydrated capacity of cations [21].

As shown in Figures 2(a) and 2(b), similar to the hyster-
esis behaviors of hydrated Mnt under the influence of tem-
perature [36], the swell-shrinking phenomenon was the
most significant when the water content varied from 30%
to 50%. The difference in d001‐value between absorption
and desorption of Mnt was the largest when the water con-
tent was around 40% (the partial enlarged view on the upper
left side of Figure 2). By linking the macroscopic results, the
corresponding critical water content is also about 40% when
desiccation cracks are beginning to appear [27, 37]. The
discovery suggested that the volumetric shrinkage of Mnt
may create spatial conditions for the formation of cracks
on expansive soils.

3.2. Swelling Properties of Montmorillonite. Figures 3(a) and
3(b) are the swelling curves of Na-Mnt and Ca-Mnt, where
the dry state is considered the reference point for calculating
FS. The changes of FS with water content under different
CEC displayed that, similar to d001 − value, FS of Mnt pre-
sented an upward trend with the increase of water content
as a whole. CEC had a negative correlation with FS, and
the swelling performance of Na-Mnt was slightly better than
that of Ca-Mnt.

Na-Mnt and Ca-Mnt with a water content of 0% to 70%
have expanded by about 150% (Figure 3). From a completely
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Figure 2: Hysteresis curve of Mnt during swelling and shrinking: (a) Na-Mnt and (b) Ca-Mnt.
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dry state to adsorb 16 to 32 water molecules (a water content
of 5% to 10%), the first layer of hydration was about to fill
up. After entering the first hydrated state, FS of Mnt climbed
rapidly, but the increasing trend slowed down when the sec-
ond hydrated layer was formed. This may be closely con-
nected with the aggregation of water molecules and the
generation of hydrated layer. When the adsorption of the
third hydrated layer was completed, FS at a water content
of 40% reached 120%, while the FS of the expansive soil
measured by Yu et al. [38] on the macroscale is about
100%. The difference between them may be due to the scale
effect of the soil, but it largely indicated that Mnt is the main

source of clay minerals for swelling of expansive soil. FS at
the water content of 40% to 60% increased mildly, suggest-
ing that the three-layer water molecules gradually transi-
tioned to the four-layer, and a small swelling occurred
when the four-layer hydration was established.

3.3. Shrinkage Curve of Montmorillonite. Figure 4 presents
the shrinkage curve (the relationship between void ratio
and water content) of nanoscale Na-Mnt and Ca-Mnt. As
shown in Figures 4(a) and 4(b), with the desorption of water
molecules, the crystal layer gradually shrunk in volume
under external pressure, resulting in a continuous drop in
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Figure 3: The relationship between free swelling ratio and water content: (a) Na-Mnt and (b) Ca-Mnt.
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the void ratio of Mnt, and finally tended to stabilize. Com-
pared with the expansive soil, the entire curve also roughly
went through three stages [28]. The first was the linear
development stage (water content ≥ 30%). Water molecules
began to desorb from 70% of the water content, and the
reduced volume of the system was equal to the dehydrated
volume. After the fourth hydration film disappeared, the
volume was compressed under external pressure until the
third hydration film was removed. The second was residual
deformation (from 10% to 30%). The dry density of Mnt
gradually went up as the water content went down, and
the void ratio decreased at a slower rate. When the water
content dropped to less than 10%, in other words, when

the system was in the stage of no shrinkage, the molecules
of the first hydrated layer were closely combined with the
interlayer cations. At this moment, the dry density of the
mineral has reached 2.1 g/cm3. The void ratio stayed
constant at about 0.65 and no longer deformed. The main
reason for the distinction between the shrinkage curves of
expansive soil and nanosized Mnt should be attributed to
the multiscale effect of the soil and the difference in mineral
composition and structure.

The effects of types of interlayer cation and CEC on the
shrinking behaviors of Mnt revealed that influenced by the
swelling states, the void ratio of Na-Mnt was slightly larger
than that of Ca-Mnt under the same water content. The
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Figure 5: Distribution of water molecules along the z-axis: (a) different hydrated layers of Na-Mnt, (b) different CEC, (c) different types of
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higher the CEC, the smaller the void ratio, which is basically
the same as the results of d001‐value in Figure 2.

3.4. Swelling and Shrinking Mechanism. In order to explain
the above-mentioned microscopic phenomena in depth, we
will discuss the relative concentration of water molecules,
the binding energy of solid-liquid molecules, and the num-
ber and length of hydrogen bonds.

3.4.1. Distribution of Water Molecules. The relative distribu-
tion of water molecules along the z-axis in the Na-Mnt model
is presented in Figure 2(a). WhenMnt adsorbed 32 water mol-
ecules, it appeared a peak along the z-axis, forming the first
hydrated layer and concentrated in the center of the crystal
layer. When water molecules were successively adsorbed and
developed into a second hydrated layer, the main peak split
into two symmetrical secondary peaks, and the peak value
was reduced. Similarly, the third and fourth hydrated layers
corresponded to 3 and 4 peaks, respectively. After the water
molecules were arranged in layers, they became more dis-
persed. Fei [21] also obtained the related results. Figure 2(b)
exhibits the distribution of water molecules between two layers
of hydrated Ca-Mnt (with a water content of 20%) under dif-
ferent CEC. The higher the CEC, the narrower the peak width,
leading to the thinner the thickness of the hydration film and
the worse the final swelling performance. It also explained the
influence of CEC on d001‐value and FS. The swelling effects of
Na-Mnt and Ca-Mnt also depended on the thickness of the
hydration film in the process of absorbing water molecules.
In Figure 5(c), the hydration film of Na-Mnt was slightly
thicker than Ca-Mnt, so the swelling properties of the former
had advantages over the latter. It is given that the ionic radius
of Na is smaller than that of Ca and the hydrated ability of ions
is inversely proportional to the ionic radius, which ensures the
correctness of the simulation results. The water film between
the layers of 2-layer hydrated Ca-Mnt became thinner in the

shrinking state (Figure 5(d)). In comparison with the distribu-
tion of water molecules after swelling, the distance from the
solid phase of the mineral was enlarged, promoting a certain
agglomeration of water molecules. Hence, the interaction
between the liquid and solid phases was weakened, and the
crystal layer will shrink due to external pressure, generating
hysteresis effects of swelling and shrinking.

3.4.2. Solid-Liquid Interaction. The force field, CLAYFF,
only relies on the interaction of Coulomb electrostatic force
and van der Waals force. The total potential energy of each
component in (5) is mainly derived from the Coulomb elec-
trostatic potential, van der Waals nonbonding potential
energy, bond stretching, and angle bending of water mole-
cule and hydroxyl bond [21].

Figures 6(a) and 6(b) demonstrate that the binding energy
(Ebind) between the solid phase of clay and the liquid phase of
water molecules varied from -850 to 35000kcal/mol in the
range of 5% to 70% water content. When the water content
of Mnt was nearly 20%, there is no interaction between the
solid and liquid phases. Based on Figures 5(b) and 5(c), the
distance between the two layers of water molecules and the
solid surface was about 10-10Å, which is in the same order of
magnitude as the equilibrium value in the change of molecular
force with molecular distance [39]. As the water content
increased, the distance between the outermost water molecules
and the surface of the solid phase expanded (Figure 5(a)),
causing a descent in the attractive and repulsive forces of
solid-liquid molecules. However, the attractive force declined
faster than the repulsive force, so the molecular force between
the two phases in this stage appeared as attraction. Conversely,
the reduction of water content made the distance between the
solid-liquid molecules smaller, and the repulsive force will
dominate. Combining the previous statement that the swelling
of Mnt is controlled by the balance between the repulsive force
caused by the 2 : 1 layer interaction and the attractive force
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between the cations of the hydrated layer and the negatively
charged surface of the siloxane layer [40], the above findings
have revealed that solid-liquid interaction in the process of
swelling and shrinking is mainly manifested by attraction
and repulsive force.

The binding energy between the solid and liquid phases
was positively correlated with the water content, implying that
the filling of water molecules induced the interaction of the two
phases more intense. The desorption of water molecules
resulted in the disappearance of the hydration film and the
agglomeration of water molecules, and the interaction between
the two phases also weakened. As presented in Figure 6, the
changes in Ebind are roughly similar to the trend in Figure 2.
It can be inferred that the differences caused by factors such
as water content, CEC, and types of cations could be mainly a
reflection of the interaction between the two phases.

3.4.3. The Role of Hydrogen Bonds. As shown in Figures 7(a)
and 7(b), the higher the water content of the mineral, the
greater the number of hydrogen bonds in the system. The
water content became lower, and the number of hydrogen
bonds decreased. When the water content was within 20%,
NHB,p and LHB dropped the fastest. When the water content
exceeded 20%, influenced by the hydrated state of Mnt, the
fluctuation of NHB,p and LHB gradually reduced, which is
slightly larger than the average NHB,p and LHB in free water.
It can be speculated that in the process of swelling, in addi-
tion to hydrogen bonds between water molecules, bridging
oxygen atoms on the surface of the wafer could be also gen-
erated until the occupancy of bridging oxygen atoms is
completely utilized in the range of water content from 0%
to 20%. After the water molecules reached a certain number
(water content > 20%), the newly inhaled water molecules
expanded the interlayer spacing and formed hydrogen bonds
with the bridging oxygen atoms on the surface, but the over-

all increase in hydrogen bonds mainly came from the hydro-
gen bonds between water molecules. With the continuous
adsorption of water molecules, the average NHB,p and LHB
between the layers were close to the stable value of free water
(2.0 and 1.97Å) [41].

For the shrinking of Mnt, the successive desorption of
water molecules induced the rupture of the hydrogen bonds
between the outermost hydration film and the bridging oxy-
gen atoms of the wafer, as well as between the water molecules.
Then, the distance between the new outermost water mole-
cules and the surface of the crystal layer enlarged to weaken
the interaction, so the volume shrunk because of external pres-
sure and promoted new hydrogen bonds with the bridging
oxygen atoms. As the water molecules further desorbed, the
hydrogen bonds in the system continued to break. Until it is
in the 1-layer hydrated state (the water content was less than
20%), the hydrogen bonds between the water molecules and
between the water molecules and the bridging oxygen atoms
were gradually and completely destroyed.

The dissimilarity in the number of hydrogen bonds
between water molecules in this paper and free water may
stem from the hydration of interlayer cations, which locally
destroyed the tetrahedral coordination structure of water mol-
ecules. The hydrogen bonds formed between water molecules,
and bridging oxygen caused the average NHB,p and LHB to be
different from free water during swelling and shrinking of
Mnt. Equivalently, the distinction in the properties of hydro-
gen bonds with different CEC, state of swelling and shrinking,
and types of cations can also be attributed to the above rea-
sons. Since the longer the hydrogen bond, the weaker the
hydrogen bond [42], namely, the smaller the interaction
between molecules. Thus Figures 7(c) and 7(d) illustrate the
disparity in the swelling and shrinking of different CEC and
interlayer cations from another view. Judging from Figures 2
and 6, the changes in NHB, d001‐value, and Ebind with water
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content are almost similar, implying that the swelling and
shrinking effects of Mnt may be mainly due to the results of
molecular interaction, and this interaction is closely related
to hydrogen bonding.

4. Conclusions

In the present study, the Monte Carlo and molecular
dynamics methods were used to carry out a series of studies
on the influence of CEC, water content, and types of inter-
layer cation. The phenomena of nanosized Mnt were dis-
cussed through the changes of basal spacing, free swelling
ratio, and void ratio. Compared with previous simulation
results and experimental data, the reaction mechanism was
explained in terms of the relative distribution of water
molecules, solid-liquid interaction, and hydrogen bonds.
The key findings can be summarized as follows:

(1) Water content, types of interlayer cations, and CEC
have a certain influence on the basal spacing of
Mnt. The higher the water content, the larger the
basal spacing. As the CEC decreased, the basal spac-
ing increased. Furthermore, Na-Mnt has a weak
swelling advantage over Ca-Mnt. When the water
content was in the range of 30%~50%, the swelling
and shrinking of Mnt had apparent hysteresis
phenomena

(2) Affected by the hydrated state of Mnt, the changes of
the free swelling ratio were basically consistent with
the basal spacing in the swelling stage. When the
water content was 70%, the free swelling ratio
reached nearly 150%. By comparison with the
expansive soil, the nanoscale shrinkage curves of
Na-Mnt and Ca-Mnt also experienced three stages
of linear normal shrinkage, residual shrinkage, and
no shrinkage

(3) The differences between the swelling and shrinking
phenomena of Mnt with different water content,
interlayer cation, and CEC were closely related to
the distribution of water molecules. If the water con-
tent goes up, the number of hydrated layers will go
down. With the rise of CEC, the thickness of the
hydration film declined. The thickness of the hydra-
tion film in the shrinking state became thinner than
that in the swelling state, and the agglomeration
between water molecules was enhanced. The binding
energy of the solid and liquid phases was directly
proportional to the water content. The water content
around 20% was the critical point of the attractive
and repulsive forces in the intermolecular forces.
The difference in swelling and shrinking caused by
various factors could be mainly due to the molecular
interaction between the two phases

(4) The number of hydrogen bonds was roughly similar
to the changes in binding energy and basal spacing.
The distinction between the swelling and shrinking
of Mt lies in the adsorption and desorption of water

molecules, and it is essentially reflected in the forma-
tion and breaking of hydrogen bonds. The hydration
of interlayer cations and the hydrogen bonds
between water molecules and bridging oxygen atoms
on the surface of the wafer may make the number
and length of hydrogen bonds slightly different from
those of free water, which explains the influences of
above variables

Data Availability

The data used to support the findings of this study are avail-
able from the corresponding author upon request.

Conflicts of Interest

The authors declare that they have no known competing
financial interests or personal relationships that could have
appeared to influence the work reported in this paper.

Acknowledgments

This research was financially supported by the National
Natural Science Foundation of China (Grant Nos. 42172308
and 42077270).

References

[1] S. X. Chen, Study on Engineering Behaviors of Expansive Soils
and Its Treatment Measures, Huazhong University of Science
and Technology, 2006.

[2] D. E. Jones and W. G. Holtz, “Expansive soils-the hidden
disaster,” Civil Engineering, vol. 43, no. 8, pp. 49–51, 1973.

[3] K. V. Ramana, “Expansive soils: problems and practice in
foundation and pavement engineering,” Engineering Geology,
vol. 35, no. 1-2, pp. 136–138, 1993.

[4] Y. Z. Wang, Theoretical and Experimental Study on Scale
Effects of Soil, South China University of Technology, 2014.

[5] D. L. Feng, Y. G. Fang, and M. X. Hou, “Theoretical and exper-
imental studies of particle size effect of mechanical properties
of soil,” Rock and Soil Mechanics, vol. 36, no. 6, pp. 209–214,
2015.

[6] Y. Wang, H. Meng, and D. Long, “Experimental investigation
of fatigue crack propagation in interbeddedmarble under mul-
tilevel cyclic uniaxial compressive loads,” Fatigue & Fracture of
Engineering Materials & Structures, vol. 44, no. 4, pp. 933–951,
2021.

[7] Y. Wang, Y. F. Yi, C. H. Li, and J. Q. Han, “Anisotropic frac-
ture and energy characteristics of a Tibet marble exposed to
multi-level constant-amplitude (MLCA) cyclic loads: a lab-
scale testing,” Engineering Fracture Mechanics, vol. 244, article
107550, 2021.

[8] W. Sun and D. Sun, “Coupled modelling of hydro-mechanical
behaviour of unsaturated compacted expansive soils,” Interna-
tional Journal for Numerical and Analytical Methods in Geo-
mechanics, vol. 36, no. 8, pp. 1002–1022, 2012.

[9] H. R. Ahmed and S. N. Abduljauwad, “Nano-level constitutive
model for expansive clays,” Géotechnique, vol. 67, no. 3,
pp. 187–207, 2017.

[10] Y. Wang, B. Zhang, B. Li, and C. H. Li, “A strain-based fatigue
damage model for naturally fractured marble subjected to

12 Geofluids



freeze-thaw and uniaxial cyclic loads,” International Journal of
Damage Mechanics, 2021.

[11] M. Eghbalian, M. Pouragha, and R. Wan, “Micromechanical
approach to swelling behavior of capillary-porous media with
coupled physics,” International Journal for Numerical &Analyt-
ical Methods in Geomechanics, vol. 43, no. 1, pp. 353–380, 2019.

[12] E. S. Boek, P. V. Coveney, and N. T. Skipper, “Monte Carlo
molecular modeling studies of hydrated Li-, Na-, and K-smec-
tites: understanding the role of potassium as a clay swelling
inhibitor,” Journal of the American Chemical Society,
vol. 117, no. 50, pp. 12608–12617, 1995.

[13] V. Marry, P. Turq, T. Cartailler, and D. Levesque, “Micro-
scopic simulation of structure and dynamics of water and
counterions in a monohydrated montmorillonite,” The Jour-
nal of Chemical Physics, vol. 117, no. 7, pp. 3454–3463, 2002.

[14] F.-R. C. Chang, N. T. Skipper, and G. Sposito, “Computer sim-
ulation of interlayer molecular structure in sodium montmoril-
lonite hydrates,” Langmuir, vol. 11, no. 7, pp. 2734–2741, 1995.

[15] J. Wang and F. Zeng, “Molecular dynamics simulations for
hydration swelling and interlayer structure of Na-montmoril-
lonite,” Journal of The Chinese Ceramic Society, vol. 33, no. 8,
pp. 996–1001, 2005.

[16] D. R. Katti, K. B. Thapa, and K. S. Katti, “The role of fluid
polarity in the swelling of sodium-montmorillonite clay: a
molecular dynamics and Fourier transform infrared spectros-
copy study,” Journal of Rock Mechanics and Geotechnical Engi-
neering, vol. 10, no. 6, pp. 1133–1144, 2018.

[17] S. N. Abduljauwad and H. U. R. Ahmed, “Use of nano-level
constitutive model to predict the volume change behavior of
the treated expansive clays,” in IFCEE 2018, pp. 143–153,
Orlando, FL, 2018.

[18] B. Li, The Effect of Temperature on the Interlayerstructure of
Na-, Cs-Montmorillonite Using Molecular Simulation, Taiyuan
University of Technology, 2013.

[19] M. H. Fu, “Changes in the properties of a montmorillonite-
water system during the adsorption and desorption of water:
hysteresis1,” Clays & Clay Minerals, vol. 38, no. 5, pp. 485–
492, 1990.

[20] I. Berend, Les Mécanismes d'Hydratation de Montmorillonites
Homoioniques pour des Pressions Relatives Inferieures à 0.95,
Vandoeuvre-les-Nancy, INPL, 1991.

[21] K. L. Fei, Multi-Scale Study on the Basic Mechanisms of High
Stress Mechanical Properties for Saturated Montmorillonite,
China University of Mining and technology, Xuzhou, 2013.

[22] M. Chavez-Paez, K. V. Workum, and L. D. Pablo, “Monte
Carlo simulations of Wyoming sodium montmorillonite
hydrates,” Journal of Chemical Physics, vol. 114, no. 3,
pp. 1405–1413, 2001.

[23] Y. Zheng, A. Zaoui, and I. Shahrour, “A theoretical study of
swelling and shrinking of hydrated Wyoming montmorillon-
ite,” Applied Clay Science, vol. 51, no. 1-2, pp. 177–181, 2011.

[24] N. T. Skipper, “Monte Carlo simulation of interlayer molecular
structure in swelling clay minerals. 1. Methodology,” Clays &
Clay Minerals, vol. 43, no. 3, pp. 285–293, 1995.

[25] T. R. Underwood and I. C. Bourg, “Large-scale molecular
dynamics simulation of the dehydration of a suspension of
smectite clay nanoparticles,” The Journal of Physical Chemistry
C, vol. 124, no. 6, pp. 3702–3714, 2020.

[26] W. Loewenstein, “The distribution of aluminum in the tetra-
hedra of silicates and aluminates,” American Mineralogist,
vol. 39, no. 1, pp. 92–97, 1954.

[27] V. Romanov and E. M. Myshakin, “Experimental studies: clay
swelling,” in Greenhouse Gases and Clay Minerals. Green
Energy and Technology, V. Romanov, Ed., Springer, Cham,
2018.

[28] C. S. Tang, “Study on desiccation cracking behaviour of expan-
sive soil,” Journal of Engineering Geology, vol. 20, no. 5,
pp. 663–673, 2012.

[29] R. T. Cygan, J. J. Liang, and A. G. Kalinichev, “Molecular
models of hydroxide, oxyhydroxide, and clay phases and the
development of a general force field,” The Journal of Physical
Chemistry B, vol. 108, no. 4, pp. 1255–1266, 2004.

[30] W. N. Zhang, H. X. Hu, and X. C. Li, “Changes in microme-
chanical properties of Na-montmorillonite caused by
CO2/H2O sorption,” Computational Materials Science,
vol. 129, pp. 178–183, 2017.

[31] R. Martos-Villa, S. Guggenheim, and M. P. Mata, “Interaction
of methane hydrate complexes with smectites: experimental
results compared to molecular models,” American Mineralo-
gist, vol. 99, pp. 401–414, 2014.

[32] W. Dai, Z. H. Shui, C. H. Shen, and K. Li, “Monte Carlo sim-
ulation on adsorption characteristics of water in kaolin,” Jour-
nal of the Chinese Ceramic Society, vol. 40, no. 1, pp. 149–153,
2012.

[33] H. D. Whitley and D. E. Smith, “Free energy, energy, and
entropy of swelling in Cs-, Na-, and Sr-montmorillonite clays,”
Journal of Chemical Physics, vol. 120, no. 11, pp. 5387–5395,
2004.

[34] X. L. Fu, X. Z. Fan, and X. H. Ju, “Molecular dynamic simula-
tions on the interaction between an HTPE polymer and ener-
getic plasticizers in a solid propellant,” RSC Advances, vol. 5,
2015.

[35] G. Gilli and P. Gilli, “Towards an unified hydrogen-bond the-
ory,” Journal of Molecular Structure, vol. 552, no. 1-3, pp. 1–15,
2000.

[36] Y. Zheng, A. Zaoui, and I. Shahrour, “Evolution of the inter-
layer space of hydrated montmorillonite as a function of tem-
perature,” American Mineralogist, vol. 95, no. 10, pp. 1493–
1499, 2010.

[37] H. Peron, T. Hueckel, L. Laloui, and L. B. Hu, “Fundamentals
of desiccation cracking of fine-grained soils: experimental
characterisation and mechanisms identification,” Canadian
Geotechnical Journal, vol. 46, no. 10, pp. 1177–1201, 2009.

[38] S. Yu, S. X. Chen, and X. C. Xu, “Testing study on relative free
swelling ratio for expansive soil,” Chinese Journal of Rock
Mechanics and Engineering, vol. 25, pp. 3330–3335, 2006.

[39] E. R. Lippincott and R. Schroeder, “General relation between
potential energy and internuclear distance for diatomic and
polyatomic molecules. I,” The Journal of Chemical Physics,
vol. 23, no. 6, pp. 1131–1141, 1955.

[40] E. Ferrage, B. Lanson, and B. A. Sakharov, “Investigation of
smectite hydration properties by modeling experimental X-
ray diffraction patterns: part I. montmorillonite hydration
properties,” American Mineralogist, vol. 90, no. 8-9,
pp. 1358–1374, 2005.

[41] M. Hakala and S. Manninen, “Correlation of hydrogen bond
lengths and angles in liquid water based on Compton scatter-
ing,” The Journal of Chemical Physics, vol. 125, no. 8, article
084504, 2006.

[42] E. R. Johnson, S. Keinan, and P. Mori-Sanchez, “Revealing
noncovalent interactions,” Journal of the American Chemical
Societ, vol. 132, no. 18, pp. 6498–6506, 2010.

13Geofluids



Research Article
Frost-Heaving Cracking Sensitivity of Single-Flaw Rock Mass
Based on a Numerical Experimental Method

Tingting Wang ,1,2 Chun’an Tang ,1,2,3 Pingfeng Li ,4 Shibin Tang ,3 Minghao Liu ,2

and Bingbing Zhang 4

1School of Resources and Civil Engineering, Northeastern University, Shenyang 110819, China
2State Key Laboratory of Frozen Soil Engineering, Northwest Institute of Eco-Environment and Resources, Chinese Academy
of Sciences, Lanzhou 730000, China
3State Key Laboratory of Coastal and Offshore Engineering, Dalian University of Technology, Dalian 116024, China
4Hongda Blasting Engineering Group Co., Ltd., Guangzhou 510623, China

Correspondence should be addressed to Pingfeng Li; hdbplpf@163.com

Received 20 July 2021; Accepted 23 August 2021; Published 14 September 2021

Academic Editor: Yu Wang

Copyright © 2021 Tingting Wang et al. This is an open access article distributed under the Creative Commons Attribution
License, which permits unrestricted use, distribution, and reproduction in any medium, provided the original work is
properly cited.

A novel numerical experimental method is developed herein to study frost-heaving cracking in fractured rock masses by
reproducing the physical experimental frost-heaving process. The failure mode of a preexisting closed and water-saturated
single-flaw in a rock mass during the frost-heaving process is affected by the inclination angle, flaw width, crack length, and
cooling rate. Additionally, a regression model for predicting secondary crack formation and propagation is established by
combining multiple stepwise regressions. Overall, the results indicate that preexisting flaw with various inclination angles, flaw
lengths, and cooling rates mainly propagates along the flaw-coplanar direction. The secondary crack failure mode is most
affected by the flaw width, and the length of the secondary crack increases with increasing inclination angle, flaw width, and
flaw length, but decreases with increasing cooling rate. The contributions of the investigated factors to the secondary crack
length follow the order: flaw width > inclination angle > cooling rate > flaw length. The results presented herein provide
crucial theoretical guidance for engineering and construction projects in cold regions.

1. Introduction

Rocks are heterogeneous composite materials, which can
develop defects, such as cracks, holes, joints, weak surfaces,
and interlayers as a result of long-term geological tectonic
activity. Infrastructure construction projects at high altitudes
or in cold regions often face the problem of freezing damage
to fractured rock mass, which is a critical engineering chal-
lenge that cannot be ignored. There are many factors affect-
ing the engineering stability of rock masses in cold regions
[1–3], including microcracks (microscopic defects) and joint
surfaces (macroscopic defects) [4, 5]. Under high rainfall and
subsurface flow conditions, water typically accumulates in
fissures. During the cooling process, the freezing of water

induces a volume expansion of approximately 9% [6, 7].
When cracked ice is restricted by the surrounding rock
medium, it generates volumetric dilatancy pressure, also
known as, frost-heaving pressure. The frost-heaving pressure
tends to concentrate the stress at the crack tip, which is
enough to induce the formation of a secondary crack that
grows and breaks through; this may cause damage or even
the destruction of the rock mass, thus hindering the con-
struction and implementation of rock mass engineering in
cold regions [8].

Currently, the frost-heaving and freezing-thawing engi-
neering disasters involving fractured rock masses in cold
regions are mainly studied through theoretical calculations
and experimental measurements of the frost-heaving
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pressure, as well as through analysis of the mechanical prop-
erties of the rock material after freeze-thawing.

There are two research ideas that are typically applied in
theoretical calculations of the frost-heaving pressure. One
involves determining the frost-heaving pressure based on
the circular tunnel model [9, 10]. For example, Lai et al.
[11] proposed a viscoelastic analytical computation of tunnel
frost-heaving pressure in cold regions by using a Laplace
transform method. Gao et al. [12] derived the analytical
elastic-plastic solution of the frost-heaving pressure of a tun-
nel in a cold region using a continuity equation, and they
proposed a semianalytical method to calculate the stress in
the plastic zone of the surrounding rock. Feng et al. [13]
developed a theoretical model to obtain the elastic-plastic
solutions from the stress and deformation analysis around
the tunnel in cold regions where the entire surrounding rock
comprised a nonfrozen elastic zone, a frozen elastic zone, a
frozen plastic zone, and a support zone. Zhao et al. [14]
established an elastic-plastic analytical determination of the
frost-heaving pressure by considering the transversely iso-
tropic frost heave of the surrounding rock. The results indi-
cated that the transversely isotropic frost heave of the
surrounding rock had a significant impact on the frost-
heaving pressure.

The second approach to such theoretical calculations
involves computing the frost-heaving pressure based on a
single flaw [15–17]. For example, Kang et al. [18] proposed
a theoretical method to predict crack propagation under
freezing pressure and far-field stress, and the authors deter-
mined the direction and length of crack propagation based
on Griffith’s theory of brittle fracture mechanics. Consider-
ing the influence of thermal stress on flaw deformation,
Huang et al. [19] derived a mathematical model for calculat-
ing the frost-heaving pressure of elliptical flaws in low-
permeability rock. Tan et al. [20] expanded on previous
research and evaluated the influence of external loading con-
ditions and other parameters.

Aiming to empirically determine the frost-heaving pres-
sure, Davidson and Nye [21] exploited the photoelastic effect
to measure the stress generated in transparent materials fol-
lowing ice expansion, and they also discussed the influence
of the frost-heaving pressure on the freezing process of real
rock materials. Matsuoka and Murton [22] studied the
effects of porosity and lithology on the frost-heaving defor-
mation of saturated rock in open and closed systems and
discussed the law of flaw propagation during the melting
and freezing stages. A new experimental device was designed
by Amanuma et al. [23] to simultaneously measure the frost-
heaving pressure in the temperature gradient direction and
perpendicular to the temperature gradient direction. Xia
et al. [24] conducted transverse isotropic frost-heaving
experiments involving saturated rock under unidirectional
freezing conditions and deduced the formula for tunnel
frost-heaving pressure. Based on experimental research
investigating the frost-heaving pressure characteristics of
fractured red sandstone, Shan et al. [25] analyzed the factors
affecting the frost-heaving pressure and cracking mode and
discussed the frost-heaving expansion mechanism of a
single-flaw rock mass.

Several research groups have also studied the mechanical
properties of rock materials after freezing-thawing [26, 27].
For example, Jia et al. [28] studied the changes in the com-
pressive tensile strength of sandstone based on freezing-
thawing tests, and they also monitored the strain changes
of specimens during a single freeze-thaw cycle to evaluate
the damage mechanism. Huang et al. [29] analyzed the
strength and failure characteristics of rock materials con-
taining single cracks under freeze-thaw and uniaxial com-
pression conditions, and they concluded that the new
frost-heaving crack grew from the crack tip along the copla-
nar direction because of the boundary effect; then, most of it
expanded toward the short side of the specimen. Bai et al.
[30] carried out experimental research regarding the
strength, deformation, and crack evolution characteristics
of red sandstone samples containing double flaws and sub-
jected to triaxial compression conditions at various temper-
atures and confining pressures.

The mechanical behavior of brittle rock is affected by the
initiation, propagation, and coalescence of preexisting rock
flaws. The development cracking mode and microcrack loca-
tion of a secondary crack of fractured rock mass caused by
frost-heaving pressure has important guiding significance
for construction projects in cold regions. Considering the
heterogeneity of rock materials, this study establishes a
thermo-mechanical model based on elastic mechanics, ther-
modynamics, and fracture mechanics and proposes a novel
numerical experimental method for evaluating frost-
heaving cracking via RFPA2D-thermal analysis. The numer-
ical experimental system reproduces the physical frost-
heaving cracking process, and the feasibility of this approach
is verified (Section 2). Additionally, the failure mode of the
single preexisting water-saturated flaw in the rock mass dur-
ing frost-heaving, and the effects of the inclination angle,
flaw width, crack length, and cooling rate are discussed (Sec-
tions 3.1–3.4). Ultimately, a prediction regression model of
the secondary crack is derived by combining multiple step-
wise regressions (Section 4). Finally, the few limitations of
this study are discussed, and several significant conclusions
are drawn (Section 5).

2. Verifying the Feasibility of Numerical
Simulations of Rock Mass Frost-
Heaving Cracking

Based on the theory of elastic damage mechanics, RFPA2D

discretizes rock materials into several elements with distinct
physical and mechanical properties, while ensuring that
their material properties obey the Weibull distribution
[31–33]. The RFPA2D-thermal module was developed by
Tang and coworkers, and several reports have been pub-
lished on this topic [34, 35]. This module is mainly
employed for the simultaneous analysis of the temperature
and stress fields for a brittle material. First, the temperature
field in the model is computed according to the temperature
conditions. Second, the stress field is deduced according to
the mechanical conditions. Then, the selected phase transi-
tion criterion is used to evaluate the basic elements, and
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the corresponding damage treatment is carried out. The ele-
ments are treated as linearly elastic before and after phase
transformation. RFPA2D-thermal can simulate the initiation
and propagation of fractured rock mass cracking and repro-
duce the failure process. When analyzing the frost-heaving
cracking of a fractured rock mass, the coupled temperature
and stress effects are mainly considered, and the effect of
the water-ice phase transition is generally ignored; rather,
it is simplified as the damage to the surrounding rock
medium induced by the expansion of cracked ice at low
temperature.

2.1. Theoretical Model. The first set of heat conduction tem-
perature boundary conditions is used for numerical simula-
tions. The differential equation of heat conduction is
described by

kx
∂2T
∂x2

+ ky
∂2T
∂y2

= ρc
∂T
∂t

, ð1Þ

where kx and ky represent the thermal conductivity of the
elements in the X- and Y-directions, respectively; T is the
temperature; ρ and c represent the density and specific heat
of the material, respectively; t is the time.

For the frost-heaving analysis of a fractured rock mass,
the stress-strain field equation is expressed as shown in

σij,j + Fi = 0, ð2Þ

εij =
1
2 ui,j + uj,i
� �

, ð3Þ

σij = λεkkδij + 2Gεij − βΔTδij, ð4Þ

where σij is the stress tensor; Fi is the body force; εij and ui
represent the strain tensor and displacement vector, respec-
tively; β, G, and λ are the thermal stress coefficient, shear
modulus, and Lamé coefficient, respectively; δij represents
the Kronecker function (i = j, δij = 1; i ≠ j, δij = 0).

In elastic mechanics, the elastic modulus of an element
gradually decreases with damage aggravation, and the elastic
modulus of a damaged material is defined by

E = 1 −Dð ÞE0: ð5Þ

During frost-heaving, fractured rock cracking is mainly
affected by tensile stress. When the tensile stress in an ele-
ment reaches its uniaxial tensile strength σt0, the relation-
ship in Equation (6) is satisfied.

σ3 ≤ −σt0: ð6Þ

In this case, tensile damage occurs in the element, the

Load
temperature-28°C

A

B C

D

Figure 1: Comparisons of experimental specimens and the numerical simulation model.

Table 1: Mechanical parameters of rock and ice.

Compressive strength
Compressive strength

homogeneity
Poisson’s ratio Elasticity modulus

Elasticity modulus
homogeneity

Internal friction angle

Unit MPa — — MPa — °

Rock 20 5 0.22 1840 5 26

Ice 50 100 0.35 700 100 30

Table 2: Thermal properties of rock and ice.

Thermal
conductivity

Thermal
capacity

Thermal expansion
coefficient

Unit W/(m·°C) J m3 · °C
� �

× 106 1/°C × 10−5

Rock 2.2 2.3 0.2

Ice 2.1 1.9 –40
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damage variable D is defined by the conditions in

D =

0, ε ≤ εt0,

1 − σtr

εE0
, εt0 < ε ≤ εtu,

1, ε > εtu,

8>>><
>>>:

ð7Þ

where E0 represents the initial elasticity modulus; σtr is the
residual strength of the tensile damage; εt0 and εtu are the
tensile strain at the elastic limit and the ultimate tensile
strain of the element, respectively.

The tensile damage constitutive relationship for the
frost-heaving cracking of a fractured rock mass can be
expressed as shown in

σij =

λεkkδij + 2Gεij − βΔTδij, ε ≤ εt0,
σtr
εE0

λεkkδij + 2Gεij − βΔTδij
� �

, εt0 < ε ≤ εtu,

0, ε ≤ εtu:

8>>><
>>>:

ð8Þ

2.2. Numerical Simulations

2.2.1. Description of the Model. To verify the reliability of the
rock frost-heaving analysis using the RFPA2D-thermal mod-
ule, the simulated results were compared with the experi-
mental study regarding the frost-heaving pressure
characteristics of fissured red sandstone conducted by Shan
et al. [25]. The test specimen was a standard cylinder
(ϕ = 50mm; l = 100mm). The width and length of the flaw
in the specimen were 1mm and 20mm, respectively
(Figure 1). The frost-heaving analysis of the fractured rock
was carried out by directly soaking the sample in water
and cooling to –28°C over a total freezing time of 25h. To
maintain consistency with the test conditions, a numerical
simulation model was established (Figure 1) based on a
plane strain model. The temperature boundary conditions
were applied to the boundary around the model, and the
temperature drop was set to –28°C. The mechanical param-
eters and thermal properties of the model are summarized in
Tables 1 and 2, respectively.

2.2.2. Cracking Mode and Frost-Heaving Pressure
Comparison. Figure 2 shows the cracking morphology of
the fractured rock model as the temperature drops to –
28°C. Initially, the preexisting closed and water-saturated
single-flaw begins to expand and extrude into the surround-
ing media without causing any damage. As the frost-heaving
pressure gradually increases, the extrusion effect of the sur-
rounding medium becomes clearer. Under the applied crack
tip stress concentration, microcracks appeared when the
stress exceeded the tensile strength of the rock material. As
the number of microcracks increases, individual microcracks
gradually converge to form macrocracks.

The experimentally measured frost-heaving pressure was
0.23MPa [25]. In the numerical simulation, the minimum
principal stress at the center of the cracked ice was defined
as the frost-heaving pressure, and the computed value was
0.45MPa (Figure 3).

In Figures 2(e) and 2(f), the numerical results are similar
to the experimental results. Although there are some differ-
ences in the cracking mode (i.e., inclination angle of the sec-
ondary crack), the numerical simulation results concerning
the frost-heaving pressure closely reproduce the test results.
The feasibility of the numerical experimental system is thus
verified again.

2.2.3. Microcrack Analysis during the Frost-Heaving Process
of a Fractured Rock. During the simulated frost-heaving pro-
cess, the number of microcracks is relatively small at the

4 h

(a) 4 h

13 h

(b) 13 h

17 h

(c) 17 h

20 h

(d) 20 h

28 h

(e) 28 h (f)

Figure 2: Simulated results (a–e) of the frost-heaving cracking mode compared with the experimental results (f).

1.73E+000

1.12E+000

5.06E-001

–1.07E-001

–7.20E-001

–1.33E+000

Figure 3: Cloud diagram showing the minimum principal stress
before cracking.
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early stages. The influence of the frost heave pressure on the
surrounding medium is not clear at this time, before macro-
cracks have appeared. In the middle stages of frost-heaving,
the number of microcracks increased rapidly, and macro-
cracks began to appear. Based on Figures 2(a)–2(f) and the
quantitative microcrack analysis (Figure 4), the frost-
heaving cracking process can be divided into a rupture incu-
bation period (during which there were no obvious macro-
cracks and only a few damage units), a rupture growth
period (during which macroscopic cracks appear and
develop gradually), and a rupture steady period (wherein
the macrocracks stop growing).

3. Sensitivity Analysis of a Preexisting Closed
and Water-Saturated Single-
Flaw during Frost-Heaving

The single flaw is the simplest and most important form of
rock mass composition. The mechanical properties of a
single-flaw rock mass also comprise the foundation for
studying the mechanical properties of complex fractured
rock masses. This section discusses and analyzes the effects
of the flaw width, length, inclination angle, and cooling rate
on the cracking mode. The feasibility of the numerical
experimental system for frost-heaving analysis was verified
in Section 2.2; to facilitate the computations, the model
and material parameters in Tables 1 and 2 were used, and
only the BC edge (Figure 1) was cooled to –28°C.

3.1. Influence of the Inclination Angle on the Frost-Heaving
Cracking Process. Considering the inclination angles of 0°,
30°, 45°, 60°, and 90° and assuming a flaw length and width
of 20mm and 1mm, respectively, the influence of the incli-
nation angle on the frost-heaving cracking of a preexisting
water-saturated single-flaw was analyzed.

From the real-time monitoring of the rock frost-heaving
process at various inclination angles (Figure 5), it was con-
cluded that the preexisting single-flaws with different incli-

nation angles mainly propagated along the flaw-coplanar
direction.

With an inclination angle of 0°, the lengths of the left and
right sides were approximately 3.475mm. When the inclina-
tion angle was 30°, 45°, or 60°, the lengths of the left and
right sides were about 6.243mm, 7.218mm, and 8.851mm,
respectively. When the inclination angle was 90°, the second-
ary crack was about 9.538mm long; the secondary crack
length increases with increasing inclination angle, mainly
because the frost-heaving pressure reaches the strength limit
of the rock medium sooner at a greater inclination angle.
This causes tensile failure, and failure units gradually form
a secondary crack. However, a secondary crack must appear
at the tip of a preexisting flaw because of the stress concen-
trations, regardless of the inclination angle.

3.2. Influence of the Flaw Width on the Frost-Heaving
Cracking Process. Setting the flaw length as 20mm and the
inclination angle at 60°, the width of the flaw was varied
(i.e., 0.6, 1, 1.6, or 2mm) to analyze the influence of the flaw
width on the frost-heaving cracking of a preexisting closed
and water-saturated single-flaw.

3.2.1. Cracking Mode Analysis. Figure 6 shows that the
cracking modes of the secondary cracks produced by frost-
heaving in a fractured rock mass with various flaw widths
were quite diverse. When the flaw width was less than
1mm, the initiation crack began from the tip and developed
gradually along the direction of the flaw, thus forming a sec-
ondary crack. When the flaw width was greater than 1mm,
there were two stress concentration points at the end of
the preexisting flaw, and secondary cracks developed from
these two stress concentration points. It is clear that the flaw
width affects the cracking mode of rock frost-heaving. As the
flaw width increased, the larger frost-heaving pressure
caused by the cooling effect causes a longer secondary crack
to develop. When the flaw width was 0.6, 1, or 1.6mm, the
secondary crack length was about 3.855, 8.851, or
18.591mm, respectively. When the flaw width was 2mm,
the secondary crack ran through the entire model, and the
upper covering layer tends to lift; in this case, the secondary
crack length is about 22mm.

3.2.2. Multielement Stress Change Analysis. In Figure 6(a),
path A–A’ was taken as the research object to analyze the
change in the minimum principal stress during the frost-
heaving cracking process as a function of the flaw width.
In the module, pressure is positive, and tension is negative.
The plots in Figure 7 reveal that the minimum principal
stress of the rock medium along path A–A’ exhibits a con-
cave trend in all simulated cases. The reason for this type
of stress distribution is that the preexisting flaw was located
in the middle of the whole model, and the rock medium
above the flaw has the greatest influence on the frost-
heaving pressure. When the flaw width was 0.6, 1, 1.6, or
2mm, the minimum principal stress value along path A–A’
reached –0.08, –0.16, –0.25, and –0.5MPa, respectively.
The larger the flaw width, the greater the frost-heaving pres-
sure. The stress curves fluctuate because the properties of the
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frost-heaving of fractured rock.
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rock materials are not uniform, and low strength elements
are destroyed first. The stress acting on a given element dis-
perses around it, thus causing the stress in adjacent elements
to vary greatly.

3.3. Influence of the Flaw Length on the Frost-Heaving
Cracking Process. Setting the inclination angle to 60° and
the flaw width to 1mm, the flaw length was varied (10, 15,
20, or 25mm) to determine the influence of the flaw length
on the frost-heaving cracking of preexisting closed and
water-saturated single-flaws.

3.3.1. Cracking Mode Analysis. Figure 8 shows that as the
flaw length increased, the secondary cracks gradually
lengthen; however, the main trend of secondary crack devel-
opment still followed the direction of the preexisting cracks.
When the flaw length was 10, 15, 20, or 25mm, the second-
ary crack length was about 5.6, 8.474, 8.851, or 11.97mm,
respectively.

3.3.2. Y-Direction Displacement Analysis. Figure 9 presents
the Y-direction (vertical) displacement of preexisting flaws
with various lengths along the B–B’ path (Figure 8(a)). For
example, when the flaw length was 10mm, the vertical dis-
placement of the upper part of the rock mass exhibited a
convex trend (Figure 9(a)). The peak of this curve tends

toward the left side, mostly because the preexisting flaw’s
inclination angle was 60°, and the rock medium in the
upper-left part of the specimens is more significantly
affected by the frost-heaving pressure, so the peak value
appears to be offset. A comparison of the plots in
Figures 9(a)–9(d) indicates that as the length of the preexist-
ing flaw increases, a frost-heaving pressure is generated, and
the effect on the upper part of the specimen becomes more
obvious. As a result, the deformation increases from 1:82
× 10−3 mm to 5:02 × 10−3 mm.

3.4. Influence of the Cooling Rate on the Rock Frost-Heaving
Cracking Process. The frost-heaving cracking process for
preexisting closed and water-saturated single-flaws was ana-
lyzed by setting an inclination angle of 45°, a flaw width of
1mm, a flaw length of 20mm, and modulating the cooling
rate (–0.5, –1, –2, or –4°C/h).

3.4.1. Cracking Mode Analysis. Figure 10 shows that the sec-
ondary crack length gradually decreased with faster cooling
rates, and the development direction still followed the direc-
tion of the flaw. This was because the faster the cooling rate,
the more failure units generated around the tip of the preex-
isting flaw under the frost-heaving pressure, which con-
sumes more energy, thus decreasing the length of the
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Figure 5: Frost-heaving cracking mode of fractured rocks containing different inclination angles: (a) 0°; (b) 30°; (c) 45°; (d) 60°; (e) 90°.

A Aʹ

28 h

(a)

28 h

(b)

28 h

(c)

25 h

(d)

Figure 6: Frost-heaving cracking mode of fractured rocks containing various flaw widths: (a) 0.6mm; (b) 1mm; (c) 1.6mm; (d) 2mm.
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Figure 7: Variation in the multielement minimum principal stress along path A–A’ over time for various flaw widths: (a) 0.6mm; (b) 1mm;
(c) 1.6mm; (d) 2mm.
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Figure 8: Frost-heaving cracking modes of fractured rocks with different flaw lengths: (a) 10mm; (b) 15mm; (c) 20mm; (d) 25mm.
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secondary crack. When the cooling rate was –0.5, –1, –2, or
–4°C/h, the secondary crack length was about 9.758, 7.218,
4.903, or 3.583mm, respectively.

3.4.2. Analysis of the Microcrack Initiation Process. The
graphs in Figure 11 shows the microcrack changes under
various cooling rates during the frost-heaving process. It is
clear that as the cooling rate increases, the maximum num-
ber of accumulated microcracks gradually increases. When
the cooling rate was –0.5, –1, –2, or –4°C/h (each step took
one hour), the number of microcracks reached about 20,
35, 80, or 130, respectively.

4. Multiple Stepwise Regression Analysis of the
Secondary Crack Length Sensitivity

The variation in the secondary crack length as influenced by
the inclination angle, flaw width, crack length, and cooling
rate has been studied previously. Herein, a regression model

for predicting the secondary crack length has been estab-
lished by applying a multiple stepwise regression method.

4.1. Multiple Stepwise Regression Analytical Model Setup.
The main steps in the multiple stepwise regression analysis
are describe here. First, independent variables are intro-
duced, including the inclination angle, flaw width, flaw
length, and cooling rate. The independent variable with the
most significant effect on the secondary crack length y is
introduced each time. Then, other variables are tested one
by one to eliminate the variables associated with negligible
changes.

The multiple stepwise regression equation is shown in

y = β0 + β1x1 + β2x2 + β3x3 + β4x4 + ε, ð9Þ

where y is the secondary crack length; x1, x2, x3, x4 represent
the independent variables affecting the secondary crack
length (i.e., inclination angle, flaw width, crack length, and
cooling rate, respectively); β0 is a constant; β1, β2, β3, β4
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Figure 9: Variation in the multielement minimum principal stress along path B–B’ over time for various flaw lengths: (a) 10mm; (b)
15mm; (c) 20mm; (d) 25mm.
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Figure 10: Frost-heaving cracking modes of fractured rock subjected to various cooling rates: (a) –0.5°C/h; (b) –1°C/h; (c) –2°C/h; (d) –
4°C/h.
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Figure 11: Statistical analysis of microcrack development during the frost-heaving of fractured rock masses: (a) –0.5°C/h; (b) –1°C/h; (c) –
2°C/h; (d) –4°C/h.
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are the regression coefficients (indicating the degree of influ-
ence of the inclination angle, flaw width, crack length, and
cooling rate, respectively, on the secondary crack length); ε
is the random error.

In Table 3, entry nos. 1–14 show the numerical simula-
tion results discussed above, and entry nos. 15–17 present
the numerical simulation results regarding secondary cracks
formed under conditions other than those used for the
model test.

4.2. Analysis of Computed Results. The regression differenti-
ation was carried out through the program, and the results
are presented in Tables 4–6.

4.2.1. R Test. Both R and R2 are very close to 1, thus proving
(i) that the selected variables have a strong correlation with
the length of the secondary cracks and (ii) that the degree
of fitting is sufficient. Additionally, the DW value is close

to 2, there is no autocorrelation, and the model design meets
the necessary requirements.

4.2.2. F Test. Considering the F distribution critical value
table [36], F0:05ð4, 9Þ = 3:633. Since F = 64:748 > >3:633,
the F test indicates that the regression equation is significant
at α = 0:05.

4.2.3. T Test. Considering the T distribution critical value
table [36], T0:05ð12Þ = 2:179, and t0 = –5:966, t1 = 13:213, t2
= 4:728, t3 = –4:042, t4 = 3:362. Comparative analysis con-
firms that each factor is significant at α = 0:05.

The described analytical tests indicate that the regression
equation of this model is suitable for use in predictions. In
the established model, the flaw width is positively correlated
with secondary crack length, with a correlation coefficient of
0.817. There is also a positive correlation between the incli-
nation angle and the secondary crack length
(correlation coefficient = 0:294). The cooling rate is nega-
tively correlated with the length of the secondary crack, with
a correlation coefficient of 0.249. Finally, the flaw length is
positively correlated with the secondary crack length, and
the correlation coefficient is 0.207. The relative contributions
to the secondary crack length follow the order flaw width >
inclination angle > cooling rate > flaw length.

The regression prediction equation for the secondary
crack length is shown in

y = −14:751 + 13:668x1 + 0:08x2 + 1:621x3 + 0:345x4: ð10Þ

4.3. Inspection and Application. Equation (10) can be used to
predict the length of the secondary cracks in entries 15–17 in
Table 3, and the results are compared with the measured
values in Table 7 as programs 1–3, respectively. The
obtained relative error is within the allowable range, so the
established regression prediction equation demonstrates
suitable applicability.

5. Discussion and Conclusions

The simulations presented herein investigated the effects of
the inclination angle, flaw width, flaw length, and cooling
rate on crack propagation. The regression equation for pre-
dicting the secondary crack length was established via multi-
ple stepwise regression analysis. The results confirmed that
the frost-heaving pressure in a flaw was enough to drive
crack initiation and propagation along the coplanar direc-
tion of a preexisting crack under unconfined conditions.
Therefore, the frost-heaving process may easily destroy the
unconfined rock mass near the surface when crack water is
available. Based on the results of this study, the following
conclusions can be drawn:

(1) During the freeze-heaving process, preexisting
closed and water-saturated single-flaws with various
inclination angles, flaw widths, flaw lengths, and
cooling rates mainly propagate along the flaw-
coplanar direction. However, the secondary crack

Table 3: Secondary crack length and related parameters.

No.
Secondary

crack length y
(mm)

Inclination
angle x1 (

°)

Flaw
width x2
(mm)

Flaw
length x3
(mm)

Cooling
rate x4
(mm)

1 5.6 60 1 10 1

2 8.474 60 1 15 1

3 8.851 60 1 20 1

4 11.97 60 1 25 1

5 3.855 60 0.6 20 1

6 18.591 60 1.6 20 1

7 22 60 2 20 1

8 9.758 45 1 20 0.5

9 4.903 45 1 20 2

10 3.583 45 1 20 4

11 6.243 30 1 20 1

12 7.218 45 1 20 1

13 3.475 0 1 20 1

14 9.538 90 1 20 1

15 10.308 60 1 20 0.5

16 6.965 60 1 20 2

17 7.786 30 1 20 0.5

Table 4: Model summary.

Model R R2 Adjusted
R2

Standard
error

of estimate

Durbin-Watson
(DW)

1 0.983 0.966 0.951 1.2158 2.003

Table 5: Analysis of variance.

Model Sum of squares df Mean square F Sig.

1

Regression 382.860 4 95.715 64.748 0.000

Residual 13.304 9 1.478

Total 396.164 13
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must appear at the tip of the preexisting flaw because
of the stress concentration

(2) The cracking mode of a rock mass is influenced by
the flaw width of a preexisting single flaw. As the
flaw width increases, the secondary crack changes
from one main crack to two main cracks, and the
minimum principal stress value along the path A–
A’ changes more dramatically. As the flaw width
increases from 0.6 to 2mm, the maximum minimum
principal stress increases from 0.08 to 0.5MPa

(3) The secondary crack length increases with increasing
inclination angle, flaw width, or flaw length, and
decreases with increasing cooling rates. The entire
process of secondary crack formation can be divided
into a rupture incubation period, a rupture growth
period, and a rupture steady period

(4) The influencing factors of flaw width, inclination
angle, cooling rate, and flaw length correspond to
0.817, 0.294, 0.249, and 0.207, respectively, leading
to an order of contribution to the secondary crack
length where flaw width > inclination angle > cool-
ing rate > flaw length. The model for predicting the
secondary crack length is thus established as follows:
y = –14:751 + 13:668x1 + 0:08x2 – 1:621x3 + 0:345x4

Herein, simulations of the frost-heaving cracking of frac-
tured rock masses are simplified to a model probing the
coupled temperature and stress fields. The described work
considered the cracking of the surrounding rock medium
caused by the expansion of cracked ice under an ambient
temperature of 0°C. This study also focused on elucidating
the relationship between secondary crack formation and
propagation and the preexisting cracked ice; however, it
ignored the effect of the water-ice phase transition. There-
fore, ongoing studies in our laboratory are aimed at further
enriching the established theoretical model and redeveloping

the RFPA software to incorporate the water-ice phase transi-
tion process.
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Controlling settlement and earth pressure behind retaining wall in soft soil area are ongoing practical problems for the
construction and operation of highway, which are mainly caused by the poor nature of soft soil. To reduce the pushing force
on retaining wall and subgrade settlement, the authors propose the use of lightweight foamed concrete as subgrade filler
behind the buttressed earth-retaining wall. However, the mechanical properties and deformation behavior of the buttressed
earth-retaining wall remain unknown when lightweight foamed concrete is used as a backfill behind the wall. To solve this
problem, a scale model of the subgrade filled with lightweight foamed concrete behind the buttressed earth-retaining wall is
established to determine its stress and deformation characteristics under different factors. Lateral earth pressures and wall
displacements at different elevations of the retaining wall model were monitored during the tests. Then, a series of orthogonal
experiments are conducted to analyse and compare the effects of overload, density, and replacement thickness of lightweight
foamed concrete on the earth pressure and displacement of this retaining wall. The results show that the size of earth pressures
at the same position of retaining wall is affected by overload, density, and replacement thickness of lightweight foamed
concrete, but its change of distribution form is only related to the replacement thickness of this backfill. Additionally, the
primary-secondary relations of different factors’ influence extent on the forces and deformation of the buttressed earth-
retaining wall filled with lightweight foamed concrete as backfill are obtained by using range analysis method.

1. Introduction

With the new construction concept of “green, environmental
protection and energy saving” actively advocated both at
home and abroad in recent years, a large number of new
materials and innovative technologies for infrastructure con-
struction have been developed and applied in the practical
engineering [1–3]. As a new type of lightweight material,
lightweight foamed concrete has been widely valued and
studied by many scholars and experts at home and abroad
due to its advantages such as light weight, uprightness, high
fluidity, good durability, convenient construction, and ther-
mal insulation [4–9]. Besides, it has been gradually applied
in various fields of civil engineering and achieved good engi-
neering results, which has been vigorously promoted by the

industry and widely recognized by the society [10–14]. Thus,
the authors propose the use of lightweight foamed concrete
as a filler behind the buttressed earth-retaining wall in
Guangzhou-Foshan-Jiangmen Freeway of Guangdong prov-
ince in China, which provides a new method to control sub-
grade settlement and reduce the pushing force on retaining
wall (as shown in Figure 1).

Regarding the research on replacement technology of
cast in situ lightweight foamed concrete, its constitution,
physical properties, and engineering applications have been
studied by Valore [15, 16], Rudnai [17], Taylor [18], and
Short and Kinniburgh [19]. As foam concrete developed
further, a series of experimental studies on modification of
lightweight foamed concrete were carried out by adding
different admixtures. For example, Jones and McCarthy
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[20] and Kearsley and Wainwright [21] suggested that using
unprocessed, run-of-station, low-lime fly ash can signifi-
cantly improve the performance of foamed lightweight
concrete. Chandni and Anand [22] studied the effect of
superplasticizer inclusion and the corresponding change in
the water to solid ratio on compressive strength of foam con-
crete, and incorporation of PCE-based superplasticizer was
observed to be effective in enhancing the strength of foam
concrete. Wang et al. [23] found that the small amount
(3wt%) of crumb rubber can improve the waterproof perfor-
mance of foamed concrete. Besides, as for the research on
durability and microscopic properties of lightweight foamed
concrete, Chung et al. [24] investigated the characteristics
and properties of lightweight aggregate concrete and foamed
concrete with the same density levels by using image analysis
method; Kashani et al. [25] revealed the effect of recycled
glass fines on mechanical and durability properties of con-
crete foam in comparison with traditional cementitious
fines; Su et al. [26] analyzed the mechanical behavior of
foamed concrete by a series of uniaxial and triaxial experi-
ments; results indicated that foamed concrete demonstrates
brittle failure under a uniaxial tension and small compres-
sion deformation for uniaxial loading. According to the
above references, although a large number of experimental
studies on lightweight foamed concrete have been carried
out at home and abroad, it is mainly limited to experimental
research on its physical and mechanical properties. There
are few researches on the use of lightweight foamed concrete
as a backfill behind the buttressed earth-retaining wall, and
its force and deformation characteristics are still unclear,
which need to be further studied.

On the other hand, relevant researches [27–29] show
that factors affecting earth pressures and wall displacements
of the retaining wall are as follows: overload, shape of retain-
ing wall, the nature of the filled soil, and filled soil height.
Taking into account the limitations of laboratory test condi-
tions, three main influencing factors are considered in this
paper, including overload, density of lightweight foamed
concrete, and replacement depth of lightweight foamed
concrete.

The overall objective of this study is to determine and
compare the stress and deformation characteristics of but-
tressed earth-retaining wall backfilled with lightweight
foamed concrete under different factors through the indoor

model test. In addition, results of the model test can deter-
mine the primary and secondary relations of three factors’
influence extent on the forces and deformation of this
retaining wall through the range analysis, and the most suit-
able replacement thickness of lightweight foamed concrete
behind buttressed earth-retaining wall can be also obtained
by regression analysis, which can provide a reference in the
practical engineering.

2. Experimental Procedure

2.1. Experimental Model Setup. In this paper, referring to the
field structure size of Guangzhou-Foshan-Jiangmen Freeway
of Guangdong province in China, a self-developed model
box is used to carry out the model experiment with the
reduced-scale of 25 : 1 (actual size :model size). The model
box is mainly composed of the following parts: a loading
box (backfill layer), a retaining wall, displacement control
system of retaining wall, upper loading system, and mea-
surement system (as shown in Figure 2).

2.1.1. Buttressed Earth-Retaining Wall and Backfill Layer.
Taking the size of the on-site buttressed earth-retaining wall
structure as a reference prototype, the size of buttressed
earth-retaining wall in model is designed with reduced-
scale of 25 : 1 (actual size :model size) (as shown in
Figure 3). Besides, the design sizes of the model box and
the loading box are 150 cm × 50 cm × 40 cm (length ×
width × height) and 100 cm × 50 cm × 40 cm (length ×
width × height), respectively. In the loading box, the cast in
situ lightweight foamed concrete layer and sand layer are
presented as packing layers from top to bottom. The thick-
nesses of two packing layers behind the retaining wall can
be adjusted according to the test requirements.

2.1.2. Sensors Distribution. In order to reveal the stress and
deformation characteristics of buttressed earth-retaining
wall backfilled with lightweight foamed concrete under dif-
ferent conditions, 17 earth pressure cells and 3 dial indica-
tors were buried at different elevations of the retaining wall
model to, respectively, monitor the lateral earth pressures
and wall displacements during the tests.

LY-350 series strain type miniature earth pressure sen-
sors were selected to measure lateral earth pressures of this
retaining wall in the tests. Among them, 3 earth pressure
cells were arranged at the bottom plate, numbered 1 through
3, and the distances from the edge of the wall toe plate are 4,
13, and 22 cm in order; 4 earth pressure cells were buried on
the inside of vertical wall, numbered 4 through 7, and dis-
tances from the top of the wall are 5, 14, 23, and 32 cm in
order; 5 earth pressure cells were arranged on the left side
of the soil facing surface of buttress; its stress surface is ver-
tical to the horizontal surface, numbered 8 through 12, and
distances from the top of the wall are 6, 13, 20, 27, and
34 cm in order; 5 earth pressure cells were buried on the
right side of the buttress sidewall, numbered 13 through
17, and distances from the top of the wall are 6, 13, 20, 27,
and 34 cm, respectively. The detailed buried positions of
the earth pressure cells are shown in Figure 4.

Figure 1: Use of lightweight foamed concrete as a filler behind
buttressed earth-retaining wall.
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In addition, 3 dial indicators were selected to measure
displacements of the retaining wall in model tests, which
were, respectively, arranged at the positions of 2, 16, and
32 cm from the top of the wall (as shown in Figure 5).

2.1.3. Loading System and Data Acquisition System. The
upper loading system in the model is mainly composed of
reaction beam, a hydraulic jack, concrete block, steel load
bearing plate, and support rod. In the tests, the hydraulic
jack with precision pressure gauge was selected, which can
directly apply the required load and make up pressure at
any time. Furthermore, the load exerted by the jack can be
evenly transmitted to packing layers because of the load
bearing plate with sufficient rigidity. The experimental
model is loaded by using the stage loading method, which
is divided into three stages. The deformation of the retaining
wall can be considered to be stable when the loading interval
time of each stage is 1 h, and the readings of dial indicators
and earth pressure cells corresponding to the level of load
shall be recorded.

Based on the above loading system and sensor distribu-
tion, the dynamic data are gathered by a dynamic acquisition
system during the loading process. The CM-1A-20 digital
static strain gauge produced by Qinhuangdao Xinheng Elec-
tronic Technology Co., Ltd. was used as the collection device
in the test. The connection of the earth pressure cells adopts
the full bridge mode, and the measurement data collection is
controlled by the computer (as shown in Figure 6).

2.2. Model Test Scheme. According to the above experimen-
tal model, limited by laboratory test conditions, the effects of
three factors, including surface load, density of lightweight
foamed concrete, and replacement thickness of lightweight
foamed concrete, on the stress and deformation of
buttressed earth-retaining wall backfilled with lightweight
foamed concrete are considered in this paper.

With the support of Guangzhou-Foshan-Jiangmen Free-
way, under vehicle loads, the uniform load at the top surface
of lightweight foamed concrete subgrade is about 60.8 kPa
according to local traffic volume and numerical calculations.

Handle

Bolt
Hydraulic jack

Concrete block

Reaction frame for loading

Support

Loading box

Bottom plate

Foundation soil

Sand layer

Cast-in-site light weight
foamed concrete layer

Buttressed retaining wall
Bearing plateScrew displacement

control rod

Dial
gauge

I-steel support

(a) Schematic diagram of the model box

(b) Real image of the model box

Figure 2: The test model box.
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In consideration of the three-stage loading method used in
the model test, the overloads (concentrated load) of 14, 16,
and 18MPa at the top surface of lightweight foamed con-
crete layer behind the retaining wall are applied by control-
ling the loading system for interval 1 h, respectively. In fact,
these overloads can be converted to the uniform loads of 61,
69.484 and 77.969 kPa by numerical calculations, which are
consistent with the actual engineering.
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Figure 3: Size of buttressed earth-retaining wall (unit: mm).
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Figure 4: The distribution of earth pressure cells.

Figure 5: The distribution of dial indicators.

Figure 6: Data acquisition system.
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As for the selection of density of lightweight foamed
concrete in tests, the foamed lightweight concrete paste with
density of 600, 700, and 800 kg/m3 are used to cast the light-
weight foamed concrete layer referring to the cast-in-place
lightweight foamed concrete density of 700 kg/m3 in actual
engineering. In addition, according to the height of the but-
tressed retaining wall model, the replacement thicknesses of
lightweight foamed concrete layer of 0.22, 0.28, and 0.40m
are selected to carry out the tests, and the corresponding
thicknesses of the sand layer are 0.18, 0.12, and 0m.

In order to more accurately reveal the force and defor-
mation characteristics of the buttressed earth-retaining wall
backfilled with lightweight foamed concrete, the influence
laws of the changing single factor on the resultant earth
pressure and the point of resultant force of retaining wall
were studied first by means of single-factor orthogonal test.
And then, using range analysis method, the primary and sec-
ondary relations of the influence extent of each factor on the
forces and deformation of this retaining wall were analyzed
by the multiple-factor orthogonal test.

The single-factor orthogonal test scheme is shown in
Table 1, and the multiple-factor orthogonal test scheme is
shown in Table 2.

2.3. Materials, Mixture Proportion, and Properties. As a new
type of artificial lightweight cement material, lightweight

foamed concrete is firstly prepared by the physical method
from the foaming agent into the foam, then the foam is
mixed into the cement slurry which has been stirred evenly
in a certain proportion, and finally, hardened by physical
and mechanical effects. The preparation process of light-
weight foamed concrete is shown in Figure 7.

In this paper, lightweight foamed concrete is produced
under a controlled percentage of OPC (42.5), water, and
foaming agent without adding aggregate or modifiers. On
the basis of the Chinese Technical Specification for Design
and Construction of Cast-In-Situ Lightweight Foamed Con-
crete Subgrade (TJG F10 01-2011) [30] and results of previ-
ous tests [31, 32], the most suitable water/solid ratio of
lightweight foamed concrete under this condition is 1 : 2.0
by comparison of performances; the mix proportions of
lightweight foamed concrete with target densities of 600,
700, and 800 kg/m3 are shown in Table 3. According to the
Chinese Technical Specification for Design and Construction
of Cast-In-Situ Lightweight Foamed Concrete Subgrade (TJG
F10 01-2011) [30] and the Chinese Test Methods of Soils for
Highway Engineering (JTG E40-2020) [33], the main perfor-
mance indexes of lightweight foamed concrete and sand are
measured in Tables 4 and 5, respectively.

As can be seen from the results in Table 4, with the
increase of the target density of lightweight foamed concrete,
the moist unit weight, compressive strength, flexural
strength, and CBR of lightweight foamed concrete increase
gradually, but its flow value and water absorption rate

Table 1: The single-factor orthogonal test scheme.

Test
number

Overload
(MPa)

Density of lightweight foamed
concrete (kg/m3)

Replacement thickness of lightweight
foamed concrete (m)

Single factor

1-1 14 700 0.28

Overload1-2 16 700 0.28

1-3 18 700 0.28

1-4 14 600 0.28
Density of lightweight foamed

concrete
1-5 14 700 0.28

1-6 14 800 0.28

1-7 14 700 0.22
Replacement thickness of lightweight

foamed concrete
1-8 14 700 0.28

1-9 14 700 0.40

Table 2: The multiple-factor orthogonal test scheme.

Test
number

Overload
(MPa)

Density of
lightweight foamed
concrete (kg/m3)

Replacement thickness
of lightweight foamed

concrete (m)

2-1 14 600 0.22

2-2 14 700 0.28

2-3 14 800 0.40

2-4 16 600 0.28

2-5 16 700 0.40

2-6 16 800 0.22

2-7 18 600 0.40

2-8 18 700 0.22

2-9 18 800 0.28

Cement

Fly-ash

Water

Foaming
agent

Water

Mix and stir Cement
paste

Compressed
air

Liquor
epispastcusi

Foam

Mix and stir

Light weight foamed
concrete

Figure 7: Preparation process of lightweight foamed concrete.
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decrease gradually. According to the Technical Specification
for Design and Construction of Cast-In-Place Lightweight
Foamed Concrete Subgrade (TJG F10 01-2011) [30], the main
performance indexes of lightweight foamed concrete in
Table 4 meet the relevant requirements, which indicates that
lightweight foamed concrete can be used as filler for the
model.

In addition, results in Table 5 reveal that the nonuniform
coefficient of sand is greater than 5 and that its curvature
coefficient is between 1 and 3. This indicates that sand is well
graded and can therefore be used as filler for the model.

3. Results and Discussion

3.1. Results of the Single-Factor Orthogonal Test. Firstly,
based on the single-factor orthogonal test scheme in
Table 1, the effects of overload, density of lightweight
foamed concrete, and replacement thicknesses of lightweight
foamed concrete on the stress and deformation characteris-
tics of buttressed earth-retaining wall backfilled with light-
weight foamed concrete are analyzed and discussed,
respectively, in this section of the paper.

3.1.1. Effects of Overload. According to the orthogonal test
scheme in Table 1, the overloads of 14, 16, and 18MPa were
applied to the surface of backfill in order by using a jack on
the premise of keeping the density and the replacement
depth of lightweight foamed concrete unchanged.

The effects of different overload on the lateral earth pres-
sures and wall displacements at different elevations of the
retaining wall model filled with lightweight foamed concrete
are presented in Figure 8, which shows that the overload has

a great influence on the earth pressure of retaining wall filled
with lightweight foamed concrete; the earth pressure at the
same position increases with the increase of the overload,
but it does not change the distribution laws of earth pressure
at the same position of retaining wall. This effect is due to
the larger of overload on the surface of the lightweight
foamed concrete, the greater of compression force between
the backfill and the retaining wall, which is reflected in the
greater earth pressure of the retaining wall.

Compared with the size and distribution shape of earth
pressure at different positions of the retaining wall in
Figure 8, it can be seen that under the same overload, the
size and distribution shape of earth pressure vary with the
different positions of the retaining wall. As for the distribu-
tion shape of earth pressure under the same overload, the
base compressive stress is not distributed in the triangle or
trapezoid, but in a convex shape of “large in the middle
and small on both sides”, which indicates that there is a peak
point of base compressive stress in the middle of the bottom
plate. However, the earth pressure presents an “R” distribu-
tion shape along the height of the wall both on the inside of
vertical wall and sidewall of the buttress. That is, the earth
pressure increases first and then decreases along the light-
weight foamed concrete layer depth, but the earth pressure
suddenly increases along sand layer depth, showing a linear
growth, which may be caused by the too large difference
between the gravity of two filling layers. In the calculation
of earth pressure, the gravity of filler is an important factor
affecting the size of earth pressure, and the earth pressure
increases with the increase of the gravity of fill. The density
of sand is about 2.5 times as severe as that of lightweight
foamed concrete, so the earth pressure in this two filling

Table 3: The mix proportions of lightweight foamed concrete.

Water/solid ratio
Density of lightweight

foamed concrete (kg/m3)
Density of cement

(kg/m3)
Density of foam

(kg/m3)
Cement
(kg/m3)

Water
(kg/m3)

Foam
(kg/m3)

1 : 2.0 600 3069 40.27 381.6 190.8 27.6

1 : 2.0 700 3069 40.27 449.8 224.9 25.3

1 : 2.0 800 3069 40.27 518.0 259.0 23.0

Table 4: The performance indexes of lightweight foamed concrete.

Density of lightweight foamed
concrete (kg/m3)

Flow value
(mm)

Moist unit weight
(kN/m3)

Compressive strength
(28 days) (MPa)

Flexural strength
(28 days) (MPa)

Water
absorption (%)

CBR
(%)

600 186 5.08 0.99 0.34 23.5 12.5

700 178 5.74 1.45 0.47 21.7 15.6

800 170 6.48 1.86 0.63 20.1 18.9

Table 5: The performance indexes of sand.

Density (kg/m3)
Moisture

content (%)
Nonuniform
coefficient

Curvature
coefficient

Elasticity modulus
(MPa)

Poisson
ratio

Cohesion
(kPa)

Internal friction
angle (°)

1613 1.12 5.33 1.28 15.0 0.35 0 35.8
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layers presents an “R” distribution as a whole. Furthermore,
the earth pressure on the soil facing surface of the buttress
presents a “D” distribution shape along the height of the
wall, that is, the earth pressure increases gradually with the
increase of wall depth and reaches the maximum value at
the junction of two filling layers, but the earth pressure in
sand layer decreases rapidly, which may be due to the tensile
stress at the root of buttress.

On the other hand, the magnitudes of lateral earth pres-
sures vary with positions of retaining wall under the same
overload. Taking the overload of 14MPa as an example, it
can be seen from Figure 8 that the maximum earth pressure
on the inside of vertical wall and the soil facing surface of the
buttress are 6.10 and 7.88 kPa, respectively, while the earth
pressures on sidewall of the buttress are obviously smaller,
with the maximum value of 3.95 kPa. The reason is that
the sidewall of the buttress is not smooth, which leads to
the soil arch effect between two buttresses in the horizontal
direction. Due to the existence of these soil arches, most of

the lateral earth pressures behind the wall are transmitted
to the buttresses, which causes the earth pressure on the but-
tresses greater than that on sidewall of the buttress, reducing
the lateral pressure on the retaining wall panels.

Figure 9 shows the displacement changes of retaining
wall backfilled with lightweight foamed concrete along the
height of the wall under different overload, “-” in Figure 9
indicates that the retaining wall moves away from the filling
direction, and “-” in the following text is the same meaning,
so it is not described in the following text.

As seen from Figure 9, the wall displacements at the
same depth increases gradually in the process of continuous
loading, and the increase of the displacement at the top of
the wall is larger than that at the bottom of the wall, which
shows that the overload has a greater impact on the displace-
ment at the top of the wall. From the results shown in
Figure 9, the displacement change laws of the retaining wall
are basically similar under different overload conditions, that
is, the horizontal displacement of the retaining wall
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Figure 8: Earth pressure distributions of retaining wall under different overloads.
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decreases linearly with the increase of the retaining wall
depth. The horizontal displacement at the top of the wall is
larger than that at the bottom, which illustrates that the
retaining wall not only rotates around the bottom of the wall
but also moves away from the soil behind the wall. There-
fore, it indicates that the displacement mode of the retaining
wall backfilled with lightweight foamed concrete is an “RBT”
mode in the actual project.

3.1.2. Effects of the Density of Lightweight Foamed Concrete.
In this study, lightweight foamed concrete with the target
density of 600, 700, and 800 kg/m3 is used as the backfill
behind the buttressed earth-retaining wall. Under the condi-
tion of overload and lightweight foamed concrete replace-
ment thickness unchanged, the test results for earth
pressure distribution law of retaining wall under different
densities of lightweight foamed concrete are shown in
Figure 10.

Compared with the test results in Figures 8 and 10, it can
be seen that there are no significant differences in the distri-
bution shapes of earth pressure at different positions of the
retaining wall under the effect of overload or the density of
lightweight foamed concrete. In other words, similar to the
distribution shapes of earth pressure in Figure 8, Figure 10
shows that the base compressive stress is still distributed in
a convex shape of “large in the middle and small on both
sides”, and the earth pressure on the soil facing surface of
the buttress still presents a “D” shape distribution along
the height of the wall, and the earth pressure still presents
an “R” distribution along the height of the wall both on
the inside of vertical wall and sidewall of the buttress.

However, by contrasting the maximum values of lateral
earth pressure at each location of retaining wall in
Figures 8 and 10, it can be found that two factors have differ-
ent effects on the magnitude of lateral earth pressure of
retaining wall backfilled with lightweight foamed concrete.

Obviously, the magnitudes of lateral earth pressure at the
same location under the effect of overload are greater than
that under the effect of lightweight foamed concrete density.
Therefore, it can be concluded that overload has a greater
effect on the force performance of the retaining wall back-
filled with lightweight foamed concrete, compared to the
effect of density of lightweight foamed concrete.

Furthermore, the results in Figure 10 show that the earth
pressure at the same position increases with the increase of
the density of lightweight foamed concrete, but it does not
change the distribution laws of earth pressure at the same
position of retaining wall, which is similar to the effects of
overload. Therefore, it can be concluded that both of two
factors can only change the magnitude of the earth pressure
of this retaining wall, but cannot change its distribution
shapes.

The displacement changes of retaining wall backfilled
with lightweight foamed concrete along the height of the
wall under different densities of lightweight foamed concrete
are shown in Figure 11.

As shown in Figures 9 and 11, the displacement of this
retaining wall is less affected by the density of the lightweight
foamed concrete compared to the effect of overload, but the
horizontal displacement change laws of the retaining wall
caused by these two factors are similar. Under the condition
that the density of lightweight foamed concrete remains the
same, the displacement of the retaining wall decreases line-
arly with the increase of the filling depth. However, as the
density of lightweight foamed concrete increases, the dis-
placement of wall at the same depth would increase slightly.
According to the test results in Figures 9 and 11, it is worth
noting that the displacement of the retaining wall is small
when lightweight foamed concrete is used to as the backfill
behind the retaining wall, which is far less than the displace-
ment required to active earth pressure under normal filling
(0.004H, H is the height of retaining wall). The reason is that
the lightweight foamed concrete has good self-standing after
curing, and it has almost no pushing force on the retaining
wall after curing. Therefore, using lightweight foamed con-
crete as the backfill behind the retaining wall can signifi-
cantly reduce the deformation of the retaining wall in the
actual engineering.

3.1.3. Effects of the Replacement Thickness of Lightweight
Foamed Concrete. Based on the height of the buttressed
earth-retaining wall model, lightweight foamed concrete
with the target replacement thickness of 0.22, 0.28, and
0.40m is used to cast the lightweight foam concrete layer
behind the retaining wall, while the corresponding thick-
nesses of the sand layer are 0.18, 0.12, and 0m, respectively.
Under the premise of keeping overload and the density of
lightweight foamed concrete unchanged, the effects of the
replacement thickness of lightweight foamed concrete on
the earth pressure at different positions of retaining wall
are presented in Figure 12.

Different from the effects of overload and density of
lightweight foamed concrete, it can be clearly seen from
Figure 12, both the sizes of the earth pressure of the retain-
ing wall and its distribution laws have changed significantly,
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when using different replacement thicknesses of lightweight
foamed concrete as the backfill in the model tests. The base
compressive stress is still distributed in a convex shape of
“large in the middle and small on both sides”, and it gradu-
ally decreases with the increase of the replacement depth of
lightweight foamed concrete since the density of lightweight
foamed concrete is about 1/3 of the general filling.

As for earth pressure distributions on the inside of verti-
cal wall or on the sidewall of the buttress, three different
replacement thicknesses of lightweight foamed concrete cor-
respond to three different earth pressure distribution charac-
teristics of retaining wall. When the replacement thickness is
0.28m (the part backfill behind the wall is lightweight
foamed concrete), the earth pressure still presents an “R”
distribution shape, which is consistent with the previous dis-
tribution rule under the same conditions. When the thick-

ness of replacement is 0.22m, the earth pressures presents
firstly increases and then decreases, but this does not repre-
sent the distribution rule of earth pressure in this case, since
only two earth pressure sensors are buried in the lightweight
foamed concrete layer with target thickness of 0.22m in
model, and the distribution law of earth pressure was deter-
mined by at least three sensors. However, with the increase
of thickness, when the replacement thickness of lightweight
foamed concrete is 0.40m (the filling soil behind the wall
is all lightweight foamed concrete), the earth pressure pre-
sents a “D” distribution shape, the lateral earth pressure near
the bottom of the retaining wall decreases gradually, and the
back bending appeared, which may be caused by the
restraint of the bottom plate of the retaining wall.

Furthermore, as for the earth pressure distribution on
the soil facing surface of the buttress, the lateral earth

0.00 0.05 0.10 0.15 0.20 0.25

24

28

32

36

40

44

48

Wall heelWall toe

Panel

Ba
se

 co
m

pr
es

siv
e s

tr
es

s (
kP

a)

Distance from wall toe edge (m)

(a) Earth pressure distribution at the bottom plate

0 2 4 6 8 10 12 14 16

0.35

0.30

0.25

0.20

0.15

0.10

0.05

D
ep

th
 (m

)

Lateral soil pressure (kPa)

Sand layer

Filling interface

Lightweight foamed concrete layer

(b) Earth pressure distribution on the inside of vertical wall

2 3 4 5 6 7 8 9

0.35

0.30

0.25

0.20

0.15

0.10

0.05

D
ep

th
 (m

)

Lateral soil pressure (kPa)

Sand layer

Filling interface

Lightweight foamed 
concrete layer

(c) Earth pressure distribution on the soil facing surface of the buttress

0 2 4 6 8 10 12

0.35

0.30

0.25

0.20

0.15

0.10
D

ep
th

 (m
)

Lateral soil pressure (kPa)

Sand layer

Filling interface

Lightweight foamed 
concrete layer

600 kg/m3

700 kg/m3

800 kg/m3

(d) Earth pressure distribution on sidewall of the buttress
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pressure of the retaining wall is distributed as a “D” distribu-
tion shape along the depth of the wall when partially filled
with foamed light soil, which is consistent with the previous
distribution rule under the same conditions. However, the
earth pressure distribution increased approximately linearly
when all filled with lightweight foamed concrete, which
means that the backfill is all filled with lightweight foamed
concrete layer, and there is no difference in density between
fillers.

To sum up, it can be concluded that the replacement
thickness of lightweight foamed concrete has a great impact
on the stress characteristics of this retaining walls. Therefore,
it is very important to choose the suitable replacement thick-
ness of lightweight foamed concrete as backfill in the actual
engineering.

Figure 13 shows the effects of the replacement thickness
of lightweight foamed concrete on the displacement of
retaining wall. It can be seen from Figure 13 that the dis-
placement of the retaining wall decreases approximately lin-
early as the depth of the retaining wall increases, which
indicates that the displacement at the top of the retaining
wall is the largest and the displacement at the bottom of
the retaining wall is the smallest. Besides, with the increase
of the replacement thickness of lightweight foamed concrete,
the displacement of retaining wall at the same point
decreases gradually, which indicates that increasing the
replacement thickness of lightweight foamed concrete within
a certain range is conducive to improving the stability of
retaining wall.

3.1.4. Establishment of Regression Equations. In order to fur-
ther reveal the relationships between the size of the resultant
earth pressure, the point of resultant force of retaining wall,
and above three factors, taking the earth pressure on the
inside of vertical wall as an example, the resultant earth pres-
sure and the point of resultant force of retaining wall are,

respectively, fitted with different influencing factors based
on the above test results. The corresponding fitting equa-
tions are established in Table 6, which provide references
in the practical engineering.

According to the results in Table 6, it is very convenient
to obtain the resultant earth pressure and the points of resul-
tant force of this retaining wall model through the above fit-
ting equations, and corresponding indexes in practical
engineering can be converted by the scale of 25 : 1 (actual
size :model size).

On the other hand, through the above fitting equations
in Table 6 and the scale of 25 : 1 (actual size :model size),
we can deduce the appropriate construction parameters or
design parameters of the foamed lightweight earth as the
backfill behind the retaining wall in actual engineering,
which has a significant guiding value for the construction
and design of similar projects.

For example, as the conclusion mentioned previously,
the replacement thickness of lightweight foamed concrete
has great effects on the stress and deformation characteris-
tics of retaining wall, which illustrates that choosing the suit-
able replacement thickness of lightweight foamed concrete
as backfill is the key in the actual engineering. The suitable
replacement thickness of lightweight foamed concrete layer
behind the wall can be determined by the fitting equation
in Table 6. According to the earth pressure theory of
retaining wall, the smaller the earth pressure value is, the
better the stability of retaining wall is. Therefore, com-
bined with the fitting equation (No. 5) in Table 6, taking
the size of the resultant earth pressure of the retaining wall
as the control standard, when the replacement thickness of
the lightweight foamed concrete in the model test is
0.346m, the size of the resultant earth pressure of the
retaining wall is the smallest. Then, through the scale ratio
of 25 : 1 (actual size :model size), it can be calculated that
the suitable replacement thickness of lightweight foamed
concrete behind the buttressed earth-retaining wall in the
supporting project is about 8.7m.

3.2. Results of the Multiple-Factor Orthogonal Test. Through
the analysis of the above single-factor test results, the lateral
earth pressure distribution and deformation characteristics
of the buttressed earth-retaining wall backfilled with light-
weight foamed concrete under single factor are obtained. In
order to further study the comprehensive influence of multi-
ple factors on the stress and deformation characteristics of
this retaining wall, taking the earth pressure on the inside
of vertical wall as an example, the primary and secondary
relations of three factors’ influence extent on the forces and
deformation of the retaining wall backfilled with lightweight
foamed concrete are analyzed by using range analysis
method.

The range of each factor is calculated by Equation (1):

R =max Kij

� �
−min Kij

� �
: ð1Þ

According to multiple-factor orthogonal test scheme in
Table 2, the corresponding resultant earth pressure and the
points of resultant force of retaining wall were calculated
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Figure 11: Displacement changes of retaining wall under different
densities of lightweight foamed concrete.
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by the model tests, and the range analysis method was used
to analyze the test results under multiple factors (as shown
in Tables 7 and 8).

As can be seen from Tables 7 and 8, the resultant earth
pressure and the point of resultant force would change when
the level of any influencing factor changes, and the degree of
change varies significantly with different influencing factors.
In addition, three influencing factors, including overload,
density of lightweight foamed concrete, and replacement
thickness of lightweight foamed concrete, maintain a mutu-
ally independent and mutually restrictive relationship in the
process of affecting the stress and deformation characteris-
tics of retaining wall backfilled with lightweight foamed
concrete.

According to the results in Table 7, the sequence of three
factors’ range for resultant earth pressure of the retaining
wall is as follows: R1 = 1:071566666>R3 = 0:478883333
>R2 = 0:2799. In other words, it can be concluded that the
primary and secondary relation of three factors’ influence
extent on the mechanical characteristics of the retaining wall
filled with lightweight foamed concrete is as follows: over-
load>density of lightweight foamed concrete>replacement
thickness of lightweight foamed concrete.

On the other hand, it can be seen from the results in
Table 8 that the sequence of three factors’ range for point
of resultant force is as follows: R3 = 0:04031722
>R2 = 0:022143565>R1 = 0:018589099. Therefore, the pri-
mary and secondary relation of three factors’ influence
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Table 6: Regression equations with different factors.

Number Dependent variable Independent variable Fixed parameter Regression equation

1 y1
x1 x2 = 700, x3 = 0:28

y1 = 0:00507x12 − 0:59728x1 + 19:38062
2 y2 y2 = 0:0059x12 − 0:034x1 + 0:2361
3 y1

x2 x1 = 14, x3 = 0:28
y1 = 0:00074x2 + 1:37618

4 y2 y2 = −0:0005x22 + 0:002x2 + 0:1924
5 y1

x3 x1 = 14, x2 = 700
y1 = 35:33565x32 − 24:43032x3 + 5:89528

6 y2 y2 = 0:0147x32 − 0:0549x3 + 0:1706

Table 7: Results of resultant earth pressure by multiple-factor
orthogonal tests.

Test
number

Overload
(MPa)

Density of
lightweight
foamed
concrete
(kg/m3)

Replacement
thickness of
lightweight
foamed

concrete (m)

Resultant
earth

pressure
(kPa)

2-1 14 600 0.22 2.23085

2-2 14 700 0.28 1.8886

2-3 14 800 0.40 1.8707

2-4 16 600 0.28 2.574295

2-5 16 700 0.40 2.31385

2-6 16 800 0.22 2.84595

2-7 18 600 0.40 2.59685

2-8 18 700 0.22 3.14125

2-9 18 800 0.28 3.46675

ηj1 1.996716667 2.467331667 2.73935 —

ηj2 2.578031667 2.4479 2.643215 —

ηj3 3.068283333 2.7278 2.260466667 —

Rj 1.071566666 0.2799 0.478883333 —

Table 8: Results of the point of resultant force by multiple-factor
orthogonal tests.

Test
number

Overload
(MPa)

Density of
lightweight
foamed
concrete
(kg/m3)

Replacement
thickness of
lightweight
foamed

concrete (m)

Point of
resultant
force (m)

2-1 14 600 0.22 0.130380918

2-2 14 700 0.28 0.193842579

2-3 14 800 0.40 0.141944335

2-4 16 600 0.28 0.191728314

2-5 16 700 0.40 0.141691374

2-6 16 800 0.22 0.13069862

2-7 18 600 0.40 0.144787266

2-8 18 700 0.22 0.134576483

2-9 18 800 0.28 0.131036786

αj1 0.155389277 0.155632166 0.13188534 —

αj2 0.154706103 0.156703479 0.17220256 —

αj3 0.136800178 0.134559914 0.142807658 —

Rj 0.018589099 0.022143565 0.04031722 —
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extent on the point of resultant force of the retaining wall
filled with lightweight foamed concrete is as follows: replace-
ment thickness of lightweight foamed concrete>density of
lightweight foamed concrete>overload.

4. Conclusion

In this paper, a scale experimental model in which the back-
fill behind the buttressed earth-retaining wall is filled with
lightweight foamed concrete is established to study its force
and deformation characteristics under different factors.
Based on the experimental results and numerical calculation
study of this investigation, the following findings can be
drawn:

(i) The size and distribution characteristics of earth
pressure vary with the different positions of the
retaining wall backfilled with lightweight foamed
concrete under different factors

(ii) There are similarities and differences in the
mechanical characteristics of the buttressed earth-
retaining wall backfilled with lightweight foamed
concrete under different influence factors by model
tests: both of two factors (overload and density of
lightweight foamed concrete) can only change the
size of earth pressure of this retaining wall and can-
not change its distribution laws; but both the size
and the distribution form of earth pressure of this
retaining wall have changed under the influence of
different replacement thicknesses of lightweight
foamed concrete

(iii) There are good linear relationships between the
displacement of the retaining wall filled with light-
weight foamed concrete and each factor: the hori-
zontal displacement of the retaining wall increases
with the increase of overload or the density of the
lightweight foamed concrete, while it decreases with
the increase of the replacement thickness of light-
weight foamed concrete

(iv) Through regression analysis, the regression equa-
tions of the resultant earth pressure and the point
of resultant force of this retaining wall under each
single factor are obtained, which determined that
the suitable replacement thickness of lightweight
foamed concrete behind the buttressed earth-
retaining wall in the supporting project is about
8.7m

(v) Through the range analysis method, it is concluded
that the primary-secondary relation of three factors’
influence extent on the resultant earth pressure of
the retaining wall backfilled with lightweight
foamed concrete is as follows: overload > density
of lightweight foamed concrete > replacement
thickness of lightweight foamed concrete, while the
primary-secondary relation of three factors’ influ-
ence extent on the point of resultant force of this
retaining wall is as follows: replacement thickness

of lightweight foamed concrete > density of light-
weight foamed concrete > overload

Abbreviations

i: Orthogonal test level
j: Number of orthogonal test factors
Kij: Sum of factor j test results at level i
x1: Overload
x2: Density of lightweight foamed concrete
x3: Replacement thickness of lightweight foamed concrete
y1: Resultant earth pressure
y2: Point of resultant force
η jk: Average value of final resultant earth pressure when the

index of the column j is at the level k (k = 1, 2, 3)
Rj: Range of the index of the column j, defined as Rj =

max fηjkg −min fηjkg, (k = 1, 2, 3)
αjk: Average value of final point of resultant force when the

index of the column j is at the level k (k = 1, 2, 3)
Rj: Range of the index of the column j, defined as Rj =

max fαjkg −min fαjkg, (k = 1, 2, 3).
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A concrete admixture with water retention and superhydrophobic properties was developed according to the high tensile strength,
fissure resistance, and antiseepage requirements of concrete linings. Capillary water absorption, early-age anticracking, cube
compressive strength, and splitting tensile tests were employed to study the effects of the new concrete admixture on the basic
performance of concrete. On this basis, a triaxial compression test was conducted on granite fissures filled with concrete
containing the admixture; the stress-strain and failure characteristics under different admixture dosages, confining pressures,
and fracture widths were analyzed, and the reinforcement effect of the concrete with the admixture on the fractured rock mass
was studied. The results show that the admixture can effectively improve the ability of concrete to resist water and fissures, and
the concrete with the admixture significantly reinforced the fractured rock mass. Therefore, it can be widely applied in filling
and reinforcing fractured rock masses.

1. Introduction

With the increase in the scale and complexity of under-
ground engineering, the performance requirements of con-
crete lining structures for underground tunnels and
caverns are increasingly stringent. Modern tunnel theory
focuses on the mechanical evolution of surrounding rock-
lining systems [1, 2], and many scholars have studied the
mechanical properties of concrete linings. Ding et al. [3]
studied the influence of lining deterioration on the seismic
vulnerability of tunnels through model tests and pointed
out that the impact produced by lining deterioration
increased over time. Considering the time and spatial effects
of sprayed concrete, Xu et al. [4] studied the stress character-
istics of shotcrete layers with different rock mass qualities
and the response of the surrounding rock and proposed an
applicable evaluation method for concrete shotcrete layers.
Oreste [5] studied the mechanical properties of sprayed con-
crete linings and provided a method for calculating the lin-

ing safety factor. Gschwandtner and Galler [6] studied the
application of the convergence confinement method in con-
crete linings, considering the time effect. Lu et al. [7] studied
the performance of cement grouting in filling rocks. How-
ever, damage and failure of concrete linings in engineering
projects are still common. For example, the Shiziya Tunnel,
which was completed and began use in 2003, experienced a
serious collapse of its lining supports and water leakage in
2004 [8]. The lining structures of the Sanchaling Tunnel
[9], the Jinjiguan Tunnel [10], and the Liupanshan Tunnel
[11] were damaged to varying degrees after these tunnels
entered operation, which has had a substantial impact on
both engineering safety and social and economic
development.

Lining cracking is a common issue for underground cav-
erns. Upon investigation of the tunnels in the Wenchuan
earthquake area, Ji et al. [12] found that most of the earth-
quake damage to the surrounding rock caverns was caused
by lining fissures. Many factors are likely to cause lining
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fissures in the surrounding rocks of engineering projects,
including improper surveys and designs and unsatisfactory
construction and maintenance. In particular, the use of
unqualified lining materials is a major factor that causes lin-
ing fissures. Therefore, the application of new high-
performance materials to solve the problem of lining crack-
ing is worthy of further study. High-performance concrete
materials have been studied, but there are still a limited
number of studies on the use of these materials in the lining
supports of the surrounding rocks in underground engineer-
ing projects. Through laboratory model tests, Cui et al. [13]
found that after becoming deformed, the initial support of
steel-fiber concrete may intersect with the characteristic
curve of the surrounding rock, thereby enabling the sur-
rounding rock structure to remain stable. Guo [14] studied
the concrete used for grouting reinforcement, compared
the setting times of phosphoric acid-water glass and
cement-water glass with different mix ratios, and proposed
relevant design parameters. Li et al. [15] studied the influ-
ences of the concrete grain size and nanosilica content on
the grouting reinforcement effect in rock fissures. Cui [16]
studied the possibility of using geopolymers, which are a
type of cementitious material, to treat fissures in tunnel lin-
ings. It is generally believed that the addition of fly ash can
significantly improve the impermeability of concrete. Naik
et al. [17] conducted experiments to study the influence of
a large amount of fly ash on the impermeability of concrete.
Their results show that as long as the amount of fly ash being
substituted for cement does not exceed 50%, the addition of
fly ash will reduce the chloride ion permeability of concrete.
Yu and Wang [18] developed a concrete admixture that suc-
cessfully promotes the hydration degree of cement to signif-
icantly improve the crack resistance and tensile properties of
concrete.

A limited number of high-performance materials have
been developed for use in surrounding rock-lining supports
in underground engineering projects, so the research and
development of new concrete materials with superior anti-
seepage, fissure resistance, and tensile resistance properties
are important for the stabilization of the surrounding rocks
in underground engineering projects. In this study, a new
concrete admixture for use in the linings of surrounding
rocks was developed. Through capillary water absorption,
early-age anticracking, cube compressive strength, and split-
ting tensile tests, the performance of the admixture when
added to concrete was investigated in this study. In addition,
triaxial compression tests were conducted after filling granite
fissures with concrete containing the admixture, and the
working performance of this amended concrete in the lin-
ings of surrounding rocks was analyzed to determine the
reinforcement effect that the concrete with the admixture
had on fractured rock masses.

2. Materials and Methods

2.1. Materials. The high-strength (HS) admixture, which has
a particle size of 100μm, is a superhydrophobic powder con-
taining both inorganic and organic materials. It has a floor
structure, a flat structure, a spherical structure, and a smooth

sphere structure (see Figure 1). The thin sheet inorganic sub-
strate has the properties of heat resistance, corrosion resis-
tance, and high strength. The sheet structure, which has a
high diameter to thickness ratio, can hinder the penetration
of water and other corrosive substances in concrete linings.
The chemical bonding between the surfaces of organic com-
pounds and inorganic powders under alkaline conditions
gives concrete materials hydrophobic properties.

Adding the HS admixture to concrete materials can
improve the separation and seepage of the concrete mixture,
strengthen the connection between concrete aggregates, and
promote a sufficient reaction between cementitious grouting
materials and hydration products to generate a high-
strength and highly stable gel, with the HS admixture as
the crystal nucleus. Then, many hydrophobic membranes
are generated in the capillary channels, and bubbles and thin
films with thicknesses of approximately 20 nanometers are
introduced to form an impermeable “isolation zone” for per-
meable materials, which improves the waterproof perfor-
mance of concrete linings.

To verify its performance, the HS admixture was added
to concrete, and capillary water absorption, early-age antic-
racking, cube compressive strength, splitting tensile, and tri-
axial compression tests were performed. The materials used
in the sample concrete mixtures are as follows: tested Port-
land cement with a grade of 42.5, in compliance with Chi-
nese national standard GB175-2007 (equivalent to
Eurocode CEM I 42.5, ENV197-1: 2000); natural river sand
with a fineness of 2.8 as fine aggregate; limestone with a
diameter of 5-20mm as coarse aggregate; water reducing
agent; and the HS admixture. Table 1 shows the mix ratio
of the concrete used in each test.

2.2. Capillary Water Absorption Test. Cylindrical specimens
with diameters of 150mm each and heights of 300mm each
were prepared, and the HS admixture was added at propor-
tions of 0% and 3%. After 28 days of maintenance, epoxy
resin was applied to the top and sides, and then, the bottom
of the specimen was placed in a water absorption device with

Figure 1: Microstructure of the HS admixture.
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a water depth of 3-5mm to measure the water absorption
height at different time points. Three tests were conducted
for each specimen.

2.3. Early-Age Anticracking Ability. Under a temperature of
21° and a relative humidity of 60%, an early-age anticracking
test [19] was conducted for concrete mixtures with 0% and
3% HS admixture. The size of the testing device was 800
mm × 600mm × 100mm, and the central wind speed was
no less than 5m/s. Two tests were conducted for each
specimen.

2.4. Cube Compressive Strength Test. Cubic specimens 100
mm × 100mm × 100mm in size and containing 0%, 1%,
3%, and 5% of the HS admixture were prepared. After 28
days of maintenance, two cube compressive strength tests
[19] were conducted for each specimen.

2.5. Splitting Tensile Test. Cubic specimens 100mm × 100
mm × 100mm in size and containing 0%, 1%, 3%, and 5%
of the HS admixture were prepared. After 28 days of main-
tenance, two splitting tensile tests [19] were conducted for
each specimen.

2.6. Triaxial Compression Test by Filling Granite Fissures.
The tested granite came from Lanzhou, Gansu, China.
Cylindrical granite specimens 50mm in diameter and
100mm in height were prepared. To simulate the surround-
ing rocks, specimens containing vertical and horizontal fis-
sures were prepared by cutting, and then, the fissures were

filled with concrete containing the HS admixture. The spec-
imens are shown in Figure 2.

3. Performance of HS Admixture and
Test Results

3.1. Results of the Capillary Water Absorption Test. The
results of the capillary water absorption test are shown in

Table 1: Mix ratios of concrete with different HS admixture dosages.

HS admixture dosage
Quantity of materials used in each cube of concrete (kg/m3)

Water Cement Fine aggregate Coarse aggregate Water reducer HS admixture

0% 160 320 747 1169 4.16 0.00

1% 160 320 746 1167 4.16 3.20

3% 160 320 743 1163 4.16 9.60

5% 160 320 741 1159 4.16 16.00

(a) Vertical fissures (b) Horizontal fissures

Figure 2: Specimens with filled fissures.
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Figure 3: Results of the capillary water absorption test.
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Figure 3. The benchmark specimen (0%) had a high capillary
water absorption rate, and the capillary water absorption
rate of the concrete with a 3% HS admixture was much less
than that of the benchmark specimen for the entire process.
The benchmark specimen (0%) absorbed water quickly in
the first 1,440min, then the absorption rate slowed, and
finally, the water reached a height of approximately
3.21mm after the adsorption rate stabilized. For the speci-
men with a 3% HS admixture, the capillary water absorption
height was only 0.88mm at 1,440min, and it finally stabi-
lized at a height of approximately 0.92mm. The analysis
showed that adding the HS admixture effectively improved
the water absorption resistance of the concrete.

3.2. Results of the Early-Age Anticracking Test. The surface
conditions of the specimens after the early-age anticracking
test are shown in Figure 4. Table 2 shows the number of fis-
sures and the cracking area on the surface of the specimens
with the two admixture dosages. As shown in Figure 4, the
benchmark specimen (0%) had a much greater number of
fissures than the concrete with a 3% HS admixture. Table 2
shows that the concrete with 3% admixture had a signifi-
cantly lower number of fissures per unit area and a signifi-
cantly smaller cracking area compared to the benchmark
specimen (0%). Therefore, the HS admixture effectively
improved the early-age anticracking ability of the concrete.
At the same time, the concrete with the 3% HS admixture
performed better in terms of the water retention, while that
without the HS admixture lost more water.

The HS admixture improved the early-age anticracking
ability of the concrete because it contains a substantial

amount of active SiO2, Al2O3, and CaO. These components
can react with the substances generated by cement hydration
and thereby improve the composition of hydrated cement
and reduce both the internal and external migrations of
water. Hydrated calcium silicate Ca5Si6O16 (OH)⋅4H2O with
a low alkalinity, a high strength, and good stability is gener-
ated in this process, which improves the composition of
hydrated gelatinous substances. In the early stage of concrete
molding, adding the HS admixture can restrict contraction
and prevent the loss of water from the concrete, which can
reduce the amount of desiccation fissures and thereby
decrease the cracking area and the number of fissures in
the amended concrete.

3.3. Results of the Cube Compressive Strength Test. The
results of the cube compressive strength test are shown in
Figure 5, which shows that the cube compressive strength
of the specimens declined as the HS admixture dosage
increased. The benchmark specimen (0%) had a compressive
strength of 48.4MPa. The cube compressive strength values
for the specimens with 1% and 3% HS admixture were 48.0
and 43.5MPa, respectively, which are 0.8% and 10.1% less
than the values of the benchmark specimen; for the speci-
mens with 5% HS admixture, the cube compressive strength
was 39.5MPa, which represents a decrease of 18.4% com-
pared to the benchmark specimen.

In this test, the HS admixture lessened the damage to the
concrete specimens. The benchmark (0%) specimen showed
vertical fissures and a high degree of crushing. The specimen
with 1% HS admixture showed a similar failure mode to the
benchmark specimen; however, the occlusions between the
fragments were more compact, and the degree of crushing
was reduced. The specimens with 3% and 5% HS admixture
were more intact, with a further decrease in the amount of
crushing.

3.4. Results of the Splitting Tensile Test. The results of the
splitting tensile test are shown in Figure 6, which shows that
the splitting tensile strength first increased and then

(a) 0% HS (b) 3% HS

Figure 4: Distribution of fissures after 24 h.

Table 2: Results of the early-age anticracking test.

HS admixture
dosage

Number of fissures
per unit area

Cracking area per unit
area (1mm2/m2)

0% 12.5 1388

3% 8.3 813
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decreased as the HS admixture amount was increased. The
splitting tensile strength of the benchmark specimen (0%)
was 2.3MPa; for the specimen with a 1% HS admixture,
the splitting tensile strength was 2.8MPa, which represents
an increase of 21.7% compared to the benchmark specimen;
for the specimen with 3% HS admixture, the splitting tensile
strength reached a peak of 3.1MPa, which is 34.8% higher
than the value for the benchmark specimen; for the speci-
men with 5% HS admixture, the splitting tensile strength
decreased to 2.3MPa.

The HS admixture dosage also affected the splitting ten-
sile failure mode of the specimens. The fissure surface of the
benchmark specimen (0%) was neat, interface fissures were
formed, and the specimen had no crush marks. The speci-
men with 1% admixture cracked locally, and the cracking
surface was more rugged than that of the benchmark speci-

men. The specimens with 3% and 5% admixture showed
uneven fissures.

4. Triaxial Compression Test of Granite
Fissures Filled with Concrete Containing the
HS Admixture

4.1. HS Admixture Dosage. To study the reinforcement effect
of the HS admixture dosage on the rock mass, rock speci-
mens with 4mm wide vertical fissures were prepared and
filled with concrete containing 0%, 1%, 3%, and 5% of the
HS admixture. Then, triaxial compression tests were con-
ducted on a TAW-2000 triaxial tester with a confining pres-
sure of 2MPa. The stress-strain curve and failure mode are
shown in Figure 7.

As shown in Figure 7, the damaged benchmark speci-
men (0%) had one fissure from top to bottom, with a width
of 0-2mm, which was serrated along the depth direction.
The entire specimen cracked and peeled off, and the filled
layer became fragmented.

The damaged specimen with 1% HS admixture had two
fissures from top to bottom on both sides of the filled layer,
with depths of 1-2mm. The specimen cracked and peeled off
between the two fissures that were serrated along the depth
direction. The surface rock peeled off from the specimen,
and the failure surface was characterized by steps.

The specimen with 3% HS admixture had two clear fis-
sures from top to bottom on both sides of the filled layer.
The rock and filled layer within these two fissures cracked
and peeled off. One serrated fissure was oriented from top
to bottom, with a width of 1-1.5mm, and had pinnate fis-
sures on both sides. The other fissure in the middle was
short and oblique, and the entire peeling surface was uneven
and had a steep dip angle, with a 2mm wide crack, which
extended upward from the lower part of the specimen
through the middle part of the specimen and then gradually
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Figure 5: Results of the cube compressive strength test.

0 1 3 5
0

1

2

3

2.3

2.8

3.1

2.3

Sp
lit

tin
g 

te
ns

ile
 st

re
ng

th
 (M

Pa
)

HS admixture dosage (%)

Figure 6: Results of the splitting tensile test.

5Geofluids



1.0 0.5 0.0 0.5 1.0
0

30

60

90

120

150

1% HS

1.0 0.8 0.6 0.4 0.2 0.0 0.2 0.4 0.6 0.8 1.0
0

30

60

90

120

1.0 0.8 0.6 0.4 0.2 0.0 0.2 0.4 0.6
0

30

60

90

120

1.2 0.8 0.4 0.0 0.4 0.8
0

30

60

90

120

𝜎
1
−𝜎

3
 (M

Pa
)

𝜎
1
−𝜎

3
 (M

Pa
)

𝜎
1
−𝜎

3
 (M

Pa
)

𝜎
1
−𝜎

3
 (M

Pa
)

𝜀3 (%) 𝜀1 (%)

0% HS
𝜀3 (%) 𝜀1 (%)

3% HS
𝜀3 (%) 𝜀1 (%)

5% HS
𝜀3 (%) 𝜀1 (%)

Figure 7: Stress-strain curve and typical failure mode of specimens with different HS admixture dosages.

6 Geofluids



ended. In addition, there were longitudinal and transverse
cracks and step-like damage in the filled layer.

The damaged specimen with 5% HS admixture had four
fissures on the back of the filled layer. In particular, one fis-
sure was a short vertical fissure, two fissures developed
obliquely and intersected with the main fissure, and the
remaining main fissure was serrated and crescent-shaped
on the side face, with a depth of 0.5-2mm. The rocks
between the main fissure and the filled layer cracked and
peeled off, and the damaged surface had two steps. The hoop
strain at the stress-strain curve was greater than the axial
strain.

With the increase in the HS admixture dosage, the over-
all peak strain decreased, which indicates that adding the HS
admixture improved the axial and radial stiffnesses of the
specimen with fissures. The specimen with 5% HS admixture
showed an evident decrease in the peak strength, while the
other specimens had similar peak strength values, which is
consistent with the results of the splitting tensile test. There-
fore, the concrete containing 3% HS admixture was recom-
mended for filling fissures.

4.2. Confining Pressure. To study how the confining pressure
affects the mechanical properties of rocks filled with con-
crete containing the HS admixture, rock specimens with
6mm wide vertical fissures were prepared. Samples contain-
ing 3% HS admixture were tested under confining pressures
of 2, 4, and 6MPa. The stress-strain curve and failure mode
are shown in Figure 8.

Figure 8 shows that under a confining pressure of 2MPa,
the damaged specimen had two inverted Y-shaped fissures
and two oblique fissures. One inverted Y-shaped fissure
was seriously damaged, and the rocks between this fissure
and the filled layer were completely crushed. The rocks
between a short oblique fissure in the lower part and the
filled layer also peeled off, and the rocks in the upper part
of the specimen collapsed. Under a confining pressure of
4MPa, two small transverse fissures and two small oblique
fissures appeared and converged at the filled layer, and the
rocks at the upper part were broken. Under a confining pres-
sure of 6MPa, there was one oblique fissure with a high dip
angle on the side of the filled layer, which ran from top to
bottom and clearly cracked at the bottom. In addition to
the fissure, unclear small closed pinnate fissures appeared.

In conclusion, under different confining pressures, the
stress-strain values of the specimens with filled fissures were
similar to those of the specimens without fissures. When a
specimen was damaged, the filled layer was closely con-
nected to the rock without evident sliding. The broken sur-
face, which ran from top to bottom, appeared on the rock
rather than on the filled layer itself, which indicates that con-
crete containing the HS admixture can effectively fill rock
fissures.

4.3. Fissure Width. To study how the concrete containing the
HS admixture reinforced rock masses with different fissure
widths, rock specimens with vertical fissures of 4mm and
6mm were prepared. The HS admixture dosage was 3%,
and the confining pressure was 2MPa. The stress-strain
curve and failure mode are shown in Figure 9.

Figure 9 shows that the damaged specimen with a fissure
of 4mm had two fissures that ran from top to bottom on the
side of the filled layer, with a depth of approximately 1-
1.5mm. The rocks and filled concrete between the two fis-
sures were broken and peeled off, the fissures showed a zig-
zag shape, and there were pinnate cracks on the side. There
was a damaged fissure with a width of approximately 2mm
on the peeling surface, which extended upward from the
lower part of the specimen through the middle part of the
specimen and then gradually ended. There were transverse
cracks and step-like damages in the filled layer.

The damaged specimen with a fissure of 6mm had one
inverted Y-shaped fissure on the side of the filled layer that
ran from top to bottom. The rocks above the fissure were
broken and peeled off, and there were more fissures in the
specimen. Two inverted Y-shaped fissures were also formed
on the side of the filled layer. For one inverted Y-shaped fis-
sure, the rocks at the fissure bifurcation were broken and fell.
The Y-shaped fissure on the side gradually diminished and
ended at the convergence of the filled layer. The upper part
of the filled layer was broken and peeled off due to the bro-
ken and peeled rocks. Although there were many longitudi-
nal fissures in the specimen, the overall skeleton of the
specimen was intact.

Overall, the damaged specimen with a fissure width of
4mm was highly intact, while the specimen with a fissure
width of 6mm had many longitudinal fissures. The peak
strengths of the specimens with the two different fissure
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Figure 8: Stress-strain curve and typical failure mode under
different confining pressures.
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widths did not significantly change, and the axial strains
after damage were also almost the same. In addition, both
specimens showed high residual strengths after the peaks,
which shows that concrete containing the HS admixture
can effectively reinforce fissures of different widths.

5. Conclusions

As a new admixture for the concrete linings of surrounding
rocks, the HS admixture showed good water retention and
superhydrophobic properties, so it is applicable in the harsh
working conditions of the linings of surrounding rocks.
Through a triaxial compression test, the ability of concrete
containing the HS admixture to fill and reinforce rock fis-
sures was evaluated. The conclusions are as follows:

(1) The HS admixture greatly lowered the water absorp-
tion rate of concrete and significantly improved the
water resistance

(2) The HS admixture effectively prevented the concrete
from losing water and reduced the number of desic-
cation cracks in the concrete

(3) The HS admixture was cemented in the concrete.
As the HS admixture dosage increased, the dam-
aged specimen under cube compressive strength
was more intact, and the damaged surface of the
specimen under the splitting tensile test was
coarser

(4) The concrete containing the HS admixture was
applicable to rock specimens with premade fissures
because it effectively reinforced the rock fissures
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Due to poor engineering geological conditions of Liujiazhuang tunnel on Shanghai-Kunming Passenger Dedicated Line, the large
deformation of weak rock occurs repeatedly during tunnel construction. In this paper, the large-scale finite element software
ABAQUS is used to simulate the construction process of a large-section tunnel in weak surrounding rock. It is found that
when tunnel face passes through the coal seam, the displacement and stress simulated by the bench method increase abruptly.
The maximum stress reaches up to 18MPa, and displacement reaches 45mm, which is about twice when without crossing coal
seam. It is technically feasible to use the bench method for tunnel construction, under the condition when large settlements is
allowed; additionally, the bench method has better technical and economic benefits than that of the CD method. Through the
comparative analysis of onsite monitoring data and numerical simulation results, it can be seen that the tunnel is in a
dangerous state when passing through the coal seam and measures such as strengthening support or auxiliary advance support
should be taken immediately to control the surrounding rock and to ensure tunnel construction safety.

1. Introduction

Due to many active faults, wide distribution of weak rock,
high ground stress, karst development, and abundant
groundwater, the tunnel in weak surrounding rock may pro-
duce many disasters such as large deformation, mud out-
burst and gushing water, collapsem and harmful gas [1–3].
By analyzing the characteristics of gas tunnel, the method
of multihole cutting directional hydraulic fracturing to pre-
vent gas outburst is proposed [4]. Shucai Li et al. studied
the formation mechanism and development trend of karst
tunnel water inrush disaster [5]. Zhang et al. conducted a
systematic study on the occurrence mechanism and classifi-
cation method of large deformation of structural weak rock
in tunnel surrounding rock [6]. Wang et al. attributed the
formation of the soft rock fracture zone of underground cav-
erns to fatigue damage caused by repeated tectonic stress [7,

8]. At present, domestic and foreign methods for tunnel
research in weak surrounding rock mainly include numeri-
cal simulation analysis, field monitoring measurement, and
model test [9].

In weak rock tunnel stability theory analysis, Yang
induced the factors affecting the stability of tunnel structure
into four indexes, which are overbreak and underbreak vol-
ume, tunnel surrounding rock stability coefficient, the seis-
mic intensity, and tunnel ratio. According to these four
indices, original data information was collected; then by uti-
lizing the information optimization theory, the relationship
between the original data information and the stability of
the tunnel structure is established [10]. Liu found that the
cause of large deformation of the Muzhailing tunnel was
resulting from the comprehensive action of surrounding
rock plastic flow and surrounding rock swelling [11]. In
recent years, Zuo et al. adopted the instability discriminant
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of surrounding rock obtained by the catastrophe theory and
achieved satisfying results when analyzing the stability of
surrounding rock in the fault section through which the tun-
nel passes [12]. Yong-Hao et al. obtained the elastoplastic
mechanical parameters of rock mass through laboratory
tests and Hoek-Brown criterion and obtained the rheological
parameters of surrounding rock through finite element
inversion analysis. Combined with tunnel deformation mon-
itoring data, numerical simulation of large deformation
behavior of tunnel thus was achieved [13]. Peng et al. estab-
lished the calculation formula of RRC of weak rock roadway
related to creep effect [14]. In terms of weak rock tunnel
support, Li et al. took into account the rheological properties
of surrounding rock and carried out viscoelastic analysis of
surrounding rock on the basis of the Poyting-Thomoson
model. Combined with the monitoring and measurement
practice of the Shilong tunnel, the influence of initial support
on the stability and displacement of surrounding rock was
analyzed [15]. Liu et al. calculated the measured missing dis-
placement according to the measured deformation statistics
and the theoretical calculated limit displacement and elastic
displacement, obtained the relationship between the mea-
sured deformation, the deformation rate before the second-
ary lining, and the limit displacement [16].

In terms of the physical model analysis of the stability of
the weak rock tunnel, Tan et al. studied the displacement
pressure of the tunnel with small clear distance in the initial
supporting state by using the large-scale physical similarity
model test [17]. Wang et al. established a calculation method
suitable for prediction of ground subsidence caused by shield
construction in weak rock area through indoor model test
[18]. In terms of stability numerical calculation and analysis,
Dai used numerical simulation to study the stability of
shallow tunnel under different retaining schemes [19]. Yang
et al. aimed at the influence of construction conditions,
shallow burial, and other factors on the left portal of a tun-
nel, carried out three-dimensional simulation analysis by
using numerical simulation, and compared the excavation
methods [20]. Based on the numerical model and the
improved strength reduction method, Chen et al. studied
the influence of short bench, CD, and CRD construction
methods on the stability of large section loess tunnel cross-
ing slope [21]. In terms of monitoring means, new methods
are emerging continuously. Wu et al. studied the feasibility
of the RA/AF ratio in describing the process of rock failure
development [22]. Wang et al. studied the characteristics of
acoustic emission parameters of layered shale and red sand-
stone under different fault modes, providing a basis for
acoustic monitoring of surrounding rock stability in the field
[23, 24]. Hou et al. proposed a tunnel settlement inversion
model based on distributed optical fiber strain [25]. Liu
et al. applied dynamic parameterized 3D modeling technol-
ogy into tunnel construction monitoring [26].

When tunnel traverses the soft surrounding rock section
and large-section excavation construction technology that
were carried out, unlike in the section with good geological
conditions, rapid mechanized construction of tunnel lining
can be used, and we must analyze the poor geological condi-
tions of the section with weak surrounding rock, through

comparative analysis of multiple construction technical
plans, to obtain the optimist method. If merely in order to
speed up the construction progress, blindly choose an inap-
propriate construction method, it will cause the tunnel exca-
vation instability, on the contrary, delay the construction
period and even cause engineering accidents. In this study,
the Liujiazhuang tunnel passing through the weak coal seam
group was taken as the engineering background, three con-
struction methods were compared by numerical analysis,
and the optimized one was obtained. In view of the large
deformation problem caused by large section tunnel under
such adverse geological conditions, the strengthening sup-
port measures are given.

2. Engineering Background

Liujiazhuang tunnel in Guizhou section of Shanghai-
Kunming Passenger dedicated railway is located in the
middle and lowmountainous area of erosion structure in Yun-
gui Plateau. Influenced by the structure, the tunnel body is
located in the area with relatively developed folds and faults,
with broken rock mass and poor surrounding rock conditions.
The 300m section of tunnel D1K923+825~D1K924+125
passes through the weak coal seam with high gas content.
The coal bearing stratum at the exit section of the Liujiaz-
huang tunnel is Longtan Formation of Permian upper series,
and the lithology is mainly black mudstone, sandy mudstone,
siltstone, fine sandstone, and limestone, with more than 20
layers of coal line, as shown in Figure 1.

According to the Code for design of railway tunnels in
China (TB10003-2016), based on the basic classification of
weak coal tunnel surrounding rock, combined with the
groundwater state, initial in situ stress and occurrence of
main structural planes in the coal tunnel section, the classi-
fication of tunnel surrounding rock in this section is deter-
mined as grade IV. The excavation method of class IV
surrounding rock of the Liujiazhuang tunnel adopts the
bench method and temporary cross bracing.

On March 8, 2012, the primary support arch of the tun-
nel exit section was seriously deformed, a large number of
shotcretes fell off, the primary support shotcrete on site
cracked, and the vault sank, as shown in Figure 2. The field
monitoring and measurement data show that the maximum
vault subsidence is 301mm, and the clearance convergence
is 357mm. The steel frame was strengthened by adding
anchor pipe with locking feet, but the effect was not good,
and the initial support continued to deform.

Overall evaluation shows that the engineering geological
conditions of tunnel body are poor, and large deformation of
weak rock occurs many times during tunnel construction.
When the tunnel passes through the weak coal seam, the
numerical simulation analysis of the tunnel construction
should be carried out and combined with the onsite moni-
toring measurement, and the monitoring measurement of
the tunnel construction deformation and stability should
be carried out. And the reasonable reinforcement and pre-
vention measures should be put forward to ensure the safe
construction of the tunnel.
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3. Analysis of Mechanical Effect of Tunnel in
Weak Surrounding Rock

3.1. Large Deformation of Tunnel in Weak Surrounding
Rock. The large deformation of weak surrounding rock is
the key problem affecting the stability of surrounding rock.
In order to analyze the mechanism of large deformation of
tunnel in weak surrounding rock, the rubinite formula is
introduced.

RP = RP0 + RP0 f θð Þ

= R0
P0 1 + λð Þ + 2c cot ϕ 1 − sin θð Þ

2P + 2c cot ϕ

� �1−sin ϕ/2 sin ϕ

× 1 + P0 1 − λð Þ 1 − sin ϕð Þ cos 2θ
P0 1 − λð Þ + 2c cot ϕ½ � sin ϕ

� �
,

ð1Þ

RP0 = R0
P0 1 + λð Þ + 2c cot ϕ½ � 1 − sin ϕð Þ

2P + 2c cot ϕ

�� 1−sin ϕ/2 sin ϕ

,

ð2Þ

f θð Þ = P0 1 − λð Þ 1 − sin ϕð Þ cos 2θ
P0 1 − λð Þ + 2c cot ϕ½ � sin ϕ

, ð3Þ

where RP and R0 are plastic zone radius (m) and tunnel
radius (m) of surrounding rock of circular tunnel, respec-

tively. RP0 is the radius of axisymmetric plastic zone (m).θ
is the angle between the polar radius of any point in the sur-
rounding rock and the horizontal axis (°); f(θ) is the relevant
radius with θ of the plastic zone (m); P0 is the vertical initial
geostress, which is considered as the self weight stress (kPa);
λ is the horizontal initial geostress coefficient; c and ψ are the
cohesion (kPa) and internal friction angle of surrounding
rock(°), respectively; P is the support force (KN). Accord-
ingly, the general elastic-plastic displacement of circular tun-
nel can be expressed by the formula:

U = 1
4GR0

R2
P0 + 1 + λð ÞRp0 f θð Þ� �

· sin ϕ 1 + λð ÞP0 + 2ccotϕ½ �
(

· 1 + 1 − λð Þ sin ϕ

Rp0 1 − sin ϕð Þ f θð Þ
" #

− P0 1 − λð Þ cos 2θ
)
,

ð4Þ

where U is the displacement around the tunnel; G is the
shear modulus of surrounding rock. It can be seen from
equation (4) that the main factors affecting the tunnel con-
struction deformation include the initial geostress condi-
tions (including the vertical geostress size and horizontal
geostress coefficient), the properties of surrounding rock
(including deformation parameters and strength index),
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Figure 1: Profile of the Liujiazhuang tunnel.

Figure 2: Distortion and spalling of shotcrete of steel frame for initial support of arch.
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and the tunnel size and support resistance. Among them, the
horizontal geostress coefficient mainly determines the distri-
bution of the plastic zone (the relative relationship between
vertical deformation and horizontal deformation). For the
convenience of analysis, assuming that the coefficient of lat-
eral pressure is 1, equations (1) and 4 are transformed into

RP = R0
P0 + c cot ϕ½ � 1 − sin ϕð Þ

P + c cot ϕ

�� 1−sin ϕ/2 sin ϕ

, ð5Þ

U = R2
P

2GR0
P0 + c cot ϕð Þ sin ϕ: ð6Þ

It can be seen from equations (5) and (6) that the rock
deformation around the tunnel is directly proportional to
the square of the radius of the plastic zone. It can be seen
that there will be a large range of plastic zone in the process
of tunnel construction. The large range of plastic zone
mainly depends on the strength index (especially the value)
of surrounding rock, the value of in situ stress, and the resis-
tance provided by the su-porting structure, as shown in
equation (5). The general strength index of weak surround-
ing rock is relatively low, and it is easy to appear a large
range of plastic zone under a certain level of in situ stress.
If the support is not timely or the support measures are
not appropriate, large deformation is bound to occur. It
can be seen from equation (6) that the deformation around
the tunnel is inversely proportional to the comprehensive
deformation index shear modulus G of surrounding rock.
For the weak surrounding rock, its shear modulus is rela-
tively low; so, the probability of large deformation in the cor-
responding tunnel construction deformation will increase.
In addition, the tunnel excavation size is also one of the
main factors of construction deformation. The larger the
excavation size is, the more significant the construction
deformation is.

3.2. Discrimination of Deep and Shallow Buried Tunnel.
According to the Code for design of railway tunnels in China
(TB10003-2016), the judgment standard for deep and shal-
low buried railway tunnels is 2.5hq. The specific discrimina-
tion methods are as follows:

when h ≥ 2:5hq, the tunnel is deep buried. When h <
2:5hq, the tunnel is shallow, where h is the buried depth of
tunnel vault. hq is the equivalent load height. The calculation
method of hq is as follows:

hq = 0:45 × 2s−1 × ω: ð7Þ

s is the grade of surrounding rock. ω is the influence
coefficient of tunnel width, and its value is

ω = 1 + i B − 5ð Þ, ð8Þ

where B is the tunnel width (m); when B > 5m, i = 0:1;
when B < 5m, i = 0:2.

In case of the Liujiazhuang tunnel, the Shanghai-
Kunming Passenger dedicated railway is a two-way high-

speed line, the design section width of the tunnel is B = 12
m, the buried depth of the tunnel vault is h = 59m, and the
surrounding rock grade of the Liujiazhuang tunnel passing
through the coal seam section is s = 4.

According to equations (7) and (8), ω = 1:7 and hq =
6:12m.

The buried depth of tunnel vault is h = 59m > 2:5 × hq
= 2:5 × 6:12 = 15:3m, and the Liujiazhuang tunnel is
belonging to deep buried tunnel.

4. Three-Dimensional Numerical Simulation
Analysis of Large Cross-Section Tunnel in
Weak Surrounding Rock

In this chapter, the ABAQUS numerical software is used to
simulate and analyze the construction process of the Liujiaz-
huang Tunnel in weak surrounding rock. The full-face exca-
vation method, bench cut method, and CD method are used
to optimize the tunnel construction scheme. Based on the
numerical analysis, the tunnel construction deformation
control technology is proposed.

4.1. Finite Element Analysis Software ABAQUS. ABAQUS is
one of the most advanced finite element analysis software in
the world. Rock, concrete, soil, and other materials are gran-
ular friction materials. The compressive yield strength of
these materials is much greater than the tensile yield
strength, and the particles will expand when the materials
are in tension. Therefore, Drucker-Prager yield criterion is
often used to simulate these materials. ABAQUS extends
the classical Druker-Prager model. The yield surface of the
extended Druker-Prager model is not circular on the plane,
and the yield surface includes linear model, hyperbolic
model, and exponential model on the meridian plane.

4.2. Three Dimensional Numerical Simulation of Tunnel
Construction Process

4.2.1. Model Parameter. In the calculation model,

(1) The rock mass and weak coal seam are regarded as
continuous, uniform, and isotropic elastic-plastic
medium, and the stress-strain relationship of rock
mass material is fully elastic-plastic without consid-
ering the influence of groundwater, and Druker-
Prager yield criterion is adopted

(2) Only the stress field of the surrounding rock is con-
sidered, and the influence of the tectonic stress is not
considered

(3) In order to simplify the calculation, the coal seam
area is analyzed as a whole. In the whole excavation
process, considering the role of the first lining, the
secondary lining is only designed as a reserved safety
reserve

According to the engineering geological data of the
Liujiazhuang Tunnel and Code for design of railway tunnels
in China (TB10003-2016), the material parameters of
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surrounding rock mass used in numerical simulation are
shown in Table 1.

In the calculation, the bolt element is not used, but the
method of improving the parameters of bolt and solid sur-
rounding rock is adopted to simulate the role of anchor.
According to the literature, the mechanical performance of
rock mass reinforced by bolt is improved. The compressive
strength and bending strength of surrounding rock are also
improved. The anchorage zone parameters used in numeri-
cal simulation are shown in Table 2.

To sum up, according to Design drawing of the Liu-
jiazhuang Tunnel of Shang-hai-Kunming Passenger Dedi-
cated Line and the current Code for design of railway
tunnels in China (TB10003-2016), the material parameters
of rock and soil mass simulated by the project are shown
in Table 3.

4.2.2. Three Dimensional Numerical Model. The calculation
range of numerical analysis shows that the transverse length
of the whole model is 100m, the height is 190m, and the
longitudinal length is 210m (X direction is the vertical to
the tunnel centerline, Y direction is the gravity direction,
and Z direction is the tunnel centerline direction), which
meets the requirements of finite element model calculation
and analysis. The tunnel is parallel to the water discharge
tunnel. When the tunnel is excavated, half of the excavation
has been completed. Therefore, the calculation model of the
Liujiazhuang Tunnel is shown in Figure 3. The model adopts
solid element to simulate coal seam, lining, and rock mass.
The hexahedral element mapping is used for the tunnel
lining and the lining of the water discharge tunnel. The
number of the units is 832 and 904, and the number of
nodes is 1650 and 560, respectively. Tetrahedral elements

are used to divide the mountain freely. The number of ele-
ments and nodes of the whole model is 62686 and 32269,
respectively. The mesh is shown in Figure 4.

When meshing at the intersection of tunnel, drainage
tunnel, and coal seam, irregular error unit and warning unit
often appear. In order to reduce the proportion of wrong ele-
ments in meshing, hexahedral elements with neutral axis
mapping are used for the excavation of tunnel rock mass
and tunnel lining, discharge tunnel rock mass, and discharge
tunnel lining. Tetrahedral elements are used for other areas

Table 1: Material parameters of surrounding rock.

Parameters Bulk density (KN/m3) Elastic modulus (GPa) Poisson’s ratio Cohesion (kPa) Internal friction angle (°)

Surrounding rock 22 1.295 0.3 280 45

Table 2: Rock mass parameters of anchorage zone.

Parameters Bulk density (KN/m3) Elastic modulus (GPa) Poisson’s ratio Cohesion (kPa) Internal friction angle (°)

Anchorage zone 22 1.295 0.3 330 45

Table 3: Physical and mechanical parameters of surrounding rock layers.

Parameters Bulk density (KN/m3) Elastic modulus (GPa) Poisson’s ratio Cohesion (kPa) Internal friction angle (°)

First level 20 5.5 0.31 800 28.8

Second level 22 7.2 0.30 810 26

Third level 23 12.2 0.32 840 30

Fourth level 22 11.2 0.31 740 27

Weak coal seam 15 0.5 0.33 52 25.8

First lining 25 20 0.2 — —

Grouting reinforcement 22 1.295 0.3 300 45

Figure 3: Mountain model.
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of the mountain. The accuracy of mesh generation is greatly
improved by planting seeds locally at intersections and mod-
ifying the size of mesh seeds, as shown in Figure 5.

4.2.3. Numerical Calculation and Scheme Optimization of
Tunnel Construction through Coal Seam. The simulation
steps of the numerical software are as follows: Firstly, set
the initial stress of the model to balance the self-weight
stress. Secondly, full-face excavation method, bench cut
method, and CD method are used to simulate the tunnel
excavation and support, respectively, and the stress and
displacement of three different excavation methods are
analyzed.

(1) Full-Face Excavation Method. The construction process
of the tunnel is numerically simulated according to the
construction steps of full-face excavation method, and the
stress diagram and displacement diagram are shown in
Figure 6.

It can be seen from Figures 6(a) and 6(b) that the stress
concentration occurs after the excavation of the section.
With implementation of the supporting structure, the stress
distribution around the tunnel after the excavation is obvi-
ously improved, and the maximum stress is gradually trans-
ferred from the vault to the arch waist on both sides. After
the excavation and support is completed, the maximum
stress of the arch waist is 6.35MPa. In the middle of the
tunnel arch and invert, the stress is released more, the min-
imum principal stress value is 0.316MPa, and the whole cal-

culation area is in the compression state. It can be seen from
Figures 6(c) and 6(d) that the surrounding rock of the tunnel
moves towards the excavation chamber after the full-face
excavation. The displacement of the horizontal direction of
the surrounding rock is the largest at the arch waist, the ver-
tical maximum settlement value of the arch is about
37.58mm, and the upward displacement of the tunnel bot-
tom is 15.47mm. The displacement of gravity direction is
obvious in the range of 20m above the vault, which is about
1.6 times of the tunnel diameter. The stress and displace-
ment of the excavated water release tunnel have little influ-
ence on the construction of the tunnel during the whole
tunnel construction.

(2) Bench Cut Method. The construction process of the tun-
nel is numerically simulated according to the construction
steps of the upper and lower step method, and the stress
diagram and displacement diagram are shown in Figure 7.

It can be seen from Figures 7(a) and 7(b) that after the
upper bench excavation, the stress concentration appears
around the core soil of the upper half section, and the max-
imum principal stress value can reach 5.35MPa. After the
initial support, the concentrated stress is transferred to the
surrounding of the tunnel. After the excavation of the cur-
rent half section, the rock stress around the tunnel changes
greatly. When the inverted arch is completed, the stress dis-
tribution around the tunnel is obviously improved after the
excavation of the tunnel. The maximum stress is borne by
the arch waist on both sides, and the maximum stress of

Figure 4: Grid graph.
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the arch waist is 7.20MPa. At the top of tunnel and the bot-
tom of invert, the stress is released more, the minimum
stress is 0.57MPa, and the whole calculation area is in the
state of pressure.

It can be seen from Figures 7(c) and 7(d): after the exca-
vation and support of the upper half section, the maximum
horizontal displacement appears at the arch foot of the
upper step, and the maximum displacement in the direction
of gravity is at the vault of the tunnel. The maximum settle-
ment of the vault of the tunnel is 17.13mm, and the upward
displacement of the bottom of the tunnel is 5.14mm. After
the excavation and support of the lower half section, the
horizontal displacement of the surrounding rock basically
does not change, and the vertical displacement changes
significantly. The maximum settlement of the vault is about
20.93mm, and the bottom edge rises 8.03mm upward. The
vertical displacement within 15m above the vault is obvious,
which is about 1.2 times of the tunnel radius.

In the whole process of tunnel construction, the stress
and displacement of the excavated tunnel have little influ-
ence on the tunnel construction.

(3) CD Method. The construction process of the tunnel is
numerically simulated according to the construction steps
of CD method, and the stress and displacement are shown
in Figure 8.

From Figures 8(a)–8(d), it can be seen that (1) since the
CD method adopts the excavation of side wall heading by
parts, the self-weight stress field formed by this method is
asymmetric. When the upper right half of the tunnel is exca-
vated and supported, the stress concentration occurs at the
junction of the excavation face, and the maximum value is
3.84MPa. (2) After the excavation and support of the lower
right half section of the tunnel, the stress at the arch waist
becomes uniform, and the maximum stress is 5.76MPa.

Figure 5: Cross diagram of coal seam and lining.
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(3) The stress of arch waist is the largest in the excavation of
the upper left half section of the tunnel, with the value of
11.61MPa. After support, only the stress concentration
appears on the arch top, and the steel support also bears
greater pressure. (4) After the excavation and support of
the lower left half section of the tunnel, the stress field of
the model is symmetrical, the maximum stress of the sur-
rounding supporting structure is 18.52MPa, and the sur-
rounding rock and supporting structure of the tunnel are
in the state of pressure. (5) The grid steel support can effec-
tively limit the development of horizontal displacement.
During the excavation process, the stress of surrounding
rock changes significantly in the range of 3~ 4m from the
tunnel wall. After removing the grid steel support, the
change of stress field is small, which indicates that the stress
of surrounding rock has been basically released during the
partial piloting of the CD method, and the deformation of
tunnel is in a stable state.

From Figures 8(e)–8(h), it can be seen that (1) the dis-
placement field is asymmetrically distributed. After the exca-
vation and support of the upper part of the heading, the
displacement in the horizontal direction basically does not
change, which is because the grid steel frame support plays
a role in restraining the deformation. The vertical displace-
ment increases obviously in the upper part of the heading
before excavation. Because the vault is greatly constrained,
the maximum settlement does not appear in the vault, but

in the right side of the vault, about 4mm, the bottom rises
4.5mm. (2) After the excavation of the lower part of the
heading, the horizontal displacement of the surrounding
rock changes little, and the maximum vertical displacement
is 9.7mm, which occurs in the middle of the excavation tun-
nel. (3) After the excavation and support of the upper part of
the back heading, the displacement of the horizontal side
wall is 2.51mm. The vertical displacement of vault and
invert increased by 2.8mm, and the cumulative displace-
ment reached 12.5mm, forming a “U” shaped settlement
trough above the excavation chamber. (4) After the excava-
tion and support of the lower part of the back heading, the
vault settlement displacement is 15.25mm, the invert dis-
placement is 7.61mm, and the settlement tends to be stable.
(5) After the middle diaphragm is removed, the displace-
ment field is basically unchanged.

(4) Comparative Analysis of Numerical Simulation Results of
Different Construction Methods. The stress and displacement
of surrounding rock disturbed by the above excavation
methods are compared and analyzed, as shown in Table 4.

It can be seen from Table 4 that (1) during the construc-
tion of full-face excavation method, the displacement
around the cavern is the largest, and the stress is the smal-
lest. The maximum stress of full-face excavation method is
only 0.37 times of that of the CD excavation method. The
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Figure 6: Stress diagram and displacement diagram of full section of tunnel crossing coal seam: (a) step 8: excavation stress diagram, (b)
step 10: excavation stress diagram, (c) step 8: excavation displacement diagram, and (d) step 10: excavation displacement diagram.
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characteristics of full-face excavation method are small sup-
port stiffness, fast construction speed, and simple process;
so, this method can be used in tunnel engineering which
allowed large deformation. When facing the poor surround-
ing rock condition, in order to reduce the excavation step,
increase the circulating footage, avoid unnecessary tempo-
rary support, and simplify the construction sequence, and
most of the engineering personnel recommend using
“advanced support with full section method” and using large
machinery for full section excavation, so as to fully achieve
the safe, fast, and efficient construction goal.

During the bench cut method, the displacement and
stress around the cavern are between the full-face excavation
method and the CD method. The analysis shows that con-
struction process of the bench method is relatively simple
compared with the CD method. By reserving the core soil
behind the tunnel face, shortening the bench, closing the
invert as close as possible to the tunnel face, and strengthen-
ing the arch foot support, the overall deformation of the
middle arch of shallow buried weak surrounding rock tun-
nel can be controlled to varying degrees. However, the
bench cut method has a greater disturbance to the weak sur-
rounding rock in the excavation stage, and its ability to con-
trol the settlement deformation of shallow buried strata is
far less than that of the CD method. The technology and

economic benefit of the bench cut method is better than that
of the CD method, which is suitable for medium grade sur-
rounding rock. Therefore, for the construction of large sec-
tion tunnel with weak surrounding rock, the reserved core
soil bench cut method can be used when large surface settle-
ment is allowed.

During the construction of the CD method, the displace-
ment around the cavern is the smallest, and the stress is the
largest. The maximum displacement of the CD method is
only 0.46 times of that of the full-face excavation method
and 0.75 times of that of the bench cut method. In the con-
struction of weak surrounding rock, the CD method has no
crossbracing, and the inverted arch of heading must be
closed in time. Only after the support is closed can a strong
overall support stiffness be formed, so as to control the clear-
ance displacement in time for further development. The CD
method is safe, but also is a slow and highly cost construc-
tion method. The results show that the CD method can be
used when the tunnel span is large, the surface settlement
is strict, and the surrounding rock condition is very poor
and when it is difficult to control the deformation of sur-
rounding rock by bench cut method.

Through the above comparative analysis, in the weak
surrounding rock tunnel construction, the bench cut method
has the advantages of simple construction technology, large
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Figure 7: Stress diagram and displacement diagram of the upper and lower step method: (a) step 13: excavation stress diagram, (b) step 19:
excavation stress diagram, (c) step 13: excavation displacement drawing and local enlarged drawing, and (d) step 19: excavation
displacement diagram and partial enlarged drawing.
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Figure 8: Stress diagram and displacement diagram of the CD method: (a) step 19: excavation stress diagram and partial enlarged drawing,
(b) step 21: excavation stress diagram and partial enlarged drawing, (c) step 23: excavation stress diagram and local enlarged drawing, (d)
step 25: excavation stress diagram and partial enlarged drawing, (e) step 19: excavation displacement diagram and partial enlarged drawing,
(f) step 21: excavation displacement diagram and partial enlarged drawing, (g) step 23: excavation displacement diagram and partial
enlarged drawing, and (h) step 25: excavation displacement diagram and partial enlarged drawing.
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operation space, and convenient operation of large mechan-
ical equipment, and its construction speed is obviously bet-
ter than that of the CD method. Therefore, the bench cut
method is widely used in class III and IV surrounding rock
with good stability. In the weak surrounding rock of grades
IV and V, if the bench cut method is to be used, appropriate
advance supporting measures must be selected before exca-
vation to ensure the safety of construction.

5. Onsite Monitoring and Stability
Protection Measures

5.1. Monitoring of the Liujiazhuang Tunnel Project. The
basis for this project monitoring scheme is Technical Code
for High Speed Railway Engineering Monitoring (DB11/490-
2007), Code for Design of High Speed Railway (trial 2009),
Technical Specification for Monitoring Measurement of
Railway Tunnel. Considering the requirements of Liujiaz-
huang tunnel monitoring scheme and the actual geological
situation of tunnel exit, the layout of vault monitoring
points, side wall convergence monitoring points, and
inverted arch monitoring points of the Liujiazhuang tunnel
is shown in Figure 9.

According to the numerical simulation results of
Liujiazhuang tunnel in the previous chapter, D1K923
+870~D1K923+660 section is selected for data analysis
of monitoring and measurement.

5.1.1. Analysis on Settlement Monitoring Data of Vault of
Primary Support. Vault settlement is an important monitor-
ing measurement item in monitoring measurement. The dis-
placement of surrounding rock is related to many factors,
and it is a comprehensive index, which can reflect the joint
effect of stress, surrounding rock structure, construction
method, construction quality, support strength, and other
factors. The vault settlement data of the initial supporting
of the D1K923+770~D1K923+730 section are analyzed.

According to Figure 10, the monitoring data of five
cross-section points show that the stability of surrounding
rock takes about 45 days, and the final settlement of each
monitoring point is 80.02mm, 85.62mm, 83.79mm,
88.02mm, and 122.13mm, respectively. The D1K923+650
section is the fracture surface before crossing the coal seam,
and the final settlement of surrounding rock is basically sta-
ble at about 85.0mm. The D1K923+660 section is the frac-
ture surface crossing the coal seam, and the displacement
of 122.12mm occurred in the D1K923+660 section. At this

time, we should increase the monitoring frequency, pay
close attention to the development trend of surrounding
rock, and ensure the construction safety.

5.1.2. Analysis of Convergence Monitoring Data of Side Wall.
The convergence monitoring measurement data of side
wall of the D1K923+770~D1K923+730 section are ana-
lyzed below.

It can be seen from Figure 11 that the final settlement
values of each monitoring point are 12.4mm, 12.5mm,
14.7mm, 16.08mm, and 16.65mm, respectively. The final
settlement of surrounding rock is basically stable at about
15.0mm, and the five monitoring sections tend to be stable

Table 4: Stress and displacement of surrounding rock.

Tunnel excavation method Mises stress (MPa) Magnitude displacement (mm)

Full-face excavation method
Maximum 6.35 Vault -37.58

Minimum 0.32 Invert bottom 15.47

Bench cut method
Maximum 7.20 Vault -20.93

Minimum 0.57 Invert bottom 8.03

CD method
Maximum 18.52 Vault -15.25

Minimum 0.37 Invert bottom 7.61

Note: “-” indicates the displacement in the direction of gravity.
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Figure 9: Layout of monitoring points for vault, arch waist ,and
inverted arch: point 1: settlement monitoring point of vault, point
2: convergence monitoring point of side wall, and point 3:
settlement monitoring point of inverted arch.
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in about 45 days. Through the comparative analysis of five
monitoring sections, it is known that with the excavation
of the tunnel, the final convergence value changes about
15mm. It can be seen that the influence of coal seam excava-
tion on the convergence of side wall is not obvious.

5.1.3. Analysis of Settlement Monitoring Data of Inverted
Arch. The settlement monitoring data of inverted arch of
D1K923+770~D1K923+730 section are analyzed below.

It can be seen from Figure 12 that the final settlement
values of each monitoring point are 26.97mm, 28.20mm,
31.00mm, 33.00mm, and 36.50mm, respectively. The final
settlement of surrounding rock is basically stable at about
35.0mm, and the five monitoring sections tend to be stable
in about 45 days.

The D1K923+740 section is the fracture surface before
crossing the coal seam, and the final settlement of
surrounding rock is basically stable at about 33.00mm.
The D1K923+730 section is the fracture surface crossing
the coal seam, the inverted arch settlement is 36.50mm,
and the variation is small. This is because at the D1K923
+730 section, the coal seam and the tunnel are inclined
and intersected, the upper part of the tunnel vault is exca-
vated to the coal seam, and the lower part of the tunnel arch
bottom is not excavated to the coal seam; so, the settlement
change of the lower part of the tunnel is small.

5.1.4. Monitoring Data Analysis of Pressure Cell and Strain
Gauge. From Figures 13 and 14, it can be seen that the inter-
nal force of steel arch frame and surrounding rock pressure
is basically stable in about 15 days. The D1K923+740 section
is the fracture surface before crossing the coal seam, the
pressure of surrounding rock is about 0.16MPa, and the
internal force of steel arch is 9.8MPa. The D1K923+730 sec-
tion is the fracture surface crossing the coal seam, the pres-
sure of surrounding rock is about 0.21Mpa, and the
internal force of steel arch is 10.48Mpa. In the section of

crossing coal seam, the pressure of surrounding rock and
the internal force of steel arch frame increases obviously.
Therefore, it is necessary to strengthen the monitoring and
measurement frequency during the construction to ensure
the construction safety.

5.2. Comparative Analysis of Numerical Simulation and
Monitoring Results. Through the numerical simulation, we
can not only understand the dynamic change law of sur-
rounding rock but also combine the numerical simulation
value with the field monitoring data, which can more effec-
tively guide the field construction.

It can be seen from Table 5 that

(1) The numerical simulation values of vault settlement,
horizontal convergence, and inverted arch settle-
ment of the D1K923+730 section are 37.58mm,
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2.29mm, and 15.47mm, respectively. The simula-
tion value of ABAQUS software is smaller than the
measured value, which is because the mechanical
parameters used in the numerical model are from
the geological exploration report, which is within a
range of statistical result. Compared with the actual
mechanical parameters of the surrounding rock, the
parameters used in numerical model to a certain
extent cannot correctly reflect the stress-strain
relationship of the actual surrounding rock in the
process of excavation. Therefore, there is a gap
between the deformation convergence results of
numerical simulation and the convergence values of
field monitoring. However, the convergence trend
of surrounding rock obtained from numerical simu-
lation and field measurement is consistent; so, the
results of numerical simulation can be used to
describe the law of tunnel convergence after tunnel
excavation

(2) Onsite monitoring and measurement should be used
to design the key parts of tunnel surrounding rock
and supporting structure, so as to ensure the econ-
omy and safety of engineering construction

(3) In actual construction, if the measured value is greater
than the predicted value, the construction should be
slowed down or stopped, and the design parameters
of supporting structure should be enhanced. If the

measured value is less than or equal to the predicted
value, it shows that the design parameters of the sur-
rounding rock support structure are reasonable, the
construction method is feasible, and the normal con-
struction can continue

6. Discussions

For the tunnel with weak surrounding rock, from the per-
spective of deformation control, the selection of appropriate
“support time” and “support stiffness” plays an important
role in the stability of the tunnel. Therefore, through the
optimization analysis of Liujiazhuang tunnel construction
process and scheme, the following deformation control mea-
sures are proposed.

(1) Reasonable selection of excavation division and
excavation footage can effectively change the stress
and deformation of surrounding rock and support-
ing structure and prevent tunnel instability

(2) With the excavation of the tunnel, the weak sur-
rounding rock has a large deformation in the face
and in front of the face. If not controlled, it will cause
partial collapse and large deformation of the vault of
the face and then result into the secondary disasters
of the surrounding rock. During tunnel construction,
the reinforcement measures behind the tunnel face
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Figure 14: Pressure-time curve of surrounding rock.

Table 5: Field monitoring value and numerical simulation value.

Measurement items Field monitoring value (mm) Numerical simulation value (mm)

Settlement displacement of vault 61.2 37.58

Horizontal convergence displacement 7.5 2.29

Settlement displacement of inverted arch 18.2 15.47

Note: this table shows the measured and simulated values of the D1K923+730 section.
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cannot control the deformation of surrounding rock
in front of the tunnel face. Therefore, the advanced
support technology with auxiliary measures can
effectively control the construction deformation of
weak surrounding rock tunnel and ensure the con-
struction safety

7. Conclusions

Based on the project of the Liujiazhuang tunnel exit section
of Shanghai-Kunming Passenger Dedicated Line, large-scale
finite element software ABAQUS is used to simulate the
excavation of large section tunnel in weak surrounding rock
and the construction process when crossing coal seam.
Through the simulation of the site construction scheme
and three different excavation methods, we obtained the var-
iation law of stress and strain of surrounding rock and sup-
porting structure. The field monitoring measurement data
and numerical simulation results of tunnel vault settlement,
sidewall convergence, inverted arch settlement, surrounding
rock pressure, and support internal force are compared and
analyzed, and the following conclusions are obtained:

(1) With the excavation of the tunnel, when palm sur-
face passes through the coal seam, the simulated dis-
placement and stress using bench method increase
abruptly. The maximum stress of the supporting
structure is 18.13MPa when crossing the coal seam,
and the maximum displacement reaches 45mm,
which is about twice the displacement without cross-
ing the coal seam. Therefore, normally, the tunnel
can be constructed according to the bench method
without crossing the coal seam, and the design
parameters of the supporting structure should be
enhanced when crossing the coal seam

(2) By the comparison of the three construction methods,
it can be known that cavern settlement is the largest,
and the stress is the smallest under the full-face con-
struction method. The maximum settlement of the
step method is 0.57 times of the maximum settlement
of the whole section, and the maximum stress of the
bench method is 0.39 times of the CDmethod. There-
fore, the bench method can better control the stability
of excavation face; furthermore, in the case of allow-
ing large settlement, the technical and economic ben-
efits of the bench method are better than the benefits
of the CD method

(3) Through the comparative analysis of onsite monitor-
ing and numerical calculation of tunnel vault settle-
ment, horizontal convergence of side wall, and
tunnel invert settlement data of the Liujiazhuang
Tunnel, it can be seen that the tunnel is in a danger-
ous state when crossing the coal seam section. Engi-
neering measures such as strengthening support or
the bench method with auxiliary measures of
advanced support should be taken immediately to
control the deformation of surrounding rock and
ensure the construction safety
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Sand elements in the natural or manmade field have often undergone initial static shear stresses before suffering cyclic loading. To
explore the effect of static shear stress, a series of undrained cyclic triaxial tests were performed on dense and loose calcareous sand
under different initial and cyclic shear stresses. The triaxial test results are used to describe the effect of static shear stress on the
cyclic response of the calcareous sand with different relative density. Cyclic mobility, flow deformation, and residual
deformation accumulation are the three main failure modes under varying static and cyclic shear stress levels. The cyclic
resistance of dense sand is greater than that of loose sand, but the initial static stress has different effects on the cyclic resistance
of the two kinds of sand. The dense sand owns a higher cyclic resistance with SSR increasing, while for the loose sand, 0.12 is
the critical SSR corresponding to the lowest value of the cyclic resistance. The dense sand has more fast accumulation of
dissipated energy, compared with loose sand. Additionally, an exponential relationship is established between static shear stress,
relative density, and normalized energy density.

1. Introduction

With the implementation of the Belt and Road Initiative, cal-
careous sand, biogenic sediment and skeletal remain of
marine organism, has been a topic of interest among geotech-
nical researchers recently [1, 2]. It is widely distributed in the
continental shelf and coastline of tropical and subtropical cli-
mate between north and south latitude 30 degrees, such as
the eastern and western of the Caribbean Sea, the Pacific
Islands, the western of the Indian Ocean, and Nansha Islands
and Xisha Islands in the South China Sea [3, 4]. Compared to
terrigenous sand, the main composition is calcium carbonate
[5, 6]. The characteristics of calcareous sand are high crush-
ability, irregular particle shape, complex microstructure,
and high intraparticle void [7, 8]. Therefore, the mechanical
behaviors are quite different from those of silica sand [9–
11]. Over the past few years, calcareous sand has been used

as a kind of filling material in geotechnical engineering, and
the engineering challenges (e.g., embankment subsidence,
retaining wall stability, and ground improvement) are
becoming more and more complex. In order to promote
the process of island and reef infrastructure construction, it
is necessary to further study calcareous sand.

Many investigations have been carried out to explore the
mechanical properties of calcareous sand. Using triaxial tests
at high pressure to study uncemented Dog’s Bay sand, the
results showed that, despite particle breakage, its properties
were still similar to those of the common soil observed [12].
And it was consistent with the principle of critical state soil
mechanics. However, a series of static and dynamic experi-
mental programs including direct shear tests, compression
tests, triaxial tests, and resonant column tests were designed
to reveal the difference between silica sand and Cabo Rojo
sand with a similar grain size distribution [13, 14]. The
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research claimed the latter expressed a more ductile and con-
tractive behavior and had higher peak friction angles which is
relative to the shear rate. Besides, liquefaction of calcare-
ous sand has been an interested theme to examine
mechanical properties among geotechnical scholars. It is
a phenomenon that results from collapse deformation fol-
lowing the unstable behavior of saturated loose or dense
sand at the state of low mean effective stress and shear
strength [15, 16]. The liquefaction-type behavior, which
may produce the most devastating effects of all cata-
strophic damage (e.g., the spreading of embankments
and dams), can be induced under either monotonic or
cyclic loading conditions [17, 18].

It is well known that sand elements in the natural or man-
made field have often undergone an initial static shear stress
prior to suffering from cyclic loading, which is caused by
wave, traffic, wind, and earthquakes [19, 20]. Under the com-
bined action of initial static and cyclic stress, the saturated
sand foundation is prone to landslide, foundation instability,
and subsidence, which is very harmful [21–23]. Therefore,
the liquefaction behavior considering initial static shear
stress has become one of challenging topics in geotechnical
engineering [18, 24]. The results obtained by a lot of triaxial
tests, taking into account initial static and cyclic deviatoric
stress, proved that different stress conditions resulted in
two types of cyclic behavior: CM and RDA [25]. Therefore,
how to analyze the liquefaction is becoming more and
more important. Since the pioneering work of David and
Berrill [26], the dissipated energy concept was a conve-
nient method. It was first introduced following the
assumption of Nemat-Nasser and Shokooh [27] that the
dissipated energy per unit volume resulting from the
breakdown of soil skeleton was directly related to the pore
pressure buildup. This could be an efficient way in evalu-
ating the liquefaction potential of sand under both uni-
form and irregular cyclic stress conditions. In the last
few decades, various studies have focused on establishing
the relationship between the incremental pore pressure
and dissipated energy obtained from stress-strain loops
in undrained cyclic tests. As such, Kokusho and Pan and
Yang [28, 29] further indicated that the energy dissipation
correlated well not only with the generated pore pressure
but also with the induced strain. The foregoing studies
were mainly concerned with the energy-pore pressure or
energy-strain relationship. Apart from these, the experi-
mental work confirmed that the amount of energy dissipa-
tion that led to liquefaction failure (full pore pressure
buildup or development of a specific strain) increased with
soil density, confining pressure, and sustained shear stress
level [30–32]. Although these previous studies have
afforded valuable data for the energy-based evaluation of
liquefaction potential, the validity of this method remains
uncertain when it is applied to evaluate the cyclic resis-
tance of calcareous sand under various initial and cyclic
stress conditions.

In the present study, undrained cyclic triaxial tests were
carried out. The results are composed of two parts: in the first
part, through a comparison between loose and dense calcar-
eous sand considering various initial static shear effect, cyclic

shear responses of liquefaction are explored. On the other
hand, through the energy-based liquefaction analysis, the
dissipated energy could be uniquely correlated with cyclic
resistance.

2. Laboratory Test Method

2.1. Apparatus and Material. An advanced system, CKC
automatic triaxial test system shown in Figure 1, was used
in this study to achieve the undrained circulation triaxial
test. The system could convert the computer output digital
signal into analog signal and then enter the electric-gas
conversion system and control the air pressure amplifier
to apply the air pressure. Thus, isotropic and anisotropic

Figure 1: CKC automatic triaxial test system.

Table 1: Physical properties of calcareous sand.

GS d60 (mm) d30 (mm) d10 (mm) Cu Cc
2.79 2.60 0.88 0.38 6.84 0.78
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Figure 2: Grain size distribution curves of calcareous sand.
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consolidation and applying various cyclic loading modes
could be realized.

The test material used in this study, calcareous sand, is
biogenic sediments and skeletal remains of marine organ-
isms retrieved from the reef reclamation site in Nansha
Island, South China Sea. A natural grading with a grain
diameter less than 5.0mm was retained for testing. The
physical parameters are shown in Table 1. Figure 2 shows
the particle size distribution curve of calcareous sand used
in this study. The investigated materials have poor distri-
bution, containing coarse and medium sand without fine
particles.

2.2. Test Program. The specimens of 70mm in diameter and
140mm in height were used in this triaxial test, which were
prepared by using the moist undercompaction method as
stated by Kim et al. [33]. Before the triaxial sample was
mounted on the loading frame, carbon dioxide and deaired
water were circulated through the specimens successively.
Subsequently, a backpressure of 300 kPa was applied to
obtain a high degree of saturation. And finally, specimens
can be considered to reach the saturation state with Skemp-
ton’s B-values exceeding 0.95 for all of the samples presented
in the study.

The saturated specimens were then isotropically consoli-
dated to the mean effective stress p0 ′ = 100 kPa under drain-
age conditions and subsequently anisotropically consolidated
to a desired qs along a constant p′ = 100 kPa path under
drainage conditions likewise.

The specimens with various qs were then loaded by the
different qcyc as follows:

q tð Þ = qs + qcyc sin 2πftð Þ, ð1Þ

where f = 1Hz and t is the elapsed time. The cyclic stress
paths are divided into “shear stress reversal,” “no shear stress
reversal,” and “intermediate” [34], as shown in Figure 3.

As listed in Table 2, undrained cyclic tests were per-
formed with dense calcareous sand samples (Dr = 70%) and
loose calcareous sand samples (Dr = 30%) and were designed
to consider various combinations of the static stress ratio
(SSR = qs/2p0 ′) and cyclic stress ratio (CSR = qcyc/2p0 ′).

3. Cyclic Response and Failure Modes under
Initial Shear Stress

Figures 4 and 5 show the typical response of saturated dense
sand and loose calcareous sand under cyclic loading.
Figures 4(a)–4(c) are the effective stress path (q‐p′) and
stress-strain curve (q‐ε) relations of dense sand with Dr =
70% under the condition of isotropic consolidation and ini-
tial static deviator-stress of compression and tension,
respectively.

Figure 4(a) shows the typical response of saturated
dense sand with isotropic consolidation suffering from
symmetric cyclic load (SSR = 0, CSR = 0:125) under the
condition of stress reversal. It can be seen from the effec-
tive stress path in the figure that, under the condition of
being undrained, the effective stress of the test sample
decreases continuously with the cyclic loading. At the
end of the cycling stage, cyclic response is characterized
by a “butterfly” effective stress path, which can be inter-
preted as the constant conversion between dilatancy and
contraction of the sample throughout loading and unload-
ing; the deviatoric stress approaches zero at an identical
time the effective stress of the sample approaches zero.
The axial deformation develops slowly in the first 71
cycles and rapidly in the last 3 cycles at both the

t

q

qcyc

qmax > 0

qmin < 0

0

(a)

tq

qcyc

qmax < 0

0

qs

(b)

t

q

qcyc

qs

qmax > 0

0

(c)

t
q

qcyc

qs

qmin < 0

0

(d)

Figure 3: Categories of stress conditions considered in this study: (a) stress reversal; (b) no stress reversal; (c, d) intermediate.
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compression and tensile sides, thus forming an “S”-shaped
stress-strain curve, and finally failure occurs at the tensile
side, until the failure criterion of 5% double-amplitude
(DA) axial strain has been satisfied [35]. Both the “butter-
fly” stress path and the “S”-shaped stress-strain curves
were the typical features of the “cyclic mobility” (CM)
response [36].

Figure 4(b) shows the typical response of saturated
dense sand, which is suffering from positive static deviato-
ric stress before undergoing undrained cyclic loading
(SSR = 0:25, CSR = 0:25), under the condition of the
“intermediate” state. It can be seen from the effective
stress path in the figure that, in the early stage of cyclic
loading, the effective stress decreases with cyclic loading,

Table 2: Summary of undrained cyclic triaxial tests.

Series Dr (%) qs (kPa) qcyc (kPa) SSR CSR Stress condition N f

I 70

0 20 0 0.1 Reversal 232

0 25 0 0.125 Reversal 74

0 30 0 0.15 Reversal 17

0 40 0 0.2 Reversal 6

20 30 0.1 0.15 Reversal 168

20 45 0.1 0.225 Reversal 19

20 50 0.1 0.25 Reversal 3

50 50 0.25 0.25 Intermediate 53

50 60 0.25 0.3 Intermediate 11

50 70 0.25 0.35 Reversal 6

80 70 0.4 0.35 Intermediate 14

80 80 0.4 0.4 Intermediate 7

-10 25 -0.05 0.125 Reversal 78

-10 30 -0.05 0.15 Reversal 39

-10 35 -0.05 0.175 Reversal 8

-20 20 -0.1 0.1 Intermediate 210

-20 25 -0.1 0.125 Intermediate 11

-20 30 -0.1 0.15 Intermediate 8

-40 20 -0.2 0.1 No reversal 57

-40 25 -0.2 0.125 No reversal 16

-40 30 -0.2 0.15 No reversal 8

II 30

0 15 0 0.075 Reversal 943

0 20 0 0.1 Reversal 120

0 25 0 0.125 Reversal 37

0 30 0 0.15 Reversal 18

24 30 0.12 0.15 Intermediate 61

24 35 0.12 0.175 Intermediate 16

24 40 0.12 0.2 Intermediate 5

40 15 0.2 0.075 No reversal 175

40 20 0.2 0.1 No reversal 9

50 12.5 0.25 0.0625 No reversal 17

50 15 0.25 0.075 No reversal 2

-10 12.5 -0.05 0.0625 Reversal 382

-10 15 -0.05 0.075 Reversal 180

-10 20 -0.05 0.1 Reversal 11

-20 10 -0.1 0.05 No reversal 246

-20 12.5 -0.1 0.0625 No reversal 202

-20 15 -0.1 0.075 No reversal 12

-40 5 -0.2 0.025 No reversal 104

-40 7.5 -0.2 0.0375 No reversal 13

-40 10 -0.2 0.05 No reversal 2
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(b) Dr = 70%, SSR = 0:25, CSR = 0:25, N f = 53, RAD (intermediate)

0 20 40 60
p′ (kPa) 𝜀a (%)

q 
(k

Pa
)

80 100 120
–70

–60

–50

–40

–30

–20

–10

q 
(k

Pa
)

–70

–60

–50

–40

–30

–20

–10

–6 –5 –4 –3 –2 –1 0

(c) Dr = 70%, SSR = −0:2, CSR = 0:125, N f = 16, RAD (no stress reversal)

Figure 4: Cyclic response of dense sand with different initial static deviatoric stresses.
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Figure 5: Cyclic response of loose sand with different initial static deviatoric stresses.
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while in the later stage of cyclic loading, the average effec-
tive stress tends to be stable and is always greater than 0.
At the same time, due to the existence of static deviatoric
stress, the axial strain only accumulates on the compres-
sion side, and the rate of strain accumulation is relatively
stable until the failure criterion of 5% single-amplitude
(SA) axial strain has been satisfied at N f = 53. The above
behavior type which is significantly different from the
CM behavior type can be named “residual deformation
accumulation” (RDA).

Figure 4(c) shows the typical response of saturated dense
sand considering static negative deviatoric stress under
undrained cyclic loading and no stress reversal conditions
(SSR = −0:2, CSR = 0:125). The same response pattern of
“residual deformation accumulation” as shown in
Figure 4(b) can also be observed on the tensile side, and the
rate of strain accumulation is relatively stable until the failure
criterion of 5% single-amplitude (SA) axial strain has been
satisfied at N f = 16.

By comparing the effective stress path and stress-strain
curve in Figures 4(a)–4(c), it can be seen that under the con-
dition of stress reversal, the undrained cyclic response of sat-
urated dense sand is mainly manifested as CM response. The
saturated dense sand under the condition of no stress reversal
in Figure 4(c) and the saturated dense sand under the condi-
tion of intermediate as shown in Figure 4(b) mainly present
the behavior type of RDA. Due to the difference of static devi-
ator stress, the effective stress paths of the two show “wing-
like” curves with different inclined directions in the later
period of cyclic loading.

Figure 5(a) shows the typical response of saturated
loose sand with isotropic consolidation suffering from
symmetric cyclic load (SSR = 0, CSR = 0:15). It can be
seen from the effective stress path in the figure that, under
the condition of being undrained, the effective stress of
the test sample decreases continuously with the cyclic
loading. Eventually, failure occurs at the extension side,
until the failure criterion of 5% double-amplitude (DA)
axial strain has been satisfied at a number of cycles N f
= 16. This type of cyclic failure is classified as “flow
deformation” (FD), manifested by a whole loss of strength
and effective stress.

Figure 5(b) shows the typical response of saturated loose
sand, which was suffering from positive static deviatoric
stress before undergoing undrained cyclic loading
(SSR = 0:25, CSR = 0:25). The same response pattern of
“residual deformation accumulation” (RDA) as shown in
Figure 3(b) can also be observed on the loose sand. And
finally, the failure criterion of 5% axial strain has been satis-
fied at N f = 24. Figure 5(c) shows the typical response of sat-
urated loose sand considering static negative deviatoric stress
under undrained cyclic loading. The same response pattern
of “flow deformation” shown in Figure 5(a) can also be
observed on the negative side. And the failure criterion of
5% axial strain has been satisfied at N f = 16.

The above experimental results show that the behavior
type of saturated sand under undrained cyclic load is not
only related to the magnitude and direction of the initial
stress state of the sample but also affected by the relative

density. Figures 6 and 7 show the distribution of dense
and loose sand cyclic behavior types under different stress
conditions, respectively. For dense sand as shown in
Figure 6, the samples under the condition of stress reversal
exhibit a “cyclic mobility” characterized by the “butterfly”
stress path and the S-shaped stress-strain curves and the
samples under the condition of no stress reversal or inter-
mediate exhibit a “residual deformation accumulation”
characterized by a stable effective path and axial strain
on the initial deviatoric stress side. For loose sand as
shown in Figure 7, there are mainly two types: “flow lique-
faction” and “residual deformation accumulation.” It is
found that the former was presented when qs/qcyc < 0:6,
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Figure 6: Summary of dense sand behavior types under different
stress conditions.
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characterized by complete loss of strength and effective
stress, and the latter was presented when qs/qcyc > 0:6,
indicating that the behavior types of loose sand have no
obvious connection with stress reversal.

4. Cyclic Resistance

Figures 8(a) and 8(b), respectively, show the relationship
between the number of cycles required to obtain axial
strain of 5% N f (DA or SA) and the cyclic stress ratio
CSR required for saturated dense sand and saturated loose
sand under different initial static deviatoric stress condi-
tions. It can be seen from the single curve that the satu-
rated dense sand and loose sand under anisotropic
consolidation conditions (SSR ≠ 0) are consistent with
those under the condition of isotropic consolidation
(SSR = 0); that is, for a given initial deviatoric stress, N f
decreases monotonically with the increase in CSR, indicat-
ing that the increase in cyclic stress amplitude reduces the
cyclic stability of soil. It can be seen from the positions
between the curves that the N f ‐CSR curves under different
initial stress states (SSR ≠ 0) may appear either above or
below the condition of isotropic consolidation (SSR = 0),
indicating that the existence of initial static shear stress
can either promote or inhibit cyclic strength.

To compare the cyclic resistance of various samples
effectively, the cyclic resistance ratio CRRN=20 is intro-
duced, which is defined as the required CSR to cause fail-
ure at N f = 20. It can be seen from Figure 9 that CRRN=20
of dense sand increases monotonously with SSR, indicating
that the initial deviatoric stress of compression has a pro-
moting effect on the cyclic resistance of calcareous sand,
while the initial deviatoric stress of tension has an inhibit-
ing effect on the cyclic resistance of sand. The CRRN=20 of

loose sand first increased and then decreased with SSR and
reached the peak strength at SSR = 0:12. In addition, for a
given SSR, the cyclic resistance of dense sand is always
above that of loose sand, indicating that the cyclic resis-
tance of saturated sand increases with the increase in rel-
ative density Dr.

5. Energy Dissipation

According to formula, the dissipated energy density valueW
of the sample during cyclic loading can be calculated. The
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normalized energyWn,f , that is, the dissipated energy density
normalized by the minor principal effective stress σ3 ′ needed
for the failures outlined by 5% strain criteria, is shown in
Figures 10(a) and 10(b), versus the specified range of failure
cycles N f for loose and dense sand, severally. As shown in
the figure, for a given SSR, theWn,f , corresponding to different
N f , fluctuates up and down in a small range without an obvi-
ous rule; meanwhile, according to the previous textual inten-
sity law, for a given SSR, the size of N f is only related to the
value of CSR, so the various CSR has a negligible effect on
the amount of required energy, which is consistent with the

experimental phenomenon on isotropic consolidated sand;
in their opinion, the dissipated energy was virtually unambig-
uously correlative with elicited strain no matter the cyclic
stress ratio (CSR) within the reconstituted sands [37–41].

The required energy dissipation illustrated in Figure 10
can be versus the SSR, as shown in Figure 11. It can be seen
from the figure that the dissipated energy required by both
loose sand and dense sand reaching the 5% strain standard
increases monotonically with the increase in SSR. For a given
SSR, the dissipated energy required by dense sand is always
greater than that of loose sand.
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The above experimental results show that the dissipated
energy of saturated calcareous sand under undrained cyclic
load is mainly related to the state of SSR and Dr. According
to the interpretation conducted by Yang and Pan [36], the
relationship betweenWn,f , SSR, and Dr can adopt the follow-
ing expression:

W∗
n,f = 10a Dr−0:78ð Þ · 10b SSR−1:0ð Þ, ð2Þ

where a and b are empirical parameters. a = 0:65 and b = 1:5
are, respectively, recommended according to the data of this
experiment. The dotted line in Figure 8 is the equation curve
obtained by Equation (2), which can fit well with the experi-
mental data. In addition, as shown in Figure 12, the measured
value (Wn,f ) and the predicted value (W∗

n,f ) of dissipated
energy are compared, and it can be found that they basically
fall on the diagonal with a slope of 1, indicating that Equation
(2) can reasonably predict the dissipated energy.

6. Conclusions

A series of undrained cyclic triaxial tests were conducted on
reconstituted samples and principally involved the static
shear impact on the cyclic state change behavior of two
totally different compactness of saturated calcareous sand
below different initial deviatoric stress and cyclic stress.
Through the definition of dissipated energy, the energy vari-
ation law of loose sand and dense sand under cyclic load is
analyzed, and the prediction formula of dissipated energy is
given. Here are the main conclusions of this study:

(1) Calcareous sand exhibits three cyclic response modes
under different initial deviatoric stresses and cyclic
stress combinations: (a) cyclic mobility, (b) residual
accumulated deformation, and (c) flow liquefaction.
The “cyclic mobility” response is characterized by
the “butterfly” stress path and the “S”-shaped stress-
strain curves at the end of cyclic loading. The “resid-
ual deformation accumulated” response is character-
ized by unilateral “wing-like” effective stress path at
the end of cyclic loading. The “flow deformation”
response is characterized by complete loss of
strength, and effective stress occurs at the end of the
cycle. The dense sand is mainly manifested as “cyclic
mobility” and “residual deformation accumulated.”
Loose sand is mainly manifested as “residual defor-
mation accumulated” and “flow deformation.” The
cyclic response mode is affected not only by the rela-
tive density but also by the initial deviatoric stress
and cyclic stress

(2) The initial deviatoric stress of compression has a pro-
moting effect on the cyclic resistance of dense calcar-
eous sand, while the initial deviatoric stress of tension
has an inhibiting effect on the cyclic resistance of
dense sand. The cyclic resistance of loose sand first
increased and then decreased with SSR and reached
the peak strength at SSR = 0:12. For a given SSR,

the cyclic resistance of saturated sand increases with
the increase in the density

(3) The dissipated energy required by saturated calcare-
ous sand reaching the 5% strain standard increases
monotonically with the increase in SSR. For a given
SSR, the dissipated energy required by dense sand is
always greater than that of loose sand. By considering
the initial static deviatoric stress ratio and relative
compactness, the equation can be obtained to predict
the dissipated energy variation law of saturated cal-
careous sand under undrained cyclic load, and the
rationality of the equation is effectively verified

(4) A systematic experimental study on calcareous sand
with fine content concerning the effects of both com-
pressional and extensional static stresses is potential
directions for future research on this topic

Nomenclature

a, b: Fitting parameters for the energy prediction
model

Cc: Coefficient of curvature
Cu: Coefficient of uniformity
CSR: Cyclic stress ratio
CRRN=20: Resistance ratio
d10, d30, d60: Effective, median, and limited particle size,

respectively
DA: Double-amplitude axial strain
Dr: Relative density of sand
GS: Specific gravity of sand
p′: Mean normal effective stress
qs, qcyc: Static and cyclic deviatoric stress, respectively
SA: Single-amplitude axial strain
SSR: Static stress ratio cyclic
N f : Number of cycles required to obtain axial

strain of 5%
W: Dissipated energy
Wn,f : Required energy dissipation for failure (mea-

sured value)
W∗

n,f : Required energy dissipation for failure (pre-
dicted value)

εa: Axial strain.
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This paper studies the change of physical and mechanical properties of sandstone after freeze-thaw (F-T) cycle treatment. Firstly,
the effects of the freeze-thaw treatment on the P-wave velocity of sandstone specimens are analyzed. It is found that the P-wave
velocity decreases with the increase of the number of freeze-thaw cycles. Secondly, the effect of freeze-thaw treatment on the
mechanical properties of sandstone is analyzed. The results show that the tensile strength and compressive strength of
sandstone samples decrease with the increase of the number of freeze-thaw cycles. Finally, the digital image correlation (DIC)
technique was used to collect the full-field deformation data of the samples, and the influence of freeze-thaw cycles on the
deformation characteristics and fracture process of sandstone was analyzed. Based on the standard deviation of the principal
strain in the field deformation data, the damage variables were proposed to characterize the damage process of sandstone
samples in the Brazilian splitting test and the uniaxial compression test. The results show that the proposed damage variables
can reflect the damage evolution process of the sample effectively. According to the variation of damage variables, the
damage evolution process of sandstone specimens during the Brazilian splitting test and the uniaxial compression test can be
divided into three stages: slow or negative growth stage, stable growth stage, and rapid growth stage. The research results are
of great significance for predicting the failure mode and damage evolution of rock mass engineering by using digital image
correlation technology.

1. Introduction

In China, cold regions account for 75.8% of the total land
area [1]. In cold areas, ambient temperatures above or below
the freezing point can trigger freeze-thaw cycles. The damage
and deterioration of rock mass caused by freezing and thaw-
ing have caused a series of geological engineering problems,
such as frost heave cracking of tunnel linings [2], deforma-
tion of high-speed railway subgrades [3], weathering and
denudation of rock slope [4], and instability of high and steep
dangerous rock mass [5]. Therefore, it is of great significance
for engineering construction in cold areas to study the dam-
aged mechanical properties of rock specimens after freeze-
thaw treatment under load conditions.

In recent years, the research on freeze-thaw rocks has
made rapid progress, and many outstanding achievements
have been made [6, 7]. Fukuda et al. [8] studied the effects
of temperature, particularly minimum and cooling tempera-
tures, on rocks. Wen et al. [9] analyzed the physical and
mechanical properties of rocks at low temperatures (−10°C,
−20°C, −30°C, and −40°C), and the results showed that low
temperature could greatly affect the frost resistance of rocks.
Prick [10] determined the occurrence of freeze-thaw cycle
damage based on the saturation threshold. Tan et al. [11]
studied the damage mechanism of granite after freeze-thaw
treatment and concluded that the mechanical parameters of
granite decreased exponentially with the number of freeze-
thaw cycles. Khanlari and Abdilor [12] studied the influence
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of the pore size on the mechanical properties of sandstone
after freeze-thaw treatment and concluded that the particle
size and particle contact did not achieve the expected
effect on the damage of sandstone samples during the
freeze-thaw cycle.

At the same time, with the emergence of some advanced
equipment, researchers have applied it in rock mechanics
tests and tried to study the damage evolution process of the
rock mass from multiscale. The acoustic emission (AE) tech-
nique is a common method for the nondestructive testing of
rock. The spatiotemporal evolution characteristics of acous-
tic emission events can be used to reflect the damage state
of rock during loading [13, 14]. In order to characterize the
failure process of rock more intuitively, some parameters
such as acoustic emission energy, event counts, and ringing
counts were applied to the damage theory, and a new damage
variable was proposed to reflect the evolution of rock damage
[15]. The computer tomography (CT) and the scanning
electron microscope (SEM) are also extensively used in the
study of failure modes and microscopic crack propagation
of rock [16, 17].

DIC technology, as a new optical detection method, can
be used to study the surface strain field information of mate-
rials without out-of-plane motion. It possesses many advan-
tages, such as simple experimental steps, high accuracy, and
high computational efficiency [18–22]. At present, many
researchers begin to apply DIC in mechanical tests to obtain
the full-field strain information on the surface of quasibrittle
materials. For example, Leplay et al. [23] analyzed the crack
propagation law and failure mode on the surface of ceramic
materials by DIC; Zhang et al. [24] studied the fracture mode
of sandstone under compression through digital image corre-
lation technology. Ma et al. [25] used DIC to analyze the
damage evolution process of granodiorite during the splitting
test. Therefore, the DIC technology can be used to effectively
characterize the damage evolution process of rock materials.

Compared with CT, SEM, and AE, DIC has many
advantages such as full-field observation, high accuracy, low
cost, and large test range [26]. Therefore, based on the
advantages of the above DIC technology, this paper studies
the deformation characteristics and failure process of
sandstone after freeze-thaw cycles. The damage evolution
process of sandstone under freeze-thaw cycles is quantita-
tively analyzed using the standard deviation of the principal
strain as the damage variable. The research results are of
great significance for predicting the failure mode and damage
evolution of rock mass engineering by using digital image
correlation technology.

2. Experimental Setup and
Specimen Preparation

2.1. 2D-DIC Setup. DIC technology has been widely used in
recent years because of its unique advantages of noncontact
measurement, full-field strain, displacement data extraction,
and high precision. This paper adopts theVIC-2D field
strain test system. It is mainly composed of an industrial
camera, lens, light source, speckle tool, computer, and
image analysis software.

2.1.1. Principle of 2D-DIC. As an optical measurement
technique, DIC measures the two-dimensional or three-
dimensional coordinates of the whole field constantly chang-
ing on the sample surface during the entire mechanical test
process. The measured coordinate fields can be used to derive
further the areas of displacement, strain, strain rate, velocity,
and curvature of interest (Quantities-of-Interest, QOI). As
shown in Figure 1, the core idea of DIC is to estimate the
coordinates and displacements of full-field speckle based on
a series of digital speckle images of sample surfaces by solving
optimization problems. The basic assumption in DIC is that
the speckle pattern on the sample surface should deform
along with the sample, whether natural or artificial. There-
fore, the speckle image taken on the sample surface can be
used for correlation calculation to obtain its full-field coordi-
nates, which can be used to characterize the shape,
movement, and deformation of the sample surface. A
single-camera system to measure the 2D coordinates of a flat
sample surface is called 2D-DIC.

2.1.2. 2D-DIC Image Acquisition Method. As can be seen in
Figure 1, the VIC-2D-DIC image acquisition system is
mainly composed of a fixed-focus lens with a focal length
of 50mm, a CCD industrial camera, two high-brightness
light sources, a computer, and image analysis software. The
image size of the CCD industrial camera is 4096 × 3000. In
the test, the camera should be aligned with the center of the
sample, and the image size of the sample should be adjusted
to reach the same size as the camera vision. DIC collects
images at a rate of 10000 per second during the experiment.

2.2. Sample Preparation and Test Procedure

2.2.1. Sample Preparation. The rock sample used in this paper
is fine red sandstone, and the fine red sandstone sample is
processed and polished according to the Standard of the
International Society for Rock Mechanics (ISRM). According
to the requirements of the paper, two sizes of sandstone
samples are processed: one is a standard cylinder sample with
a height of about 100mm and a diameter of about 50mm and
the other is a standard disc specimen with a height of about
25mm and a diameter of about 50mm. The processed sand-
stone samples are shown in Figure 2.

2.2.2. Test Procedure. Rock lithology, temperature, water sat-
uration rate, and the number of cycles are the critical
influencing factors of the freeze-thaw cycle test. Therefore,
according to the requirements, the test plan is as follows:

(1) To select samples with similar lithology for the test,
the wave velocity of the two processed samples was
measured, and the sandstone samples with similar
wave velocities were selected

(2) The sample is dried by an electric thermostatic drying
oven, making the sample more easily absorb water
and saturate. The dried sample is immersed in the
vacuum water-filling device for 24 hours to make it
fully saturated
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(3) Then, the samples are placed into the freeze-thaw
cycle test equipment for the freeze-thaw cycle treat-
ment. The freezing temperature was set as −20°C ±
2°C, and the freezing time was 3 hours. The thawing
temperature was set as 20°C ± 2°C, the thawing time
was 3 hours, and the one freeze-thaw cycle was 6
hours. The relationship between temperature and
time in freeze-thaw cycles can be seen in Figure 3.
Then, 0, 10, 20, 30, 40, and 50 freeze-thaw cycle tests
were completed. After the freeze-thaw cycle test, the
wave velocity of the sample was measured to observe
the degree of damage. The grouping of freeze-thaw
cycle test samples can be seen in Table 1

(4) The test equipment used in this study is the DSZ-1000
stress-strain controlled rock mechanics testing system,
and the maximum axial force that could be applied by
the test system was 1000kN. For the DIC principle,
an ideal speckle with a diameter of 0.33mm should be
made on the sample surface by the speckle tool before
the start of the mechanical test. After the speckle pro-
duction, dry the sample surface with the normal tem-
perature air of a hairdryer and put the sample on the
DSZ-1000 test machine. Adjust the position of the
sample and the angle of the camera lens so that the
center of the sample is aligned with the center of the
camera field of view. The loading method of this
mechanical test is force control; the loading rate was
set as 0.05MPa/s. The primary test devices and their
processes are shown in Figure 4

3. Results and Analysis

3.1. Variation of Longitudinal Wave Velocity of Sandstone
after Freeze-Thaw Treatment. In this test, ultrasonic equip-
ment was used to test the internal condition of sandstone
before and after freeze-thaw treatment. Ultrasonic monitor-
ing is a nondestructive testing method that uses ultrasonic
waves to propagate in a certain velocity and direction in the
material with internal defects and then obtain the obvious
change of its acoustic properties. Because of the fast propaga-
tion speed of the P-wave in materials, the P-wave is generally
used to detect material properties.

As can be seen in Figure 5, with the increase of the
number of freeze-thaw cycles, the wave velocity of saturated
rock samples showed a decreasing trend. Quadratic polyno-
mial functions can represent both, and the fitting formula is
as follows:

�V = −0:011N2 − 3:412N + 1728: ð1Þ

�V is the average value of the P-wave velocity, N is the
number of cycles, and the relative coefficient between the
two is R2 = 0:987. Along with the whole freeze-thaw cycle
test, the longitudinal wave velocity of the sandstone sample
decreases greatly, with a maximum decrease of 10.84%. The
main reason for the decrease of the P-wave velocity is that
the water forms change under the action of temperature,
which exerts a certain large frost heave force on the interior
of the sandstone, resulting in the expansion and increase of
microcracks and micropores in the sandstone. At the same
time, in the melting process of the ice in the sandstone, the

White light sources

CCD camera

PC with digitizer

Specimen

90°
Correlation of image data before and after deformation

Time t0 Time t1

Figure 1: 2D-DIC schematic diagram.
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Figure 2: The processed sandstone samples.
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external water keeps entering new microcracks and micro-
pores, resulting in the increasing proportion of water in the
sandstone. However, the propagation velocity of the P-wave
in water is lower than that in rock, so the propagation veloc-
ity of the P-wave in the sandstone is significantly reduced
after freeze-thaw treatment.

3.2. Study on the Law of Tensile Strength of Sandstone under
Freeze-Thaw Cycles

3.2.1. Load-Displacement Curves of Sandstone Samples. The
load-displacement curves of B0, B10, B20, B30, B40, and
B50 are shown in Figure 6; taking B50 as an example, four
key points, O, A, B, and C, were selected from the load-
displacement curve of theB50 specimen and analyzed in the
following section.

As can be seen in Figure 6, the load-displacement curves
of sandstone samples after freeze-thaw treatment were basi-
cally the same under the splitting test. By comparing these
six groups of load-displacement curves, it is found that when
the number of freeze-thaw cycles increases continuously, the
tensile strength and displacement of sandstone samples both
show a decreasing trend. When the number of freeze-thaw is
small, the peak tensile strength and peak displacement
decrease slowly, indicating that the effect of freeze-thaw on
tensile strength is small in the early stage. With the increase
of freeze-thaw times, the internal damage of sandstone
accumulates continuously. The peak tensile load and peak
displacement decrease rapidly, and the decrease is noticeable
compared with that in the early freeze-thaw period. This
phenomenon indicates that after multiple freeze-thaw cycles,
the sandstone suffered severe damage inside the rock, which
led to the more easy failure of the rock under tensile load
during the Brazilian splitting test, showing a decreasing trend
of both tensile load and displacement.

3.2.2. Failure Characteristics of Sandstone Samples under
Different Freeze-Thaw Cycles. In this section, the characteris-
tic X-direction main strain was analyzed by selecting the
strain cloud diagram of ROI (region of interest) on the
samples B0, B10, B20, B30, B40, and B50. Table 2 shows

the evolution process of the X-direction main strain cloud
diagram of the sample before reaching the maximum load
in the splitting test.

From the results obtained in Table 2, for the sandstone
specimens B0, B10, B20, B30, B40, and B50 under the condi-
tion of freeze-thaw cycles, when the load applied reaches
0.2σc, the strain field appears in the entire Brazilian disc
due to load action. In the Brazilian splitting test, stress con-
centration was generated at the end of the Brazilian disc
due to loading along the diameter. The maximum strain
value in the strain field appeared at both ends of the Brazilian
disc. When the load reaches 0.9σc, a large strain concentra-
tion region is formed at the end of the Brazilian disc, and
the deformation region of the strain band begins to gather,
making the strain band more obvious. With the increase of
load, cracks in the Brazilian disc develop rapidly. The strain
field is constantly spreading from one end of the sample to
the other, which makes the strain concentration area larger.
When the load reaches the peak σc, microcracks appear on
the surface of one end of the disc, indicating that the Brazilian
disc starts to crack from one end. Finally, under the continu-
ous action of the load, the microcrack expands rapidly from
one end of the disc to the center, resulting in a larger crack.

As mentioned above, during the splitting test of the
freeze-thaw-treated sandstone sample, the pores and cracks
in the disk will increase, and with the increase of the number
of freeze-thaw cycles, the strain difference between the end
and the middle of the sandstone gradually decreases. The
crack initiation location of the Brazilian disc may change
from the end to the middle.

3.3. Study on the Law of Compressive Strength of
Sandstone under Freeze-Thaw Cycles

3.3.1. Stress-Strain Curve of Sandstone Samples. The stress-
strain curves of U0, U10, U20, U30, U40, and U50 are shown
in Figure 7; taking U50 as an example, five key points, O, A,
B, C, and D, were selected from the stress-strain curve of the
U50 sample and analyzed in the following section.

As can be seen in Figure 7, the stress-strain curves of
sandstone samples after freeze-thaw treatment were basically
the same under the uniaxial compression test, which all go
through the compaction stage, elastic stage, and yield stage,
and then, the sample is destroyed abruptly. The failure char-
acteristic is a typical brittle failure. By comparing these six
groups of stress-strain curves, it is found that with the
increase of the number of freeze-thaw cycles, the peak
strength presents a decreasing trend, while the peak strain
presents an increasing trend. When the number of freeze-
thaw cycles is less than 30 times, the stress-strain curve of
sandstone is similar to the stress-strain curve without
freeze-thaw, which is relatively smooth, and the peak strain
only increases by 6.62%, until the failure occurs suddenly at
the ultimate load. When the number of freeze-thaw cycles
reaches 50 times, the peak strength decreases, and the peak
strain increases significantly. The stress-strain curve is
smooth and stable in the compaction zone and the elastic
zone. However, after entering the plastic zone, the stress-
strain curve fluctuates wildly because the freeze-thaw cycle
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Figure 3: The relationship between temperature and time in
freeze-thaw cycle test.
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causes irreversible damage to the interior of the sandstone.
With the increase of the number of freeze-thaw cycles, the
frost heave force caused by water freezing squeezes the
micropores inside the sandstone, causing damage to the sam-
ple. With the passage of time, the accumulation of damage
leads to the continuous expansion of microcracks, which
leads to the decrease of peak strength and the increase
of peak strain.

3.3.2. Failure Characteristics of Sandstone Samples under
Different Freeze-Thaw Cycles. In this section, the deforma-
tion and failure modes were analyzed by selecting the strain
cloud diagram (X-direction) of ROI (region of interest) on
the samples U0, U10, U20, U30, U40, and U50. Table 3
shows the evolution process of the X-direction strain cloud
diagram of the sample before reaching the maximum load
in the uniaxial compression test.

From the results obtained in Table 3, for the sandstone
sample U0 without freeze-thaw cycle treatment, before the

Table 1: The grouping of freeze-thaw cycle test samples.

Grouping basis and number

Loading method
The uniaxial compression U0 U10 U20 U30 U40 U50

The Brazilian splitting B0 B10 B20 B30 B40 B50

Specimen

Sandstone specimens

Freeze-thaw device

Ultrasonic testing

Computer

Digitiser

Piezo transducer
Piezo
transducer

Pulser/receiver

Servo loading system
Loading platform

Loading direction

Light source

CCD camera

DIC
calculation area

DIC system

LVDT Specimen

Figure 4: The main equipment and test flow chart.
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peak stress reaches 0.4σc, some smaller strain concentration
regions are distributed in the upper right side of the sample
U0. When the peak stress is between 0.5σc and 0.6σc, the
strain concentration area in the upper right part of the sam-
ple begins to diverge to the periphery and gradually develops
into a relatively clear strain band. When the peak stress is
between 0.7σc and 0.9σc, the strain concentration region at
both ends of the sample begins to form initially and extends
along the vertical direction, slowly connecting with the strain
concentration region in the middle of the right side of the
sample. When the peak stress σc is reached, the strain con-
centration region at the tip of the specimen develops rapidly,
and its propagation path is consistent with the actual failure
crack of the specimen.

For the sandstone sample U10 after ten freeze-thaw
cycles, before the peak stress up to 0.6σc, some small strain
concentration areas are scattered at the end of the U10 sam-
ple. When the stress increases from 0.7σc to 0.9σc, the strain
concentration zone develops rapidly at the lower end of the
specimen. Unlike the failure process of specimen U0, the
width of the strain concentration zone increases gradually.
When the peak stress σc is reached, a large strain concentra-
tion area is formed at the lower end of the sample. For sam-
ples U20 and U40, the process from loading to failure is
similar to that of U10, and strain concentration areas are
formed at the lower end, and when the peak stress σc is
reached, the lower end of the sample will be damaged first.

For the sandstone sample U30 after 30 freeze-thaw cycles,
before the peak stress up to 0.4σc, there is a small strain con-
centration area scattered in the middle of the surface of spec-
imen U30. When the stress reaches 0.5σc, the strain
concentration area appears at the upper end of the sample.
When the stress increases from 0.6σc to 0.9σc, the strain con-
centration area develops rapidly in the middle and the end of
the sample. When the peak stress σc is reached, an oblique
strain concentration area and a strain concentration area par-
allel to the sample are formed. For the sandstone sample U50,
the process from loading to failure is similar to that of U30. A
small strain concentration area is formed at one end of the
sample of U30 at first. With the increase of stress, the strain

concentration area gradually widens and moves towards the
other end of the sample. Finally, an oblique strain concentra-
tion area is formed in the sample.

In summary, in the process of uniaxial compression of
sandstone samples after freeze-thaw treatment, the more
times of freeze-thaw cycles, the greater the strain of sand-
stone samples will be. The reason is that the freezing and
thawing cause irreversible damage in the interior of the sand-
stone. With the accumulation of freeze-thaw damage, the
influence of internal frost heaving force on the microcracks
gradually increases, leading to the expansion and connection
of microcracks, and the bearing capacity of the specimen
decreases, and the number of deformation increases.

4. Damage Assessment of Sandstone
Samples under Freeze-Thaw Cycles Based
on 2D-DIC

4.1. Establishment of Damage Variables. In rock mechanics,
the degradation of rock strength is caused by internal dam-
age, and the accumulation of the damage will inevitably lead
to the change of the strain field on the surface of the speci-
men. Therefore, the internal damage of rock can be repre-
sented by an index of strain field concentration. Based on
the above, damage variables [27] can be expressed by

D = S
Smax

: ð2Þ

In Equation (2), S is the standard deviation of the strain
field, as shown in Equation (3). Smax is the maximum value
of S (generally at the failure point) during the whole load-
ing process.

S =
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

1
n − 1〠

n

k−1
Xk − �X
� �2

s

: ð3Þ

In Equation (3), Xk is the strain value at each point
within the strain field. �X is the average of Xk, and n is
the total number of data points in the strain field.

4.2. Damage Analysis of Samples under the Brazilian Splitting
Test. The damage evolution process of B0, B10, B20, B30, B40,
and B50 specimens has been analyzed. After the image analy-
sis software was used to obtain the principal strain of the strain
field in the X-direction of the sample, and the maximum stan-
dard deviation of the principal strain in the X-direction was
calculated, the maximum standard deviation was substituted
into Equation (2) to calculate the damage variable.

As shown in Figure 8, the damage evolution of sandstone
in the splitting process under different freeze-thaw cycles can
be divided into three stages: in the first stage (period of slow
or negative growth), the damage variable was small. This is
because the sample in this stage is subjected to a small load,
which is not enough to destroy the cohesion inside the sand-
stone and is not enough to generate new microcracks and
micropores. Even due to the action of the load, the internal
microcracks in B0 and B10 are compressed and closed, the
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Figure 6: Load-displacement curves of Brazilian splitting test.
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elastic modulus increases, and the damage variable decreases,
resulting in a negative damage phenomenon. With the load-
ing process, the sample is in the second stage (period of
steady growth), the connection between mineral particles is
destroyed, primary cracks expand, secondary cracks appear,
cracks gradually converge, and the growth rate of the damage
variable accelerates. Finally, the damage evolution enters the
third stage (period of rapid growth), and a large number of
cracks develop rapidly. When the load of the sample reaches
the maximum, the main crack expands rapidly until the final
barrier is broken through, and the sample is damaged. The
damage variable increased sharply.

4.2.1. Damage Evolution Analysis of B50. In this part, the
load-displacement curve and the damage-strain curve of
sample B50 are compared and analyzed. As can be seen in
Figure 9, taking B50 as an example, four key points O, A, B,
and C were taken from the load-displacement curve of sam-
ple B50 for analysis. The damage-strain curve of sample B50
with 50 cycles of freeze-thaw treatment can be divided into
three stages during the splitting test.

In the initial OA stage (linear elastic stage), the sample
bears a small load. The damage variable was small, about
0.05. Due to the influence of freeze-thaw cycles, the internal
damage of the sample accumulates seriously. Under the
action of the load, the damage variable begins to increase.
When it reaches the AB stage (elastic-plastic stage), new
microcracks and micropores begin to appear inside the sam-
ple and continue to develop stably. The growth rate of the
damage variable increased significantly and increased to
0.9. When approaching the maximum load, the specimen is
in the BC stage (failure stage). The strain develops intensively
along the loading diameter, cracks appear on the loading
diameter, and transient fracture occurs. The damage variable
reached the maximum value [28–35].

4.3. Damage Analysis of Samples under the Uniaxial
Compression Test. The damage evolution process of U0,
U10, U20, U30, U40, and U50 specimens has been analyzed.
After the image analysis software was used to obtain the prin-

cipal strain of the strain field in the X-direction of the sample,
and the maximum standard deviation of the principal strain
in the X-direction was calculated, the maximum standard
deviation was substituted into Equation (2) to calculate the
damage variable.

As shown in Figure 10, the damage evolution process of
sandstone samples treated by freeze-thaw cycles under uni-
axial compression tests can be divided into three stages: in
the first stage (period of slow or negative growth), the sand-
stone will undergo a compaction process at the initial stage
of loading, during which the microcracks and micropores
in the sandstone will be closed. (Of course, new microcracks
and micropores may occur, but the closing trend is greater
than the generating trend.) In this way, the rock’s elastic
modulus will increase, the damage variable of the rock will
decrease, and the rock will produce negative damage. This
process will approximately continue until the rock enters
the linear elastic stage. After that, the damage evolution of
rock enters the second stage (period of steady growth), in
which the damage variable of rock begins to increase contin-
uously, which means that the generation trend of micro-
cracks and micropores in the rock is greater than the
closing trend. This stage occurs until the macroscopic failure
of rock. After a macroscopic failure occurs, the damage evo-
lution of rock enters the third stage (period of rapid growth)
of accelerated development, in which the damage develop-
ment of rock is obviously accelerated. Finally, the rock loses
its bearing capacity completely, and the damage variable is
close to the ultimate damage variable of rock failure [36–46].

When the number of freeze-thaw cycles exceeds 10, the
specimen is greatly affected by freeze-thaw cycles. Compared
with the Brazilian splitting test, the damage variable of sand-
stone under uniaxial compression test changes slowly, which
is consistent with the actual failure process of the sample and
better verifies the feasibility and high precision of DIC used
to measure the deformation and failure process of rock.

4.3.1. Damage Evolution Analysis of U50. In this part, the
stress-strain curve and damage-strain curve of sample U50
are compared and analyzed. As can be seen in Figure 11,
taking U50 as an example, five key points O, A, B, C, and D
were taken from the stress-strain curve of sample U50 for
analysis. The damage-strain curve of sample U50 with 50
cycles of freeze-thaw treatment during the uniaxial compres-
sion test can be roughly divided into four stages.

Due to the accumulation of damage in the sample under
freeze-thaw cycles, the damage variable cannot be regarded
as 0 before loading. Due to the action of load in the OA stage
(crack closure stage), the internal microcracks and micro-
pores of the sample are gradually compacted or even closed,
resulting in negative damage to the rock. Then, the entire
loading process enters the AB stage (linear elastic stage); that
is, the linear elastic stage and the sandstone sample are fur-
ther compressed. As far as the damage inside the specimen
is concerned, it enters the linear elastic damage stage. In this
stage, it is found that the apparent damage variable is small,
and the damage degree of the specimen is low on the whole.
When the loading stress level reaches the stress state of point
B, the damage of the sample begins to accumulate, and the
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damage variable begins to evolve. The loading BC section
(stable crack growth) of the sample is an elastoplastic devel-
opment stage. Among them, the damage evolution develops
from the inside of the specimen to the surface, and the dam-
age variable value steadily increases, namely, the elastoplastic
damage. The CD section (unstable crack growth) is the plas-
tic stage, and the failure behavior of the specimen at this stage
varies from microscopic failure to macroscopic failure. The
damage variable increases sharply and reaches the plastic
damage stage. When the whole loading process reached point
D, the value of the damage variable changed to 1, and the
bearing capacity of the specimen decreased rapidly.

5. Conclusions

The study of mechanical properties and the damage evolu-
tion process of rock mass in cold regions is an important
issue for practical applications. In this paper, the DIC
method is used to study the deformation characteristics and
failure process of freeze-thaw-treated sandstone. Taking the
standard deviation of principal strain as the damage variable,
the damage evolution process of freeze-thaw-treated sand-
stone was quantitatively analyzed. Based on this study, the
following conclusions can be drawn:

(1) During the whole process of freeze-thaw damage, the
frost heave force generated by the constant change of
water morphology makes the cracks expand and
increase continuously, leading to the emergence of
new cracks. The results show that the greater the
number of freeze-thaw cycles, the lower the P-wave
propagation velocity is

(2) According to the splitting test and uniaxial compres-
sion test of the sandstone samples after freeze-thaw
treatment, the tensile strength and compressive
strength of the sandstone samples after freeze-thaw
treatment show a decreasing trend with the increase
of the number of freeze-thaw cycles. Moreover, the
more times the freeze-thaw cycles are treated, the faster
the tensile strength and compressive strength decrease
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(3) Using DIC technology, it was found that with the
increase of the number of freeze-thaw cycles, the
internal pores and cracks in the Brazilian splitting
disc became more and more intensive during the
loading process, and the strain difference between
the end and the middle of the sandstone gradually
decreased. The crack initiation location of the Brazil-
ian disc may change from the end to the middle.
However, for the uniaxial compression test, due to
the influence of the end effect, the localization strain
band is always generated from one end and gradually
widens and moves to the other end of the sample,
finally forming an oblique or vertical localization
strain band in the middle of the sample

(4) The full-field strain of the specimen surface was mea-
sured by the digital image correlation technique, and
the damage variable which could characterize the
deformation characteristics of the specimen was
proposed based on the standard deviation of the
principal strain. The damage evolution process of
sandstone specimens after freeze-thaw treatment
can be divided into three stages: the period of slow
or negative growth stage, the period of steady growth
stage, and the rapid growth stage. The results show
that the proposed damage variables can better
describe the damage evolution process of sandstone
specimens after freeze-thaw treatment
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The growth and evolvement features of crack are of great significance to study the failure mechanism of rock mass and valuate the
stability of the cavity. In this study, in order to obtain the mechanics parameters and external macroscopic crack propagation
characteristics of red sandstone, triaxial compression tests were carried out. Based on the experimental results, a numerical
model was established through the reasonable parameter calibration by the PFC3D software. The internal and external crack
propagation processes of red sandstone under triaxial compression were simulated. Moreover, to verify the simulation results,
the CT scanning and three-dimensional reconstruction technologies were used to observe the internal crack state of the
specimens. The results showed that the internal crack failures occurred first at the end of the rock specimen. Then, the
microcracks continued to accumulate and expand under the combined action of axial stress and confining pressure. The
accumulated microcracks finally converged to form a macroscopic oblique shear failure. Based on the homogenizing treatment
and reasonable parameter calibration, the internal and external crack expansion and evolution processes of the rock were
simulated by the PFC3D model and the simulation results are consistent with the results obtained from the triaxial compression
test and the CT scanning. The macro- and microfailure mode of crack propagation of the specimen deepens the understanding
of rock failure mechanism. The PFC3D homogenization simulation method provides a new feasible method to study the macro-
and microfailure mode of internal and external crack propagation of rock under compression.

1. Introduction

The rock mass is an anisotropic heterogeneous body formed
by one or more rock-forming minerals in a certain combina-
tion that contains structural defects such as cracks and joints.
The composition of rock minerals, combination mode, and
development degree of cracks and joints determine the phys-
ical and mechanical properties of the rock [1–7]. In the ore
excavation process, the rock mass is subjected to complex
loading and unloading stress processes, which leads to the
deformation and destruction of the rock mass. The distribu-
tion and expansion of its fissures directly affect mining safety,
such as underground water inrush and roof failure which are
all developed and evolved from cracks and other weak
surfaces [8, 9]. In underground mining, the development of
fissures is one of the major causes leading to the destruction

of rock projects [10–12]. Understanding the crack propaga-
tion mechanism can provide a feasible basis for engineering
safety design. Effective monitoring methods can identify the
distribution and expansion of cracks in rock masses for safety
early warning, which help achieve safe and efficient mining.

The expansion and evolution of fissures have long been a
hot issue of concern to researchers all around the world [13–
15]. The laboratorial examination is one of the commonly
used methods to study the fissure behavior of rock mass.
Mokhtarian et al. used the filling material to simulate the
rock and studied its weak plane failure under triaxial com-
pression [16]. Yang et al. studied the strength and failure
characteristics of red sandstone by the triaxial compression
test [17]. Ma et al. investigated the effects of temperature on
granite failure characteristics through high-temperature
triaxial tests [18]. Jiang et al. analyzed both the uniaxial
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compressive and triaxial compressive strength of sandstone
under air-drying, natural, and saturation conditions [19].
Most of the studies above focused on rock mechanical prop-
erties and failure characteristics under triaxial action, but
only few studies investigated the mechanism of the internal
crack prorogation and expansion.

CT scanning technology can accurately characterize the
internal fractures of the rock. Kawakata et al. used the X-
ray CT scanning system to study the fracture process of
granite under different load conditions [20]. Christe et al.
evaluated the degree of alteration of highly tectonized
carbonate rock specimens based on X-ray computed tomog-
raphy and led to a diagnosis of alteration which appeared
objective, precise, and in agreement with the visual observa-
tions [21]. Yang et al. investigated the failure mechanism of
transversely isotropic composite rock-like material on the
microlevel by CT, and the 3D volume renders were in good
agreement with the actual surface crack photographs of spec-
imens [22]. Zhu et al. simulated and predicted the mechani-
cal properties and fracture characteristics of the rock based
on the CT three-dimensional numerical simulation [23].
CT scanning technology can respond to changes in the rock
specimen’s internal fractures in a nondestructive and multi-
directional manner, but the expense is high and the current
measurement sample size is small, which cannot meet the
research of large-size specimens.

Because of its convenience and accuracy, the numerical
simulation methods were used by many researchers to study
rock behaviors [24–26]. Fan et al. established the bonded
particle models containing flaws or/and openings in order
to investigate the mechanical properties as well as the crack
propagation characteristics of the rock under uniaxial com-
pression [27]. Wu et al. used PFC to simulate rocks with
different cavities and fissures and found three rock bridge
coalescence modes: tensile, shear, and tensile-shear modes
[28]. Zhang et al. studied the cracking process in rock-like
material containing a single flaw by PFC2D and found that
the numerical simulation could reproduce the indoor test
phenomenon [29]. It is worth noting that two-dimensional
numerical simulation is a plane stress model, which is easier
to limit the boundary conditions and apply the loads, but
it is quite different from the actual model. In order to
establish a numerical model consisting with the actual
simulation, Yang et al. introduced the establishment of a
three-dimensional model of agglomerated particles and
pores based on CT scanning [30]. Zhao used CT reconstruc-
tion technology to compare the PFC2D and PFC3D models
and found that the internal structure built in 3D is more
complete, which showed more realistic macromechanical
behavior and deformation patterns [31]. The consistency
between the three-dimensional simulation and the actual
model determines that the simulation results are closer to
the real macromechanical behavior, which is more conducive
to the study of the development of macro- and microfissures
inside the specimen.

To reveal the crack evolution process of red sandstone,
triaxial compression tests on red sandstone under different
confining pressures were carried out to obtain the mechan-
ical parameters and failure characteristics. The typical red

sandstone specimen was scanned by CT experiment after
failure to obtain each scan layer CT image, and AVIZO
software was used to reconstruct the CT images in three
dimensions. Based on homogenization processing, the defor-
mation and failure models of red sandstone were established
by PFC3D software. The macro- and microcrack failure char-
acteristics and processes under different confining pressures
were simulated. Through the comparison of the results
obtained from laboratory tests, CT images, and PFC3D simu-
lations, the feasibility of the PFC3D model to study the crack
propagation characteristics of the rock specimen was verified.
The proposed methodologies and the obtained results
provide a newmethod for the study of rock mechanical prop-
erties and damage mechanisms.

2. Experiment

2.1. Material Preparation. The rock specimens used in the
tests are red sandstone, and all the specimens were taken
from the same rock. The specimen’s homogeneity is good,
which reduces the influence of the dispersion of the speci-
mens on the experimental results. The specimens were
prepared according to the standards of the “International
Society of Rock Mechanics” and cut into standard cylindrical
specimens with a diameter of 50mm and a height of 100mm.

2.2. Experimental Procedures. The triaxial compression test
and CT scan test were carried out on the prepared red sand-
stone specimens.

2.2.1. Triaxial Compression Test. The SAM-2000 testing
machine was used to perform triaxial compression experi-
ments on the specimens (Figure 1). The red sandstone
specimens were tested under confining pressures of 5, 10,
15, and 20MPa. The stress-strain curves and deformation
parameters of the rock specimens under different confining
pressures were obtained, which provided basic data to study
the crack propagation laws and conduct the numerical
simulations.

2.2.2. CT Scan Test. The MS-Voxel450 CT scanner
(Figure 2(a)) was used to perform CT scanning analysis on
the red sandstone specimen to study the inner fracture
expansion after the triaxial test.

The CT scanning system principle is based on the differ-
ent X-ray absorption capabilities of the different materials
when X-rays penetrate through the materials (Figure 2(b)).
When X-rays pass through an object, part of the X-ray energy
is absorbed and the X-rays are attenuated. The unabsorbed
X-rays pass through the test material and reach the detector.
The detector converts the received X-ray energy into electri-
cal signals, which are digitized by the computer.

3. Triaxial Test Results and Deformation
Characteristic Analysis

3.1. Triaxial Test Results and Analysis. In order to reduce
the influence of temperature on the test results, the labora-
tory temperature was strictly controlled at 20(±0.5)°C dur-
ing the tests. The basic mechanical parameters and the
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corresponding stress-strain curves of red sandstone under
different confining pressures were obtained, as shown in
Table 1 and Figure 3.

From Figure 3(a), it can be seen that the stress-strain
curves of red sandstone specimens under different confining
pressures can be roughly divided into four stages. The stages
are described as the elastic deformation stage, microcrack
stable propagation stage, microcrack unstable propagation
stage, and the postfailure stage (Figure 3(b)). The character-
istics of each stage are described in detail as follows: (1)
The elastic deformation stage. The curve is approximately a
straight line; the rock undergoes elastic deformation. The
strain continues to increase, and no new cracks are generated
in this stage. If the load is unloaded at this stage, the strain
can be restored. (2) The stage in which microcracks bifurcate
and expand stably. The microcracks inside the rock sample
begin to branch, expand, or generate new microcracks under
the action of axial force. In this stage, the microcracks stop to
expand once the load stops increasing. (3) The stage that the
microcracks are expanding unstably. The stress at point II is
the yield stress. When the stress value exceeds point II, even if
the load stops increasing, the microcracks are unceasingly
expanding, and this stress-strain curve presents a concave
shape. (4) The postfailure stage. The macroscopic failure
occurs at point III. As the strain increases, the rock continues
to fail, and microcracks continue to penetrate to form a mac-
roscopic fracture plane, and the bearing capacity of the rock
decreased, until point IV, the rock broke completely. The
stresses σI, σII, σIII, and σIV correspond to four stages, which
are called the elastic limit, yield stress, peak value of strength,
and residual strength of rock, respectively.

At the same time, Figure 3(a) can also clearly reflect that
the rock specimen’s peak strength increases as the confining
pressure increases, but the increments are gradually decreas-
ing. At the confining pressures of 5, 10, 15, and 20MPa, the
maximum axial stresses are 59.70, 80.99, 98.21, and
110.12MPa, respectively. For every additional 5MPa increas-
ing in confining pressure, the value of maximum axial stress
of red sandstone increases by 21.29, 17.22, and 11.91MPa.
The axial strain at the peak increases with the increase of
confining pressure. When the confining pressure is 5MPa,
the axial strain at the peak is 0:76 × 10−2. For each 5MPa

increase in the confining pressure, the axial strain at the peak
increases to 0:92 × 10−2, 1:27 × 10−2, and 1:41 × 10−2. The
slope of the elastic phase in the stress-strain curve is the elas-
tic modulus of the rock specimen. It can be seen that the
slope of the stress-strain curve increases with the increase
of confining pressure, which means that the elastic modulus
is also gradually increasing. At the confining pressure of 5,
10, 15, and 20MPa, the elastic modulus is 8.92, 10.03,
10.05, and 11.17GPa, respectively.

3.2. Analysis of Deformation and Failure Characteristics. The
macroscopic failure modes of red sandstone under different
confining pressures are presented in Figure 4. At the confin-
ing pressure of 5MPa, the failure presents shear mode. The
failure starts from the upper left side of the rock and ends
at the lower right side of the rock’s bottom. When the confin-
ing pressure is 10MPa, the main failure surface also shows
shear failure. In addition to shear failure, the bottom corners
are also damaged. This observation was regarded as one of
the typical failure modes of the rock since the rock is a het-
erogeneous body with joints which will be fractured during
the compression process. Due to the internal fissures, local
small-scale cracking occurs at the bottom right end of the
rock specimen. When the confining pressure is 15MPa, the
failure mode is similar to that of 5MPa, but the shear inclina-
tion angle is reduced. At the confining pressure of 20MPa,
compared with other failure inclination angles, the failure
surface inclination angle is the smallest. In summary, the fail-
ure mode of red sandstone with different confining pressures
is dominated by the shear mode. As the confining pressure
increases, the inclination of the failure surface decreases.

4. Numerical Modeling and Simulation Analysis

4.1. Numerical Model and Mesoparameter Calibration. The
PFC3D software was used to study the fracture development
of red sandstone under different confining pressures, and
the numerical models were established to simulate triaxial
compression tests.

4.1.1. Numerical Model Construction. The PFC3D simulation
first generates a boundary wall according to the size of the
rock specimen and then generates compact particles in the
wall. By specifying the ratio of the maximum and mini-
mum particle radius, the program can randomly generate
a uniformly distributed particle model according to the
preset maximum and minimum values. Figure 5 shows the
constructed complete PFC3D simulation test piece, which is
basically consistent with that of the experimental specimen.
The specimen size is 50mm ðdiameterÞ × 100mm ðheightÞ,
which consisted of 29,620 particles.

4.1.2. Homogenization Model. In order to make the particle
size distribution of the generated model meet the specified
requirements, the contact accuracy between particles must
be high enough. This requires the overlap between adjacent
particles in the particle system generated by the model gener-
ation algorithm is small enough. The particles are in close
contact with the boundary and completely coupled. There-
fore, to meet the above requirements, a self-programming

Rock sample

Figure 1: SAM-2000 triaxial testing machine.
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capable of making the model close to the uniform state is
proposed. Figure 6 shows the homogenization process.
Through adjusting the model’s boundary conditions, the
contact between particles can reach the ideal state.

4.1.3. Calibration of Parameters. There are a variety of
contact models in PFC3D. Compared with other models,

the parallel bond model can transmit force and moment at
the same time. Additionally, the stiffness after the failure of
the parallel bond will decrease, which is similar to the plastic
characteristics of the rock and better reflect the rock’s
mechanical characteristics. Therefore, the parallel bond
model is chosen to calibrate the mesoparameters of the red
sandstone [32–34]. Firstly, a set of mesoparameters are

(a)

Rock specimen

Detector

Cone beam

X-ray emitter

(b)

Figure 2: Microstructure test equipment: (a) CT scanner; (b) principles of CT scanning.

Table 1: Deformation parameters of the specimens under different confining pressures.

Sample number
Average density

(g·cm-3)
Confining pressure

(MPa)
Axial stress (MPa)

Elasticity
modulus (GPa)

Poisson ratio
Cohesion
(MPa)

Internal friction
angle (°)

1

2132

5 59.70 8.92 0.189

12.29 32.84
2 10 80.99 10.03 0.165

3 15 98.21 10.05 0.188

4 20 110.12 11.17 0.189
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Figure 3: Stress-strain curves of red sandstone under different confining pressures.
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assumed, and the stress-strain curves are obtained through
the applying of the axial loads. Then, based on the measured
data, the macroscopic compressive strength, the elastic mod-
ulus, and other macroscopic parameters are calculated and
compared with the laboratory experiment. Finally, through
continuously adjusting the mesoparameters, the stress-
strain curve obtained by the numerical simulation test is
consistent with the curve from the laboratory experiment,
and the macroscopic damage is also similar to that observed
in the laboratory experiments. A group of mesoparameters
that are closest to the laboratory test are identified and
applied to the numerical simulation test [35]. The mesopara-
meters are shown in Table 2.

4.2. Comparison of Test and Simulation. In the simulation
test, the upper and lower walls simulate the indoor test load-
ing stress, and the cylindrical wall is used to simulate the
loading confining pressure. A self-compiled servo control
program is used to control the wall motion. Through con-
stantly updating the wall’s speed, the wall contact force
reaches the target confining pressure. After getting the target
confining pressure, a constant loading rate to the upper and

lower walls is applied. The wall exerts a constant loading rate
to compress the model axially. Figure 7 shows the stress-
strain curves of the intact red sandstone, and the final failure
forms obtained through numerical simulation are shown in
Figure 8.

In Figure 7, it was observed that the stress-strain curves
under the triaxial compression simulated by PFC3D were in
good agreement with the results obtained in the laboratory
tests. In the numerical simulation, for each 5MPa increase
in the confining pressure, the maximum axial stress obtained
by the triaxial compression simulation is gradually increased,
but the increased value of maximum axial stress is gradually
reduced. Additionally, the slope of the curve in the elastic
stage which is elastic modulus is increasing. When the con-
fining pressure is 5MPa, the maximum axial stress obtained
by simulation is 59.27MPa, and the elastic modulus is
9.04GPa. The discrepancies of peak stress and elastic modu-
lus between the simulation and lab test are 0.72% and 1.35%.
At the confining pressures of 10, 15, and 20MPa, the devia-
tions of peak stress between simulations and laboratory
experiments are 3.33%, 5.06%, and 1.33%, and the deviations
of elastic modulus are 1.99%, 1.59%, and 6.98%. According to

(a) (b)

(c) (d)

Figure 4: Macrofailures of red sandstone under different confining pressures: (a) 5MPa; (b) 10MPa; (c) 15MPa; (d) 20MPa.
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the Mohr-Coulomb criterion, the macroscopic mechanical
parameters of the simulation experiment can be obtained.
The cohesion force is 12.21MPa, and the internal friction
angle is 32.05°. The deviations from the indoor tests are
0.65% and 2.41%, respectively. These deviations are within
a reasonable range, indicating that the numerical simulation
results are accurate.

Figure 8 shows the fracture characteristics of the speci-
mens under different confining pressures. The green particles
represent the areas not broken, and the particles of other
colors represent the broken area. The reason for this different
color is that different fragments are formed after the fracture
of the rock specimen penetrates, and the PFC3D renders in
different colors are to make the fracture more intuitive.

The particle failure can clearly show the macroscopic
failure of the rock. The failure mainly presents the charac-
teristics of shear failure, and the failure angle obtained by
the simulation is basically the same as the real rock failure
angle. As the confining pressure increases, the angle between
the macroscopic crack of the rock and the horizontal plane is
gradually decreasing, and the length of the crack is also
decreasing. When the confining pressure is 5MPa, the parti-
cles are affected by the hoop pressure. The damage appears to
be shear failure, which is consistent with the failure mode of
the test. As the confining pressure increases, the lateral pres-
sure to the particles gradually increases, and the influence of
lateral expansion deformation is gradually clear. The rock
specimen gradually develops from the failure area of the
loading interface to the middle area. The inclination angle
of the failure surface also gradually decreases.

4.3. The Propagation Mode of Internal Fissures. The triaxial
compression test is a method to study the mechanical
behavior and failure mode of rock specimens, but these
works have certain limitations. Triaxial tests can only

observe the distribution of cracks on the surface of the rock
specimen. The distribution of internal cracks and the path
of failure penetration are unclear. The emergence of numer-
ical simulation will solve this problem. The slice function in
the numerical simulation can be used to study the distribu-
tion of cracks and failure paths in the rock specimen, but
there are still doubts about its accuracy. Here, a CT scan is
proposed to verify the accuracy of the numerical simulation.

In order to observe the expansion of the internal fractures
in the rock more accurately, the reconstructed 3D rock model
was sectioned by using the AVIZO software. To observe the
internal fracture paths, the failed specimens were cut three
times along the axial direction. The location of each cutting
is presented in Figure 9.

Figure 10 shows the comparison of the internal fracture
mode of red sandstone between the test and simulation under
a confining pressure of 15MPa. In Figure 10, it was observed
that the internal fracture behavior of the specimen obtained
by numerical simulation is consistent with the CT results.
At the slice of Cut 1, there is only one main crack in the
numerical simulation. In addition to a main oblique shear
crack on the CT image, a small shear crack is observed at
the top of the red sandstone. This difference is that the red
sandstone in its natural state has microcracks, while the
numerical simulation is a homogenization model without
microcracks. At the slice of Cut 2, the CT oblique shear main
crack moves compared to the main crack observed at Cut 1.
The upper rupture line moves up, and the lower rupture line
moves down. The rupture angle becomes larger and longer.
The numerical simulation appears with the same change,
and the position of the main fracture surface also moves
upward. At the slice of Cut 3, compared with Cut 2, the
rupture line at the lower end of the oblique shear main crack
shifts up. The failure angle becomes smaller, and the starting
line becomes shorter, which is consistent with the main crack
position shown by the numerical simulation. Comparing the
CT results with the simulation results, the internal fracture
behavior of the red sandstone obtained by the numerical
simulation PFC3D is consistent with the experimental results.

4.4. Crack Propagation Process. As shown in the above
comparison, the results obtained from the laboratory test
and numerical simulation are in good agreement. Numer-
ical simulation can be used to observe the interior of the
fracture process of rock specimens as compared to the labo-
ratory test. Therefore, the inside crack evolution process is
studied according to the simulation model of red sandstone
under different confining pressures. Figure 11 shows the
internal crack propagation process and crack changes of red
sandstone under different confining pressure conditions,
and Figure 12 gives the evolution of the number of micro-
cracks in rocks under different conditions. In Figure 12, the
characteristic points are selected to evaluate the crack evolu-
tion. Point I is generally selected at 2/5 of the peak stress.
Point II is the transition from the elastic stage to the plastic
stage, which is generally considered to be about 2/3 of the
peak strength [36, 37]. Therefore, the selected characteristic
points are 2/5 peak stress, 2/3 peak stress, the peak stress,
and failure stress.

Figure 5: The PFC3D model of standard triaxial compression
specimen.
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Under the confining pressure of 5MPa, the simulated
crack propagation process of the red sandstone specimen
is shown in Figure 11(a), and the corresponding curve of
the number of cracks is shown in Figure 12(a). In the pro-
cess of simulating the fracture of red sandstone, no micro-
cracks were generated at point I (σ1 = 23:71MPa), which
is consistent with the theory of microcracks in the exper-
iment. When the axial stress increases to point II
(σ1 = 39:51MPa accounts for 2/3 of the peak stress), the
microcracks begin to occur at the end of the rock speci-
men. The number of microcracks is 72, accounting for
about 1.22% of the total number of microcracks at peak
point III. With the increase of the axial stress, the axial
deformation continues to increase. Before the axial stress
reaching point III (σ1 = 59:27MPa), the specimen is at
the stage of plastic deformation where new microcracks
initiate. In this stage, the cracks began to expand; the
number of microcracks is up to 5910. Additionally, an
oblique shear failure crack was being formed. After reach-
ing the peak stress, the axial stress began to decline, and
the specimen was completely destroyed at point IV
(σ1 = 42:10MPa). At point IV, a macroscopic oblique

shear failure formed, with a rapid increase in the number
of microcracks. The number of microcracks eventually
reached 21700.

Figure 11(b) shows the simulated crack propagation pro-
cess of the red sandstone specimen at the confining pressure
of 10MPa, and Figure 12(b) shows the corresponding curve
of microcrack quantity. The cracking process is consistent
with that of 5MPa. When the axial strain is 0:319 × 10−2
(point I), no cracks occur. As the axial strain increases to
0:537 × 10−2 (point II), 123 microcracks are generated at
the end of the rock, accounting for about 2.01% of the total
number of microcracks at peak point III. With the continu-
ous increase of strain, the direction of crack propagation is
determined in the elastic-plastic region, and it can be clearly
observed that the microcracks form an oblique shear crack.
At this time, the number of microcracks is 6110. After point
III, the specimen steps into the stage of microcrack penetra-
tion failure. The number of microcracks continues to
increase until the axial strain reaches point IV. At this point,
the rock specimen is completely destroyed, and the final
number of microcracks reaches 23,100. It is observed that
the microcracks interact with each other forming an oblique
shear macrocrack. Figures 11(c) and 11(d) are the crack
propagation process of red sandstone under confining

Load

Particles generated Servo wall Remove excess particles

Delete

Figure 6: Homogenization process of the model.

Table 2: Mesoparameter calibration of numerical simulation.

Microparameters Values

The minimum radium of the
ball, Rmin/mm

0.85

Ratio of the maximum to the minimum
radium of the ball, Rmax/Rmin

1.5

Density of the ball, ρ/(kg/m3) 2132

Ball friction coefficient, μ 0.5

Young’s modulus of the ball, EC/GPa 9.2

Ratio of normal to shear stiffness of the ball, kn/ks 2.3

Radius multiplier of the parallel bond, λ 1.0

Young’s modulus of the parallel bond, �EC/GPa 9.2

Ratio of normal to shear stiffness of
the parallel bond, �kn/�ks

2.3

Normal strength of the parallel bond, σ/MPa 32.5

Shear strength of the parallel bond, c/MPa 32.5

Friction angle of the parallel bond, φ/° 30
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Figure 7: Numerical simulation curves of stress-strain.
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pressures 15 and 20MPa, and Figures 12(c) and 12(d) show
the corresponding curve of microcrack quantity. The initia-
tion, propagation, and interaction of crack in the specimens
are consistent with that of 5MPa. The cracks also start from
the end position of specimen and propagate obliquely under
the combined action of axial force and confining pressure.
The macroscopic oblique shear failure is eventually formed.

5. Analysis of Experiment and
Simulation Results

5.1. Strength Characteristics and Failure Modes. The labora-
torial triaxial experiment found that the triaxial compression
deformation of red sandstone has elastic deformation stage,
microcrack stable propagation stage, microcrack unstable

(a) (b)

(c) (d)

Figure 8: Macroscopic failure modes of redstone under different confining pressure by PFC3D: (a) 5MPa; (b) 10MPa; (c) 15MPa; (d)
20MPa.
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(b)

Figure 9: Locations of the cuttings: (a) cross-section; (b) longitudinal section.
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Figure 10: Comparison of internal fractures in red sandstone under 15MPa: (a) CT scan; (b) simulation.
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Figure 11: Internal crack propagation rules of red sandstone under different confining pressure conditions.
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propagation stage, and postfailure stage. For the model estab-
lished by the numerical simulation, the deformations and
failures are consistent with the laboratorial test. From the
triaxial test and PFC3D simulations, it can be seen that the
red sandstone failed in the shear mode. The peak strength,
elastic modulus, peak strain, and residual stress of red sand-
stone increase while the inclination of the failure surface
decreases as the confining pressure increases. This indicates
that the increase of confining pressure can improve the
anti-destructive ability of red sandstone to a certain extent,
in other words, playing a certain protective effect on the
deformation and failure of red sandstone.

5.2. Comparative Analysis of Numerical Simulation. From
the rock failure characteristics obtained by the PFC3D simu-
lation, it is observed that the three-dimensional numerical
simulation can accurately simulate the macro- and micro-
failure mode of the rock under pressure. In laboratory

experiments, the macroscopic failure of red sandstone
under different confining pressures all showed oblique shear
failure, and the failure angle decreased with the increase of
confining pressure. Simulations of red sandstone under
different confining pressures are consistent with the labora-
torial experiments, with only a few differences on the tiny
crack. This is because the rock itself has cracks in nature,
which have an influence to rock damage in the laboratorial
experiment. The homogeneous model was established by
the method of numerical simulation that leads to the slight
differences between numerical simulation and experimental
results.

The PFC3D homogenization simulation can not only
simulate the changes of macroscopic cracks but also analyze
the development of its internal cracks. By comparing inter-
nal cracks from the CT three-dimensional reconstruction
of red sandstone with numerical simulation results under
confining pressure of 15MPa, it is clear that the shape of
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Figure 12: The number of microcracks in red sandstone under different confining pressure conditions: (a) 5MPa; (b) 10MPa; (c) 15MPa; (d)
20MPa.
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the main failure cracks inside the simulated rock specimen is
consistent with the internal cracks of the real rock specimen.
The good agreement of the results obtained from the numer-
ical simulation and the CT scanning indicates that the
numerical simulation is accurate for the distribution of
cracks in the red sandstone and the path of penetration
failure.

The PFC3D homogenization simulation can obtain the
fracture process of the rock specimen under the condition
of triaxial compression and reveal the evolution law of micro-
cracks in the rock specimen. In the initial stage, the number
of microcracks is very small. In the elastic-plastic deforma-
tion stage, the cracks begin to be active and the number of
cracks begins to increase. Compared with the first two stages,
the number of cracks increases exponentially after the peak
stress. It indicates that the microcracks of the rock specimen
interact and form the macrocracks at this stage. In addition, it
is found that the microcrack propagation mode of red sand-
stone under different confining pressures is basically the
same. The microcracks in red sandstone start from the end
of the rock specimen and gradually form oblique shear failure
under the action of external force. The consistencies of the
mechanical parameters and fracture evolution processes of
the red sandstone obtained from numerical simulation and
the indoor experiment also confirmed the feasibilities of
using the PFC3D numerical simulation to study rock failure.

6. Conclusion

In this study, with the applications of indoor triaxial com-
pression tests, PFC3D numerical simulation, and CT scan-
ning technique, the internal and external deformation and
failure characteristics of red sandstone under different con-
fining pressures were analyzed at micro- and macroscales.
The following conclusions were obtained:

(1) The effects of confining pressure on the mechanical
properties and failure characteristics of red sandstone
are very obvious. The failure surface of the specimens
shows shear modes. As the confining pressure
increases, the peak stress, elastic modulus, and peak
strain of the rock increase, while the inclination
angles of the shear surface decrease

(2) The process of crack initiation and propagation was
studied using the PFC3D numerical simulation and
CT scanning. The cracks first began to occur at the
end, propagated obliquely with the action of axial
stress and confining pressure producing a large num-
ber of the microcracks, and finally, microcracks inter-
act with each other forming the macrocracks and
resulted in oblique shear failure

(3) The mechanical parameters, fracture evolution pro-
cesses, and macro/microfracture characteristics of
the specimens obtained from PFC3D numerical simu-
lation and the CT three-dimensional reconstruction
are consistent. The consistencies confirmed that
PFC3D can simulate mechanical properties and the
failure characteristics of red sandstone under differ-

ent confining pressures, providing a feasible numeri-
cal method for studying the mechanical behavior of
rock. In addition, this method can also be used to
study the internal micromechanism of the rock fail-
ure and provide a theoretical basis for rock strength
prediction and safety evaluation under loads
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The freeze-thaw cycles will cause continuous damage to the rock, which is much related to the microcrack length, rock
permeability, and frost heaving pressure. However, the failure mechanism of the rock under compression after freeze-thaw
cycles is not very clear; therefore, it is studied with the damage theory here. First of all, according to the hydraulic pressure
theory, the relationship between the frost heaving pressure and the microcrack propagation length in one single microcrack is
established based on the elastoplastic mechanics and fracture theory. Second, by assuming the total strain of the rock under
compression is comprised of the initial damage strain, elastic strain, additional damage strain, and plastic damage strain, a
constitutive model for a rock based on the deformation and propagation of the microcrack under compression after freeze-thaw
cycles is established. Finally, the proposed model is verified with the test result. In all, the proposed model can perfectly reflect
the deterioration of the rock mechanical behavior under compression after the freeze-thaw cycles.

1. Introduction

Rock deterioration under freeze-thaw cycles is a hot issue in
many engineering projects in cold regions. This deterioration
proceeds with the freeze-thaw cycles, and the rock will grad-
ually lose its stiffness and strength.

Water in the microcrack is assumed to be the key factor
leading to the rock deterioration under freeze-thaw cycles.
The deterioration mechanism of the porous media under
freeze-thaw cycles was firstly described by Powers [1].
According to his theory, the frost heaving pressure will be
generated by 9% volume expansion when water in the closed
microcrack freezes into ice. It will make the microcrack prop-
agate and cause damage to the rock. Thereafter, lots of labo-
ratory tests have been done by many researchers, for
instance, Altindag et al. [2], Momeni et al. [3], Nicholson
and Nicholson [4], Zhang et al. [5], Wang et al. [6], Tounsi
et al. [7], and Tang et al. [8]. All these results indicated that
with the increasing number of freeze-thaw cycles, rock will

deteriorate and degrade to some degree in terms of the com-
pressive strength, elastic modulus, mass density, and so on.

No, many research works have been done in this field.
Neaupane and Yamabeb [9] proposed a nonlinear elastoplas-
tic constitutive relationship and a two-dimensional (plane
stress) numerical modeling on the basis of the finite element
method. With the continuum mechanics, Exadaktylos [10]
established a coupled model for the saturated porous rocks
under freeze-thaw cycles which can be used for analyzing
the preliminary thawing experiments on the porous sand-
stone. According to the freeze-thaw cyclic fatigue tests on
sandstone and shale, Tang et al. [8] assumed that the rock
damage process included two coupled parts, e.g., the damage
induced by the freeze-thaw cycles and the damage evolution
caused by stress erosion. And then, a frost damage constitu-
tive model is accordingly established. Based on the mass con-
servation law, energy conservation law, and the principle of
static equilibrium, Kang et al. [11] studied the thermo-
hydro-mechanical coupling mechanism and then proposed
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a new THM (thermo-hydro-mechanical) coupling model by
considering phase change effect, in which the water migra-
tion caused by segregation potential and temperature gradi-
ent is described. By considering the coupling effects among
fluid flow, heat transfer, crystallization, and deformation in
porous media, Wu et al. [12] established a thermo-hydro-
salt-mechanical coupled model for fully saturated porous
media with phase change. From the viewpoint of the energy
conservation law, mass conservation law, and the principle
of static equilibrium considering water/ice phase change,
Huang et al. [13] set up a fully coupled THMmodel and ver-
ified its validity with the laboratory test. Based on a
microstructure-based random finite element model for the
frozen soil, Dong and Yu [14] established a holistic model
to simulate the temperature, stress, and deformation in fro-
zen soil and implement a model to simulate frost heave and
stress on water pipelines. In order to consider the migration
of unfrozen water during freezing, Wang et al. [15] proposed
a general thermo-mechanical-water migration coupled con-
stitutive model to model mechanical degradation of rocks
subjected to freeze-thaw cycles. Fan et al. [16] established a
universal damage constitutive model under freeze-thaw and
loading conditions based on the statistical damage constitu-
tive model. Meanwhile, it can be seen that plasticity theory
[17, 18] is often adopted to describe the nonlinear mechani-
cal behavior of rock-like materials under freeze-thaw cycles.

Rock properties including the microcrack size distribu-
tion and permeability also have significant influence on rock
mass mechanical behavior [19–22]. Hori and Moriniro [23]
treated the shape of the microcrack as an ellipse in rock
and set up a micromechanical model for the microscopic
process. Although they assumed that the rock damage was
induced by the microcrack propagation due to the water
freezing and movement, they did not discuss the influence
of microcrack distribution and permeability on rock deterio-
ration. Therefore, the main objective of this research is to
present an elastoplastic damage model for the rock with ran-
dom distribution of the microcrack and the plastic yield cri-
terion of the homogeneous medium combined with the
micromechanical damage model to simulate the rock plastic
deformation. The total strain of the rock is assumed to be
comprised of initial damage strain, elastic strain, additional
damage strain, and plastic damage strain [24], where the ini-
tial damage strain caused by the freeze-thaw cycles is calcu-
lated by the initial compliance matrix which is the function
of freeze-thaw cycles. Meanwhile, the Drucker-Prager crite-
rion is adopted to describe the plastic behavior of rock under
compression, in which the microcrack radius is assumed to
obey an exponential law [25]. Finally, the validity of the pro-
posed model is verified with the experiment results.

2. Propagation of One Single Microcrack under
Frost Heaving Pressure

2.1. The Relationship between the Microcrack Propagation
Length and Ice Pressure in One Single Microcrack. Figure 1
illustrates a two-dimensional propagation model for one sin-
gle microcrack under the frost heaving pressure. The micro-
crack is an ellipse, and its propagation under the frost

heaving pressure will lead to the rock damage. When freez-
ing, the frost heaving pressure p acts on the inner wall of
the microcrack normally and evenly.

The following assumptions are made in this study: (1) the
microcrack is always elliptical during the whole freeze-thaw
cycles. That is to say, the shape of the microcrack is the same;
only its size changes; (2) the rock particle is assumed to be
unchanged; (3) the microcrack is always saturated, and the
microcrack propagation obeys the linear elastic fracture
mechanics; and (4) the propagation process of the micro-
crack is stable.

Water will change into ice with the volume expansion
when temperature decreases to a certain degree. But because
of the constraint of the microcrack wall, the stress induced by
the ice volume expansion will act on the microcrack inner
wall which will produce the elastic strain energy in the rock.
When the stress intensity factor K I is larger than the rock
fracture toughness K IC, the microcrack will propagate, which
will lead to the release of the elastic strain energy. According
to the Griffith energy balance theory, there is

W = E −U , ð1Þ

where W, E, are U are work done by the frost heaving pres-
sure, elastic strain energy stored in the rock, and the reduced
total potential energy of the whole system, respectively.

Assume the elastic strain energy releases completely dur-
ing the microcrack propagation, Equation (1) can be written
into

W = −U : ð2Þ

The work W done by the frost heaving pressure on the
inner wall of the microcrack is expressed as

W = 2 × p × 2a × Δbð Þ = 4paΔb, ð3Þ

where p is the frost heaving pressure, △b is the microcrack
opening displacement increment, shown in Figure 1.

The reduced total potential energy U of the whole system
in Equation (2) can be expressed as

U = −2G × Δa, ð4Þ

y

xp2b
Δ
b

2a ryΔa
Δa'

Figure 1: The microcrack propagation model under the frost
heaving pressure. 2a and 2b are the length and width of the
microcrack, respectively. △a and △b are the propagation length of
the microcrack along two directions, respectively. ry is the length

of the plastic zone near the microcrack tip. △a′ is the equivalent
propagation length of the microcrack.
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where △a is the microcrack propagation length and G is the
microcrack Griffith energy release rate.

There is a relationship between the volume of water and
that of the ice [26]. Without considering the constraint of
the microcrack wall, we assume the ice expansion volume is
△V i under the free condition. However, in practice, the ice
is loaded by the stress p, and accordingly, the corresponding
volumetric strain εv can be calculated:

εv =
3 1 − 2νið Þ

Ei
p, ð5Þ

where Ei and vi are the ice elastic modulus and Poisson’s
ratio, and here, they are assumed to be 600MPa and 0.3,
respectively.

Then, the actual volume increment ΔV i′ is

ΔV i′= ΔV i −V iε, ð6Þ

where V i is the volume of water before freezing.
According to the relationship of the water volume before

and after the phase change, there is

πab + ΔV i′= π a + Δað Þ b + Δbð Þ: ð7Þ

The microcrack propagation length can be obtained by
combining Equations(3), (4), (6), and (7)

A Δað Þ2 + B Δað Þ + C = 0, ð8Þ

where A = πG, B = πð2pab + aGÞ, and C = −2ΔV i′pa.
Solving Equation (8) yields

Δa =
− 2abp + aGð Þπ +

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
2abp + aGð Þ2π2 + 8Gpa × ΔV i′

q
2Gπ :

ð9Þ

For the rock especially the soft rock, the plastic zone will
be formed near the microcrack tip when the microcrack wall
is loaded by the frost heaving pressure. So, in order to satisfy
the requirement of the linear elastic fracture mechanics, it is
necessary to deal with the plastic zone near the microcrack
tip with the equivalent method. The plastic region reduces
the stiffness of the rock which is equivalent to a longer micro-
crack. The equivalent propagation length a′ of the micro-
crack is [27]

a′ = a + ry , ð10Þ

where a is the original microcrack length and ry is the
length of the plastic zone near the microcrack tip shown
in Figure 1, which can be expressed as for a plane stress
issue [27].

ry =
1
2π

KI
σs

� �2
, ð11Þ

where σs is the rock yield strength and KI is the first stress
intensity factor at the microcrack tip.

So after amendment, the actual propagation length Δa′
of the microcrack shown in Figure 1 is

Δa′ = Δa + ry: ð12Þ

The shape of the microcrack after propagation is shown
as the dotted line in Figure 1.

After m freeze-thaw cycles, the microcrack half-length
am is

The microcrack propagation corresponds to the rock
damage, and accordingly, the rock elastic modulus and com-
pressive strength will also decrease.

2.2. The Frost Heaving Pressure. According to Walder and
Hallet [28], the frost heaving pressure pi is related to the
duration time of the low temperature, the value of tempera-
ture, the volume of ice and water, and flow resistance, which
can be calculated by

pi tð Þ =
L −Tcð Þ
vsTa

1 − e− t/τð Þ
� �

+ p0e
− t/τð Þ, ð14Þ

where the characteristic time τ is [28]

τ = 8
3π

� � 1 − ν

μ

� �
gavL
v2s

� �
Rf , ð15Þ

where piðtÞ is the frost heaving pressure of ice at time t; Lð
−TcÞ/vsTa = 1:1MPa/°C × ð−TcÞ. Lð−TcÞ is the fusion heat
of ice at T = Tc, kJ/mol; vs and vL are the relative volume of
ice and water, respectively; when T < −1°C, vL = 0:07 and vs
= 0:93 [29]; Ta is the absolute temperature, 273.15K; p0 is
the initial frost heaving pressure, and according to the exper-
iment result, it is 2MPa; v is the rock Poisson ratio; μ is the

am = am−1 +
− 2am−1bp + am−1Gð Þπ +

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
2am−1bp + am−1Gð Þ2π2 + 8Gpam−1 × ΔV i′

q
2Gπ : ð13Þ
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rock shear modulus, MPa; Rf is the flow resistance, Pa·s/m; g
is the gravitational acceleration, m/s2; a is the microcrack
half-length. Here, the freezing and thawing temperatures
are adopted to be -20°C and 20°C, respectively. The time of
one freeze-thaw cycle is 12 h. The detailed calculation
method of Rf has been introduced byWalder and Hallet [28].

Therefore, the variation of the frost heaving pressure with
time is shown in Figure 2.

The work done by the frost heaving pressure along the
microcrack inner wall for one freeze-thaw cycle is

W =
ðti
0
4api tð Þ

Δb
ti

dt = 4aΔb
ti

ðti
0
pi tð Þdt, ð16Þ

where ti = 43200s and piðtÞ can be solved with Equation (14).

3. Establishment of the Rock Constitutive
Model under Compression after Freeze-
Thaw Cycles

3.1. Establishment of the Rock Constitutive Model. It is
assumed that the water/ice phase change in freeze-thaw con-
dition is the main reason leading to rock deterioration. The
frost heaving pressure is generated by 9% volume expansion
of freezing water in closed microcrack. The pressure makes
the microcrack propagate and when the temperature rises,
the melt water will go into the newly formed microcracks.
The repeated freeze-thaw cycles cause continuous damage
to the rock. Based on this viewpoint, the propagation of one
single microcrack under the frost heaving pressure is studied,
and the relationship between the propagation length of the
microcrack and the frost heaving pressure is obtained.
Because new damage continuously occurs under freeze-
thaw cycles, the elastoplastic theory is adopted to study the
rock damage mechanical behavior, and finally, a new consti-
tutive model for a rock based on the deformation and prop-
agation of microcracks under compression after freeze-thaw
cycles is proposed.

3.2. Strain Decomposition. In this proposed model, the total
strain of the rock under compression can be decomposed
into the following four components such as the initial dam-

age strain, elastic strain, plastic strain, and additional damage
strain induced by the microcrack propagation. It can be
expressed as

ε = εd + εe + εda + εp, ð17Þ

where ε is the total strain, εd is the initial damage strain, εe is
the elastic strain, εda is the additional damage strain, and εp is
the plastic strain. Their calculation methods are discussed
below.

3.2.1. Initial Damage Strain Induced by Freeze-Thaw Cycles.
The initial damage strain induced by freeze-thaw cycles is

εd½ � = Cd½ � σ½ �, ð18Þ

where ½Cd� is the initial damage compliance matrix.
Assume the half-length of the ith microcrack becomes am

after m freeze-thaw cycles. αi is the orientation of the ith

microcrack; then, the initial damage compliance matrix due
to one single microcrack is given by [25]

C½ � = C0½ � + Ai½ �−1� �T
ΔCi½ � Ai½ �−1, ð19Þ

where [C0] is the elastic compliance matrix, [Ai] is the trans-
formation matrix, and ½Ai�−1 is its inverse matrix.

Ai½ � =
cos2αi sin2αi −sin 2αi
sin2αi cos2αi sin 2αi

1
2 sin 2αi −

1
2 sin 2αi cos 2αi

2
6664

3
7775,

Ai½ �−1 =
cos2αi sin2αi sin 2αi
sin2αi cos2αi −sin 2αi

1
2 sin 2αi −

1
2 sin 2αi cos 2αi

2
6664

3
7775,

ΔCi½ � =

0 0 0

0 Ci
na

i
m

Ki
n2dh

0

0 0 Ci
sa

i
m

Ki
s2dh

2
6666664

3
7777775

ð20Þ

where Ci
n, C

i
s, K

i
n, and Ki

s are the compression transferring
coefficient, shear transferring coefficient, normal stiffness,
and shear stiffness of the ith crack, respectively. d and h are
width and height of the rock sample, respectively.

The total compliance matrix including N microcracks
whose half-length am is

C½ � = C0½ � + 〠
N

i=1
Ai½ �−1� �T

ΔCi½ � Ai½ �−1: ð21Þ

The orientation and size of the microcracks in the rock
are assumed to be random, which can be expressed with a
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p 
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Pa
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Figure 2: Variation of the frost heaving pressure with time during
one freeze-thaw cycle.
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probability density function ρða, αÞ = ρðaÞρðαÞ. According
to the distribution law of the microcrack, its orientation
and size satisfy the following normalization condition [30]:

ðamax

amin

ρ að Þda
ðπ/2
0

ρ αð Þ sin αdα = 1: ð22Þ

Assume the total number of the microcracks is Nc, and
then, the number N of the microcracks with half-length of
a can be expressed as

N =Nc

ða
amin

ρ að Þda: ð23Þ

Assume the orientation of the microcrack evenly distrib-
utes in all directions [31], and according to the definition of
the density function, ρðαÞ = 1 is obtained. Therefore, the total
compliance matrix including all microcracks is

C½ � = C0½ � +Nc

ðamax

amin

Ai½ �−1� �T
ΔCi½ � Ai½ �−1ρ að Þda

ðπ/2
0

sin αdα:

ð24Þ

With Equation (24), the initial damage compliance
matrix for different freeze-thaw cycles can be calculated and
then, the initial damage strain can be finally obtained.

3.2.2. Elastic Strain. For a plane stress issue, the elastic consti-
tutive relationship of rock is [32]

εe½ � = C0½ � σ½ �, ð25Þ

where ½εe� is the elastic strain matrix, ½εe� = ½ε11 ε33 ε13�T , ½σ� is
the stress matrix, ½σ� = σ11 σ33 σ13½ �, and ½C0� is the elas-
tic compliance matrix,

C0½ � =

1
E

−
ν

E
0

−
ν

E
1
E

0

0 0 1
μ

2
66666664

3
77777775
, ð26Þ

where E, μ, and υ are the rock elastic modulus, shear modu-
lus, and Poisson ratio, respectively.

3.2.3. Additional Damage Strain due to Compression. Under
compression, the microcrack will firstly close, and then, the
friction occurs along the microcrack face. When the shear
stress along the microcrack face is larger than the friction,
the wing crack will initiate and propagate from the micro-
crack tip. The propagation of the microcrack will lead to
the decrease in the rock elastic modulus, strength, and
increase in the rock permeability. The sliding microcrack
model under compression is shown in Figure 3.

After m freeze-thaw cycles, the microcrack length
becomes am, and for this moment, the first stress intensity

factor K I at the microcrack tip is [31, 33]

K I =
2ffiffiffi
3

p τ∗
ffiffiffiffiffiffiffiffiffi
πam

p , ð27Þ

where τ∗ is the effective shear stress on the microcrack face,
τ∗ = τm − fσm, τm and σm are the shear and normal stresses
on the microcrack face, respectively, and f is the friction
coefficient of the microcrack face.

τm = σ1 − σ3
2 sin 2α,

σm = σ1 + σ3
2 −

σ1 − σ3
2 cos 2α:

ð28Þ

When KΙ ≥ K IC (KIC is the rock fracture toughness), the
microcrack begins to propagate, and the stress intensity fac-
tor KW

I at the wing crack tip is [31, 33].

KW
I = 2aτ∗ cos αffiffiffiffiffi

πl
p − σ3

ffiffiffiffiffi
πl

p
, ð29Þ

where

τ∗ = 1
2 σ1 − σ3ð Þ sin 2α − f σ1 + σ3 +ð½ σ1 − σ3ð Þ cos 2αÞ�:

ð30Þ

The wing crack will stop propagating when KW
Ι ≤ KIC, so

l can be calculated with Equation (29).
The additional damage of a rock is due to the wing

crack propagation. According to Li and Lajtai [34], the

l

2a

¦1Ò

¦3Ò
¦Á

2d

2h

Figure 3: The sliding microcrack model under compression. 2a and
α are the length and dip angle of the microcrack, respectively. l is the
wing crack length. 2h and 2d are the height and width of the model,
respectively.
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macroscopic strain of a rock can be calculated.

ε∗1 =
8λχ cos α

E
2τ∗ cos α

π
ln l

a
− σ3

l
a
− 1

� �	 

,

ε∗3 =
χ

E

16τ∗γ cos2α
π

ln l
a
+ σ3π

l2

a2
− 1

 !

−8 cos α l
a
− 1

� �
σ3γ + τ∗ð Þ

2
66664

3
77775,

ð31Þ

where ε∗1 and ε∗3 are the strains along the vertical and hor-
izontal directions, respectively; λ = sin α cos α − f cos2α; γ
= −cos α sin α − f sin2α. χ is defined as the initial micro-
crack density and is expressed as χ =Na2/V . N is the total
number of the microcracks in a two-dimensional body of
unit thickness whose volume is V = 2 h × 2d.

Finally, the total rock strain due to compression consid-
ering the normalization condition is

ε1 =Nc

ðamax

amin

ρ að Þda
ðπ/2
0

ρ αð Þ sin αdα ⋅
8λχ cos α

E

× 2τ∗ cos α
π

	
ln l

a
− σ3

l
a
− 1

� �

,

ε3 =Nc

ðamax

amin

ρ að Þda
ðπ/2
0

ρ αð Þ sin αdα ⋅
χ

E

× 16τ∗γ cos2α
π

ln l
a
+ σ3π

l2

a2
− 1

 !"

− 8 cos α l
a
− 1

� �
σ3γ + τ∗ð Þ



:

ð32Þ

3.2.4. The Plastic Strain due to Compression. The Drucker-
Prager model is adopted to describe the rock plastic
behavior, whose yield function and plastic potential func-
tion are

F σ, κð Þ = β1I1 +
ffiffiffiffi
J2

p
− κ,

G σ, κð Þ = β2I1 +
ffiffiffiffi
J2

p
− κ,

ð33Þ

where I1 = σ1 + σ2 + σ3, J2 = ð1/6Þ½ðσ1 − σ2Þ2 + ðσ2 − σ3Þ2
+ ðσ3 − σ1Þ2�, β1 = 2 sin φ/

ffiffiffi
3

p ð3 − sin φÞ, β2 = 2 sin ψ/
ffiffiffi
3

p ð
3 − sin ψÞ, and φ and ψ are the friction angle and dilation
angle, respectively. κ is the hardening function, which can
be expressed as [35]

κ = σ0 + a1λ exp a2I1 − a3λð Þ, ð34Þ

where a1, a2, and a3 are the constants which can be
obtained by fitting with the uniaxial compressive stress-
strain curve. σ0 = 6c cos φ/

ffiffiffi
3

p ð3 − sin φÞ; c is the rock
cohesion.

According to Tan et al. [36], the rock internal friction
angle is basically the same, but the rock cohesion decreases

with the freeze-thaw cycles and obeys the following exponen-
tial function:

c mð Þ = c0e
−0:072m, ð35Þ

where c0 is the original cohesion strength (before freeze-thaw
cycle) and cðmÞ is the cohesion after the mth freeze-thaw
cycle.

The plastic strain rate is

_εp = _λ
∂G
∂σ

, ð36Þ

where _λ is a proportion coefficient.

3.2.5. The Number of the Microcracks in a Rock. The proba-
bility function [37] of the microcrack length can be expressed
as

ρ að Þ =
−
1
ac

exp −
a
ac

� �
, amin ≤ a ≤ amax,

0, otherwise,

8><
>: ð37Þ

where ac is the characteristic length of the microcrack, ac =Ð amax
amin

ρðaÞada. Nc is the total number of the microcracks per

unit volume, which is determined by the total volume of
the microcrack, Vc = 2πbNc

Ð amax
amin

ρðaÞa2da.
Finally, the curve of probability density function of the

microcracks is shown in Figure 4.
According to the experiment result of Rostásy et al. [38],

the total number of the microcracks basically remains the
same after freeze-thaw cycles. The longer microcracks will
propagate, while the shorter ones will close under the extru-
sion of other microcracks. Therefore, it is assumed that the
total volume of the microcrack is the same during the
freeze-thaw cycles and compression. So the total volume Vc
of the microcracks can be expressed with the rock void
porosity e and the total volume V of the rock sample, namely,
V c = eV .
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Figure 4: Probability density functions of the microcracks.
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The first stress intensity factor KI of the microcrack with
different lengths at the same stress condition can be
expressed as

K I =
2ffiffiffi
3

p τ∗
ffiffiffiffiffiffi
πa

p
: ð38Þ

Equation (38) can be changed into

ffiffiffi
3

p
KIC

2τ∗

 !2 1
π
= acr, ð39Þ

where τ∗ = ð1/2Þ½ðσ1 − σ3Þ sin 2φ − f ðσ1 + σ3 + ðσ1 − σ3Þ
cos 2φÞ� where acr is the critical length of the microcrack
which becomes active at the condition of σ1 and σ3 when
KΙ = KIC.

As shown in Figure 5, the microcrack whose length is
greater than acr will propagate.

The total number of microcracks that will be actually
activated is given by N =Nc

Ð amax
amin

ρðaÞda, as shown in

Figure 6.

3.2.6. The Numerical Algorithm of the Proposed Model. The
calculation of the rock plastic strain at different times
can be calculated with the semi-implicit return graphical
algorithm [17], shown in Figure 7. The plastic variables
σn+1, ε

p
n+1, κn+1, rn+1, and hn+1 at tn+1 are determined by

integration flow rule and hardening law and Δσtr, σn, κn,
rn = ∂F/∂σjσ=σn , and hn = ∂κ/∂λjλ=λn at time tn. The main
steps are as follows:

(1) Update strain tensor, and calculate the elastic strain
at time tn+1

εn+1 = εn + Δε,
Δσtrn+1 = C−1 : Δε,

ð40Þ

where C is the initial elastic compliance matrix
including the initial damage compliance tensor
caused by freeze-thaw and elastic compliance tensor.

(2) Update stresses and plastic strain and hardening
function κn+1

εpn+1 = εpn + Δλn+1rn,
κn+1 = κnΔλn+1hn

σn+1 = C−1 : εn+1 − εpn+1
� �

Fn+1 = F σn+1, κn+1ð Þ = 0

ð41Þ

where rn = ∂G/∂σjσ=σn and hn = ∂κ/∂κjλ=λn .
Calculate the plastic internal variable Δλn+1:

akn+1 + C−1 : Δσkn+1 + δλkrn = 0, ð42Þ

bkn+1−Δκ
k
n+1 + δλkn+1hn = 0, ð43Þ

Fk
n+1 + Fk

σ : Δσk
n+1 + Fk

κ∙Δκ
k
n+1 = 0, ð44Þ

Δσ

Δκ

" #
= − A kð Þ
h i

~a kð Þ
h i

− δλ kð Þ A kð Þ
h i

~rn½ �, ð45Þ
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Figure 5: Relationship between the microcrack critical length and
axial stress.
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Figure 7: Graphic returns method of semi-implicit integration
algorithm.
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Figure 8: Comparison of the stress-strain relationships for triaxial
compression tests with confining pressure σ3 = 5MPa by Tan et al.
[36] and simulated with the proposed model. The predicted stress-
strain relationships agree well with the tested ones.

0

40

80

120

160

200

240

0.000 0.002 0.004 0.006 0.008

Axial strain

𝜎 1
–𝜎

3 (
M

Pa
)

m = 0 test result #1
m = 0 test result #2
m = 0 simulated with the
proposed model

Axial strain

0

40

80

120

160

200

0 0.002 0.004 0.006 0.008 0.01

𝜎 1
–𝜎

3 (
M

Pa
)

m = 50 test result #1
m = 50 test result #2
m = 50 simulated with the
proposed model

Axial strain

0

40

80

120

160

0.000 0.002 0.004 0.006 0.008

𝜎 1
–𝜎

3 (
M

Pa
)

m = 100 test result #1
m = 100 test result #2
m = 100 test result #3
m = 100 simulated with the
proposed model

Figure 9: Comparison of the stress-strain relationships for triaxial
compression tests with confining pressure σ3 = 10MPa by Tan
et al. [36] and simulated with the proposed model. The predicted
stress-strain relationships agree well with the tested ones.
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where

Ak
h i

=
C 0
0 −I

" #
,

~a kð Þ
h i

=
ak

bk

" #
=

0
0

" #
,

~rn½ � =
rn

hn

" #
::

ð46Þ

δλðkÞ can be obtained with Equation (45)

δλ = Fk

∂F : Ak : ~rn
, ð47Þ

where ½∂F� = Fσ Fκ½ �.

Δλk+1n+1 = Δλkn + δλk: ð48Þ

(3) Update Nn+1 which is the number of microcracks
that begin propagating

At time tn+1, the updated normal stress is σn+1, under
which the critical initiation length ðacrÞn+1 of the microcrack
is calculated by

acrð Þn+1 =
1
π

ffiffiffi
3

p
KIC

2 τ∗ð Þn+1

 !2

, ð49Þ

where

τ∗ð Þn+1 =
1
2

σ1ð Þtrn+1 − σ3
� �

sin 2φ

−μ σ1ð Þtrn+1 + σ3+ σ1ð Þtrn+1 − σ3
� �

cos 2φ
��

" #
,

Nn+1 =Nc

ðamax

acrð Þn+1
ρ að Þda:

ð50Þ

(4) Update the additional damage strain ðεadÞn+1
The additional damage strain matrix of εad can be

expressed as

εad½ � = ε1 ε3 0½ �: ð51Þ

Update the length of wing crack ln+1

KW
I = 2a τð Þn+1 cos φffiffiffiffiffiffiffiffiffiffi

πln+1
p − σ3ð Þn+1

ffiffiffiffiffiffiffiffiffiffi
πln+1

p
, ð52Þ

where KW
I = KIC.

Update the additional strain

ε1ð Þn+1 =Nn+1

ðamax

acrð Þn+1
ρ að Þda

ðπ/2
0

ρ αð Þ sin αdα ⋅
8λa cos2α

E

× 2 τ∗ð Þn+1 cos α
π

	
ln ln+1

a
− σ3

ln+1
a

− 1
� �


,

ε3ð Þn+1 =Nn+1

ðamax

acrð Þn+1
ρ að Þda

ðπ/2
0

ρ αð Þ sin αdα ⋅
a2

E

×

16 τ∗ð Þn+1γ cos2α
π

ln ln+1
a

+ σ3π
ln+1ð Þ2
a2

− 1
 !

−8 cos φ ln+1
a

− 1
� �

σ3γ + τ∗ð Þn+1
� �

2
666664

3
777775:

ð53Þ

(5) Update the stress

σ∗n+1 = σn+1 − C−1 : εadð Þn+1 ð54Þ

4. Verification of the Proposed Model

In order to verify the proposed model, the experiment by
Tan et al. [36] is taken for an example. The rock type is
granite, which is obtained from Galongla mountain in
Tibet of China, where a highway tunnel passes through
the mountain and it is very cold in winter. The tested
samples are prepared as cylinders with 50mm in diameter
and 100mm high. The compression tests with confining
pressure 5MPa and 10MPa on the rock sample are done
with a multifunction rock mechanics test machine, and
the corresponding stress-strain curves are shown in
Figures 8 and 9. The calculation parameters are shown
in Table 1.

The characteristic length ac of the microcrack under 0,
50, and 100 freeze-thaw cycles is solved to be 0.1mm,
0.41mm and 1.64mm, respectively, with Equation (13).
According to the proposed model, the complete stress-
strain curve of the rock under compression with confining
pressure σ3 = 5MPa/10MPa is shown in Figures 8 and 9.

Table 1: The calculation parameters.

E (GPa) v e c (MPa) a1 (MPa) a2 (MPa-1) a3 ac (m) amin (m) amax (m)

36.71 0.2 0.0067 27.43 5e9 1e-8 100 1e-4 1e-7 0.0012
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It can be seen that the simulated stress-strain curves agree
well with the tested ones especially when σ3 = 10MPa.
Meanwhile, with the increasing freeze-thaw cycles, both
the climax strength and slope of the stress-strain curve
decrease; that is to say, the rock compressive strength
and elastic modulus both decrease. It indicates that the
freeze-thaw cycles have much effect on the rock mechani-
cal behavior.

5. Conclusions

(1) Based on the fracture mechanics, the calculation
method of the microcrack propagation length
induced by the freeze-thaw cycles is proposed. Mean-
while, the variation of the frost heaving pressure with
time during one freeze-thaw cycle is also calculated

(2) In the framework of the fracture and damage
mechanics, the total strain of the rock under com-
pression after freeze-thaw cycles can be decomposed
into the initial damage strain, elastic strain, plastic
strain, and additional damage strain. And their calcu-
lation methods are discussed in detail. Finally, a con-
stitutive model for a rock based on the deformation
and propagation of microcracks under compression
after freeze-thaw cycles is established

(3) By utilizing the semi-implicit algorithm, the stress-
strain relationship of the proposed model is calcu-
lated. The comparison of the theoretical results of
the proposed method and test ones shows that they
agree well with each other. Overall, the proposed
method provides a new way to simulate the mechan-
ical behavior of a rock under compression after
freeze-thaw cycles
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In our country, the Yellow River Basin ecological protection and development are put forward under the background of high
quality. Among the 14 large-scale coal bases in our country, 9 coal bases are located in the Yellow River Basin, and the Shenfu-
Dongsheng Coalfield, which is currently the largest under development, is located here. The region is in the process of coal
mining, and the movement of overlying strata will cause the stress redistribution and coal seam in overlying aquifers also due to
the effect of pore water pressure along the seepage of rock fracture and damage of overlying aquifer, so in the same formation,
stress and the coupled action of seepage flow will produce mutual influence. This article through the early stage of the
theoretical results discussed the application of numerical simulation method for simulating 2301 face, and the effect of stress on
seepage is concluded. It is proved that the numerical simulation analysis has an important reference value for the coupling
problem of stress and seepage. At the same time, the protective mining of aquifers is the basic condition for the surface
ecological protection of the area, and it also provides a theoretical basis for the restoration of the ecological environment in the
coal mining areas of the Yellow River Basin.

1. Introduction

China’s Yellow River Basin is rich in coal resources; nine of
the 14 large coal bases in our country coal base distribution
are in the China Yellow River Basin’s many Dongsheng Coal-
fields which are located in the western Inner Mongolia, and
the development of one of the biggest piece of coal is in the
northern Shanxi Province, which has simple mining geolog-
ical conditions; the surface has the salient feature of the frag-
ile ecological environment. In the edge of Maowusu desert
and the Loess Plateau, sparse vegetation and wind erosion
are serious, and most of the areas covered by thick wind-
blown sand; the main aquifer of quaternary system of Sarah
WuSu group is an unconformable contact on the Jurassic
bedrock; the aquifer is the survival of the whole region water
system; water is very precious, mainly by the surface precip-
itation to supply; we have a clear understanding that the
development of coal should not be at the expense of the

destruction of the local ecological environment, especially
in the northwest of Yulin and Ordos region; the region is
an arid region, there is little rain, wind is big, and the ecolog-
ical environment is very frail [1–4]. It is well known that the
traditional coal mining causes damage of the underground
rock mass structure, under the action of mining pressure
and the movement of the overburden; the phenomenon such
as fracture and overburden belongs to the discontinuous
medium rock at the top of the aquifer in discontinuous
medium flow, which we referred to as percolation, but due
to coal mining, the influence of stress of rock mass will redis-
tribute; it will inevitably affect the formation of the fissure
zone of rock mass, which affects fluid seepage in rock mass;
in the mining area, ecological restoration, protection, and
restoration of aquifer are crucial. At present, scholars at
home and abroad have studied more natural rock seepage,
but less on the seepage characteristics under the influence
of mining. In this paper, combining with the existing theory,
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the computer numerical simulation method commonly used
in the field of geotechnical science is used to analyze this kind
of problem, which has very important significance [5–8].

2. Brief Introduction of Previous
Research Results

The relation between the permeability coefficient Kh and the
stress P obtained by Snow (1966) [9] is

Kh = K0 + A
ρgb2

4μs

" #
p − p0
Kn

, ð1Þ

where K0 is the initial stress; P0 is the permeability coefficient
of action; Kn is the normal stiffness of the crack; and A is the
coefficient.

Jones (1975) [9] proposed the empirical equation of per-
meability coefficient K of rock fractures as follows:

K = K0 log ph
p

� �3
, ð2Þ

where Ph is the effective stress of healing when K = 0.
Louis et al. (1976) [9] obtained the following according to

the borehole pumping test:

K = K0 exp −ασð Þ,
σ ≈ λH − p,

ð3Þ

where K0 is the surface permeability coefficient; γH is over-
burden weight; P is water pressure; and α is the coefficient.

Kranz et al. (1979) [9] proposed the following formula to
predict the change of permeability coefficient (K):

K ∝− σc −
b
a
p

� �
: ð4Þ

In the formula, b and a are constant.

Walsh (1981) [9] obtained the empirical formula of per-
meability coefficient and effective stress σe as follows:

K = K0 1 −
ffiffiffi
2

p
ξ

� �
ln σe

σeo

� �� �3
, ð5Þ

where K0 is the initial permeability coefficient; σeo is the ini-
tial effective stress, and ξ is the coefficient related to the crack
geometry size.

Kelsall (1984) [9] proposed a method to explain the influ-
ence of stress on the permeability coefficient of rock mass:

Ke = Keo
1 + A σeo/ξ½ �t	 
3
1 + A σe/ξ½ �t	 
3 , ð6Þ

where Ke is the permeability coefficient when the effective
stress is σe and Ke acting on the σe main direction; and A,
T , and ξ are the material constants of rock mass fractures.

Bai and Elsworth (1989) [9] assumed that cracks were
soft, and the following equation was determined:

ΔK = ρg
12sμ b + sΔεð Þ3, ð7Þ

where Δε is the strain perpendicular to the fracture group.
Zhang et al. [10] obtained the relationship between pres-

sure, permeability coefficient, and seepage flow as follows:

K = K0 1 + p − γH cos2θ + λ sin2θ
� �

bKn

� �4
,

Q =Q0 1 + p − γH cos2θ + λ sin2θ
� �

bKn

� �4
:

ð8Þ

Table 1: The face of 2301 of rock physical and mechanical properties.

Serial
number

Rock name
Layer

thickness (m)
Buried depth

(m)
Bulk density
(kg/m3)

Compressive strength
(MPa)

Tensile strength
(MPa)

Elastic modulus
(GPa)

1
Weathered
mudstone

43 43 2300 10.6 1.2 1.0

2 Sandstone 104.2 147.2 2550 31.3 1.2 7.6

3
Sand and
mudstone

1.7 148.9 2730 66.7 1.8 6.2

4 3 coal seams 3.5 152.4 1420 27 0.4

5
Sandy

mudstone
40.2 192.6 2610 35.3 2.8 1.2

Concentration
alley Track lane

Working face

Transportation lane

Figure 1: Roadway layout of working face.
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3. Stress Seepage Coupling Numerical
Simulation Analysis of Fractured Rock Mass

3.1. Establishment of Mechanical Model. The 2301 working
face of a mine is located in the desert area of Yulin area, the
ecological environment is fragile, the working face is located
in the 3 coal seam, the average thickness is 3.5 meters, and the
overburden contains aquifer, which has an important impact
on the mining of coal mine; improper mining will cause the
accident of water inrush and sand. According to the rock
mechanics experiment, the rock mechanics parameters are
obtained (Table 1).

According to the roadway layout characteristics of 2301
working face and the near-horizontal coal seam (as shown
in Figure 1), in order to improve the calculation efficiency,
the design model is shown in Figure 2. This simulation is
mainly to analyze the distribution law and development
height of caving zone and fracture zone with overlying aqui-
fers. The entire overlying rock and a small part of the floor
should be considered when designing the model, which is
to analyze the coordination of coal seam, roof, and floor; this
is key to analyze the problem. This thesis has certain pore
water pressure of the aquifer as module, located 10m beneath
the floor of the overlying strata in the process of working face
advancing; fluid-structure interaction phenomenon has
mutual influence, the change of pore water pressure in the
rock mass causes stress variation in the mining, and water
may exist in the crack, and the crack volume changes; it will
have an effect on pore water pressure; this model uses the
fluid calculation and mechanical calculation; at the same
time, it also is often said that the fluid-structure coupling cal-
culation adopts the model of seepage flow in the calculation
and isotropic seepage model, calculating result in order to
achieve. In the model, the range of coal seam roof above is
until 148.9m as a model of the upper surface and a layer
of rock as a model of the base plate; each side of the
model scales out 50m; boundary treatment is the key
problem of the model; the specific process is as follows:
on the left and right boundary of the model, take u = 0,
v = 0 (u for the X axis displacement, v for the Y direction

displacement, namely, single constraint boundary). At the
bottom boundary of the model, u = v = 0 is the fully con-
strained boundary. The upper boundary of the model is
the ground surface [11–15], which is regarded as free
boundary without constraint [16–18].

3.2. Coupling Analysis of Stress and Seepage. The movement
of the overlying strata in coal mining leads to the redistri-
bution of stress, which is bound to affect the flow of fluid
in the fracture, and the key parameter is the permeability
coefficient, which reflects the flow law of fluid and also
reflects the development law of fracture in the overlying
strata.

3.2.1. Horizontal Movement Law of Overburden. Due to the
influence of working face mining, each unit of the math-
ematical model has to undergo continuous deformation.
In order to clearly display the horizontal displacement
change process of each node unit, the displacement calcu-
lation results of each node were output along with the
working face advancing, and the displacement cloud
maps of 2301 working face with different lengths and dif-
ferent stoping stages were drawn. The horizontal displace-
ment cloud maps of working face advancing with 100m,
150m, 200m, and 250m are shown in Figures 3–5
respectively.

In the working face, the phase of initial overall over-
burden deformation is not large, including horizontal
deformation value; this is due to the fact that the immedi-
ate roof is not fully caving; the supporting role, on both
sides of the mined-out area, has the opposite change; there
is displacement of the change in the opposite direction; its
value is nearer the mined-out area; the greater the distance
of the far mined-out area, the more and more small, along
with the mining, mine pressure release, the overburden,
and the horizontal displacement of zero, sometimes at
the same time, due to the restriction of the boundary con-
ditions, the model, and the lower part of the border
around the border; the strata horizontal displacement
value is separated into four areas: there are negative

Block group

1

2

3

4

5

Figure 2: The establishment of the mechanical model. 1 sandy mudstone; 2 coal seams; 3 sand and mudstone; 4 sandstone; 5 weathered
mudstone.
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Contour of X-displacement
Plane: on
Magfac = 0.000e+000

Interval = 2.0e–002
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–6.0000e–002 to –4.0000e–002
–4.0000e–002 to –2.0000e–002
–2.0000e–002 to 0.0000e+000
0.0000e+000 to 2.0000e–002
2.0000e–002 to 4.0000e–002

6.0000e–002 to 8.0000e–002
8.0000e–002 to 9.2190e–002

4.0000e–002 to 6.0000e–002

(a) 100m horizontal displacement cloud map

Contour of X-displacement
Plane: on
Magfac = 0.000e+000
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Figure 3: Horizontal displacement cloud map of different stoping stages (100m, 150m, 200m, and 250m) when the length of working
face is 200m.
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(d) 250m horizontal displacement cloud map

Figure 4: Horizontal displacement cloud map of different stoping stages (100m, 150m, 200m, and 250m) when the working face length
is 220m.
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moving area, positive moving area far away from the goaf,
and positive moving area and negative moving area near
the goaf.

3.2.2. Vertical Movement Law of Overburden. In the different
stages of 2301 working face, the vertical subsidence curve
shape of overlying rocks does not change much in the process
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(d) 250m horizontal displacement cloud map

Figure 5: Horizontal displacement cloud map of different stoping stages (100m, 150m, 200m, and 250m) when the working face length
is 240m.
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of working face advancement, and the changes of each rock
layer are basically the same; whether it is hard rock or soft
rock, all are coordinated deformation.

In the overburden on the vertical displacement of the
funnel characteristics, in early mining, the vertical displace-
ment is not big, but the amount of propulsion, strata of
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(d) 250m vertical displacement cloud map

Figure 6: Vertical displacement cloud map of different stoping stages (100m, 150m, 200m, and 250m) when the length of working face
is 200m.
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vertical displacement, and the maximum value appeared in
the middle of the mined-out area. This is because in the mid-
dle of the mined-out area, without support, the rock strata

have a greater range of movement, and from the picture that
looks like a funnel, when mining fully, strata are not a big
change, its change of displacement distribution is
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(d) 250m vertical displacement cloud map

Figure 7: Vertical displacement cloud map of different stoping stages (100m, 150m, 200m, and 250m) when working face length is 220m.
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Figure 8: Vertical displacement cloud map of different stoping stages (100m, 150m, 200m, and 250m) when working face length is 240m.

9Geofluids



Contour of SXX

Gradient calculation

Plane: on
Magfac = 0.000e+000

Interval = 2.0e+006

–1.5076e+007 to –1.4000e+007
–1.4000e+007 to –1.2000e+007
–1.2000e+007 to –1.0000e+007
–1.0000e+007 to –8.0000e+006
–8.0000e+006 to –6.0000e+006
–6.0000e+006 to –4.0000e+006
–4.0000e+006 to –2.0000e+006

0.0000e+000 to 4.4005e+005
–2.0000e+006 to 0.0000e+000

(a) 100m horizontal stress nephogram

Contour of SXX

Gradient calculation

Plane: on
Magfac = 0.000e+000

Interval = 2.0e+006

–1.6412e+007 to –1.6000e+007
–1.6000e+007 to –1.4000e+007
–1.4000e+007 to –1.2000e+007
–1.2000e+007 to –1.0000e+007
–1.0000e+007 to –8.0000e+006
–8.0000e+006 to –6.0000e+006
–6.0000e+006 to –4.0000e+006

–2.0000e+006 to 0.4005e+000
0.0000e+000 to 2.0000e+006
2.0000e+006 to 3.1653e+006

–4.0000e+006 to –2.0000e+006

(b) 150m horizontal stress nephogram

Contour of SXX

Gradient calculation

Plane: on
Magfac = 0.000e+000

Interval = 2.5e+006

–1.6620e+007 to –1.5000e+007
–1.5000e+007 to –1.2500e+007
–1.2500e+007 to –1.0000e+007
–1.0000e+007 to –7.5000e+006

–5.0000e+006 to –2.5000e+006
–2.5000e+006 to 0.0000e+000
0.0000e+000 to 2.5000e+006
2.5000e+006 to 3.3992e+006

–7.5000e+006 to –5.0000e+006

(c) 200m horizontal stress nephogram

Contour of SXX

Gradient calculation

Plane: on
Magfac = 0.000e+000

Interval = 2.5e+006

–1.6745e+007 to –1.5000e+007
–1.5000e+007 to –1.2500e+007
–1.2500e+007 to –1.0000e+007
–1.0000e+007 to –7.5000e+006
–7.5000e+006 to –5.0000e+006
–5.0000e+006 to –2.5000e+006
–2.5000e+006 to 0.0000e+000

2.5000e+006 to 3.5396e+006
0.0000e+000 to 2.5000e+006

(d) 250m horizontal stress nephogram

Figure 9: Horizontal stress nephogram of different stoping stages (100m, 150m, 200m, and 250m) when the length of working face is 200m.
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symmetrical, goaf in the working face advances continuously
in the process of filling, and vertical displacement of overbur-
den rock will then move forward, until it is focused on the
coal wall.

From the vertical displacement cloud maps of different
mining stages, in the beginning stage, the displacement
cloud maps in the vertical direction are not very large
either in size or in advance influence range. With the
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(d) 250m horizontal stress nephogram

Figure 10: Horizontal stress nephogram of different stoping stages (100m, 150m, 200m, and 250m) when the working face length is 220m.
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increase of distance, these changes also increase, and the
vertical displacement cloud map gradually becomes
unclosed (Figures 6–8).

3.2.3. Horizontal Stress Distribution in Rock Mass.Numerical
simulation results show that the early mining overburden
horizontal stress is not big. However, the zoning of the
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(d) 250m horizontal stress nephogram

Figure 11: Horizontal stress nephogram of different stoping stages (100m, 150m, 200m, and 250m) when the working face length is 240m.
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Figure 12: Vertical stress nephogram of different stoping stages (100m, 150m, 200m, and 250m) when the length of working face is 200m.
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Figure 13: Vertical stress nephogram of different stoping stages (100m, 150m, 200m, and 250m) when working face length is 220m.
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Figure 14: Vertical stress nephogram of different stoping stages (100m, 150m, 200m, and 250m) when working face length is 240m.
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overlying strata in the whole model is obvious. This is
because the overlying strata are composed of rock layers of
different properties during the deposition process. At the
same time, the vertical distance between each layer of rock
strata and the working surface is also different, so in the face
of the disturbance of underground mining, it will show dif-
ferent characteristics of overlying rock changes. The distribu-
tion of strata stress is stress arch, usually in place after the
coal for starting cut arch foot, in front of the coal wall stress
peak area of stress arch structure of the former arch foot; with
the working face advancing, the arch is not fixed but con-
stantly moves forward.

After the end of mining, the horizontal stress distribution
in the mined-out area is as follows: the horizontal stress in
the mined-out area is larger 20~40m upward, indicating that
the influence of stress mining is greater and strong. The
change of horizontal stress in the goaf upward 40-80m is
moderate, and the fluctuation is not large. The horizontal
stress from above 80m to the surface is small. It is due to
the mining of the underground working face, which is far

away from the surface of the ground, and the direct roof
and basic roof rock layers below have undertaken most of
the horizontal deformation. As you can see from the follow-
ing diagram, there is a significant partitioning phenomenon.
It also confirms that the extent of damage to the overlying
rock strata caused by mining activities gradually weakens
with the increase of distance (Figures 9–11).

3.2.4. Distribution Law of Vertical Stress inside Rock Mass.
In the process of advancing the working face, the overburden
undergoes the process of “deformation-separation-
instability.” At the same time, the internal stress of the rock
mass also changes accordingly. Because the basic roof is thick
and hard and the ability to resist deformation is strong, the
duration of each stage is longer. When the working face is
advanced to 150m, the advance influence range of the work-
ing face abutment pressure is about 50m. With the advance
of working face, the influence range of leading pressure is also
changing, and it has experienced the process of “increase-
decrease-increase.” After mining, stress concentration appears
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(a) Working face length is 200m and advances to 250m
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(c) Working face length is 240m advancing to 250m

Figure 15: The plastic zone distribution when the working face length is 200m, 220m, 240m, and pushed to 250m.
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Figure 16: Cloud diagram of overburden pore water pressure at 250m advance of working face advances to 100m, 150m, 200m, and 250m.
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especially near the top of the coal pillar. The peak depth of the
coal wall is 10m, and the influence range of abutment pres-
sure is about 60m in front of the coal wall (Figures 12–14).

3.2.5. Overburden Failure Status and Plastic Zone
Distribution. In the elastoplastic analysis, when the FLAC
program is dealing with the problem, it will judge the stress
state of the point according to the Mohr-Coulomb criterion
at the same time when calculating the stress and displace-
ment of each element. In the numerical simulation, the fol-
lowing conventions are made: 0 denoted that the rock mass
element is still in elastic state;1: indicates that the rock mass
element is yielding and begins to transition to the plastic
state; 2 represents that the rock mass element enters the plas-
tic state; 3 means that the rock mass element has exceeded the
uniaxial tensile resistance; 4 represents the yield of rock mass
unit and exceeds uniaxial tensile resistance; and 5 indicates
that the rock mass element has exceeded the uniaxial tensile
resistance. The software uses the existing failure parameters
of each unit to integrate, so as to express the failure situation
of the whole overburden. The identification of plastic zone is

the main basis of the failure state of overburden, as well as the
method to judge the distribution law and development height
of the water-conducting fracture zone.

It can be seen from the plastic separation diagram that
the main failure places are at the top and left and right sides
of the model. Under the influence of mining damage, the
overburden failure is symmetrically distributed. By compre-
hensive comparison of various calculation models, different
working face lengths lead to different distribution of plastic
zone and development height of the water-conducting frac-
ture zone. According to the analysis in Figure 15, when the
working face length is 200m, the maximum height of plastic
zone distribution in overlying rock is 48m. When the work-
ing face length of 220m strata distribution of plastic zone is
in the maximum height of 54m and when the working face
length of 240m strata distribution of plastic zone in the max-
imum height has communicated the overlying loose bed, the
overlying aquifer water inrush occurs; in production practice,
it cannot meet the working face length. Under the action of
mining seepage, the length of the working face cannot be
expanded indefinitely. Once it exceeds a certain value, the
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Figure 17: Comparison of permeability coefficient variation trend of different advancing distances at different working faces.
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overburden fissures will communicate with the aquifer and
even the surface, causing water inrush accidents. So the
working face length of 220m is the most reasonable [19–22].

3.2.6. Coupling Analysis of Stress and Seepage of Overlying
Rock when Working Face Length is 220m. Under the influ-
ence of mining, the stress of the overlying strata changes,
which makes the permeability of the overlying strata change.
Therefore, the coupling analysis of stress and seepage is par-
ticularly important in engineering applications. The seepage
problem of overburden rock caused by mining is mainly to
study the law of fluid movement in pores and fissures.
Among them, the parameter that best reflects the law of
change is the permeability coefficient. The change in perme-
ability coefficient reflects the expansion and closure of pores
and fissures. This also explains the overburden from the side.
In the law of rock movement, we can analyze the law of seep-
age through the change of stress, that is, the coupling analysis
of stress and seepage.

Here, we take the length of the working face 220m as the
basis. In the mining geological conditions, we know that there
is an aquifer above the bedrock, which will inevitably generate
pore water pressure on the surrounding rock formations. The
existence of pore water pressure will affect the surrounding
rocks. The nature of the pore water will change, and the
change of pore water pressure will affect the stress and strain
of the rock formation, which will redistribute the stress of
the rock formation. In the mining of the working face, the
upper and lower ends of the working face and the cut-off are
most affected. At this time, the permeability of the rock forma-
tion will increase accordingly. As the work surface advances,
the stress of the overlying strata of the stope will be redistrib-
uted, and the overlying strata will be closed from the original
tensile cracks and the permeability at this time The rate grad-
ually decreases until the fissure is closed, the pore water pres-
sure is zero, the working face continues to advance, and the
pore water pressure may become negative, because the
water-conducting fissure zone may spread to the overlying
aquifer, affecting the water level of the aquifer.

According to the simulation, the distribution of pore
water pressure reflects the movement of the overlying strata
in the process of advancing the working face. The figure
shows that the stress distribution at both ends of the working
face is concentrated, and a falling funnel appears above the
goaf (Figure 16).

According to the numerical simulation results, the
change rule of overburden stress under the action of overbur-
den pore water pressure can be obtained, which is expressed
by the trend in Figure 17.

Through the above analysis, the movement fracture of
the overlying strata in coal mining is the result of the joint
action of stress and seepage. The change of stress will change
the flow law of fluid accordingly.

4. Conclusion

(1) Summing up the relationship between stress and per-
meability coefficient in the earlier part, these relations
are simple and convenient to apply

(2) By using computer numerical simulation technology,
the influence of stress on the seepage of fractured
rock mass is analyzed. The plastic separation dia-
gram shows that the main areas of failure are above
and on the left and right sides of the model. Under
the influence of mining damage, the overburden fail-
ure is symmetrically distributed. By comprehensive
comparison of the calculation models, different
working face lengths lead to different distributions
of plastic zone and development height of water-
conducting fracture zone. Through the comparative
analysis of cloud image and trend chart, it is found
that the pore water pressure acts on the whole over-
lying strata and affects the development of fractures,
and the change of fracture network also affects the
subsidence trend of overlying aquifer, both of which
influence each other

(3) The practice shows that the computer numerical sim-
ulation analysis of the coupling problem of stress and
seepage is intuitive and effective. The application of
clear and intuitive diagrams instead of complex theo-
retical formulas simplifies a lot of work

(4) The above analysis shows that the mining impact of
the coal mining area in the Yellow River Basin has
led to the destruction of the overlying rock aquifer
and the leakage of surface water, affecting the fragile
ecological environment of the surface, leading to lack
of water for surface vegetation and soil desertifica-
tion, so the mining area is underway. In ecological
restoration, this method can be used to conduct in-
depth research on the protection and restoration of
aquifers, so as to provide a theoretical basis for the
ecological protection and high-quality development
of the Yellow River Basin
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This paper investigates the performance of a top-down deep excavation in soil-rock composite stratum. The behavior of the
excavation bracing system, consisting of ground anchors and end-suspended piles, has not been well understood due to the lack
of relevant research. Based on the observed data of a typical deep excavation case history for the May Fourth Square Station in
Tsingtao, China, the characteristics of the horizontal and vertical pile displacements, ground surface settlements, building
settlements, axial forces in ground anchors, earth pressure, and pore water pressure during excavation were analysed. Two-
dimensional finite element simulations were carried out to further explore the deformation and internal force responses of end-
suspended piles and to capture the effects of pile diameter, embedded depth, and rock-socketed depth on the horizontal
displacement and bending moment distributions along the pile shaft. It was found that the pattern of the vertical pile
displacements could be categorized into three types: rapid settlement, slow settlement, and rapid heave. The magnitudes of the
ground and building responses can be well controlled within allowable limits by combining the top-down method with the
adopted bracing system. Among the investigated parameters, pile diameter is dominant in affecting the horizontal pile
displacement. The primary influence zone for pile bending moment varies, depending on the parameters. It is recommended
that a combination of top-down method, ground anchors, and end-suspended piles be adopted for restraining excavation
deformation and lowering construction costs of similar deep excavations in soil-rock composite stratum.

1. Introduction

Excavations are generally made for constructing metros,
mass rapid transit systems, high-rise buildings, underground
oil tanks, and other facilities. With the rapid development of
economy and urbanization, excavations are going deeper and
becoming larger in scale. This highlights the significance of
investigating the performance of deep excavations, especially
for them that are under unsatisfactory geological conditions
[1–4] or them that are in close proximity to constructed facil-
ities or infrastructures [5–8].

In the past several decades, extensive studies have been
conducted to investigate the performance of deep excava-
tions in terms of excavation-induced deformation and
internal force characteristics of retaining walls and bracing

structures [9–11], ground movements [12–14], and response
of preexisting structures that are adjacent to the excavations
[15–17]. These studies are based mainly on numerical simu-
lations [18, 19], empirical or semiempirical methods [20, 21],
analytical solutions [22, 23], in situ monitoring data analysis
[24, 25], centrifuge or scaled model testing [26, 27], and
machine learning [28, 29]. Among the commonly adopted
methods, numerical simulations usually predict better results
for excavation-induced wall displacements than for ground
movements and can consider the effects of excavation stages
and nonlinearity of soil behavior [30, 31]. In addition, as the
design of the bracing system for a deep excavation is still
heavily dependent on semiempirical and empirical methods
[32, 33], an update on the well-documented deep excavation
case histories by in situ monitoring data analysis will be
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beneficial for relevant researchers, designers, and engineers
by providing timely feedback helpful for lowering the risk
for construction and design.

The performance of deep excavations varies according to
excavation geometry and scale, geological conditions, excava-
tion method, type of retaining structure, and other factors.
Tan et al. [34] found that for a long and narrow deep excava-
tion, the minimumwall deflections occurred near the excava-
tion corners while the maximum near the middle span of the
excavation. This can be attributed to the corner strengthen-
ing effect which has also been investigated by Lee et al. [35]
and Ou and Shiau [36]. The geological conditions signifi-
cantly affect the design of the excavation bracing system
and thus the construction duration and cost. A great deal of
efforts were made to understand the performance of deep
excavations in various types of soils including soft clays
[37], sand [38], granite [39], sand covered karst [40], and
loess [41].

The commonly adopted excavation methods mainly
include the bottom-up method, the top-down method, and
the semitop-down method. Due to its advantages of short
excavation duration, low construction cost, and easy opera-
tion, the bottom-up method was used for constructing many
metrostations or basements in soft soils [42, 43]. To avoid the
risk of excessive ground movements and tremendous distur-

bance to the existing structures or facilities involved in the
bottom-up method, the top-down method is frequently
adopted in deep excavations in congested urban environ-
ment [44–46]. Recently, an innovative excavation method
termed semitop-down method, which is superior to the
abovementioned two methods, has been used in several exca-
vations in downtown Shanghai [47]. In addition, as for the
type of retaining structure for a deep excavation, flexible
retaining systems (e.g., soldier pile walls and sheet pile walls)
and stiff diaphragm walls are prevalent and have been exten-
sively investigated. Some observed data has proved that the
empirical or semiempirical prediction methods based on
flexible retaining systems may overestimate the ground
movements and wall deflections corresponding to stiff dia-
phragm walls [48–51]. Despite the plenty of studies on the
performance of deep excavations, the performance of deep
excavations braced with ground anchors and end-suspended
piles in soil-rock composite stratum has not been well
understood.

The end-suspended piles have been successfully applied
for supporting deep excavations in the soil-rock composite
stratum in many cities in China such as Tsingtao, Guang-
zhou, Shenzhen, and Wuhan where the bedrock is relatively
shallowly buried. Due to the difficulty of constructing cast-
in-place pile in hard rock stratum and the limitation of
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Figure 1: Plan view of the May Fourth Square Station excavation case history.
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project budget, the bottom of end-suspended pile in this case
is above the final excavation bottom. This feature differenti-
ates the deep excavation braced with end-suspended piles

from that braced with conventional piles. In order to further
expedite the application of end-suspended piles in deep exca-
vations and optimize their design, a deeper understanding of
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the performance of deep excavations braced with end-
suspended piles and the effects of many important parame-
ters is necessary. In addition, the soil-rock composite stratum
is characterized by soft soil in the upper position and hard
rock in the lower position. Because of this, blasting excava-
tion may be required and careful design of the excavation
bracing system is necessary for reducing the construction
cost and ensuring safety and stability.

In this paper, a case history of top-down deep excavation
braced with ground anchors and end-suspended piles in the
soil-rock composite stratum was reported. The observed per-
formance of the deep excavation in terms of horizontal and
vertical pile displacements, ground surface settlements,
building settlements, axial forces in ground anchors, earth
pressure, and pore water pressure was analysed. Moreover,
a parametric study based on two-dimensional (2D) finite
element method was conducted to capture the effects of
pile diameter, embedded depth, and rock-shoulder width
on the deformation and internal force characteristics of
end-suspended pile.

2. Case History Description

2.1. Engineering Background. Figure 1 shows a plan view of
the considered deep excavation case history. The May Fourth
Square (MFS) Station, serving as an interchange station for
Lines M2 and M3 of Tsingtao Metro Line 3, is located at
the intersection of the HK Road and the Shandong Road.
The MFS Station, consisting of 5 passageways and 2 fire-
fighting entrances, has a length of 277.8m and a width of

44.8m. The cover depth of the Station ranges between 3.7
and 6.9m. The 20m deep excavation was bounded by the
401 Hospital dormitory to the north, by the Tsingtao Center
and its hotel and office buildings to the south, by 2 brick
buildings and the Shangri-La Hotel (15–19 stories) to the
west, and by the Yihe International Building to the east.

Table 1: Summary of the main construction activities.

Stage Construction activities Duration (days)

1 Excavate to top slab, construct columns and top slab, and backfill and restore traffic 78

2 Construct end-suspended piles, excavate to 2m BGS 59

3 Install ground anchors YMG1 and YMG2, apply prestress of 200 kN 17

4 Excavate to 5m BGS 14

5 Construct temporary support 9

6 Excavate to 7m BGS 12

7 Install ground anchors YMG3, apply prestress of 100 kN 19

8 Excavate to 8m BGS 22

9 Install ground anchors YMG4, apply prestress of 310 kN 16

10 Excavate to 9.5m BGS 13

11 Install ground anchors MG1 7

12 Excavate to 12m BGS 15

13 Install ground anchors MG2 23

14 Excavate to 13.5m BGS, cast middle slab 17

15 Install ground anchors MG3 26

16 Excavate to 15.5m BGS 11

17 Install ground anchors MG4 18

18 Excavate to 17.5m BGS 29

19 Install ground anchors MG5 21

20 Excavate to 20m BGS 10

21 Cast base slab 19
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Figure 2 shows a profile of Section B-B as illustrated in
Figure 1. The excavation, made using the top-down method,
was braced with end-suspended piles and both prestressed
ground anchors (i.e., YMG1, YMG2, and YMG3) and general
ground anchors (i.e., MG1–MG6). The vertical and horizon-
tal spacings between two ground anchors were, respectively,
1.9 and 1.8m. The borehole diameter and the inclination
angle with respect to the horizontal direction for a ground
anchor were, respectively, 0.15m and 15°. The diameter of
the end-suspended piles was 0.8m on the inner side row
and 1.0m on the outside row. The length of the end-
suspended piles ranged between 6.5 and 8.0m.

The subsurface conditions at the site consist of a miscel-
laneous fill (MF) layer of 2m in thickness overlying a
sequence of granite layers. The granite layers, in descending
order, are heavily weathered granite (HWG) layer, moder-
ately weathered granite (MWG) layer, and slightly weathered
granite (SWG) layer. The groundwater mainly consists of
pore water and bedrock fissure water which is near to the
structural belt. A detailed geotechnical investigation includ-
ing in situ and laboratory tests was performed to determine
the soil parameters for this case history. The variations of
several important parameters, which are modulus of elastic-
ity, Poisson’s ratio, unit weight, cohesion, and angle of inter-
nal friction, with depth below ground surface, are plotted in
Figure 3. Evidently, the modulus of elasticity, cohesion, and
angle of internal friction for the SWG and MWG layers are
significantly greater than that for the HWG and MF layers.

2.2. Field Instrumentation. A plan view of the field instru-
mentation layout is presented in Figure 1. Figure 2 gives a
profile of the instrumentation. The instrumented items
included horizontal and vertical pile displacements, ground
surface settlements, building settlements, axial forces in
ground anchors, earth pressure, and pore water pressure.
The horizontal and vertical pile displacements were moni-
tored using inclinometers. Level instruments were used to
monitor the ground surface settlements and building settle-

ments with a minimum spacing of 2.0m. The monitoring
points for building settlements were created by drilling on
the building corners using percussion drilling and then
installing L-shaped iron nails. The axial forces in ground
anchors were monitored using steel stress meters welded to
the main reinforcement of the ground anchors. The earth
pressure was monitored using the earth pressure cells, which
were installed on the outside of the end-suspended piles. The
elevations of the earth pressure cells corresponded to that of
the steel stress meters. Monitoring of pore water pressure was
automatically performed throughout the excavation stages
using the vibrating-wire piezometer cells located in the water
pipe boreholes close to the inclinometers. All instrumenta-
tion was installed and calibrated at least two weeks before
the beginning of any construction work at the site. Accuracy
of the observed data was periodically checked during the
excavation.

2.3. Construction Stages. Table 1 summarizes the main con-
struction activities as well as their duration at the site. Work
began with the excavation of the soil above the top slab. After
this, the columns and the top slab with a thickness of 1m
were constructed. The concrete filled steel tubular columns
were of 0.8m in external diameter, 0.02m in wall thickness,
and 7.8m in spacing. When the top slab was completed,
backfilling of the excavated miscellaneous fill and construc-
tion of the pavement were conducted to restore the traffic.
Excavation then proceeded as described in Table 1. The inner
side row of the end-suspended piles extended to a depth of
8.5m below ground surface, whereas the outside row pene-
trated to a depth of 15m below ground surface. As the con-
struction activities proceeded, 8 levels of ground anchors
were installed to brace the end-suspended piles and the exca-
vation. Ground anchors at the first level consisted of YMG1
and YMG2, and they were preloaded with approximately
60% of the design ground anchor load. The second and third
levels of ground anchors were preloaded, respectively, with a
load of 100 and 310 kN.
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3. Observed Performance during Excavation

3.1. Horizontal and Vertical Pile Displacements. The magni-
tude of the horizontal displacements of the end-suspended
piles affects not only the stability of the pile but also the
ground movements surrounding the excavation. Figure 4
presents the subsurface distributions of horizontal pile dis-

placements at CX13 for several construction stages as
detailed in Table 1. It can be indicated that when the excava-
tion proceeded to 2m below ground surface, the horizontal
pile displacement was trivial with its maximum being less
than 3mm. This could likely be attributed to the fact that
the excavation depth was small and the excavation exposure
duration was short. As the excavation depth increased, the
horizontal pile displacements throughout the entire pile
length significantly increased. The maximum horizontal
pile displacement occurred initially at the pile top at the
first two excavation stages. After the excavation stage pro-
ceeding to 7, the maximum horizontal pile displacement
occurred at the pile tip. Although the embedded depth
of the end-suspended piles into the MWG layer was only
2m, the restraining effect of the embedded section was
sufficient to ensure the stability of the end-suspended pile
during excavation.
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Figure 5 shows the time histories of the vertical dis-
placements atop the end-suspended piles. It can be found
that the pattern of the vertical pile displacements could be
categorized into three types: rapid settlement, slow settle-
ment, and rapid heave. The rapid settlement pattern
occurred before the backfilling of the excavated MF layer
above the top slab. Throughout the pattern of slow settle-
ment, the maximum vertical pile displacement of -12.28m
in magnitude was achieved. When the excavation depth
proceeded to be greater than 15.5m, the pattern of rapid
heave appeared due to the pronounced stress relaxation
effect caused by excavation. The maximum heave of the
end-suspended piles was 5.68mm.

3.2. Ground Surface Settlements. Figure 6 shows the time
histories of the ground surface settlements along monitor-
ing lines of DC13, DC23, and DC39. It can be indicated
that the rate and the magnitude of the ground surface set-
tlement was much greater at DC23-02 than at other surface
settlement monitoring points. Before July 19, 2012, the
daily surface settlement was approximately -0.4mm, and
this value decreased to be -0.1 to -0.2mm as time went
on. Up to August 31, 2012, the maximum surface settlement
was reached with a magnitude of -17.68mm. In addition,
neither the daily surface settlement nor the accumulated
surface settlement exceeded the design value and the alarm
value.

Figure 7 shows the time histories of the ground surface
settlements along monitoring lines of DC05, DC06, DC07,
and DC30. It can be noticed that the ground surface settle-
ments were continuous during the excavation with the daily
surface settlement being about -0.2mm. The rapid settlement
phase was replaced by the slow settlement phase after the
achievement of the final excavation depth. The maximum
surface settlement was -14.88mm, which was also less than
the design and the alarm values. The relatively small ground
surface settlement induced by a top-down deep excavation
benefited from the bracing effect of the top slab. Therefore,
in soil-rock composite stratum, the top-downmethod is pref-
erable to the bottom-up excavation method.

3.3. Building Settlements. To analyse the excavation induced
building settlements, the Yihe International Building, which
was, respectively, 24 and 63m apart from the 4# and the 3#
passageways, was selected as the representative. Figure 8
shows the time histories of the Yihe International Building
settlements. It is noted that the building settlements occurred
at the 8 monitoring points increased in a wave-shaped man-
ner with proceeding the construction date. Several rebound-
ing trends on the time history curves are observable. This
phenomenon may be attributed to the preloading of the
ground anchors. Among the considered monitoring points,
the JC04-1, nearest to the excavation, settled most, with the
maximum settlement being -10.71mm.

3.4. Axial Forces in Ground Anchors. Figure 9 shows the time
histories of the axial forces in ground anchors. It can be rec-
ognized that the variation of the axial forces in ground
anchors was rather complex in the early stage of the excava-
tion. After the backfilling of the soil above the top slab, the
axial force in ground anchor MG5 decreased gradually. In
the meantime, the axial forces in ground anchors YMG3,
MG4, and MG2 remained almost unchanged, while the axial
forces in ground anchors YMG4, MG1, MG3, and MG6
increased slightly. For the investigated case history, a combi-
nation of ground anchors and end-suspended piles has pro-
vided satisfactory bracing effect.

3.5. Earth Pressure. Figure 10 shows the time histories of the
earth pressure at monitoring points TY03-01, TY03-02,
TY03-03, TY04-01, and TY04-02. It is shown that the earth
pressure at TY03-02 and TY03-03 increased before the 25th

construction days and then decreased with proceeding the
construction days. However, unlike the variational character-
istics of earth pressure at TY03-02 and TY03-03, the earth
pressure at TY03-01, TY04-01, and TY04-02 consistently
decreased with proceeding the construction days. The
decreasing trend of the earth pressure could be attributed to
the increase in the horizontal displacements of the ground
surrounding the excavation.
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3.6. Pore Water Pressure. Figure 11 shows the time histories
of pore water pressure at various monitoring points. As is
shown, the variational rate of the pore water pressure was
slow at the selected monitoring points except the KY04-03.
At KY04-03, the pore water pressure initially decreased at a
relatively high velocity until the 20th construction day, after
which the decreasing velocity was reduced greatly. According
to the principle of effective stress, the relationship among
total stress σ, effective stress σ′, and pore water pressure μ
can be described by σ = σ′ + μ. When the total stress σ is kept
constant, a negative correlation exists between effective stress
σ′ and pore water pressure μ. During the station excavation,
the unloading effect will lead to a reduction in the pore water
pressure within the ground. Simultaneously, the effective
stress increases, which will compress the soil, resulting in a

repeated increase of the pore water pressure at some moni-
toring points.

4. Finite Element Analysis

4.1. Meshing and Boundary Conditions. The symmetry of the
considered deep excavation case history was considered in
the finite element analysis. Figure 12 shows the meshing of
the finite element analysis model. As the length of the excava-
tion in the longitudinal direction is much larger than that in
the transverse direction, a 2D plane strain finite element
model was established. According to the previous engineer-
ing experience and related numerical analysis results, the pri-
mary zone of excavation influence is characterized by a width
of 2 to 4 times the final excavation depth and by a depth of 2

115 m

75
 m

Figure 12: Meshing of the finite element analysis model.
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to 3 times the final excavation depth. Therefore, the dimen-
sions of the established finite element analysis model were
of 115m in horizontal direction and 75m in vertical direc-
tion. Roller supports were applied to the vertical boundaries
to restrain the horizontal displacements, while pin supports
were applied to the bottom of the mesh to restrict the dis-
placements in all directions.

4.2. Constitutive Models and Parameters. In the numerical
analysis, the Mohr-Coulomb model was used to describe
the stress-strain behavior of the soils. Table 2 summarizes
the soil parameters for the finite element analysis. The
parameter, incremental stiffness Einc, is a special option in
PLAXIS [52] for the Mohr-Coulomb model. It is activated
for inputting the soil stiffness as a function of cover depth,
which is beneficial for revising the exaggerated basal heave
involved in the application of this soil constitutive model.
Considering the fact that the stiffness of the bracing structure

and the station structure is much larger than that of the soils,
the linear elastic model was adopted to simulate the constitu-
tive behavior of the structures.

The beam element was used to represent the end-
suspended piles and steel pipe columns. In the numerical
analysis, the real piles and columns of circular cross-section
were transformed to beams of a rectangular cross-section.
This transformation is based on the principle of equivalent
flexural rigidity which has the form of

πD4

64 =
Sd3eq
12 , ð1Þ

where D is the diameter of pile or column, S is the spacing
between two piles or columns, and deq is the equivalent thick-
ness of the transformed beams.

A manipulation of Equation (2) yields

deq =
ffiffiffiffiffiffiffiffiffiffiffi

3πD4

16S
3

r

: ð2Þ

Table 2: Soil parameters adopted in finite element analysis.

Parameter Miscellaneous fill Heavily weathered granite Moderately weathered granite Moderately weathered granite

γunsat (kN/m
3) 17.5 23.5 24.5 25

γsat (kN/m
3) 20 24.5 25 25.3

E (MPa) 8 45 120 12000

Einc (MPa/m) 0 0 0 500

ν 0.42 0.28 0.25 0.22

c (kPa) 10 40 100 1800

φ (°) 8 25 35 45

ψ (°) 0 0 5 13

Rint 0.67 0.8 1 1

Note: γunsat: natural unit weight; γsat: saturated unit weight; E: modulus of elasticity; Einc: incremental stiffness; ν: Poisson’s ratio; c: cohesion; φ: angle of internal
friction; ψ: dilatancy angle; and Rint: reduction factor for soil/structure interfacial shear strength.
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By using Equation (2), the equivalent thicknesses for the
end-suspended piles, slabs, and steel pipe columns were
derived which are, respectively, 0.73, 1, and 0.42m.

The anchorage sections of the prestressed ground
anchors as well as the ground anchors in the granite layers
were simulated using the geogrid element. For the geogrid
element, the modulus of elasticity Ec was calculated by

Ec =
AEs + AmEm

A + Am
, ð3Þ

where A is the cross-sectional area of the cable or bolt, Am is
the cross-section area of grout, Es is the modulus of elasticity
for the cable or bolt, and Em is the modulus of elasticity for
the grout.

4.3. Deformation and Internal Force Characteristics of End-
Suspended Piles. Figure 13 presents the variation of the
horizontal displacement of the end-suspended pile with a
construction stage. It can be indicated that at the excavation
depth of 2m, the deformation of the pile was characterized by
cantilever type. In other words, the horizontal pile displace-
ment peaked at the pile top, while it was almost zero below
the rock-socketed position. An observable increase in the
horizontal pile displacement below the rock-socketed posi-
tion occurred when the excavation depth reached 5m. At
the excavation depth of 20m, the maximum horizontal pile
displacement of 0.33mm appeared at 2.25m above the
rock-socketed position. As a whole, because of the effect of
the prestressed ground anchor attached to the pile top, the
maximum horizontal displacement of the end-suspended
pile, which occurred at the pile top, was achieved at the con-
struction stage 2.

The variation of the horizontal displacement at end-
suspended pile tip with construction stage is shown in

Figure 14. It can be noted that the horizontal pile tip displace-
ment increased with an increase in the excavation depth.
During the installation of the ground anchor YMG4, a signif-
icant change of the horizontal pile tip displacement occurred,
indicating that the feet-lock prestressed ground anchor
played an important role in controlling the horizontal pile
tip displacement. A dramatic increase in the horizontal pile
tip displacement was also observed when the rock within
the range of pile embedment depth was excavated. This dem-
onstrated that the restraining effect of the rock beneath the
pile tip on the pile tip was noteworthy, although the embed-
ment depth of the pile into the MWG layer was only 2m.
Moreover, it can also be indicated from Figure 14 that a sig-
nificant reduction in the horizontal displacement at the pile
tip occurred between construction stages 8 and 12. This
may be attributed to the application of a relatively large pre-
stress of 310 kN to the ground anchors of YMG4.

Figure 15 shows the variations of the bending moment
and shear force in the end-suspended pile with the construc-
tion stage. It is shown that the effect of proceeding the con-
struction stage on the internal forces within the upper 3m
of the pile was negligible. This was because the first level of
the ground anchor attached to the pile top had restrained
the horizontal pile displacement. As the maximum bending
moment in the pile occurred between the first-level ground
anchor and the temporary support, the prestress in the lower
levels of ground anchors had a negligible effect on the maxi-
mum bending moment. Moreover, with a further increase in
the excavation depth, the position at which the maximum
negative bending moment occurred moved down gradually.
When reaching the final excavation depth, the maximum
negative bending moment appeared at 0.75m below the
rock-socketed position. Additionally, the shear force in the
rock-socketed position decreased with increasing the excava-
tion depth.

–100

–2

0

2

4

6

8

–50 0

Bending moment (kN·m/m)

50 100 150

D
ist

an
ce

 to
 ro

ck
-s

oc
ke

te
d 

po
sit

io
n 

(m
)

Stage 6
Stage 7
Stage 8

Stage 9
Stage 20

(a)

–2

–200 –150 –100 –50 0
Shear force (kN/m)

Stage 6
Stage 7
Stage 8

Stage 9
Stage 20

50 100 150

0

2

D
ist

an
ce

 to
 ro

ck
-s

oc
ke

te
d 

po
sit

io
n 

(m
)

4

6

8

(b)

Figure 15: Variation of internal forces in the end-suspended pile with the construction stage. (a) Bending moment. (b) Shear force.
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Figure 16 shows the variations of the earth pressure
applied on the active side of the end-suspended pile with
the distance to the rock-socketed position. It can be indicated
that at the excavation depth of 2m, the soil behind the pile
above the excavation face did not reach the active limit state
due to the small magnitude of the horizontal pile displace-
ment. Below the excavation face, with an increase in the cover
depth, the horizontal pile displacement decreased gradually;
and therefore, the active earth pressure applied on the pile
gradually approached the earth pressure at rest. At the
rock-socketed position (i.e., interface between soil and rock),
the earth pressure equaled to nearly zero. This could be
attributed to the fractures generated in the rock due to the
detaching of the pile from the rock. Overall, both the distri-
bution pattern and the magnitude of the earth pressure
applied on the pile by the finite element analysis method
agreed well with the results of the Rankine earth pressure the-
ory. The discrepancy between them was distinct only at the
interface of the soil and rock.

Figure 17 shows the variations of the earth pressure
applied on the passive side of the end-suspended pile with
the distance to rock-socketed position. The figure indicates
that both the distribution pattern and the magnitude of the
earth pressure obtained by the finite element method differed
greatly from that predicted by the Rankine passive earth
pressure theory. Therefore, it can be inferred that the limit
equilibrium method may be not applicable for the design of
the end-suspended pile. Therefore, it is recommended that
the soil springs be adopted to simulate the passive earth pres-
sure applied on the end-suspended pile. Moreover, it can be
also indicated that the earth pressure distribution curves were

similar before and after the excavation of the bedrock, and
they peaked at the bedrock surface.

The variation of the maximum earth pressure in the rock-
socketed position with excavation depth is presented in
Figure 18. From the variational curve, it can be indicated that
the maximum earth pressure decreased almost linearly with
an increase in the excavation depth until reaching construc-
tion stage 8. After completing the excavation of the slightly
weathered granite, the rate of the decreasing trend for the
maximum earth pressure became lower. This was partially
attributed to the installation of the ground anchor YMG4.
However, the installation of the ground anchor YMG4 did
not compensate fully for the loss of the passive earth pressure
induced by the excavation of the rock shoulder.
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Figure 16: Earth pressure applied on the active side of the end-
suspended pile at different excavation stages.
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5. Discussion

5.1. Effects of Pile Diameter. Figure 19 shows the effects of pile
diameter on the horizontal displacement and bending
moment of the end-suspended pile. It can be indicated that
for most parts of the pile shaft, the horizontal displacements
decrease with an increase in pile diameter from 0.8 to 1.1m.
However, the effects of the pile diameter on horizontal
displacements are trivial at a distance to rock-socketed posi-
tion of approximately 4m or being less than 0m. From
Figure 19(b), it is noted that the primary area of the effects
of the pile diameter on the bending moment ranges between
1 and 4m of the distance to the rock-socketed position.
Moreover, within the primary area, the bending moment
increases with increasing pile diameter; and the rate of
increase in the bending moment decreases with increasing
pile diameter.

The variational percentages of the maximum positive
horizontal displacement and maximum bending moment of
end-suspended pile at the considered magnitudes of pile
diameter are presented in Figure 20. Note that the variational
percentages are calculated based on the results at the pile
diameter of 0.8m. It is shown that the decreasing trend of
the maximum positive horizontal displacement with increas-
ing pile diameter gradually becomes mitigatory. A reduction
of approximately 30% in the maximum positive horizontal
displacement appears when the pile diameter increases from
0.8 to 1m. This demonstrates the benefit of controlling exca-
vation deformation by increasing the pile diameter. However,
it is inevitable that work amount will be greatly increased
with increasing pile diameter. In addition, Figure 20 also
shows that with an increase in the pile diameter, the maxi-
mum bending moment increases accordingly. An increase
of approximately 20% in the maximum bending moment
occurs when the pile diameter increases from 0.8 to 1m.

5.2. Effects of Embedded Depth. Figure 21 presents the effects
of embedded depth on the horizontal displacement and
bending moment of the end-suspended pile. The variational
percentages of the maximum positive horizontal displace-
ment and the maximum bending moment at various magni-
tudes of embedded depth are shown in Figure 22. It is
indicated that for the considered magnitudes of embedded
depth, all the maximum horizontal displacements uniformly
occur at a distance to rock-socketed position of 2.25m, which
is located between the first row of ground anchors and the
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Figure 19: Effects of pile diameter on the horizontal displacement and bending moment of end-suspended pile. (a) Horizontal displacement.
(b) Bending moment.
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temporary support. With an increase in the embedded depth,
the horizontal displacement for the upper part of the end-
suspended pile decreases at a relatively low rate. From
Figure 22, it can be indicated that when the embedded depth
increases from 1 to 2m, the maximum positive horizontal
displacement of the end-suspended pile decreases by 14%.

The position at which the maximum bending moment occurs
is also located between the first row of ground anchors and
the temporary support. An increase in the embedded depth
affects only the bending moment for the part of pile shaft
below the temporary support. Therefore, the effects of
embedded depth on the maximum bending moment are very
inappreciable. This phenomenon can be also observed in
Figure 22 which shows a reduction in the maximum bending
moment of merely 3.2% when the embedded depth increases
from 1 to 2m.

5.3. Effects of Rock-Shoulder Width. Figure 23 shows the
effects of rock-shoulder width on the horizontal displace-
ment and bending moment of the end-suspended pile. It
can be indicated that the occurrence position of the maxi-
mum horizontal displacement gradually moves upward with
an increase in the rock-shoulder width. After reaching the
rock-shoulder width of 1.1m, the occurrence position of
the maximum horizontal displacement remains unchanged.
This demonstrates that the rock-shoulder with a width of
1.1m can provide sufficient earth resistance for restraining
the tip of the end-suspended pile. An increase in the rock-
shoulder width has a relatively big effect on the horizontal
displacement of the pile shaft below the temporary support.
However, the horizontal displacement of the pile shaft above
the temporary support remains nearly unchanged as the
rock-shoulder width increases. Figure 24 shows the varia-
tional percentages of the maximum positive horizontal
displacement and the maximum bending moment of the
end-suspended pile at various magnitudes of rock-shoulder
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Figure 21: Effects of embedded depth on the horizontal displacement and bending moment of the end-suspended pile. (a) Horizontal
displacement. (b) Bending moment.
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width. It can be noted that a reduction of merely 6% in the
maximum positive horizontal displacement occurs when
the rock-shoulder width increases from 0.5 to 1.1m. More-
over, when the rock-shoulder width increases from 0.5 to
1.5m, an increase of approximately 4.7% in the maximum
bending moment can be achieved.

6. Conclusions

The performance of top-down deep excavation braced with
ground anchors and end-suspended piles in a soil-rock com-
posite stratum was investigated by analysing the observed
data for a typical case history in Tsingtao, China, and per-
forming a series of finite element simulations. A parametric
analysis based on finite element simulations was also made
to capture the effects of pile diameter, embedded depth, and
rock-shoulder width on the horizontal displacement and
bending moment of the end-suspended pile. The conclusions
drawn from this study can be summarized as follows.

(i) The deformation of end-suspended pile during exca-
vation is of cantilever type. Due to the limited
socketed force provided by the reserved rock-
shoulder with a relatively small width, the horizontal
pile displacement is considerable at the rock-
socketed position. The position at which the maxi-
mum bending moment in pile occurs gradually
moves downward as proceeding the construction
stages. With an increase in the excavation depth,
the horizontal displacements for the socketed sec-
tion of the end-suspended pile increase accordingly

(ii) Magnitudes of pile top settlements, ground surface
settlements, and building settlements induced by
top-down deep excavation braced with ground
anchors and end-suspended piles are generally less
than 20mm, indicating that the top-down excava-
tion method has a beneficial effect on restraining
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Figure 23: Effects of rock-shoulder width on the horizontal displacement and bending moment of the end-suspended pile. (a) Horizontal
displacement. (b) Bending moment.
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the excavation-induced settlements in a soil-rock
composite stratum

(iii) Within the primary influence zone of pile diameter
ranging between 1 and 4m of the distance to the
rock-socketed position, the bending moment
increases while the rate of increase in the bending
moment decreases with increasing pile diameter.
An increase in the embedded depth affects only the
bending moment for the part of pile shaft below
the temporary support. The horizontal displace-
ment of the pile shaft above the temporary support
remains nearly unchanged as the rock-shoulder
width increases

(iv) A combination of the top-down method with a
bracing system consisting of ground anchors and
end-suspended piles is recommended for deep exca-
vations in a soil-rock composite stratum, as it can
effectively restrain the deformation of the excava-
tion. Moreover, by implementing this combination,
the construction costs can be significantly lowered
due to the reduced rock-socketed depth of the piles
as well as to the reduced difficulty of construction,
when compared to the conventional excavation
bracing system
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