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The void phenomenon behind the tunnel lining has become the main cause of tunnel disease, easily triggering tunnel lining
structure damage, shedding, water seepage, and other diseases that seriously threaten the normal operation of the tunnel. The void
area behind the lining seriously reduces the seismic capacity of the tunnel. In this paper, the mechanical parameters of the
surrounding rock are calculated by optimizing the inversion of the improved system identification sensitivity analysis method, and
the numerical model of the tunnel’s dynamic response is optimized using the improved inversion results to study the repair effect
and seismic capacity of the Longmenshan tunnel using polymer grouting to repair the void area behind the lining under the action
of a seismic load. The results show that the displacement and stress at the top of the tunnel secondary lining void area are
significantly reduced and close to normal after the repair of polymer grouting; however, the stress and displacement at the top of
the secondary lining are significantly different under the action of seismic waves at the same peak at different site conditions,
which indicates that the dynamic response of this tunnel model has obvious sensitivity to the seismic wave spectrum.

1. Introduction

Over the past few decades, there have been many reports of
varying degrees of tunnel damage caused by earthquakes,
such as the Tokachi-Oki (Japan) earthquake in 1952, the
Tonghai (China) earthquake in 1970, the Chi-Chi (Taiwan,
China) earthquake in 1999, the Niigataken-Chetu (Japan)
earthquake in 2004, the Wenchuan (China) earthquake in
2008, and the Kumamoto (Japan) earthquake in 2016 [1].
Scholars such as Ye et al. [2-5] found that voids behind the
lining are common in tunnels and have become the main
cause of tunnel disease. Xin et al. studied the seismic re-
sponse and damage patterns of tunnels with/without voids

behind the linings by shaking table tests [6]. Yasuda et al.
studied the seismic response of cylindrical tunnels with void
areas under 3D earthquakes, and the results showed that the
large stress concentration on the lining caused by voids
under the action of the earthquake resulted in the de-
struction of the tunnel [7]. Min et al. studied the effect of
voids behind linings on the cracking performance of
asymmetric double-arch tunnels, and the results show that
due to the influence of the void area, the cracking of the
tunnel area opposite the void area is more serious [8]. The
research of the above scholars shows that the void area
behind the tunnel lining seriously reduces the seismic
performance of the tunnel, the lining in the void area
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generates tensile stresses under seismic action, and the
surrounding rock around the void area deforms severely in
plasticity, leading to rockfall impacting the lining and se-
rious lining damage.

The demolition and reconstruction method, backfill
grouting method, and shotcrete concrete combined with the
steel arch reinforcement method are often used to repair and
fill void areas [9]. Jinlong et al. used secondary grouting to
repair the void area of the tunnel. During the secondary
grouting process, it was found that higher grouting pressure,
a larger grout amount, and improper grouting position
would lead to cracks in the tunnel [10]. In order to solve the
problem of tunnel disease caused by cracks in the tunnel
lining, Zhou et al. adopted the plate-short bolt assembly
structure to reinforce the tunnel cracks [11]. Han et al.
explored the reinforcement effect of the fiber-reinforced
plastic (FRP)-polymer cement mortar (PCM) method on
the void area of the tunnel [12]. Liu et al. used crack grouting,
shotcrete support, and reconstruction of the secondary
lining to repair the damaged lining [13]. However, due to the
inherent defects of concrete, which limit the effect of tunnel
disease management, many scholars have applied polymer
grouting technology to tunneling projects in view of the
advantages of early strength, lightweight, and good dura-
bility of polymer materials [14, 15]. At present, the research
in this field mainly focuses on the rapid repair of buried
pipeline leakage and settlement, railway track settlement,
and pavement voids and collapse. Wang et al. repaired the
void under the pipeline with polymer, and the results
showed that polymer grouting can effectively restore the
strength and resilience of the pipeline to its normal state
[16, 17]. Li et al. developed an innovative trenchless concrete
pipeline corrosion and void defect pretreatment technology
called membrane bag pile polymer grouting pretreatment
(MBP-PGP) technology, which can be used for pipeline
corrosion and voiding repair [18]. Fang et al. showed
through experiments that polymers can effectively repair the
settlement of high-speed railways and provide sufficient
long-term durability under dynamic train loads [19, 20]. The
research of Li et al. shows that high polymer can effectively
repair cracks and voids in pavement and effectively prevent
pavement settlement [21, 22]. The polymer grouting material
can sufficiently and densely fill the damaged area, thereby
controlling the unfavorable deformation and better re-
storing the structural integrity. Therefore, the combination
of polymer grouting repair technology and tunnel non-
destructive testing can quickly find and repair tunnel di-
saster problems.

The abovementioned study did not investigate the effect
of the seismic response of the tunnel after polymer grouting
repair. This paper takes the Longmenshan tunnel project as
an example. In order to simulate the Longmenshan tunnel
more precisely, this paper deduces the inversion formula of
the three-dimensional parameters of the physical mechanics
of the surrounding rock of the tunnel based on the basic
theory of system identification and improves the inversion
method with the help of numerical simulation software. The
improved inversion results are used to optimize the me-
chanical parameters of the surrounding rock of the tunnel
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and then study the repair effect and seismic capacity of the
Longmenshan tunnel using polymer grouting to repair the
void area behind the lining under the action of an earth-
quake load so as to provide the tunnel void space. Polymer
grouting repair provides a theoretical basis.

2. Project Overview

Longmenshan Mountain tunnel is located at the junction of
Tangchi town of Liuan city and Daguan town of Tongcheng
city, Anhui province, China. It is a detached tunnel, buried at
a depth of 50 m—300 m, with starting pile number K81 + 834
(ZK81+830) and ending pile number K84+47
(ZK84 +450), a total length of 2644 (2620m). The sur-
rounding rock grade of the tunnel is mainly III, IV, and V
grades surrounding rock, where III and IV grades sur-
rounding rock is mainly medium weathered granite, and V
grade surrounding rock is mainly full weathered granite.

2.1. Tunnel Construction Monitoring and Measurement.
As is shown in Figure 1, the measurement items of the
Longmenshan tunnel include surface subsidence observa-
tion, vault subsidence observation, and peripheral conver-
gence measurement. As shown in the arch settlement
diagram (Figure 2) of the K83+ 020 void section of the
Longmenshan tunnel, the surrounding rock basically
reached a stable state after 40 days, the accumulated set-
tlement value was kept below 10 mm, and the development
trend of the arch settlement curve was approximately
a logarithmic function curve, which was finally kept at
9.4 mm. As is shown in Figure 3. The settlement rate of the
vault also tended to decrease slowly on the whole, and after
40 days, the settlement rate remained relatively stable, be-
tween 0.1 mm/d and 0 mm/d. The maximum settlement rate
was 0.6 mm/d on day 5, which occurred during the exca-
vation of the lower step. Due to the relatively short duration
of the maximum change in the settlement rate, it would not
have much impact on the overall stability and safety of the
tunnel excavation process. Overall, the vault deformation of
this section is in a reasonable range at all stages; no ab-
normality is seen, the surrounding rock is basically stable,
and the excavation method is reasonable.

As is shown in Figure 4, analysis of the convergence
deformation data around the K83 + 020 void section of the
Longmenshan tunnel right line shows that the accumulated
peripheral convergence value of this section is smaller than
the arch settlement value, and the regularity of its de-
formation process is more scattered than that of the arch
deformation, and the result still tends to convergence. As is
shown in Figure 5, analysis of the convergence deformation
data around the K83 + 020 void section of the Longmenshan
tunnel right line shows that during the whole process of
convergence deformation, the convergence rate is higher in
the first period, the peak reaches 0.4 mm/d, the duration is
still short, and then drops sharply, the convergence rate is
stabilized between 0.3 mm/d and 0.1 mm/d, the phenome-
non of negative growth of convergence deformation appears
in the 25th day, and there is no obvious sign of damage to the
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FIGURE 1: LongmenShan tunnel right line K83 + 020 void cross-section monitoring and measurement data.
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FiGURE 2: Settlement curve of K83 + 020 void section vault.
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FiGUre 3: Settlement rate curve of K83+ 020 void section vault.

cave body in this process. After the 40th day, the conver-
gence value of the cave body was kept at about 7 mm, and it
could be affirmed as basic convergence when it reached

7.3 mm. The convergence rate was stabilized within 0.1 mm/
d at the end, and the cave was basically stable without any
abnormalities.

3. Numerical Simulation of Tunnel Excavation

3.1. Tunnel Excavation Process Simulation. Numerical sim-
ulation object for Longmenshan tunnel right line
K83 + 010~K83 + 90 section, excavation length 80 m, tunnel
burial depth of about 100~110m, the terrain is relatively
gentle, the section is IV grade surrounding rock, rock type
for the medium weathering granite, the tunnel using the up-
and-down step method of boring. The tunnel is excavated by
the up-and-down step method. The inner contour of the
main tunnel of the tunnel is a three-centered circle with
diameters of 10.5m, 12.8 m, and 10.5m, respectively. The
total height of the main tunnel is 7.45 m, and the total width
is 11.93m. For the creation of soil, according to Saint-
Venant’s principle, the stress redistribution caused by ex-
cavation is only within the range of 35 times the excavation
width from the cavern, and will not cause too much impact
on other areas. Therefore, the left and right boundaries of the
model are three times the diameter of the tunnel, and the
width is 100 m. The lower boundary is 3.5 times the diameter
of the hole. According to the real terrain, the height is se-
lected to be 150-160 m. The height of the tunnel from the
bottom of the soil is 50m, and the buried depth is
100-110 m. Combined with the tunnel ground investigation
report, the soil model adopts the Mohr-Coulomb model in
the elastoplastic principal model. The physical parameters of
the soil are its density of 1.8 g/cm?, modulus of elasticity of
2.6 GPa, Poisson’s ratio of 0.32, friction angle of 34°, and
cohesion of 0.5 MPa. The overrun support structure of the
tunnel is a ®25mm overrun hollow grouting anchor with
a density of 7.8 g/cm®, a modulus of elasticity of 200 GPa,
and Poisson’s ratio of 0.2. The lining is made of C25 plain
waterproof concrete; the density is 2.4 g/cm’, the elastic
modulus is 20 GPa, and Poisson’s ratio is 0.2. The inverted
arch and the secondary lining are made of C30 concrete with
a density of 2.5 g/cm’ and an elastic modulus of 25 GPa and
Poisson’s ratio of 0.2. The lining and the surrounding rock
are bound together by tie constraints. Normal constraints
were applied to the front, back, left, and right boundaries of
the tunnel model, with the bottom boundary being fully
constrained and the upper boundary being free. The vertical
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downward gravity load acts on the whole model. The overall
meshing of the tunnel model is sparse in the overall soil and
dense in the boundary of the tunnel. The neutral axis al-
gorithm is used. The element type of the anchor is the truss
and the total number of mesh elements is 126,600. The
tunnel model of the lattice is shown in Figure 6.

3.2. Analysis of Results. It can be seen from Figure 7 that the
top of the arch is the maximum vertical displacement of the
primary support structure, which reaches 6.267 mm. The
maximum lateral displacement of 2.456 mm occurred in the
arch waist area, while the measured settlement value of the
arch top and the convergence value around the target section
were 9.4mm and 7.3 mm, respectively, with a large differ-
ence of 3.133 mm in the accumulated vault settlement value
and 2.31mm in the accumulated convergence value. To
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better verify the accuracy of the numerical model, the
vertical displacement at monitoring point 1 of the liner and
the summation of the transverse displacement at monitoring
points 2 and 3 were extracted (the locations of the points
taken are shown in Figure 8), plotted as curves, and analyzed
to compare the deformation trend of the measured vault
subsidence value and the peripheral convergence value of the
section where the liner is located.

As shown in Figure 9, a comparison of the analysis of the
settlement values of the vault (the vertical displacement
value at monitoring point 1) of void section K83 + 020, the
peripheral convergence values (the sum of the lateral dis-
placement values at monitoring points 2 and 3), and the
calculated values of the model simulation reveals that the
analysis results obtained also differ from the real situation
due to the difference between the selected soil mechanical
parameters and the real surrounding rock mechanical pa-
rameters. However, the theoretical analysis of the change in
the initial lining displacement during the numerical simu-
lation of tunnel excavation is consistent with the de-
formation law of the real tunnel excavation process,
indicating that the numerical simulation of the Long-
menshan Mountain tunnel excavation process is consistent
with the real excavation process and the difference in stress
and strain is caused by the unreasonable setting of the
mechanical parameters of the tunnel surrounding rock
during the simulation process, which can be analyzed by the
inversion of the surrounding rock mechanical parameters to
obtain The inversion analysis of the mechanical parameters
of the surrounding rock can be used to obtain the me-
chanical parameters of the surrounding rock that are close to
the real situation.

4. Inversion Analysis of Tunnel Envelope
Mechanical Parameters

4.1. 3D Mechanical Parameter Inversion Analysis of Sur-
rounding Rock. Some scholars [23-29] have already ap-
plied the system identification sensitivity analysis method
in the inverse calculation of layered pavement structure,
foundation excavation deformation analysis, and asphalt
pavement aging inversion analysis, but at present, the
system identification sensitivity analysis method is mainly
applied to the inversion of two-dimensional parameters of
tunnel envelope, and less tunnel monitoring data are used
in the inversion analysis. In this paper, based on the
forward model established for the Longmenshen Moun-
tain tunnel as the Mohr-Coulomb 3D numerical model,
a system identification method is introduced in the field of
3D parameter inversion analysis of the tunnel envelope.
As shown in Figure 10, the three parameters of static
elastic modulus, Poisson’s ratio, and internal friction
angle of the surrounding rock are calculated by inversion
based on the measured peripheral convergence value Sj,
vault settlement value S,, and vault settlement value S; of
the measured section of a tunnel, which can realize the
high-precision and efficient automation of the model
parameter adjustment process, and the basic process is as
follows:
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F1GURE 7: LongMianShan tunnel right line K83 + 020 section initial lining, transverse displacement cloud map, and vertical displacement
cloud map: (a) a transverse displacement cloud map of the initial lining when the surrounding rock is stable; (b) a vertical displacement
cloud map of the initial lining when the surrounding rock is stable.
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FiGURE 8: Location of the target section’s primary lining moni-
toring points in the tunnel model.

(1) Setting the initial surrounding rock mechanical
parameters

The initial internal friction angle ¢,, the modulus of
elasticity E;, and the initial Poisson’s ratio y, are
assumed. ¢,, E,, and y, are input into the finite
element forward model to calculate the displacement
values of the section corresponding to the measured
values

{s}=[s1 s 53]T- (1)

)

©)

Comparing the calculated value {s} with the mea-
sured value {s’}

If the absolute value of the difference between the
calculated value and the measured value is small, that
is, the calculated result meets the requirements, take
max{{As}T{As}} <e (e is the calculation accuracy),
immediately terminate the inverse analysis calcula-
tion, at this time the model elastic modulus E,
Poisson’s ratio ¢ and internal friction angle ¢ is the
actual surrounding rock material static elastic mod-
ulus E, Poisson’s ratio ¢ and internal friction angle ¢.

Establishing the sensitivity matrix

Using the forward difference method to build the
sensitivity matrix, we find the calculated values
{s(Eqg» tg» 9o)} for the initial elastic modulus E, initial
Poisson’s ratio 4, and initial internal friction angle ¢,;
then we find {s(E; + AE,uy, ¢,)} for the elastic
modulus E; + AE, Poisson’s ratio y,, and internal
friction angle ¢,; then we find {s (E,, 4, + Ay, ¢)}; for
the elastic modulus is E, the internal friction angle ¢,
and Poisson’s ratio is u,+Ay; then find the
{s(Eg> tg» 9o + Ag)} when the modulus of elasticity E,
Poisson’s ratio y,, is constant, and the internal friction
angle is ¢,+A¢ by taking AE =1%E,
AE = Ap = 1%y, and A = 1%¢ thus getting
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FiGUure 9: Comparison of measured and simulated values of vault settlement and peripheral convergence at void section K83+ 020:
(a) comparison between measured and simulated values of vault settlement (monitoring point 1); (b) comparison between measured and

simulated values of peripheral convergence (monitoring points 2 and 3).
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(4) Calculating the parameter adjustment vector {Ax}

Calculating  the  difference  {As} = {s} - {s’}

s =S,

1791

=1 s,-S, t between the measured values and the
s3-S;

calculated values under the initial modulus of elas-
ticity E,, the initial Poisson’s ratio y,, and the initial
angle of internal friction ¢,. Then, construct the
sensitivity equation

{As} = D{Ax}, (3)

where the sensitivity matrix
0s,/0E 0Os;/ou 0s,/0¢
D= laszlaE 0s,/0u 65/8(/)] and the parameter
0s3/0E 0s3/0u 0s3/0¢
AE
adjustment vector {Ax} = | Ay |.
A
The difference {As} between the measured values and
the calculated values under the initial elastic mod-
ulus E;, the initial Poisson’s ratio y,, the initial in-
ternal friction angle ¢, and the sensitivity matrix D
is input to the prepared numerical analysis program,
which will calculate the parameter adjustment vector
{Ax}.

(5) Performing the first iteration

Establishing the following equation:

E, = E, + AE,
1 = to + Ay, (4)
91 = ¢y +Ap.
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Finding the calculated values {s}") = {s (El,yl,(pl)}(l)
under the modulus of elasticity E;, Poisson’s ratio y;, and
the angle of internal friction ¢,, with the upper mark “(1)”
representing the first parameter adjustment, and then go
back to step 2 until the requirements are met.

4.2. Inversion of Mechanical Parameters of Longmenshan
Tunnel Enclosure. After several parameter adjustments, as-
suming that the initial mechanical properties of the sur-
rounding rock parameters E; = 2.0 GPa, y, = 0.32, ¢, = 32°, the
inversion calculation is carried out according to the 3D me-
chanical parameters inversion method proposed in this paper,
and four iterations are carried out to obtain E =1.82 GPa, y
=0.32, ¢ =35, at which time the tunnel finite element model
calculates the peripheral convergence value s; as 7.2554 mm,
s, is 9.5317mm, and s; is 8.8206 mm. According to the
measured cumulative peripheral convergence value s; is
7.3224 mm, the measured cumulative vault settlement value s,
is 9.4669 mm, and the measured cumulative vault settlement
value s; is 8.7128 mm, it can be found that the simulated value
is very close to the measured value as well. According to the
model results, the measured results of the tunnel can be
obtained, as shown in Table 1.

At this point {As"{As}=0.0466 mm, satisfying the
condition max max {{AS}T{AS}} <1.0E -5m, the real
surrounding rock mechanical parameters of the grade IV
section of the Longmenshan tunnel numerically simu-
lated are static elastic modulus E,=1.82 GPa, Poisson’s
ratio ¢ =0.32, and internal friction angle ¢ =35°. Based on
the system identification sensitivity analysis method for
inversion to obtain the final surrounding rock parameters
to establish the forward model, extract the simulated
value of displacement change of its tunnel right line
K83 + 020 section and the actual measurement to draw the
fitting curve as shown in Figure 11.

Comparing the simulated and measured displacement
variation curves of the target sections, it can be seen that
the mechanical parameters obtained by applying the sys-
tem identification sensitivity analysis method to the me-
chanical parameters of the tunnel envelope after

displacement measurement inversion analysis and then
substituting into the finite element model for the forward
evolution have small error between the simulation results
and the measured values. In each stage of tunnel con-
struction, the error values of vault deformation and pe-
ripheral convergence of each target section in the
numerical model and the actual monitoring and mea-
surement results are small, within 0.3 mm. Through the
inversion analysis of the Longmenshan tunnel, the actual
surrounding rock parameters were reasonably determined
for the section from K83 + 020 to K83 +90, with a static
elastic modulus E, = 1.82 GPa, Poisson’s ratio 4 =0.32, and
an internal friction angle ¢ =35". The results all meet the
requirements of highway tunnel design specifications and
prove the feasibility of the system identification sensitivity
analysis method, which provides important application
value for the real-time detection and evaluation of the
tunnel under construction in Longmenshan Mountain and
provides a basis for subsequent related scientific research.

5. Seismic Response Analysis of Tunnel Void
Polymer Grouting Repair

5.1. Tunnel Void Inspection and Repair. In the right line of the
Longmenshan tunnel section from K83 + 140 to K83 + 350,
a geological radar method was used to inspect the quality of
lining construction, and it was found that there was a void
area with a maximum depth of 20cm and a longitudinal
length of about 2~3 m between the lining and the rock body at
the top of the tunnel, as shown in Figures 12 and 13.
According to the data provided by radar, grouting repair
of the void area, compared with concrete grouting material,
has excellent antiseepage performance, compressive per-
formance, tensile performance, and corrosion resistance.
After the polymer repair material reaction, it can not only
rapidly occur volume expansion (volume expansion 10~20
times), but also can automatically compact and reinforce the
void area, and recompact and reinforce the structural disease
area. More importantly, it is light in weight, high in con-
struction efficiency, low in time cost, and high in economy,
and the polymer material can reach 90% sufficient strength
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Figure 11: Comparison between simulated and measured values of arch top settlement in the target section of the tunnel:
(a) K83 +020 cross-sectional convergence around the simulated value and the measured value fitting curve; (b) K83 + 020 fitting curve
between simulated and measured values of vault settlement; (c) K83 + 040 fitting curve between the simulated and measured values of vault

settlement.

within 15minutes after injection [16-20]. The grouting
material used is a nonwater-reactive polymer. By comparing
the radar detection spectra before and after the polymer
grouting in Figure 14, it is found that the grouting effect in
the void area behind the lining is good and that the integrity
and compactness of the lining structure are significantly
improved. To better verify the effect of polymer material for
tunnel debonding repair, this paper carries out a compara-
tive analysis of the seismic response before and after the
tunnel polymer grouting repair under seismic action.

5.2. Numerical Model Creation. The numerical model was
established based on the surrounding rock grade and tunnel
burial depth of the Longmenshan tunnel section K83 + 140 to
K83 +350; the tunnel burial depth is 70 m the excavation
depth is 160m, and the tunnel debris area is located at the
tunnel excavation depth of 80~83 m. The static modulus of
elasticity E,=1.82GPa, Poisson’s ratio u=0.32, internal
friction angle ¢ =35°, and the correlation between the static
modulus of elasticity E; and the dynamic modulus of elas-
ticity E; is considered according to the literature [30], which
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FIGURE 12: Lining construction quality inspection site.
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FIGURE 13: Void behind the lining.

results in the dynamic modulus of elasticity E; = 18.63 GPa
for the tunnel geotechnical body. The polymer material used
for grouting is a nonwater-reactive polymer material with
a density of 1.6 g/ cm?, an elastic modulus E = 20.2 MPa, and
Poisson’s ratio of y = 0.3. The model with a well-defined grid
is shown in Figure 15. The seismic fortification standard of the
Longmenshan tunnel is 0.1 g peak ground motion accelera-
tion and 7-degree earthquake basic intensity. The three
natural seismic waves selected for conducting seismic analysis
are the Northridge wave (Class I site), the Taft wave (Class II
site), and the EL-Centro wave (Class III site), which corre-
spond to a peak acceleration of 0.1 g, a time interval of 0.02 s,
and an effective duration of 19.2s.

5.3. Analysis of the Seismic Mechanical Response of Tunnel and
Grouting Repair

5.3.1. Displacement Analysis of Seismic Load Action.
Since the debris area is located at the top of the tunnel, the
vertical displacement and vertical acceleration at the top
node of the secondary lining can visually reflect the im-
provement of the debris area by polymer grouting. It can be
seen from Figures 16-19 that under the same earthquake, the
displacement and acceleration time-history curves of the top
of the secondary lining of the tunnel under normal, void, and
polymer grouting repair conditions are basically the same. It
can be seen that during the whole time course of vibration,
the vertical displacement and vertical acceleration of the top
of the secondary lining under normal conditions are the
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smallest, and the vertical displacement and vertical accel-
eration are the largest when the top is void, which is sig-
nificantly improved after grouting repair of the void area.
Under each working condition of the Northridge wave
action, the maximum vertical displacement at the top of the
secondary lining under normal conditions, when the top is
void, and after the void repair is 5.33 mm, 6.15mm, and
5.68 mm, respectively, and the maximum vertical accelera-
tion is 1.32m/s’, 1.56m/s*, and 1.43m/s* respectively.
Compared with the normal condition, the maximum vertical
displacement at the top of the secondary lining when the top
is void and after the void repair is 5.68 mm. Compared with
the normal situation, the increase in maximum vertical
displacement and maximum vertical acceleration at the top
of the secondary lining was 15.4% and 18.5% when the top
was void, and after the grouting repair, the increase of
maximum vertical displacement and maximum vertical
acceleration was 6.6% and 8.3%, which was 7.6% and 8.3%
less than the increase when the top was void. Under the
conditions of Taft wave action, the vertical displacements
and vertical accelerations of the top of the secondary lining
were 3.78 mm, 4.07mm, and 3.95mm under normal con-
ditions, when the top was void and after the void repair,
respectively, and the vertical accelerations were 1.08 m/s?,
117 m/s%, and 1.12 m/s?, respectively. Compared with the
normal conditions, the increase of the vertical displacement
and vertical acceleration of the top of the secondary lining
when the top was void was The increase of vertical dis-
placement and vertical acceleration at the top of the sec-
ondary lining was 7.7% and 8.3% compared with the normal
condition, and after the grouting repair, the increase of
vertical displacement and vertical acceleration was 4.5% and
3.7%, which was 2.9% and 4.3% less than the increase at the
time of top debonding. Under each working condition of the
EL-Centro wave action, the vertical displacement at the top
of the secondary lining under normal conditions, when the
top is void and after the void repair is 2.97 mm, 3.85 mm, and
3.44 mm, respectively, and the maximum value of vertical
acceleration is 0.91m/s®>, 1.04m/s’>, and 0.97 m/s®, re-
spectively, compared with the normal condition, the in-
crease of vertical displacement and vertical acceleration at
the top of the secondary lining when the top is void is 29.6%
and 14.3%. Compared with the normal condition, the in-
crease of vertical displacement and vertical acceleration at
the top of the secondary lining was 29.6% and 14.3%, and
after the grouting repair, the increase of vertical displace-
ment and vertical acceleration was 15.8% and 6.6% com-
pared with the normal condition, which was 10.6% and 6.7%
less than the increase when the top was void. From the above
analysis, it can be seen that the void has a greater impact on
the tunnel, which will significantly increase the seismic
response of the tunnel. After repairing the tunnel with
polymer grouting, the maximum tunnel displacement will be
significantly reduced, coming close to the displacement of
the normal tunnel. It reflects the repair effect of polymer
grouting on tunnel voids.

It can be seen from Figure 19 that, under the action of
seismic waves with the same peak value in different site
conditions, there are obvious differences in the vertical
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FIGURE 14: Geological radar detection spectra before and after grouting: (a) geological radar detection spectrum before polymer grouting;

(b) geopolymer grouting after georadar detection spectrum.

FIGURE 15: Schematic diagrams of the decommissioning area.

acceleration and vertical displacement of the top of the
secondary lining. The vertical displacement and vertical
acceleration of the top of the secondary lining of the tunnel
under the excitation of the Northridge wave (type I site) are
the largest, and the vertical displacement and vertical ac-
celeration under the excitation of the EL-Centro wave (type
III site) are the smallest. Hard, medium hard, or medium
soft, the influence on the displacement and acceleration
response of the top of the secondary lining gradually de-
creases, indicating that the dynamic response of the tunnel
model has obvious seismic wave spectrum sensitivity.

5.3.2. Stress Analysis of Seismic Load Action. From Fig-
ures 20 to 23, it can be seen that under the three vertical
seismic loads, the overall tunnel support structure in dif-
ferent working conditions behaves as a compressed state.
Under the action of Northridge waves, the maximum ab-
solute values of the maximum principal stresses at the top of
the secondary lining in normal conditions, when the top is
void, and after grouting repair are 0.211 MPa, 0.260 MPa,
and 0.241 MPa, respectively, and the maximum values of the
minimum absolute principal stresses are 7.49 MPa,
8.85MPa, and 8.15 MPa. Compared with the normal con-
dition, the increase in the maximum absolute values of the
maximum principal stresses and the minimum absolute
values of the principal stresses at the top of the secondary
lining when the top is compared with the normal condition,
the increase in the maximum absolute value of the maxi-
mum principal stress and the minimum absolute value of the
principal stress at the top of the secondary lining was 23.2%

and 18.2%, and after the grouting repair, the increase in the
maximum absolute value of the maximum principal stress
and the minimum absolute value of the principal stress was
14.2% and 8.8% compared with the normal condition, and
the increase was 7.3% and 7.9% less than the increase at the
top of the lining when it was void. Under the action of Taft
wave, the maximum absolute values of maximum principal
stress at the top of secondary lining in normal condition,
when the top is void and after grouting repair are 0.196 MPa,
0.241 MPa, and 0.218 MPa, respectively, and the maximum
values of minimum absolute principal stress are 6.90 MPa,
7.95 MPa, and 7.21 MPa, compared with normal condition,
the maximum values of maximum principal stress at the top
when the top is void and the maximum values of minimum
absolute principal stress at the top of secondary lining
compared with the normal condition, the increase in the
maximum value of absolute principal stress and the maxi-
mum value of absolute minimum principal stress at the top
was 23.0% and 15.2%, and after the grouting repair, the
increase in the maximum value of absolute principal stress
and the maximum value of absolute minimum principal
stress was 11.2% and 4.5% compared with the normal
condition, and the increase was reduced by 8.3% and 9.5%
compared with the increase when the top was void. The
maximum values of absolute values of maximum principal
stress under the EL-Centro wave are 0.187 MPa, 0.233 MPa,
and 0.208 MPa, respectively. The maximum values of the
absolute minimum principal stress at the top of the sec-
ondary lining in normal conditions, when the top is void,
and after grouting repair are 6.57 MPa, 7.55MPa, and
6.95MPa, respectively, compared with the normal
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FIGURE 16: Vertical displacement and acceleration time curves of the top of the secondary lining under different working conditions of the
tunnel under the action of the Northridge wave (Class I site): (a) the time course curve of vertical displacement at the top of the secondary
lining; (b) the time course curve of vertical acceleration at the top of the secondary lining.
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tunnel under the action of Taft waves (Class II site): (a) the time course curve of vertical displacement at the top of the secondary lining;
(b) the time course curve of vertical acceleration at the top of the secondary lining.

condition, when the top is void compared with the normal
condition, the increase in the maximum absolute value of the
maximum principal stress and the minimum absolute value
of the principal stress at the top of the secondary lining was
24.6% and 14.9%, and after the grouting repair, the increase
in the maximum absolute value of the maximum principal

stress and the minimum absolute value of the principal stress
was 11.2% and 5.8% compared with the normal condition,
and the increase decreased by 10.7% and 7.9% compared
with the top of the lining when the top was void. Compared
with the top void condition, the compressive stress at the top
of the secondary lining after grouting repair is obviously
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lining; (b) the time course curve of vertical acceleration at the top of the secondary lining.
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small and close to the normal condition, which achieves the
expected repair effect and makes the overall force de-
formation of the support structure safer and more stable.
It can be seen from Figure 23 that, under the action of
seismic waves with the same peak value in different site
conditions, there are obvious differences between the

maximum absolute value of the maximum principal stress
and the maximum absolute value of the minimum principal
stress at the top of the secondary lining. The maximum
absolute value of the maximum principal stress and the
maximum absolute value of the minimum principal stress
under Northridge wave (type I site) excitation are the largest,
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FIGURE 20: Stress variation curves at the top of the secondary lining for different working conditions of the tunnel under the action of the
Northridge waves (Class I site): (a) the variation curve of the maximum principal stress at the top of the secondary lining; (b) A minimum

principal stress variation curve at the top of the secondary lining.
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Taft waves (Class II site): (a) the variation curve of the maximum principal stress at the top of the secondary lining; (b) a minimum principal

stress variation curve at the top of the secondary lining.

and the maximum absolute value of the vertical maximum
principal stress under the excitation of EL-Centro wave (type
III site), The maximum value of the absolute value of the
minimum principal stress is the smallest; that is, as the site

type changes from hard, medium hard, to medium soft, the
stress effect on the top of the secondary lining gradually
weakens, indicating that the dynamic response of the tunnel
model has obvious sensitivity to the seismic wave spectrum.
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6. Conclusion

In this paper, the construction process of the Longmenshan
Mountain tunnel under construction was numerically
simulated using the Longmenshan Mountain tunnel as the
engineering background, and the inversion of the physical
parameters of tunnel envelope mechanics was carried out for
the grade IV envelope section using the system identification
sensitivity analysis method. Finally, the analysis of the effect
of high polymer grouting to repair the tunnel debonding was
carried out under the seismic mechanical response, and the
following conclusions were obtained:

(1) Numerical simulation of the Longmenshan Moun-
tain tunnel project using finite element software,
found that the deformation law and stress distri-
bution law of its tunnel envelope and support
structure are in line with the site construction, but
the amount of deformation such as vault settlement
and peripheral convergence is different from the
actual monitoring and measurement data, and this
difference is caused by the discrepancy between the
surrounding rock mechanical parameters selected by
the numerical model and the actual difference is
mainly caused by the discrepancy between the sur-
rounding rock mechanical parameters selected by
the numerical model and the actual ones.

(2) Based on the system identification sensitivity
analysis method, the two-dimensional parameter
inversion method is improved, the formula for
three-dimensional physical and mechanical pa-
rameter inversion analysis of the surrounding rock
is derived, and the three-dimensional mechanical
parameter inversion analysis of the surrounding
rock in the right line of the Longmenshan tunnel
section from K83+ 010 to K83 +90 is carried out.
The final mechanical parameters of the surrounding
rock, in line with reality, are the static elastic
modulus E; = 1.82 GPa, Poisson’s ratio 4 =0.32, and
the internal friction angle ¢ =35 proving the fea-
sibility of the system identification sensitivity
analysis method. It has an important reference value
for the real-time detection of the Longmenshan
tunnel project under construction and provides
a guarantee for accurately establishing the finite
element model of the overall structure of the tunnel
and surrounding rock and carrying out dynamic
response analysis.

(3) The seismic mechanical response analysis verified the
significant effect of polymer grouting to repair the
tunnel debonding. The displacement and stress at the
top of the tunnel’s secondary liner debonding area
were significantly reduced after the slurry repair,
which was close to the normal condition. However,
the stress and displacement of the top of the sec-
ondary lining under the action of seismic waves from
the same peak at different site conditions are sig-
nificantly different, and the effect on the displace-
ment and stress response of the top of the secondary

Advances in Civil Engineering

lining gradually decreases as the site type changes
from hard, medium hard, to medium soft, indicating
that the dynamic response of this tunnel model has
obvious sensitivity to the seismic wave spectrum.
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An increasing number of railway tunnels are afflicted with railway tunnel lining diseases. Through on-site detection of lining
diseases in double-track railway tunnels, this paper analyzed its causative factors and developed a section steel arch frame lining
reinforcement. Through a simulation of its mechanical performance, both the steel plate and concrete met the tensile strength
code requirements for railway tunnel design (TB 10003-2016). It effectively repaired the damage from lining diseases under
narrow-site and short maintenance “window” time conditions without affecting the normal operation of catenary and power
supply facilities. This reinforcement has great practical significance and broad application prospects.

1. Introduction

By the end of 2021, China’s railway network reached
145,000 km, which includes 17,532 railway tunnels having
a combined length of about 21,055 km [1]. As the train axle
load and transportation density increase, so do the dynamic-
load strength and fatigue effect of heavy-duty railway tun-
nels. In addition, seismic disturbances and corrosion from
water and salt increase the probability of structure diseases;
in fact, many tunnel linings have cracks, blocks, and voids. In
addition, the dynamic stress and vibrations of the heavy-
vehicle and light-vehicle lines unbalance the double-track
heavy-haul railways, resulting in a deteriorating lining,
which affects the train’s long-term operational safety [2].
Ma et al. tested the in situ stress distribution of the railway
tunnels in Southwest China based on the complete temperature
compensation technology. Ma et al. [3] analyzed the vibration
law of railway tunnel substructure under different axle loads
and health conditions, and Ma et al. [4] researched the design
parameters and fatigue life of tunnel bottom structure of single-
track ballasted heavy-haul railway tunnel with 40-ton axle load
[5]. Han et al. [6] developed a treatment technology for

optimizing the stress state of railway tunnel bottom structure.
Chai [7, 8] analyzed the dynamic response characteristics for
basement structure of heavy-haul railway tunnel with defects
and researched the multijoint rock failure mechanism based on
moment tensor theory.

Zhao [9] divided the crack reinforcement of a railway
tunnel lining into crack treatment and structural re-
inforcement. Cracks with a small width and no penetration are
generally filled with epoxy resin or mortar. Grout, shotcrete, or
reinforced concrete behind the lining is used on wide, pene-
trating cracks. For a lining structure without a load-bearing
capacity, it is removed and a new lining is reconstructed. Cheng
et al. [10] divided tunnel cracks into four grades according to
width and length: AA, Al, B, and C, from heavy to light. They
proposed that grade AA be reinforced by W-shaped steel-
belted mesh shotcrete; grade Al by cross-seam anchor-bolt
grouting; and the lighter-grade B and C cracks by appropriate
shotcrete. Because the code has strict provisions regarding the
effective clearance area of a high-speed railway tunnel, re-
inforcement measures should not be adopted when repairing
cracks. Therefore, Cheng [11] put forward treatment measures
for different levels of cracks.
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In view of the deficiency in lining thickness and strength,
Niu et al. [12] proposed structural reinforcement in the form
of anchor spraying or sticking fiber cloth with a steel plate
inside. In addition, Yu [13] summarized and pointed out that
backfill grouting measures are generally adopted for small
cavities behind the railway tunnel lining, while arch sleeve
reinforcement is generally adopted for large cavities. Ma
et al. [14] proposed that a corrugated steel plate has certain
advantages, such as good ductility, for strengthening railway
tunnels and can be applied to sections that have large de-
formations. In general, for some minor diseases such as
cracks and cavities, grouting backfill reinforcement is gen-
erally carried out. For diseases of great structural impact,
secondary reinforcement by means of an arch covering or
pasted steel plates for backfilling is required. Wu et al. [15]
and Cheng et al. [16] developed the hybrid complex variable
element-free Galerkin method for 3D elasticity problems. Li
and Wu [17] studied the basic formula of elastoplastic
damage constitutive model of concrete.

Finding an effective means of repairing the lining of
narrow, double-track heavy-haul railway tunnels that have
limited maintenance “window” time, without affecting the
normal operation of catenary and power supply facilities, is
an urgent problem. Therefore, conducting research into
current lining methods is of great practical significance and
could have broad application.

To address these lining diseases, this paper is divided as
follows. Section 1 introduces previous research results.
Section 2 introduces the general situation of tunnel and
lining diseases. Section 3 offers a preliminary analysis of the
causes of tunnel lining diseases through data collection, field
investigation, and detection. Section 4 introduces the design
principles and maintenance methods of a reinforced steel
arch frame lining. Section 5 analyzes the steel arch frame
reinforcement using a numerical simulation. Section 6 draws
conclusion and offers suggestions for further research.

2. Project Overview

Daheishan Tunnel, completed in 1984 under the manage-
ment of the Chawu Railway Engineering Section of a heavy
haul railway in northern China, is located between Yanqing
North Station and Xiazhuang Station northeast of the
Changping District of the Dagin Railway. It is a double-
track tunnel.

The center mileage is K 299 + 700, with a total length of
2715m. The lining of the tunnel is mainly a curved wall
structure, and the line is downhill 10.1-10.8%o in the direction
of tunnel exit. The tunnel passes through the main peak of
Daheishan mountain in the Yanshan Mountains, and all the
tunnels pass through the Yanshanian granite layer. It is a gray-
yellow, flesh-red medium grain structure on complex terrain
and developed gullies. The maximum buried depth of the
tunnel is 303 m. The lining was constructed according to the
special tunnel 0025 drawing. It is a double-track electrified
tunnel with curved wall concrete masonry.

The transportation load of this line is heavy, and the
Daheishan Tunnel has been in operation for nearly 40 years.
Over that time, its structural concrete has deteriorated
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severely. In March 2021, according to data provided by the
tunnel management and maintenance unit and through
geological radar detection and three-dimensional laser
scanning, it was found that the lining of the tunnel
1605-1625m away from the tunnel entrance had cavities,
falling blocks, wrong platforms, and other diseases seriously
affecting driving safety, as shown in Figure 1. The size of the
cavity opening is 0.1 x 0.8 x 0.3 m; the thickness of lining
concrete is about 30 cm; the deterioration is serious; and no
reinforcement was found. The depth of the cavity was about
I m and extended for 10m in the direction of tunnel en-
trance. According to the Evaluation Standard for De-
terioration of Railway Bridge and Tunnel Buildings Part 2:
Tunnel (Q/CR 405.2-2019) of China, the disease grade was
evaluated as AA, which meant treatment had to be taken
immediately because of the risk to traffic safety (see Figures 2
and 3).

3. Cause Analysis of Lining Disease

By means of data collection, field investigation, and de-
tection, the preliminary analysis showed that the causes of
lining disease are as follows:

(1) Design Factors. Tunnel construction began in the
1980s, and there was a large gap between the design
standard and the engineering technology of the time,
which was generally low.

(2) Construction Factors. To reduce the amount of
shotcrete after tunnel overbreak, during shotcrete
construction, surrounding loose rock was not cleared
in place, resulting in a cavity not being fully back-
filled behind the initial support; as a result, the
performance of the concrete lining was poor. The
construction quality was also poor and insufficiently
thick. With the progress of geological changes, the
rock blocks above the cavity suddenly failed to
support the concentrated load, causing the lining to
break, resulting in falling blocks, a cavity, and other
problems.

(3) Deterioration Factors. The tunnel is nearly 40 years
old, and as its lining concrete continues to de-
teriorate, its bearing, bending, and shear capacity
declines. Under continuous rock pressure, the de-
teriorating thin lining shell cracks, leading to falling
blocks and cavities.

(4) Fault Factor. The diseased lining section crosses the
reverse fault, and fault activity leads to stress changes
around the tunnel.

(5) Influencing Factors of Train Load. The vibration of
heavy-haul trains is considerable and causes the
lining concrete to crack easily.

4. Design Principles and Maintenance Method

4.1. Design Principles. Due to limited operating space, poor
working environment, and safety of the operating line
tunnel, disease treatment is a very complex project.
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FIGURE 3: Geological radar detection of lining disease of Daheishan Tunnel on Datong to Qinhuangdao Railway.

Therefore, the following principles concerning tunnel re-
inforcement construction organization design had to be
followed:

(1) Given the current state of tunnel diseases, the re-
inforcement design was carried out to ensure safe
operation of the line.

(2) Factors such as the construction environment and
amount of daylight were considered to minimize the
influence on normal operation of the line as far as
possible.

(3) The state of the surrounding rock and tunnel
structure had to be under constant observation, and
increased monitoring and measurement were done if
necessary.

(4) Because of the complexity, particularity, and un-
certainty of tunnel engineering construction, close
communication and cooperation among the con-
struction, design, equipment management, and

other units were required, and construction was
adjusted as necessary to match the actual conditions.

(5) The construction scheme was controlled according
to the comprehensive minimum construction
clearance size of Daheishan Tunnel.

(6) The insulation distance between temporary and
permanent measures and the electrified body had to
meet the requirements set out in the Code for Design
of Railway Electric Traction Power Supply
(TB10009-2016).

(7) During construction, the cables in the diseased
section had to be effectively protected.

4.2. Remediation Plan

4.2.1. Technical Introduction. To prevent further cracking
and deformation of the tunnel lining or serious water
leakage, arch reinforcement was performed: an arch



structure was added along the surface of the original lining to
form a common bearing body with the original lining. It is
the most effective method for solving serious lining leakage
because it gives good reinforcement, and construction
quality is easy to control.

The main content of the treatment plan is to add cir-
cumferential H-shaped steel on the lining surface, weld
steel plates between the H-shaped steel on the side away
from the lining, and fill concrete between the steel plate and
the lining.

The specific measures were as follows. An H175 steel
arch frame was erected on the inner side of the lining
according to the clearance requirements, and spacing of the
steel arch frame was 1.0m. The two steel arches were lon-
gitudinally connected with 20 mm in diameter deformed
steel bars. The circumferential spacing was 1 m. Deformed
steel bars were connected longitudinally with a circumfer-
ential spacing of 1 m; short anchor bolts were constructed
between the steel arches; circumferential reinforcing mesh
was erected; cavity grouting behind the lining was carried
out; 6 mm thick steel plates were welded, and C35 concrete
was poured inside, as shown in Figures 4 and 5.

4.2.2. Specific Steps

(1) During construction, the loose concrete lining was
chiseled out; the concave groove was excavated at
the erection position on the top surface of the
tunnel trench; and the footing was used to support
the grouting anchor pipe. The erection steel plate
was welded at the end of the anchor pipe. After
erecting the H175 steel arch, drill and install the
anchor bolt and weld the end of the anchor bolt to
the steel arch. Then, the micro-expansion concrete
was filled manually behind the flange of the H-steel
arch to ensure that the steel arch was close to the
original lining.

(2) The H-shaped steel arch frame was processed
outside the tunnel in five sections and assembled in
the tunnel. The steel at both ends was connected
with a 1 cm thick steel plate and high-strength bolts
at the section connection and was firmly welded.
The section length of the H-shaped steel arch frame
was appropriately adjusted according to different
mileage and sections.

(3) Before grade II welding, rust spots at the welding
position had to be cleared, and there had to be no
pores, undercuts, cracks, or other phenomena
during welding. All welds were fully welded.

(4) In addition to chiseling the loose and cracked
concrete in the reinforced section of the steel arch
frame, it also had to be chiseled in combination with
the tunnel clearance to embed the frame.

(5) Drill holes at the foot of the wall using a down-the-
hole drill, lock the steel arch frame in the depth of
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the surrounding rock using anchor pipes and an-
chor rods, transfer as much load as possible to the
deep part of the surrounding rock, and clean the
connection between the steel arch frame, steel plate,
and anchor pipe.

(6) After the steel arch frame was erected, M20 cement
mortar was used to fill the chisel groove and the gap
between the profile steel flange and the concrete
lining surface to bring the frame close to the original
concrete lining and give full play to its bearing
capacity.

(7) Inspect the welds between the sections of the
original steel arch and repair and strengthen those
that failed to meet the requirements.

(8) Short anchor bolt with 20 mm in diameter threaded
reinforcement with a circumferential spacing of
0.5 m was welded with steel plate and anchored in
the lining using a coil anchoring agent.

(9) Erect three steel arches between two adjacent steel
arches (20 mm in diameter) to form a circumfer-
ential reinforcement mesh.

(10) Grout the cavity behind the lining by a small
conduit (42 mm in diameter) that injected micro-
expansion material with a grouting pressure of
0.3 MPa.

(11) Remove the loose concrete between the arch frame
and the lining, roughen and clean the tunnel lining
surface, and then brush with a concrete
interface agent.

(12) Erect the steel plate from bottom to top from the top
surface of the tunnel trench. Weld the steel plat on
the inner side of the outer edge of the section steel
and at the end of the short anchor bolt. Weld the
plate with a ring spacing of 0.5 m in diameter. Weld
the steel plate with a flange of the steel arch frame
with a length of 100 cm and a circumferential width
of 500 cm. Bend the steel plate according to the
radian of the steel arch frame on site. After each
steel plate was installed, vibrate C35 concrete filled
in the space between the steel plate and the original
lining to ensure filling.

(13) Remove rust, polish, and spray red lead primer on
exposed steel members and then brush dark gray
antirust paint twice.

4.3. Mechanical Analysis Method of Steel Arch Structure.
Taking the stress condition of the circular arch as an ex-
ample, the internal force was calculated and solved (see
Figures 6 and 7). As shown in Figure 8, the arch as divided
into n segments, where C; represents the Ith segment from
bottom to top; the stiffness is E; the node length is expressed
as Li; and the arch crown had no nodes. The semistructural
analysis is shown in Figure 9.
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4.4. Establishing Equilibrium Equation. The half structure of
the steel arch structure is a statically indeterminate structure,
and the internal force of the statically indeterminate
structure was solved according to the force method. The
equation established by the external force balance condition
of the structure is as follows:

Fye =Fox =R,
M, =M.

1

4.4.1. Establishing Force Method Equation. Take M, as the
redundant unknown force and M, as the basic unknown

force, and the force method equation is shown in the fol-
lowing formula:

OM; +App =0. 2)

4.4.2. Solving A;p. According to the generalized diagram
multiplication method, only internal forces caused by bending
moments are considered, so the following is obtained:

MM
le = JFdS

(3)

According to the calculus formula, the accumulated
displacement of each segment is added to obtain



6 Advances in Civil Engineering

@25 chemical planting reinforcement
//Implantation depth not less than 20 cm

Secondary lining of existing tunnel

E . T ? o j"’}a f". & /f/ 3 e " 20 mm longitudinal reinforcement
2 3 % / 4 R R Y | /‘/ 4 - &l @50 cm
. \
, P \ )
RN L///GDZO mm circumferential main reinforcement H1175 section steel
95 cmx60 cm @25cm

FIGURE 6: Structural cross section design drawing.

25, 25, 25 ., 25

®20 mm longitudinal reinforcement

50

/

®20 mm circumferential main reinforcement

N

N R
\ 3
141 1. 141
FIGURE 7: Reinforcement layout drawing.
MM 02 MM =62 MM o+6,/12 MM
A1P=J—d =j —,Rdgo+j —Rd(p+---+j ——Rdy
EI o EI] o2 EI w,-6,2 EI]
(4
J‘O‘i+1_ei+1/2 MM Rd J’ﬂ MM Rd
—_— L I —_— N
wioy  EL 7 weor EI 07
of which the radian of steel arch section L, = R; ¢ 0; is The equivalent bending stiffness of the segment is

6,=60,=---=0,=0. (5) El,=El,=-.-=El,=...=EI,. (6)
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FIGURE 8: Stress analysis diagram.

So, equation (3) can be simplified as

mooca+6i/2 MM =02 MM
Ap = j MM pd +j P Rdg, (7
& ) an EL ¢ w02 EI ¢ @

of which oy =6,/2,0,,, - 0,,, = /2.
4.4.3. Solving 6},
MM
o J El S (8)

Accumulating the integral by segment number gives

MM m  co;+6,/2 MM
Sllzjﬂdsz j —,Rd(P
1 ;6,12 EII
)
iy —0;1/2 MM
+ ——Rdo,
J wioy  EL 7

in which o = 0,/2,,,,, -0, = 7/2.

In general, for the convenience of design and con-
struction, a unified arc length segment was adopted so that
0,=0,=---=0,=0.

The equivalent bending stiffness of the segment is
El{=El,=---=El.=-.-=EI,

q, (ED s ik o

49,

FIGURE 9: Basic system of force method.

4.4.4. Solving Support Reaction. Substitute equation (9) into
equation (3) to obtain the unknown force M and bring it
into the balance equation (10) to obtain the reaction force
M, of other supports.

[K]{6} ={P}, (10)

where [K] is the overall stiffness matrix of lining structure;
{6} is the node displacement matrix of lining structure,
{6} = [8,0,8,,]"; and {P} is the lining node load matrix {P} =
[P, P, P, ] . In the structural calculation, the structure was
generally divided into many micro-elements, and the local
element stiffness [K]°, element displacement {d}°, and ele-
ment load matrixes {P}° were established. Finally, the ele-
ment stiffness, displacement, and load matrixes were
assembled into the overall stiffness, displacement, and
overall load matrixes, respectively.

4.4.5. Internal Force Solution. After the bearing reaction was
obtained, the axial force and bending moment of the internal
force of each element was solved as

Fyy = Fexcosg + R sin” ¢ —q,Rcos (1 — cos @),

(11)

1 1
M, =M¢ + FcxR(1 - cosg) - quRz sin® ¢ — quRz (1 - cos¢)’.
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FIGURE 11: Steel frame and steel plate assembly.

4.5. Boundary Conditions. The left and right sides, bottom,
front, and rear are fixed constraints.

4.6. Model Dimensions. The dimensions were 16 m along the
longitudinal direction of the tunnel, 4 times the tunnel
diameter on both sides, 2 times the tunnel diameter at the
bottom, and the value at the top taken according to the actual
buried depth. The model is shown in Figures 8-11.

4.6.1. Material Parameters. The surrounding rock param-
eters were selected according to the intermediate value of
class IV in the Code for Design of Railway Tunnel of China
(TB 10003-2016) (see Tables 1 and 2).

The existing structural C30 concrete was selected after
being weakened by 50%. The parameters of a newly poured
C30 concrete structure were selected according to the
equivalent elastic modulus of internal reinforcement.
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F1GURE 12: Steel frame model.

FIGURE 13: Steel frame steel plate concrete composite model.

The steel frame parameters were selected according to the ®@ H125 Steel Frame (Spacing: 1.0 m)

code for railway tunnel design (TB 10003-2016). The maximum tensile stress of the steel frame was

30.9 MPa, which occurred at the top of the side wall,

46.2. Analysis Results meeting the specification requirements (Figure 14).

The maximum tensile stress of the steel plate was

® H175 Steel Frame (Spacing: 1.0m) 3.42 MPa, which appeared at the bottom of the side
The maximum tensile stress of the steel frame was wall, meeting the specification requirements
28.9 MPa, which occurred at the top of the side wall, (Figure 15).

meeting the specification requirements (Figure 12).

The maximum tensile stress of the steel plate was 47 Application Effect. In 2021, after the Daheishan Tunnel
3.09 MPa, which occurred at the bottom of the side wall, 5 reinforced with the lining steel arch frame structure
meeting the specification requirements (Figure 13). (Figures 16 and 17), the crack and cavity of the tunnel lining
The maximum tensile stress of the newly poured  were effectively repaired; the service capacity of the lining
concrete structure was 2.03 MPa, which occurred at the ~ structure was effectively improved; the speed limit of the
top of the side wall. It met specification requirements  train in the diseased section was lifted; and the train returned
but was close to the tensile limit of the concrete. to normal operation (see Figures 18 and 19).
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FIGURE 14: Stress diagram of steel frame with H175 steel.
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FIGURE 15: Stress diagram of steel plate with H175 steel frame.



Advances in Civil Engineering

[ S— ! ——— —
~.289E+07 AG61E+07 121E+08 .196E+08 271E+08
861111 .836E+07 .159E+08 234E+08 309E+08

FIGURE 16: Stress diagram of steel frame with H125 steel frame.
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FIGURE 17: Stress diagram of steel plate with H125 steel frame.
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FiGure 18: Installation site of steel arch.

FiGure 19: Installation site of connecting reinforcement and
steel plate.

5. Conclusions and Further Observations

5.1. Conclusions

(1) The lining disease of narrow double-track heavy-
haul railway tunnel can be repaired with limited
maintenance “window” time without affecting the
normal operation of the catenary and power supply
facilities. This technology has great practical signif-
icance and broad application prospect.

Advances in Civil Engineering

(2) When H175 and HI125 steel frames with an ar-
rangement spacing of 1 m were used, the steel frame,
steel plate, and concrete met the material tensile
strength requirements set out in the Code for Design
of Railway Tunnel of China (TB 10003-2016), in-
dicating that the lining steel arch frame re-
inforcement structure of “circumferential H-section
steel + welded steel plate between arches + filled
concrete between slab walls” for a double-track
railway tunnel is feasible as a whole.

5.2. Further Observations. Through theoretical analysis and
numerical simulation, the compressive strength of the
reinforced structure of a lined steel arch frame in a double-
track railway tunnel was analyzed, and the applicability and
effectiveness of the reinforcement scheme were verified by
field work. Although some conclusions were drawn, this
paper had limitations due to time and conditions.

(1) This paper only analyzed the tensile capacity of each
component of the reinforced structure and did not
compare and analyze the stress state of the lining
before and after reinforcement. In the next step,
changes to the stress state of lining before and after
reinforcement will be studied in depth.

(2) In the field verification, long-term health monitoring
of the reinforced structure was not carried out. In
subsequent research, sensors will be installed in the
reinforced structure for real-time health monitoring.

6. Conclusion

(1) The technology is simple and can effectively repair
the defects of railway tunnel bottom structure under
the conditions of narrow site, short time of main-
tenance skylight, strict requirements of track size
variation, and no interference with normal operation
of train, which has great significance and broad
application prospect.

(2) The drainage system of the existing railway tunnel
bottom can be applied to the bottom structure
renovation of railway tunnel. The high-strength
transverse diversion structure at the bottom of the
tunnel has the advantages of strong bearing capacity,
high drainage capacity, and corrosion resistance,
which can provide reference for the subsequent
implementation of the reconstruction project of the
bottom structure of railway tunnel.
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At present, the drill-and-blast method is still one of the main construction means in the road tunnel excavation process. When the
tunnel penetrates underneath sensitive structures such as high-voltage transmission towers, the blasting and supporting pa-
rameters must be strictly controlled to ensure the stability and safety of the surface structures. In this paper, numerical simulations
based on a large-section shallow buried tunnel project in Zhuhai are conducted to study the effect of controlled tunnel blast on the
dynamic response of transmission towers. The numerical simulation results indicate that the blast vibration velocity of the rock
generated by controlled blasting decreases rapidly along the tunnel excavation direction. The blast vibration velocity of the high-
voltage transmission tower and its pile foundation gradually increases with the propagation of the blast waves, and the maximum
vibration velocity is about 1.24 cm/s. The results indicate that the controlled blasting design of this project can effectively restrain
the vibration velocity induced by the blasting load and could ensure the stability and safety of the transmission tower.

1. Introduction

With the rapid development of highways in China, large-
section tunnels are widely used in highway construction
because of their ability to significantly reduce road mileage
and improve transport efficiency. The tunnels would
sometimes inevitably penetrate beneath sensitive structures,
such as transmission towers and other existing structures,
which poses challenges for the design and construction of
large-section tunnels.

At present, the drill-and-blast method is still one of the
main construction methods in the road tunnel excavation
process [1-3]. When the tunnel penetrates underneath
sensitive structures such as high-voltage transmission
towers, the blasting and support parameters need to be
strictly controlled to ensure the stability and safety of the
surface structures. To study the influence of vibration caused
by controlled blasting on rock mass and sensitive structures,
site test and numerical simulation methods are widely used

by researchers [4-7]. The site test can objectively reflect the
influence of blasting vibration on the rock mass structure.
However, due to the nonhomogeneity and the defects of the
internal structure in the rock mass, the experimental con-
ditions are difficult to control. Compared with the site tests,
the numerical calculation can simulate the dynamic re-
sponse problem in the complicated geological conditions,
thus the numerical simulation method is widely used to
analyze the blasting vibration response. Some studies [8-10]
evaluated the vibration damage to transmission towers based
on the finite element method. Luo et al. [11] analyzed the
dynamic characteristic of the tunnel for surface explosion of
100 and 300kg TNT charge, respectively. Duan et al. [12]
investigated the vibration characteristic of high-voltage
tower under the influence of adjacent tunnel blasting ex-
cavation. Beside the study on the influence of vibration
induced by controlled blasting on transmission tower, more
research focuses on the dynamic responses of adjacent
structures. Zhao et al. [13] used field monitoring
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experiments and numerical simulation to study the effect of
blast-induced vibration from adjacent tunnel on existing
tunnel. Jiang et al. [14] investigate the effect of excavation
blasting vibration on adjacent buried gas pipeline in a metro
tunnel. However, the dynamic responses of the transmission
tower system remain one of the most challenging tasks in the
civil engineering as a complex, continuous, and mechanical
system.

Based on a large-section shallow buried tunnel project in
Zhuhai, China, this paper studies the effects of controlled
tunnel blasting on the dynamic responses of high-voltage
transmission towers. Three-dimensional numerical analyses
were conducted in the finite difference program FLAC3D,
and the dynamic responses of the tunnel surrounding rock
and high-voltage transmission towers under the blast
loading were studied. The vibration velocity, deformation
responses of surrounding rock and high-voltage trans-
mission towers were predicted to provide scientific basis and
reference for relevant construction optimization and
decision-making.

2. Overview of the Project

The Black and White General Hill tunnel is a large-section
shallow buried tunnel under construction in Zhuhai, China,
which is built to enhance the transportation links between
different districts in Zhuhai. The exit section of the tunnel
penetrates directly underneath a high-voltage transmission
tower. A schematic view of the locations of the tunnel and
transmission tower is shown in Figure 1. The transmission
tower is a 2F-SJ2 type tower with a total height of 41.5m,
supported by four piles with a diameter of 2.1 m and a length
of 12 m. The vertical distance from the top of the tunnel to
the pile toe is about 7.5m, and the smallest horizontal
distance from the tunnel to the transmission tower is about
1.9m.

The surrounding rocks at the tunnel exit consisted of
medium strongly weathered quartz amphibolite. The arches
and sidewalls of the tunnel exit are of poor stability, which
could lead to rock collapse and drops at drill-and-blast
excavation. The uneven weathering of the surrounding
rocks has an impact on the stability of the tunnel portal and
the side slopes. These geological conditions would pose
a threat to the stability of the transmission tower.

According to the geological survey, the soil stratum from
top to bottom within the exploration depth is divided into
clay, fully weathered, strongly weathered, medium weath-
ered, and slightly weathered quartz amphibolite. Based on
the results of the wave velocity test and other geotechnical
tests, the physical properties of the soil and rock are shown
in Table 1.

3. Numerical Investigation

3.1. Numerical Model. A 100 m range of tunnel exit (mileage
YK4 + 820-YK4 + 920) is selected as the modelling area, with
the tunnel and transmission tower included. The numerical
model built in FLAC3D is shown in Figure 2. Considering
the influence of tunnel depth and blasting, the total length
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FiGure 1: Schematic view of the locations of the tunnel and
transmission tower.

and width of the model are selected as 100 m and 52 m,
respectively, which could effectively reduce the boundary
effect. The axis used in the numerical model is defined as
follows: X axis is along the direction of tunnel excavation; Y
axis is along the cross-section of the tunnel; and Z axis is
along the gravity direction. The numerical model mainly
consisted of the tunnel, surrounding rocks, transmission
tower, and its file foundation. It is noted that the trans-
mission tower and its pile foundation are modelled using the
structure elements implanted in FLAC3D to reduce model
complexity and increase calculation speed. The total number
of zones in the 3D numerical model is 112,400, and the total
number of nodes is 12033.

The high-voltage transmission tower is built upon a hill
which the tunnel penetrates through. The curved surface of
the hill needs to be considered in the numerical model to
obtain a correct initial stress condition in the surrounding
rocks. The curved surface is generated in SketchUp by
importing the contour lines of the hill. Then, the 3D hill
surface is exported to FLAC3D, and it connects with the
tunnel model built in FLAC3D to form the 3D numerical
model. The process of model generation is shown in Fig-
ure 3. The soil layer distribution is generated based on the
geological data using the curved surface import method.

3.2. Constitutive Model and Material Parameters. The
Mohr-Coulomb model is selected as the constitutive model
for the soil and rock in this project. The parameters of
density, cohesion, and friction angle are adopted directly
from the geological survey data, which is shown in Table 1.
The transmission tower is modelled with the beam element
implemented in FLAC3D, which is a two-noded, straight,
finite element with six degrees of freedom per node. The
beam element has three material parameters, density, elastic
modulus, and Poisson’s ratio, which are set to be 7850 kg/m”,
200 GPa, and 0.3, respectively. The pile foundation of the
transmission tower is modelled using the pile element, which
could effectively  simulate  the  normal-directed
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TABLE 1: Property parameters of the soil.

Friction angle Elastic modulus

Soil layer Name Density (kN/m?®) Cohesion (kPa) &) (MPa) Poisson’s ratio
1 Clay 19.8 25 20 20 0.38
2 Fully weathered quartz amphibolite 23.0 26 28 48 0.35
3 Strongly weathered quartz amphibolite 27.7 28 30 70 0.32
4 Medium weathered quartz amphibolite 28.9 5.5x10° 41 4.0x10* 0.30
5 Slightly weathered quartz amphibolite 30.0 7.0x10° 42 6.5x 10* 0.23

Zone Group Slot soil layer

W1 rock
W2 rock
W3 rock
W4 rock
silt clay

FIGURE 2: 3D numerical model.

(perpendicular to the pile axis) and shear-directed (parallel
with the pile axis) frictional interaction between the pile and
the soil. The soil-pile interaction is considered by the shear
and normal coupling springs. The coupling springs are
nonlinear, spring-slider connectors that transfer forces and
motion between the pile and the grid at the pile nodes. The
shear behavior of the pile-grid interface is cohesive and
frictional in nature. The lining and anchors used as tunnel
supporting are simulated with the liner element and cable
element, respectively. The parameters of the structure ele-
ment (pile, liner, and cable) adopted in this paper are shown
in Tables 2-4.

3.3. Blasting Load. Due the short distance from the tunnel
and the sensitivity of the transmission tower, the controlled
blast and double-sided guide-pit method are adopted in the
excavation and initial support of tunnel exit to ensure the
stability of the transmission tower. The detailed blast-hole
distribution and blasting sequences for the double-sided
guide-pit method are shown in Figure 4. There are about
330 blast-holes in each blast section, distributed in a cross-
sectional area of 305 m>. The unit explosive consumption is
about 0.9 kg/m’ for the controlled blast design. In order to
study the effect of controlled blast on the dynamic responses
of the transmission tower and surrounding rock, the blast

load generated by millisecond delay blasting needs to be
applied at the tunnel.

In the process of blasting, the interaction of stress waves
generated by blasting will make cracks spread along the
connecting line of adjacent blastholes. With the growth of
the blast induced crack and interpenetration throughout the
rock, a new free surface will be created along the blasthole
line, which is the designed blasting excavation boundary.
Therefore, the blasting excavation boundary is taken as the
inner boundary of the numerical model. Thus, the full scale
blastholes are not included in this model, and the blasting
pressure is applied equivalently to the excavation boundary,
which avoids tremendous model meshing and computa-
tional work due to detonations of too many tiny blastholes.

In this paper, an equivalent pulse load of the multihole
blasts is applied at the blasting excavation boundary of the
tunnel. This simplified equivalent load method certainly
causes some deviation in the immediate vicinity of blast-
holes. However, this study is to investigate the dynamic
responses of the transmission tower and surrounding rocks
outside the blasting boundary rather than the explosion-
induced rock fracture and fragmentation process around
blastholes. Therefore, this equivalent pulse load simplifica-
tion is acceptable to a certain degree. Following the pro-
cedure used by Yang et al. [15, 16], the equivalent pulse load
applied in this paper is shown in Figure 5.
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FIGURE 3: Process of 3D surface model generation.

3.4. Analysis Procedures and Boundary Condition. The focus
of the research in this paper is to investigate the dynamic
responses of the transmission tower under tunnel blasting to
ensure the stability and functionality of the transmission
tower. Therefore, the numerical study chooses the condition
where the tunnel has been excavated directly underneath the
transmission tower, and the initial support and cables have
been installed in the excavated part of the tunnel, which is
shown in Figure 6. The blast load generated by the first section
of the tunnel (as shown in Figure 4) beneath the transmission
tower is applied at the numerical model, when the influence of
the blast on the transmission tower is the most obvious.
Before the blast loading is applied, the boundary of the
numerical model is set to be fixed in their normal direction
to calculate the initial stress condition. In static analysis,
fixed boundaries applied here are realistic since the model
size is large enough and the boundary is placed at some
distance from the region of interest. However, such
boundary conditions cause the reflection of outward

propagating waves back into the model and do not allow the
necessary energy radiation. Therefore, the fixed boundary
condition is converted into a viscous boundary by using
independent dashpots in the normal and shear directions at
the model boundaries in the dynamic loading stage.

4. Results and Discussions

4.1. Responses of the Surrounding Rock. To ensure the sta-
bility of the transmission tower, the dynamic responses of
the surrounding rock are analyzed first. Figure 7 shows the
time histories of blast velocities measured at different dis-
tances from the blast surface. The maximum blast velocities
along X, Y, and Z axis caused by controlled blasting of
section 1 are about 9cm/s, 0.58cm/s, and 3cm/s, re-
spectively. It can be concluded that the control blasting of
section 1 of the tunnel generates main vibration of sur-
rounding rock in the tunnel excavation direction, while the
Y and Z axis component is relatively small.
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TABLE 3: Parameters of liner elements.
. 3 . Elastic modulus L, . Normal coupling Shear coupling
Type Density (kg/m”) Thickness (m) (GPa) Poisson’s ratio stiffness (GPa) stiffness (GPa)
Liner 2000 1 30 0.25 9.77 9.77
TABLE 4: Parameters of cable elements.
. 3 Cross-sectional area Elastic modulus Grout cohesion Grout friction
Type Density (kg/m”) (cm?) (GPa) (kPa) angle
Cable 2000 5.9 100 50 35
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Cable Group of Element
B Geometry=cablel
Liner Group of Element
B Default=Liner 1
Zone Group Slot soil layer

W1 rock
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W4 rock

silt clay
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FIGURE 6: Initial support and cables of the tunnel.
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Ficure 7: Time histories of blast velocities.
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Figure 8 shows the decay curves of the maximum blast
velocity along the tunnel excavation direction caused by
controlled blasting in section 1, where the red, blue, and
green curves are the velocity components in X, Y, and Z
direction, respectively. As shown in the figure, the magni-
tude of blast velocity components in the three axes decreases
rapidly in the range from 10m to 20m from the blast
surface. Beyond that distance, the maximum blast velocity
basically remains constant.

Figure 9 shows the blast velocity contour of the rock
mass due to controlled blasting in section 1. The four
contour graphs are captured at 0.003s, 0.012s, 0.021s, and
0.03s after blasting. It can be seen that at 0.003s after
blasting, the rock disturbance caused by controlled blasting
of section 1 is basically concentrated within 4 m of the tunnel
perimeter. With the increase of time, the range of rock

disturbance gradually expands, but its peak size decreases
rapidly. After 0.02s from the start of blasting, the blast
velocity around the tunnel has basically decayed to zero,
while the vibration velocity above the tunnel is the largest
part of the rock mass at this time. Therefore, the controlled
blasting design of this project can effectively control the
blasting vibration velocity of the rock around the tunnel,
which meets the safety requirements of the specification and
can effectively ensure the safety and stability of tunnel
blasting.

Figure 10 shows the maximum dynamic stress induced
by the controlled blast, which is measured at 3 ms. As shown
in the figure, the maximum dynamic stress occurred at the
surrounding rock located near the blast section, with a value
about 10 MPa. The dynamic stress decreases dramatically
with the increase of distance from the blast section, with an
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FIGURE 10: The maximum dynamic stress measured at the blasting surface.
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80% reduction in the peak value at the location with a dis-  4.2. Responses of the Transmission Tower. Figure 11 shows
tance of two times the largest dimension of the blast section ~ the time histories of blasting velocity in Z direction at the
from the blast center. corners of the base of the high-voltage tower. During the
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FIGURE 13: Vibration speed contour of the transmission tower.

controlled blasting of tunnel section 1, the blasting vibration
in Z direction first increases and then decreases, with a peak
value of about 0.12 cm/s. The blasting vibration velocity Vz
in the Z-axis direction decreases to zero at about 0.2 s after
the blasting. Therefore, the magnitude of velocity measured
at the base of the transmission tower is relatively small and
will not pose a threat to the stability of the transmission
tower, which demonstrates the validity of the controlled
blasting design.

The differential settlement of the transmission tower is
a key factor to monitor in practice to ensure the stability of
the transmission tower. Therefore, the vertical displacements

of the tower base are measured at the end of blast loading.
Figure 12 presents the vertical displacement at the four
corner nodes of the tower base and their relative position to
the blasting surface. The maximum and minimum vertical
displacements of the tower base are about 0.37 and 0.14 mm,
respectively, which would result in a differential settlement
of 0.23mm. It can be concluded that the differential set-
tlement would only cause a neglectable tilt angle and would
not threaten the stability of the transmission tower.
Figure 13 shows contour of vibration speed of the
transmission tower generated by controlled blasting. As can
be seen, the maximum vibration speed of the transmission
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tower and its pile foundation is about 0.02 cm/s at 0.003 s
after the controlled blasting. As the blast wave in the rock
propagates to the surface, the vibration speed of the
transmission tower and its pile foundation gradually in-
creases and its maximum vibration velocity is about 1.24 cm/
s, which occurs at the location of the tower base 0.012 s after
the blasting. Then, the vibration speed gradually decreases. It
can be concluded that the design of controlled blasting of
this project can ensure that the vibration speed of the
transmission tower is below the safe vibration speed of
3.5cm/s in the Chinese specification.

Due to the short distance between the pile foundation
and the undercrossing tunnel, the dynamic responses of the
pile foundation would also affect the stability of the trans-
mission tower. Therefore, the maximum bending moment of
the pile is measured during the controlled blasting, which is
shown in Figure 14. The peak value of the bending moment
developed in the pile is about 920 N-m, which is developed at
7m below the pile top. Therefore, the blasting wave gen-
erated by controlled blast would not significantly affect the
internal force in the pile. This result indicates that the pile
foundation and the transmission tower remained stable
during the blasting construction.

5. Conclusions

This paper investigates the dynamic effects of controlled
tunnel blasting on surrounding rock and high transmission
tower. A three-dimensional numerical analysis of a large
section shallow buried tunnel under a transmission tower
was conducted. The dynamic responses of the surrounding
rock and the high transmission tower were analyzed in
detail. The main conclusions can be drawn as follows:

(1) The vibration speed generated by controlled blasting
decays rapidly along the tunnel excavation direction

(2) At 0.003s after the start of blasting, the rock dis-
turbance caused by controlled blasting of section 1 is
basically concentrated within 4 m of the tunnel pe-
rimeter, and with the increase of time, the rock

disturbance range gradually expands, but its peak
size decays rapidly

(3) As the blast wave in the rock mass propagates to the
ground surface, the vibration speed of the trans-
mission tower and its pile foundation gradually
increases with a maximum vibration velocity of
about 1.24 cm/s

(4) The controlled blasting design of this project can
effectively restrain the vibration velocity of the
surrounding rock and the transmission tower, which
could ensure the stability and safety of the
transmission tower.
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The instability of high rock slopes with tunnel structures increases under the effects of earthquakes and rainfall. Limited studies
have been conducted on the long-term effect analysis of high rock slopes with tunnels. Field electrical measurements on rock
slopes have been conducted to study the response of high rock slopes with large cross-section tunnels during rainfall and seismic
loading. The material threshold was determined using the resistivity probability density statistical method, and a three-
dimensional geological visualization model was obtained. A three-dimensional mesh reconstruction method consisting of
material segmentation, cluster filtering, mesh generation, and material attribute mapping modules was proposed. The three-
dimensional model of high-cutting rock slope was reconstructed, and the three-dimensional finite element model of the rock slope
with tunnel was obtained. The response analysis of the slope was performed during rainfall and seismic loading by employing the
El-Centro wave. The results demonstrated that plastic strain was generated in the fracture zone of the upper part of the tunnel
during rainfall, and the strain value was 8.135 x 10~%. In the subsequent stages, it had a tendency to expand into the tunnel under
continuous rainfall. The maximum principal strain was 3.324 x 10> under the effect of a strong earthquake. A large strain was
generated in the fracture zone at the upper part of the tunnel. It had a tendency to expand under long-term load, which

significantly affected the safety of the tunnel.

1. Introduction

The continuous increase in highway construction has led to
the development of tunnels through high slopes with
existing tunnel structures owing to the limitation of land use
[1]. In a few cases, the tunnel is initially excavated, and the
stress in the rock mass is allowed to gradually reach its
equilibrium state untill the deformation of the rock mass
becomes constant. The surface rock mass is excavated to
form a slope. However, the slope stability and excavation
response in such cases are different from those in cases
without tunnel excavation in the rock mass because they
affect the stress and deformation of the rock mass. The
interaction between the slope and tunnel should be con-
sidered [2]. The presence of the tunnel might cause the

collapse or instability of the excavated slope. Additionally,
the excavation and disturbance of the slope affect the sta-
bility of the tunnel [3]. Cracks develop on the slope due to
the construction disturbance, particularly on high slopes.
These cracks expand during rainfall and earthquakes, which
damage the tunnel and slope. For example, extensive
cracking occurred at the top of the slope, and landslides
occurred in the Nanshan Tunnel of the Wankai Highway in
Chonggqing, China, due to disturbances caused during the
excavation of the roadbed and frequent precipitation [4].
The stability of rock slopes and tunnels is mainly affected
by factors such as rainfall [5], earthquakes [6, 7], geological
structures (such as folds, discontinuities, and faults) [8, 9].
The unloading and blasting performed during the excavation
process directly reduce the integrity of the rock mass, which
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leads to fractures and cracks in the weak structural plane
[10]. The weak structural surfaces significantly affect the
stabilization of rock slopes [11]. Fractures and cracks expand
during rainfall and earthquakes, and directly trigger the
occurrence of landslides [12]. The tunnel structure and
surrounding rock are vulnerable to damage in fracture zones
under strong ground motion [13]. The tunnel-fault system
can be divided into five main stages, strain localization,
fracture initiation, crack acceleration, spontaneous crack
growth and stabilization, which is a nonlinear failure
process [14].

Several studies have been conducted on the stability of
tunnels and slopes by various methods. Jiang et al. [15]
proposed a modified BUS approach for the probabilistic
back analysis of soil parameters and reliability updating of
slopes in spatially variable soils, which facilitates the iden-
tification of the causes of slope failures and an understanding
of the performance of in-service slopes. Shu et al. [16] an-
alyzed the stability of 3D slopes characterized by spatially
variable undrained shear strength based on the plastic limit
analysis upper-bound theorem. Vo-Minh et al. [17] pre-
sented an isogeometric analysis (IGA) based on Bezier ex-
traction to investigate the stability of a circular tunnel in
cohesive-frictional soils subjected to uniform surcharge
loading. Rasmussen et al. [18] developed the classic lattice
spring model combined with the synthetic rock mass
technique and Barton-Bandis joint constitutive model to
analyze the probabilistic stability of rock tunnels in low
in situ stress environments. Moreover, several studies have
been conducted on the stability of high slopes with tunnel
structure.

Numerical simulation, model testing, and field moni-
toring are mainly used to study the interaction between the
tunnel and slope under excavation and earthquake [19]. He
et al. [20] studied the effect of existing tunnels on the
construction of intersecting tunnels in a shallow slope burial
context through 3D numerical analysis and field monitoring.
Causse et al. [21] focused on the mechanism of slope in-
stability and damages that affect the structure of tunnels
parallel to the slope. Kaya et al. [22] performed kinematic,
limited equilibrium, and numerical stability analyses to
investigate the mechanism of a failure of rock slope with
atunnel. Sun et al. [23] conducted a 1 : 25 large-scale shaking
table model test on the bias loess tunnel, and the seismic
responses and failure modes of the loess slope and bias
tunnel were analyzed. The interaction between the tunnel
structure and loess slope was studied. However, the previous
studies conducted that the effect of weak structural surfaces
on slopes with tunnels are inadequate, and deficiencies were
observed in the analysis of the long-term effects of structures
under the effects of rainfall and earthquakes.

Field drilling and geophysical exploration techniques are
common methods that are used to determine the weak
structural surfaces of rock slopes. Geological structures,
including weak structural surfaces, can be identified through
highly efficient geophysical exploration techniques [24]. In
this study, field electrical measurements were conducted to
determine the geological structures of the slope with tunnel
structure and to study the response of a high-cutting slope
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with an existing large cross-section tunnel during rainfall
and under seismic load. A three-dimensional mesh re-
construction method was proposed to develop a three-
dimensional finite element model of the slope with tunnel
structure. The long-term effect of the structure was analyzed
by simulating rainfall and earthquakes.

2. Three-Dimensional Mesh Reconstruction

2.1. Material Segmentation. The three-dimensional mesh
reconstruction method consisted of material segmentation,
cluster filtering, mesh generation, and material attribute
mapping. Material segmentation is a material processing
method that is widely used in three-dimensional mesh
model reconstruction. Material segmentation is used to
classify the voxels in the three-dimensional visualization
model, and each voxel corresponds to a material. Material
segmentation can be divided into three types: threshold,
edge, and region segmentation. Threshold segmentation is
used to obtain the segmentation threshold through various
algorithms, which can be considered the boundary of ma-
terials. Different material segmentation bases and segmen-
tation methods result in different segmentation effects. The
threshold (T) was determined using Otsu’s method [25]. The
discrete data points in the three-dimensional visualization
model F(i, j, k) were divided into different value range
segments with different materials G(, j, k).

. 0,F(i, j,k)<T,
G j.k) = . (1)
I)T < F(l,],k),

where i, j, k are the coordinate values in the three-
dimensional visualization model, F(i, j, k) is the discrete
data points in the three-dimensional visualization model,
and G(i, j, k) is the value of data points after material
segmentation.

2.2. Cluster Filtering. A cumulative marking method was
proposed for a discrete data lattice to quickly and accurately
determine the aggregation clusters in the three-dimensional
data lattice. While accessing each data point, the marking of
the current data point was determined, and the data points
along the three axes, with the marking states of the previous
adjacent points were combined. The data points were
grouped according to the marking state to perform the
identification of the scale of the data points in the aggre-
gation cluster.

The position relationship of the data point (i, j, k) with
six adjacent data points is shown in Figure 1. The six adjacent
points were divided into three front and back points. The
values G(i, j, k), G(i— 1, j, k), G(i, j— 1, k), and G(i, j, k— 1) of
the current data point and the three front neighbors were
recorded as Gg, Gy, G,, and G, respectively.

The data lattice was sequentially marked by scanning
along the positive directions of 4, j, and k. If the data point of
G(i, j, k) =1 is the target to be marked first, the data point of
G(, j, k) =0 was not marked temporarily. The cluster data
points were combined, and eight previous states of the
current element and the integration of the cluster are listed
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FIGURE 1: Schematic diagram of adjacent points.

in Table 1, where m is the number of data points in the
original cluster, and m, m,, and m; are the number of data
points in the original cluster where the three front adjacent
points (i—1, j, k), (i, j—1, k), and (i, j, k—1) are located,
respectively.

The abovementioned cumulative mark scanning was
performed, and the data point with G(i, j, k) =0 was con-
sidered the target to be marked and was scanned again. The
data points were assigned to different clusters according to
their previous states. The cluster with data points m less than
that of a certain value was defined as an outlier cluster, and
the material attribute value G(4, j, k) of the outlier cluster was
converted, i.e., the cluster filtering was performed.

2.3. Mesh Generation. A three-dimensional mesh model was
established that formed a mapping relationship with the data
dot matrix. The three-dimensional mesh model consisted of
eight node hexahedral elements, and each data point cor-
responded to a unit. The data point was located at the center
of the unit, and the size of the unit along the three axes was
similar to that of the three-axis spacing of the data point. The
nodes of the grid model were numbered, as shown in
Figure 2.
The coordinates of the N™ node of the model were

[y (N = D% (U + DV + D)% (W + l)a—%a,

[(N— D%[(U+1)(V+ 1)]] 1
YN = B 2

(W +1) —2P

N-1 1
ZN:[(U+1)(V+1)]A_2/1’

N=1,2,---,(U+1)(V+1)(W +1),

L

(2)

where N is the number of node. x, y, and z are the co-
ordinates of the N node in three directions. U, V, and W are

TaBLE 1: Cluster integration.

Case G, G; G, G; Aggregation cluster m

1 1 0 0 O New group 1

2 1 1 0 0 Group unchanged mi+1

3 1 0 1 0 Group unchanged my+1

4 1 0 0 1 Group unchanged m3+1

5 1 1 1 0 Group merge mi+my+1

6 1 1 0 1 Group merge mi+ms+1

7 1 0 1 1 Group merge m,+ms+1

8 1 1 1 1 Group merge mi+my+ms+1

T (WHD(VHL)(UH)

Pl v

W (V+1)(U+1)+1 A2 (v
2 (V41)(U+1)+1 S (VDU
3(U+1)
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X

FIGURE 2: Schematic diagram of adjacent points.

the number of triaxial discrete data points. «, 8, and A are the
values of the spacing of discrete data points along three axes.
The 8 nodes in the cell were arranged counterclockwise and
the number of the 8 nodes (N) in the n™ element was de-
termined using the following formula:

'Nl +Ln—1J+Ln—1J(U+1)
=n _— 5
" U uv
N2 =N} +1,
N> =N!+U +2,
(3

N:=N!+U+1,

—4
~N:1=N:1 +(U+l)(V+1),r=5;6)7a8a
n=12-UVW,

where n is the number of element and r is the number
of node.

2.4. Material Attribute Mapping. The material properties of
the n™ element in the model were determined using fol-
lowing formula:



[(i=(m-1)%U +1,

o[ o]

n-1

k=
\ uv
The algorithms were developed according to the
abovementioned steps to realize 3D mesh reconstruction.
The 3D mesh reconstruction method can control the cell size

of the 3D mesh model and improve the calculation efficiency
to ensure the accuracy of the analysis.

3. Field Electrical Measurement and 3D Mesh
Reconstruction of Slope with Tunnel

3.1. Project Overview. An interchange overpass was built on
the Xiang’an Airport Highway, Xiamen, wherein a ramp
crossed the existing Xiasha tunnel. The Xiasha tunnel was
a separated shallow buried tunnel. The ramp was mainly
excavated, and the maximum excavation depth was 19 m, as
shown in Figure 3.

The results of geological drilling demonstrated the
presence of gravelly and strongly weathered granite, frag-
mentary and strongly weathered granite, and moderately
granite from top to bottom, as shown in Figure 4. The rock
mass was disturbed, and the cracks expanded during the
process of the rock slope excavation.

3.2. Field Test

3.2.1. Test Equipment. The electrical measurement system
consisted of a dataset acquisition instrument, battery,
booster, cable, and electrodes, as shown in Figure 5. The
current and voltage were measured by the electrodes, and the
signal was transmitted by the cable. The data acquisition
instrument received signals and acquired data. The Wenner
method was adopted for this high-density electrical explo-
ration owing to the exploration depth and surface condi-
tions. The electrode spacing was 2 m, and the power supply
voltage was 480 V.

3.2.2. Survey Line Layout and Data Acquisition. Two survey
lines were arranged to perform electrical measurements
along the tunnel direction. Survey line 1 was arranged in
tunnel 1, whereas survey line 2 was arranged in tunnel 2.
Additionally, 120 electrodes were arranged on each survey
line with a spacing of 2m and a total length of 240 m. The
maximum detection depth was 35m. The layout of the
survey line is shown in Figure 6.

3.2.3. Analysis of Test Results. The apparent resistivity profile
obtained through field testing was inversely calculated in
combination with the least square method, and the resistivity
profiles of two survey lines were obtained, as shown in
Figure 7. In the case of line 1, a low value of resistivity
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(Resistivity = 0-100000 (2-m) was measured on the surface of
the slope area (Distance=60-240m), with a thickness of
approximately 5-10 m. The results were compared with the
drilling data, and it was preliminarily determined that
strongly weathered granite was present on the surface of the
slope. The resistivity gradually increased with an increase in
depth, and the resistivity was greater than 100000 Q-m. This
was preliminarily determined to be moderately weathered
granite. The slope was in a state of semiexcavation. There-
fore, the area (Distance=0-60m) was a temporary con-
struction road with large compactness and high resistance in
survey line 2. A strongly weathered granite layer with
a thickness of approximately 5-10m was present on the
surface, and the resistivity was in the range of 0-100000 Q-m.
Additionally, the deeper layer was a moderately weathered
granite layer. The resistivity increased due to the effect of the
buried tunnel.

The resistivity was logarithmically converted, and the
Gaussian distribution model was introduced, as shown in
Figure 8. The resistivity exhibited an approximate normal
distribution, and the data were processed according to
the law of Gaussian distribution. The distribution
exhibited multipeak characteristics, and the thresholds
were 10000 and 100000 Q-m. Combined with the geo-
logical survey data, it was determined that the gravelly
strongly weathered granite had a resistivity of less than
10000 O-m, the fragment strongly weathered granite had
a resistivity in the range of 10000-100000 Q-m, and the
moderately weathered granite had a resistivity greater
than 100000 Q-m.

The slope materials were determined in combination
with the mathematical statistics method and the material
profile of each survey line was obtained, as shown in
Figure 9. According to the frequency statistical results,
the materials were divided into two categories: strongly
and moderately weathered granite. Compared with that
of the information from BLK2 drilling points passed by
survey line 1, the thickness of strongly weathered granite
was approximately 5-6 m. This was in good agreement
with the value (5.8 m) obtained from the drilling point.
The deeper part was moderately weathered granite,
which was further divided based on different joints and
fissure states.

4. Long-Term Effect Analysis of the High
Slope with Tunnel Structure

4.1. Construction of a Finite Element Model. The inversion
was performed using the least square method after format
conversion, noise removal, smoothing, and interpolation.
The three-dimensional spatial distribution of resistivity was
obtained based on the two-dimensional electrical profiles
spread in space through block Kriging interpolation. The
resistivity of rock is dependent upon various factors such as
rock properties, joints and fissures, and moisture content.
Different types of rock have significant differences in elec-
trical conductivity, while the resistivity of the same material
is concentrated in a certain range. The three-dimensional
resistivity model was combined with mathematical statistical
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methods such as frequency analysis and cluster analysis and
divided into several materials with different conductive
properties to generate a three-dimensional geological model.

Combined with the 3D geological model, two 3D grid
models were obtained through the three-dimensional mesh
reconstruction method, which were affected by rainfall and
earthquakes, respectively. The 3D grid model was composed
of eight-node hexahedral units, and the size of the unit along
the three axes was similar, which was 1 m x 1 m x 1 m. The
nodes of the mesh model were numbered, as shown in
Figure 10. The length and width of the model were 130 and
45 m, respectively. The height above and below the surface
was 31 and 46 m, respectively. The surface layer was strongly
weathered granite, and the lower part was moderately
weathered granite. The model affected by rainfall had
269,747 elements, while the model affected by the earth-
quake had 292,900 elements. For both models affected by

rainfall and earthquake, horizontal displacement was con-
strained on lateral surfaces, while horizontal and vertical
displacement was constrained on the bottom surface. To
reduce edge effects on the model affected by the earthquake,
infinite elements were adopted on the boundary of the
model. Combined with the geological exploration data, the
mapping relationship between grid elements and material
properties was established, and different material parameters
such as elastic modulus and internal friction angle were
assigned to the materials defined by the three-dimensional
models.

4.2. Material Parameters. Weathered granite is a rock ma-
terial with weak nonlinear properties, and the
Mohr-Coulomb criterion can fulfill the analysis accuracy,
whose parameter is simple and has a physical meaning.
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Weathered granite was sampled by drilling on-site. The unit
weight (y), cohesion (¢’), internal friction angle (¢'),
Young’s modulus (E), and Poisson’s ratio (v) were de-
termined by mechanical experiments. The material pa-
rameters are shown in Table 2.

4.3. Load and Cases. Rainfall and seismic force were se-
lected as loads, and the cases are shown in Table 3. The
change of strongly weathered rock water content was
performed for case 1 under a gravity load to simulate
rainfall. Based on the relationship between strongly
weathered rock mechanical parameters and water content
obtained by relevant literature and mechanical property
tests [26], the reduction coefficient of 0.7 was determined
when the soil reaches an approximately saturated state.
And the stress-strain state of the slope and tunnel rock
was observed. A dynamic calculation was performed for
cases 2-6 to simulate an earthquake. A horizontal ground
motion load was exerted at the bottom of the model, and
the El-Centro wave was employed. The seismic time in-
terval was 0.02s and the duration was 30s, as shown in
Figure 11. The dynamic responses of the slope and tunnel,
including acceleration, stress, strain, and earth pressure,
were analyzed.

4.4. Responses of Slope and Tunnel under Rainfall. The stress
and strain distribution of the slope and tunnel, considering
the reduction of soil parameters to simulate rainfall, is
shown in Figures 12(a)-12(c). A stress concentration area
was observed in the tunnel area, and the maximum Mises
stress value was 3.576 MPa and the maximum principal
strain was 3.268 x 107>, The plastic strain appeared in the
fracture zone in the upper part of the tunnel, and the strain
was 8.135x107% A tendency to expand the tunnel was
observed under continuous rainfall. The displacement of the
slope and tunnel was small, and the maximum displacement
was 9.579 x107°m, as shown in Figure 12(d).

4.5. Responses of Slope and Tunnel under Earthquake. The
acceleration response of the slope and tunnel is shown in
Figure 13. The maximum accelerations at VI and VIII de-
grees were 0.57 and 2.97 m/s®, respectively, which had an
amplification effect on the slope.

The infinite element boundary was adopted and the
seismic load was continuously applied at the bottom of the
model. The stress-strain state of the slope and tunnel is
shown in Table 4. The maximum Mises stress value of the
slope and tunnel under different seismic intensities at peak
seismic wave acceleration (f=5s) is shown in Figure 14. The
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TABLE 2: Material parameters for numerical analysis.
Material Constitutive ~ Unit weight (kN/  Young’s modulus Poisson’s Cohesion Internal
model m’) (kN/m?) ratio (kN/m?) friction angle (°)
Strongly weathered Mohr-Colomb 21 70000 0.3 60 40
granite
Moderately weathered /1 Golomb 25 1500000 0.2 130 45
granite
TaBLE 3: Calculation cases.
Cases Load intensity Peak .acce?leratmn of
seismic wave
1 Reduction of soil parameters —
Rainfall 2 Seismic intensity VI 70 gal
3 Seismic intensity VII 140 gal
4 Seismic intensity VIII 350 gal
Seismic 5 Seismic intensity IX 700 gal
6 Seismic intensity > IX 1400 gal

maximum principal strain under different seismic intensities
is shown in Figure 15. The maximum Mises stress initially
increased under the same seismic intensity and then sub-
sequently decreased. The stress rapidly increased with an
increase in seismic intensity. Stress concentration areas were
observed in the tunnel area. The maximum Mises stress
values at =0, 5, and 10 s were 1.694, 11.640, and 4.367 MPa
when the seismic intensity was IX. A large strain was ob-
served in the upper fracture zone of the tunnel with a ten-
dency to expand into the tunnel under the long-term load,
which significantly affected the safety of the tunnel.
Compared with other monitoring points, the strain at D3
is higher due to the existence of a fracture zone, which is
about 10.76 x 10~*. Four settlement monitoring points were

arranged at the vault of the tunnel on-site to obtain the
change in the tunnel settlement during excavation, as shown
in Figure 16. The monitored settlement data along the tunnel
is 0, —2.3mm, —4.2mm, and -3.5mm. The trend is con-
sistent with the strain calculation results, and the settlement
at D3 is higher due to the existence of a fracture zone.

5. Discussion

5.1. Responses of the High Slope with Tunnel Structure under
the Combination of Rainfall and Earthquake. It is inevitable
that a tunnel will be close to a noncausative fracture zone
during the line selection design of a tunnel. Several studies
have been conducted on the seismic dynamic interaction
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FIGURE 12: Stress, strain, and displacement of a slope and tunnel under rainfall: (a) Mises stress. (b) Strain. (c) Plastic strain.

(d) Displacement.

between a noncausative fracture zone and lined tunnel. The
stress amplification effect of the lined tunnel increased when
the lined tunnel was in the foot wall of the fracture zone [27].
However, the disturbance on the fracture zone in the upper
part of the tunnel was not considered, and the distribution of
the fracture zone was mostly artificially assumed. The slope
with tunnel model was developed using the three-
dimensional mesh reconstruction method, and the distri-
bution area of the fracture zone was accurately obtained.

Fracture growth was observed with a release of high geo-
energies due to the excavation of the high slope [28]. Ad-
ditionally, the thickness of the overlying soil layer of the
tunnel decreased, and the rock in the fracture zone was
further disturbed due to rainfall. The degradation of the
mechanical parameters of the rock under the effect of rainfall
was observed owing to the presence of the fracture zone. This
severely affected the ground motion of earthquakes due to
the multiple reflections of waves in the fault fracture zone
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FiGURE 13: Acceleration responses under different seismic intensities: (a) VI. (b) VIIL (c) IX. (d) >IX.

TABLE 4: Maximum Mises stress and strain of tunnel under different seismic intensities.

o . Maximum Mises stress (MPa)
Seismic intensity

Maximum principal strain

t=0s t=5s t=10s t=0s t=5s t=10s
VI 1.694 1.834 1.721 7.519x107° 8.979x107* 5.104x107*
VI 1.694 2.736 1.847 7.519%x107° 3.311x107° 9.053x107*
VIII 1.694 5.960 2.690 7.519%x107° 7.933%x107° 1.847x107°
IX 1.694 11.640 4.367 7.519%x107° 1.492x1072 4.308%x107°
>IX 1.694 21.460 8.366 7.519%x107° 3.324x1072 8.770 x 107>

[29, 30]. The concentration of stress and plastic strain
appeared in the fracture zone. There was a tendency to
expand to the tunnel under the long-term load. It is crucial
to study the failure mechanism of a high slope with tunnel
structure under rainfall and earthquake.

5.2. Failure Mechanism Analysis of the High Slope with Tunnel
Structure. The combined finite-discrete element method
(FDEM) can be employed to investigate the failure mech-
anism and failure process of rock masses and the effect of
different factors on the failure mode [31]. The fracture zone
and tunnel can be divided into discontinuous elements, and

other areas can be set as continuous elements to obtain the
three-dimensional numerical model [32]. Combined with
the damage evolution of rock under rainfall and earthquake,
the damage effects of rainfall and earthquake can be coupled
into the constitutive model of rock based on continuous
damage mechanics and statistical theory [33]. An elasto-
plastic constitutive model considering damage deterioration
can be established, and the mechanical parameters of
continuous elements can be determined [34]. Combined
with the quantitative correlation between the characteristic
parameters of rock microstructure and macroparameters
under rainfall and earthquake, the mechanical parameters of
discontinuous elements can be defined. The interaction
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FiGURE 14: Mises stress under different seismic intensities (t=5s). (a) VI. (b) VIL (¢) VIIIL.
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+5.104e-04 +9.053e-04
+4.679e-04 +8.298e-04
+4.253e-04 +7.544e-04
+3.828e-04 +6.789e-04
+3.403e-04 +6.035e-04
+2.977e-04 +5.281e-04
+2.552e-04 +4.526e-04
+2.127e-04 +3.772e-04
+1.701e-04 +3.017e-04
+1.276e-04 +2.263e-04
+8.506e-05 +1.509e-04
+4.253e-05 +7.544e-05
-1.561e-09 -1.561e-09

(a) (®)

FiGgure 15: Continued.
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Strain
+7.993e-03
+1.847e-03
+1.693e-03
+1.539e-03
+1.385e-03
+1.232e-03
+1.078e-03
+9.236e-04
+7.697e-04
+6.158e-04
+4.618e-04
+3.079e-04
+1.539e-04
-1.561e-09

(c)
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FIGURE 15: Maximum principal strain under different seismic intensities (f=5s). (a) VL. (b) VII (¢) VIIL

. .
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—=— Settlement
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FIGURE 16: Comparison between calculation results and on-site displacement monitoring results.

relationship between discontinuous elements can be de-
termined based on the contact constitutive law, and the
boundary conditions of the coupling domain can be de-
termined [35]. Research can be performed on the de-
formation and failure processes of a high slope with the
tunnel structure considering the effects of rainfall and
earthquake, and its failure patterns and mechanisms can be
determined.

6. Conclusions

(1) A field test was performed on the cutting slope with
an existing large cross-section tunnel through elec-
trical measurement. To obtain the 3D geological
visual model, a mathematical statistics method was
used to determine the material thresholds of strongly
weathered and moderately weathered granite, which
were 10000 and 100000 Q-m. The three-dimensional
mesh reconstruction method was used to reconstruct
the 3D mesh model of the slope with the tunnel for
the long-term effect analysis.

(2) The rainfall and seismic cases were simulated based
on the reconstructed finite element models. For the
effect of the rainfall, plastic strain was observed in the
fracture zone of the upper part of the tunnel. The
strain value was 8.135x10™* with a tendency to
expand in the tunnel. For the effect of the earth-
quake, the maximum principal strain was
3.324x107%. A large strain was observed in the
fracture zone at the upper part of the tunnel with
a tendency to expand into the tunnel, which sig-
nificantly affected the safety of the tunnel.
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The shape of instantaneous water surface profiles for the unsteady flow in the tunnel model can be determined by measuring the
instantaneous water levels at multiple points synchronously. However, the measurement accuracy of the ultrasonic method is
affected greatly because of the complex state of the water surface when water level changes rapidly. Using an optical method,
multicamera synchronous measurement is difficult to control, and the cost is high. For single camera measurement, the reading
of the steel ruler in the image cannot be clearly seen when the distance between the measuring point and single camera is far.
When the distance is short, all steel rulers cannot be captured at the same time. Hence, in this paper, a single camera and fixed
scale compensation method for instantaneous water level observation in unsteady flow is proposed. A series of fixed scales is
placed with the same height and width near the water surface to be measured. In order to capture dynamic images of all fixed
scales with a clear water surface, a single camera is set at a far position to continuously record the water level change process
within the model range. According to the height of the fixed scale, the image accuracy is compensated and the effect of the wide-
angle image distortion is automatically avoided. The water level elevation is obtained according to the relationship between the
fixed scale and the water surface. In this paper, the unsteady flow model measuring test is applied to the Southern Main Tunnel
and the Water Distribution Pool of the Huangchigou Water Diversion Project. The accuracy of this method in measuring the
dynamic water level is 1-2 mm, which meets the accuracy requirement and greatly reduces the observation cost of the model
test. The proposed method may also be suitable for measuring the instantaneous water level of the unsteady flow in other
similar hydraulic model tests.

1. Introduction

The instantaneous water surface profile of unsteady flow
reflects the water flow state and the water-passing capacity of
the hydraulic structure, and it is an important basis for
determining the structure size and the operation mode of the
control gate. In the tunnel model test, the instantaneous
water surface profile needs to determine multipoint si-
multaneous water levels. At present, the main methods for
measuring unsteady flow surface profiles include the

tracking water level meter method, ultrasonic method, and
optical method.

Zhang and Cui [1] analyzed the structure and principle
of the water level measuring instrument in the Yangtze River
flood control model. In the water level instrument, resistance
is used as an arm of the measuring bridge, but it could not
get rid of the bridge output drift caused by the change in
water temperature and water quality. Since the inertia in the
rotating part of the instrument cannot be completely
eliminated, it is still unable to track the situation where the
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water level changes rapidly. When multiple water level
meters are adopted to work at the same time, it becomes
difficult to realize synchronization, and the cost is very high.

Qu et al. [2] verified the reliability of the instrument by
installing an ultrasonic water level gauge at the Zhuangzi
station. After 4 months of comparative observation, the
instrument can meet the requirement of water level ob-
servation, but temperature has a great influence on the
Sensor.

Khuntia et al. [3] studied turbulence characteristics in a
rough open channel under unsteady flow conditions, and
three-point gauges with a Vernier scale were fixed to
measure the flow depth from different positions along the
centerline of the flume. Hu et al. [4], Liu et al. [5], and Song
and Graf [6] have carried out indoor experiments on un-
steady flow wave propagation characteristics, sediment
transport capacity, flow velocity, and vortex in channel
models. The authors have used the ultrasonic water level
meter to measure the water level, and the corresponding cost
is high. Jalili Ghazizadeh et al. [7] studied characteristics of
water surface profiles over rectangular side weirs for su-
percritical flows. Water surface profiles were measured at
different sections in the longitudinal and transverse direc-
tion of the main channel next to the side weir using pie-
zometers and a movable point gauge with 0.1 mm accuracy.

Optical measurement is a method to measure water level
using a camera to capture the water gauge reading image.
This method has the advantages of noncontact measure-
ment, no temperature drift, traceable results, and low system
cost.

Zhong [8] proposed a method using a camera to capture
a video containing a water gauge and intercepted the water
level image from the video in real time. After grayscale
conversion, median filtering, and edge detection, the image
containing the scale calibration is obtained. According to the
water gauge readings identified, the water level is calculated
in the subsequent process. The method for calculating the
water level results, compared with the manually direct
reading of the water gauge, has an accuracy of 0.6 cm. This
method is suitable for remote measurement of water level in
lakes, reservoirs, and culverts. Ruan et al. [9] proposed an
observation method for measuring the tidal water level by
working together with an artificial noncalibration water
gauge and a ruler with a standard scale, which can measure
the dynamic water level at a fixed point. In this method, the
pixel height in the image is determined by using the ruler.
The water level is obtained proportionally according to the
distance from the baseline of the noncalibration water gauge
to the water surface, that is, the number of pixels. The idea of
this method is novel.

Aiming at the water level operation control mode of
large-scale water transmission open channels, Cui et al. [10]
studied the constant water level operation control mode in
front of the gates on a large-scale water transmission open
channel in the Trunk Canal at the middle route of the South-
to-North Water Diversion Project in China. Fang et al. [11]
studied the water level variation lawcaused by the flow
changes at the water outlet in the main canal in the middle
water transfer channel of the South-to-North Water
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Diversion Project. Li et al. [12] took a canal section in the
middle water transfer channel of the South-to-North Water
Diversion Project as a typical example and studied the
hydraulic characteristics of the open channel water delivery
system under the control of the gate. Litrico and Fromion
[13], Bautista and Clemmens [14], and Clemmens et al. [15]
used the method of feedforward control and storage com-
pensation to simulate the operation scheduling of irrigation
channels. In the above research studies, the numerical
simulation method was adopted, and in contrast, the
multipoint water level measurement for the unsteady flow in
the open channel hydraulic model has an important ref-
erence value to test the rationality and objectivity of the
unsteady flow water level simulation results.

Therefore, in this paper, considering the synchronous
measurement and image resolution of multipoint water
levels in unsteady flow instantaneous water levels, an ob-
servation method based on a single camera and fixed scale
compensation is proposed. The method will be applied to the
open channel water level measurement in the Southern Main
Tunnel of the Hanjiang-to-Weihe Valley Water Diversion
Project. The instantaneous water levels at multiple points of
the Water Distribution Pool and the Southern Main Tunnel
are measured when the inflow from the Qinling Tunnel is
0.0173 m%/s, and the inlet gate of the Southern Main Tunnel
is quickly opened or closed. Through the measurement and
research, the instantaneous water surface profiles of un-
steady flow are obtained in the Water Distribution Pool and
the Southern Main Tunnel at any time. Moreover, the
measurement accuracy and feasibility of the method are
verified by comparing with the measurement results using a
steel ruler with a single camera and close-up shot.

2. Engineering Background and Problems

2.1. Engineering Background. The Hanjiang-to-Weihe Valley
Water Diversion Project is a water diversion project from the
Yangtze River to the Yellow River drainage, which is a cross-
basin water transfer project in Shaanxi province, China. It
consists of two major parts: the water transfer project (the
first stage) and the water transmission and distribution
project (the second stage).

The Huangchigou Water Distribution Project, as the
connection center of the water transfer project and the water
transmission and distribution project, is a core water dis-
tribution structure. It plays a decisive role in the safe and
rapid water distribution in the whole project.

According to the characteristics of linear distribution of
water-receiving objects, two main water delivery routes are
arranged. The Southern Main Route is an open channel flow
tunnel. The section of the Southern Main Tunnel model has a
horseshoe shape with a size 0.398 mx0.239m. How to
measure the instantaneous water level in the model tunnel
becomes a key issue.

Based on the hydraulic physical model of the Huang-
chigou Water Distribution Project, considering the sudden
rise and fall of the inlet gate in the Southern Main Tunnel
due to various operating conditions, it will cause a significant
change in the water level at the Water Distribution Pool and
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the Southern Main Tunnel model. Therefore, it is necessary
to conduct a real-time observation on the water level in the
Water Distribution Pool and the Southern Main Tunnel
model.

2.2. Problem of Measuring the Instantaneous Water Level at
Multiple Points with a Single Camera. Figure 1 shows the
original scheme for measuring the instantaneous water level
of the Southern Main Tunnel model with a single camera.

In order to obtain the instantaneous water level of each
measuring point at the Water Distribution Pool and the
Southern Main Tunnel, a steel ruler was erected at the Water
Distribution Pool, and several steel rulers were erected at
multiple measurement points in the Southern Main Tunnel.
Because the model of the Southern Main Tunnel is long
(about 20 m), in order to display all measuring points in a
single camera, it is necessary to ensure that the camera and
the model have a sufficient distance. Under this condition,
since the camera is too far from the water surface to be
measured, the reading of each steel ruler in the image cannot
be seen clearly, causing difficulty to implement this mea-
surement scheme.

2.3. Principle of Measuring the Instantaneous Water Level
Using the Single Camera and Fixed Scale Compensation
Method. In order to overcome the problem that the single
camera is too far from the point to be measured and the
reading of each steel ruler in the image cannot be seen
clearly, naturally, the multicamera and multipoint mea-
surement method can be considered. That is, a camera is set
up in front of each steel ruler. All frames of images are
extracted from the video collected by using the camera and
saved, and the instantaneous water level of each measuring
point at the same time is obtained according to the extracted
images. However, this method requires multiple cameras,
and its synchronization is difficult to control with high cost.

To solve the problem, considering that the water surface
profiles in the polymethyl methacrylate model is clearly
visible within a certain distance, an instantaneous water level
observation method for unsteady flow based on the single
camera and fixed scale compensation is proposed. First, we
erect multiple noncalibration fixed scales with the same
height at each point to be measured. Second, the water
surface profile is photographed. Third, the instantaneous
water level is calculated according to the relative position
relationship between the water surface profile and the
bottom edge of the fixed scale in the intercepted image. The
fixed scale plays a vital role in compensating image accuracy
and automatically avoiding the effect caused by wide-angle
image distortion.

3. Test Procedure

3.1. Installation of Fixed Scales and Camera Equipment.
The specifications of the fixed scales are unified as a red
polymethyl methacrylate plate with a height of 60.0 cm and a
width of 5.0 cm. All scales are sequentially set at the mea-
suring position with the numbers clearly visible in the image.

The distance between adjacent fixed scales in the model is
about 0.80 m.

We used Canon 5DIII professional digital camera-
+ Canon 16-35mm, f/2.8 lens as a single camera to conduct
panoramic photography in the test process. Figure 2 shows
the relationship between the single camera and the position
of the fixed scale. The wide-angle mode camera can capture
2-14 fixed scales in the photo at a close distance, and the
telephoto mode camera can capture 1-24 fixed scales in the
photo at a long distance. The wide-angle mode measurement
scheme is adopted in this study.

In order to check the measurement accuracy of this
method, a steel ruler is set beside the No. 12 fixed scale, as
shown in Figure 3. Another Canon EOS70D + EFS18-
200 mm camera was set up to take a close-up photo of the
water surface profile near the steel ruler, and the instanta-
neous water level measurement results of the two methods
were compared.

3.2. Calibration of Relative Elevation at the Bottom of the Fixed
Scale. When installing each fixed scale, we use the hanging
hammer method to ensure the verticality of the fixed scale.
Since relative elevation at the bottom of each scale is un-
known, it needs to be calibrated. When the outlet gate of the
Qinling Tunnel and the inlet gate of the Southern Main
Tunnel of the model are fully opened, the water is in flow
condition. Closed the outlet gates of the Qinling Tunnel
andthe SouthernMain Tunnel of the model, the Water
Distribution Pool and the Southern Main Tunnelmodel
reaches static water condition. The needle is used to read the
static water surface relative elevation in the Water Distri-
bution Pool and the static water level is denoted as HO . The
single camera fixed scale measurement method was used to
take photos of the fixed scales under the static water con-
dition, as shown in Figure 4. The height H g,cq4sca1e Of €ach
fixed scale and the height hgyegscale Detween the water surface
and the bottom of the fixed scale in the image were measured
using CAD software. The actual distance Hiy,¢, from the
water surface to the bottom of the fixed scale can be cal-
culated according to formula (1). The relative elevation of
thebottom of each fixed scale can be obtained by HO-Hwater.

Hfixe dscale 60
H

(1)

water hfixe d scale

The relative elevation of thesteel ruler bottom can be
obtained by HO-Hruler.Hruler is the measuring depth
fromwater surface to the steel ruler bottom, which can be
obtained through reading the steel ruler scale. In this way,
the instantaneous water level at the No. 12 fixed scale
measuring point can be obtained by the single camera and
fixed scale measurement method or can be read from the
image captured using the camera at a close range with the
steel ruler, so as to verify the accuracy of this method.

The calibration results of the bottom edge relative ele-
vation of the fixed scale are shown in Table 1, in which the
geometric scale of the model is 1:15. It should be noted that
the relative elevation of the water level and the bottom edge
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FIGURE 4: A schematic diagram of water level measurement.

TaBLE 1: The position number of each fixed scale and the elevation of the bottom edge of the scale.

Fixed scale no. Pile no. Bottom edge elevation of the fixed scale (m)
3 NGO0-012.300 661.266
4 NGO0+027.175 661.228
5 NG0+035.275 661.235
6 NGO0+046.459 661.180
7 NG0+059.101 661.339
8 NGO0+071.519 661.391
9 NGO0+084.461 661.333
10 NGO0+098.038 661.259
11 NGO0+109.948 661.283
12 NGO0+123.718 661.318
13 NGO0+137.743 661.451
14 NGO0+149.623 661.383

of the fixed scale adopts the relative elevation of the pro-
totype, and the other parameters adopt the model param-
eters in this paper. This makes it easy for the reader to
understand design characteristic parameters of the

prototype.

3.3. Measuring Process of the Instantaneous Water Level.
When the inlet gate of the Southern Main Tunnel model is
suddenly closed or opened, an unsteady flow process will
occur in the Water Distribution Pool and the Southern Main
Tunnel model. The instantaneous fluctuation of the water
surface is large, and the influence range is wide. Therefore,
the water surface change process can only be recorded by a
video.

A series of pictures of the water level on fixed scales at
multiple measuring points is intercepted from the video at
an interval of 0.5 s. The height from the water surface of each
measuring point to the bottom edge of the fixed scale at
different times is read out in turn using CAD software, and
the relative elevation of the water level at each measuring
point is obtained by HO-Hwater. At the same time, the
relative elevation points at the water level from the Water
Distribution Pool to each measuring point in the Southern
Main Tunnel model are connected in turn to form the in-
stantaneous water surface profile at that time.

By repeating the above steps, the entire change process of
the unsteady flow surface profiles can be obtained.

4. Application Research Measuring
Instantaneous Water Levels of Unsteady Flow
Using the Single Camera and Fixed Scale
Compensation Method

4.1. Qualitative Analysis of the Instantaneous Water Level in
the Water Distribution Pool and the Southern Main Tunnel
Model. Considering Qinling Tunnel’s model inflow of
0.0173m?/s, the inlet gate of the Southern Main Tunnel
model is initially closed. The gate is suddenly opened when
the water level of the Water Distribution Pool rises to
664.88 m, and the change process at the instantaneous water
level in the Water Distribution Pool and the Southern Main
Tunnel model is analyzed. Typical instantaneous water
surface photos taken from the video using a wide-angle
camera are shown in Figure 5.

Figure 5(a) shows a picture of the water flow state of the
Water Distribution Pool and the Southern Main Tunnel
model at 2.0s before opening the inlet gate. The water
surface of the Water Distribution Pool is calm at a water level
of 664.88 m. Figure 5(b) shows a panoramic view at 1.0s
after opening the inlet gate of the Southern Main Tunnel
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FIGURE 5: A panoramic view of the instantaneous water surface in the Water Distribution Pool and the Southern Main Tunnel model (a) A
panoramic view at 2.0 s before opening the gate. (b) A panoramic view at 1.0's after opening the gate. (c) A panoramic view at 3.0's after
opening the gate. (d) A panoramic view at 204.0 s after opening the gate.

model suddenly. The water surface of the Water Distribution
Pool close to the inlet gate drops obviously, and the water
surface fluctuates obviously. There is an open channel flow
behind the gate of the Southern Main Tunnel model, which
fluctuates greatly, and the front peak of the water wave
reached the No. 8. fixed scale. Figure 5(c) shows a panorama
view at 3.0's after opening the inlet gate. The water level of

the Water Distribution Pool fluctuates obviously. The water
level close to the inlet gate has a greater decrease and greater
fluctuation. The water coming reaches the No. 11~12 fixed
scale in the Southern Main Tunnel model. The water level
close to the wave forehead gets lower and lower. Figure 5(d)
shows a panoramic view at 204.0s after opening the inlet
gate. The water level of the distribution hub has a greater
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decrease, and the Southern Main Tunnel model has the same
level as the Water Distribution Pool, while water reaches a
constant flow state.

4.2. Quantitative Analysis of the Instantaneous Water Level in
the Water Distribution Pool and the Southern Main Tunnel
Model. Using the single camera and fixed scale compen-
sation method to measure the instantaneous water level at
different positions in the model, the water levels in the Water
Distribution Pool and the Southern Main Tunnel model
were obtained. The instantaneous water levels are sorted out
at No. 3,7, 8, 10, and 14, respectively, as shown in Figure 6. It
can be seen that the water level of the Water Distribution
Pool continued to decrease, and the water level of each
measuring point in the Southern Main Tunnel model in-
creased sequentially from upstream to downstream and
gradually stabilized after 9.5s.

The instantaneous water surface profiles at different
times are shown in Figure 7. It can be seen that the water
level at the Water Distribution Pool is 664.88 m before
opening the inlet gate and that there is no water in the
Southern Main Tunnel model. At 0.5s after opening the
inlet gate, the front peak of the water wave in the
Southern Main Tunnel model reaches the No. 6 scale, and
the water level difference between upstream and down-
stream is very large. At 1.5s after opening the inlet gate,
the water front reaches the No. 11 scale, and the water
level changes relatively little between the 4th and 8th
scales, while the water level drops rapidly in downstream.
At 3.5 s after opening the inlet gate, the water flow reaches
the No. 14 scale. At 9.5s after opening the inlet gate, the
water level in the Southern Main Tunnel model is close to
the highest.

4.3. Image Distortion Analysis. In the panoramic image
obtained using the wide-angle camera, the measured height
of each fixed scale is shown in Figure 8. It can be seen that the
fixed scales with the same height obviously have different
heights in the panoramic image due to the influence of the
camera view field. The ratio of the maximum height to the
minimum height is 1.599. The panoramic image distortion
shows that the middle fixed scale is smaller and that at two
sides is larger. Consequently, the height measured directly in
the image needs to be corrected, and setting a fixed scale can
avoid this distortion influence, which reflects the superiority
of the method in this paper.

5. Accuracy Analysis of the Instantaneous Water
Level by the Single Camera and Fixed Scale
Compensation Method

The instantaneous water level at the No. 12 fixed scale
measuring point can be obtained by the single camera and
fixed scale measurement method, or it can be read from the
image taken by using the camera at a close distance with a
steel ruler. The specific results are shown in Figure 9. It can be
seen that the instantaneous water levels obtained by the two
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FIGURE 7: Instantaneous water surface profiles at different times.

measurement methods are in good agreement. At 8.0s, 10.0s,
16.0s,29.0s, and 41.0 s, the water surface fluctuates obviously.
The biggest difference between the results by the two methods
is 0.7 cm in the model. The reason is that the position at the
instantaneous water level read by using the steel ruler is
slightly different from that at the No. 12 fixed scale. When
water flow is unstable and the liquid level fluctuates greatly,
the instantaneous water levels have a large difference. When
water flow tends to be stable, that is, at 310.0s, 320.0's, and
328.05, it can be seen that the water level difference measured
by the two methods is 1~2 mm in the model.
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FIGURe 9: The instantaneous water depth at the unsteady water
level at the same position by two measuring methods.

From the above analysis results, the single camera and
fixed scale compensation method proposed in this paper can
be implemented to measure the instantaneous water level
accurately and meet measuring accuracy requirements of the
hydraulic tunnel model.

6. Mechanism Analysis of Instantaneous Water
Level Measurement by the Single Camera and
Fixed Scale Compensation Method

Since a panoramic image needs to be obtained including all
the fixed scales at the measuring points and the camera is far
from the water surface to be measured, the readings of all
fixed scales in the image cannot be seen clearly. Therefore, it
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is not feasible to obtain the instantaneous water level by
shooting all fixed scales using a camera.

The core of the proposed method in this paper is to make
the fixed scale very high so that the image including all the
fixed scales at the measuring points captured by using the
wide-angle camera is clearly visible. The image height of the
fixed scale can be accurately measured in the image, and the
water surface level can be read and corrected. Image dis-
tortion effects can be avoided by erecting a huge fixed scale at
each measuring point. The fixed scale can be subdivided in
the image, and the precise water level can be read.

This method compensates the measurement resolution,
and the idea of this paper is innovative. To the best of our
knowledge, it has not been reported in all previous hydraulic
model tests.

7. Conclusion

Aiming at the simultaneous water level measurement and
image resolution at multipoint water levels in unsteady flow,
a single camera and fixed scale compensation method is
proposed. This method is applied to the open channel flow
model test in the Water Distribution Pool and the Southern
Main Tunnel of the Huangchigou Water Distribution
Project, and the instantaneous water surface profile of un-
steady flow at any time is obtained. The measurement ac-
curacy of the method in this paper is verified. The specific
conclusions are as follows:

(1) The principle and implementation process of the
single camera and fixed scale compensation method
to measure the instantaneous water level are pro-
posed. This approach solves synchronization prob-
lems at multipoint measuring. The installation of a
patternless fixed scale is equivalent to setting a
magnification in the image. A clearly visible scale acts
as a ruler, which objectively compensates or im-
proves the image resolution. At the same time, it can
avoid the geometric distortion influence caused by
using the wide-angle camera in the captured image.

(2) When the results of measuringinstantaneous water
level at the same point are compared with those of
directreading steel ruler, the single camera and fixed
scale compensation method has very high mea-
surement accuracy. The 1~2 mm measuring accuracy
meets the requirements of the instantaneous water
level measurement in the unsteady flow model test.

(3) The method proposed in this paper was applied to the
hydraulic model test in the Water Distribution Pool
and the Southern Main Tunnel of the Huangchigou
Water Distribution Project. The multipoint instan-
taneous water level research in the tunnel model was
carried out, and the variation law of the instantaneous
water level was analyzed. The quantitative water level
measuring results are consistent with the macroscopic
observation and water level analysis of unsteady flow,
indicating that the method proposed in this paper is
feasible for the unsteady flow tunnel model test.
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The floor heave is one of the key factors that can restrict high-efficiency and safety mining, especially in the deep roadways with
soft rock. Considering the influences of rock fracturing over time on rock mass properties, a case study of the floor heave evolution
and rock bolts reinforcement technology was performed in this paper. A numerical simulation was used to study the stress-strain
state and displacement of surrounding rocks. It was found that significant floor heave caused by nonlinear deformation of
laminated immediate floor under an increase in rock fracturing. The post-peak strain regions appear in the bottom corners of the
roadway, after which strata in the immediate floor are destroyed one by one. The joint spacing of 0.45 m on the immediate floor is
critical. At this step, post-peak strain regions merge in the central part of the roadway floor, which is the cause of uncontrolled
floor heave. Rock bolts reinforcement was proposed to control the floor heave. Three floor support schemes with two types of
support elements, different bolt orientations, and lengths of reinforcement were studied. The numerical simulation demonstrated
that after reinforcement, post-peak plastic strain in the floor strata was reduced effectively. The optimal floor support scheme and
depth of reinforcement were determined by the allowable floor heave. Ideally, the floor heaves could be reduced by rock bolts with
a steel belt installed according to the support scheme III and reinforcement length of 2.0 m for outer bolts and 3.0m for

central bolts.

1. Introduction

With the increase in mining depth, the instability of
roadways in soft rock has become a major challenge for deep
coal mines [1, 2]. According to statistics, the actual repair
rate of roadways in Ukraine is as high as 80%. A similar
repairing rate is noted by researchers from other countries
[3, 4]. The instability problems that are exacerbated due to
deep mining are roadway surrounding rock large defor-
mation, floor heave, support failure, and roof fall. In the case
of the rock mass composed of soft fissured rock, the
roadways stability issue is further relevant.

Current roadway support systems, including rock
bolting, steel arch, hydraulic supports, and combined sup-
ports, are commonly successfully used to control the de-
formation of the roof and side walls of roadways. However,

often a floor heave is still a serious failure phenomenon in
mine roadways [5-7].

Many scholars have used theoretical analysis, physical
experiments, and numerical simulations to study the floor
heave in deep roadways with soft rock and have proposed
various solutions. Existing technologies of floor heave
controlling are quite advanced; these include the steel closed
supports and concrete inverted arches, stress relief slots in
the floor or wall of roadway, and reinforcement of sur-
rounding rock.

Zhao et al. [8] researched and proposed a U-shaped steel
closed support with an inverted steel arch in the floor as a
method for improving the support effect of the surrounding
rock during the process of floor heaving. Li et al. proposed
the double-yield shell coupling support technology for high-
stress soft rock roadways [9]. Wang et al. [10] managed to
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control floor heave by using the high resistance yieldable
multiple support for roadways excavated in extremely soft
rocks.

Zheng et al. [11] designed a composite structure, in-
cluding concrete antiarches and bolts, to control the floor
heave. By means of field investigation, theoretical analysis,
numerical calculation, and engineering practice. Wang et al.
[12] established the instability reasons for the inverted arch
structure and proposed a 36U-shaped steel round frame with
bolt-mesh-shotcrete-combined support to control the floor
heave.

Chen et al. [13] proposed an innovative “relief-retaining”
control scheme of floor heave, which is the comprehensive
measure of “cutting groove in floor + drilling for pressure
relief at roadway side + setting retaining piles at the junction
of roadway side and floor.” Yang and Zhang [14] put forward
the pressure-relief slot to prevent floor heave, established the
mechanical model of the pressure-relief slot, and gave a
method to determine the width of the pressure-relief slot.

The most worldwide floor heave control technology is
reinforcement. Chang et al. [15] proposed hydraulic ex-
pansion bolts to prevent the development and flow of the
plastic zone in the floor rock to control floor heave. He et al.
[16] proposed a new method to control floor heave with bolt-
net-anchor coupling support technology, with the anchor
wire at a key location, with the rigid bolt, and corner
grouting. Yang et al. [17] studied the floor heave control
method of high-stress soft rock roadway and proposed new
coupling support technology of a bolt-mesh-anchor-base
angle bolt-flexible layer truss for controlling roadway floor
heave. Wang et al. [18], using numerical simulations and
theoretical analysis determined that an effective method for
controlling floor heave is “self-drilling anchor bolt” + “high-
strength reinforcement anchor bolt”+“W type steel
belt” + “steel mesh” + anchor cable with birdcage.

Some scholars have focused on the bottom corners of the
roadway where the critical stress concentration causes
failure. Chen et al. [19] controlled the floor heave of gob-side
entry retaining by reinforcing sides and corners of the solid
coal body, and obtained an influence on the floor heave of
gob-side entry retaining of sides supporting strength and the
bottom bolt orientation in coal side. Cao et al. [20], based on
the modelling by FLAC3D, proposed the floor support
method, which includes optimal bolt parameters and ar-
rangement, floor beam layout by grooving, and full-length
grouting. Guo et al. [21] showed that intensive bolts with
steel belt, wire mesh, and cable, can significantly reduce the
floor heave in the roadway, the roof, and the side walls,
compared with lower supporting intensity.

Zhang and Shimada [22] managed to control floor heave
in retained goaf-side gate road by using grouting rein-
forcement. Shimada et al. [23] studied the reinforcement
effect of cement grouting materials with different water-
cement ratios on the floor. Sun et al. put forward the
technology of reinforcing surrounding rocks to realize floor
stability in inclined strata and soft rock [24].

To solve the problem of roadway floor heave, Zhou et al.
[25] put forward three rock bolt support optimization
schemes. The support effect of each scheme was simulated
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and finally was determined that scheme 3 (the base plate
anchor bolt adopts a pair of bottom angle anchor bolts in
each row plus three vertical anchor bolts) is the best support
optimization scheme.

Most studies are based on the results of numerical
simulations because there are the best ways to model the
magnitudes and spatial distribution of deformations [26].
Zhao et al. [8], Chen et al. [13], Guo et al. [21], Zhang and
Shimada [22], and Zhou et al. [27] used a FLAC3D simu-
lation. Kulatilake et al. used 3DEC software to simulate high-
stress roadways and proposed the use of 3m bolts and
inverted arch roadways to control the surrounding rock [25].
Qi et al. [3], and Zhang et al. [28] simulated the failure
mechanism of soft rock roadway by UDEC. Sakhno et al.
[29] performed numerical modelling of controlling a floor
heave of roadways in the soft rock by ANSYS. Matkowski
et al. [26] used a phase 2 program.

In this paper, the mine roadway floor heave evolution
during an increase in rock fracturing over time and rock
bolts reinforcement technology were studied to effectively
control the large nonlinear deformation of soft laminated
floor rock. The mechanical properties of the surrounding
rocks were studied using laboratory tests. The floor heave
evolution and characteristics of the stress-strain state of
surrounding rocks were analyzed by using the ANSYS. At
the same time, physical and mechanical properties of the
rocks were changed during the simulation. The degree of
rock mass discontinuity was carried out by changing the
Hoek-Brown parameters. This paper proposed coupling
floor support technology of rock bolts with steel belt, which
includes optimal bolt parameters and arrangement. The
specific parameters suitable for controlling the floor heave of
the roadway were determined using the numerical simu-
lation method.

2. Engineering Background

2.1. Project Overview. Surgaya coal mine is located in
Vugledar city, Donbas region of Ukraine. At present, the
main producing coal seam is the C11 coal seam. The average
thickness of the C11 coal seam is 1.6 m, while the dip angle
ranges from 7° to 10°. The studied roadway is presented in
Figure 1(a). It was an air-return roadway of the 14th eastern
panel of level 824 m. The dip angle of the roadway was 8°. The
width and length of the 13th eastern panel were 182 m and
1600 m, respectively. This panel was extracted. At present,
the 14th eastern transport roadway is being developed to
create a new 14th eastern longwall panel. There are 45 m and
56 m coal pillars between the air-return roadway of the 14th
eastern panel and the stop mining line. The surrounding
rock of the roadway is mainly composed of mudstone and
sandy mudstone. The detailed strata histogram and position
of the roadway are illustrated in Figure 1(b).

2.2. Supporting System and Deformation Characteristics.
The section shape of the studied roadway was a semi-circular
arch, 5.5m in width and 4.2 m in height. The height of the
straight wall was 1.8 m and the radius of the arch was 2.64 m.
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FIGURE 1: The studied area and geological conditions: (a) the locations of the studied roadway; (b) strata histogram.

The support used in the roadway was U-shape steel arches
(U33) with wooden boards as filling material.

Field observations revealed a serious overall deformation
of the roadway that has significantly reduced the roadway
section. The characteristic points of failure of the roadway
were the roof, floor, and roadway side walls.

The average roof subsidence and side walls convergences
were 370 mm and 280 mm, respectively. In some sections of
the roadway, the rate of deformation was as large as 1.5
times. This was the reason for the failure of the legs and the
shed top of U-shaped steel arches (Figures 2(a) and 2(b)). As
a rule, these locations were associated with different degrees
of water inflow. Despite this, the deformations of the roof
and side walls overall were not critical. The main problem
was a floor heave up to 0.5-0.6 m (Figure 2(c)). The floor
heave was aggravated in zones of the increased water content
of the rocks. The deformation and failure of the roadways
and supports are shown in Figure 2(d). The track laid in the
roadway was seriously deformed. The roadway had to be
repaired to ensure transport and supply the necessary
amount of air to ventilate the 13 longwall panels. This
process wasted a lot of manpower and material resources. So,
it is necessary to optimize the support scheme to control the
floor heave of the roadway and ensure the normal pro-
duction of the 14th longwall panel and the next ones after it.

The results of observation are in good agreement with
measurements in situ. The floor heave on stations, which
were built in roadways D-2 and F-33b, was monitored over
two years [30]. In roadway D-2, the maximum value of
upheaval after almost 800 days of monitoring was 0.54 m,
and in roadway F-33b 0.6 m. The average value of floor heave
on monitoring stations in the conveyor roadway of 5
longwalls of 3m seam was 0.7m [31]. The zone of rock
cracking in the floor of the roadway was more than 7 m. The
floor heave of the roadway of the Qitaihe Longhu coal mine
[27] was very serious; the maximum floor heave was 0.9 m,

which seriously restricted the efficient production of the coal
mine.

2.3. Laboratory Tests. The specimens of intact rocks were
selected during excavated of the floor and reconstruction of
the roadway for the uniaxial compressive strength tests.
Rectangular prism-shaped specimens with a rib size of about
55mm were made. The tests were completed using a uni-
versal testing machine (Figure 3(a)). Test results for a
specimen of mudstone and coal are shown in (Figure 3(b)) as
an example.

Then, the average deformation modulus (Esf) was
calculated in the pre-peak region of the stress-strain curve.
The deformation modulus fluctuations for the last stage of
loading of specimens are shown in Figure 3(b). The average
value of Eg.¢ of mudstone was 1955 MPa, and Eg.¢ of coal was
1145MPa. The uniaxial compressive strength (o.) of
mudstone was 19.3 MPa, and (o,) of coal was 9.1 MPa.

Due to the previous long exploitation time of the
roadway (more than 4 years), and water inflow the sur-
rounding soft rocks were fractured. Therefore, to model rock
masses, it is necessary to correct the parameters of intact
rock.

The Hoek-Brown Failure Criterion [32] was used, which
is widely accepted and applied in many projects and ap-
plications around the world. Based on the physical and
mechanical measurements and analysis of the joint, the
surrounding rocks were determined Hoek-Brown Param-
eters: the Geological Strength Index (GSI), values of the
constant m; and the disturbance factor (D). For example, the
Hoek-Brown parameters used the modelling for the floor
rocks not exposed to the water and for the waterlogged floor
rocks in the project [26].

Since the main problem with the stability of the roadway
was floor heaving, floor rocks were studied more carefully.



4 Advances in Civil Engineering

contour
deformed frame

contour

\\ deformed floor

contour
(d)

FIGURE 2: The characteristics of rupture of the roadway: (a) the failure of the shed top of the U-shaped steel arch; (b) the failure of the leg of
the U-shaped steel arch; (c) the floor heave; (d) the characteristic failures of the studied roadway.
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FIGURE 3: Laboratory equipment and test results: (a) the universal testing machine; (b) stress-strain curve and deformation modulus
fluctuations for coal and mudstone specimens.
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The study of the degree of disturbance of floor rock mass
showed that the average joint spacing was about 30 cm, so
the minimum GSI value was taken to be 63 (Figure 4) [33].
The disturbance factor for the floor was D=0.7.

The Geological Strength Index for surrounding rocks
was calculated as GSI = RMRgo—5 [26, 32], and it has been in
the range of 74-63 since mining, as shown in Figure 4.

For estimating rock mass, deformation modulus used the
empirical method [34]. The following equation was used:

1

1-D/2
E,, = E{ 0.02 + | 4 (@O+15D-GSI/ID) )’ (1)

where E,,,, and E; represent the deformation modulus of the
rock mass and the intact rock, respectively.

The following equations were used for the angle of
friction (¢) and the cohesive strength (¢):

1 \a-1
6amb(s + mb03n)

@ =sin"

2(1+a)(2+a)+ 6amb(s + mbain)a_l

(2)

o, [(1 +a)s+(1- a)mbaén] (s + mbcr;n)Wl

Cc =

where my, s, and a represent peak strength parameters of
Hoek-Brown [32]; 0,;-uniaxial compressive strength of the
intact rock; o}, =0}, /o.-the upper limit of confining
stress over which the relationship between the Hoek-Brown
and the Mohr-Coulomb criteria is considered [32].
The uniaxial compressive strength of the rock mass was
calculated as follows:
0., =0.s". (3)

crm ci

The tensile strength of the rock mass was calculated as
follows:

Otrm = — . (4)

The properties of the rock mass were calculated for the
studied strata. They are listed in Table 1.

According to the classification of the International So-
ciety for Rock Mechanics (ISRM), the surrounding rocks
were “weak” because their average uniaxial compressive
strength (UCS) was in the range of 5-25MPa [35]. In ad-
dition, the surrounding rocks were fissured and wet, and the
immediate floor of the roadway was laminated. This explains
the large deformations in the roadway. The reliability of
ventilation of the 14th eastern panel depends on the de-
formations degree of the air-return roadway, especially on
the rate of floor heave. Therefore, it is imminent to research
the control technology of the floor heave.

3. Study of the Floor Heave in Soft Rock

3.1. Numerical Model. The numerical simulation by means
of ANSYS was performed to analyze the characteristics of the
stress and strain distributions of surrounding rock before
and after reinforcing of floor. To simulate the behavior of
rock mass, the Drucker-Prager model was used. The model
enables simulating plastic deformation of rock and its other
pressure-dependent material, which corresponds to the
properties of rocks in a fracture zone.

(1+a) 2+ )1+ 6am, (s + myoh, ) /(1 + @) 2 +a)

The model simulates a cross-section of roadway with the
unit thickness (1 m). The distance between the rows of bolts
is 1.0m. Thus, the support is set in the middle along the
thickness of the model (with the coordinate z=0.5). Thus,
the condition of symmetry and uniformity is satisfied. When
the distance between the rows of anchors is less or more than
1.0 m, then the result obtained should be multiplied by the
support density factor F;= 1/a, where a is the actual distance
between the rows of anchors.

The numerical model was established according to the
actual geological engineering conditions. The model was 1 m
long, 60 m wide, and 60 m high. Horizontal displacements were
fixed at the lateral boundaries. Vertical displacements were
fixed at the bottom boundary. The top boundary was set free. A
vertical pressure of 20 MPa, that equivalent to the weight of
rocks at a depth of development (800 m), was applied on the
top of the model. A 55x4.2m arch shape roadway was
adopted, and the beam unit was used to simulate the U-shaped
steel support. The filling material (wooden boards) was
modeled between rock mass and frames (Figure 5).

For investigation of the evolution on the floor heave of
soft rock mass in the deep roadway, the physical and me-
chanical properties of the rocks were changed during the
simulation. This simulated an increase in rock fracturing
over time. Numerical accounting of the degree of rock mass
discontinuity was carried out by changing the Hoek-Brown
parameters: GSI (from 74 to 63) and D (from 0 to 0.7). The
initial value of the Hoek-Brown parameters corresponded to
the stage of development, and the final state of the pa-
rameters corresponded to the roadway reconstruction stage
(critical floor heave). The numerical modelling process had 9
steps: 1 step for intact rock and 8 steps for the rock mass. The
most detailed was the simulation of the immediate floor, the
joint spacing of which was 1.8-0.25m for steps 2-9, re-
spectively. Properties of the main roof and main floor did
not change because these strata were out of the influence of
the roadway. Table 2 presents the mechanical parameters of
rock mass for each step. The dilatancy angle was taken equal
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FIGURE 4: Quantification of GSI chart [33] with indicating region for the studied roadway.
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TaBLE 1: Intact rock properties and calculated rock mass properties.

Intact rock

Rock strata Young’s modulus  Compressive

Density (kg/m?)

Rock mass
GSI/D/ ,
Young’s

Compressive Tensile strength

(MPa) strength (MPa) modulus (MPa)  strength (MPa) (MPa)
During reconstruction of roadway
Sandy 2400 3600 40.0 71/0.3/7 2040 6.7 0.55
mudstone
Sandy 2400 2245 35.0 67/0.6/7 760 35 0.28
mudstone
Coal C11 1300 1145 9.1 661(;'5/ 420 1.9 0.07
Mudstone 2300 1955 19.3 63/0.7/7 460 1.3 0.10
Sandstone 2400 6120 55.0 72/0.3/7 3573 9.7 0.80
During development of roadway
Sandy 2400 3600 40.0 74/0/7 2881 9.4 0.80
mudstone
Sandy 2400 2245 35.0 74/0/7 1797 8.3 0.70
mudstone
Coal C11 1300 1145 9.1 70/0/15 838 34 0.12
Mudstone 2300 1955 19.3 73/0/7 1536 4.3 0.36
Sandstone 2400 6120 55.0 74/0/7 4889 13.0 1.20

Sandy;
Iy mudstonc

Sar.
10 % I(}t”
1 1y, e

Cogf

a
21

udsion

Sandsrone

U-shaped steel support

wooden boards

beam crosssection

FIGURE 5: Numerical simulation model and supporting units.

to the angle of internal friction, which corresponded to the
unfavorable option. Mechanical parameters of U-shaped
steel support are shown in Table 3.

3.2. Simulation Results. The stress distributions of the
surrounding rocks are shown in Figure 6. It is seen that
the zone of reduced maximum principal stresses o; is
formed on the floor of the roadway (Figure 6(a)). In the

distance from the floor surface to deep equal to the
roadway width, the stress o; is 2-3 times less than out of
the roadway influence. The level of tensile stresses near
the contour of the floor in the central part of a cross-
section of the roadway is greater than the tensile strength
of mudstone.

It is the potential zone of rock fracture. This region is
highlighted in gray color. On the side of the roadway, the size
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TaBLE 2: Rock mass parameters for numerical simulation.

Steps GSI/ Compressive S"fre:nsﬂ; Deformation Poisson’s  Cohesion value Angle of internal  Dilatancy
P D strength (MPa) (MPga) modulus (GPa) ratio (MPa) friction (deg)  angle (deg)
Main roof (sandy mudstone)
1 — 40.0 3.50 3.60 0.3 5.35 30 30
2-9 gl:; 6.7 0.55 2.04 0.3 4.20 28 28
Immediate roof (sandy mudstone)

1 — 35.0 3.05 2.24 0.3 6.40 32 32
74/0 8.2 0.7 1.79 0.3 5.20 30 30

3 3)22/ 6.6 0.54 1.40 0.3 3.30 27 27
71/

4 03 5.8 0.47 1.29 0.3 2.95 26 26

5 Z)Oli 5.1 0.41 1.09 0.3 2.63 25 25

6 ?)85/ 4.1 0.35 0.93 0.3 2.37 24 24

7 277/ 3.5 0.27 0.76 0.3 211 23 23

8 ?)77/ 3.5 0.27 0.76 0.3 211 23 23

9 ?)77/ 3.5 0.27 0.76 0.3 2.11 23 23

Coal C11

1 — 9.1 0.10 1.14 0.3 2.60 26 26
70/0 3.4 0.12 0.84 0.3 2.30 24 24

3 (7)02/ 3.0 0.11 0.68 0.3 211 23 23
69/

4 03 2.7 0.09 0.60 0.3 1.82 23 23

5 (6)84 2.3 0.08 0.51 0.3 1.64 22 22

6 275/ 2.0 0.07 0.44 0.3 1.47 21 21

7 (6)6; 1.9 0.08 0.42 0.3 1.43 21 21

8 865/ 1.9 0.08 0.42 0.3 1.43 21 21

9 265/ 1.9 0.08 0.42 0.3 1.43 21 21

Immediate floor (mudstone)

1 — 19.3 1.60 1.80 0.3 4.30 28 28
73/0 4.3 0.36 1.53 0.3 3.42 27 27

3 ’(7)22/ 3.6 0.30 1.25 0.3 2.89 26 26
71/

4 0.3 3.2 0.26 1.10 0.3 2.63 25 25

5 ’(7)01 2.8 0.23 0.96 0.3 2.37 24 24

6 (6)85/ 2.3 0.18 0.79 0.3 2.11 23 23

7 ?)56/ 1.7 0.13 0.59 0.3 1.82 23 23

8 347/ 14 0.11 0.50 0.3 1.64 22 22

9 (6)37/ 1.3 0.10 0.46 0.3 1.47 21 21

Main floor (sandstone)
1 — 55.0 3.50 6.12 0.3 19.10 35 35
2-9 72/ 9.7 0.80 3.50 0.3 5.00 32 32

0.3
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TaBLE 3: Properties of support elements used in the model.

Primary support Type of Material behaviour Elastic modulus  Poisson’s Yield strength Tangent modulus
¥ supp elements option (GPa) ratio (MPa) (GPa)
U-shaped steel support Beam Bilinear isotropic 200 0.3 342 52.2
hardening
Filling material (wooden Solid Tsotropic 750 03 . .

boards)

of the zone of reduced o, reaches half the roadway width. An
insignificant decrease in stresses also occurs in the roof of the
roadway.

The analysis of the distribution patterns of the minimum
principal stresses o3 (Figure 6(b)) shows that an area of
increased o5 is formed on the sides of the roadway in the
distance from the side wall surface to the deep equal to the
roadway width. The largest o; are formed at the bottom
corners of the roadway.

After the development of the roadway, deformations of
the roof, side wall, and floor are not large. The distribution of
vertical displacement of the roof and floor after development
is shown in Figure 6(c). The floor heave of the roadway is
0.072 m. The roof subsidence is 0.03 m. Maximum principal
strains of surrounding rocks are within the limits of elas-
ticity, except for the bottom corners of the roadway
(Figure 6(d)).

The results of laboratory tests show that the failure strain
of mudstone is 0.018-0.02, and of the coal is 0.012-0.016
(Figure 3). This corresponds with the results of testing soft
rock specimens in a volumetric field [36-38] and under
uniaxial compression [39, 40]. According to the results of
tests, it was found that for mudstone, siltstone, argillite, and
sandstone with uniaxial strength of 25-40 MPa, the failure
criteria for strain is about 0.02-0.03. Thus, for this study, the
failure limit is in the range of “—0.02”-“+0.02”.

Figure 7 shows the distributions of minimum principle
stress (03) around the roadway in the simulation increasing
in rock fracturing. The evolution of g5 shows that on the roof
and on the floor of the roadway the reduced stress areas
increase step by step. At the same time, roof subsidence
occurs, and floor heave grows. The o3 in the bottom corners
of the roadway significantly exceed the compressive strength
of the mudstone. Under the foot of the arch support, there is
a high probability of rock destruction.

The size of the increased o3 zone on the side wall in-
creases. So the width of the increased stress zone, in which o3
is 5-30% greater than o3 before excavation, exceeded the
width of the roadway (W) at the last step of the simulation by
1.5 times. Near the contour of the roadway, the nature of the
stress changes significantly. The monitoring line A-A" was
arranged along the horizontal axis, and the stress on this line
changed with the number of calculation steps (Figure 8(a)).
Figure 8(a) shows that at 2, 3, and 4 steps in the near-contour
area with a depth of 0.7 m, a decrease in stresses is observed;
however, at subsequent steps, stresses increase in this area.
This can be explained by the compression of rocks near the
contour of the roadway, caused by the resistance of the frame
support, which increases with the increasing displacement of
rocks.

The stress concentration factor is defined as the stress
value at that point divided by the stress before excavation.
For simulation steps, 2 and 9 the stress concentration factor
on the right side of the roadway is presented in (Figure 8(b)).
It is observed that o3 concentrates on the roadway sides at a
depth of 1.2m, with a stress concentration factor of 1.16.
With an increase in the number of calculation steps, the o3
concentration factor continuously increases, and the con-
centration of stress shifts to the deep part. At the last
simulation step, o3 concentrates at the depth of 1.8 m, with a
stress concentration factor of 1.19.

Figures 9 and 10 show the distributions of maximum
principle stress and maximum principle strain, respectively,
for the surrounding rocks with calculation steps. Figure 9
shows that the size of the reduced stress zone in the floor and
the roof of the roadway with an increase in the number of
calculation steps increases gradually. Thus, the size of the
reduced stress zone, in which o, is 2.8 times less than before
excavation, increases from 0.68 W to 1.0 W. At the same
time, as the reduced stress zone in the floor increases, on the
wall sides of the roadway, the stresses become less intense.
The size of the reduced stress zone with an increase in the
number of calculation steps increases.

The o, in the central part of the roadway floor signifi-
cantly exceed the mudstone tensile strength, which indicates
a high probability of rock failure. Obviously, the evolution of
0, correlates with the growth of the floor heave.

The maximum principle strain of surrounding rocks of
the roadway is increased nonlinearly with an increase in the
number of calculation steps, as shown in Figure 10.

The maximum principle strains in the immediate floor
exceed the failure limit (+0.02). This indicates the formation
of cracks in the floor. Initially, post-peak strain regions
appear in the bottom corners of the roadway, after which
they develop into the depths. In this way, strata on the
immediate floor are destroyed one by one, starting from the
corners of the roadway. At the 6th simulation step, these
regions merge in the roadway floor at a depth of about 2.0 m,
forming a closed contour. The gray color in Figure 10
highlights the regions of rocks in which the maximum
principle strain is 2.5 times greater than the post-peak ones.
It can be seen that at the 9th step, the strata on the immediate
floor to a depth of more than 2.0m are included in this
region. Thus, a high degree of floor destruction is evident
there. Dilatancy and plastic flow of rocks are observed in this
region, which causes significant floor heave.

Figure 11 shows the floor heave on monitoring line B-B'
and vertical plastic strain distribution at 1, 6, 8, and 9 steps.
Post-peak plastic strains appear at the 6th simulation step.
The nonlinear nature of floor heave is clearly seen in the
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FIGURE 6: The results of numerical calculation in the case of roadway development: (a) distribution of maximum (o;) principal stresses; (b)
distribution of minimum (o3) principal stresses; (c) distribution of vertical displacement; (d) distribution of maximum principal strains.

graphs in Figure 11. Thus, the nonlinear increase in heaving
is a consequence of the transition of rocks to the stage of
plastic deformation.

3.3. Simulation Discussions. Several conclusions can be
drawn according to the above analyses:

(1) The roof and side walls were controlled adequately by

the original steel arch support. In this, the simulation
results correspond with observations of the roadway
in situ.

(2) The stress analysis shows that with an increase in

rock mass fracturing (number of calculation steps),
the o3 concentration factor on the side wall of the
roadway continuously increases, and the concen-
tration of stress shifts to the deep rock mass part. The
05 in the bottom corners of the roadway significantly
exceed the compressive strength of the immediate
floor, which indicates a high probability of rock
cracking under the foot of the arch support. At the
same time, the size of the reduced o, stress zone in
the floor and the roof of the roadway increases

gradually. The o, in the central part of the roadway
floor significantly exceed the tensile strength of the
immediate floor, which indicates a high probability
of rock crushing.

(3) The strain analysis shows that the size of the post-

peak maximum principle strain zone in the floor and
side wall of the roadway increases nonlinearly with
an increase in rock mass fracturing (number of
calculation steps). The analysis shows that a signif-
icant proportion of maximum principle strains are
plastic strains. They exceed the failure limit more
than 2.5 times and cause the floor heave. Initially,
post-peak strain regions appear in the bottom cor-
ners of the roadway, after which strata in the im-
mediate floor are destroyed one by one, into the
depth. After that post-peak strain regions merge in
the central part of the roadway floor at a depth of
about 2.0 m. Finally, the strata in the immediate floor
to a depth near 2.0 m are included in the post-peak
strain region, which indicates a high probability of
rock crushing. This region of the surrounding rocks
is mainly involved in the development of floor heave.
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FIGURE 7: Minimum principle stress (03) distribution around the roadway with a step-by-step increase in rock fracturing: (a) step 2; (b) step

3; (c) step 4; (d) step 5; (e) step 6; (f) step 7; (g) step 8; (h) step 9.

Dilatancy and plastic flow of rocks are observed in
this region, which causes significant floor heave.

(4) The key to floor heaving control is to control the
development of the crushing zone on the immediate
floor. It is necessary to limit the development of post-
peak strains from the bottom corners of the roadway
deep into the massif and prevent their merging on
the immediate floor. This will limit plastic defor-
mations and dilatancy in the immediate floor, which
will have a positive effect on the floor heave intensity.
The critical is the 6th simulation step, which cor-
responds to an average joint spacing of 0.45m in the
immediate floor, as shown in Figure 12. After the
merging of the post-peak strain regions and the
formation of a closed contour in the immediate floor
by them (simulation step 7), the heaving growth
acquires an obvious nonlinear character. At this step,
significant plastic deformation begins, which is the
cause of uncontrolled floor heave.

4. Floor Heave Control Technology

Based on the above analysis results, the rock bolts rein-
forcement was proposed for the floor heave control. This
technology has been widely applied in mining. Taking into
account the evolution of stresses and strain in the floor of the
roadway, the proposed support method should include
optimal bolt parameters and arrangement.

4.1. Design of Floor Heave Control Scheme. The region of
critical stress and post-peak strain in the immediate floor is
limited to a depth of 2.25 m. Three rock bolt arrangements were
proposed in which the orientation of the bolts was varied. Fully
grouted resin bolts were used. In modelling, the length of the
bolts was different for different schemes. At the same time, the
bolts lengths were assumed to multiple ones to the length of the
reinforcement zone: 5m; 4m; 3m; 2m; and 1 m. When the
anchoring depth was significant, the bolts consisted of sections.
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FIGURE 8: (a) Characteristics of minimum principle stress (03) on monitoring line A-A' with calculation steps; (b) characteristics of stress
concentration factor (d3/yH) on monitoring line A-A" for steps 2 and 9.

The maximum length of the bolts was limited by the strata level
Liax=5.0m. The bolts with traditional bearing plates were
used firstl, and then bolts with steel belts were used. The
original U-shaped steel support was still unchanged. Table 4
shows the setting of mechanical parameters of the rock bolts
and other supporting components in the numerical model.

Figure 13 shows the support schemes of the roadway
with the rock bolts reinforcement. The optimal floor
heave control scheme provides an acceptable floor heave
with a minimum rock bolt length. The floor support el-
ements that were used in the model are shown in
Figure 14.
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FIGURE 9: Maximum principle stress (o) distribution around the roadway with a step-by-step increase in rock fracturing: (a) step 2; (b) step

3; (c) step 4; (d) step 5; (e) step 6; (f) step 7; (g) step 8; (h) step 9.

4.2. Effectiveness of Rock Bolts Reinforcement. Firstly rock
bolts with bearing plates were modeled. Although the
minimum principal stress in rock bolts and in the frame is
less than the tensile strength of steel, the loading results in
significant deformation of the frame and bolts, as shown in
Figure 15(a). Most of all, the rock bolts located at the edges
are bent. The analysis of vertical strains shows that the
installation of bolts without additional elements generally
has a positive effect on the heaving intensity. However, with
this variant of floor support, post-peak strains are observed
near the corners of the roadway in the near-contour of the
immediate floor, as shown in Figure 15(b). This reduces the
effectiveness of the reinforcement and can lead to further
development of rock crushing on the immediate floor. As an

element of coupling steel belt was proposed across the entire
width of the roadway’s floor. A comparison of the effec-
tiveness of floor support by bolts with steel belts and without
it was made for the last simulation step, which corresponds
to an average joint spacing of 0.10 m in the immediate floor.

Figure 16 shows the distributions of maximum principle
stress for the surrounding rocks at the last simulation step
after reinforcement for different floor support schemes. The
zone of reduced stress 0, in the roadway floor as a result of
rock bolts reinforcement is reduced in size compared to the
case without reinforcement (Figure 9(h)). However, near the
contour of the roadway in the immediate floor, o, are
formed that exceed the tensile strength of rock. The regions
of critical o, are located between the rock bolts. In the case of
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FIGURE 10: Total maximum principle strain distribution around the roadway with a step-by-step increase in rock fracturing: (a) step 2;
(b) step 3; (c) step 4; (d) step 5; (e) step 6; (f) step 7; (g) step 8; (h) step 9.
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TABLE 4: Properties of floor support elements used in the model.

Floor support . 2y Material behaviour  Elastic modulus Poisson’s Yield s/ Tangent modulus
Cross-sectional area (m~) . . trength
element option (GPa) ratio (GPa)
(MPa)
Bolt 8.04x10™* Bilinear isotropic 200 0.3 342 52.2
hardening
Steel belt 7.5x107* Isotropic 200 0.3 — —

using rock bolts with steel belts, such regions do not occur,
the zone of reduced stress is smaller, and the contour of the
roadway floor is smoother. There is also a tendency to
change the size of the zone of reduced stress o; with a change
in the installation angle of rock bolts. The maximum vertical
sizes of this zone are formed at support scheme I and the
minimum ones are formed at support scheme III. This is true
both for the case of bolts without steel belts and for the case
with steel belt. The analysis of Figure 16 gives grounds to
believe that the presence of a steel belt in the floor support
system leads to a change in the distribution of stress on the
immediate floor.

Figure 17 shows the distribution of maximum principle
strain for the surrounding rocks before and after rein-
forcement with different support elements for support
scheme II. The analysis of the figure helps to trace the in-
fluence of each floor support element on the distribution of
strain on the immediate floor. The installation of a steel belt
without rock bolts makes it possible to reduce the size of the
post-peak strain region in the roadway floor, as shown in
Figure 17(b). At the same time, the contour of the floor in the
bottom corners of the roadway is smoothed out. However, a
zone of immediate floor to a depth of about 2.0 m is still in
the region where the strains exceed the post-peak ones by
more than 2.5 times. Thus, the destruction of the immediate
floor is very probable, and the effectiveness of such rein-
forcement is low.

The installation of rock bolts without a steel belt sig-
nificantly changes the size and shape of the post-peak strain
regions, as shown in Figure 17(c). These regions are located
under the bottom corners of the roadway along the rock

bolts and no longer form a closed contour. The total value of
floor heave is reduced. The coupled use of rock bolts with a
steel belt reduces the size of the region with a post-peak
strain by 1.5 times compared to the case without the steel
belt. The optimal effect of such reinforcement is obvious, as
shown in Figure 17(d).

Figure 18 shows the floor heave on monitoring line
B-B' and vertical plastic strain distribution around the
roadway before and after reinforcement with different
supporting elements for floor support scheme III. The
roadway support is symmetrical about the axis of its cross-
section, so the graphs in Figure 18 are shown only half of
the roadway span. Analysis of the figure makes it possible
to track the proportion of the contribution of each sup-
porting element to the decrease of floor heave. The in-
stallation of a steel belt without rock bolts reduces floor
heave by 17% while smoothing it out in the bottom
corners of the roadway. At the same time, the region of
post-peak vertical plastic strain is formed on the imme-
diate floor. Reinforcement by rock bolts without a steel
belt reduces floor heave by 44%. However, in the bottom
corners of the roadway, vertical plastic strain forms re-
gions with a depth of 0.5m in which the strain is more
than 2.5 times than the post-peak one. The destruction of
rocks in these regions is highly probable, which reduces
the effectiveness of reinforcement in the future. In the case
of coupled use of rock bolts with steel belt, the total value
of floor heave is reduced by 48%, and post-peak vertical
strain is not formed in the near-contour area. Still, there
are insignificant regions of post-peak vertical strains
under the legs of the frame. However, the sizes of these



16

Advances in Civil Engineering

A 1 > A 3 X e N
70° /| |\ \ el /] \ N\ 4 N
— \ A\ g /] AN = 7 N~
I 7 N = =L 5 N\ M N/ AN ~.
I)'I) LA\ /)°'°/) AN /}"% /}""’ N R

()

(©

Figure 13: The floor support schemes with different bolt orientations: (a) scheme I; (b) scheme II; (c) scheme III.
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FIGURE 14: Support elements in the numerical model.
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FIGuRre 15: (a) Minimum principle stress (03) distribution in support elements; (b) vertical total strain distribution around the roadway.

regions and, accordingly, the cracking floor rocks are
noticeably lower than in other cases. Thus, it is obvious
that the best floor supporting effect is in the case of
coupled installation of rock bolts with a steel belt. The
absence of a steel belt reduces the effectiveness of floor

stabilization.

The most effective floor heave support scheme should
provide the maximum bearing capacity of the rocks. Rock
bolt arrangement highly influences the maximum principle
strain distribution around the roadway, as shown in Fig-
ure 19. Reducing the angles of the bolts leads to a decrease in
the size of the post-peak strain region in the roadway floor.
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FIGURE 16: Maximum principle stress distribution around the roadway after floor bolting: (a) rock bolts without additional supporting

elements; (b) rock bolts with steel belt.

(a) (b)

(© (d)

F1GURE 17: Total maximum principle strain distribution around the roadway: (a) without floor support; (b) with steel belt; (c) with rock

bolts; (d) with rock bolts and steel belt.

The best floor support scheme is scheme III, in which the
region of post-peak maximum principle strain, which is
highlighted in Figure 19 with gray color, is much smaller
than in other cases.

This conclusion is also confirmed by the maximum
decrease of floor heave in scheme III, as shown in Figure 20.
Although the difference in the value of floor heave between
different schemes is insignificant, the distribution of

vertical plastic deformation confirms that scheme III is
more efficient. Thus, in the case of using scheme I in the
near-contour area in the corners of the roadway, both post-
peak plastic strains of compression and tension appear,
which can serve as an indicator of crack and crash rocks.
With scheme II, post-peak plastic compressive strains are
formed under the legs of the frame. In the case of using
scheme III, only very small regions of post-peak
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FIGURE 19: Total maximum principle strain distribution around the roadway after reinforcement: (a) floor support scheme I; (b) floor

support scheme II; (c) floor support scheme III.

compressive strains are formed. Obviously, scheme IIT is
the most effective for floor support.

During the simulation, the immediate floor was rein-
forced to a depth of 1.0 to 5.0 m. This made it possible to
determine the optimal length of the rock bolts. The corre-
sponding simulation results for floor support scheme III are
shown in Figures 21 and 22.

As shown in Figure 21, the reduction of the reinforced
zone size (L,) from 5.0 to 2.0 m does not significantly affect
the distribution of the total maximum principle strain. The
sizes and configuration of the regions of post-peak strain in
the roadway floor are almost unchanged. When L, is reduced
to 1.0m, the pattern of strain distribution noticeably
changes. The regions of post-peak strain increase signifi-
cantly in size. At the same time, post-peak strains exceed the
limits by more than 2.5 times. These regions merge in the
central part of the roadway floor. Thus, the zone of the
probable crash of rocks has a closed contour. Dilatancy and
plastic flow of rocks are observed below the reinforcement

length. These processes lead to intense floor heave. Their
development will reduce the effectiveness of reinforcement
in the future. A significant increase in floor heave with a
decrease in L, from 2.0 to 1.0 m is also noted on the floor
heave curve, as shown in Figure 22. In the case when L, hasa
size from 5.0 to 2.0m the floor heave does not change
significantly, the results are within the accuracy of the
calculations. Taking into account the margin of safety, it was
proposed to limit the length of the outer bolts with a
reinforcing depth of 2.0 m and the length of the central bolts
with a depth of 3.0 m. The total maximum principle strain
distribution around the roadway is shown in Figure 22.

4.3. Support Scheme of the Surrounding Rock. Through field
observations and numerical calculations, it became clear that
the current support system cannot maintain the stability of
the surrounding rocks, especially of the immediate floor. The
original support method must be improved and optimized.
Based on the analysis of the literature review and results of
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FIGURE 21: Total maximum principle strain distribution around the roadway after floor supporting with different lengths of reinforcement
(L,): (@) 5m; (b) 4m; (c) 3m; (d) 2m; (e) 1m.
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numerical simulation, the rock bolts reinforcement was
proposed for the floor heave control. Based on the results of
the numerical simulation, the most effective floor support
scheme was proposed, and the optimal bolt length is jus-
tified. Figure 23 shows the proposed design of the support
scheme.

5. Conclusions

In this study, deep mining roadway in soft rock was con-
sidered as the research subject. We focused on the floor
heave evolution and the effectiveness of rock bolts rein-
forcement of the roadway. A numerical simulation was used
to study the stress-strain state and displacement of sur-
rounding rocks in the underground coal mine 800 m in the
depth of Ukraine. The results demonstrated that significant
floor heavecaused nonlinear deformation of the laminated
immediate floor under an increase in rock fracturing. This
was followed by investigating the effectiveness of rock bolts
reinforcement. Based on the results of this investigation, the
following conclusions can be drawn:

(1) The numerical analysis shows that with an increase
in rock mass fracturing, the o3 in the bottom corners
of the roadway significantly exceed the compressive
strength of the immediate floor, which indicates a
high probability of rock cracking under the foot of
the arch support. The o, in the central part of the
roadway floor significantly exceed the tensile
strength of the immediate floor, which indicates a
high probability of rock crushing. At the same time,
the size of the reduced o, stress zone in the floor of
the roadway increases gradually. The size of post-
peak maximum principle strain regions in the floor
of the roadway is increased nonlinearly with an
increase in rock mass fracturing. The analysis shows
that a significant proportion of maximum principle
strains are plastic ones. They exceed the failure limit
more than 2.5 times and cause the floor heave.

(2) Initially, post-peak strain regions appear in the
bottom corners of the roadway, after which strata in
the immediate floor are destroyed one by one into
the depth. After that, post-peak strain regions merge
in the central part of the roadway floor at a depth of
about 2.0 m. Finally, the strata in the immediate floor
to a depth near 2.0 m are included in the post-peak
strain region, which indicates a high probability of
rock crushing. This region of the surrounding rocks
is mainly involved in the development of floor heave.
The joint spacing of 0.45 m on the immediate floor is
critical. At this step, significant plastic deformation
begins, which is the cause of uncontrolled floor
heave.

(3) Considering the floor heave mechanism of the soft
rock, rock bolts reinforcement was proposed to
control the floor heave. Three floor support schemes

21

with two types of support elements, different bolt
orientations, and lengths of reinforcement were
studied during many numerical simulations. After
reinforcement, post-peak plastic strain in the floor
strata was reduced effectively. The optimal floor
support scheme and depth of reinforcement were
determined by the allowable floor heave. Ideally, the
floor heaves could be reduced by rock bolts with steel
belts installed according to the support scheme III
and reinforcement length of 2.0 m for outer bolts and
3.0m for central bolts. This can provide suggestions
for the specific parameters suitable for controlling
the floor heave of the roadway through rock bolts
reinforcement technology.

Data Availability

The data of numerical simulation in ANSYS that were used
to support the findings of this study are available from the
corresponding author upon request.
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In this study, the nonlocal, nonordinary state-based peridynamics (NOSBPD) is introduced as a novel regularization technique to
study the strain localization and progressive failure of soil slopes due to strain softening behavior. The NOSBPD formulations are
introduced first, and then the strain-softening Mohr-Coulomb model is incorporated into the nonlocal framework. The implicit
formulations of the nonlinear NOSBPD model under the plane strain condition combined with the energy dissipation-based arc-
length method to avoid the limitations of the force and displacement control in the nonlinear analysis are given. Numerical
examples, including the plane strain biaxial experiments and slope models, validate the effectiveness of the proposed method in
terms of alleviating mesh sensitivity. The results show that this nonlocal method can remove the mesh dependence, and the
localized shear band is related to the nonlocal parameter 8. The proposed method involves being able to capture strength
mobilization in different parts of the sliding surface during the progressive failure process of the soil slope. It can avoid the
dilemma that the peak strength is too dangerous and the residual strength is too conservative due to the rigid body assumption in

the limit equilibrium method.

1. Introduction

Strain localization is a common phenomenon in geotech-
nical engineering, and its occurrence is often accompanied
by strain softening and progressive failure of structures.
Regarding the study of strain localization in geomaterials,
many attempts have been made in experimental, theoretical,
and numerical aspects. In terms of experiments [1-3], there
are many studies on soil samples with significant strain-
softening behavior, such as dense sand and hard clay, in-
cluding the plane strain test and the centrifugal model test.
From the theoretical point of view [4, 5], the occurrence of
shear bands is commonly predicted by the bifurcation
theory. In recent years, the introduction of noncoaxial
theory [6] has made the prediction more effective, but bi-
furcation theory cannot simulate the behavior of materials
after bifurcation. For the numerical simulation methods for
crack initiation and propagation in brittle or quasi-brittle
material, there are two types of methods, namely separation

and smearing methods. The numerical method for the strain
localization analysis can also be roughly divided into sep-
arated and continuous models according to the relationship
between shear band width (k) and element size (d). Sepa-
ration models can be further divided into weak disconti-
nuities [7], strong discontinuities [8], shear elements [9, 10],
etc. In this method, the relationship between the element size
and the width of the shear band is generally expressed as
d > h (in the strong discontinuities method, h = 0). However,
the continuous model is generally required d < h. The cur-
rent study focuses on continuous methods.

For the conventional finite element method without
internal length scale, when it deals with strain localization
problems, the static control equations are transformed from
elliptical to hyperbolic, and the dynamic control equations
are changed from hyperbolic to elliptical, due to the strain
softening or asymmetric stiffness matrix obtained by the
nonassociative flow rule. Thus, the solution to the boundary
value problem depends heavily on the size of the finite
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element. In particular, as the size of the finite element de-
creases, the width of the shear band decreases, which means
that with the mesh refinement, the energy consumption
would approach zero. It obviously violates the laws of
physics. Therefore, considerable regularization mechanisms
have been introduced to overcome the mesh sensitivity, such
as viscous models [11], the Cosserat continuum model [12],
the gradient plasticity model [13], and the nonlocal model
[14, 15], among others.

The peridynamic (PD) theory originally proposed by
Silling [16] uses the form of differential-integral to describe
the equation of motion of the continuum medium, avoiding
the displacement derivative term, so it can obtain a con-
tinuous-discontinuous unified expression. The PD theory,
including PD-FEM coupled models, has great advantages in
dealing with discontinuity failure problems, as illustrated in
previous studies [17-19]. At the same time, PD naturally has
the nonlocal parameter, i.e., neighborhood radius (or called
the horizon, §). Thus, it can seem like a consistent nonlocal
model in the sense that in some existing nonlocal models,
only nonlocal averaging of stress-strain is performed in the
postprocessing stage, while constitutive models are still local
models. The peridynamic theory is widely used in composite
materials [20], concrete [21], and other fields [22], but it is
rarely seen in the field of predicting the progressive failure
process of soil slopes. Song et al. [23, 24] initially applied
peridynamics for the analysis of chemical plastic strain lo-
calization in unsaturated soils, but the strain softening
properties, one of the main factors causing strain localization
[25-27], have not yet been discussed thoroughly.

The main objective of the current study is to use the PD
theory as a regularization technique for the strain locali-
zation analysis in soil induced by strain-softening behavior.
The effectiveness of this method for relieving the mesh
dependency is emphatically analyzed by a plane strain el-
ement test and a slope model, and the influence of a
neighborhood radius of § is discussed. The analysis in this
paper is based on a small deformation assumption and does
not consider soil-water interactions. The rest of the man-
uscript is organized as follows: In Section 2, the governing
equations of the numerical model and the constitutive model
are introduced. The plane strain test is simulated by the
proposed method in Section 3. Numerical studies for the
progressive failure of soil slopes are conducted in Section 4.
A summary and conclusions are drawn in Section 5.

2. Numerical Method and Constitutive Model

2.1. Nonordinary State-Based Peridynamics Theory. The
state-based peridynamics theory was proposed by Silling to
overcome the limitations of the fixed Poisson’s ratio of the
bond-based peridynamic theory [27]. By introducing the
state concept, the existing constitutive models expressed in
terms of stress and strain quantities in classical continuum
mechanics can be easily incorporated into the nonordinary
state-based peridynamics (NOSBPD) framework. For self-
completeness, the basic formulations of NOSBPD are briefly
outlined in this subsection. More details about this theory
can be found in [28].
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The notations and kinematics of NOSBPD are illustrated
in Figure 1. The reference position vector state is defined as

X&) =f=x"-x (1)

As deformation proceeds, the deformed position vector
state is given by

Y -x)=qn+§=(u +x') - (u+x). (2)
The nonlocal deformation gradient is approximated as
F(x) = “wa(|£|)(¥ ® @ﬁ)dvg] K®, ()

where the shape tensor K(x) is defined as

-1
K(x) = “H w(|£|)(£®£>dvﬁ] , (4)

where H, denotes the horizon of a material point x. It is a
circle in two dimensions with a cut-off radius of §.

Based on the principle of virtual work, the force state can
be derived as follows in terms of the stress tensor as an
intermediate step:

Tx)(x' -x) = o(jx' -x|)[6(B)]" - K@) -&  (5)

Subsequently, the governing equation of the NOSBPD in
the static or quasi-static conditions ignoring the inertial
effects reads

J {T [x](x! = x) — T [x]{x/ - x)}der ibx)=0. (6)
H

x

2.2. Strain-Softening Constitutive Model for Soil. In the
current study, to describe the strain-softening behavior of
the soil, the modified Mohr-Coulomb model, considering a
variation in the cohesion strength ¢ with the accumulated
plastic strain is employed. The celebrated Mohr-Coulomb
constitutive model has been widely used for describing the
shear failure of soils, and it can reflect the soil failure de-
pendence on the hydrostatic pressure. The dilatancy can be
reflected by the nonassociative flow law. It is noted that the
model in this paper does not consider hat-shaped yielding
under isotropic compression.

The yield criterion of this model (see Figure 2(a)) is given
by

D (6,¢) = (0pax = Omin) + (Omax + Opmin)SIN @ — 2¢ COS @,

(7)

where 0,,,,, and o, are the major and minor principle of
effective stress (the compression components of the stress
are positive), respectively. c is the cohesion intercept, and ¢
is the friction angle. The flow rule is a nonassociated type
with a dilatancy angle v, which satisfies ¥ < ¢.

Following the previous studies [14], the strain-softening
behavior of soil can be described by decreasing the strength
parameters (c and/or ¢). In this study, the attenuation of the
friction angle is not considered during softening (see
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FiGure 1: NOSB PD notations and kinematics.

Figure 2(b)), and the strain softening characteristics are
solely reflected by the attenuation of the cohesion force with
the development of the accumulated plastic strain. In spe-
cific, the cohesion intercept is linearly reduced with the
accumulated plastic strain after the occurrence of the initial
yield, as shown in Figure 2(c).

2.3. Numerical Implementation. The meshless method
proposed by Silling is employed herein for spatial dis-
cretization [29]. That is, a particle with a certain volume at
the center of the grid is used to represent the movement of
the entire cell. The explicit solution algorithm is often used
for peridynamics, while the time step of the explicit

For the plane strain problem considered herein, the
strain is expressed in a matrix form as

=& & 2¢, ]T = BNU, (12)

where the matrix B, N, and U are

rky, 0 ky O
B=|0 k, 0 k|,
-k12 kll k22 k12
[ wE,V, 0 . ND o
0wV, o NW
N= ©) >
w¢,,V, 0 N 0
o (13)
0 w,V, - 0 N
1 m
NY ==Y w(EDE,,V,,
n=1
) m
N® =-% w(EDE,,V,,
n=1
T
U=["' Uy Vy oo U vj] )

The stress tensor can be expressed as

algorithm is commonly very short and it takes a long time for
the structure to reach a stable state. In this study, a nonlinear
implicit solution algorithm is used. It differs from the
previous study [30] in that it is expressed in a nonlinear
framework.

The shape tensor in a discretized form is given by

sves ) -x)ol -5l
(8)

where x; is the source point; x,, is the field point; V, is the
volume of the particle x,,.

Correspondingly, the discretized deformation gradient
tensor reads

F(x) =| 3

=), ;) o (5, - xj)]vn]K(xj) ‘L
©)

With the infinitesimal deformation assumption, the
strain tensor can be calculated as

s=%(F+FT)—I. (10)

Thus, the strain tensor can be approximated as

) ) 5 x) #0503 (- )]V, () 1

o=[0y oy T12]T=G(£’c)’ (14)

where { denotes the state variables, herein it is the accu-
mulated plastic strain.
Consequently, the force state can be rewritten as

T [x[(x' - x) = o(|x' - x])Q- 6(5,0), (15)
where the matrix Q is

v aal

Q= ,

0 Q Q

2

Q = ZKlifi» (16)
i=1
2

Q= Z Kyié;.

i=1

It is noted that the imposition of boundary conditions
for the nonlocal PD model is more complicated than the
local models. In this paper, both the boundary dis-
placement constraints and the external force are applied
through a particle layer with a thickness of § (8 is the
neighborhood radius). The traction force is applied as a
body force as
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FIGURE 2: The strain-softening Mohr-Coulomb model: (a) yield criterion; (b) variation of ¢ with the accumulated plastic strain; and (c)

variation of ¢ with the accumulated plastic strain.

b() =~ p(n (17)

where A is the thickness of the boundary layer, and p(x) is
the pressure.

The implementation method of the elastic-plastic model
in the NOSBPD framework is almost identical to the local
one [20]. The fully implicit backward Euler stress integration
algorithm is employed for the strain-softening
Mohr-Coulomb constitutive model [31]. It should be noted
that in the Mohr-Coulomb model, the flow directions of the
plastic potential at the corners of the plane are a combination
of multiple yield surface normal vectors [31].

In the nonlinear analysis of strain softening materials,
the force control loading method cannot simulate the
descending section, and the displacement control cannot
deal with the problem of snap-back, so the arc-length
method needs to be used for control. Although the con-
ventional arc-length method is effective for geometric
nonlinear control, the arc-length governing equations for
material nonlinear problems often have complex roots.
Thus, it is difficult to identify the occurrence of local damage
and failure. Therefore, the force control and the energy
dissipation-based arc-length method are used jointly to
control the nonlinear iteration process. That is, a force
control constraint is used at first before switching to the
energy dissipation-based arc-length method once the plastic
energy dissipates. The details of this solution algorithm can
be found in [32].

The aforementioned solution scheme has been incor-
porated into a C++ in-house platform. The flowchart of the
computational program is outlined in Figure 3.

3. Evaluation of the Proposed Method

In this section, a plane strain biaxial test is presented to show
the capability of the proposed method overcoming the mesh
sensitivity. The classical finite element method is also
employed for comparison. All simulations are conducted
with the plain strain assumption.

The geometric dimensions and boundary conditions of
the plane strain specimen are shown in Figure 4. The soil
specimen has a width of 40mm and a height of 80 mm.
Herein, the edge friction constraint is applied to the model
for stimulating the generation of shear bands; that is, the
upper end is a constraint in the x-direction. The calculation
parameters are listed in Table 1 by referring to []. The

calculation is divided into two steps: the first step is to apply
isotropic consolidation pressure 03, and the second step is to
apply deviatoric stress 0,-03.

Two discretization schemes for FEM are employed for
the purpose of comparison, where the fine mesh is composed
of 3200 elements with an element size of 1 mm, whereas the
element size of the coarse model becomes 2 mm. Figure 5
plots the shear band predicted by FEM with different mesh
densities. The stress-strain curves of the point located in the
shear band under the two cases are shown in Figure 6. It is
readily apparent that the local FEM model yields nonob-
jective results. Upon mesh refinement, a thinner shear band
and a more brittle response at the postpeak stage could be
obtained. If the mesh is too fine, then the thickness of the
shear band becomes zero, and energy dissipation would also
tend to be zero. This nonphysical energy dissipation phe-
nomenon is unacceptable.

With regard to the PD model, comparisons of the
simulations with different cases are studied to address the
following two questions: (1) can the simulation yield ob-
jective results in terms of thickness of the shear band and
stress-strain relations? (2) What is the factor to determine
the simulation results?

For the first question, we use the PD models, which
have different grid densities but the same horizon. That is,
the coarse grid model is set Ax=2mm and
0=2Ax=4mm, while the fine grid model is set as
Ax=1.333mm and § =3Ax =4 mm. The shear band width
and the stress-strain relation curve under different grid
densities were compared in Figures 7 and 8(a), respec-
tively. It can be seen from the two figures that, under the
same internal scale parameter (§), the nonlocal model can
obtain a stable shear band width and stress-strain curve
independent of mesh density.

For the second question, the PD models have different
horizon sizes, but the grid spacing is kept fixed. That is, the
small horizon model is set Ax=2mm and § =2Ax=4 mm,
while the fine grid model Ax =2 mm and § =4Ax=8 mm. It
is employed to investigate the influence of the internal scale
parameters (6) on the simulation results. The width of the
shear band and the stress-strain curves obtained from dif-
ferent models are shown in Figures 7(a), 7(c), and 8. It can be
seen from that the width of the shear band is basically
proportional to the nonlocal parameter §, and the width of
the shear band is roughly equal to §. In addition, the stress-
strain curves also vary at the postpeak stage with different
nonlocal parameters. ‘Therefore, in practices, the
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FIGURE 3: Flow chart of the computational program.

TaBLE 1: Material parameters for the strain-softening Mohr-Coulomb constitutive model.

Parameters Biaxial models Slope models Units
Young’s modulus E 10.0 10.0 MPa
Poisson’s ratio v 0.40 0.40 —
Unit of weight r 2.0 2.0 kN/m®
Friction angle ¢f= ¢, 20° 30° °
Dilatancy angle v 10° 10° kPa
Peak strength of cohesion intercept ¢/ 30 60 kPa
Residual strength of cohesion intercept ¢, 5 5 kPa
Hardening modulus -500 -550 kPa
Threshold of strain ¢, 0.05 0.1 —

experimentally measured stress-strain curves can be used to
determine the nonlocal parameters, and then one can use the
calibrated parameters to investigate the strain localization
failure in an objective manner.

From the above analysis, the correctness of the proposed
method incorporating the strain-softening Mohr-Coulomb
constitutive model is ensured, and it is confirmed that the
NOSBPD model can be used as an effective regularization
technique for strain localization analysis and that the lo-
calized shear band is related to the nonlocal parameter 6.

In addition, the nonlocal PD model is indeed more
computationally intensive than the local FEM model under
the same condition. For instance, for the FEM model with

40 x 80 elements, the computational time is 18 min, while for
the PD model with 40 x 80 particles, the corresponding time
is 335min. Thus, the PD-FEM model [32] with the ad-
vantage of enhancing computational efficiency, merits
consideration.

4. Progressive Failure Analysis of Soil Slope

In this section, the proposed NOSBPD method is used to
analyze the progressive failure process of the soil slope with
strain-softening behavior. The main departure is to illustrate the
postfailure behavior of the soil slope in a progressive manner
that can be effectively captured by the proposed method.
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FIGURE 4: Geometry and boundary conditions for the biaxial test.

The geometry and boundary conditions of the slope
model are shown in Figure 9. The slope with a height of
10.0 m is subjected to a gradually increasing surcharge load
P. The calculation is also divided into two steps. First, the
initial stress field is constructed by applying the gravity force,
and then a uniform load is applied at the top surface of the
slope, covering a length of 3m. The arc-length method
controls the gradual, increasing loading process until the
slope fully fails. Material parameters are listed in Table 1. The
slope is discretized into uniformly spaced particles with a
grid spacing of Ax=0.3 m. The horizon is set to § =2Ax.

Figure 10 shows the displacement contours and typical
point (located in the shear band) stress-strain curves. It is
observed that the slope with strain-softening behavior under
the surcharge load has a tendency to slide outward and
downward. Comparisons of the slip surface obtained by the
limit equilibrium method (LEM; herein, we use the Mor-
genstern-Price method) using the peak and residual
strengths, respectively, and the NOSBPD model are illus-
trated in Figure 11. It can be seen from the figure that the
position of the slip surface obtained by the NOSBPD model
is located between those obtained by the LEM with peak and
residual strength. In Figure 11(c), interestingly, different
portions of the slip surface exhibit different cohesion

strengths. That is, the peak and residual strength are mo-
bilized at the toe and top of the slope, respectively. The
middle position of the slip surface near the toe is basically at
the residual strength, while the strength parameters of the
middle part near the top are intermediate between the peak
and residual strength. It means that the slope starts to slide
from the top of the slope and gradually expands downward.
This nonuniform mobilization of the strength parameter
indicates the occurrence of progressive failure of the soil
slope.

As carried out in [14], an index referred to as the residual
cohesion coefficient is defined to investigate the progressive
failure process further:

I = 0<I <1, (18)

where ¢ and c, are the peak and residual cohesion strength,
respectively. It characterizes the reduction of the material
strength parameters of the slope with respect to the peak
strength. Figure 12 shows the variation of the residual co-
hesion coefficient with the progressive failure process of the
slope. With the occurrence and development of the plastic
zone on the sliding surface of the slope, the material strength
parameters gradually weaken to the residual strength.
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FIGURE 5: Distributions of the shear band under different mesh densities using FEM: (a) fine mesh (the element size is 1 mm); (b) coarse
mesh (the element size is 2 mm).
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FIGURE 6: Stress-strain curves (0,,~¢,,) of the point located in the shear band under different mesh densities using FEM.
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F1GURE 7: Distributions of the shear band under different particle densities: (a) coarse grid model (Ax =2 mm, § =2Ax =4 mm); (b) fine grid
model (Ax=1.333 mm, § =3Ax=4mm); (c) large horizon model (Ax=2mm, § =4Ax=8 mm).
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FIGURE 8: Stress-strain curves (o,,~¢,,) of the point located in the shear band under different PD models: (a) different grid densities, but the
horizon is kept fixed; (b) different horizons, but the grid spacing is kept fixed.
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FI1GURE 9: Geometry and boundary conditions for the slope model.
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F1Gure 10: Displacement contours and stress-strain curves of the point located in the shear band under the surcharge load at the upper surface
of the slope: (a) horizontal displacement; (b) vertical displacement; (c) stress-strain curve in the shear band (units of displacement: m).

It can be seen from the abovementioned analysis that  limit equilibrium method. Using the proposed method, it
there is stress redistribution and strength mobilization near ~ can avoid the dilemma that the peak strength is too dan-
the slip surface during the progressive failure of the slope,  gerous and the residual strength is too conservative in the
which cannot be assumed as a rigid body as made by the  limit equilibrium method.
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FIGURE 12: Variations of the residual cohesion parameter with the progressive failure process of the slope: (a) step =200; (b) step = 250; (c)

step = 300.

5. Conclusion

In this paper, the NOSBPD model is used as a regularization
technique for the strain localization analysis of soil with
strain-softening behavior. The Mohr-Coulomb constitutive
model, by reducing the strength parameters linearly with the
increase of the accumulative plastic strain, is incorporated
into the NOSBPD framework to describe the strain-soft-
ening behavior of the soil. The plane strain test and the
progressive failure of the soil slope are analyzed. The main
conclusions obtained from the analyses are as follows:

(1) The nonlocal method can remove the mesh de-
pendence, and the NOSBPD model can be used as an
effective regularization technique for strain locali-
zation analysis.

(2) The localized shear band is related to the nonlocal
parameter §, which can be calibrated by the exper-
imentally measured stress-strain curves.

(3) With the occurrence and development of the plastic
zone on the sliding surface of the slope, the material
strength parameters gradually weaken to the residual
strength. Different portions of the slope are mobi-
lized with different strength parameters. The stress
redistribution and strength mobilization along the
slip surface render the assumption made by the limit
equilibrium method incorrect. That is, it is not a rigid
body.

(4) The proposed method involves being able to capture
strength mobilization in different parts of the sliding
surface during the progressive failure process of the
soil slope. It can avoid the dilemma that the peak
strength is too dangerous and the residual strength is
too conservative due to the rigid body assumption in
the limit equilibrium method.

As a nonlocal theory, NOSBPD is much more compu-
tationally intensive than conventional FEM. There is a ne-
cessity to apply the FEM-NOSBPD coupled method [32] for
soil strain localization analysis. In addition, there is a need to
remove the constraint of the small deformation assumption
for simulating the progressive failure of slope in the large

deformation regime. Also, considering the interaction of soil
and water, incorporating a more advanced constitutive
model of soil will also require further research.
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Establishing a mesoscopic numerical model to investigate the mechanical properties of concrete has very important significance.
This paper considers the random distribution of aggregate in concrete. The aggregate is assumed to be spherical, respectively, to
simulate the interface layer as the entity unit or the contact elements. The random aggregate model and the interface model of
random aggregate were established. Based on the CT image and the application of MATLAB and MIMICS software, the different
characteristics of the concrete model for 3D reconstruction were set up. Through comparative analysis of the advantages and
disadvantages of different models, considering the CT number included in the CT images, this paper establishes the reconstruction
model, which includes the shape of concrete aggregates, gradation, holes, etc. The analysis results have shown that the model can

infer realistic concrete behavior, providing a new approach for studying concrete properties at the mesoscale.

1. Introduction

Concrete is a composite material consisting of water, ce-
ment, and coarse aggregates. The special properties of the
composite material determine its macroscopic mechanical
properties [1]. The destruction process involves the inter-
action of various scales, from the microscopic to the mac-
roscopic [2, 3] . Currently, the mesoscale is considered the
linking bridge between the microscopic and macroscopic
scales. The micromechanical numerical method, based on
the finite element method, uses the concrete micro-
mechanical model to study its failure process and obtain the
intrinsic relationship between mesoscopic failure and
macrodestruction, thus investigating the failure mechanism
of concrete materials [4-9].

With the improvement of theoretical methods and
computer hardware components, graphics processing soft-
ware and meshing tools have been continuously upgraded,

resulting in easier simulation of concrete mesostructures.
Nowadays, using numerical methods to investigate the
mechanical properties of concrete has received extensive
attention from researchers. Indeed, the development of
numerical models has an important influence on the sim-
ulation results. Among the most representative models in
the literature are the random particle model [10], lattice
model [11, 12], stochastic mechanical property model [13],
and statistical damage constitutive model [14-16].

The micromechanical method is typically utilized to
analyze the concrete characteristics using numerical ex-
periments. Under the condition that the calculation model is
reasonable and the material parameters of each concrete
phase are sufficiently accurate, some tests can be realistically
replicated to overcome the objective limitations of the test
conditions and human factors [29]. This has greatly pro-
moted the study of the mechanical properties of concrete
[17]. Nevertheless, previous research has outlined some
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limitations and drawbacks in the above models. At present,
digital image processing technology is becoming signifi-
cantly important for developing numerical models. Recently,
concrete computed tomography (CT) scan image recon-
struction models have become a hotspot and frontier of
research on the numerical simulation of construction ma-
terials [18-21].

The real shape and location of aggregate particles in
concrete were assumed in numerical analyses based on X-ray
CT scans. Reference [22] found that satisfactory agreement
regarding the vertical force versus crack mouth opening
displacement evolution and crack geometry was achieved
between analyses and laboratory tests. Two-dimensional
mesoscale finite element models with realistic aggregates,
cement paste, and concrete voids are developed using mi-
croscale X-ray CT images. Cohesive elements with traction-
separation laws are pre-embedded within cement paste and
aggregate-cement interfaces. Reference [23] simulated
complex nonlinear fracture and tension tests using a large
number of images. Reference [24] proposed an objective
judgment criterion of unit attribute recognition based on the
method of mesh mapping and established the 3D finite
element model with the same aggregate proportion as the
specimen in the experiment.

This study combines the literature sources’ achieve-
ments over the years to develop different microscopic
concrete numerical models and analyze their respective
deficiencies. After that, it establishes a concrete recon-
struction model based on CT images. The model considers
the concrete mesostructure to simulate its behavior real-
istically. This study is expected to provide a reference for
future investigations of the mesoconcrete’s mechanical
properties.

2. Mesoscopic Concrete Stochastic Model

Generally, the concrete random model is used to replicate
testing samples numerically using the knowledge of the
random sampling method and statistics along with the actual
mixture proportions. The advantage of this approach is the
ability to simulate the influence of different factors on
concrete behavior. At present, the method is considered
mature and independent of the data size, and its develop-
ment is relatively perfect. Perform calculations on different
types of specimens.

2.1. Random Aggregate Model. The random aggregate model
is a three-phase heterogeneous composite consisting of
aggregates, mortar, and a bond zone between the two.
Previously, the Monte Carlo method was used to generate
random numbers [25]. Based on the self-programmed
model generation procedure, the projected grid method is
used to assign the corresponding material properties
according to the unit type. Due to the involvement of dif-
ferent material parameters in each phase, the load-defor-
mation relationship of the concrete specimen is nonlinear. It
can be used to simulate the specimen’s crack propagation
process and damage patterns [26].
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This approach to determining the position of aggregates
with different particle sizes in the sample involves calculating the
number of aggregates using the actual mix ratio of concrete and
assuming spherical-shaped aggregates with four variables each.
The diameter of the sphere is used to distinguish the size of the
aggregate, and the position of the sphere center (XYZ) is used to
determine the location of the aggregate. According to the self-
programming procedure, the spherical center coordinates are
generated randomly using the Monte Carlo method. Generally,
different spheres meet objective conditions by setting constraints
and adopting a cyclical comparison method. A 3D random
distribution geometric model of concrete aggregates can be
obtained by compiling the generated random variables into
corresponding FORTRAN programs and reading them into
ANSYS in the command flow mode.

Once the concrete geometric model is generated, the
aggregate, mortar, and interface are given corresponding
parameters. Moreover, the material is meshed using the
finite element method to obtain a 3D random distribution
model of concrete aggregates. The overall model diagram is
shown in Figure 1, and the section diagram is shown in
Figure 2.

2.2. Random Aggregate Contact Surface Model. The concrete’s
random aggregate contact surface model is a two-phase material
that consists of mortar and aggregate and uses an ANSYS
contact surface unit to simulate their interface joint. This method
starts by establishing a concrete cylinder body in ANSYS, then
randomly generating aggregate spheres in the entity using the
self-programming procedure to separate the cylinder and ag-
gregate spheres for the BOOLEANS calculations. The position of
the aggregate formed at this time is a hollow concrete specimen.
Use the program again to read the position coordinates of the
aggregate and generate its entity. The overall mesh is typically
selected using the SOLID45 element. Besides, the aggregate
projection grid method is used to distinguish the fundamental
material properties. Moreover, the contact elements between the
aggregate and the mortar are defined using the TARGE170 and
CONTAI174 unit types [27]. The model contact element is
shown in Figure 3, and the cross-section of the random ag-
gregate contact surface model is shown in Figure 4.

Compared with the random aggregate model, this
technique uses a contact element instead of an interface
element, resulting in considerably lower computational time
and cost. The results of the two calculations are shown in
Figure 5. It can be seen that their destruction rules are the
same, indicating that the random aggregate contact surface
model can be a good substitute for the random aggregate
model.

3. Mechanical Model Based on Three-
Dimensional Reconstruction of
Concrete Images

Due to the difference between the random model and the
actual concrete internal structure, the research and analysis
cannot lead to a complete correspondence with the test.
Therefore, studying the mechanical model based on concrete
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FIGURE 2: Section of random aggregate.

images for 3D reconstruction has gradually gained attention
and progress. The 3D reconstruction model is a model that is
closer to the mesostructure of the actual concrete and is an
important foundation for future research on the mechanical
properties of mesoconcrete.

3.1. Three-Dimensional Reconstruction Model of Concrete
Based on the Joint Unit Method. Unlike previously explained
techniques, the three-dimensional reconstruction model is
closer to the real mesostructure of concrete and can be
compared with the physical experiment. The 3D finite ele-
ment model of concrete based on the joint-element method

FiGure 3: Contact element of model.

FIGURE 4: Section of the contact element.

abandons the modeling order of points, lines, surfaces, and
bodies by discretely separating the concrete into many nodes
in the space, which are then connected to generate the unit.
Then the material properties of the specimen are determined
from the elements containing the node attributes, thereby
establishing a 3D finite element model of the concrete
mesostructure. The modeling procedure in this method is
described as follows:

(1) Each CT image is processed to save its CT number
and spatial position as a cross-section file.
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(a)

(®)

F1Gure 5: Different damaged sections of the model. (a) Model of random aggregate. (b) Interface model of random aggregate.

(2) The image quality is enhanced using the threshold
segmentation method to distinguish the aggregate
from the mortar.

(3) The image information is saved as a two-dimensional
matrix using MATLAB.

(4) The pixel attribute value matrix in MATLAB is read
into the ANSYS array using a self-programming
code to generate a model.

The model is shown in Figure 6.

On the other hand, this method cannot yet rebuild a
complete concrete test piece due to using many elements. In
order to reduce the amount of data, the influence of holes,
small aggregate particles, etc., is not taken into account in the
reconstruction process, resulting in relatively low simulation
accuracy.

3.2. Three-Dimensional Reconstruction Model of CT Images
Based on MIMICS Software. Some large-scale image creation
and editing software, such as MIMICS, has a 3D entity
reconstruction function. MIMICS software can directly read
Dicom format CT scan images through the following
procedure:

(1) Interpolate the picture using image positioning.
(2) set different thresholds for different materials.

(3) modify the pixels of the image by different pixel
modification methods.

(4) once each layer of the image is processed to remove
redundant data, a 3D geometric concrete model can
be established based on the calculation.

(5) use ANSYS software to read the list file of the 3D
concrete built in the MIMICS software and generate
the finite element model directly.

The overall model is shown in Figure 7,

Based on the concrete reconstruction model obtained
from the above CT images, a complete calculation cannot be
performed at present due to the model’s large number of
elements and relatively low accuracy.

4. Key Issues and Technical Approaches to
Concrete Micromechanical Models

The numerical model of mesoconcrete is the basis for
studying the material’s mechanical properties. The diversity
in the concrete’s constituent materials and the randomness
in the preparation process increase the complexity and
nonuniformity of the model compared to other materials.
Therefore, there are many key problems in the numerical
model of the mesoconcrete. At present, this method cannot
perform one-to-one comparative analysis with physical
tests because the simulated aggregate shape and position
are different from those of real concrete specimens, and the
model rarely considers the influence of holes in the
specimen. The 3D reconstruction model of concrete relies
on CT images. Based on the digital image processing
method and large-scale image processing software for finite
element modeling, the mesostructure of the real specimen
is well simulated. The advantage of this method is that,
according to the actual concrete shape, a consistent finite
element model can be generated to perform concrete
mechanical tests better. Accordingly, the development of
concrete reconstruction models is the direction of future
concrete property investigations. This research topic is still
facing some deficiencies. For instance, image information
data compression results in large amounts of data that
cause the completeness of a full model computation to be
prevented. Moreover, the model’s accuracy is low due to the
unit selection of feature points. Besides, the model cannot



Advances in Civil Engineering

e
S

J
(|
¥

|
)
|

e

Y e
1l
Wt “\" :

N/

e

FiGure 7: 3D FEM elements of concrete.

FIGURE 8: Initial graph of the CT section.

FIGURE 9: After extraction of the CT section.

consider the impact of small aggregates, holes, and other
factors during the reconstruction process. These factors
have an important influence on the mechanical properties
of concrete. Combining the above problems with the
concrete random model and the concrete reconstruction
model, the common limitation of the two is that the in-
fluence of small volume components such as holes and fine
aggregates has not been taken into account, along with the
influence of different aggregate parameters. These are
problems that cannot be ignored in the study of concrete
mechanics. Accordingly, a concrete mesoscopic model that
reflects actual conditions is the basis for investigating
concrete mechanical properties and obtaining reasonable
and correct results. Therefore, based on the problems
existing in the above models, starting from concrete CT
images, reconstructing the concrete mechanical model,
taking into account the influence of different aggregate
parameters and concrete holes, reflecting these charac-
teristics in the reconstruction model is the trend to study
the numerical calculation model of the microscopic
concrete.

5. Microscopic Concrete Reconstruction Model
Based on CT Number

The CT machine scans the concrete sample layer by layer to
obtain CT slices of any scanned surface inside the concrete.
Each slice contains the material information and density of
the layer. Finally, the material properties can be represented
by the CT values of each pixel [28].

5.1. Image Processing. In a single test specimen, the number
of CT digital regions and the number of scanned CT slices
vary due to the difference in the resolution of the CT ma-
chine and the scanning thickness. Before processing an
image, it is first necessary to determine the resolution of the
image and the geometric location of the CT slice in the
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FIGURE 10: Profile of every material in the CT section after reconstruction. (a) Mortar. (b) Aggregate. (c) Interface.

concrete specimen, and then select the CT slice that needs to
be reconstructed. At the same time, since the CT machine
scans the concrete specimens and the parts around the
specimens, CT slice images also contain this information.
The image is first divided into study areas, and the areas that
need to be investigated for reconstruction are selected. A raw
CT slice map is shown in Figure 8. The figure contains the
scanned parts of the test specimen and the information on
the surrounding blank parts. In the analysis, if the CT image
is not processed, it will cause errors when analyzing the
image data. Therefore, the image study area is extracted, as
shown in Figure 9.

Once the extraction of the CT slice image is completed,
the size of the image should be determined to obtain the
pixel matrix of the image. Then use the ENVI software to
extract the CT value at each pixel. At this point, the coor-
dinate value at the pixel point and the CT value are in a one-
to-one correspondence and represent the material infor-
mation at this position. For the convenience of calculation
and statistics, CT values are normalized. Thereafter, the
position information and material quantity are determined.
Finally, the data, including the position coordinates of the
aggregate, mortar, and holes and the size of the CT value, is
saved.

5.2. Model Reconstruction. The ABAQUES software generated
a two-dimensional geometric model with the same di-
mensions as the CT slices. The two-dimensional plane ge-
ometry model was meshed. Each unit represented a pixel,
and the “.inp” file was proposed once the partition was
completed. According to the Fortran language, the corre-
sponding program is compiled, and the node information in
the “.inp” file is replaced with the information of the node
coordinates of the aggregate, mortar, and hole in the CT
slice, and the file is saved and read again. At this point, the
information contained in the model’s elements and nodes
are the aggregates, mortar, and hole information. In this
study, a new unit was added between the aggregate and the
mortar, considered a transitional layer, giving it corre-
sponding material properties. The reconstruction of the

FiGure 11: Whole reconstruction model.

FIGURE 12: Reconstruction partial enlarged.

model is complete. Each material section is shown in Fig-
ure 10, and the whole is shown in Figure 11.

After selecting the image and processing the data, the CT
image is finally converted into a numerical model. It can be
seen from the partial enlargement of Figure 12 that the
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reconstructed model contains aggregates, interfaces, mortar,
and holes at all levels.

This model integrates the characteristics of the random
models and CT reconstruction techniques. The interface
influence in the random model and the aggregate shape and
gradation effects in the CT reconstruction model were taken
into account, and the influence of holes that both models did
not consider was increased.

In order to verify the rationality of the model, a me-
chanical analysis was performed under pressure and tensile
loads. This paper used the plastic damage model of concrete.
The damage factor D is calculated separately according to the
compression and tension conditions. The mechanical pa-
rameters of each material are shown in Table 1. This paper
applied dynamic compression and tension forces using a
displacement-controlled protocol. The loading curve is
shown in Figures 13 and 14. The dynamic compression
loading time was 0.1's, and the loading displacement was
1 mm. Besides, the loading time for the dynamic tensile case
was 0.05s, and the loading displacement was 0.12 mm.

5.3. Pressure Load. The dynamic pressure load is applied to
the model top, and the bottom surface of the model is re-
strained. The computation results are shown in Figures 15
and 16. In the initial loading stage, when the specimen is not
damaged, the displacement of the material changes regu-
larly, where the top displacement is the largest, the bottom is
the smallest, and the layering changes sequentially. When
the specimen is destroyed, the displacement varies locally.
Under the dynamic pressure load, the damage starts at the
top ends of the specimen. As the load increases, the damage
range gradually expands over the whole section. When the
stress reaches a certain value, damage in some areas begins to
increase and gradually penetrate, and finally, several mac-
roscopic cracks penetrating the entire specimen are formed.
It can be seen from the figure that the hole has a certain
impact on the concrete damage where the stress concen-
tration is easy to occur first around the hole, causing the
damage to initiate. Moreover, the hole influences the de-
velopment of the damage path and affects the final failure
surface.

Figure 17 shows the analysis of different materials’
damage. It can be seen that the crack is mainly developed
along the intersection of the mortar and the aggregate. Two
major failure cracks can be observed in the mortar, indi-
cating that the crack mainly occurs. The damage diagram of
the interface is slightly amplified in Figure 18, where it
suffered damage, and some interfaces collapsed. However,
because the interface is relatively small, thin, and isolated, it
cannot form a unified damage surface. Therefore, from an
overall point of view, the damage mainly occurs in the
mortar. However, in the initial damage stage, crack initiation
starts at the interface, and when the damage accumulates to a
certain extent, due to the interaction of stress between the
interface, aggregate, mortar, and holes, the cracks begin to
develop and penetrate. In addition to the mortar, some
aggregates have experienced damage. The partial damage
enlargement shows that most cracks propagate around the

TaBLE 1: Material parameters.

. Elastic modulus/ Poisson’s  Tensile strength/
Material Pa ratio Pa
Aggregate  5.8731 x 10" 0.2407 9.25¢6
Mortar 1.7458 x 10'° 0.1960 2.78¢6
Interface 1.3967 x 10"° 0.2000 1.56e6
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Figure 13: The load curve of dynamic pressure load.
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FIGURE 14: The load curve of dynamic tensile load.

aggregate, but some of them pass through the aggregate
particles. Therefore, under the dynamic pressure load, the
concrete as a composite material has a complicated failure
process, and each material’s stress interaction determines the
cracks’ development.

5.4. Tensile Load. 'This study applies the dynamic tensile load
to the model top while its bottom surface is restrained. The
analysis results are shown in Figures 19 and 20. It can be seen
that when a concrete specimen is subjected to a dynamic
tensile load, its failure mode is completely different from that
of a dynamic compression load. For instance, it can be
observed that at the beginning of the loading, the specimen’s
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FIGURE 16: Damage failure graphs under different loading displacement. (a) s = 0.02 mm. (b) s = 0.137 mm. (c) s = 0.533 mm. (d) s = 1 mm.
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FIGURE 17: Damage graphs of different materials when the loading displacement is 1 mm. (a) Mortar. (b) Aggregate. (c) Concrete.
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FIGURE 18: Local failure graph of material. (a) Interface. (b) Concrete.
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FIGURE 19: Vertical displacement graphs under different loading displacement. (a) s = 0.002mm. (b) s = 0.015mm. (c) s = 0.016 mm. (d) s =

0.12 mm.

(a)

FIGURE 20: Damage failure graphs under different loading displacement. (a) s = 0.002 mm. (b) s = 0.015mm. (c) s = 0.016 mm. (d) s = 0.12mm.
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FIGUure 21: Damage graphs of different materials when the loading displacement is 0.12 mm. (a) Mortar. (b) Aggregate. (c) Concrete.

top displacement changed the most, and the damage did not
occur. As the load increases, the change in displacement
fluctuates, and the damage slowly develops. The vertical
displacement begins to change unevenly, and the damage
begins to occur slowly. Initially appearing around the hole,
continuing to load, the damage begins to develop and
gradually forms a damaged area throughout the specimen
and perpendicular to the direction of loading. At the same
time, there is intermittent damage in other parts of the test
piece. When the loading reaches a certain value, the dis-
placement has a significant mutation, indicating the oc-
currence of a complete collapse. From Figure 20, the degree
of the damaged area throughout the specimen is more se-
rious, and the damage accumulation eventually leads to the

destruction of the specimen, while one fracture surface runs
through the specimen.

Further analysis of the mechanical changes of various
materials during the stress process. As shown in Figure 21,
the damage mainly occurs in the mortar, and there are many
cracks under the dynamic pressure load, but there is only
one main crack under the dynamic tensile load where the
aggregate has slight damage. The failure surface from the
overall damage figure is relatively straight and passes
through part of the aggregate and most of the mortar. The
interface has also suffered damage, mainly concentrated at
the location of the failure surface, as shown in Figure 22. In
the partially enlarged view of the overall damage, it can be
clearly seen that the crack passes through small aggregate,
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FIGURE 22: Local failure enlarged graph of material. (a) Interface. (b) Concrete.

mortar, and their interface, stops at the hole, and forms on
its other side.

6. Model Verification

6.1. Dynamic Pressure Test Results. The CT scanned sections
under dynamic compressive load show that the concrete
specimens’ damage occurs abruptly. As a result, unlike
damage characteristics under static pressure, it is difficult to
capture the microcrack initiation process, propagation, and
final development using CT. Figure 23 and 24 show the final
failure modes. It can be seen that under dynamic pressure,
the damaged area is large, the damage is relatively complete,
the aggregate is destroyed, and the damage is “double cone”
extrusion damage.

6.2. Dynamic Tensile Test Results. The CT scanning section
of the concrete specimen (Figure 25) shows that the
concrete specimen’s damage specimen occurs suddenly
under dynamic tensile load. Before the damage, each
loading stage’s CT image remained unchanged. After the
damage, a horizontal main crack was formed in the
weakest section of the whole specimen, and the crack
passed through part of the aggregate. As shown in Fig-
ure 26, the fracture surface is relatively flat, the aggregate
is divided into two parts, the two specimens after the
failure are completed, and the concrete surface is intact.

The numerical calculation of the CT reconstruction model
shows that under the dynamic load, the model’s simulation
results and the experimental ones from the CT test have a high
similarity. The crack is mainly developed along the intersection
of the mortar with the aggregate. Additionally, some aggregates
are damaged, and the hole has a certain influence on the de-
velopment path of the crack. There are many cracks under
dynamic pressure load with a high failure degree, a large failure
area, and a double cone failure. On the other hand, there is one
crack only under the dynamic tensile load, the fracture surface is
relatively flat, and the failure mode is the fracture surface
perpendicular to the loading direction. Compared with the CT
test, in which the development of cracks before failure cannot be
observed due to the limitations of test conditions, the numerical
tests can solve this problem by their calculation characteristics. It
can be observed that the initiation and development path of

FIGURE 25: CT scan sectional drawings.

internal cracks in the concrete specimens occurs under the
action of force in real-time.

Numerical experiments and CT physics tests are com-
plementary. By establishing a numerical reconstruction
model of mesoconcrete based on CT images, the two are well
combined to provide effective help for further study of the
mesomechanical mechanism of concrete.
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FIGURE 26: The failure of specimens under dynamic tensile.

7. Conclusion

As the basis of numerical experiments, numerical models
have a crucial influence on the simulation test results.
Therefore, choosing a suitable numerical model is critical for
obtaining accurate results.

This paper develops a reconstruction model based on CT
images to perform the mechanical analysis. The results of CT
experiments are compared and verified, and the main
conclusions are as follows:

(1) Both the random aggregate model and the random
aggregate interface model can simulate the force char-
acteristics of the mesoconcrete. When simulating the
bond between the aggregate and the mortar in the
concrete, the interface elements in the random aggregate
model are relatively thick, and the contact parameters in
the random aggregate contact surface model are not
easily determined. Besides, both models do not consider
aggregate shape and hole influence.

(2) The 3D reconstruction models based on the joint-ele-
ment method and the MIMICS CT image are closer to
the actual concrete behavior than the random aggregate
model. This observation is mainly attributed to the low
precision and the lack of consideration of the unit
compression. As a result, a complete primary me-
chanical analysis cannot be performed at present.

(3) The CT image reconstruction model based on CT
number considers the aggregate gradation influence,
including the shape and hole, to provide the ad-
vantages of the random aggregate model, thus
achieving realistic concrete behavior compared to
other models.

(4) The damage to concrete is affected by the hole, and
the location of the hole is prone to cracking.
Moreover, the initiation of cracks often occurs at the
interface and eventually extends through the mortar.
The strength of its weak specimen parts mainly
determines the strength of concrete [29].

Data Availability
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The addition of microencapsulated phase-change materials (MPCM) to concrete will inevitably cause changes in the mechanical
and thermal properties of concrete, and this is vitally important for the safety and energy saving of concrete building components.
In this research, shale ceramsite and shale ceramics sand were used as the main raw materials to produce lightweight aggregate
concrete (LWAC) mixed with MPCM. In order to investigate the effect of MPCM content and phase-change cycle numbers on the
mechanical and thermal properties of MPCM-LWAGC, two groups of MPCM-LWAC specimens were prepared. One group
consists of specimens containing 2.5%, 5.0%, 7.5%, and 10% MPCM, respectively, and they are used to reveal the change law of
tensile strength, compressive strength, enthalpy, and specific heat capacity of LWAC integrated into MPCM. The other group
includes specimens with the same MPCM content, but the specimens are subjected to different phase-change cycle numbers of 50,
100, 150, and 200 at the environment temperature of —10-60°C to study the thermal properties of MPCM-LWAC. Findings from
the experimental results include the following: (1) The tensile and compressive strengths of MPCM-LWAC concrete are negatively
correlated with the MPCM content, while the enthalpy and specific heat capacity are positively correlated with the MPCM
content. When the MPCM content reaches 10%, the compressive and tensile strengths of MPCM-LWAC decreased, respectively,
by 45.49% and 52.63% than the LWAC without MPCM. (2) Under heating and curing condition, the corresponding maximum
specific heat capacity of LWAC with 10% MPCM is 328.35% and 249.50% higher than the LWAC without MPCM, respectively,
and the average specific heat capacities increase 71.21% and 44.94%, respectively. (3) The melting enthalpy of MPCM-LWAC is
slightly larger than the curing enthalpy, and the difference is more noticeable with the increase of MPCM content. In addition,
when the number of phase-change cycle is below 200, the compressive strength and splitting tensile strength of MPCM-LWAC
decrease by less than 5%, and the specific heat capacity decreases by less than 1.33%. Hence, it concludes that shale ceramsite
concrete with MPCM has promising application prospects.

1. Introduction

Reduction in energy consumption has major significance for
the mitigation of global warming. Three sectors of trans-
portation, industry, and construction together account for
97.88% of the global energy consumption. Particularly, the
construction sector alone accounts for approximately 30% of

the total energy consumption. Energy used for refrigeration
and heating to maintain indoor comfort temperature is one
of the major parts of building energy consumption [1, 2].
The use of fossil fuels to maintain indoor comfort
temperature increases the emission of harmful gases. Hence,
renewable energy is a prime option to boost the energy
efficiency of buildings, such as solar energy, wind energy,


mailto:zhulin_xaut@163.com
https://orcid.org/0000-0002-1804-2968
https://orcid.org/0000-0001-6568-3437
https://creativecommons.org/licenses/by/4.0/
https://doi.org/10.1155/2022/2720956

and geothermal energy. However, the intermittent charac-
teristics of these renewable energies limit their applications,
except for phase-change materials (PCM). PCM has been the
present hotspot in the field of building energy saving ma-
terials due to its unique advantages, especially large heat
storage per unit volume, absorbing and releasing heat under
constant temperature [3-5]. More importantly, PCM
maintains good thermal stability when they are added to
building materials.

PCM undergo phase changes according to the change of
ambient temperature, which is accompanied by the ab-
sorption and release of heat. When the ambient temperature
is greater than the minimum phase-change temperature of
PCM, it transforms from solid to liquid and absorbs heat
from the environment, causing the ambient temperature to
decrease. When the ambient temperature is less than the
maximum phase-change temperature, it transforms from
liquid to solid and releases heat into environment, raising an
increase of the ambient temperature. This endothermic and
exothermic process under different ambient temperatures
helps adjust the amplitude of the ambient temperature
fluctuation. Therefore, embedding PCM into building ma-
terials can significantly increase the thermal inertia of
building materials and prevent excessive abrupt changes in
indoor temperature.

Scholars around the world have carried out extensive
research on the application of PCM in the field of building
materials, such as adding PCM into concrete, mortar,
gypsum, and wood. [6-9]. Among them, PCM concrete can
not only be used as a structural material in different building
structures but also be utilized as a functional material to
maintain indoor comfort temperature, which shows a good
application prospect in the field of building energy con-
servation [10, 11].

At present, scholars have carried out substantive re-
searches in many aspects, such as the development of PCM,
addition methods of PCM, and mechanical and thermal
properties of energy storage concrete [12-14]. According to
these research findings, PCM commonly used in con-
struction field are organic and inorganic solid-liquid PCM
with phase transition temperature between 10 and 30°C,
such as paraffin wax and hydrated salt. However, for in-
organic PCM, its application is limited in the construction
field due to the two serious shortcomings of undercooling
and phase separation.

For solid-liquid PCM, some serious problems were
encountered in the process of repeated solid-liquid con-
version, such as leakage, interaction between PCM and
concrete matrix, and reduced heat transfer efficiency. In
order to solve these problems, shaped phase-change ag-
gregate [15], macro-PCM [7], and micro-PCM [13] came
into being. MPCM is a new type of composite materials,
composed of solid-liquid PCM particles wrapped by stable
polymer film. MPCM not only provides a very high heat
transfer area but also avoids leakage of PCM [16, 17].
Moreover, adding MPCM to concrete can improve the
energy storage capacity of concrete material, but exists a
negative effect on the mechanical properties. Pilehvar et al.
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[18] investigated the effects of curing time, phase state, and
PCM content on the compressive strength of silicate con-
crete and geopolymer concrete through experiments. They
found that the compressive strength of PCM geopolymer
concrete was larger than that of PCM silicate concrete under
the same conditions. Hunger et al. [19] measured the
thermal conductivity and specific heat capacity of
PCMconcrete by using the method of transient hot wire and
homemade improvised device for studying the effect of
MPCM content on the thermal properties. Their finding is
that the increase of MPCM content will decrease the thermal
conductivity and increase the specific heat capacity of
concrete, thus beneficial to improve the thermal perfor-
mance of concrete. However, scanning electron microscope
(SEM) images exposes the problem that MPCM may be
destroyed in the mixing process, which will cause the par-
affin to penetrate into the concrete matrix. Ouni et al. [20]
added different amounts of MPCM to Portland cement
concrete and found that the addition of MPCM to concrete
improved the heat storage capacity of concrete.

Good mechanical and thermal stability are the most
fundamental premise for the development and utilization of
PCM-concrete. The above literatures indicates that the
energy storage concrete in raw material selection and
production technology is different. The energy storage ca-
pacity of present concrete containing PCM lacks reasonable
comparisons. However, the mechanical and thermal prop-
erties of different types of PCM-concrete are quite different.
Therefore, it is necessary to further study the mechanical and
thermal properties of energy storage concrete with appli-
cation prospect.

In this research, MPCM-LWAC partition wall is
regarded as the research background. Shale ceramsite, shale
ceramics sand, MPCM, and Portland cement as the main
raw materials are used to prepare MPCM-LWAC specimens.
A series of experiments on mechanical and thermal prop-
erties of MPCM-LWAC were carried out to study the effects
of MPCM content and phase-change cycle numbers on the
tensile strength, compressive strength, enthalpy, and specific
heat capacity of MPCM-LWAC. Under the heating and
curing condition, a comparative study was conducted to
reveal the change law of mechanical and thermal properties
of MPCM-LWAC with MPCM content and phase-change
cycle numbers. The above research lays a foundation for the
development and application of MPCM-LWAC partition
wall.

2. Materials and Methods
2.1. Basic Properties of Raw Materials

2.1.1. Lightweight Aggregate. In this research, shale ceram-
site with diameters of 8-20 mm and 5-8 mm was selected to
be mixed as lightweight coarse aggregate (LWCA) by a mass
ratio of 4:6, and shale ceramic sand with diameters of
3-5mm and 1-3 mm was chosen to be mixed with a mass
ratio of 4:6 as lightweight fine aggregate (LWFA). Basic
properties of lightweight aggregate are shown in Table 1.
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TaBLE 1: The properties of lightweight aggregate.

Shale ceramsite Size (mm) Packing density (kg/m3) Water absorption of 1h (%) Cylinder pressure strength (MPa)
8~20 641 4.50 4.37

LwCA 5~8 795 3.63 6.43
3~5 857 3.27 7.37

LWFA 1~3 930 — —

2.1.2. Microencapsulated Phase-Change Materials (MPCM).
MPCM with polymethyl methacrylate as the shell material
and n-octadecane as the core material is produced by Hebei
Ruo-sen Technology Co., Ltd. Experiment was carried out to
investigate the micromorphology of MPCM by using
scanning electron microscopy (SEM). From the SEM image
of MPCM (Figure 1), it can be found that MPCM with a
diameter of 1-3 um is spherical. In addition, the thermal
properties of MPCM were investigated by conducting dif-
ferential scanning calorimeter (DSC) test. The DSC curve of
MPCM is shown in Figure 2, which presents clearly the
change curve of heat flux with temperature during the
melting and curing process. The phase transition temper-
ature range of MPCM is from 24.9°C to 28.9°C in the melting
process. On the contrary, its phase transition temperature
range is from 20°C to 25.1°C during the curing process.

2.1.3. Cement. Cement with the grade of P.O 42.5 is a
commercial ordinary Portland cement. According to Gen-
eral Portland Cement (GB175-2007), the physical properties
and quality of cement were detected, as shown in Tables 2
and 3. The compressive strength of the cement for 3d and
28d is 27.2 MPa and 54.9 MPa, and its flexural strength is
5.7 MPa and 8.8 MPa, respectively.

2.1.4. Water. Tap water was used as the test water. It needs to
emphasize that chemical admixtures such as fly ash, air
entraining agent, and water reducing agent were not used in
the preparation of MPCM-LWAC to avoid chemical reac-
tion between such admixtures and MPCM.

2.2. Mix Proportion Design. The strength of MPCM-LWAC
specimens prepared in this study is less than 10 MPa due to
lightweight partition wall as the research background.
According to the Technical Specification for Lightweight
Aggregate Concrete (JGJ51-2002), the sand ratio and water-
cement ratio are determined to be 0.65 and 0.6, respectively.
Meanwhile, the MPCM content meeting the strength re-
quirements should not be more than 10% [21]. The mixture
ratio of MPCM-LWAC is selected as given in Table 4 to
satisfy these conditions. MPCM-LWAC-0.0% was designed
as a control experiment. MPCM-LWAC specimens were
prepared by replacing the LWFA with the same amount of
MPCM. The cubic concrete specimen has the size of
100 x 100 x 100 mm”.

3. Experimental Procedures

3.1. Mechanical Test. In order to ensure that MPCM-LWAC
can meet the strength requirements of lightweight partition
wall, it is necessary to determine the tensile and compressive
strengths of MPCM-LWAC and study its influencing fac-
tors. The tensile and compressive strengths of MPCM-
LWAC with MPCM content of 0%, 2.5%, 5.0%, 7.5%, and
10.0% and phase-change cycle numbers of 0, 50, 100, 150,
and 200 were determined by using a microcomputer-con-
trolled electro-hydraulic servo pressure testing machine.

3.2. Thermal Tests

3.2.1. Testing Program. Differential scanning calorimeter
(DSC) based on power compensation was used to test en-
thalpy and specific heat capacity of MPCM-LWAC with
MPCM content of 0%, 2.5%, 5.0%, 7.5%, and 10.0% and the
same items of MPCM-LWAC with phase-change cycle
numbers of 0, 50, 100, 150, and 200, respectively. Figure 3
gives the process of making specimen and test instruments.

3.2.2. Calculation Principle of Enthalpy. DSC test is based on
power compensation, and it can reflect the change of en-
thalpy of the sample by monitoring the power difference
between the sample and the reference (sapphire) [22]. DSC
curve with the abscissa of time or temperature and the
ordinate of heat flow can be obtained by DSC test. The main
feature of power compensation DSC test is that the sample
and reference have independent heaters and heat sensors.
The temperature difference between the sample and the
reference is equal to 0°C by adjusting the heating power of
the sample, so that the heat flow rate can be directly cal-
culated from the compensated power using

dQ, dQ,
AW = -
dt dt
(D
_d
de’

where AW is the compensated power; dQ./dt is the heat
supplied to the sample per unit time; dQ,/dt is the heat
supply per unit time of the reference object, and dH/dt is the
rate of change in enthalpy.

The heat absorbed or released per unit mass of PCM in
the process of phase transformation is known as the phase-
change enthalpy, which is equal to the change in enthalpy of
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FIGURE 1: Morphology picture of MPCM.
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FIGURE 2: Heat flux curve with temperature during its melting and curing process.
TaBLE 2: Physical properties of cement.
. Compressive Flexural
: . Setting
Testing Specific Standard time (min) Soundness strength strength
items area (m*/kg) consistency (MPa) (MPa)
Initial set Final set 3d 28d 3d 28d
P-042.5 327 27.2 162 213 Qualified 27.2 54.9 5.7 8.8

TABLE 3: Quality testing of P-O42.5 cement.

Testing item Loss on ignition (%) SO; (%) MgO (%) Chlorine ion content (%) Alkali content (%)
P-0O42.5 0.34 2.81 2.30 0.023 0.52
TaBLE 4: Mix proportion of MPCM-LWAC specimens by using the method of equal mass substitution.
Specimens V\([;tjr Cement LWAC LXF/A MPCM Water-cement Sand ratio
P § (kg/mS) (kg/ms) § (kg/m3) ratio
m’) m’)
MPCM-LWAC-0.0% 187.0 311.7 455.5 845.800 0.000
MPCM-LWAC-2.5% 187.0 311.7 455.5 824.655 21.145
MPCM-LWAC-5.0% 187.0 311.7 455.5 803.510 42.290 0.60 0.65
MPCM-LWAC-7.5% 187.0 311.7 455.5 782.370 63.435
MPCM-LWAC-10% 187.0 311.7 455.5 761.220 84.580
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FIGURE 3: Specimen making and experimental equipment.

the system in the process of phase transformation in
quantity. Therefore, the enthalpy of tested sample can be
calculated according to equation (2).

L dH
AH = | ——dt, 2

J y, dt @
where AH is the enthalpy of PCM, ¢, and t, are the start time
and end time of DSC peak respectively, and dH/dt is the rate
of change in enthalpy.

3.2.3. Calculation Principle of Specific Heat Capacity.
Specific heat capacity of tested sample was determined by using
the comparative method (Figure 4). The DSC curves of empty
crucible, sapphire, and the sample were tested from T1 to T2
under the same experimental conditions. The DSC curve of the
empty crucible was taken as the baseline. According to the DSC
curve position of sample and sapphire, the calculation formula
of specific heat capacity of sample was deduced:

Cp=6 .T.g, (3)

where C, and 61, are the specific heat capacity of sapphire
and the sample to be determined, respectively, J/ge°C. m and
m are the mass of sapphire and sample to be determined,
respectively, g. y and ¥ are the range differences between the
sample to be determined and sapphire on the ordinate.

4. Analysis of Experimental Result
4.1. Mechanical Properties Analysis of MPCM-LWAC

4.1.1. Effect of MPCM Content on Tensile and Compressive
Strengths of MPCM-LWAC. The tensile and compressive
strengths of MPCM-LWAC with different MPCM content
are shown in Figures 5 and 6. From Figures 5 and 6, it can be
found that the tensile and compressive strengths of MPCM-

dH (dt) 4

Sapphire

Sample

Baseline y v

» t(min)

(a)

—
N}

T (K) A

!

» t (min)

()

FIGURE 4: Calculation principle diagram of specific heat capacity
based on the DSC curve.

LWAC decreased with the increase of MPCM content.
Compared with MPCM-LWAC-0.0% specimen, the tensile
strength of MPCM-LWAC-2.5%, MPCM-LWAC-5.0%,
MPCM-LWAC-7.5%, and MPCM-LWAC-10.0% specimen
decreased by 10.66%, 21.31%, 34.84%, and 45.49%, and their
compressive strength decreased by 8.27%, 22.3%, 49.62%,
and 52.63%, respectively. The functional relationship
showing the influence of MPCM content on the tensile and
compressive strengths conforms with

0, = —1.468pcy + 26.85, (4)

O't = _0'11£MPCM + 2.45, (5)
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FIGURE 5: The relation curve between splitting tensile strength and MPCM content.
32 4 According to Figures 7(a) and 7(b), the compressive
strength of MPCM-LWAC-0.0% specimen undergoing
28 1 § § § § phase-change cycle numbers of 50, 100, 150, and 200 varied
= o4 8.27% 2293% © 49.62%  52.63% by decreasing —0.38%, 0.77%, 0.38%, and 1.14%, respec-
S Il | PN ' 15030  tively. The compressive strength of MPCM-LWAC-5.0%
L: 20 - e specimens decreased by —0.47%, —0.09%, 0.46%, and 1.93%,
z y 34630  respectively. The compressive strength of MPCM-LWAC-
2 16 - 0= -1.46€\1pc+26.85 ~_ 10.0% specimens decreased by 0.58%, 1.75%, 2.92%, and
é R2=10.978 : : 5.97% 3.51%, respectively. When the MPCM content was 2.5% and
g 12 4 the phase-change cycle numbers was 200, the compressive
g strength variation decreased the maximum value of 3.72%.
o 81 From Figures 8(a) and 8(b), after the specimen subjected
4 to phase-change cycle numbers of 0, 50, 100, 150, and 200,
the splitting tensile strength variation of MPCM-LWAC-
0 : : : : : 0.0% specimen decreased by 0.81%, 0.41%, 0.81%, and 1.22%,
0.0 2.5 5.0 7.5 10.0 respectively. The variations of the tensile strength of MPCM-
MPCM content eypcp (%) LWAC-5.0% specimens decreased by 0.51%, 1.02%, 2.03%,
) and 3.04%, respectively. The compressive strength variations

—— Linear fitting curve of g,

FIGURE 6: The relation curve between compressive strength and
MPCM content.

where o, and o, are the compressive strength and tensile
strength of MPCM-LWAC, respectively, MPa; &ypcy 1S mass
fraction of MPCM content, %.

4.1.2. Effect of Phase-Change Cycle Numbers on Tensile and
Compressive Strengths of MPCM-LWAC. Figures 7(a) and
8(a) show the change law of compressive and tensile strength
of MPCM-LWAC with the number of phase-change cycle.
Figures 7(b) and 8(b) show the change amount of com-
pressive and tensile strength of MPCM-LWAC specimen
subjected to different phase-change cycle numbers.

of the MPCM-LWAC-10.0% specimens decreased by 1.44%,
2.16%, 2.88%, and 4.32%, respectively. When the MPCM
content was 7.5% and the phase-change cycle numbers were
200, the splitting tensile strength variation decreased the
maximum value of 4.90%.

According to the above results, it can be concluded that
the compressive strength and splitting tensile strength of
MPCM-LWAC exhibit decreasing trend with the increase of
phase-change cycle numbers. However, the decreasing
amount for both strengths are not more than 5%, which is
not enough to affect the normal use of the material.

4.2. Analysis of Thermal Properties of MPCM-LWAC

4.2.1. Effect of MPCM Content on Enthalpy of MPCM-
LWAC. Figures 9(a) and 9(b) are the DSC curves of MPCM-
LWAC specimens with different MPCM contents.
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temperature of MPCM-LWAC in the curing process lags

behind its peak temperature in the melting process.

It can be seen from Figures 9(a) and 9(b) that the phase-
change temperature range and calorimetric signal shape
displayed on the DSC curve of MPCM-LWAC depend on the

DSC curve of MPCM (Figure 2). In addition, there are two

The melting enthalpy and curing enthalpy of MPCM-

LWAC with different MPCM contents were calculated

according to (2). As can be seen from Figure 10, the melting
enthalpy and curing enthalpy of MPCM-LWAC are posi-

obvious differences between DSC curves in the melting and

tively correlated with the MPCM content. The mixture of
LWAC with MPCM does not affect the enthalpy of MPCM.

curing process. One is that there are two peaks in DSC curves
during the curing process, which are caused by the solid-
liquid phase transformation of MPCM. Other is that the peak
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Melting enthalpy of MPCM-LWAC is slightly larger than its
curing enthalpy, and the difference is more obvious with the
increasing amount of MPCM.

4.2.2. Effect of Phase-Change Cycle Numbers on the Enthalpy
of MPCM-LWAC. DSC test was carried out to measure
specific heat capacity of MPCM-LWAC with the different
phase-change cycle numbers of 0, 50, 100, 150, and 200. The
specific heat capacity of MPCM-LWAC was calculated
according to (3) (here, specific heat capacity refers to the
average of the specific heat capacity at each temperature
point). The calculation results are shown in Figure 11. From
Figure 11, the maximum and minimum enthalpy of MPCM-
LWAC with different MPCM contents were obtained.

Undergoing 0, 50, 100, 150, and 200 phase-change cycle
numbers, the variation in enthalpy of MPCM-LWAC with
different MPCM contents of 2.5%, 5.0%, 7.5%, and 10%
during the melting process are 7.16%, 9.49%, 6.57%, and
3.94%, respectively. The variation in enthalpy during the
curing process are 6.22%, 3.11%, 5.30%, and 1.16%, re-
spectively. This suggests that when the phase-change cycle
numbers are less than 200, the phase-change cycle has little
influence on the latent heat.

Under different phase-change cycle numbers, the en-
thalpy obtained by DSC test has no obvious and regular
trend. That is, the enthalpy of MPCM-LWAC may increase
or decrease with the increase of phase-change cycle num-
bers. The reason for this phenomenon is that DSC test re-
quires the sample to be uniform. However, it cannot be
guaranteed that the MPCM content contained in each group
of samples is fixed, nor that the content of other components
is consistent.

4.2.3. Effect of MPCM Content on Specific Heat Capacity of
MPCM-LWAC. The specific heat capacity of MPCM-
LWAC is calculated according to (3), and the results are
shown in 12.

Comparing Figures 12(a) and 12(b), the specific heat
capacity of MPCM-LWAC-0.0% always stays within the
range of 1.210+0.05]J/g°C during the whole process of
heating and curing, which suggests that temperature has
little effect on the specific heat capacity of MPCM-LWAC-
0.0%.

Within the phase transition temperature range
(20-30°C), the specific heat capacities of MPCM-LWAC-
2.5%, 5.0%, 7.5%, and 10% increase rapidly, and the increase
of specific heat capacity is proportional to the MPCM
content, which is determined by the phase-change charac-
teristics of MPCM. The specific heat capacity of MPCM-
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LWAC remains unchanged outside the phase transition
temperature range.

The change trend of specific heat capacity of MPCM-
LWAC with temperature is consistent with that of MPCM,
and the horizontal coordinate of peak point is also the same
as that of MPCM, which indicates that the phase-change
characteristics of MPCM determine that of MPCM-LWAC.

4.2.4. Effect of Phase-Change Cycle Numbers on Specific Heat
Capacity of MPCM-LWAC. Figures 13(a) and 13(b) are the
effect of the phase-change cycle numbers on the specific heat
capacity of MPCM-LWAC.

From Figures 13(a) and 13(b), it can be found that when

the phase-change cycle numbers are less than 200, the phase-
change cycle has little influence on the specific heat capacity.



Advances in Civil Engineering

14 16 18 20

12
A Somani et al. (India, 2014[25])
(France, 2015!26])
A Ma et al. (China, 2018[27))

® Lecompte et al.
% Test results in this research

10
PCM content (%)

Ouni et al. (France, 2014[20])
@ Pilehvar et al. (Norway, 201718)

storage aggregate
® Hunger et al. (Netherlands, 20091191

® Jayalath et al. (Australia, 20161230

A Concrete mixed with shape stabilized
A Kheradmand et al. (Portugal, 201924))

® Concrete mixed with MPCM

2.0

10

o
=
£
(%)
s 8 8 g
L m m m >
NzzzzzzzZZZZZZZZZZ 2 5 o o
~ RTINS 2 25 g
~ Cr2222222222222227222722227272227 272722 2
¥ 7% M o
0~
it 77777700007 R 2
SOIIIN000CONNIONNNNYY- 7 32 = < Py
& 2222222222222, g
e = g T
3 s =
w
7770277 - N2
~ SIS o § G
L] =] —~
ZIMiNIMY  — § - R <) W
[}
Z 3 3835 2
7777222227, ., ¥ 558 =
1) ? L]
e, © = g E2 EZ S
~ MRy - mrm mm S
g = Bl = — e
(SINANANNN ES B2 ED 3
D! S =2 =2g=& >
- o S N Z <
[Te} / Q
M % ” - - W
T T T T
% 9 = B o
— — — — <
(D6°8/1) £fyoedes yeay oyroads & <o < <
Q
5= [ J
[ ey
 ALATATII I NI L LR RL R AR RANRNNAY g g & 3 <
) g 35 3 o
2 AT = 535 o °
o 7777277777777/ 2B g =
= -~
< 72 7 N g
— SESSSSSSSSSSSSS m m m ° <
N — ~
] S S 2 L
© s
A TSSOSO Z m <
— & =}
I ANAAAANNNNNNNNNNNNNY = v ®
n — Q
— ATITIIIIINRRY- - § & <
© =)
7 MIMIHIrI o ros;sl ] - -C) MS ° °
- 83 58 <
wn M © < <
Qv A =
S 72227, ., £5 5% o o o e(o 4« <
— : g o g2 [}
= Y, = . 8 8 £ 54 3 o } : _ : _ : _ . _
Z MIlIIIrT RS . mm g < < o T
s & =] mﬁ o o (=3 f=} f=} (=3 (=}
AN EZEC ET R a © N = “ -
] 538 8% £ g e=RY] (edIN) PSuans uorssarduwo)
>Ry © o= 2525 5 B
& S NN T o
2Ny N N S
T T T T T . = <
0 © = N 2 = g
— — — — — ny ~
-
(Do 8/() £10vdeD JROY DYIadg M s
BT
5
ﬂ.lu. —~
2

FIGURE 14: The relation curve between compressive strength and PCM content by different researchers.
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The maximum variation of the specific heat capacity is 1.33%
(the specific heat capacity refers to the average of the specific
heat capacity in the range of —10~60°C).

Based on the influence of the phase-change cycle
numbers on the specific heat capacity of MPCM-LWAGC, it is
concluded that the MPCM-LWAC exhibits a good thermal
stability, which is of great significance to the application of
energy storage lightweight aggregate concrete.

5. Discussion

In order to reveal the influence of PCM content, preparation
method and testing method on mechanical and thermal
properties of PCM-concrete, experimental results from
different scholars are summarized and presented in Fig-
ures 14 and 15, respectively, and they are compared with the
results of this study.

From Figure 14, the compressive strength of PCM-
concrete tested by different scholars has a wide range
(varying from 17 to 75 MPa), which is mainly caused by the
differences in raw material selection, mix ratio determina-
tion, and preparation process. The trend of experimental
results in this study is similar with that of other researchers
in Figure 14, namely, the addition of PCM will inevitably
lead to the reduction of concrete compressive strength.
Notably, the main difference between the research results of
various scholars in Figure 14 is that the compressive strength
of different PCM-concrete varies greatly. The MPCM-
LWAC selected in this paper has lower strength, which

mainly depends on the properties and content of raw
materials.

There are three main reasons for the reduction of
concrete strength caused by the addition of MPCM. The first
reason is that the mechanical properties of MPCM are
weaker than that of the replaced sand, the second reason is
that the porosity of the MPCM-LWAC increases with the
increase of MPCM content, and the third reason is that the
larger the MPCM content, the stronger the aggregation effect
of MPCM, causing uneven distribution of concrete
compositions.

From Figure 15, the addition of PCM will inevitably lead
to an increase in the specific heat capacity of concrete, and
the increase is positively correlated with the amount of PCM.
This phenomenon indicated that the PCM content greatly
affects the specific heat capacity of PCM concrete. In ad-
dition, PCM shows good chemical stability in the hydration
reaction of concrete mix. In terms of function, the larger the
specific heat capacity of PCM concrete, the more beneficial it
is to adjust the indoor temperature. Compared with the
experimental results from other scholars in Figure 15, the
MPCM-LWAC selected in this research has larger specific
heat capacity.

According to literature [30], the strength of MPCM-
LWAC in this research can be further improved by adjusting
the cement grade, increasing the content of cement and sand
rate, while keeping the specific heat capacity unchanged,
which helps to expand the scope of application of this
material.
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6. Conclusion

Mechanical and thermal properties of shale ceramsite
concrete with different MPCM contents and different phase-
change cycle numbers have been investigated. The optimal
mixture ratio is determined, and the MPCM-LWAC spec-
imens with different MPCM content were prepared. Sub-
sequently, the mechanical and thermal properties of MPCM-
LWAC specimens were studied. The experimental results are
as follows:

(1) The mechanical properties of MPCM-LWAC are
negatively correlated with the MPCM content. The
tensile and compressive strengths of MPCM-LWAC
decrease linearly with the increase of the MPCM
content. Compared with MPCM-LWAC-0.0%
specimens, the tensile strengths of MPCM-LWAC-
2.5%, MPCM-LWAC-5.0%, MPCM-LWAC-7.5%,
and MPCM-LWAC-10.0% specimens decreased by
10.66%, 21.31%, 34.84%, and 45.49%, respectively.
The compressive strengths decreased by 8.27%,
22.93%, 49.62%, and 52.63%, respectively.

(2) The enthalpy of MPCM-LWAC is positively corre-
lated with the MPCM content. Outside the phase-
change temperature range, the specific heat capacity
of MPCM-LWAC does not change with the change
of temperature, but inside the phase-change tem-
perature range, the specific heat capacity of MPCM-
LWAC changes greatly with the change of
temperature.

(3) With the increase of phase-change cycle numbers,
the compressive strength, tensile strength, and
specific heat capacity of MPCM-LWAC gradually
decrease, but the strength decrease percentage is less
than 5%, and the maximum specific heat capacity
decrease percentage is 1.33%, which is not enough to
affect the normal use of the MPCM-LWAC.

(4) The mechanical and thermal properties of MPCM-
LWAC are comprehensively revealed in this paper,
which provides a basis for the use of this material as
partition wall.

In further research, the mechanical and thermal prop-
erties of MPCM-LWAC are expected to improve by
adjusting cement grade, cement and MPCM content, sand
rate, etc. Such research studies help to optimize the me-
chanical and thermal properties and then to expand the
application range of MPCM-LWAC materials.

Data Availability

The raw/processed data required to reproduce these findings
cannot be shared at this time as the data also form part of an
ongoing study.

Conflicts of Interest

The authors declare that they have no conflicts of interest.

Advances in Civil Engineering

Acknowledgments

This study was sponsored by the National Natural Science
Foundation of China (nos. 50649028, 50979092, and
52208289).

References

[1] S.Xian, A. M. Shazim, and C. Wai, “Experimental assessment
of position of macro encapsulated phase change material in
concrete walls on indoor temperatures and humidity levels
[J1,” Energy and Buildings, vol. 71, pp. 80-87, 2014.

[2] J. Wang, J. Han, and J. Chen, “Experimental and numerical

study on the dynamic response of a superthick backfill

subgrade under high-speed railway loading: a case study of

Qianjiang-Zhangjiajie-Changde Railway [J],” Journal of

Construction Engineering and Management, vol. 14, no. 15,

p. 3215, 2022.

S. Drissi, T. C. Ling, K. H. Mo, and A. Eddhahak, “A review of

microencapsulated and composite phase change materials: a,”

Renewable and Sustainable Energy Reviews, vol. 110,

pp. 467-484, 2019

[4] A. Alessandro, A. L. Pisello, and C. F. Fabiani, “Multifunc-
tional smart concretes with novel phase change materials:
mechanical and thermo-energy investigation [J],” Applied
Energy, vol. 212, pp. 1448-1461, 2018.

[5] Y. Xue, J. Liu, P. G. Ranjith, Z. Gao, and S. Wang, “Exper-

imental investigation of mechanical properties, impact ten-

dency, and brittleness characteristics of coal mass under
different gas adsorption pressures,” Geomechanics and Geo-

physics for Geo-Energy and Geo-Resources, vol. 8, no. 5, p. 131,

2022.

T. C. Ling and C. S. Poon, “Use of phase change materials for

thermal energy storage in concrete: an overview,” Construc-

tion and Building Materials, vol. 46, no. 8, pp. 55-62, 2013.

[7] M. Z. Haider, X. H. Jin, R. Sharma, and J. W. Pei Hu, “En-
hancing the compressive strength of thermal energy storage
concrete containing a low-temperature phase change material
using silica fume and multiwalled carbon nanotubes,” Con-
struction and Building Materials, vol. 314, Article ID 125659,
2022.

[8] Y. Xue, P. G. Ranjith, Y. Chen, G. Cai, and X. Liu, “Nonlinear
mechanical characteristics and damage constitutive model of
coal under CO2 adsorption during geological sequestration,”
Fuel, vol. 331, Article ID 125690, 2023.

[9] J. Y. Liu, S. F. Jia, X. X. Lin, W. Cao, and W Guo Sun,
“Fabrication of thermal energy storage wood composite based
on shape-stable phase change material,” Materials Research
Express, vol. 8, no. 5, Article ID 055304, 2021.

[10] J. Han, D. Liu, Y. Guan, L. Chen, J. Yan, and Y. Zhao, “Study
on shear behavior and damage constitutive model of tendon-
grout interface,” Construction and Building Materials,
vol. 320, Article ID 126223, 2022.

[11] U. Berardi and A. A. Gallardo, “Properties of concretes en-
hanced with phase change materials for building applica-
tions,” Energy and Buildings, vol. 199, pp. 402-414, 2019.

[12] Z. Na, S. Li, and P. Hu, “A review on applications of shape-
stabilized phase change materials embedded in building en-
closure in recent ten years [J],” Sustainable Cities and Society,
vol. 43, pp. 251-264, 2018.

[13] Y. Xue, J. Liu, and P. G. Ranjith, “Changes in Microstructure
and Mechanical Properties of Low-Permeability Coal Induced
by Pulsating Nitrogen Fatigue Fracturing Tests [J],” Rock
Mechanics and Rock Engineering, 2022.

[3

[6



Advances in Civil Engineering

(14]

(15]

(16]

(17]

(18]

(19]

[20]

(21]

[22]

(23]

(24]

(25]

(26]

(27]

Y. P. Cui, J. C. Xie, J. P. Liu, and S. WangChen, “A review on
phase change material application in building,” Advances in
Mechanical Engineering, vol. 9, no. 6, pp. 168781401770082—
15, 2017.

M. Li and J. Shi, “Review on micropore grade inorganic
porous medium based form stable composite phase change
materials: preparation, performance improvement and effects
on the properties of cement mortar,” Construction and
Building Materials, vol. 194, pp. 287-310, 2019.

P. K. S. Rathore, N. K. Gupta, D. Yadav, k. Shu, and S. Kaul,
“Thermal performance of the building envelope integrated
with phase change material for thermal energy storage: an
updated review,” Sustainable Cities and Society, vol. 79, Ar-
ticle ID 103690, 2022.

O. Pons, A. Aguado, A. I. Ferndndez, and J. M. Cabeza
Chimenos, “Review of the use of phase change materials
(PCMs) in buildings with reinforced concrete structures,”
Materiales de Construccién, vol. 64, no. 315, pp. e031-11, 2014.
S. Pilehvar, V. D. Cao, A. M. Szczotok, S. Valentini,
P. Magistri, and A. L. Kjoniksen, “Mechanical properties and
microscale changes of geopolymer concrete and Portland
cement concrete containing micro-encapsulated phase
change materials,” Cement and Concrete Research, vol. 100,
pp. 341-349, 2017.

M. Hunger, A. G. Entrop, I. Mandilaras, and M. Brouwers
Founti, “The behavior of self-compacting concrete containing
micro-encapsulated Phase Change Materials,” Cement and
Concrete Composites, vol. 31, no. 10, pp. 731-743, 2009.

A. E. Ounj, S. Drissi, and J. Colin, “Experimental and multi-
scale analysis of the thermal properties of Portland cement
concretes embedded with microencapsulated Phase Change
Materials (PCMs) [J],” Applied Thermal Engineering, vol. 64,
pp. 32-39, 2014.

L. Zhu, F. N. Dang, Y. Xue, and W. Jiao Ding, “Multivariate
analysis of effects of microencapsulated phase change mate-
rials on mechanical behaviors in light-weight aggregate
concrete,” Journal of Building Engineering, vol. 42, Article ID
102783, 2021.

Z. S. Chen and X. S. Ge, Calorimetry and Determination of
thermal Properties [M], University of Science and Technology
of China Press, Hefei, Anhui, China, 1990.

A. Jayalath, R. San Nicolas, M. Sofi, N. A. Shanks, and
P. Mendis, “Properties of cementitious mortar and concrete
containing micro-encapsulated phase change materials,”
Construction and Building Materials, vol. 120, pp. 408-417,
2016.

M. Kheradmand, R. Vicente, M. Azenha, and J. L. de Aguiar,
“Influence of the incorporation of phase change materials on
temperature development in mortar at early ages: experiments
and numerical simulation,” Construction and Building Ma-
terials, vol. 225, pp. 1036-1051, 2019.

P. Somani and A. Gaur, “Evaluation and reduction of tem-
perature stresses in concrete pavement by using phase
changing material,” Materials Today Proceedings, vol. 32,
pp. 856-864, 2020.

T. Lecompte, P. Le Bideau, P. Glouannec, L. Nortershauser,
and S Masson, “Mechanical and thermo-physical behaviour of
concretes and mortars containing phase change material,”
Energy and Buildings, vol. 94, pp. 52-60, 2015.

Q. Y. Ma and M. Bai, “Mechanical behavior, energy-storing
properties and thermal reliability of phase-changing energy-
storing concrete,” Construction and Building Materials,
vol. 176, no. 10, pp. 43-49, 2018.

(28]

(29]

(30]

13

V. D. Cao, S. Pilehvar, C. Salas-Bringas, R. Szczotok,
A. M. Carmona, and A. L. Kjeniksen, “Microencapsulated
phase change materials for enhancing the thermal perfor-
mance of Portland cement concrete and geopolymer concrete
for passive building applications,” Energy Conversion and
Management, vol. 133, pp. 56-66, 2017.

L. Zhu, F. N. Dang, Y. Xue, and K. Ding Jiao, “Experimental
investigation of the thermal and mechanical properties of
lightweight aggregate concrete mixed with microencapsulated
phase change materials,” International Journal of Energy
Research, vol. 45, no. 9, pp. 12864-12878, 2021.

P.J. Liand X. b. Liu, “Fundamental mechanical properties of
concrete with high strength expanded shale [J],” Journal of
Building Materials, vol. 7, no. 1, pp. 113-116, 2004.



Hindawi

Advances in Civil Engineering

Volume 2022, Article ID 2473721, 10 pages
https://doi.org/10.1155/2022/2473721

Research Article

@ Hindawi

Simplified Calculation Method for Overlying Pipeline
Deformation Induced by Tunnel Construction in Soil Based on the

Energy Principle

Minghui Yang 9, Tao Yang,' and Bo Deng

3

College of Civil Engineering, Hunan University, Changsha 410082, Hunan, China
’Department of Civil Engineering, Xiamen University, Xiamen 361005, Fujian, China
*College of Civil Engineering, University of South China, Hengyang 421001, Hunan, China

Correspondence should be addressed to Bo Deng; parl_d@126.com

Received 21 July 2022; Accepted 12 September 2022; Published 3 October 2022

Academic Editor: Pengjiao Jia

Copyright © 2022 Minghui Yang et al. This is an open access article distributed under the Creative Commons Attribution License,
which permits unrestricted use, distribution, and reproduction in any medium, provided the original work is properly cited.

The deformation of the overlay pipeline caused by the excavation of the soil tunnel in the case of small spacing cannot be ignored.
Based on the experience of previous engineering, this paper assumes that the settlement of the overlying pipeline caused by tunnel
excavation satisfies the basic morphology of Gaussian distribution. On this basis, the soil displacement is converted into load
acting on the pipeline, and the energy variation principle is introduced, and the energy variation equation of the pipe-soil system is
established, which is iteratively solved based on the principle of minimum potential energy, so as to obtain the calculation method
of overlay pipeline vertical deformation caused by soil tunnel excavation, which is more simple and practical than the previous
method. The calculation results were compared with the existing tests and engineering examples to verify the correctness of the
proposed formula. Finally, the influence of pipeline material, formation loss rate, and intersection angle between the tunnel and
pipeline on pipeline vertical deformation was analyzed. The comparative analysis shows that the pipeline deformation decreases
with the increase of tunnel angle and pipeline elastic modulus, but increases with the increase of formation loss rate.

1. Introduction

There are a large number of deep loess in Northwest and
North China, with a maximum thickness of more than 400
meters [1], so most tunnel projects in this area do not enter
the rock stratum, but cross the soil layer to form soil tunnels.
In addition, due to the large number of pipeline projects
such as west to east gas transmission pipeline and municipal
pipeline in this region, there are many soil tunnels under the
existing pipeline projects [2-4]. Compared with the rock
tunnel, the excavation stability of soil tunnel is relatively
poor, which may cause large deformation of the overlying
soil, and then cause the disturbance of the pipeline, and even
affect the normal use of the overlying pipeline in serious
cases. Therefore, the reasonable calculation of the

deformation value of the overlying pipeline during the ex-
cavation of the soil tunnel has become one of the most
concerned issues in this type of engineering [5, 6].

For the calculation of the deformation of the overlying
pipeline caused by the tunnel excavation, the commonly
used methods for predicting the deflection of the pipeline
mainly include theoretical calculation [7-10], numerical
simulation [11-13], and model test [14-16]. Among them,
the accuracy of numerical simulation depends to a large
extent on the selection of soil constitutive model and
parameters, and the complexity of modeling is not con-
venient for engineering popularization and application;
however, the input of the model test is large, time-con-
suming, and often different from the engineering practice,
which affects the prediction results. Therefore, under the


mailto:parl_d@126.com
https://orcid.org/0000-0002-0773-4061
https://orcid.org/0000-0002-4679-1165
https://creativecommons.org/licenses/by/4.0/
https://creativecommons.org/licenses/by/4.0/
https://doi.org/10.1155/2022/2473721

premise of the allowable accuracy of the design, according
to the pipe-soil interaction model caused by tunnel ex-
cavation, the analytical approximate solution which is
convenient for engineering practice is still the first choice
to solve this problem.

The elastic foundation beam method and the energy
variational method are common methods for analyzing the
deformation of pipelines, both of which assume that the
pipeline is an elastic foundation beam and its bending de-
formation occurs along the longitudinal direction. Among
them, the former generally uses the difference method to
solve the fourth-order deflection differential control equa-
tion, and the calculation process is complicated and requires
more segments to achieve better calculation accuracy, which
is not suitable for engineering applications. Compared with
the former, the latter has the advantages of simple integral
solution, no need to discretize the pipeline, and easy to
achieve ideal calculation accuracy, which is convenient for
popularization and application in practical engineering
[17-19]. For example, Zhou et al. [20] solved the defor-
mation of shield tunnel caused by foundation pit excavation
under the effect of the faulting of lining rings based on the
energy method; Zhu et al. [21] proposed a dynamic ana-
lytical model for the vibration reduction system of a floating
foundation supported by elastic components based on the
energy method and the Lagrange equation of motion. In
terms of pipeline deformation caused by tunnel excavation,
Liu et al. [22] calculated the vertical displacement of single-
and double-track tunnels passing through underground
pipelines based on the energy method. On this basis, Wei
et al. [23] further considered the characteristics of different
soils and proposed the calculation method of pipeline de-
formation caused by the construction of quasirectangular
shield or double-circle shield. It is still slightly complicated,
which limits its engineering promotion and application.

In view of this, based on the previous research results,
this paper further simplifies the calculation on the basis of
clarifying the basic form of soil and overlying pipeline de-
formation caused by tunnel excavation and puts forward a
concise calculation method of pipeline deformation caused
by soil tunnel excavation based on energy method and
compared with the results of centrifuge test, engineering
example, and existing literature. It has certain guiding
significance for practical engineering.

2. Computational Models and Assumptions

Due to the complexity of the tunnel-pipe-soil interaction in
the process of tunnel excavation, it is difficult to use direct
modeling for analysis, and most of them use the two-stage
method for approximate theoretical analysis [24, 25]. First,
calculate the vertical displacement of soil caused by tunnel
excavation at the pipeline axis (ignoring the influence of
pipeline). On this basis, a pipe-soil interaction model is
established, the soil deformation result is regarded as an
external load, the obtained soil-free displacement is applied
to the pipeline, the vertical load deformation balance dif-
ferential equation of the pipeline is established and solved,
and then an energy equation to solve for pipe deformation
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was constructed. For the convenience of calculation, the
basic assumptions used in this paper are as follows:

(1) Both the pipeline and the soil are continuous ho-
mogeneous bodies, and the sectional dimension
change caused by the pipeline deformation is
ignored.

(2) The foundation under the pipeline is regarded as the
Pasternak foundation, and the pipeline is regarded as
a homogeneous, continuous Euler beam.

(3) The pipe and soil are always in contact, and the
stratum loss remains unchanged.

2.1. Tunnel Excavation-Induced Formation Deformation
Mode. According to the above ideas, the deformation of soil
layer during tunnel excavation can be calculated first. From
Reference [26], according to a large number of engineering
examples, it is found that the stratum settlement curve
perpendicular to the tunnel axis caused by ground loss
during tunnel excavation roughly conforms to the following
function (see in Figure 1):

S (x,) = Smax exp {_ (;CIIZ) :|>

S

s = nR211

max

i, V2m

where x' is the distance from the tunnel axis; S(x') is the
ground surface settlement at x" and S, is the maximum
value of ground surface settlement; # is the formation loss
rate; R is the tunnel radius; and i is the distance from the
center of symmetry of the soil settlement curve to the in-
flection point of the curve, which is generally called “set-
tlement trough width.” According to Jiang et al. [27], the
inflection point of soil settlement curve is as follows:

H\% 0.3
iS:I.ISR(—) (1—3> , (2)
2R H

where z is the depth from the surface. If it is assumed that
there is an angle 6 between the soil profile and the tunnel
axis, the Peck formula can be modified as follows:

.2
S(x) = S, x €XP [_(36521—20)]
i

(3)

S

2.2. Pipeline Deformation Induced by Tunnel Excavation.
Tunnel excavation will inevitably cause deformation of the
overlying pipeline. For flexible pipelines, Zhu et al. [14] and
Wang et al. [15] showed through similar indoor model test
results that the deformation of the overlying pipeline is in a
good agreement with the distribution of Gaussian curve
during tunnel excavation. While Han et al. [7], Gu et al. [8],
and Klar et al. [9] proved that the pipeline deformation
mode using Gaussian distribution is more reasonable from
the point of view of theoretical analysis. For this reason, the



Advances in Civil Engineering

Ground
settlement

Tunnel

excavation Q R

FIGURE 1: Soil settlement caused by tunnel excavation.

pipeline deformation model is still used in this paper, and
the calculation model is shown in Figure 2, and the pipeline
deformation function is as follows:

2
w(x) = Aexp |:—x—2:|, (4)
21
P

where x is the distance from a point on the pipeline to the
center of symmetry of the settlement curve; w(x) is the
vertical deformation at coordinate x on the pipeline; A is the
maximum vertical deformation of the pipeline; and i, is the
distance from the center of symmetry of the pipeline set-
tlement curve to the inflection point of the curve, which is
called “pipeline settlement tank width.” According to
equation (4), the vertical deformation of the pipeline can be
solved only if the values of A and i, are required.

3. Solution of Pipeline Deformation by
Energy Method

3.1. Construction of Energy Equation of Pipe-Soil System.
Figure 3 shows the interaction between the existing pipeline
and the newly excavated tunnel. The excavation of the tunnel
below will inevitably lead to the release of surface stress,
resulting in soil movement, and ultimately leading to the
longitudinal displacement difference of the overlying
pipeline. If the overlying pipeline and the soil between the
tunnel and the tunnel are taken as the research system, the
deformation effect of the soil above the pipeline is trans-
formed into load acting on the pipeline, while the soil below
the pipeline provides support for the pipeline, and the
pipeline is placed on an elastic foundation.

Among the common foundation models, the Winkler
foundation model and the Pasternak foundation model are
widely used, as shown in Figure 4. The Winkler foundation is
assumed to be composed of a series of continuously dis-
tributed, nonconnected discrete springs, which can give
satisfactory results to many practical problems. However,
the Winkler foundation cannot account for shearing be-
tween adjacent springs. Adopting the Winkler foundation
will overestimate the bending moment of the elastic beam
due to the discontinuity of adjacent springs [28].

If the Pasternak foundation model is used to simulate the
foundation soil beneath the pipeline, according to the as-
sumption (3) that tunnel excavation does not change the
formation loss rate, then the soil settlement function and

pipeline deformation function should meet the following
requirements:

V2mi S
NMSmax _ i A (5)
sin @ P
"
= : 6
’s0 sin 6 ©

Due to the existence of pipeline, there is a difference
between the vertical displacement of soil and the pipeline
deformation at the axis of the pipeline, that is, the relative
displacement of soil and pipe is S, =S(x)-w(x), then the
external force acted by soil displacement on the pipeline is as
follows:

d’s

F=K.S_, -G—r¢ (7)
dx

rel — 2
where K is the modified elastic modulus of soil, which can be
calculated by the method proposed by Vesic [29] and

modified by Attewell et al. [30] as follows:

_ 130E R|Ed*

K b
Epl,

(8)
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where E,l, is the bending stiffness of pipeline, d is the
pipeline diameter, v is the soil Poisson’s ratio, and E is the
soil elastic modulus.

The work by the soil displacement on the pipeline can be
expressed as follows:

=2 6w -ww)

(9)

2 2
. [K(S(x) —w(x)) —G(d S(x) _d w(x)>]dx,

dx? dx’
where G is the foundation shear stiffness, which can be
calculated by the value suggested by Tanahashi [28]:

_ Eh
Te(1+v)

(10)

where h is the depth affected by the tunnel deformation in
the Pasternak foundation model. Xu [31] suggested that h
should be 2.5 times the diameter of the pipeline, that is,
h=2.54d.
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FIGURE 2: Deformation calculation diagram of pipeline during tunnel excavation. (a) In the x-z plan and (b) in the y-z plan.
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FIGURE 3: Deformation calculation diagram of pipeline during tunnel excavation. (a) Plan view. (b) Cross section view.
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FiGure 4: Two different foundation models. (a) Winkler foundation model. (b) Pasternak foundation model.

The bending strain energy of the pipeline is as follows:  3.2. Pipeline Deformation Solution. According to the prin-
E I oo /g2 ) ciple of minimum potential energy, the real displacement
. = P_PJ (d w (x)> dx. (11)  field of the pipe-soil system makes the total potential energy

P 2 dx? functional take the minimum value, then:

—00

Then, the total potential energy of the systemis [[ =[], + oIl oIl N oIy (12)
A SA A
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Substituting equations (9) and (11) into equation (12)
yields the following:

+00 2 2 2 +00
E,I, Ji 0 w(aaji/ax .ag;(zx)dx_Kji algj(qx) (S(x) - w(x)dx
(13)
G (" ow(x) (d°S(x) Fw(x) dw(x)ox’
2] ( R )“S(’C)‘“’(’“”a—Ad"—O’
J*OO E)Zw(x)/ax2 azw(x) ow (x) & (Y ow(x) azw(x) azu)(x)/ax2
—00 0A ' axZ A 0A w(x) dx_ij‘foo 0A ’ ax2 dx + 0A w(x)dx
(14)
+00 +00 2 2 2
[ [ S, Pl

where A =K/E,I, and e= G/E, I,

Substituting equations (2) and (4) and (5) and (6) into
equation (14) yields the following:

2
+00 2 2 +00 2 +00 1 2
J A<%—7> exp[—%:|dx+)tj Aexpl:—%jldx—sj A<x7—7>exp|:—%:|dx
-co lP lp lp -co lp -co lp lp lP
(15)
+oo 1 1 +oo 1 1 1 1 1 1
=AJ Smaxexp|:—< 2 +T>x2:|dx—fj Smax{(f-'—j X2 —<T+E>:|CXP{—<7+T>XZ:|dX.
- 2, 2ig 2)- i i, i 1, 2i,  2ig
Since equation (15) is difficult to calculate directly, it is
first expressed separately as follows, and then integrated and
simplified, respectively:
+00 2 1 2 2 3 A
J A(%—;) exp[—%]dx = LZ, (16)
-c0 L, 1 i, 4i »
+00 Xz
AJ Aexp|——[dx —/\A\/Elp, (17)
—00 IP
+00 S| . A
—ej A xT_E exp —).C—z dx —\/E—,e, (18)
o\ i, 1, i, 2i,
+00 1 1 \/E)LSmaxi i59
/\J‘ Smax eXp |:—<.2+'2>x2:|dx = .27.21)) (19)
—00 le 2139 lP + 159
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g [t 1 1)\, 1 1 1 11\, V27ES i plsg
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Substituting equations (5) and (16)-(20) into equation
(15) yields the following:

31 £ \/E(/Ufe + 5). V24 4
4 iT Ay F =2 aN\s + 2 2 \5p (1)
P p (lp + 159) (lp + 159)

Equation (21) is relatively complex and difficult to solve
directly. Therefore, this paper establishes the following it-

erative formula to solve iy

1/7

(iz +i?/sinzél)1'5 i e
Ut 4 2 S 5
ip _[M—T<3+4MP+2&P)_(sin26+1>l" . (22)

If the Winkler foundation model is used to simulate the
foundation soil beneath the pipeline, it is only necessary to
substitute ¢=0 into equation (21), then equation (22) de-
generates into:

4
1 3+4A1P
P

= V2| Asin®
where 0 is the angle between pipeline and tunnel. The author
suggests that the initial iteration value should be 7,0=(2~3)R,
so as to quickly obtain the final iteration value.
The parameters i, and A are obtained by solving si-
multaneous equations (5) and (16) to complete the calcu-
lation of pipeline deformation.

1/5
2 +(i,sin 6)° ] , (23)

4. Example Verification

4.1. Comparison with Field Measured Data. Ma [32] pro-
vided the measured data of shield tunnel excavation in a
certain section of the Shenzhen metro project (the Phase 1).
This section of the tunnel is located in gravelly clay and
sandy clay, which is a typical soil tunnel. The comparison
calculation parameters are as follows: the tunnel depth
H=14.4m, the tunnel diameter D=6m, the pipeline di-
ameter d =3 m, the pipeline wall thickness #=0.12 mm, the
pipeline elastic modulus E,=25GPa, the pipeline depth
z,=8.7m, the formation loss rate #=0.77%, the soil elastic
modulus E=8.2 MPa, the soil Poisson’s ratio v=0.3, the
bending stiffness of pipeline E, I, = 2.819 x 10'°N m’, and the
tunnel is orthogonal to the pipeline, that is, 0 =90 degree.

The comparison between the calculated results and the
measured values using equations (22) and (23) is shown in
Figure 5. The measured average maximum settlement value
of the pipeline is 8.30 mm, and the maximum settlement
values calculated based on the Pasternak foundation and
Winkler foundation are 8.63 mm and 8.55 mm, respectively.
The deviations between the two foundation models and the
measured values are 3.98% and 3.01%, respectively. It can be
seen that the calculation method in this paper is basically
consistent with the measured results, while the Pasternak

foundation is slightly larger than the Winkler foundation,
but the difference is small.

4.2. Comparison with the Centrifuge Test. Marshall et al. [5]
measured the vertical deformation of the pipeline caused by
tunnel excavation under the condition of centrifugal ac-
celeration of 75 g. Select #=0.5%, 1% for analysis, the main
calculation parameters are as follows: the tunnel depth
H =13.65m, the tunnel diameter D =4.65 m, the diameters
of the two pipelines d=2.6m and 0.66m, the bending
stiffness of pipeline Eplp=2.56x1010Nm2, 2.04x
108N-m2, and the pipeline depth z, = 5.6 m. The soil elastic
modulus E=19.52 MPa, the soil Poisson’s ratio v=0.4, the
test soil sample is dry sand, and the tunnel is orthogonal to
the pipeline, that is, =90 degree

For pipelines with small stiffness, the comparison be-
tween calculation results and test values by using the formula
in this paper is shown in Figure 6(a), Case 1: the formation
loss rate #=0.5%, the maximum deformation measured in
the test is 5.25 mm, the maximum deformation calculated
based on Pasternak foundation is 5.574 mm, while the
maximum deformation calculated based on Winkler foun-
dation is 5.573 mm, and the deviations between the calcu-
lated results and the measured values of the two foundation
models are 6.17% and 5.80%, respectively; Case 2: the for-
mation loss rate #=1%, the maximum deformation mea-
sured in the test is 11.25 mm, the maximum deformation
calculated based on Pasternak foundation is 11.148 mm,
while the maximum deformation calculated based on
Winkler foundation is 11.147 mm, and the deviations be-
tween the calculated results and the measured values of the
two foundation models are -0.907% and -0.915%,
respectively.

For pipelines with large stiffness, the comparison
between calculation results and test values by using the
formula in this paper is shown in Figure 6(b), Case 3: the
formation loss rate #=0.5%, the maximum settlement
measured in the test is 4.5 mm, the maximum deformation
calculated based on Pasternak foundation is 3.984 mm,
while the maximum settlement calculated based on
Winkler foundation is 3.959 mm, and the deviations be-
tween the calculated results and the measured values of
the two foundation models are —11.47% and —12.02%,
respectively; Case 4: the formation loss rate #=1%, the
maximum deformation measured in the test is 7.5 mm, the
maximum deformation calculated based on Pasternak
foundation is 7.97 mm, while the maximum deformation
calculated based on Winkler foundation is 7.92 mm, and
the deviations between the calculated results and the
measured values of the two foundation models are 6.27%
and 5.60%, respectively. In conclusion, the pipeline set-
tlement calculated by the method in this paper is in a good
agreement with the experimental values, and there is little
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FIGURE 6: Comparison of analytical solution against centrifuge test data. (a) Small stiffness pipeline and (b) large stiffness pipeline.

difference in the pipeline deformation calculated by the
two foundation modes for large and small stiffness
pipelines.

4.3. Compared with the Existing Literature. Compared with
the calculation method of Vorster et al. [33], the
calculation parameters are as follows: the tunnel depth
H =5m, the excavation diameter D =1.5m, the pipeline
diameter d=0.8m, the bending stiffness of pipeline
E,I,=1.05x 108 N m2, the pipeline depth z, = 1.5 m, the soil
elastic modulus E=14.32MPa, the soil Poisson’s ratio
v=10.25, and the tunnel is orthogonal to the pipeline, that is,
0=90°. Vorster et al. [33] gave the maximum settlement
value of free soil displacement Smax=13.6 mm, and the
inflection point of settlement trough is =2.6 m in the buried
depth of the pipeline.

The calculated results are shown in Figure 7. In this
paper, the maximum settlement of pipeline is calculated by
using Pasternak foundation and Winkler foundation as
11.93 mm and 11.89 mm, respectively. The maximum value
of pipeline settlement calculated by Vorster et al. is 12 mm,
and the difference between the results calculated by Pas-
ternak foundation and Vorster et al. is —0.583%, and the
difference between the results calculated by Winkler foun-
dation and Vorster et al. is —0.917%.

5. Parametric Studies

According to the influencing factors of pipeline deforma-
tion, the factors such as pipeline material, formation loss
rate, and pipe-tunnel intersection angle are analyzed. The
selected calculation parameters are as follows: buried depth
of tunnel axis H =15m, the tunnel diameter D =6 m, the
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pipeline diameter d=2m, and the pipeline wall thickness
t=0.12 mm. The soil elastic modulus E = 15 MPa and the soil
Poisson’s ratio v=0.3. To simplify the calculation, only
Pasternak foundation model calculation is used as an ex-
ample in the parameter analysis.

5.1. Pipeline Material. When the buried depth of the pipeline
axis is selected to be 3 m, which corresponds to the distance
between the axis of the pipe and the tunnel is 12 mm, the
angle between the tunnel and the pipeline 6 = 90 degree, and
the formation loss rate 17 =2%, the commonly used pipeline
material parameters are shown in Table 1.

The calculation results of pipeline deformation for dif-
ferent pipeline materials are shown in Figure 8. It can be seen
from the figure that as the stiffness of the pipeline increases,
the maximum deformation value of the pipeline decreases
gradually, while the width of the pipeline settlement tank
increases gradually.

5.2. Formation Loss Rate. The cast iron material in Table 1 is
selected to analyze the influence of formation loss rate on
pipeline deformation, and the intersection angle between the
tunnel and the pipeline 8 = 90 degree, and the formation loss
rate # = 1%, 2%, and 3%. The calculation results are shown in
Figure 9. It can be found from the figure that the maximum
settlement value of the pipeline gradually increases with the
increase of the formation loss rate, but the width of the
pipeline settlement tank remains unchanged, indicating that
the formation loss rate has a significant impact on the
pipeline deformation.

5.3. Intersection Angle. Selecting the formation loss rate
#=2% and the cast iron pipe in Table 1, the calculation
results of pipeline deformation under different tunnel in-
tersection angles between the tunnel and the pipeline (e.g.,
90 degree, 60 degree, and 30 degree) are shown in Figure 10.
It can be seen from the figure that as the angle between the
tunnel and the pipeline decreases, the maximum
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TaBLE 1: Material parameters of different pipelines.

Material name Elastic modulus (GPa) Bending stiffness

PVC pipe 3 9.432 x 10°N-m?
Concrete pipe 25 7.860 x 10°N-m”
Cast iron pipe 150 4716 x 10"°N-m?
Steel pipe 210 6.602 x 10'°N-m?
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FIGURE 8: Pipeline deformation under different pipeline materials.
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FIGURE 9: Pipeline deformation under different formation loss
rates.

deformation value of the pipeline gradually increases, and as
the angle between the tunnel and the pipeline decreases, the
problem is gradually transformed into a plane problem and
the corresponding maximum value of pipeline deformation
gradually approached the maximum value of soil settlement.
In addition, when the intersection angle between the tunnel
and the pipeline changes from 90 degree to 60 degree, the
increase in the maximum settlement of the soil is less than
that when the angle changes from 60 degree to 30 degree. To
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speak it simply, the width of the pipe settlement tank
gradually increases with the decrease of the intersection
angle between the pipe and tunnel. When the intersection
angle between the pipe and tunnel is close to 90 degree, the
calculation as 90 degree can meet the accuracy requirements,
but when the intersection angle between the pipe and tunnel
is far away from 90 degree, the intersection angle between
the pipe and tunnel cannot be ignored.

6. Conclusion

For the special condition of soil tunnel under the existing
pipeline, this paper proposes a calculation method of
pipeline deformation based on the principle of minimum
potential energy based on the previous test experience. The
effectiveness of the method in this paper is verified by
comparison with engineering examples and centrifuge test
results, and the influencing factors of pipeline deformation
are analyzed. The main conclusions are as follows:

(1) As the stiffness of the pipeline increases, the maxi-
mum settlement value of the pipeline gradually
decreases, while the width of the deformation trough
gradually increases.

(2) With the increase of formation loss rate, the maxi-
mum deformation value of pipeline increases
gradually, but the width of the pipeline settlement
tank remains unchanged.

(3) With the decrease of the angle between the tunnel
and the pipeline, the maximum deformation of the
pipeline increases gradually, and the width of the
pipeline settlement tank increases gradually.
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The polymer grouting nonexcavation repair technology has been widely used in the repair of underground pipeline leaks, but the
seismic response to the polymer repair pipeline is currently using a consistent excitation of seismic input without considering the
influence of the traveling wave effect. This paper establishes the longitudinal and transverse vibration models of the polymer grout
repair pipeline considering the traveling wave effect based on the elastic foundation beam theory. The seismic input uses artificially
generated random seismic waves and solves the differential equations for pipeline vibration to carry out seismic response analysis
of long-buried pipelines under three conditions: normal, vacant, and polymer grouting repair. The results show that after
considering the traveling wave effect, the reaction of each measuring point on the pipeline has obvious phase characteristics, and
the waveform of the distant measuring point has an obvious hysteresis phenomenon; the seismic wave velocity has a great
influence on the deformation of the pipeline, and the displacement amplitude of the pipeline increases with the increase of the
seismic wave velocity. The peak of pipeline displacement after vacancy will increase by 100%~300% more than normal, while the
difference in pipeline deformation after high polymer grouting is about 25% compared with normal, which means that the bottom
vacant will have a great influence on pipeline deformation, and high polymer repair can restore the pipeline mechanical properties
to normal levels.

1. Introduction

The polymer grouting repair technology is used to fill the
void, seal the leakage, and lift and settle the pipeline by
injecting polymer grouting material into the leaky part of the
pipeline structure, and as a minimally invasive and efficient
underground pipeline trenchless repair technology, this
technology has been successfully applied in many under-
ground pipeline repair projects [1-3]. Studies have also been
conducted on the seismic response of polymer-repaired
pipes [4-7], but the seismic inputs used in all of these studies
were consistent excitation. For small-span structures, it is
reasonable not to consider the spatial variation of ground
shaking. However, studies have shown that the use of seismic

input with consistent excitation for large-span structures
such as pipelines is not practical and may lead to unrea-
sonable seismic design [8-11]. Therefore, it is necessary to
perform a nonuniform excitation seismic response analysis
for polymer grouting to repair underground drainage pipes.

The variability of ground shaking includes temporal and
spatial differences, mainly traveling wave effects, local site
effects, and partial coherence effects with traveling-wave
effects dominating [12, 13]. Therefore, this paper will con-
sider the dynamic response of the high polymer repair pipe
under the traveling wave effect and establish the vibration
equation of the high polymer repair pipe considering the
traveling wave effect based on the elastic foundation beam
theory. The seismic input uses artificially generated random
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seismic waves and then analyzes the effect of different ap-
parent wave speeds on the traveling wave effect.

2. Solving Vibration Equations for Polymer
Repaired Pipes under the Traveling
Wave Effect

As shown in Figure 1, for the dynamic response of the
polymer repair pipeline under the traveling wave effect, this
paper assumes the underground pipeline as an infinitely long
homogeneous long beam on an elastic foundation and
combines the analytical model of pipe-soil-polymer inter-
action previously proposed by the authors [7], neglecting the
internal damping of the pipeline, to obtain a computational
model of the seismic response of the polymer repair pipeline.

Pu(x,t) Ou(x,t)
m C

W 3 +ku(x,t) -

where m is the mass of the pipe, c is the damping factor of the
surrounding medium, k is the longitudinal stiffness of the
surrounding medium, EA is the axial stiffness of the pipe,
u(x,t) is the longitudinal displacement of the pipe, and
uy (x, 1) is the longitudinal ground displacement.

To solve the above-given vibration equation, the pro-
posed static displacement method [14] is used to consider
the effect of the traveling wave effect, and the longitudinal
displacement of the pipe in equation (1) is decomposed as
shown in equation (2), which is the proposed static dis-
placement u° (x,t) caused by the ground motion and the
dynamic displacement u? (x,t) caused by the inertia and
damping of the structure, respectively.

u(x,t) = u' (o t) + u® (x,0). (2)

The dynamic term in equation (1) is removed to obtain
the proposed static displacement ordinary differential
equation.

2. s
kit (x,1) - EA% ~ ke, (x,0) (3)
X

The general solution of the chi-square equation corre-
sponding to equation (3) is

U (x,1) = Ae” VWEAY | o VKIEAY. (4)
Expanding the site displacement and pipe displacement

on the interval A as a cosine series leads to the special so-

lution of equation (3) as

< ka, (t) nm

1
' (x,t) ==a, (t) + —_— —X. 5
27 n; k—BA(mmY e 17 ©)

2
EAa u();,t)=
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2.1. Solving the Longitudinal Vibration Response Equation for
Pipelines. The underground continuous pipeline is usually
very long, and when doing the actual calculation, you can
take one of the pipe sections to calculate. When the length of
the calculated pipe section is large enough, the influence of
the boundary conditions on the middle part of the calculated
pipe section is small, so the calculated pipe section can be
regarded as a free boundary, and when the pipe generates
longitudinal vibration, its calculation model and boundary
conditions are shown in Figure 2.

Assuming that the medium around the underground
pipe is uniformly distributed along the direction of the pipe
axis, the longitudinal vibration equation of the pipe is shown
as follows:

aug (x,1)

= (1)

kug(x,t)+c

Adding equations (4) and (5) and substituting the
boundary conditions yields the solution of the differential
equation as

s 1 - ka, (1) nm
uw (x,t) ==a,(t) + - n —X. 6
27" ,; k—EAml 2 1 (6)

Then, the dynamic term in formula (1) is proposed, and
the following equation can be obtained:

2 d
+ku? (x,1) - EAa w D) =-m Oty (1)

Pl (x,t) ol (x,1)
+C 3 P
ox ot

ot ot

(7)

The dynamics of displacement can be solved by the
vibration superposition method [15]. Firstly, the damping
term and nonflush term in equation (7) are removed, and the
self-oscillation frequency and vibration shape are obtained
by substituting the boundary conditions using the separation
of variables method as follows:

W’ 1°EA

k
n +E’

I’'m
(8)
¢, (x) = cos %Tx.
Then,
u? (1) = ) q, ()9, (x). 9)
n=0

Substituting the above equation into equation (7), we get
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m ’; 2:2( )cos nTn cn:1 q;t( ) cos ?x + kn; q, (t) cos n—lﬂx
(10)
= nm\*  nm J
-EA t <—) cos —x = —mf (t Cy cos (wit + ¢y ).
;qn()l ] f()kz:;)k (it + ¢)
Decoupling equation (10) using the vibration superpo-
sition method, we obtain
& dg, (t & dg, (t S
mgi 2:2( )cos ?x- cos ¢X+cn:1 qc;t( )cos %Tx- cos ?x +k;qn(t) cos ?x- cos anx
- EA i (1‘)(E)2 cos Ex cos @x
L I I
J mn
=—mf(t)ZCkcos(wkt+¢k)- cos —x. (11)
k=0
Equation (11) is integrated over the interval (0, I), and
according to the orthogonality of the vibration pattern, we
get
mdzq”(t)+cq”(t)+k (t) - EA mr)z miAs'n( wkl+ +nm | — Asin(wit + ¢y)
— Lt - —) =- i -— - Asi
Y g kan | 7 2 W=+ Kt + Pk
(12)

l
+B sin(wk - wTk + ¢y — nn) — Bsin (wit + ¢),

where A =1/-w/c+nnl/l-C 2w},

Take the first N vibration types for calculation, and after
finding the corresponding a, the dynamic displacement can
be approximated according to equation (9).

B=1/-w/c—nn

N
u (x,0) = Y g, (D, (x). (13)
n=0

Finally, the proposed static displacement and dynamic
displacement are summed to obtain the displacement

solution of the longitudinal vibration equation of the pipe
under the traveling wave effect, and the strain and internal
force of the pipe can be further obtained from the
displacement.

2.2. Pipeline Transverse Vibration Response Equation Solving.
The pipeline transverse vibration calculation model and
boundary conditions are shown in Figure 3, and the
transverse vibration equation is

Qulx,t) Ou(xt otu(x, t ou, (x,t
m ua(; )+c uf;tc )+ku(x,t)+EI%=kug(x,t)+c%. (14)
Although the equations of motion and boundary con- o
ditions for longituéinal and transverse Vibrati.ons are dif- W (x,1) = lﬂo (t) + Z ka, (t) —_cos nn X (15)
ferent, the solution ideas are the same, so we will not repeat 2 = k+El(nm)*/l l

them here. By replacing a with b in the above longitudinal
vibration, the proposed static displacement of the transverse
vibration can be obtained as

Correspondingly, its differential equation for solving a is



d*q, (1)
dr

. (1)
dt

m +cC

4
+ kg, (t) + Elq, <¥> =

3. Artificial Random Seismic Wave Generation

Since the actual seismic waves cannot match the corre-
sponding seismic environment and site conditions, the
actual seismic records are discrete and cannot be used for
subsequent calculations. Therefore, the seismic wave input
in this paper adopts artificially generated random seismic
waves. The seismic input uses artificially generated random
seismic waves, whose generation method is based on the
Clough-Penzien power spectrum of a smooth ground

w; (t) + 4,:; (t)w;(t)wz
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k=1

N
l
—mZAsin(wk —wTk+ b +mr> — Asin(wit + ¢y)

(16)

l
+B sin<w,< o b — 1’17'[) — Bsin (wit + ¢y).
c

shaking process [16], and introduces a generalized evolu-
tionary power spectrum model of a nonsmooth ground
shaking acceleration process and associated parameters. The
generalized evolutionary power spectrum model fully takes
into account the time-varying characteristics of the ground
shaking duration, peak ground shaking acceleration, site soil
circular frequency, and damping ratio, and the expression of
this power spectrum density function is

w*S, (t)

S, (w,t) = A% (t)

d
A(t) = [%exp(l —tL)] )

—2
2 max

" P, (028, () + 1726, (0]

So (1)

where A (t) is called the forced modulation coefficient, ¢, is
the moment corresponding to the peak acceleration, d is the
modulation coefficient shape control index, S,(t) is the
spectral parameter indicating the ground vibration intensity,
Q.. 18 the average peak acceleration, and y is the equivalent
peak factor. w g (1), I3 4 (1) are the site soil self-oscillation circle
frequency and damping ratio, respectively; w; (t),§;(t) are
the filtering parameters. Site parameters and filtering pa-
rameters are linear functions of time, respectively.

For a zero-mean nonsmooth ground shaking accelera-
tion time series a(t), if its evolutionary power spectral
density function is S, (w;,t), the nonsmooth earthquake
acceleration time series can be modeled as

N
1) = ¥ /S, (w0 £)A DX, + sin(0t)Y,].  (18)
a ,:ZI (w;, t)Aw[cos (w;t) sin (w;?)Y;]

The calculated response spectrum S, (w, () can be ap-
proximated to the design response spectrum S! (w,{) by
iterative correction of the amplitude spectrum according to
equation (19) using the numerical analysis software calcu-
lation program.

SZ; (wk’ () ?

S (@ 1) = S, (W) - [W] | (19)

(0= R O) +48 (00 (0 (08— (07 ++4E (D0} (0

(17)

The evolving power spectrum density function S, (w,t)
used in this paper can be determined from the standard
response spectrum of hydraulic design, and the relevant
parameters can be determined according to SL203-97 “Code
for Seismic Design of Hydraulic Buildings” [14]. Then, the
artificial seismic waves generated based on the above process
are shown in Figure 4.

4. Analysis of Calculation Results

Based on the above solution process, a calculation program
was prepared using numerical analysis software, and the
calculation and analysis of the example were carried out. For
the calculation, the length of the pipe is 1000 m, and three
measurement points are selected at 200 m, 500 m, and 800 m
along the pipe axis to analyze the deformation of the pipe
under normal, vacant, and repair conditions [17, 18]. A
vacant is assumed to occur at the bottom of the entire pipe
(approximately 1/8 of the circular area of the entire pipe),
along the direction of the pipe axis, through the entire
bottom of the pipe [3].

The standard spectrum of artificial random seismic wave
design is determined according to SL203-97 “Seismic Design
Code for Hydraulic Buildings,” and the loading direction is
divided into two directions: longitudinal and transverse [14].
Although the propagation velocity of seismic waves in soft
soil is generally 50 m/s~250 m/s, the propagation velocity of
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FIGURE 4: Artificial seismic waves generated using numerical
analysis software.

seismic waves increases with the increase of soil depth
[19, 20], and the propagation velocity in bedrock increases
significantly, reaching 2000 m/s~2500 m/s [21, 22]. The basic

TaBLE 1: The basal apparent wave velocity of the EI-Centro station.

Depth/ Thickness . Apparent wave
Soil .
m (m) velocity (m/s)
4.2 4.2 Clay 122
5.6 1.2 Sand clay 122
15.7 10.1 Sandy clay- 175
silting clay
21.8 6.1 Sand silt clay 213
34.8 13.0 Fine sand soil 251
423 7.5 Silted clay 251
45.9 3.6 Silt fine sand 251
65.5 19.6 Silted clay 305
68.5 13.0 Silt fine sand —

TaBLE 2: Calculated stiffness values for normal, vacant, and repair
conditions.

Calculated stiffness (107 N/m?)

Work conditions Longitudinal Transverse
vibration vibration
Normal 7.13 6.33
Vacant 8.94 8.01
Polymer grouting 6.04 597

repair

apparent wave velocity of the EI-Centro wave station is
shown in Table 1 in the manuscript. Therefore, three-wave
velocities of 100 m/s, 200 m/s, and 500 m/s are used to an-
alyze the seismic waves in this paper.

The values of the medium stiffness around the pipe in the
vibration equation under normal, vacant, and repair con-
ditions can be calculated according to the equations in the
previous research results [7], and the specific data can be
found in Table 2, and for space reasons, the detailed solution
process will not be repeated. The damping is viscous
damping, and the damping ratio taken in this paper is 0.05.

4.1. Analysis of Calculation Results of Longitudinal Vibration
of Pipes. Figure 5 shows the comparison of the maximum
values of the longitudinal vibration displacement at the three
corresponding observation points for different seismic wave
velocities under three working conditions, namely, normal,
decoupled, and repaired. From Figure 5(b), it can be seen
that the maximum values of pipe displacements at different
locations do not differ much under the action of the same
seismic wave. The maximum value of displacement at the
500 m measurement point is 21.012mm when the wave
speed is 500 m/s under the vacant condition, compared with
14.461 mm at the 200 m measurement point and 15.338 mm
at the 800 m measurement point. The difference is 6.551 mm
and 5.674 mm, respectively, and the difference is the largest
at this time, and the difference is between 1 and 4 mm for the
rest of the working conditions.

For the same measurement point, when the seismic wave
velocity is different, the maximum value of its longitudinal
vibration displacement increases with the increase of wave
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FIGURE 5: Maximum value of longitudinal vibration displacement of the pipeline under different wave velocities. (a) Normal, (b) vacant, and

(c) polymer grouting repair.

velocity. From Figure 5(a), it can be seen that the maximum
values of pipe displacement at 200 m of the measurement
point under normal conditions are 2.030 mm, 5.240 mm,
and 10.139 mm with the increase of seismic wave velocity,
and the maximum values of displacement at wave velocity
200m/s and wave velocity 500 m/s are increased by 2.58
times and 4.99 times, respectively, compared with that at
wave velocity 100 m/s. Similarly, from Figure 5(c), it can be
seen that the maximum values of displacement at 200 m after
repair are 2.548 mm, 6.733mm, and 11.634 mm, respec-
tively, which are 2.64 times and 4.56 times higher compared
to the wave speed of 100 m/s.

As can be seen from Figure 5, the displacement maxi-
mum value of the pipeline increases significantly for the
pipeline vacant case relative to the normal burial condition
of the pipeline. For example, at the 500 m measurement
point, the displacement maxima of the decoupled pipe at
wave velocities of 100 m/s, 200 m/s, and 500 m/s increased by
3.374 mm, 5.226 mm, and 9.156 mm, respectively, compared

with normal conditions. The displacement maxima of the
repaired pipeline are small compared with the normal
condition. At the 500 m measurement point, the displace-
ment maxima of the repaired pipeline with polymer are
2.442 mm, 5.856 mm, and 14.793 mm, respectively, and the
errors are 20%, 21%, and 13%, respectively, compared with
the displacement maxima under normal conditions at the
same wave speed, which are small. From the above analysis,
it can also be seen that the vacant has a greater impact on the
pipeline, which will make the seismic response of the
pipeline increase significantly, and the maximum value of
the pipeline displacement will be significantly reduced after
the repair by polymer deformation close to the longitudinal
displacement deformation of the normally buried pipeline,
reflecting the repair effect of polymer grouting on the
pipeline vacant.

Figure 6 shows the comparison of the longitudinal vi-
bration displacement time curves of the pipe at different
positions. As can be seen from Figure 6, the trend of the
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displacement time curve at different locations of the pipeline
under normal, vacant, and repair conditions under the same
seismic action is basically the same, while the response of
each measurement point of the pipeline has obvious phase
characteristics. From Figure 6(a), it can be seen that when
the wave speed is 100 m/s, the displacement time curve at the
measurement point 800 m has a significant lag relative to
that at 200 m, and the lag time is approximately equal to the
propagation time of the seismic wave between the two. This
hysteresis can also be seen in Figure 6(b) for a wave speed of
200 m/s. This hysteresis is not obvious in Figure 6(c) due to
the faster wave speed, which is in general agreement with the
results obtained in the literature [23]. From Figure 6, it can
be seen that the peak values of pipes at different locations are
slightly different for the same seismic wave velocity. This is
because the length of pipes used in the actual calculation is

taken as a constant value compared to the theoretical as-
sumption of infinite length pipes, which cannot eliminate
the effect of boundary effects.

Figure 7 shows the comparison of the longitudinal vi-
bration displacement time curves of the pipe at the same
position under different wave velocity conditions. From
Figure 7, it can be obtained that the displacement time
curves at the same location of the pipeline under normal,
vacant, and repair conditions are basically of the same
waveform under different wave velocity conditions, and the
displacement amplitude increases with the increase of
seismic wave velocity. Figure 7(a) shows the displacement
time curve at 200 m under the normal condition, and the
displacement maximum increases by 392% and 56% with
increasing wave speed, and the displacement maximum
increases by 307% and 111% at 500 m in Figure 7(b) under
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the vacant condition, and Figure 7(c) shows the displace-
ment time curve at 800 m after restoration, which increases
by 281% and 34% relative to 2.752 mm at 100 m/s and 200 m/
s at 7.789 mm, an increase of 281% and 34%. It can be seen
that after considering the traveling wave effect, the seismic
wave velocity has a greater influence on the deformation of
the pipeline.

Figure 8 shows the comparison of the longitudinal
vibration displacement time curves of the pipe at the same
position under three conditions: normal, vacant, and
repaired. As can be seen from 8, the displacement am-
plitude of the dehollowed pipe will increase significantly
compared to the normal condition at different locations
and under different wave speed conditions, while the
displacement value of the pipe will return to the normal
level after repair. Figure 8(a) shows the comparison of

(0

ipeline under different wave velocity conditions. (a) Displacement time
urve at 500 m (vacant). (c) Displacement time course curve at 800 m

normal, vacant, and repaired displacement time curves at
800 m measurement point at wave speed 100 m/s. It can be
seen that the displacement value of the pipe will increase
overall after being vacant, and its maximum value appears
at 36.7s as 5.164 mm, at which time the displacement is
1.993 mm under the normal condition and 2.494 mm after
being repaired. Compared with the normal condition, the
displacement of the dehollowed pipe increases compared
with the normal situation, the displacement of the
decoupled pipe increases by 159%, and the displacement
of the repaired pipe only increases by 25%. As shown in
Figure 8(b), when the wave speed is 200 m/s, the maxi-
mum value of the displacement of the decoupled pipe at
the 500m measurement point occurs at 31.1s as
6.975mm, compared with the normal situation (dis-
placement maximum value of 3.133mm), the
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displacement of the decoupled pipe increases by 123%,
and the displacement of the repaired pipe (displacement
maximum value of 4.352 mm) increases by 38%. Also, in
Figure 8(c), the displacement of the dehollowed pipe is
maximum at 15.6s, 7.432mm, at which time the dis-
placement of the dehollowed pipe increases by 83%
compared to the normal condition (displacement maxi-
mum of 4.045 mm), and the displacement of the repaired
pipe (displacement maximum of 4.352 mm) increases by
7%. This shows that the bottom vacant will have a great
influence on the deformation of the pipeline, and the
deformation of the pipeline as a whole will increase under
the vacant condition, while the deformation of the
pipeline after polymer grouting will only increase by
about 20% compared with the normal burial condition,
bringing the deformation of the pipeline close to
returning to the normal level.

4.2. Analysis of Pipeline Transverse Vibration Calculation
Results. Figure 9 shows the comparison of the maximum
values of transverse vibration displacement at the three
measurement points for different seismic wave velocities
under three working conditions, namely, normal,
decoupled, and repaired. As in Figure 5, it can be seen that
under the transverse vibration conditions, the displace-
ment maximum value at the three measurement points
changes basically the same law as the longitudinal vi-
bration. Under the same seismic wave action, as shown in
Figure 9(b), the maximum value of displacement at the
500 m measurement point is 37.462 mm when the wave
speed is 500 m/s under repair conditions, compared with
27.618 mm at the 200m measurement point and
26.423 mm at the 800 m measurement point; the differ-
ence is 9.834 mm and 11.039 mm, respectively, at which
time the difference is the maximum. The rest of the
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FIGURE 9: Maximum value of transverse vibration displacement of the pipeline under different wave velocities. (a) Normal, (b) vacant, and

(c) polymer grouting repair.

working condition difference values are between 1 and
7mm, and the maximum value of pipe displacement at
different positions is not much different. For the same
measurement point, when the seismic wave velocity is
different, the maximum value of its longitudinal vibration
displacement increases with the increase of wave velocity.
The vacant has a greater impact on the pipeline, which will
cause a significant increase in the maximum value of the
pipeline displacement. After repair by polymer, the
maximum value of the pipeline displacement will be
significantly reduced, the error will be smaller compared
with the normal condition, and the deformation will be
close to the deformation in normal use.

Figure 10 shows the comparison of the time course
curves of transverse vibration displacement of the pipeline at
different locations. From Figure 10, it can be seen that the
time course curves of transverse vibration displacement at

different locations of the pipeline under normal, vacant, and
repair conditions under the action of the same earthquake
also have basically the same trend, while the response of each
measurement point of the pipeline has the same phase
characteristics as the longitudinal vibration. From
Figure 10(a), it can be seen that this hysteresis phenomenon
is most obvious when the wave speed is 100m/s. In
Figure 10(c), the waveforms at different locations roughly
overlap when the wave speed is 500 m/s, which shows that
the hysteresis phenomenon becomes less and less obvious as
the wave speed increases.

Figure 11 shows the comparison of the time course
curves of transverse vibration displacement of the pipeline
under different wave velocity conditions at the same lo-
cation. It can be seen from the figure that the transverse
vibration displacement amplitude of the pipe increases
with the increase of seismic wave speed. Figure 11(c)
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shows the displacement time course curve at 800 m after
repair. The peak seismic displacement is the largest when
the wave speed is 500 m/s, and the maximum displace-
ment value is 26.423 mm at this time, which increases by
438% and 131% compared to 4.907 mm at 100 m/s and
11.403 mm at 200 m/s, respectively. Similarly, Figure 11(a)
shows the displacement time curve at 200 m in the normal
case with 257% and 166% increase in the displacement
maximum and 717% and 166% increase in the displace-
ment maximum at 500 m in Figure 11(b) in the off-air
case. It can be seen that the seismic wave velocity has a
large effect on the lateral deformation of the pipeline after
considering the traveling wave effect.

Figure 12 shows the comparison of the lateral vibration
displacement time curves of the pipe at the same position
under normal, dehollowed, and repaired conditions. From
Figure 12, it can be seen that the displacement amplitude of

the dehollowed pipe increases significantly compared with
the normal condition at different positions and different
wave velocities, while the displacement value of the re-
habilitated pipe returns to the normal level. Figure 12(a)
shows the comparison of normal, vacant, and repaired
displacement time curves at 800 m measurement point at
wave speed 100 m/s. It can be seen that the displacement
value of the pipe will increase overall after being vacant,
and its maximum value appears at 12.541 mm at 36.7 s, at
which time the displacement is 3.993 mm under the normal
condition and 4.913 mm after being repaired. Compared
with the normal condition, the displacement of the
dehollowed pipe increases compared with the normal
situation, the displacement of the decoupled pipe increased
by 214%, and the displacement of the repaired pipe in-
creased by 23%. As shown in Figure 12(b), when the wave
speed is 200 m/s, the maximum value of the displacement
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FIGURE 11: Time course curve of transverse vibration displacement of the pipeline under different wave velocity conditions. (a) At 200 m
(normal). (b) At 500 m (vacant). (c) At 800 m (polymer grouting repair).

of the decoupled pipe at the 500 m measurement point
appears at 28.8s as 42.557 mm, at which time the dis-
placement of the decoupled pipe increases by 193%
compared with the normal situation (displacement maxi-
mum value of 14.506 mm), and the displacement of the
repaired pipe (displacement maximum value of
11.805 mm) increases by 18%. Similarly, in Figure 12(c), the
displacement of the dehollowed pipe is maximum at 24.8 s,
which is 72.459 mm, at which time the displacement of the

dehollowed pipe increases by 302% compared with the
normal condition (displacement maximum is 18.013 mm),
and the displacement of the repaired pipe (displacement
maximum is 24.352 mm) increases by 35%. It shows that
the bottom of the vacant will have a great influence on the
deformation of the pipe, and the overall deformation of the
pipe will increase under the vacant condition, while
polymer grouting can make the deformation of the pipe
basically return to the normal level.
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FiGgure 12: Time course curves of transverse vibration displacement of pipes under normal, vacant, and polymer grouting repair. (a) At
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5. Conclusion

In this paper, the underground pipeline is assumed to be an
infinitely long homogeneous long beam on an elastic
foundation, and the seismic response calculation model of
the polymer repair pipeline is established by combining the
proposed analytical model of pipe-soil-polymer interaction
and neglecting the internal damping of the pipeline, while
the longitudinal and transverse vibration equations of the
pipeline are solved by using the vibration superposition
method, and finally, based on the above solution process,
artificial random seismic waves are input to carry out the
analysis of the seismic response of the pipeline under the
traveling wave effect. The seismic response analysis of

pipeline polymer repair under the effect of traveling waves
was carried out based on the above solution process and
inputting artificial random seismic waves. The following
conclusions were obtained.

(1) Under the action of the same seismic wave, the trend
of the displacement time curve at different locations
of the pipeline under normal, vacant, and repair
conditions is basically the same, and the difference
between the maximum value of positive displace-
ment and the maximum value of negative dis-
placement of the pipeline at different locations is not
large. At the same time, the response of each mea-
surement point of the pipeline has obvious phase
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characteristics, and the waveform of the measure-
ment point at a farther distance has an obvious
hysteresis phenomenon, but with the increase of
wave speed, the hysteresis phenomenon becomes less
and less obvious.

(2) The displacement time curves at the same location of
the pipeline under normal, decoupled, and repaired
conditions are basically the same under different
wave velocities, and the displacement amplitude
increases with the increase of seismic wave velocity.
After considering the traveling wave effect, the
seismic wave speed has a greater influence on the
deformation of the pipeline.

(3) The displacement amplitude of the dehollowed pipe
will increase significantly compared with the normal
condition under different positions and different
wave speed conditions, while the maximum dis-
placement value of the repaired pipe basically returns
to the normal level. The peak displacement of the
pipe after being vacant will increase by 100%~300%
compared with the normal condition, while the
deformation of the pipe after polymer grouting will
only increase by about 20% compared with the
normal condition. It can be concluded that the
bottom vacant will have a great influence on the
deformation of the pipe, and the pipe deformation
can be nearly restored to the normal level after the
repair of polymer grouting.
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The evaluation of the roof collapse in tunnels or cavities remains one of the most complex issues in geotechnical engineering.
Taking the detaching surface of the tunnel roof collapse as an orthotropic weak interlayer, an analytical approach for determining
the limit collapse range considering the arch effect of the tunnel is presented in this paper by the variation calculus. A discontinuity
criterion moving from the anisotropic criterion proposed by the present authors is applied to the orthotropic interlayer. The
phenomenon of sharp points in collapse blocks is further analyzed. Based on the proposed approach, illustrated examples are
analyzed to investigate the effect of the strength parameters and the consideration of the collapse cusp, which show different
influence laws on the range of collapse blocks. Those interesting conclusions can provide guidance for the prediction of the

collapse mechanism of the tunnel.

1. Introduction

The stability problems of tunnels have always been of
overriding significance in geotechnical engineering. The
possible collapse of the tunnel remains one of the most
challenging problems. Due to the natural uncertainties of the
properties of the rock mass in situ, such as mechanical
parameters and the random variability of cracks or fractures
[1-8], the collapse mechanism of a cavity roof has yet to be
thoroughly grasped [9]. Because the limit analysis method
requires no elastic characterization and only refers to the
limit behavior, this approach can obtain more rigorous
results with fewer assumptions [10]. As a result, the limit
analysis method is very suitable for analyzing the collapse
mechanism of tunnel roofs and has been rapidly developed
in recent years.

Lippmann [11] firstly applied the limit analysis method
to the roof stability problems of tunnels considering the
Mohr-Coulomb (M-C) criterion. For many years, the roof
stability of tunnels is analyzed in this framework [10].
Guarracino and Guarracino [12] made encouraging progress

with the help of plasticity theory and calculus of variations,
and a closed-form solution of the collapsed outline was
obtained with the Hoek-Brown (H-B) criterion considered
instead of the M-C rule. Since then, many researchers
turthered their work by considering various cases of cavities
such as different excavation profiles [13], layered rock
masses or soils [9, 14-17], the presence of the karst cave [18],
the solutions for shallow tunnels [19-22] or progressive
collapse [23-26], consideration of the supporting pressure
[27-29], and the case considering the groundwater [30-33].

These extending works moving from the approaches of
Guarracino and Guarracino [12] only focused on the H-B
rule expressed in the M-C form (nonlinear). In fact, a weak
interlayer may appear between the detaching surface when
roof collapse occurs [34]. The rock mass at the detaching
surface of the collapse zone can be taken as a weak interlayer
with thin thickness, which is related to the failure mecha-
nism of the surrounding rock [35, 36]. Under the influence
of the dislocation of the rock masses, the weak interlayer
exhibits different strength characteristics in the orthogonal
direction. For this reason, analysis considering the
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orthotropic characteristics of the weak interlayer between
the detaching surface can better describe the roof collapse
problems of tunnels or cavities. This consideration requires a
special criterion that can describe the failure behavior of the
orthotropic weak interlayer on the detaching surface.

In addition, we notice that most researchers obtained a
smooth collapse curve, which can be derivable at the axis of
symmetry [24]. In fact, a collapse cusp (not derivable at the
axis of symmetry) is usually observed in model tests or
numerical analysis [34, 37, 38], which means that the
condition at the axis of symmetry should be treated with
caution (Figure 1). To further explain this phenomenon, the
sharp point of the collapse curve is discussed in our study.
Once the assumption of a smooth curve (at the axis of
symmetry) is not applied to the analysis, it becomes more
difficult to get the collapse curve. As a result, we need to find
a reasonable restriction as an alternative to the smooth
assumption when considering the collapse cusp.

Based on the above considerations, a discontinuity yield
criterion for an orthotropic interlayer that moves from a
pressure-dependent, anisotropic criterion is applied in this
research. Then, the theoretical formulas for the cases with
and without considering the collapse cusp are deduced to
figure up the collapse block. Finally, some examples are
analyzed, and the discrepancy between different cases is
further discussed in this paper. The results can help con-
stitute guidance for the prediction of the collapse range of
tunnels or cavities.

2. Problem Description

2.1. Orthotropic Criterion at the Velocity Discontinuity.
The orthotropic yield criterion can move from the aniso-
tropic criterion. Given the pressure-dependent of the rock
material, Caddell et al. [39] proposed an anisotropic yield
criterion in the following form:

Ayz(ay - 02)2 + A, (0, - ax)2 + Axy(ax - ay)z

%
2 2 2
+ ByZTyz + B, 1, + Bxyrxy + Ko, + Kzo}, +Kjz0, =1,
(1)
where the parameters A, A.,, Ay, By, By By, K, Ky, and

K; characterize the properties of anisotropy. The subscript x,
y, and z denote the reference axes of anisotropy. In con-
sideration of the orthotropic materials, these parameters
satisfy the following relations:
A, =A,.B, =B B =2(A,+24,).K =K, (2
Because the detaching surface is consistent with the weak
layer, we take the normal direction of the detaching surface
as the z axis (Figure 2). As a result, the failure on the
detaching surface only depends on o, 7, and 7,,, which
leads to an orthotropic yield criterion in the degenerative
form:

Bzx('rix + Tiy) +Ks0, = 1. (3)
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For the plane strain problems, the equation (3) can be
further simplified as

Br + Ko, =1, (4)

where o0, denotes the stress of normal direction (the com-
pressive stress is taken as positive in this paper), and the
parameters B and K can be determined according to the
shear (7o) and tensile (o7) strengths of the weak interlayer on
the detaching surface.

K = —. (5)

On the basis of the above consideration, the disconti-
nuity yield criterion at the detaching surface of velocity can
be obtained as

f=7-10,'0,-1,=0. (6)

2.2. Collapse Mechanism of the Tunnel Roof. The key point
about the roof stability of tunnels or cavities is to determine
the shape and range of the potential collapsing blocks
(Figure 3). As it is usual, this paper considers the problem in
a plane and only makes reference to the cross section of a
long tunnel or cavity. The rock material is assumed to be
ideally plastic, and the plastic strain rate follows the asso-
ciated flow rule. Besides, strain within the collapsing body is
regarded as insignificant when the roof collapse occurs
(rigid-plastic behavior). Based on the above conditions, the
shape of the potential collapsing region can be given by using
the calculus of variations [12, 40].

In order to investigate the roof collapse on account of the
gravity field and refer to the upper bound principle [41], a
kinematically admissible field of vertical velocity, which
tulfills the compatibility with the strain rates, must be as-
sumed at first [42]. As shown in Figure 3, the collapse ve-
locity u, is in the negative direction of the y-axis, and the
symmetrical collapse curve is expressed as f{x). Moreover, as
shown in Figure 4, the value of the vertical velocity is
considered a variable that decreases from u (x=0) to zero
(x=R) linearly. As a result, the field of the variable vertical
velocity can be expressed as

. . X
uV:u(l—E) (7)
According to the geometric conditions, the plastic strain
rate (the tensile strain rate is taken as negative) components

in the tangential (y) and normal (¢,) directions can be
obtained as

. 1
i=(- )l s ®
8

1
bu=—(1-%) G 1+ 7 ] 2
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FIGURE 1: Roof collapse in (a) an active trapdoor numerical test [34]; (b) a model test [38].

detaching surface

. \
collapse curve

FIGURE 2: Orthotropic interlayer on the detaching surface.
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FIGURE 3: Possible collapsing area of the tunnel roof.



iy_p =0
FIGURE 4: The field of the variable vertical velocity.

Coincident with the failure criterion mentioned in
Section 2.1 (obeying to the associated flow rule), the plastic
potential function & can be expressed as

2 2 —1 2
E=1"-1500 0, -1, 9)

Further, the plastic strain rate can also be written in the
form:

o¢

y =A=—=2A1,
Y= !

2 (10)
én = Ag = —/11%0";1.

n

The association of equations (7) and (9) leads to the
following results:

. 1
e et o

- _% £ (x). (12)

Finally, by substituting equations (10) into (6), we can
obtain

2 -1
7,0
o, = OTTf' (x)* - op. (13)

According to the equations (11) and (12), the tangential
and normal stress components are expressed by using the
derivative of the collapse function. Because a cusp (Figure 1)
can occur in roof collapse [34, 37, 38], the stress at the axis of
symmetry should be treated with caution (no derivative). In
particular, the shear stresses around the collapse cusp can be
described in Figure 5. Based on symmetry, the magnitude of
the shear stresses in the symmetrical tilt directions at the
cusp point must be equal. As a result, the inner horizontal
shear stress at the axis of symmetry naturally satisfies the
condition of being equal to zero, so long as the collapse
curves on both sides are symmetrical to each other.

3. Analysis without Considering Collapse Cusp

Because most researchers assumed a smooth collapse curve
in their studies [23, 24], the collapse curve is derivable at the
axis of symmetry, which must lead to zero of derivative

Advances in Civil Engineering

collapse cusp

axis of symmetry ~

collapse curve

FIGURE 5: The shear stresses around the collapse cusp.

function f'(x). For comparison, we analyze the collapse
curve without considering collapse cusp in this section.
Meanwhile, a different criterion (i.e., the orthotropic yield
criterion proposed in section 2.1) is applied at the velocity
discontinuity.

Associating the equations (7), (11), and (12), the dissi-
pated power density of the internal stresses at the discon-
tinuity (D) is expressed as

D=o,,+71y

- {(Tgflf' () + kaT>/<w\/1 [ ) )}(1 - %)u
(14)

Besides, the power density of the applied loads is
. x\
W=yl () - c@l(1-F )i (15)

where y denotes the gravity per unit volume of the rock
mass.

Here, we consider the right half of the symmetrical block
(with respect to the y-axis). The total dissipated power of the
collapse system is further deduced as

U= JZ Dw\1+[f (x)]’dx - Jz W, dx

' (16)
- JO E[f (%), f (x), x]iidx,
where the F[f (x), f' (x),x] can be expressed as
F[f (), f' (x),x] =
(17)

2 -1

{ﬂf' () + 07— y[f (%) —c(x)]]»(l -2 )i

4 R

Because the effective collapse curve can be obtained
when the total dissipation power makes a minimum [13], the
problem can be solved by using the calculus of variations. In
order to obtain an extremum of the total dissipated power U
over the interval of 0-L, the functional F must satisfy Euler’s
equation:
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sU

=0= oF —i oF =0 (18)
C U 0f(x) dx\of'(x))

From equation (14), we can deduce that
_OF __ (1 _ f)u _OF
af 0 U TR (%)

- %Té(f}l i (x)<1 - %)u (19)

)i o -3) o

By substituting equations (16) into (15), it is

[(1-3)—3ner [ w(1-5) -3 @] fi=o
(20)

Integrating the equation (17), we can obtain the first
derivative of f(x) as follows:

C,R

o= @

R
! -2
=y1, 0| R—x——— | +

7' =yior( R-x- )

Here, C; is an unknown parameter which needs to be
further determined. Similar to existing studies, f'(x = 0)
should be equal to zero because a smooth symmetrical
collapse curve is assumed in this section, which results in
C;=0. Then, the collapse curve f(x) can be deduced by
integrating the equation (18):

f(x)= y‘razaT(Rx - %xz +R*In (R - x)> +C,, (22)

where C, is a pending parameter. Considering an implicit
constraint f{x=L1) =0, we can obtain that

1
C, = —yrgzaT<RL -S4 R (R- L)), (23)

c(x)= VR —x* - VR* - [% (24)
Then, L can be further determined by equating the total
dissipated power to zero. Substituting equations (15) and

(20)-(23) into (14), we can obtain the equation which L
yields. It is

Y’orR (L 1/L\*> (L\> 1/L\* R
L6 ) 6
42 |R 2\R/ \R/ "4\R R-L

1
2 2 2 —
_y{R__R_arcsm@)&[%_(k) _2](R2_Lz)2}
3 2 R/ 6| R \R

(25)

Note that equation (23) can be easily solved by using the
numerical method. After L is obtained, the collapse curve is
finally written as

yrgzaT(R(x -L) +%(L2 - xz) +R? 1n<1§ : i)) (x=0)
fx)=
yrgon(R(—x -L)+ % (L2 - xz) +R? ln(%)), (x<0)

(26)

4. Analysis Considering Collapse Cusp

When a possible collapse cusp (Figure 5) is considered in the
collapse analysis, the condition at the axis of symmetry
should be handled with care due to no derivative. As a result,
C, in equation (19) cannot be simply determined by equating
f' (x = 0) with zero. So, f{x) coming from equation (18)
should be written as

f(x)= yrazaT<Rx - lx2 +R*In (R- x))
2 (27)

-C/RIn (R-x)+C,.

Then, the pending parameter C, can be deduced by
considering flx=L)=0. It results

1
G, = —yrazaT(RL - 5L2 +R*In (R- L)) +C,Rln (R-L).
(28)

Substituting equations (17), (24), (27), and (28) into (14)
and equating the total dissipated power to zero, C; and L
yield

Y'orR (L 1/L\*> /L\> 1/L\* R
S ECORORIOR S
42 |R2\R/ \R/ "4\R R-L

/L
2-3 arcsm(—)
R

YR’

5@ -20-@ )

L L\ C7R R
+GL(2 ——) + iln(—) =0.
2 R 407 R-L

In addition, the fracturing azimuth is related to the
friction angle (¢) of the surrounding rock. Taking a stress
element at the collapse cusp of the tunnel and considering
the friction angle (Figure 6), we can get the angle between
directions of the fracture and maximum principal stress (the
horizontal and vertical shear stresses, i.e., Thori, aNd Tyert, are
zero at the axis of symmetry) as (/4 — ¢/2). Then, the one-
sided derivative f’,(x) can be expressed as
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FIGURE 6: Microdescription of the fracture direction at the collapse
cusp.
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FIGURE 7: Acquisition of the friction angle by applying the M-C
criterion.

fﬂx=®=C1=%m%g—g> (30)

The friction angle corresponding to the M-C criterion at
the collapse cusp can be described in Figure 7. Considering

YT, 0T<R(x—L)+£(L -x )+R ln(R L))—C1R1n<R

fx) =
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FiGure 8: Comparison between cases considering and not con-
sidering the collapse cusp.

equation (30) and the approximate geometric conditions of
0, and 7, the friction angle ¢ yields

tangotan2 <E—£) —2tan <E—£>
4 2 4 2

+ 47507 (1 — oy tan @) = 0.

(31)

Finally, by considering equations (29), (30), and (31)
together, we can get C; and L numerically. Then, the collapse
curve considering a collapse cusp at the axis of symmetry
(x=0) can be written as

—7) x=20)

(32)

-2 1 2 2 2 R+ x R+ x
YT, UT<R(—x—L)+E(L - X )+R ln<R L)) —ClRln(m>, (x<0)

5. Examples and Discussion

5.1. The Discrepancy between Different Cases. In the pre-
ceding sections, two different analytical results are obtained by
considering and not considering the collapse cusp, respectively.
The two results obtained under different conditions are
compared through an example. The parameters involved in the
example are 7,=20kPa, o;=22kPa, y=25kN/m’, and
R=3m. As a result, the comparison between these two ana-
lytical results of the collapse curve is shown in Figure 8.

The results indicate that the collapse curve obtained by
considering the collapse cusp is higher than that obtained
without considering the collapse cusp. According to the
analytical results obtained in this paper, the height of the
collapse block can increase by 0.78 m when considering the
collapse cusp in the analysis. The span of the collapse curve
does not change whether the cusp is considered or not. Due
to the increase in the collapse height, the weight of the
collapse block will also increase. The gravity of the collapse
block can be calculated by using the following equation:
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No collapse cusp

FiGure 9: Comparison of collapse block shapes in terms of vertical velocities.
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FiGure 10: Effects of strength parameters involved in our analysis on the potential collapse of the tunnel roof without considering the

collapse cusp: (a) shear strength; (b) tensile strength.

L
P=2 ylf (- cldx (33)

Substituting equations (24) and (30) into (31), respec-
tively, we can easily calculate the gravity corresponding to
the collapse block for both cases. The results show that the
gravity obtained by considering the collapse cusp is in-
creased by 23% compared to the gravity obtained without
considering the collapse cusp. Therefore, taking the collapse
cusp at the axis of symmetry into account when predicting
the collapse block can help ensure the safety of the tunnel
roof.

5.2. Comparison with Numerical Analysis. A numerical
analysis has been performed to further verify the above
analyses. The numerical parameters are consistent with those
mentioned in Section 5.1. The M-C friction angle can be
calculated from equation (29). The results for the example in
terms of vertical velocities have been obtained by FLAC3D.
The collapse block described the sudden change of vertical
velocities as shown in Figure 9.

By comparing the collapse block shapes as shown in
Figure 9, it is worth highlighting the similarity of the collapse
block shape from numerical analysis to that obtained by the
proposed analytical method. Both analytical results can
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describe the collapse block shape well. As described in
Section 5.1, the analytical result will lead to a wider range of
collapse blocks when considering the phenomenon of sharp
points in roof collapse behavior.

5.3. Influence of Strength Parameters of the Weak Interlayer.
In the process of predicting the potential collapse of the
tunnel roof, the shear and tensile strengths of the weak
interlayer on the detaching surface are involved in our
analysis. In order to investigate the influence of these two
important parameters, we first discuss the different cases
without considering the collapse cusp. Figures 10(a) and
10(b) show the different results considering different values
of the shear and tensile strengths, respectively.

Figure 10(a) shows that the collapse curves obtained from
our proposed analytical result are significantly affected by the

shear strength of the weak interlayer on the detaching surface.
The width and the height of the collapse block increase as the
shear strength increases. Obviously, with the increase in shear
strength, a greater gravity of surrounding rock can be
maintained in the short term, but it also means that once the
collapse occurs, there will be a wider range of primary failures.

Figure 10(b) shows that the collapse curves obtained
from our proposed analytical result are also significantly
affected by the tensile strength of the weak interlayer on the
detaching surface. The height of the collapse block increases
as the tensile strength increases. However, the width of the
collapse block decreases as the tensile strength increases,
which is different from the effect of the shear strength.
Similar to the influence of shear strength, although the
increase in tensile strength may maintain a greater gravity of
surrounding rocks, there will be a wider range of primary
failure once the collapse occurs.
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Furthermore, in order to compare the different effects of
shear and tensile strengths on the collapse block, the changes
in height, width, and gravity of the collapse block are shown
in Figures 11(a), 11(b), and 11(c), respectively. The example
described in Section 5.1 is taken as the original case. By
comparing the change rates of each index with different
strength parameters, we can find that the height of the
collapse block is more sensitive to the change in tensile
strength. However, the width and the gravity of the collapse
block are more sensitive to the change in shear strength.

As described in Section 5.1, the height and weight of the
collapse block increase when considering the collapse cusp
compared to those without considering the collapse cusp,
while the span of the collapse curve does not change whether
the cusp is considered or not. As a result, when considering
the collapse cusp, only the changes in the collapse block
height (AH) and gravity (AP) relative to the results without
considering the collapse cusp are discussed. Figure 12 shows
the comparison of the influences of shear and tensile
strengths on the discrepancies of the collapse block height
and gravity.

According to Figure 12, the discrepancies in the collapse
block height and gravity between the two cases generally
decrease with the increase in the tensile strength. On the
contrary, the discrepancies in the collapse block height and
gravity between the two cases increase with the increase in
the shear strength. It is worth noting that these changes are
more sensitive to the change of shear strength than the
change of tensile strength, which is of directive functions
when considering the effect of the consideration of the
collapse cusp.

6. Conclusions

By using the orthotropic yield criterion which moves from
the anisotropic criterion proposed by Caddell et al. [39] for
the rock material, an exact solution to tunnel roof collapse
has been obtained with the help of the traditional plasticity
theory and the calculus of variations. In order to further
illustrate the impact of collapse cusps which have been
observed in previous studies [34, 37, 38], two different cases
according to whether the collapse cusp is considered are
analyzed in this paper. Our new theoretical results lead to the
following conclusions:

(1) Taking the detaching surface of the tunnel roof
collapse as an orthotropic weak interlayer, the the-
oretical formulas figuring up the collapse block are
obtained with and without considering the collapse
cusp, respectively. A case analysis shows that con-
sidering the collapse cusp can lead to a higher range
of collapse blocks.

(2) The strength parameters of the weak interlayer have a
significant impact on the range of collapse blocks.
The shear and tensile strength have similar effects on
the height of the collapse block, but their effects on
the width have the opposite trend. Moreover, be-
cause the increase in shear and tensile strengths may
maintain a greater gravity of surrounding rocks,
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there will be a wider range of primary failures once
the collapse occurs. By sensitivity analysis, we can
find that the height of the collapse block is more
sensitive to the change in tensile strength, but the
width and the gravity of the collapse block are more
sensitive to the change of shear strength.

(3) The discrepancies between the two cases according to
whether the collapse cusp considered are related to
the strength parameters. The discrepancies between
the two cases generally decrease with the increase in
the tensile strength but increase with the increase in
the shear strength. These changes are more sensitive
to the change of shear strength than the change of
tensile strength, which is of directive functions when
considering the effect of the consideration of the
collapse cusp.

Our theoretical results can provide guidance on the
collapse mechanism in tunnels or natural cavities, especially
they can explain the phenomenon of sharp points in collapse
blocks. Moreover, based on our proposed approach, many
extensions including various cases such as layered rock
masses and the presence of the karst cave can be further
studied in future research.
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A new assessment method is proposed considering shortcomings of the current investigations for the assessment of
underground structures considering seismic load. First, the dynamic elastic modulus and damping ratio of sand are studied
based on the dynamic characteristic experiment of the soil. Subsequently, a series of design acceleration time history curves
are obtained using the proposed methods. Finally, the seismic response of underground structures is evaluated by a three-
dimensional numerical simulation. The results indicate that the dynamic elastic modulus of sand decreases with the increase
of dynamic elastic strain and increases with the increase of confining pressure. The influence of confining pressure on the
damping ratio of sand is slight, but it can still be seen that the damping ratio decreases with the increase of confining
pressure, especially when the dynamic elastic strain is relatively low. The interlayer displacement between the top and
middle plate is 2.1 mm and the interlayer displacement angle is 1/2650. The interlayer displacement between the middle and
bottom plate is 1.7 mm and the interlayer displacement angle is 1/4117. Under the action of fortification earthquake, the
interlayer displacement angles of Taiyuan Street station are less than 1/550, indicating that the structure meets the

seismic requirements.

1. Introduction

With the strategy of a country with a strong transportation
network, the construction of an urban subway has entered a
stage of rapid development in China. Although the complex
structure of the subway station has rich functions and can
promote regional development, its seismic response is also
difficult to obtain accurately because of its complex structure
under earthquakes [1, 2]. With the emergence of cases of
serious damage to underground structures caused by
earthquakes, more and more scholars began to do a lot of
research work in this field [3, 4].

In the theoretical analysis, Newmark [5] and Kuesel
[6] proposed a simplified algorithm for free field strain
under the condition of the simple harmonic incident at
any angle in isotropic elastic homogenization. Luco and
Barros [7] studied the seismic response of circular

underground structures in semi-infinite elastic space
under SH wave by using the method of combining finite
elements with a wave function and the indirect boundary
integral method based on two-dimensional Green’s
function. Davis et al. [8] derived the analytical solution
of P-wave and SV-wave scattering by underground
structures in semi-infinite space through the large arc
assumption method. Pang et al. [9] proposed a novel
model to analyze the seismic response and reliability
level of a subway station, and the presented model can
generate completely nonstationary ground motions. The
characteristics of earthquakes have notable influences on
the dynamic structural behavior of underground struc-
tures. Qiu et al. [10] proposed a modified simplified
analysis method to evaluate seismic responses of a large
subway station in a complex area. Based on the presented
model, the seismic response of the support structure was
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divided into two categories such as the kinematic in-
teraction effect and the inertial interaction effect.

In the physical model experiments, Tomari and Towhata
[11] used a shaking table test to explore the seismic response
of flexible section structure under the condition of a lig-
uefiable site and discussed the influence of natural vibration
frequency and backfill dilatancy on structural characteristics.
The shaking tests on the seismic response characteristics of
the underground structure in the liquefiable site are in-
vestigated by An et al. [12]. Wu et al. [13] studied the dy-
namic response and spectrum characteristics of a tunnel
using shaking table tests. A centrifuge shaker model test of a
subway station on a liquefiable foundation was carried out,
which studied the process in which damage occurs during an
earthquake. Several dynamic centrifuge tests were conducted
to investigate the seismic structural response and failure
model of the underground structure system. The vertical
load notably increases the axial forces on the frame columns
to reduce the horizontal deformation capacity [14]. Miao
et al. [15] investigated soil-structure interactions on the
seismic response of metro stations using a series of
experiments.

In the aspect of numerical simulation, Chen [16] et al.
conducted numerical research on the dynamic response of
subway stations under seismic load in shallow soft soil sites.
Taking the interval tunnel of Beijing Metro Line 7 as an
example, Li et al. [17] established the numerical model of the
cross tunnel by using FLAC3D software and studied the
seismic response characteristics of a closed pasted cross
tunnel under strong earthquakes. Lu and Huang [18]
established the three-dimensional refined model of the
upper and lower intersecting metro tunnel using MIDAS
software, and the dynamic response law of the subway cross
tunnel is analyzed. Ma et al. [19] established the finite el-
ement model of tunnel soil and the dynamic response of the
silty sand layer is analyzed. Liu et al. [20] proposed a seismic
control technology for shallow buried underground struc-
tures. The finite element models are established and eval-
uated for the support system. The results indicate that the
technology can effectively reduce the horizontal displace-
ment of the central support system and provide a reference
for the ability of earthquake prevention. Du et al. [21, 22]
proved that the axial compression ratio of the central col-
umn increased notably under the combined action of
horizontal-vertical loads, which reduced deformation ca-
pacity in the horizontal direction.

In summary, the dynamic response of a large metro
station has been investigated using theoretical analyses,
physical experiments, and numerical simulations. Due to the
rapid development of computer technology, numerical
software is widely used in geotechnical engineering. How-
ever, it is little for investigation of the seismic responses
using numerical software considering the local seismic load.
Thereby, considering shortcomings of the aforementioned
investigations, the structural deformation of subway station
under seismic load is further evaluated and several key
contents are as follows: (1) The dynamic elastic modulus and
damping ratio of sand are studied based on the dynamic
characteristic experiment of soil. (2) A series of design
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acceleration time history curves are obtained using the
proposed methods. (3) The seismic response of underground
structures is evaluated by a three-dimensional numerical
simulation.

2. Engineering Survey

Taiyuan Street Station of line 4 is located in a prosperous
commercial area, mainly surrounded by shopping malls and
business buildings. The passenger flow is relatively con-
centrated and the risk source is large, as shown in Figure 1.
The auxiliary structure of Taiyuan Street station includes 3
entrances and exits, 2 air ducts, 1 transfer channel, and 2
emergency exits. The station is a three-span island platform
station on the second floor underground, with a length of
231.7 m, a standard section width of 25.3 m, and a platform
width of 14 m. The buried depth of the bottom plate of the
station is approximately 27 m and the covering soil of the top
plate is 10.57 m. The main structure of the station is con-
structed by the PBA method of concealed excavation, as
shown in Figure 2. The main measures of the PBA method
are as follows: bored cast-in-place piles(¢1000@1200) are
mainly used for side piles, a steel support is set, and the
dewatering scheme outside the pit is adopted. The proposed
site is mainly composed of miscellaneous fill, a cohesive soil
layer, a silty soil layer, and a sandy soil layer (Table 1).

3. Experimental Study on Dynamic
Characteristics of the Soil

Considering that the dynamic shear modulus and damping
ratio of soil are important parameters of soil dynamic
characteristics, they are indispensable in the seismic safety
evaluation of the engineering site and the seismic response
analysis of the soil layer. The rationality of parameter se-
lection will directly affect the safety and economy of the
engineering building structure. The variation law of dynamic
elastic modulus and damping ratio of sand is studied in this
section..

3.1. Experiment Preparation. The dynamic characteristic test
of soil was completed with the assistance of the laboratory of
Northeast University. The indoor test was carried out
according to the typical sandy soil in Shenyang. Silt is the soil
sample of the bidirectional dynamic triaxial test system
produced by GDS company, as shown in Figure 3. Remolded
soil samples with a diameter of 39.1 mm and a height of
80 mm were used in the test. The remolded sample is pre-
pared by the multilayer wet tamping method, which is
carried out in five layers. The dry density of the silty sand
sample is 1.55g/cm’. The consolidation stress of the silt
sample is 50kPa, 100kPa, and 150kPa respectively. The
weight of each layer of the soil sample is determined
according to the dry density and predesigned water content
of the soil sample and compacted to the corresponding
height. The contact surface of each layer is scratched to
ensure a good upper and lower contact.
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3.2. Result Analysis

3.2.1. Dynamic Elastic Modulus. The relationship curve
between dynamic elastic modulus and dynamic elastic strain
of the sample under different confining pressures is shown in
Figure 4. It can be seen from the figure that with the gradual
increase of dynamic elastic strain, the dynamic elastic
modulus decreases and the stiffness softening phenomenon
occurs. At the beginning of the cycle, the curve is steep and
the stiffness softening rate is fast. Then, with the increase of
dynamic elastic strain, the curve tends to be flat and the
stiffness softening rate decreases. For the same strain level,
when the confining pressure increases, the dynamic elastic
modulus increases. The dynamic elastic modulus tends to
increase with the increase of confining pressure because the
void ratio of the sample decreases with the increase of
confining pressure, the relative density increases, and the
contact point of soil particles increases, which makes the
stress wave propagate faster in the soil, thus increasing the
dynamic elastic modulus. The dynamic elastic modulus of
sand decreases with the increase of dynamic elastic strain
and increases with the increase of confining pressure.

3.2.2. Damping Ratio. The relationship curve between the
damping ratio and dynamic elastic strain under different
confining pressures is shown in Figure 5. It can be seen from

the figure that the damping ratio of sand increases with the
increase of dynamic elastic strain. In a small strain, the
damping ratio increases rapidly with the increase of dynamic
elastic strain; then, the curve tends to be flat. It shows that
the change of strain lags behind the change of stress in the
process of vibration is limited. At the same time, the in-
fluence of confining pressure on the damping ratio of sand is
not significant, but it can still be seen that the damping ratio
decreases with the increase of confining pressure, especially
when the dynamic elastic strain is relatively low.

4. Site Design Ground Motion Parameters

4.1. Synthetic Ground Motion Time History of Bedrock. In the
seismic response time history analysis, the selection of an
appropriate ground motion acceleration time process is very
important. Although the number of actual seismic records
has greatly increased in the past few decades, the site
conditions of the recording sites may be very different from
the construction site conditions we are concerned about. We
need a set of ground motion samples that meet the same
statistical characteristics as the seismic response input. In
this section, based on the above-ground motion charac-
teristic parameters of the project site, the triangular series
superposition simulation method is used to synthesize the
bedrock ground motion time history. The calculation model
is as follows:

X" (t) = f(£) ). Cycos (wyt +¢;) = f (Da(t), (1)
k=0
a(t) = z Cy cos (wt + ¢p). (2)
k=0

In the formula, ¢, is the random phase angle uniformly
distributed in the (0, 27) interval; C, and wy is the amplitude
and frequency of the k-th frequency component, respec-
tively; f(t) is the strength envelope function, which is a
definite function of time; and a(¢) is a stationary Gaussian
process.

It can be seen from equation (1) that the synthetic ac-
celeration time history x” (t) with the characteristics of a
nonstationary random process is the product of a Gaussian
process a(t) with the characteristics of a stationary random
process and an intensity envelope function f (t).

The coeflicient C;. in equation (2) can be determined by a
given power spectral density function S(w,) , where we
obtain as follows:

2k

1 9= (3)
A _271
[ 2T

where t is the total holding time of the stationary random
process. In order to use the acceleration response spectrum
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TABLE 1: Soil parameters.

. Weight Dynamic elastic modulus Dynamic Poisson ~ Cohesion Internal friction angle

Soil Depth (m) (kN/m?) (MPa) ratio (kPa) ©)
Backfill soil 2.0 17 93.7 0.41 0 6
Fine sand 2.7 19.5 279.6 22 3 26
Medium coarse 22 19.8 611.5 30 0 32
sand

Gravel sand 8.7 20 660.9 32 0 34
Silty clay 2.1 19 283.3 20 18 14
Boulder clay 7 20.0 1036.8 — —
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as the target spectrum of artificial acceleration time history,
the following approximate relationship between the re-
sponse spectrum and power spectrum can be used to replace
S(wy) in equation (3);

1

In [-n/wT1n (1 - P)]’ @

S(@) =~ [T @]’

In the formula, ST (w) is the given target acceleration
response spectrum, { is the damping ratio, ¢ is the duration,
and P is the exceedance probability of the response.

The intensity envelope function f(t) is related to the
magnitude, epicenter distance, geological structure back-
ground, site soil conditions, and other factors and reflects the
unstable characteristics of ground motion with time. Gen-
erally, the strength envelope function f (t) is expressed by
the following piecewise function:

(t/t,)’, 0<t<t,
ft)y=41, t, <t<t,, (5)
ec(h) oy <ty

where (0,t1) is the rising section, (f,t,) is the stationary
section, (t,,t;) is the attenuation section, and C is the at-
tenuation coeflicient. Since the relationship between the
response spectrum and the power spectrum represented by
equation (4) is approximate, the response spectrum calcu-
lated according to the initial time history is generally only
approximate to the target response spectrum. In order to
improve the fitting accuracy, iterative adjustment is re-
quired. When the difference between the calculated response
spectrum and the target response spectrum is less than the
control accuracy (take 5%), the iteration is stopped.

4.2. Dynamic Response Analysis of Site Soil

4.2.1. Calculation Model of Dynamic Response of the Site Soil
Layer. The results of site engineering seismic conditions
show that within the scope of the project site, the changes in
medium characteristics and terrain are not very significant
along the horizontal direction. Therefore, the influence of
site conditions on seismic ground motion is considered
based on a one-dimensional site model. The equivalent
linearization method of one-dimensional soil shear dynamic
response analysis is used in the study of the influence of the
one-dimensional site model on earthquake ground motion.
Its basic principle is as follows:

It is assumed that the shear wave is incident vertically
from the viscoelastic semi-infinite bedrock space into the
horizontal layered (N-layer) nonlinear soil and propagates
upward. For this calculation model, according to the wave
propagation theory, the dynamic response value of the field
ground medium can be calculated by using the time-fre-
quency transformation technology, combined with the
complex damping simulation of the nonlinear characteris-
tics of soil and the equivalent linearization method.

A shear harmonic is set to incident vertically upward
from the calculated base and propagate in the soil layer.

According to the wave theory and complex damping theory,
the medium motion in each soil layer must meet the wave
equation:

2 2
U (xet) OV, (1)

Pior T ©

where U i (x,t) is the displacement value of medium reaction
in the soil layer j, p; is the density of the medium in the soil
layer j, G5 is the dynamic complex shear modulus of the
medium in the soil layer j, G} is given by the following
equation:

GS = [1+21(7,)i]Gja(vse)Gjor @

whereGj, is the maximum dynamic shear modulus of
medium in soil layer, jG;; (y;.),A;(y;c) is the dimensionless
coefficient of equivalent dynamic shear modulus and hys-
teretic damping ratio of the medium in soil layer, and jy , is
the maximum dynamic shear modulus of the medium in soil
layer j

The medium motion between soil layers meets the
conditions of displacement continuity and stress continuity.

UJ (x’ t)|x:Hj =Uj+1 (x’ t)|x:0’
7 (e8] Ly =T (60 8)
T, (%, 1), = 0.

In the formula, H; is the layer thickness of the j-th soil
layer, and it is specified that the vertically downward di-
rection is the positive direction of the X coordinate and the
coordinate origin is placed at the top of each soil layer.
Through formula (6), the frequency domain value of the
medium reaction quantity in the soil layer can be obtained
by using the known calculated base incident wave value, and
then, the time domain value of the medium reaction
quantity in the soil layer can be obtained by using the Fourier
transform method.

Considering the nonlinear characteristics of soil, the di-
mensionless coefficient of equivalent dynamic shear modulus
and hysteretic damping ratio of each soil layer are functions of
equivalent shear strain. Therefore, in the actual calculation,
the initial equivalent dynamic shear strain of the medium
reaction in each soil layer is assumed and the response cal-
culation is carried out by using the abovementioned method.
Then, the maximum shear strain response of the medium at
the midpoint of each soil layer is calculated. Finally, the
maximum shear strain of the medium reaction at the mid-
point of each soil layer multiplied by the reduction coefficient
(0.65) is taken as the calculated value of the equivalent shear
strain of the medium in the soil layer. We compare the
equivalent shear strain used in the calculation with the
equivalent dynamic shear modulus and hysteretic damping
ratio corresponding to the calculated equivalent shear strain.
If the relative error is less than the given allowable error (0.05),
it is considered that the consideration of the nonlinear
characteristics of soil meets the requirements. Otherwise, we
replace the initial equivalent shear strain value with the latest
calculated equivalent shear strain value and repeat the



abovementioned calculation process until the relative error is
less than the allowable error.

4.2.2. Determination of Dynamic Parameters of the Site Soil
Layer. Focal characteristics, propagation path, and local site
conditions are the main factors affecting the ground motion
of the site, and the influence of local site conditions is
particularly prominent in a small area. Therefore, the en-
gineering geological exploration in the proposed site and the
determination of the type, stratification, and thickness of the
site soil are essential work in the seismic response calcu-
lation. The analysis and determination of dynamic me-
chanical indexes of site soil (such as bulk density, shear wave
velocity, shear modulus ratio curve, and damping ratio
curve) are very important for site dynamic response analysis.

In this work, the existing data are sorted out according to
the requirements of soil seismic response analysis and cal-
culation. According to the borehole data of the site, a
borehole with shear wave velocity data is taken as the cal-
culation control point for each station site and station-to-
station interval. In the seismic response calculation, the
medium with a shear wave velocity greater than 500 m/s is
determined as the seismic input interface and the shear wave
velocity of the soil below this layer is greater than 500 m/s.

4.3. Site Design Ground Motion Parameters. On the basis of
the seismic response calculation results of the site soil layer
obtained in the previous section, the design ground motion
parameters of the project site in this section will be given,
including the design peak ground motion acceleration and
acceleration response spectrum. The design peak ground
acceleration is determined by comprehensively considering
the peak value of the sample and the short-period accel-
eration response spectrum. The design acceleration response
spectrum is determined by using the average fitting method
for the calculated acceleration response spectrum.

The design ground motion acceleration response spec-
trum of the project site is taken as follows:

Sa(T) = ApaxB (T,

A (9)

_ maxﬁmax
max ~ 4

9
where A, is the design peak ground acceleration, «,, the
maximum value of seismic influence coefficient, g is the
gravitational acceleration, and B(T) is given in the form
of{ Code for seismic design of Highway Engineering» JTG
B02-2013):

r1+M, 0<T<T,(s),
T,
FII=0 B T,<7<T,(s, (19
BT /T), T>Ty(9),
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where T is the natural vibration period of the structure, 8.,
is the maximum value of the response spectrum, T is the
initial period of the platform section with the maximum
response spectrum, T', is the characteristic period, and y is
the attenuation index of the falling section of the response
spectrum.

4.4. Design Acceleration Time History. In this work, the
artificial ground motion is synthesized according to the
calculated peak value and response spectrum results.
Formula (10) is used to calculate the horizontal ground
motion acceleration response spectrum results combined
with the 50-year exceedance probability of the project site
of 10%. The relative error between the time history re-
sponse spectrum and the target spectrum is less than 5%.
The synthesis takes 0.02 seconds as the step length, and the
envelope function mainly considers the influence of long-
period ground motion. By calculating the equivalent
magnitude and equivalent distance of ground motion
corresponding to the natural vibration period of the
structure, the envelope parameters used are determined.
The horizontal acceleration time history curve of each
exceedance probability and its fitting with the target
spectrum are shown in Figures 6 and 7.

5. Response Analysis of the Structure

5.1. Finite Element Model. The finite element model of the
subway station is established by Midas-GTS software, and
the response analysis of the subway station under seismic
load is carried out using the time history method. The di-
mension of the numerical model is selected as
100 m x40 m x 47 m to include most of the soil affected by
the excavation. That is, the side artificial boundary of the
calculation model is 3 times the horizontal effective width of
the subway station. The lower boundary is to the equivalent
bedrock surface, and the upper surface is taken to the actual
surface. Horizontal and vertical seismic acceleration loads
are applied at the bottom of the model, and the peak value of
vertical acceleration is 65% of the horizontal acceleration.
Free field boundary conditions are set around the calculation
model. To prevent seismic wave reflection, the unit width of
the free boundary is set to 1000 km and the bottom of the
model is a fixed constraint. To ensure calculation accuracy
and reduce the calculation time as much as possible, the grid
near the main structure of the station is densified. The
stratum is simulated by a three-dimensional solid element,
the station secondary lining is simulated by a plate element,
and the middle column and longitudinal beam are simulated
by a beam element. The Mohr-Coulomb model is adopted
for the soil constitutive relationship and the elastic-plastic
model is adopted for station lining. The calculation model is
shown in Figure 8.

5.2. Result Analysis. The safety of the station under earth-
quake is directly affected by the relative displacement of the
top and bottom plates of the subway station. It can be seen
from Figure 9 that under the seismic conditions of
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FiGUure 9: Horizontal displacement at the moment of maximum relative deformation of the top and bottom plates. (a) Overall horizontal

displacement. (b) Horizontal displacement of the structure.

fortification intensity, the maximum horizontal displace-
ment of the bottom plate is 18.8 mm. The horizontal dis-
placement of the middle plate and the bottom plate are 16.7
and 15.0 mm, respectively. Therefore, the interlayer dis-
placement between the top plate and the middle plate is
2.1 mm and the interlayer displacement angle is 1/2650. The

interlayer displacement between the middle baseplates is
1.7 mm and the interlayer displacement angle is 1/4117, see
Figure 10. Under the action of a fortification earthquake, the
inter story displacement angle of Taiyuan Street station is
less than 1/550, indicating that the structure meets the
seismic requirements.
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FiGure 10: Relative displacement history curve of the top and
bottom plates.

6. Conclusions

(1) The dynamic elastic modulus of sand decreases with
the increase of dynamic elastic strain and increases
with the increase of confining pressure. The influence
of confining pressure on the damping ratio of sand is
slight, but it can still be seen that the damping ratio
decreases with the increase of confining pressure,
especially when the dynamic elastic strain is rela-
tively low.

(2) The interlayer displacement between the top and
middle plate is 2.1 mm and the interlayer displace-
ment angle is 1/2650. The interlayer displacement
between the middle and bottom plate is 1.7 mm and
the interlayer displacement angle is 1/4117. Under
the action of a fortification earthquake, the interlayer
displacement angles of Taiyuan Street station are less
than 1/550, indicating that the structure meets the
seismic requirements.
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Affected by confined aquifer, basal inrush accidents caused by excavation are common in foundation pits, and accurate estimation of the
safety thickness of the base is a big concern of engineers. In this paper, a three-dimensional failure mechanism of base inrush was
constructed for a rectangular foundation pit. In this mechanism, the strength of the soil mass was assumed to be nonhomogeneous along
the depth, and the soil-mass failure satisfied the linear and nonlinear Mohr-Coulomb strength criteria. Then, based on the limit
equilibrium theory, the prediction method for the safety thickness of the base against confined water inrush was deduced, and a
comparison with existing research works was conducted. Furthermore, the influence laws of soil strength parameters, pit design
parameters, and confined water pressure on the critical safety thickness were analyzed. The results show that the critical safety thickness
of the base is positively correlated with nonlinear coeflicient and confined water pressure but negatively correlated with cohesion,
internal friction angle, nonhomogeneity coeflicient, and unit weight. The soil strength is a key factor affecting the base safety thickness,
which should be paid enough attention to in engineering design and construction. The research findings in this paper can provide a

theoretical reference for the prevention and control of basal inrush accidents in confined water strata.

1. Introduction

In recent years, with the continuous advancement of ur-
banization in the world, the scale of all kinds of infra-
structure construction is increasing, and the surface space is
gradually becoming crowded. A series of problems such as
population surge, traffic congestion, and environmental
pollution have also become increasingly prominent. Ra-
tional development and utilization of underground space
can effectively alleviate the above problems; it is one of the
important ways to achieve sustainable and healthy urban
development in the future. In the development process of
urban underground space, the open-cut method is one of the
most commonly used construction methods. In this method,
accompanied by a series of complex projects such as urban
subways, utility tunnels, and high-rise buildings, a large
number of deep foundation pits with complex geological

conditions have emerged in recent years, bringing great
challenges to project safety construction. According to the
existing data, the foundation pit accidents caused by
groundwater account for about 45%-70% of all kinds of
accidents. Especially in the confined water area, the inrush
disaster caused by the action of the bottom confined water is
more common, and it is easy to induce the collapse of
foundation pits and destruction of supporting structures,
which are big concerns of engineering design and con-
struction personnel.

At present, the basal inrush failure mechanism of the
foundation pit subjected to confined water has always been
the concern of many scholars. The commonly used research
methods include theoretical analysis, numerical simulation,
and laboratory tests. For instance, Terzaghi [1] concluded
that the seepage failure zone of the foundation pit base is
mainly near the enclosure structure according to the model
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test and established the foundation pit inrush discriminant
based on the test results. Marsland [2] conducted model
tests at a building research station to determine the types of
failures that occur due to water seepage in strutted sheeted
excavations in noncohesive soils and investigated the in-
fluences of the cofferdam width, the penetration depth of
the sheeting, and the soil conditions. Liu and Wang [3]
analyzed the influence of the pressure water in shallow silty
on excavation and proposed a series of measures to ensure
safety during the pit excavation. Fontana [4] assessed the
safety coefficient by comparing the exit gradient with the
critical gradient and concluded that the experimental data
and theoretical values were close if the thickness of the sheet
pile and the ground surface deformation were properly
taken into account. Wudtke [5] investigated the kind and
the mechanism of hydraulic heave at excavations in co-
hesive soils and carried out a series of tests to visualize the
failure mechanism in cohesive soil; finally, he proposed a
series of factors that the failure type basically depends on.
Do et al. [6] investigated basal heave stability of deep ex-
cavations in soft clay and employed three methods to es-
timate factors of safety against basal heave. Do et al. [7]
investigated four failure mechanisms of excavations and
proposed that reasonable stability of excavations was esti-
mated by the FEM in the case of elastoplastic support
system. Ding et al. [8] analyzed the influence laws of in-
duced factors (confined water head, length, and width of the
foundation pit) on the plastic deformation failure of
foundation pit inrush based on the three-dimensional finite
element calculation model. The results show that the uplift
deformation and inrush plastic deformation failure of the
soil under the foundation pit have a nonlinear relationship
with the confined water head and the width of the foun-
dation pit. Goh [9] assessed the basal heave stability of
diaphragm wall supported circular excavations in clays
using the finite element method and proposed a simplified
method for assessing the basal heave factor of safety for
axisymmetric supported excavations. Huang et al. [10]
proposed a new failure mechanism to evaluate the basal
stability of excavations with embedded walls in undrained
clay and analyzed two failure field cases in anisotropic clay
using this mechanism.

In strata containing confined water, sufficient base safety
thickness of the foundation pit is very necessary to prevent
inrush disaster. For example, in the current foundation pit
codes of China and Japan, the theoretical prediction formula
of basal inrush disaster is given on the basis of the pressure
balance method. In this method, it is considered that inrush
failure occurs if the dead weight of the bottom soil mass is
smaller than the confined water pressure; the influence of
soil strength is ignored. Specific to this problem, Ma et al.
[11] proposed a calculation method for the critical thickness
of the foundation pit base based on the relevant theories of
structural mechanics. Yang and Zheng [12] took the exca-
vation of a subway station as an example and put forward the
calculation formula of base inrush to correct the code
method by considering the shearing strength of soil mass.
Wang et al. [13] obtained the method for determining the
critical thickness of the base plate of the foundation pit based
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on elastic theory. Liu et al. [14] derived a new checking
formula for anti-inrush of the foundation pit by considering
shear strength and the dead weight of the foundation pit base
and considering seepage factors of the foundation pit base.
Sun [15] conducted a series of centrifugal model tests to
investigate the failure mechanism of the foundation pit and
proposed a theoretical approach to the basal stability analysis
of deep excavation against a confined aquifer. Chen et al.
[16] established the numerical model of PIP braced exca-
vation in Shanghai soft clay overlying a confined aquifer and
investigated the coupling effects of re-excavation and hy-
draulic uplift on base instability. Hu et al. [17] proposed the
basic equation of unsteady seepage and stress coupling and
investigated the stability of a deep foundation pit adjacent to
water.

It should be noted that the above research works are all
conducted on the basis of the linear Mohr-Coulomb failure
criterion. A large number of laboratory tests [18-21] have
shown that the strength envelope of soil mass is closer to an
outer convex curve rather than the traditional linear re-
lationship. Therefore, a nonlinear criterion is more accurate
to describe the failure of soil masses. Meanwhile, under the
action of long-term overloading within the strata, the soil
mass may present obvious nonhomogeneity. By consid-
ering these factors and based on the existing research work,
the nonlinear failure characteristics and the non-
homogeneity of soil masses are further incorporated in this
paper, and a three-dimensional basal inrush failure
mechanism for a rectangular foundation pit is constructed.
Then the formula for predicting the critical safety thickness
of the base is derived on the basis of the limit equilibrium
method. The influence laws of different soil parameters,
foundation pit design parameters, and confined water
pressure on the critical thickness are obtained. The research
findings in this paper can provide a theoretical reference for
the basal inrush failure of foundation pits in confined water
strata.

2. Inrush Failure Mechanism for a Rectangular
Foundation Pit

2.1. Calculation Model in Current Technical Codes. At
present, in the technical codes of foundation pits in China
and Japan, the calculation model of base inrush is established
on the basis of the pressure balance method, as shown in
Figure 1. In this model, it is assumed that there is a confined
aquifer below the pit bottom and that the water head of the
confined aquifer is higher than that of the pit bottom. The
formula for calculating the inrush stability subjected to the
confined water can be expressed as follows:

D,y
H, vy

2I<ty, (1)

where K, is a safety factor that is greater than or equal to 1.1,
y is the unit weight of the soil mass, y,, is the unit weight of
the water, D, is the critical safety thickness of the base
against confined water inrush, and H,, is the height of the
confined water head.
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FIGURE 1: The calculation model of base inrush stability in current
codes.

2.2. The Inrush Failure Mechanism Proposed in This Paper.
In this paper, a rectangular foundation pit with depth H,
width B, and length L is selected for analysis. According to
the current codes and the research works by Yang and Zheng
[12], Liu et al. [14], and Sun [15], a three-dimensional failure
mechanism of base inrush is constructed, as shown in
Figure 2. The inrush failure range is considered to be a red
cube in Figure 2. Specifically, it is assumed that when the
confined water pressure at the bottom exceeds the strength
and dead weight of the upper soil mass, the inrush failure
will occur. The bottom soil mass will slide upward along the
vertical failure surface. The corresponding critical safety
thickness is D,. Meanwhile, the influence of supporting
structure is neglected in the proposed mechanism, which can
be regarded as the most unfavorable failure case and can
ensure the safety of engineering design. Compared with the
calculation model in current codes, the presented failure
mechanism in Figure 2 considers the influence of soil shear
strength, which may be closer to reality. Accordingly, the
normal stress at the corresponding soil failure surface is g,,,
and the shear stress is 7,,.

In the mechanism shown in Figure 2, we assume that
the failure of the basal soil mass meets the following two
criteria.

2.2.1. Mohr-Coulomb Failure Criterion. Mohr-Coulomb
failure criterion is one of the most widely used strength
criteria in geotechnical engineering. And its form is simple
and can effectively describe the shear failure characteristics
of soil masses. Accordingly, the normal stress o, and shear
stress 7, at any point on the soil failure surface should meet
the following expression:

T,=0,tan@ +c, (2)

where ¢ and ¢ are the cohesion and internal friction angle,
respectively.

2.2.2. Nonlinear Mohr-Coulomb Failure Criterion. A large
number of laboratory tests [18-21] have shown that the
relationship between the normal stress and shear stress
corresponding to soil failure is not strictly linear. Especially
in the low-stress region, the strength envelope of soil masses
is closer to an outer convex curve. Thus, a nonlinear
Mohr-Coulomb failure criterion is also used to describe the
nonlinear characteristics of soil masses, as shown in Figure 3.
The corresponding expression is

7, = ¢o(1+ 0,00,)"™, (3)

where ¢, is the cohesion of soil mass, o, is the tensile
strength, and m is a nonlinear coefficient. When m = 1.0, the
nonlinear Mohr-Coulomb failure criterion in equation (3)
can be converted to the linear Mohr-Coulomb failure
criterion.

In addition, due to long-term overburden and sedi-
mentation, the soil mass may present a property of non-
homogeneity, which will have a significant impact on its
shear strength of itself. According to the research works by
Huang et al. [22], Wang et al. [23], and Liu et al. [24], it is
assumed that the cohesion of the soil mass increases linearly
with depth in Figure 2, as shown in Figure 4.

Based on the nonhomogeneity model in Figure 4, the soil
cohesion at the ground surface is assumed to be ¢,;. Then, in
the linear and nonlinear Mohr-Coulomb expressions in
equations (2) and (3), the cohesion at any depth inside the
basal soil mass can be expressed as follows:

A(H+z)]

+ 4
H+ D, @

c(z) = cm[l

where A is a coefficient reflecting the nonhomogeneity of soil
mass.

3. Determination of Critical Safety Thickness of
the Base

3.1. Critical Safety Thickness Based on Mohr-Coulomb Failure
Criterion. According to the inrush failure mechanism of the
base in the rectangular foundation pit in Figure 2, the
vertical dead weight stress at any position of the soil failure
surface is

o, =y(H+2). (5)

Correspondingly, the normal stress at the soil failure
surface is

0, = yK,(H + z), (6)

where K| is the lateral pressure coefficient. According to the
linear Mohr-Coulomb failure criterion and soil non-
homogeneity and by using equations (2), (4), and (6), the
shear stress at any point of the soil failure surface can be

expressed as follows:
AMH +z)
T, =0 tang +c=yKy(H+2)tang + ¢y | 1 + ————|.

+
H + D,
(7)
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The total shear force at the failure surface of the soil mass
can be obtained by integrating equation (7) and can be

expressed as follows:
D

F=2(B+L)j 7,dz

0
=2(B+L)D,

H+ D,

-{yK()(H +%>tanq) + c01|:1 +M:| }

(8)

The total weight of the soil mass within the inrush failure
area of the foundation pit base is

G = BLD,y. 9)

The total inrush destructive force generated by confined
water under the foundation pit base is:

F,, = BLp,, (10)

The inrush fajlure of the foundation pit base is jointly
borne by the dead weight of the upper soil mass and the
shear force at the failure surfaces. In order to ensure the
safety of the foundation pit base, by referring to the cal-
culation formula in equation (1) given in the current code,
the following calculation formula can be constructed:

G+F>1[< (11)
F,, —7
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where K., is a safety factor for characterizing the inrush
stability of the foundation pit base.

By substituting equations (8)-(10) into equation (11), the
following calculation formula of the critical safety thickness
D, against basal inrush in rectangular foundation pits can be
obtained:

yK, (B +L)tan(p-D§
+{yBL+ (B+L)- [3yHK,tan¢ + ¢, (2 +1)]}

.D? + H{yBL + (B + L) [2yHK tan ¢ + 2c(; (1 + 1)]

-K,BLp,} D, - BLHK, p, >0. (12)

When the soil strength parameters and design param-
eters of the foundation pit are known, the theoretical
calculation value of critical safety thickness D, can be ob-
tained by using equation (12) according to the inrush safety
factor.

3.2. Critical Safety Thickness Based on Nonlinear
Mohr-Coulomb Failure Criterion. According to the non-
linear Mohr-Coulomb failure criterion, by substituting
equations (4) and (6) into equation (3), the shear stress at
any height of the failure surface of the foundation pit base
can be expressed as follows:

1/m
Gn
T, =c¢f|l1+—
Oy

1/m
1A [ )]
H + D, o,

(13)

By integrating equation (13) along the inrush failure
surfaces of the foundation pit base, the total shear
force generated at the failure surfaces can be obtained as
follows:

D

F=2(B+L)J ‘1,dz
0

2¢y; (B+L)mo, o, +yK, (H+Dy) (4m)/m
2o (B LImay g | v Rt E D)
(1+m)yK, o

L4 AH o.+yK,H (Lm)fm Amo,
H+D, o, (H+D,)(1+2m)yK,

. 0t+YK0(H+DS) (1+2m)/m_ 0t+YK0H (1+2m)/m
0y Ot ‘

(14)

According to equation (9) and (10), equation (14) is
substituted into equation (11), and the calculation
formula of critical safety thickness D, can also be obtained as
follows:

2¢y, (B+L)mo, o, +yKy (H+D,) (1+m)/m
— = (1+))| —————=
(1+m)yK, o,

s AH o +yK,H (L4m)/m
H+D;, o

Ama,
(H+Dy)(1+2m)yK,

ot yKo (D) oy
0y o

+BLD,y- K BLp,,>0.

(15)

At this time, when the nonlinear strength parameters
and the design parameters of the foundation pit are known,
the critical safety thickness D, of the rectangular foundation
pit base under the nonlinear Mohr-Coulomb failure crite-
rion can be obtained by using equation (15).

4. Discussion and Analysis

4.1. Comparison with Existing Research Works. In the current
codes, the inrush calculation model of the foundation pit
base is established on the basis of the pressure balance
method without considering the influence of soil strength.
To solve this problem, Sun [15] carried out the centrifugal
model test of foundation pit inrush and proposed a theo-
retical prediction method of critical base thickness based on
the Mohr-Coulomb criterion. In order to further verify the
effectiveness of the calculation method in this paper, when
the size B(width) x L(length) of the foundation pit is
8mx 16m, 10m x 20m, and 12 m x 24 m, respectively, the
method proposed in this paper, the current code method,
and the method proposed by Sun [15] are used for a
comparative analysis in this section. The specific calculation
parameters are as follows: excavation depth H = 3 m, soil
cohesion ¢;; = 30kPa, internal friction angle ¢ = 30°, unit
weight y =18kN/m’, and lateral pressure coefficient
K, = 0.8. Meanwhile, this section considers two non-
homogeneity coefficients of A = 0 and A = 0.5, respectively,
for comparative analysis. Figures 5-7 show the variation
curves of the critical safety thickness of the foundation pit
base inrush with confined water pressure P,,. It can be seen
from Figures 5-7 that the critical safety thickness of the
foundation pit base under the three calculation methods
increases with the increase of confined water pressure.
Meanwhile, the calculation results of this method are slightly
smaller than those of the method proposed by Sun [15], but
the results of these two methods are close to each other, and
both are smaller than the code calculation results. This shows
that the code method is relatively conservative under the
premise of ensuring the safety of the foundation pit base,
while the proposed method in this paper is relatively eco-
nomical. In addition, by comparing the calculation results in
Figures 5-7, it can also be seen that the excavation size of the
foundation pit also has a certain influence on base stability.



14

D (m)

110 130 150 170 190
P, (kPa)

—m— Current code

—e— This paper, A=0

—A— This paper, A=0.5

~¥— The method I by Sun (2016)
~¢— The method II by Sun (2016)
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As the excavation size increases, the critical safety thickness
of the base also increases accordingly.

4.2. Effects of Different Linear Mohr-Coulomb Parameters.
Based on the traditional linear Mohr-Coulomb failure
criterion, this section analyzes the influence laws of non-
homogeneity coeflicient, cohesion, internal friction angle,
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FiGure 7: Critical safety thickness of the base corresponding to
BxL=12mx24m.

and unit weight on the critical safety thickness of the
foundation pit base under different excavation sizes. The
following parameters are selected as a standard group for
calculation: foundation pit size B x L = 10 m x 20 m, exca-
vation depth H =6m, cohesion cy =30kPa, internal
friction angle ¢ = 30°, unit weight y = 18kN/m”, lateral
pressure coefficient K, = 0.8, confined water pressure
P, =150kPa, and safety factor Ky, = 1.1. When analyzing
the change of one soil parameter, the other parameters
remain unchanged. When cohesion ¢, is 10 ~ 50kPa, in-
ternal friction angle ¢ is 22° ~ 38, unit weight y is
14 ~ 22 kN/m?, and nonhomogeneity coefficient A is 0 ~ 1.0,
the corresponding variation curves of the basal critical safety
thickness are shown in Figure 8. It can be seen from Figure 8
that under the traditional linear Mohr-Coulomb strength
criterion, with the increase of cohesion, internal friction
angle, unit weight, and nonhomogeneity coefficient, the
whole strength of the soil mass and the capacity of the base
against inrush increase accordingly, and the corresponding
critical safety thickness of the foundation pit base decreases.

4.3. Effects of Different Nonlinear Mohr-Coulomb Parameters.
Similarly, based on the nonlinear Mohr-Coulomb strength
criterion, this section analyzes the influence laws of initial
cohesion at the ground surface, nonhomogeneity coefficient,
nonlinear coefficient, and unit weight on the critical safety
thickness of the base under different excavation sizes. In the
calculation process, the foundation pit size, excavation
depth, initial cohesion at the ground surface, lateral pressure
coefficient, unit weight, confined water pressure, and safety
factor are the same as those of the standard group in Section
4.2. When the initial cohesion at the ground surface ¢, is
10 ~ 50kPa, the unit weight y is 14 ~ 22kN/m’, the
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Figure 8: Effects of different linear Mohr-Coulomb parameters on critical safety thickness: (a) cohesion, (b) internal friction angle,

(c) nonhomogeneity coefficient, and (d) unit weight.

nonhomogeneity coefficient A is 0 ~ 1.0, and the nonlinear
coefficient m is 1 ~ 3, the variation curves of the basal’s critical
safety thickness under different nonlinear strength parameters
are shown in Figure 9. It can be seen from Figure 9 that under
the nonlinear Mohr-Coulomb strength criterion, the critical
safety thickness of the base is negatively correlated with the
initial cohesion at the ground surface, nonhomogeneity co-
efficient, and unit weight, which is consistent with the con-
clusion in Section 4.2. However, the critical safety thickness is
positively correlated with the nonlinear coefficient m. That is, as
the nonlinear coefficient of the soil mass increases, the overall

strength of the soil mass decreases, and the corresponding
critical safety thickness of the base increases.

4.4. Recommendations for Engineering Projects. According
to the influence laws of different parameters on the
critical safety thickness of the base, in order to further
guide the design of the foundation pit support and inrush
disaster prevention in confined water strata, this paper
provides the following recommendations for engineering
projects:
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