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In the article titled “Research on Integrated Design Specifically, these figure legends were included in the
of Modular Steel Structure Container Buildings Based = wrong order. The wording of all figure legends and the
on BIM” [1], there was an error in the legends of  images in all figures were correct, but the figure legends were
Figures 7-10. applied to the incorrect figure.

The correct figure and legends are as follows.
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FIGURE 9: Photo of pilot projects. (a) Container modular fire station under construction. (b) Photo of “Xiangyu” residence in Yangzhou
software park. (c) Indoor photo of the container pilot project. (d) Photo of Yangzhou Suburb park maker center.
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FIGURE 10: Finite element stress analysis on modules of a container building.
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To give an insight into the path attenuation and source characteristics of the 2019 Sichuan Changning earthquake sequence, 99
strong-motion recordings at 33 stations were studied. The S-wave Fourier amplitude spectra were used to determine the path-
attenuation function and key parameters of the seismic source characteristics of this sequence. The results show the following: (1)
The geometric spreading effect presents hinged-trilinear characteristics, and the corresponding geometric spreading rates were
-0.97, 0.29, and —0.73 with the crossover distances 90 km and 183 km. (2) The quality factor Q is correlated with frequency and
expressed as 217 x f % for the range from 0.1 to 10.0 Hz. (3) The seismic moment was inversely proportional to the cube of the
corner frequency, and their product was 2.37 x 10"°N.m/s’. (4) The stress drop varied from 1.18 to 12.44 MPa. Both the at-
tenuation effect and source parameters of this sequence are significantly different from those of the Lushan and the Wenchuan

aftershock sequences in the Sichuan region of China.

1. Introduction

At 22:55:43 (UCT+8) on June 17, 2019, an earthquake
with magnitude M; 6.0 struck the town of Shuanghe and
its surrounding area in Changning County, Sichuan,
China. It is the largest earthquake recorded in the
southern margin of Sichuan Basin till now, where seismic
activity had been frequented in recent years [1-3]. Then, a
series of earthquakes occurred after the mainshock. The
Changning Shuanghe anticline was developed in its vi-
cinity, with the axis of the anticline in the northwest
(NW)-southeast (SE) direction and the NW section bent
to SW. The formation on the north wing of the anticline
was steep with a dig angle in the range of 57-60° and an
inclination to NE. Some small thrust faults have also
developed near the anticline [3]. Hu et al. (2019) deter-
mined that the focal mechanism of the Changning main
earthquake was a thrust-type earthquake, with a strike-

slip component, and its strike/dip/slip angles were 309°/
68°/41°, respectively [1].

Sichuan, a province of China located in an area vul-
nerable to intensive seismic activity, has been struck by
several devastating earthquakes, such as the Wenchuan Mw
7.9 Earthquake in 2008, Lushan Mw 6.6 Earthquake in 2013,
Jinggu Mw 6.1 Earthquake in 2014, and Jiuzhaigou Ms 7.0
Earthquake in 2017 [4-8]. These earthquakes endured ex-
tensive losses of life and property. In addition, several
earthquakes occurred in the southern margin of Sichuan
Basin, such as the Xingwen Ms 5.7 earthquake in 2018 and
Changning Ms 6.0 earthquake in 2019 [9, 10]. To gain an in-
depth understanding of the ground motion characteristics of
earthquakes in southern margin of Sichuan Basin, studying
the propagation and source features of these earthquakes is
necessary.

The path attenuation of ground motion primarily in-
volves geometric spreading and anelastic attenuation.
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Because of the thickness of the crust and the energy dissi-
pation characteristics of the crustal medium [11-15], the
geometric spreading rate, crossover distance, quality factor
Q, and other parameters have enhanced discreteness. For the
geometric spreading effect in the Sichuan region, Ren et al.
(2013) [7] and Wang et al. (2017) [8] inversed the Wenchuan
aftershock sequence and the Jiuzhaigou main shock with a
geometric spreading rate of -1 (the coeflicient of the geo-
metric spreading term). Since the strong-motion stations
used in their studies have a small source distance and the
seismic rays propagate primarily along the upper crust, a
simple geometric spreading term is also used to obtain
satisfactory results. To reflect the influence of the Moho
reflection mechanism on the seismic wave propagation path,
Zhang (2016) [16] used the hinged-bilinear form to reflect
the geometric spreading effect in the Sichuan area, and the
near-field and far-field geometric spreading rates were -1
and -0.5, respectively. Wen et al. (2015) used a hinged-tri-
linear function to reflect the geometric spreading effect of
the ground motion of the Lushan aftershock sequence while
studying the source characteristics of the Lushan aftershock
sequence [17]. Regarding the anelastic attenuation of ground
motion, Ren et al. (2013), Zhang (2016), Wang et al. (2017),
and Wen et al. (2015) determined the crustal quality factors
of the Wenchuan, Jiuzhaigou, and Lushan aftershock re-
gions using the generalized inversion method [7, 8, 16, 17].
Wang et al. (2008) and Zhang et al. (2007) used two-di-
mensional tomography and a genetic algorithm to retrieve
the quality factors of the Sichuan Basin [18, 19].

In terms of the source characteristics, Yu et al. (2012)
determined the source stress drop parameters of the
Wenchuan aftershock sequence [20]. Wen et al. (2015) and
Wang et al. (2017) inversed the Lushan earthquake after-
shock sequence and the Jiuzhaigou main earthquake and
found that the stress drop of the Jiuzhaigou earthquake was
greater than that of the Lushan aftershock sequence [8, 17].
Zhang (2016) determined the seismic stress drop, seismic
moment, corner frequency, and other key parameters in
Western China (including Sichuan, Yunnan, and Gansu), as
well as the relationship between the seismic moment and
corner frequency [16]. In addition, Liu et al. (2010) obtained
the spatial distribution characteristics of the stress drop
parameters in the Sichuan area using 323 recordings of small
earthquakes based on the Brune source model [21].

The average stress drop of Wenchuan earthquake sequence
obtained by Zhang (2016) is larger than that of Lushan af-
tershock sequence obtained by Wen et al. (2015), and the
average stress drop from Yu et al. (2012) and Wang et al. (2017)
are the same, which are between the results of Zhang (2016)
and Wen et al. (2015). The possible reason is that the magnitude
of aftershock sequence selected by Wen et al. (2015) is small,
resulting in a small average stress drop. In addition, the stress
release in the Longmenshan fault zone during Wenchuan
earthquake also led to the smaller average stress drop of Lushan
aftershock sequence. Compared with Yu et al. (2012), Zhang
(2016) selected the earthquakes from the border of Sichuan and
Yunnan, in which the stress drop was significantly larger [21],
resulting in a significantly larger average stress drop. These
results showed that the path attenuation and focal characteristic
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parameters of earthquakes in the Sichuan region exhibited
obvious spatial variability.

The above conclusions were all based primarily on
strong-motion data from North Central Sichuan. At present,
the studies on the path attenuation and source character-
istics of earthquakes in the Southern margin of Sichuan
Basin are few. The strong-motion recordings obtained in the
Changning earthquake sequence provided a valuable op-
portunity to study the source characteristics and path-at-
tenuation effect in this area.

In this study, the Fourier spectrum of the Changning
earthquake sequence was analyzed. Its seismic source
spectrum, geometric spreading effect, and anelastic atten-
uation mechanism in the frequency domain were observed.
The seismic moment, corner frequency, and stress drop of
this earthquake sequence were determined based on the
Brune seismic source model [22]. These parameters obtained
can, in turn, provide a reference to reveal the attenuation law
of ground motion parameters of earthquakes in Sichuan.

2. Data and Processing

Abundant strong motion recordings were obtained when the
mainshock of Changning earthquake occurred, and the peak
ground acceleration recorded by the station 051GXT was the
largest. Its east-west, north-south, and vertical components
were 573.47 cm/s’, 393.77 cm/s®, and 381.36 cm/s®, respec-
tively. After the main shock, a series of aftershocks occurred
and recorded, namely, four earthquakes with Ms 5.0-5.9, six
earthquakes with Ms 4.0-4.9, and 52 earthquakes with Ms
3.0-3.9. The most intense aftershock was the earthquake on
July 4, 2019, with Ms 5.6.

For this study, to prevent site amplification caused by
terrain effect, improve the accuracy of site amplification
estimation and the signal-to-noise ratio of strong-motion
recordings. Strong-motion recordings were selected by re-
ferring to four criteria, which are as follows:

(1) The magnitude should be larger than Ms 4.0 and R
should be less than 300km because the strong-
motion instruments at large distance for small
earthquake may not be triggered [23].

(2) Stations should be located in free fields to prevent the
influence of topographic effect on the site
amplification.

(3) All selected events should be recorded by at least two
stations. It is because there should be more re-
cordings for each event to ensure that the scattering
of the calculated source and path parameters will be
at a relatively low level [7].

(4) The peak ground acceleration of selected recordings
should be greater than 1 cm/s” because the recordings
with low PGA will be contaminated by the noise [7].

Finally, 99 strong-motion recordings at 33 strong-mo-
tion stations obtained during nine earthquakes (M, 4.1-6.0)
were selected. The hypocenter locations, focal mechanisms,
the style of the faulting of earthquakes [24], and the record
numbers are listed in Table 1. Figures 1 and 2 show the
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TaBLE 1: Parameters of selected earthquakes used in this study.

No. Date year/month/day/h/min Depth (km) Ms Longitude (°) Latitude (°) Style of faulting Records number
1 2019/06/17/22/55 16 6.0 104.905 28.344 Reverse-oblique 27
2 2019/06/17/23/36 16 5.1 104.805 28.418 Reverse-oblique 18
3 2019/06/18/00/29 10 4.1 104.845 28.340 Strike—slip 3
4 2019/06/18/00/37 10 4.2 104..874 28.386 Reverse 2
5 2019/06/18/05/03 14 4.5 104.857 28.379 Reverse 3
6 2019/06/18/07/34 17 5.3 104.869 28.368 Reverse 15
7 2019/06/22/22/29 10 5.4 104.793 28.424 Reverse 24
8 2019/06/23/08/28 14 4.6 104.833 28.383 Strike—slip 3
9 2019/06/24/09/23 10 4.1 104.800 28.440 Unknown 4

Baseline correction was performed on all recordings, and

102°E 103°E 104°E  105°E  106°E Butterworth filtering was conducted with a bandwidth

30°N
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15

102°E

103°E
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FIGURE 1: Map showing topography overlapped by the epicenters of
the Changning earthquakes (yellow star) and aftershocks (red dot)
and the locations of the stations used in this study.
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FIGURE 2: Magnitude of Ms versus distance for all recordings from
nine earthquakes.

distribution of the selected earthquake epicenter and station
locations and the distance-dependent magnitude of the
recordings used in this study, respectively. The horizontal
strong-motion seismograms at the station 051YBT for nine
earthquakes are shown in Figure 3.

ranging from 0.05 to 30 Hz [25]. The 30 Hz low-pass filtering
is performed to remove the high-frequency noise, and the
high-pass corner frequency was set as 0.05 Hz according to
the shape of the Fourier amplitude spectrum at low fre-
quency. In addition, the frequency band studied in this paper
is mainly between 0.1 Hz and 20 Hz to ensure that the signal-
to-noise ratio of this frequency band is greater than 3.
According to the Husid function [26] and the cumulative
root-mean-square function [27], the S-wave of the accel-
eration recordings for the three components were inter-
cepted. The onset of the S-wave arrival time was identified by
Husid plot, which shows the buildup of the energy of an
accelerogram with time [26]. The end instant of the S-wave
was detected using the cumulative root mean square (RMS)
function. Specifically, the end instant of the S-wave is defined
as the starting point of the decreasing tendency of the cu-
mulative RMS curve along with the time [27]. Figure 4 shows
a demonstration of how the onset and the end of the S-wave
recorded at 051YBT in Changning mainshock are auto-
matically identified. To remove the truncated error, a cosine-
type tapered window was used. Before the onset and after the
end of the S-wave, a time series with a duration corre-
sponding to 10% of the S-wave was added to the S-wave part
to run the tapering. The magnitude of the Fourier spectrum
was calculated from the fast Fourier transform. Then, the
Fourier spectrum was smoothed using the method proposed
by Konno [28]. Figure 5 shows the calculated and smoothed
Fourier spectrum of the NS component at 051YBT in
Changning mainshock after filtering. The smoothed Fourier
spectra in the two horizontal orthogonal directions were
combined within the frequency domain to represent the
Fourier spectrum in the horizontal direction [29].

3. Geometric Spreading Effect

Ground motion can be descripted as a convolution of the
source, path, and site effects in the time domain. Upon the
basic assumption of a point-source earthquake, the observed
spectrum of an earthquake can be expressed as a linear
multiplication of the following three factors [30]:

Oij(f’ Rij) =S5 (f)P(f> Rij)Gj (f)s

where Oj; is the Fourier spectrum of the observed ground
motion of Station j in earthquake i (i refers to the number of
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FIGURE 3: The horizontal strong-motion seismograms for nine earthquakes at the station 051YBT.

the earthquake in Table 1, and the unit of Fourier spectrum is
m-s™'), S; is the source spectrum of earthquake i, Pj; is the
path-attenuation function that represents the path effect, R;;
is the distance between Station j and earthquake 7, and it
refers to the source distance in this study, and G; is the site
response of Station j. The distance attenuation term Pj; in
equation (1) consists of the geometric spreading and an-
elastic attenuation effects, which can be rewritten as

Py (f) = 9(Ry)exp(d()Ry) @)

where g (R;) is the geometric spreading function, and the
rest is the anelastic attenuation effect is as follows:
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_Qs (f

where Qs(f) is the frequency-dependent S-wave quality
factor of the crustal medium, and fg is the shear-wave ve-
locity of the crust. fs=3.6km/s in this study [31-33].
Substituting equation (2) in equation (1) and applying the
logarithm of both sides of the resulting equation yields the
following form:

In[0; (H] -In[S;(H] -In[G;(H] =In(P; (), (4

In(P;(f)) =In[g(R;;)] + d())R;;. (5)
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FIGURE 4: The detection of the S-wave of the NS component at 051YBT in Changning mainshock.

The geometric spreading function g (R;) can be
expressed in the form of a hinged-trilinear [13], as given in

b, In(R),
R;<R
R
b In(R,) +b, ln<—>,
g(R) =1 R, R/ <R;<R, . (6)
R R Rij >R,
byIn(R,) + b, ln<R—j> + b, ln<R—2),

The parameters by, b,, bs, Ry, and R, are regression
coeflicients. R; and R, are the crossover distances at which
the geometric spreading rate changes.

To determine the geometric spreading function as shown
in equation (6), the source spectrum, site response, and
anelastic attenuation term must be eliminated.

The site response term Gj(f) in equation (4) can be
rewritten as follows:

G;(f) = A;(f)exp (—mx, f), (7)

where A;(f) is the site amplification provided by the near-
surface soil, and «; represents the attenuation effect of the
soil layer near the surface on high-frequency ground mo-
tions. The velocity of the shear wave at the sites of the strong-
motion stations is typically required to determine the site
response, A;(f). Most stations selected in this study lacked
wave velocity data. Thus, Aj(f) was approximated by the
horizontal-to-vertical ratio (H/V) of the Fourier spectrum
[34]. Anderson and Hough (1984) [35] suggested a way to

102

Fourier spectrum (cm.s™!)

Frequency (Hz)

- -~ Calculated Fourier spectrum
—— Smoothed Fourier spectrum

FIGURE 5: The calculated and smoothed Fourier spectrum of the NS
component at 051YBT in Changning mainshock after filtering.

describe the shape of the high-frequency part of the Fourier
amplitude spectrum with

0;; (f) = Oy exp (-nxf), (8)

where Oy is the ground motion amplitude determined by the
seismic source and path term, and « is the near-surface
attenuation coefficient that can control the frequency-de-
pendent attenuation rate of the amplitude. Equation (7) was
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fitted using the recordings of each station in a single log-
arithmic coordinate system to obtain the x-value of each
station site. Take the slope of Fourier spectrum in the range
of 10Hz-20Hz as k. Then, « = k/(—m x Ige) [35]. Figure 6
gives the calculation diagram of x using the vertical com-
ponent of the Fourier spectrum at 051YBT in Changning
mainshock. The dependency of « on the source distance R at
each station was then fitted based on a first-order rela-
tionship to obtain the coefficient «,. Notably, a part of the -
value has already been accounted for in the H/V ratio. Thus,
it should be subtracted from the near-surface attenuation
term for the horizontal component [34]. Hence, the site
response for the horizontal component can be rewritten as
follows:

Gy(f) = tyexp (- ) o)

where x,, should be determined via the vertical Fourier
spectrum of the ground motion. Figure 7 shows the distance-
dependent variation of x with respect to the vertical com-
ponent of the recordings as contained in this dataset. By
fitting the data points, as shown in Figure 7, xo, can be
determined as 0.0327. The average value of H/V from the
same station can then be calculated. Based on x,v, the site
response term G;(f) can be obtained using equation (8). Gj(f)
is then substituted in equation (4) to eliminate the influence
of site response and modify the observed ground motion to
the corresponding value of the bedrock site.

To determine the source spectrum §;, the path-attenu-
ation term must be used to modify the Fourier spectrum of
the bedrock site to the source position after the effect of the
site response is eliminated. Therefore, the path-attenuation
term must be determined first. The geometric spreading and
anelastic attenuation terms are coupled. Thus, it is difficult to
separate them using strong motion data. The geometric
attenuation term is generally considered independent of
frequency [11, 13, 34, 36], and the effect of anelastic at-
tenuation can be ignored in the near-field (R < 100 km) [36].
Consequently, the source spectrum of each earthquake was
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FiGure 7: Dependency between « and distance.

initially determined using the observed ground motion with
a distance shorter than 100 km. According to the theory of
seismic wave propagation, the source spectrum can be de-
rived from the correction of the observed value of the
Fourier spectrum at the bedrock site using the geometric
spreading effect function (R™Y) [34]. Accordingly, the cor-
rected values of the Fourier spectrum from the same
earthquake were averaged to obtain the approximate value of
the first-order estimate of the source spectrum §; of this
earthquake [36].

The distance attenuation Pj(f) can be obtained by
substituting S; and G; in equation (4). When the frequency is
0.3 Hz, the dependence of P;(f) on R is shown in Figure 8. As
observed from Figure 8, Pj(f) rapidly decreases as R in-
creases; however, P(f) decreases at a decelerated rate as R
increases. When R is greater than the threshold, the decrease
rate of Pj(f) increases again, clearly indicating the effect of
the reflection mechanism of the Moho surface.

To determine the parameters b;, by, b3, R;, and R,, the
value range of each coefficient was set up, and the optimal
solution of the path effect function nearest to the data point
trend was identified using the grid search method. The value
ranges of by, by, b3, Ry, Ry, and d for grid search are -0.8~-1.3,
-0.5~0.5, -0.4~-1, 50~100, 100~200, and -0.01~0, respec-
tively. Based on the grid search method, the mean values of
by, by, bs, Ry, and Ry are -0.97, 0.29, -0.73, 90 km, and 183 km,
respectively.

The curve of the obtained path-attenuation term
(f=0.3 Hz) is plotted in Figure 8. It can be observed that the
data points are evenly distributed on both sides of the fitted
curve. Meanwhile, the path-attenuation terms of the Lushan
and Wenchuan aftershocks obtained by [7, 17] are also
provided. These terms were obtained by substituting the
geometric attenuation function and Q-value in [7, 17] in
equations (2) and (3). Given that Wen et al. (2015) and Ren
et al. (2013) represented the path-attenuation characteristics
of the Lushan and the Wenchuan aftershock sequences,
respectively, the difference between them and the results in
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this study showed that the path-attenuation effect of the
Changning earthquake sequence was different from those of
the Lushan and the Wenchuan aftershock sequences.

4. Quality Factor Q

The coefficient d(f) was determined by the grid search
method, and the quality factor Q(f) of the S-wave can be
determined using equation (3). The variation trend of the
quality factor Q(f) with frequency is shown in Figure 9. The
relationship between Q and fwas fitted in the form of Q(f) =
Qqf " and Q(f) = 217f*%. Meanwhile, other research results
in Sichuan are presented. Notably, the Q-value results in this
study are larger than those of [7, 17] but close to the results of
[18, 19]. It shows that the Q-value in the Changning
earthquake area is larger than that in the Lushan and
Wenchuan aftershock areas but close to the average level of
the Q-value in the Sichuan area.

The Q-value of the quality factor in this study was higher
than that of [7, 17]. There are two reasons that can interpret
it. (1) Compared with the strong motion recordings selected
by [7, 17], the hypocenter distance of this dataset was larger,
the seismic rays, which arrived at the far-field station, passed
through the deeper crustal medium, and the quality factor Q
of the deep-crustal medium was larger. (2) The quality factor
of the crustal medium was correlated with the thickness of
the crust. It is generally believed that the quality factor is
smaller when the crust thickness is larger [34]. The
Changning earthquake sequence occurred in the southern
margin of the Sichuan Basin and the areas studied by [7, 17]
were located in the North Central Sichuan. The crustal
thickness in Sichuan increased gradually from south to north
[37]. This trend is consistent with the spatial distribution
trend of the Q-value obtained by [7, 17].
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5. Seismic Source Spectrum

The path-attenuation term Pj(f) (both the geometric and
anelastic attenuation terms) was derived from a previous
study. If Gj and Pj(f) are known, the source spectrum can be
determined more accurately according to equation (4) using
the full dataset as the influence of the quality factor Q was
considered. The source displacement spectrum S(f) (ratio of
(27)? to the source acceleration spectra) can be expressed as
follows:
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TABLE 2: Source parameters obtained in this study.

No. of earthquakes 1 2 3 5 6 7 8 9
Ao (MPa) 9.55 5.17 3.36 1.18 2.84 12.45 5.95 7.90
for (Hz) 0.38 0.59 1.36 0.96 0.63 0.94 2.22 2.44
My/N.m(X10") 8.81 1.27 0.068 0.034 0.068 0.58 0.76 0.028 0.028
102 Figure 10 presents the relationship between the deter-
mined seismic moment M, and corner frequency f. for the
Changning sequence with a 68.3% confidence interval. The
10| relationship between M, and the corner frequency f. shows
an obvious inverse relationship, and the relationship be-
@ tween M, and f. is Myf.>=2.37x10"°N-m/s’. This rela-
E 100 F tionship indicates that the seismic source features of the
g 5 Changning seismic sequence show self-similarity. The re-
2. sults of Zhang (2016) [16] and Wen et al. (2015) [17] are also
g 101t presented. The results of [16, 17] differ from those obtained
§ in this study, however, they are included in the 68.3%
confidence interval. The comparison results show that the
10 relationship between M, and f. for the Changning earth-
quake sequence is slightly different from those of the
Wenchuan earthquake sequence and the Lushan aftershock

10'310,1 100 To! sequence.

f(Hz)

—— Theoretical source spectra for Ms=6.0
-~ Theoretical source spectra for Ms=4.1
- -~ Source spectra of Changning earthquake
sequence (9 earthquakes)

FIGURE 11: Seismic source displacement spectra versus the theory
model of the Changning seismic sequence.

RooVF My,
4”Pﬁs3R0 I+ f/fciz’

where R g, is the radiation pattern, which is usually equal to
V275 [16]. F reflects the free-surface effect of the shear-wave,
with a value set to 2.0. V is the distribution coefficient that
considers the S-wave energy along two orthogonal directions
whose values are typically set to 0.7. Additionally, p is the
rock mass density of the seismic source, whose value was set
to 2.8g/cm’ in this study. fs is the average shear-wave
velocity of the rock in the seismic source area, with an
approximate value of 3.6 km/s. R, is the reference distance of
the seismic source, with a value of 1km. My; is the seismic
moment of earthquake i, and f,; is the corner frequency of
the source spectrum of earthquake i.

Using the seismic source displacement spectrum, the
seismic moment M, and corner frequency f,; of each
earthquake can be determined from the least-squares fitting
using the interval search algorithm. The search interval of
magnitude is M - 0.5~M + 0.5, and the search interval of f. is
0.02~5Hz. When the frequency is between 0.1 and 10 Hz,
the solution that can minimize the difference between the
theoretical source displacement spectrum and the observed
result is the optimal solution.

S(f) = (10)

The stress drop parameter Ao can be derived from
equation (11) given the values of M0 and fc, and the resulting
Ao and f; of the Changning earthquake sequence are listed in
Table 2. Using equation (11), the mean stress drop value of
4.68 MPa can be determined, which is close to the mean
stress drop value of 4.89 MPa for global intraplate earth-
quakes [38]. Wen et al. (2015) and Yu (2012) obtained the
mean stress drop values of 3.14 MPa and 3.8 MPa for the
Lushan and Wenchuan aftershock sequences, respectively.
These values are lower than those of the Changning
earthquake sequence.

M, [ 2nf,
o) "

Figure 11 presents the displacement spectra of the source
of the Changning earthquake sequence with magnitudes
derived in this study in the range of 4.1<Ms<6.0. The cal-
culated Brune theoretical displacement spectra for two
earthquakes with magnitudes Ms 4.1 and Ms 6.0, with a Ao
of 4.68 MPa, are also provided. It can be observed that, even
though the stress decrease (Ao) associated with the
Changning earthquake sequence was relatively discrete, the
displacement spectra of the seismic sources matched the
theoretical model, as well as the theoretical values, thus
indicating that the seismic sources of this earthquake se-
quence conform to the Brune (1970) point-source model.

6. Conclusions

In this study, the path-attenuation effect term and seismic
source characteristic parameters of the Changning earth-
quake sequence were derived based on the analyses of the
S-wave Fourier amplitude spectra of strong-motion re-
cordings obtained from 33 strong-motion stations in nine



10

earthquakes of the 2019 Changning earthquake sequence.
The main conclusions were as follows:

(1) The path-attenuation effect of the Changning
earthquake sequence matched the mechanism as-
sociated with the Moho effect, and the attenuation
trend of the ground motion with the propagation
path was significantly different from that of the af-
tershock sequences of Lushan and Wenchuan.

(2) The geometric spreading term of the Changning
earthquake sequence exhibited hinged-trilinear
characteristics, with average geometric spreading
rates of -0.97, 0.29, and -0.73 in the three segments
and average crossover distances of 90km and
183km. The quality factor Q was correlated with
frequency, and the relationship between the two was
Q(f) =217 x f** in the frequency band of 0.1-10 Hz.
The Q-value was larger than that of the aftershock
areas of Lushan and Wenchuan but close to the
average Q-value in Sichuan.

(3) The seismic moment of the Changning earthquake
sequence  varied from 2.75x10"°N.-m  to
8.75x 10" N-m, and the corner frequency varied
from 0.38 Hz to 2.36 Hz. The seismic moment was
inversely proportional to the cube of the corner
frequency, and the product was 2.37 x 10'°N.m/s’. It
indicated that the seismic source features of the
Changning seismic sequence show self-similarity.
The stress drop Ao ranged between 1.18 and
12.44 MPa, with an average value of 4.68 MPa. The
source characteristics were different from those of
the Wenchuan earthquake sequence and the Lushan
aftershock sequence.
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Recent research showed that ultrahigh-performance concrete (UHPC) and orthotropic steel bridge decks could be integrated to
form steel-UHPC composite sections offering superior load-carrying capacity and fatigue resistance. This study investigates the
effects of longitudinal stiffener types on the fatigue resistance of steel-UHPC composite sections. Three types of longitudinal
stiffeners were compared, including U-ribs, bulb flat ribs, and plate ribs. Finite element analysis and full-scale fatigue tests were
performed to investigate the load-carrying capacity and fatigue resistance of the composite bridge decks with different stiffeners.
Besides, the proposed steel-UHPC composite bridge decks were compared with conventional orthotropic steel decks. The results
show that steel box girders with bulb flat rib composite deck have reasonable fatigue resistance, construction efficiency, and
economic benefits. This study is expected to promote the design and evaluation of economic steel-UHPC composite bridge decks

to achieve higher mechanical performance and long-term durability.

1. Introduction

Orthotropic steel decks (OSDs) have been widely used in
long-span bridges to bear wheel loads. Conventional OSDs
are composed of vertical and horizontal stiffeners and a top
plate. The longitudinal rib can be categorized in two forms:
open rib and closed rib. The two types of longitudinal ribs
have different characteristics in mechanical performance,
structural characteristics, applicable conditions, and so on. A
large number of scholars have done intensive research on the
two types of ribs in OSDs. With the same amount of steel
used, the open ribs are often associated with lower torsional
and flexural rigidity and stability of the OSD and the so-
closed U-ribs have been widely used in conventional OSDs.
However, the open ribs are easier to manufacture and
construct than U-ribs that require much time for grooving
and rolling. In addition, fillet welding can be adopted to weld
open ribs on the steel top plate, avoiding partial penetration
welding of the U-rib, which thus ensures the welding quality
and better fatigue performance [1].

Engineering practice shows that fatigue and pavement
damages are common in OSDs [2-4]. The damages are
closely associated with the relatively low stiffness of the
OSDs, in particular, the low local stiffness. Under me-
chanical loading, a high stress range can be generated in
conventional OSDs and may significantly reduce the fatigue
life of welded joints that are prone to fatigue. To enhance the
fatigue resistance, Europe and Japan used composite decks
to increase the stiffness and reduce the stress ranges.
Compared with conventional OSDs, composite decks utilize
a layer of reinforced concrete integrated with the steel deck
plate via shear connectors, such as headed shear studs that
are welded on the top surface of the steel place and em-
bedded in the concrete deck.

While the use of composite sections increased the
stiffness of the OSDs, the conventional composite decks have
limitations. First, the concrete must be thick enough to
deliver sufficient load-carrying capacity, and a thick concrete
deck can significantly increase the deck weight. Second, the
service life of reinforced concrete is limited because
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conventional concrete has low crack resistance and is brittle
in tension. In real-life applications, there are many factors
that can cause concrete cracking, such as thermal effects and
shrinkage [5-7]. To address these limitations, ultrahigh-
performance concrete has been used to replace the con-
ventional concrete in composite bridge decks [2]. The use of
UHPC greatly improved the load-carrying capacity and the
long-term durability [8, 9], due to its very high compressive
strength, crack resistance, and dense microstructures
[10-13]. The steel-UHPC composite deck system has been
applied in many projects, such as the Zhuzhou Fengxi Bridge
(a self-anchored suspension bridge with a main span of
300m) and the Yueyang Dongting Lake Bridge in China (a
suspension bridge with a main span of 1480 m). However, in
the existing studies, U-ribs were used in the steel-UHPC
composite OSDs. Engineering practices show that the ri-
gidity of the bridge decks can be greatly enhanced by the use
of steel-UHPC composite sections. Therefore, it is hy-
pothesized that the rigidity of the stiffener is no longer the
controlling factor of the rigidity of the bridge deck system. It
is further postulated that the stiffener can be either open or
closed. Currently, there is limited research on the perfor-
mance and design of composite OSDs with open ribs
[14-16].

This study aims to investigate the performance of steel-
UHPC composite OSD with open ribs. To this end, this
study evaluates the effects of bulb flat ribs on the load-
carrying capacity and fatigue resistance of the composite
OSD through finite element analysis and experimental
testing. To ensure this research is practicable for engineering
practices, the Xiangtan Zhaohua Xiangjiang River Bridge in
China is taken as the background bridge structure. This
study is expected to promote the design and evaluation of
composite bridge decks to achieve higher mechanical per-
formance and long-term durability.

2. Description of the Bridge

Figure 1 shows the Xiangtan Zhaohua Xiangjiang River
Bridge, which is a single-tower, self-anchored, suspension
bridge crossing the Xiangjiang River. It is a signature bridge
of Xiangtan City in China, connecting the Zhaoshan District
and the Jiuhua District. The layout of its span is
45m+ 168 m + 228 m + 2 x 45 m, as depicted in Figure 2. The
design grade is Urban Grade I Main Road, with II(2)
navigation grade. The design speed of vehicles on the bridge
is 60 km/h, and the width of the main stiffening beam of the
bridge is 39.5 m.

In regard to the bridge tower, a double-column structure
was adopted, the elevation of the tower column is curved,
and the overall shape is like a budding lotus flower. The
height of the tower above the cap is 124.8 m, with the tower
column set with two beams. With respect to the main cable,
the span layout is 163.1 m + 223.1 m. The transverse spacing
of the main cable is 33.9m, and the single main cable is
composed of 39 strands of steel cables. The main cable is
constructed by prefabricated parallel steel cables one by one,
each of which consists of 127 ¢ 5.1 mm galvanized high-
strength parallel steel wires. A total of 32 pairs of slings are
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FiGure 1: Depiction of the Xiangtan Zhaohua Xiangjiang River
Bridge.

set in the whole bridge, the standard spacing of which is
10.8 m.

The steel stiffening beam is a flat streamline box girder of
a single box with three cells, with a total length of 377 m,
which is divided into 37 sections. The standard section is
10.8 m in length, and 195T in weight. The thickness of the
top plate of the girder is 12 mm, and the top plate of the box
girder is stiffened by the bulb flat ribs, which are 12 mm thick
and 260 mm high, with a transverse spacing of 450 mm.
Headed shear studs (¢ 13 x 40 mm) were welded in the traffic
area of the girder, with a spacing of 225 mm; ¢ 10 ribbed steel
mesh is set in the UHPC layer, with a spacing of 37.5 mm,
and the 50 mm thick UHPC layer is steam cured at high
temperature to form a composite deck system. The steel
stiffening beam is shown in Figure 3.

3. Composite Deck with the Open Rib

This study attempts to design a steel-UHPC composite deck
with plate ribs and a steel-UHPC composite deck with bulb
flat ribs. Figure 4 shows a total of four types of composite
OSDs investigated in this study, including (1) conventional
composite OSD with a reinforced concrete deck and U-ribs;
(2) steel-UHPC composite OSD with U-ribs, designated as
UCD-U; (3) steel-UHPC composite OSD with bulb flat ribs,
designated as UCD-B; and (4) steel-UHPC composite OSD
with plate ribs, designated as UCD-P. The four types of
OSDs are compared, in terms of flexural rigidity, steel
consumption, and deck weight.

Based on the above four types of composite OSDs, eight
different schemes of the composite section are proposed and
investigated in this study, as listed in Table 1. Scheme 1 is a
conventional OSD without any concrete layer on the steel
deck plate. Scheme 1 is used as the control to evaluate the
other schemes. Compared with Scheme 1, Scheme 2 has a
higher flexural rigidity and a lower steel consumption.
Specifically, the flexural rigidity is increased by 22%, and the
steel consumption is reduced by 16%, indicating that the use
of a thin (50 mm) layer of UHPC can effectively increase the
rigidity and also save steel. Schemes 3 to 5 show that
adjusting the arrangement spacing of the bulb flat steel ribs
can match the composite deck structures with different deck
stiffness. Compared with Scheme 1, Schemes 3 to 5 achieve
higher stiffness of the composite deck and a lower steel
consumption; Schemes 6 to 8 show that adjusting the height
and arrangement spacing of the plate ribs can match the
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FIGURE 2: General layout of the Xiangtan Zhaohua Xiangjiang River Bridge (unit: cm).
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FIGURE 3: Design of steel box girder: (a) cross section of the steel box girder; (b) section diagram of the steel box girder; (c) bulb flat ribs
welding; (d) diaphragm-bulb flat rib weld (unit: mm).
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FIGURE 4: Four types of bridge deck schemes.

composite deck structures with different deck stiffness.
However, the steel consumption of these three schemes is
higher than that of Scheme 2, and the rigidity of the bridge
deck structure is generally small, and the weight of the bridge
deck structure increases greatly. According to the above
comparison, the rigidity of the UCD-B is in the middle of
UCD-U and OSD; its steel consumption is consistent with
that of the UCD-U; its weight of the bridge deck structure is
consistent with UCD-U and OSD. Therefore, the composite
bridge deck with bulb flat ribs is a reasonable and feasible
bridge deck structure.

According to the comparison of indexes in Schemes 3 to
5, all indexes of the bridge deck in Scheme 4 are relatively
balanced, so Scheme 4 is recommended as the design scheme
of composite bridge deck with bulb flat ribs. In order to
further verify the bearing capacity and fatigue performance
of the composite deck with bulb flat ribs, a detailed study is
conducted on the load-carrying capacity and fatigue per-
formance of the composite deck, elaborated in the following
part.

4. Load-Carrying Capacity

4.1. Finite Element Model. The finite element model of the
steel box girder is established by the software ANSYS. In
order to simulate the stress of the main girder and reduce
the influence of boundary conditions, eight standard
segments (21.6m) of steel box girder are selected to es-
tablish a finite element model. In the model, the steel
structure is simulated by the element Shell 63, and the
UHPC layer by the element Solid 45. The boundary
conditions of the FE model were as follows: (1) the steel
anchor box should be subject to vertical restraint; (2) some
lifting points should be subject to transverse and longi-
tudinal restraint.

The FEA in this study did not account for the material
nonlinearity of the UHPC, and the reasons are as follows: on
the one hand, experimental investigations revealed that the
reinforced UHPC exhibited high cracking strength (i.e.,
42.7 MPa) and, on the other hand, their theoretical analyses
indicated that the maximum tensile stress of the UHPC layer
was only 13.1 MPa under design traffic loads, much less than
its cracking strength. Thus, the UHPC layer is assumed to

behave in the linear-elastic range. The elastic modulus and
Poisson’s ratio of UHPC were 42.6 GPa and 0.2, respectively.
The steel material of the box girder is Q345qD, a steel grade
for bridges in China that has an yield strength of 345 MPa.
The model is shown in Figure 5.

4.2. Loading. The static strength calculation of the box girder
considers the effects of constant load and live load of ve-
hicles. According to China code (JTG D60-2004), the vehicle
load is 550 kN standard vehicle, and the impact factor is
considered as 1.3. The vehicle load dimensions are shown in
Figure 6.

Figure 7 shows the arrangement of loading. Under the
vehicle load, the stress distribution of the orthotropic plate is
local, while the vehicle wheelbase is long. In order to simplify
the calculation, only two 140 kN rear axles of the vehicle are
considered for loading. The longitudinal arrangement of the
vehicle load is as follows: (a) loading middle of sling dia-
phragm; (b) loading across common diaphragm; and (c)
loading across sling diaphragm.

The transverse loading arrangement of the vehicle is as
follows: (a) loading above the longitudinal rib; (b) loading
between longitudinal ribs; and (c) loading along the web of
longitudinal rib, as shown in Figure 8. Considering the
combination of three kinds of longitudinal loading and three
kinds of transverse loading, a total of nine loading condi-
tions are calculated for the deck system.

5. Results and Discussion

Table 2 summarizes the results of the nine loading condi-
tions. The results include the deck deflection, UHPC
principal tensile stress, top plate stress, longitudinal rib
stress, and diaphragm stress of the three deck systems.
According to the mechanical characteristics of three bridge
deck schemes, some observations are summarized as follows:
(1) UCD-B and UCD-U have little difference in the deck
stiffness, which is larger than that of the OSD. (2) The stress
of steel structure in UCD-U and UCD-B is significantly
lower than that in OSD. (3) The structural stress level of
UCD-B is the same as that of UCD-U, but the stress of some
positions is lower than that of UCD-U.
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FiGure 5: Finite element model of the OSD: (a) iso view; (b) cross sections.
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F1GURE 6: Depiction of the vehicle load for the load-carrying capacity: (a) elevation view; (b) top view (unit: meter for length and kN for

force).
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FIGURE 7: Longitudinal loading arrangement.

6. Fatigue Performance

6.1. Fatigue Load and Details. In this study, the standard
single-vehicle load model of fatigue vehicle in China code
(JTG D64-2015) is adopted for applying fatigue loading, as
shown in Figure 9. The vehicle has four axles, and the weight
of each axle is 120kN, so the total weight of the vehicle is
480 kN, regardless of the impact factors. In order to facilitate
calculation and improve the computational efficiency, only

two rear axles are used for the loading in this study. Besides,
the coupling effect of the front and the rear axles is not
considered in this study.

Four fatigue details are selected for calculation and
comparison, with the location of fatigue details as displayed
in Figure 10. The diaphragm at the middle lifting point is
taken as the checking diaphragm for the four fatigue details,
and subsequent adverse loading is carried out for the fatigue
details on the checking diaphragm.
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(a)

FIGURE 8: Transverse loading arrangement: (a) loading along the web of longitudinal ribs; (b) loading between the longitudinal ribs;

(c) loading above the longitudinal ribs.

TaBLE 2: Deflection and stress of the bridge deck under dead load and live load.

Scheme Deflection Principal tensile stress of Principal tensile stress of top Stress of diaphragm Stress of longitudinal
(mm) UHPC (MPa) plate (MPa) (MPa) rib (MPa)
OSD 23.8 — 122.4 2251 263.7
UCD-U 21.8 13.1 51.1 158.4 154.4
ueb-B 221 12.0 53.8 116.0 154.7
(scheme 4)
120 120 120 120

- -

B O S I

14 6 12
(b)

FIGURE 9: Layout of vehicle load for fatigue testing: (a) elevation view; (b) top view (unit: meter for length and kN for force).

FIGURE 10: Fatigue detail.

6.2. Loading Types

6.2.1. Transverse Loading. Eurocode 3 stipulates that the
fatigue driving trace is distributed in the area of 0.25m
around the center line of the lane at a certain frequency. To
determine the most unfavorable position of the transverse
direction of the axle, the wheel load is placed at 0.25 m to the
left of the lane center line at first as the starting point and
then moved 0.1 m to the right each time. Subsequently, the
stress conditions at each loading point are calculated, re-
spectively, with each fatigue detail corresponding to 6 load
conditions. According to the calculation results of 6 working

conditions of each fatigue detail, the most unfavorable
transverse loading position is determined. The transverse
loading is shown in Figure 11.

6.2.2. Longitudinal Loading. After determining the most
unfavorable transverse loading position, the wheel action is
kept unchanged at this position. The front axle of the
standard fatigue vehicle driving direction is taken as the
starting point at the distance of 3.3 m from the checking
calculation diaphragm, with taking every 0.3m forward
movement as a working condition, which gradually loads to
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FIGUre 11: Transverse loading (unit: m).

3.3 m of the checking calculation diaphragm at the rear axle
distance as the end. Each fatigue detail corresponds to 23
load cases. The longitudinal direction is shown in Figure 12.

6.3. Results and Discussion of Finite Element Analysis.
According to the 23 longitudinal loading conditions cor-
responding to each fatigue detail, the most unfavorable
fatigue stress amplitude of each detail is extracted. Specific
data are shown in Table 3. The comparison conclusion is as
follows:

(1) The stress amplitude of each fatigue detail in UCD-U
and UCD-B is significantly lower than that in OSD,
indicating that the UHPC composite deck is effective
for avoiding fatigue failure.

(2) Compared with UCD-U, UCD-B shows a larger drop
in fatigue stress and better fatigue performance in
each fatigue detail.

7. Fatigue Test

7.1. Specimen, Test Setup, and Instrumentation. Figure 13
shows the specimen for the model tests. The overall dimen-
sions of the specimen are 5500 mm x 3150 mm x 1062 mm
(length x width x height), including two diaphragms and seven
bulb flat ribs, with the spacing of 450 mm. The bulb flat rib is
260 mm in height and 12 mm in thickness, and the top plate of
the deck is 12mm in thickness. The steel material of these
components is Q345qD, a steel grade for bridges in China that
has a yield strength of 345 MPa. Shear studs are welded on the
steel top plate, with steel mesh being laid, and a 50 mm thick
UHPC layer is poured at last, consistent with the prior studies
[17-20]. The UCD-B is formed by high-temperature steam
curing.

Figure 14(a) shows the test model and the setup. The
specimen is supported by two rigid steel beams that are
anchored on the strong floor, and it is loaded using a
hydraulic actuator (capacity: 500 kN) fixed on a rigid steel
frame. According to the finite element analysis results, the
stress amplitude of the welding toe between diaphragm
and stiffener (see Detail 3 in Figure 10) of the UCD-B is
the largest, so the fatigue test focuses on the position. A

steel plate measured as 600 mm x 200 mm is placed be-
tween the actuator and the specimen to simulate the
uniformly distributed wheel load. A rubber pad is placed
between the steel base plate and the steel top plate as the
energy-absorbing material. According to the finite ele-
ment analysis, the maximum tensile stress amplitude at
the weld toe of the diaphragm-to-rib welded joint is
67 MPa. This full-scale model test is intended to study the
fatigue characteristics of this fatigue detail under the
action of 1.3 times of stress amplitude 87 MPa
(1.3x 67 MPa =87 MPa). Figure 14(b) shows the deploy-
ment of the strain gauges at the weld toe of the diaphragm-
to-rib welded joint.

7.2. Results and Discussion of the Fatigue Test. In this test, 2.5
million loads are applied under the action of 1.3 times the
fatigue stress amplitude of the real bridge, and the overload
fatigue performance of the test model in the long service life
under the design stress amplitude is studied. During the test,
when the number of load cycles is 0, 0.1 million, 0.5 million,
1.0 million, 1.5 million, 2 million, and 2.5 million, the fatigue
loading is paused, and a static load test is performed. The
static loading results of detail 3 after each cycle are as follows:
86.8 MPa (0), 89.4 MPa (0.5 million), 91.2 MPa (1 million),
89.7 MPa (1.5 million), 90.8 MPa (2 million), and 92.6 MPa
(2.5 million). Through the static load test and model in-
spection, no fatigue crack or slip is found at the fulcrum.
Moreover, the whole composite bridge deck structure is
intact.

According to the S-N describing the fatigue perfor-
mance of the structure, any stress amplitude and the cor-
responding number of cycles are satisfied: 07" N; = C, where
m and C are constants related to the material and structural
details and o; and N; are equivalent stress amplitude and
equivalent cycle times, respectively. If the structural design
stress amplitude is o', and the number of cycles is N'; then,
according to the Miner linear cumulative damage criterion
Y (m/N;) =1, N; can be expressed as N; = (d'/d;)"N'.
According to the code, if m =3, which is conservative, the
number of cycles corresponding to the design stress am-
plitude (67 MPa) is 5.5 million.



Advances in Civil Engineering 9
Longitudinal
! Calculate/diaphragm
| | | [ 1 : 33 1 | | | |
o u H H{r ﬂw ]
§ \ | | | 0.3m 1nterval loading [ | |
g
=
| | | | | | | | |
‘ ‘ ‘ load start ‘ ‘ ‘ load end ‘ ‘ ‘
| | | | | | | | |
Sling diaphragm Diaphragm  Diaphragm  Diaphragm Sling diaphragm Diaphragm  Diaphragm  Diaphragm Sling diaphragm
FIGURE 12: Longitudinal loading (unit: m).
TABLE 3: Maximum stress amplitude of each detail (unit: MPa).
Stress amplitude UHPC
Scheme Detail 1 Detail 2 Detail 3 Detail 4
SX SY S1 S1 SX SY
(1) OSD 95 161 132 96 — —
(2) UCD-U 28.6 344 74 77 1.7 8.1
(2) Decrease compared with (1) 70% 79% 44% 20% — —
(3) UCD-B 10.5 21.9 67 55 2.3 8.2
(3) Decrease compared with (1) 89% 86% 49% 43% — —
Note. SX is the transverse normal stress of bridge. SY is the longitudinal normal stress of bridge. S1 is the principal stress.
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F1GURE 13: Full-scale specimen: (a) elevation view; (b) cross section (unit: mm).

FIGURE 14: Fatigue test: (a) the specimen and test setup; (b) the strain gauges deployed on the tested specimen.
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8. Conclusions

In this study, a new composite deck structure with bulb flat
steel and UHPC is proposed. The load-carrying capacity and
fatigue performance of the composite deck are fully studied
by FEA and model tests. Based on the research, the following
conclusions are obtained:

(i) Through the preliminary comparison of four kinds
of bridge deck structures, UCD-P has large steel
consumption, self-weight, and low deck stiffness, so
it is not a suitable stiffener for composite bridge
deck; UCD-B shares the basically same steel con-
sumption and deck weight as UCD-U, with slightly
smaller deck stiffness, so it is a reasonable stiffener
form for the composite bridge deck.

(ii) The FEA calculation results of three kinds of bridge
deck structures reveal that the rigidity of UCD-B is
in the middle of UCD-U and OSD, while the stress
of UCD-B is the smallest among these three
schemes, and the bearing capacity of the deck meets
the design requirements.

(iii) The FEA calculation results of three kinds of bridge
deck structures indicate that the fatigue stress
amplitude of the composite bridge deck is lower
than that of the orthotropic steel bridge deck, and
the fatigue stress amplitude of UCD-B is the
smallest, so its fatigue performance is the best.

(iv) The fatigue test is carried out on a UCD-B panel
specimen. Under the action of 1.3 times the fatigue
stress amplitude of the real bridge, no fatigue crack
is observed in the steel structure and UHPC, after
experiencing 2.5 million cycles.
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This study aims to investigate the hysteretic behavior of H-shaped honeycombed steel web composite columns with rectangular
concrete-filled steel tube flanges (STHCC:s). Taking the shear span ratio (A;), axial compression ratio (1), steel ratio of section («),
aspect ratio of section (D/B), yield strength of steel tube (f;a.), and compressive strength of concrete (f i) as the main parameters,
we designed 22 full-scale STHCCs. By comparing the load-displacement curves between test and simulation, the rationality of
finite element modeling method was verified. The quasi-static analysis of 22 specimens was carried out, and the influence
regularity of different variables on the hysteretic behavior, skeleton curves, ductility, energy dissipation, resistance degradation,
and stiffness degradation of STHCCs was obtained. The results show that the hysteresis curves of all the specimens show full
shuttle shape and strong energy dissipation capacity. A,, &, and fyp have great influence on the bearing capacity of skeleton curves.
With the increase of « and fyq., the initial stiffness of the specimens gradually increases. The stiffness degradation rate of the
specimens gradually slows down, and the energy dissipation coefficient gradually decreases by increasing A, a, and fyq, but energy
dissipation capacity is still at a high level. The resistance degradation of specimens increases gradually by increasing A, &, fya, and
D/B. The ductility of specimens gradually increases by increasing #, a, and f;.. The maximum bulging deformation and maximum
stress of specimens appear at the column foot. The trilinear skeleton curve model and restoring force model of STHCCs are
established by statistical regression.

1. Introduction connecting two concrete-filled rectangular steel tube flanges

with a honeycombed steel web. The core concrete can ef-
STHCC:s, short for H-shaped honeycombed steel web com-  fectively prevent and delay the local buckling of the steel tube
posite columns with rectangular concrete-filled steel tube  and the instability failure of the specimens; the steel tube also
flanges, are a kind of novel composite members formed by  has certain restraint action on the concrete, which results in
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the core concrete under a state of triaxial compression; and the
compressive strength and the ability to resist deformation of
the core concrete can be significantly improved.

Since the twentieth century, a lot of research has been
carried out regarding concrete-filled steel tube (CFST)
columns and honeycombed columns at home and abroad.
Sakino et al. [1] designed and fabricated 114 short CFST
columns with different parameters of the shape of the steel
tube, the tensile strength of the steel tube, the diameter-
thickness ratio of the steel tube, and the strength of the
concrete, and a formula for the ultimate axial bearing ca-
pacity was proposed. The mechanical behavior of concrete-
filled double-layer circular steel tube columns was studied by
Essopjee and Dundu [2]. The tests of 32 specimens subjected
to axial compression were conducted, and the bearing ca-
pacity formula of concrete-filled double-layer circular steel
tube columns was proposed. Anupriya et al. [3] carried out
experimental research on honeycomb beams with stiffeners
and without stiffeners, analyzed the failure mode of hon-
eycomb beams under concentrated load, and also proposed a
method for calculating the compressive strength of hon-
eycomb beams webs after buckling. The nonlinear buckling
analysis of 30 STHCCs with different parameters were
carried out by Ji et al. [4]. According to the finite element
(FE) simulation results, the formula for calculating the
stability bearing capacity of STHCCs was derived. In order
to investigate the axial compression behavior of short
STHCCs with different parameters, an experimental study of
16 short STHCCs was designed and carried out by Ji et al.
[5], and the calculation formula of the axial bearing capacity
for this type of short column was established. In 2020, Ji et al.
[6] investigated the eccentric compression performance of
17 STHCCs by ABAQUS software and derived the calcu-
lation formula of eccentric compression bearing capacity for
STHCCs. Low-cycle repeated loading tests on CFST beam-
column structures were conducted by Varma et al. [7], the
FE model of the structure was established, and the reliability
of the model was verified, which provided a basis for the
calculation of the bearing capacity of CFST structures.
Gajalakshmi and Helena [8] took the diameter-thickness
ratio of steel tube as a variable to conduct low-cycle repeated
loading tests on four circular CFST columns, analyzed the
variations of hysteretic curves for CFST columns under
different loading levels, and proposed a simplified damage
accumulation equation of CFST columns. Low cyclic loading
tests on recycled CFST columns and ordinary CFST columns
were carried out by Chen et al. [9] and Tang et al. [10]. The

N
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influence of axial compression ratio, steel tube strength, steel
tube thickness, and other parameters on the seismic be-
havior of CFST columns was discussed, and a fitting formula
for skeleton curve based on Boltzmann mathematical model
was proposed. The seismic capacity of 16 ultralarge high
strength concrete-filled circular steel tube (HCFTST) col-
umns under cyclic loading was analyzed by Wang et al. [11],
and a strength model to predict the bending moment
bearing capacity was proposed. Five specimens of multi-
cavity CFST specially shaped columns were designed and
fabricated by Yin et al. [12]. Through the combination of
quasi-static and numerical simulation, the failure mode,
hysteresis characteristic, stiffness degradation, ductility, and
energy dissipation capacity of each specimen were obtained,
and the effect of various parameters on the mechanism of
force was explained. The calculation method of characteristic
points’ values for skeleton curve for solid-web steel rein-
forced concrete T-shaped column was proposed by Liu et al.
[13], and the restoring force model was established, which
provided the basis for elastic-plastic seismic response
analysis of this type of structure.

The research on STHCCs is mainly aimed at axial
compression and stability, and few studies have been done
on the hysteretic behavior of this kind of composite col-
umns. Based on the research results of axial compression test
of STHCCs, the quasi-static analysis of 22 STHCCs under
low cyclic loading is further carried out by ABAQUS soft-
ware. The influence of different parameters on the hysteretic
behavior, skeleton curve, ductility, energy dissipation ca-
pacity, resistance attenuation, and stiffness degradation of
STHCC:s is investigated. The hysteretic behavior and failure
form of STHCC:s are obtained, and the restoring force model
of such columns is established.

2. Specimen Overview

Taking the shear span ratio (A,), axial compression ratio (n),
steel ratio of section («), aspect ratio of section (D/B), yield
strength of steel tube (fya), and compressive strength of
concrete (f) as the main parameters, we design 22 full-scale
STHCCs. The schematic diagram and specific parameters of
the specimens are shown in Figure 1 and Table 1. Con-
sidering the confinement effect of steel tube on concrete,
pitch-height ratio, hole-height ratio, and slenderness ratio,
the nominal axial compression ratio (n) [14] of the speci-
mens is calculated as follows:

N

n=—= —
Nu [(d/hw)—0.39 + (s/hw)0.717 + 60.178 + /\o

where Xoy refers to the conversion slenderness ratio of the
columns, f;. refers to the equivalent strength of CFST
section, A,.; denotes the section area of single-limb CFST,
Nu denotes the design value of axial compression bearing

0227 > (1)
y ~1.284| x 9 Y Ay X foo

capacity of the columns, ¢ represents the stability coeffi-
cient of CFST axial compression specimens, and s/h,, and
d/h,, represent the pitch-height ratio and the hole-height
ratio, respectively.
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F1GURE 1: The three-dimensional model of STHCCs. (a) Three-dimensional model. (b) Longitudinal section of STHCCs. (c) Cross section of

STHCCs.
TaBLE 1: Specific parameters of 22 STHCC specimens.

Specimens hyxbxh,xt; xt, (mm) L (mm) D/B As n « fac (MPa) Sy (MPa)
STHCC1 320 x 500 x 400 x 8 x 10 2160 2.08 2.08 0.4 0.044 40 235
STHCC2 320 % 500 %400 x 8 x 10 2550 2.08 2.45 0.4 0.044 40 235
STHCC3 320 x 500 x 400 x 8 x 10 2750 2.08 2.64 0.4 0.044 40 235
STHCC4 320 x 500 x400x 8 x 10 3460 2.08 3.33 0.4 0.044 40 235
STHCC5 320 x 500 x 400 x 8 x 10 3460 2.08 3.33 0.1 0.044 40 235
STHCCé6 320 x 500 x 400 x 8 x 10 3460 2.08 3.33 0.2 0.044 40 235
STHCC7 320 % 500 %400 x 8 x 10 3460 2.08 3.33 0.3 0.044 40 235
STHCCS8 320 x 500 x 400 x 8 x 10 3460 2.08 3.33 0.4 0.044 30 235
STHCC9 320 x 500 x 400 x 8 x 10 3460 2.08 3.33 0.4 0.044 50 235
STHCC10 320 % 500 x 400 x 8 x 10 3460 2.08 3.33 0.4 0.044 60 235
STHCCI11 320 x 500 x 400 x4 x 10 3460 2.08 3.33 0.4 0.021 40 235
STHCC12 320 % 500 x 400 % 6 x 10 3460 2.08 3.33 0.4 0.032 40 235
STHCC13 320 x 500 x 400 x 10 x 10 3460 2.08 3.33 0.4 0.056 40 235
STHCC14 320 x 500 x 400 x 8 x 10 3460 2.08 3.33 0.4 0.044 40 345
STHCC15 320 x 500 %400 x 8 x 10 3460 2.08 3.33 0.4 0.044 40 390
STHCC16 320 x 500 x 400 x 8 x 10 3460 2.08 3.33 0.4 0.044 40 420
STHCC17 320 x 550 x400 x 8 x 10 3460 1.89 3.33 0.4 0.042 40 235
STHCCI18 320 x 600 x 400 x 8 x 10 3460 1.73 3.33 0.4 0.041 40 235
STHCC19 320 % 650 x 400 x 8 x 10 3460 1.60 3.33 0.4 0.040 40 235
STHCC20 280 x 500 x 400 x 8 x 10 3460 1.92 3.33 0.4 0.048 40 235
STHCC21 400 x 500 x 400 x 8 x 10 3460 2.40 3.33 0.4 0.031 40 235
STHCC22 480 x 500 x 400x8x10 3460 2.72 3.33 0.4 0.034 40 235

Note. h,, hy, b, t1, and t, denote the web width, flange steel tubes height, flange steel tubes width, flange steel tubes thickness, and web thickness, respectively.
As=1/Q2hy + hy,), D/B=(2h; + hy)/b, a=AJ/A.. A; and A, represent the area of flange steel tube and concrete, respectively.

3. Finite Element Model

3.1. Constitutive Model for Materials

3.1.1. Constitutive Model for Steel. According to the metal
plasticity theory, the stress-strain curves of steel are generally
determined by the tensile test of standard specimens. Here,
the ideal bilinear elastoplastic constitutive model (CM) is
adopted as CM of steel.

3.1.2. Constitutive Model for Concrete. Mander et al. [15],
Teng et al. [16], Han [17], and Pagoulatou et al. [18] have
successively given the CM of confined concrete; the CM of
unconfined concrete has been given in Code for Design of
Concrete Structures (GB50010-2010) by China [19]; and the
comparison between them is shown in Figure 2. Through
comparative analysis, the CM of confined concrete proposed
by Han et al. [17] is adopted as CM of concrete. It is known
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FIGure 2: Typical constitutive models for concrete.

that concrete is anisotropic material with uneven internal
structure and complex mechanical behavior, so the influence
of plastic damage on concrete is considered during the FE
modeling process.

3.2. Modeling Process and Boundary Conditions. The three-
dimensional solid element with eight nodes (C3D8R) was
adopted to simulate steel tubes, concrete, and steel webs, and
the FE models of STHCCs were established by ABAQUS
software [20], as shown in Figure 3. The contact interaction
between steel tube and concrete was set as normal contact
and bond slip contact in tangential direction, thus shear
stress can be transmitted between steel tube and concrete
[21]. The friction coefficient (4) was set as 0.3 [22].

A reference point was set at the center of the upper
surface of STHCCs as shown in Figure 3, and the reference
point was coupled with the corresponding specimen sur-
faces, which could ensure that the stress on the specimen
surface was uniform in the process of axial compression, and
could avoid the bias of the members as well. The dis-
placement in X, Y directions and the rotation in three di-
rections of the reference point were restricted
(Ux=Uy=URx=URy=URz=0), while the bottom of
STHCCs was completely fixed. In order to ensure the quality
of meshing and the accuracy of calculation, 80 mm was taken
as the mesh size of FEM, and the mesh shape was mainly
hexahedron.

4. Experimental Verification of FE Models

In order to verify the rationality of the above-mentioned
modeling method, numerical simulation analysis on 14
specimens selected from [5] was carried out, and the specific
parameters of the 14 specimens are listed in Table 2. The
load-displacement curves of specimens obtained by simu-
lation analysis are shown in Figure 4. Compared with the
existing test curves, the load-displacement curves obtained
by numerical simulation were in good agreement with the
test results. The simulation results of the axial compression
bearing capacity (N3) of the specimens were extracted
correspondingly and compared with the existing test results

(N Z) subsequently, and the maximum error was 5.58%, as
shown in Figure 5. The error was within a reasonable range,
which indicated that the modeling method was applicable to
such composite columns.

5. Loading Procedure

In the process of quasi-static analysis, the axial load (N) is
applied firstly to the top of the columns, then a force-dis-
placement hybrid control program is used for lateral
loading, and the loading procedure involved a force control
step and a displacement control step as shown in Figure 6. In
the force control stage, the increment of lateral load (P) was
+1/3 times the yielding load (P)). The loading procedure was
changed into the displacement control stage, and the in-
crement of displacement was 0.4 times the peak displace-
ment (A,,). Each displacement load step was repeated twice.
When the lateral load of the specimens dropped below 85%
of the peak load, the specimens were regarded as failure [23].

6. Parameter Analysis

6.1. Hysteresis Curves. The hysteresis curves of 22 STHCCs
under low cyclic loading can be obtained by FE analysis as
shown in Figure 7. The elasticity, elastic-plastic, plastic, ul-
timate bearing capacity, energy dissipation capacity, and
ductility of the specimens can be reflected from the hysteresis
curves [24]. It is indicated in Figure 7 that the hysteretic
curves of all the specimens are relatively full, and there is no
obvious pinching phenomenon from the early stage to the late
stage. o has a great influence on the hysteresis curves of
STHCC specimens; with the increase of «, the hysteresis curve
gradually becomes fuller, and the ultimate displacement of the
specimens gradually increases. After reaching the peak load,
the decrease of the bearing capacity of the specimens grad-
ually slows down, and the ductility becomes better.

6.2. Skeleton Curves. The skeleton curves can intuitively
reflect the force condition of STHCC specimens during the
whole process of quasi-static simulation analysis, and the
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Ficure 3: The FE model of STHCCs.

TaBLE 2: Comparison of simulation and test value subjected to axial compression.

Specimens hy xbxh, xt; xt, (mm) L (mm)

A fyr (MPa) fp,, (MPa) &

fou MPa) NT (kN) NS (kN) |NT - NS|/NT (%)

STHCC1 50 x100x100x1.7 x 06 370 12.82 269
STHCC2  50x100x100x 2.3 x06 370 12.82 282
STHCC3  50x100x100 x 3.8 x 06 370 12.82 286
STHCC4  50x100x100x 2.3 x06 370 12.82 282
STHCC5 50 x100x100 x 2.3 x 06 370 12.82 282
STHCC6  50x100x100x 2.3 x06 370 12.82 282
STHCC7  50x100x100x1.7x08 370 12.82 269
STHCC8  50x100x100x1.7x12 370 12.82 269
STHCC9  50x100x100x2.3x06 270 9.35 282
STHCC10 50x100x100x2.3x06 470  16.28 282
STHCC11 50x100x100x1.7 %06 270 9.35 269
STHCC12 50x100x100x1.7 x 06 470  16.28 269
STHCCI13 50x100 %100 x 3.8 x06 270 9.35 286
STHCC14 50x100x100x 3.8 x06 470  16.28 286

321 0.60  49.50 741.21 736.94 0.58
321 0.88  49.50 864.59 912.83 5.58
321 1.60  49.50 1182.15 1184.33 1.20
321 0.82 5317 1067.75 1037.13 2.87
321 0.66  65.60 1173.69 1168.35 0.45
321 0.78  55.69 1086.86  1053.54 3.08
325 0.60  49.50 763.17 781.58 2.41
331 0.60  49.50 798.26  786.84 1.43
321 0.88  49.50 948.52  957.48 0.94
321 0.88  49.50 841.31 863.90 2.44
321 0.60  49.50 781.37 761.63 1.53
321 0.60  49.50 716.92 733.36 2.29
321 1.60  49.50 1268.30 1273.31 0.40
321 1.60  49.50 1076.86  1088.53 1.08

Note. fys fyws and fc, denote the measured average value of the yield strength of the steel tube flange, the measured average value of the yield strength of the
steel web, and the measured average value of the axial compressive strength of the cube concrete, respectively. A is the slenderness ratio, A = 2+/31/b, &
represents the confinement effect coefficient of the steel tube, § = A, f /A, f, and fu. refers to the standard value of fi of concrete calculated from the

measured value.

skeleton curves of 22 STHCCs are shown in Figure 8. It is
noteworthy that the skeleton curves can be roughly divide
into three stages: elastic deformation stage, elastic-plastic
stage, and load decline stage, which are similar to the load-
displacement curves of the specimens obtained by axial
compression tests. The skeleton curves of the specimens
show a linear trend at the initial loading stage; at the same
time, the specimens show elastic deformation. With the
increase of horizontal load, the skeleton curves change into
nonlinear gradually, and elastic-plastic deformation appears
for the steel tubes. The plastic damage of concrete continues
to accumulate until the load reaches the peak load. After the
peak load, the skeleton curves begin to decline. It is dem-
onstrated that the specimens show excellent bearing
capacity.

With the increase of A,, the initial stiffness of the
specimens and the bearing capacity gradually decrease; it can
be found that the magnitude of the decline of skeleton curves

slows down gradually, as shown in Figure 8(a). Figures 8(b)
and 8(c) show that the influence of n (n<0.4) and fy
(foc <60 MPa) on the bearing capacity of the specimens is
not obvious and that the slope of the curves is similar.
Figures 8(d) and 8(e) show that with the increase of « and
fytio the bearing capacity and deformation capacity increase
obviously. Figures 8(f) and 8(g) show that with the increase
of D/B, the slope of the descending stage of the skeleton
curves decreases gradually.

6.3. Establishment of Skeleton Curve Model and Restoring
Force Model

6.3.1. Simplified Skeleton Curve Model. In order to obtain
the characteristics of STHCC skeleton curves, the skeleton
curves should be normalized firstly [25], as shown in
Figure 9.
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FIGURE 5: Comparison between NT and N¥ of 14 STHCCs.

It can be found from Figure 9 that the skeleton curves (1) A trilinear model consists of three stages: elastic
conform to the trilinear law [26, 27], which can be simplified stage, elastic-plastic stage, and decline stage, where
as a calculation model, as shown in Figure 10, and the the yield point, peak point, and limit point are

specific simplified rules are as follows: considered.
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FIGURE 7: Hysteresis curves of 22 STHCCs. (a) STHCCL. (b) STHCC2. (c) STHCC3. (d) STHCCA4. (e) STHCC5. (f) STHCCé. (g) STHCC?.
(h) STHCCS. (i) STHCC9. (j) STHCC10. (k) STHCC11. (I) STHCCI2. (m) STHCC13. (n) STHCC14. (0) STHCCI5. (p) STHCCI6.

(q) STHCC17. (r) STHCCI18. (s) STHCCI9. (t) STHCC20. (u) STHCC21. (v) STHCC22.
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F1GUrE 9: Skeleton curves of 22 STHCC specimens.
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F1GURE 10: Trilinear skeleton curve model for 22 STHCC specimens.

(2) The values of characteristic points for skeleton curve stage. After the peak point, there comes a declining
model are the average positive direction and negative stage, in which the stiffness of the specimens remains
direction values of characteristic points for each at the same value, and the equation of the skeleton
specimen. curve is shown in Table 3.

(3) It is considered that the specimens are at the elastic
stage before yield point; hence, the elastic stiffness is  6.3.2. Comparisons of Regression Values and Simulation
selected as the stiffness. When the load value raises  values of the Skeleton Curves. The comparisons of calcu-
between the yield point and the peak point, the  Jation results and simulation results of the skeleton curves
specimen is considered to be at the elastic-plastic  for 22 specimens are illustrated in Figure 11. It can be found
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TaBLE 3: The equation of the skeleton curve.
Section Regression equation Slope
oD P/P" L =4.81 (A/A" 1hay) 4.81
DE PIPY,. = 0.98 (A/A*,.) +0.68 0.98
EF PIP o= - 0.42 (A/A" ) + 1.14 -0.42
ocC PIP oy =473 (AJA o) 473
CB PIP pax=1.00 (A/A™ o) — 0.66 1.00
BA PIP = - 0.41 (AJA™ ) — 112 -0.41
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Ficure 11: Comparisons of skeleton curve model between calculation and simulation. (a) STHCCI. (b) STHCC2. (c) STHCC3. (d)
STHCCA4. (e) STHCCS. (f) STHCCG. (g) STHCC?. (h) STHCCS. (i) STHCCY. (j) STHCC10. (k) STHCC11. (I) STHCC12. (m) STHCC13.
(n) STHCCI14. (o) STHCC15. (p) STHCCI16. (q) STHCC17. (r) STHCCIS. (s) STHCCI19. (t) STHCC20. (u) STHCC21. (v) STHCC22.

that the calculation results are in good agreement with the
simulation results, which indicates that the skeleton curve
model obtained by statistical regression can reflect the load-
displacement relationships accurately.

6.4. Stiffness Degradation. The stiffness of the specimens is
reflected by the secant stiffness (K;) [10, 28], which could be
expressed by
+P;| +|-P;
S >
1 1

where P; denotes peak horizontal load of the first cycle under
the i-th control displacement and A; refers to the corre-
sponding displacement.

The secant stiffness (K;) versus the horizontal displace-
ment (A) relationships of 22 STHCCs are shown in Figure 12.
It can be seen from Figure 12 that the stiffness degradation
trends of STHCCs are similar. K; shows a decreasing trend
with the increase of A, and the curves gradually slow down
with the increase of A. A, &, D/B, and fy have a significant
impact on the secant stiffness, and with the increase of A;, a,
and fyg, the stiffness degradation rate of the specimen
gradually slows down. With the increase of D/B, the stiffness
degradation rate of the specimen improves, and the stiffness
degradation phenomenon becomes more significant.

6.4.1. Degradation Law of Stiffness. Itis found that the secant
stiffness of the specimens decreases constantly during the
whole loading and unloading process. In Figure 13, point 1
represents the i-th horizontal load peak point under forward
loading, and point 2 represents the i-th horizontal load peak
point under reverse loading. The slope of the line from point
1 to point 2 expresses secant stiffness. The relationships
between Ki/K, and A/A,.x can be obtained by statistical
regression based on the test results, as shown in Figure 14.
The regression formula is expressed as follows:

K,/K, = 1.221¢” >4/ 8 1 0,045, (3)

where K; denotes the secant stiffness of the first stage
horizontal load peak under the i-th control displacement
and A; refers to the i-th control displacement.

6.5. Ductility. Ductility is regarded as a main parameter to
measure the deformation performance of the specimens
[29], and it can be explained by the ductility coefficient (u),
which can be calculated by the following equation:

USRS
h=r— (4)
(Ia1+1a5])

where A}, A refer to positive limit displacement and yield
displacement, respectively, and A, A} denote negative limit
displacement and yield displacement, respectively.

6.5.1. Simulation Results. The ductility coeflicients of 22
specimens determined by the above-mentioned calculation
method are shown in Table 4. The existing research
[25, 30, 31] shows that y of steel reinforced concrete (SRC)
columns ranges from 3.50 to 6.00 when A value is greater
than 2. Table 4 shows that the ductility of STHCCs is similar
to that of SRC columns, which indicates that the specimens
have good deformation behavior.

6.5.2. Shear Span Ratio. The relationships between P, 4, and
A of the STHCCs are shown in Figure 15. With the increase of
Ay P, and p of the STHCCs decrease gradually. When A,
changes from 2.08 to 2.45, 2.64, 3.33 in turn, P, of STHCCs
decreases by 17.32%, 5.97%, and 18.92%, respectively, and u
decreases by 9.21%, 1.01%, and 45.83%, respectively.

6.5.3. Axial Compression Ratio. The relationships between
P,, u, and n of the STHCCs are shown in Figure 16. It can be
seen from Figure 16 that when n changes from 0.1 to 0.3, P,
of the STHCCs decreases by 1.92% and 1.81%, respectively,
and p increases by 8.93% and 85.76%, respectively, in which
n has a significant effect on the ductility of the STHCCs.
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TasLE 4: Ductility coefficients of STHCC specimens.
Specimens As n a fac MPa)  fyac (MPa) D/B. P, (kN) P, (kN) A, (mm) A, (mm) A, (mm) U
STHCC1 2.08 04 0.044 40 235 2.08 1270.00 1079.50 4.33 12.60 29.40 6.78
STHCC2 245 04 0.044 40 235 2.08 1050.00 892.50 7.50 19.80 46.20 6.16
STHCC3 264 04 0.044 40 235 2.08 987.33 839.23 8.67 19.20 52.80 6.09
STHCC4 333 04 0.044 40 235 2.08 800.51 680.43 12.00 19.80 39.60 3.30
STHCC5 333 0.1 0.044 40 235 2.08 857.98 729.29 12.17 24.00 40.30 3.31
STHCCe6 333 0.2 0.044 40 235 2.08 841.51 715.28 12.33 24.00 44.50 3.61
STHCC7? 333 03 0.044 40 235 2.08 826.24 702.30 7.83 21.60 52.50 6.70
STHCCS8 333 04 0.044 30 235 2.08 753.01 640.06 10.50 16.80 54.60 5.20
STHCC9 333 04 0.044 50 235 2.08 819.27 696.38 10.67 21.60 34.50 3.23
STHCC10 333 04 0.044 60 235 2.08 897.57 762.93 13.00 25.20 33.60 2.58
STHCCI11 333 04 0.021 40 235 2.08 615.00 522.75 12.50 16.80 29.40 2.35
STHCC12 333 04 0.032 40 235 2.08 706.41 600.45 10.67 16.00 25.60 2.40
STHCC13 333 04 0.056 40 235 2.08 908.70 772.40 10.50 20.00 55.00 5.24
STHCC14 333 04 0.044 40 345 2.08 1022.73 869.32 15.17 27.00 64.80 4.27
STHCC15 333 04 0.044 40 390 2.08 1130.00 960.50 13.33 24.00 70.00 5.25
STHCC16 333 04 0.044 40 420 2.08  1200.00 1020.00 13.33 36.00 72.00 5.40
STHCC17 333 04 0.042 40 235 1.89 900.13 765.11 20.00 40.00 110.00 5.50
STHCC18 333 04 0.041 40 235 1.73 961.00 816.85 17.67 33.60 57.20 3.24
STHCC19 333 04 0.040 40 235 1.60 776.16 659.74 20.33 28.80 64.80 3.19
STHCC20 3.33 04 0.048 40 235 1.92  1030.00 875.50 25.63 18.00 68.43 2.67
STHCC21 333 04 0.031 40 235 2.40  1230.03 1045.53 14.00 24.00 45.00 3.21
STHCC22 333 04 0.034 40 235 2.72 714.09 606.97 9.00 21.00 40.00 4.44

Note. P, denotes the yield load, A, is the yield displacement corresponding to P,

ultimate displacement corresponding to P,,.

P (kN)

FiGUure 15: Relationships between Pu, y, and A,.
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, A, denotes the peak displacement, P, is the ultimate load, and A, refers to the
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With the further increase of n (n > 0.7) [12], y of the STHCCs
decreases obviously, so the limit value of n should be rea-
sonably considered, which ensures that the STHCCs have
good ductility [25, 30, 31].

6.5.4. Steel Ratio of Section. The relationships between P, ,
and « of the STHCCs are illustrated in Figure 17. It can be
seen from Figure 17 that when « increases from 4 to 6, 8, and
10, P, of the STHCCs increases by 14.86%, 13.32%, and

13.52%, respectively, while y increases by 2.04%, 37.5%, and
58.73%, respectively, which indicates that the influence of «
on the ductility of the STHCC:s is significant.

6.5.5. The Compressive Strength of Concrete. Figure 18 shows
the relationships between P,,, y, and f. of the STHCCs. When
fex increases from 30 MPa to 40 MPa, 50 MPa, and 60 MPa, P,
of STHCCs increases by 6.31%, 2.34%, and 9.56%, respec-
tively, while y decreases by 36.54%, 1.99%, and 20.01%,
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FIGURE 21: Calculation diagram of E.

respectively. With the increase of fy, P, of the specimens
increases but the ductility decreases, which indicates that the
ductility of the STHCC:s is significantly affected by fu.

6.5.6. The Yield Strength of Steel Tube. The relationships
between P,, y, and fyq of the STHCCs are shown in Fig-
ure 19. When fyq increases from 235MPa to 345 MPa,
390 MPa, and 420 MPa, P, of the STHCCs increases by
27.76%, 22.88%, and 2.86%, respectively, and y increases by
29.47%, 10.49%, and 6.19%, respectively, which indicates
that P, and deformation capacity of the STHCCs improve
with the increase of fyg..

6.5.7. Section Aspect Ratio. The relationships between P, y,
and D/B of the STHCCs are shown in Figure 20. It can be
seen from Figure 20 that when D/B increases from 1.6 to
1.73, 2.08, and 2.72, u of the STHCCs increases by 1.58%,
1.86%, and 34.54%, respectively.

6.6. Energy Dissipation Capacity. The energy dissipation ca-
pacity is applied to evaluate the ability to absorb the energy
released in the earthquake of the structure [9]. The energy
dissipation coefficient (E) is used to evaluate the energy dis-
sipation capacity of STHCC specimens, and the energy dis-
sipation coeflicient refers to the ratio of the shadow area to the
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triangle DFO and the triangle BEO area, as shown in Figure 21.

The energy dissipation coeflicient can be calculated as follows:
S

F = _D(ABC+CDA) (5)

S (AOBE+AODF)

Figure 22 shows the horizontal displacement (A) versus

the energy dissipation coeflicient (E) relationships of the 22

STHCCs under the first reciprocating load of each stage. It

can be found from Figure 22 that the energy dissipation
capacity values of the 22 STHCCs are substantially similar.

The energy dissipation capacity of STHCCs is shown in
Figure 22. With the increase of A, 1, fyn, and D/B, E and the
energy dissipation capacity of the specimens decrease grad-
ually. It can be seen from Figures 22(c) and 22(d) that f and
a have little effect on the energy dissipation capacity of
STHCCs. The existing research [32] shows that E of RC
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columns is about 1.0 and E of SRC columns is about 2.4; E of
specimens in this article can reach above 2.0, so it is indicated
that the STHCCs have excellent energy dissipation capacity.

6.7. Resistance Degradation. The resistance degradation
coeflicient (&) is used to measure seismic action of STHCC
specimens as shown in Figures 23(a), 23(b), 23(d), 23(e), and
23(g). With the increase of A, n, a, fya, and D/B, & of the
STHCCs increases and the resistance degradation rate
gradually slows down. Figure 23(c) shows that with the
increase of f, the resistance degradation of the specimens

gradually decreases and the resistance degradation rate
accelerates. It can be concluded that within a certain range,
the increase of A, 1, a, fya, and D/B is conducive to im-
proving the seismic performance of the structure.

6.8. Restoring Force Model. The restoring force model of
STHCC:s is established by statistical regression, as shown in
Figure 24, in which points D and C represent the yield points
of positive direction and negative direction. Points E and B
represent the peak points. AB and EF represent the descent
segment. The horizontal auxiliary line (L;) represents the
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FIGURE 26: Failure modes of STHCC:s. (a) STHCC2. (b) STHCCA4. (c) STHCCé. (d) STHCC10. (e) STHCC13. (f) STHCC14. (g) STHCC19.

(h) STHCC22.

straight line (P=0.45Pg) [13], and L, represents the sym-
metric line of L, about horizontal coordinate axis.

The specimens are approximately at the elastic stage
before yielding, and the paths of loading and unloading
process are along the elastic stage of the skeleton curves;
more specifically, the OD section is loaded forward, and the
OC section is loaded backward after specimens unloading to
the O point. It can be found that the loading stiffness and
unloading stiffness are both the elastic stiffness of the
skeleton curves.

After the specimens yielded, the loading path develops
along the skeleton curves. Before reaching the peak load, the
unloading and reverse loading are carried out according to
the path of point E to the negative yield point C and then
develop along the path of point C to point B. The overall
loading path is D-E-1-C-B-1'-D.

After the peak load, the loading path develops along the
skeleton curve from point E to point 4 (point 5). The
unloading path is from point 4 (point 5) to point 2 (point 3),
the reverse loading path is from point 2 (point 3) to point 4’
(point 5'), the reverse unloading path is from point 4’ (point
5') to point 2/ (point 3), and then the forward load is loaded
to the path of the skeleton curve. The overall loading path is 4
(5)-2 (3)-6 (7)-4" (5")-2" (3")-6' (7')-4 (5).

6.9. Comparisons between Restoring Force Model and Simu-
lation Results. The hysteretic curves of STHCCs calculated
by the restoring force model are shown in Figure 25. By

comparing them with the simulation results, we can see that
both are in good agreement; therefore, the restoring force
model is feasible.

6.10. Destruction Form. The failure modes of STHCCs
subjected to low cyclic loading are substantially the same, as
shown in Figure 26. The column foot of the double-limb steel
tube flange shows obvious outward expansion deformation.
Due to the effect of axial force and horizontal force, the
honeycomb steel web produces vertical compression de-
formation and transverse in-plane buckling deformation.
The core concrete of the two-limb flange generates vertical
compression deformation and bulging deformation of the
upper column foot. The maximum stress of the steel tube
appears in the inner side of the column foot, and the
maximum bulging deformation is concentrated in the upper
part of the column foot. The maximum stress of concrete
occurs at the column foot and the outer side of the concrete
columns. Therefore, it can be concluded that the steel tube
exhibits confinement effect on the core concrete, which can
effectively improves the strength of concrete and inhibits the
damage of concrete. The honeycomb steel web also has a
certain support for the CFST inside the flange, which can
enhance the constraint effect of the inner steel tube on the
concrete, the strength of the concrete, and the bearing ca-
pacity of the CFST flange. The core concrete in the steel tube
effectively inhibits and delays buckling failure of the steel
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tube and improves the deformation capacity and hysteretic
behavior of the STHCCs.

7. Conclusions

Based on the simplified constitutive model of steel and the
nonlinear constitutive model of concrete, 14 STHCCs are
numerically simulated by ABAQUS software. By compari-
son, the maximum error between the simulation and test
results is 5.58%, which can verify the rationality of the FE
modeling method.

The hysteresis curves of all the specimens show full
shuttle shape and strong energy dissipation capacity. « has a
great influence on the hysteresis curves of STHCCs; with the
increase of a, the ultimate displacement of the specimens
gradually increases. After reaching the peak load, the de-
crease of the bearing capacity of the specimens gradually
slows down, and the ductility becomes better. When n < 0.4
and f, <60 MPa, the effects of n and fj on the bearing
capacity of specimens are not remarkable. With the increase
of & and fyq,, the bearing capacity and deformation capacity
increase obviously. The stiffness degradation rate of speci-
mens gradually slows down, and the E gradually decreases by
increasing A, «, and fyq., but the energy dissipation capacity
is still higher than that of ordinary concrete columns. With
the increase of A,, a, fyfk, and D/B, the resistance degradation
increases; the degradation rate decreases; and n, a, and fu
have great influence on the ductility of specimens.

Based on the hysteresis curves obtained by the quasi-
static analysis, the trilinear skeleton curve model and the
restoring force model are established, and the hysteresis
rules are proposed correspondingly.

By observing the failure mode of STHCCs, the steel tube
has significant constraint on the core concrete and improves
the compressive strength of concrete effectively. The hon-
eycomb steel web provides effective support for the rect-
angular CFST flanges, and the core concrete delays the
buckling failure of the steel tube validly, which can reflect the
good overall hysteretic behavior of the STHCCs.
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Modular container buildings, as new modular steel structure buildings with the advantages of modular construction and
transportation, fast construction speed, and conformance to the concept of sustainable development, have achieved rapid
development in the field of civil engineering in recent years. However, in view of the incompatibility of the standards and systems
between the traditional construction industry and the container manufacturing industry, contradictions between industriali-
zation, standardization requirements and diversified demands of buildings, and the low integration of the design system of
modular steel structure buildings, the further development of the modular container building industry has encountered a
bottleneck. In this study, for resolving this problem, it was proposed to coordinate the modular sequence of the construction and
container manufacturing, establish a modular system for modular steel structure buildings, establish a database of container
building components and parts, and integrate BIM and PDM platforms, to strengthen professional coordination and improve the
integrated design that can increase the integration of the whole process of design. The application and verification in pilot projects
such as Huaduhui Commercial Street have approved that this design method can effectively improve the standardization,
industrialization, and information levels of design, production, and construction, increase the diversity and overall quality of

modular buildings, and promote the achievement of the integration target of the modular steel structure building system.

1. Introduction

Modular container buildings, as new modular steel structure
buildings, have not been applied in civil engineering for a long
time, and they have been used to civil buildings on a large
scale for only more than ten years. At the end of the twentieth
century, many Western architects started designing container
buildings, most of which were the transformation of small
modular buildings focusing on experimental trials [1]. In the
twenty-first century, the new building type, “modular steel
structure container building,” entered a period of develop-
ment in the field of civil engineering and formed a unique
architectural style and construction method [2, 3]. Since then,
modular container buildings have been gradually applied as
residences, stores, offices, hotels, etc. [4]. In 2019, for fighting
against COVID-19, Huoshenshan and Leishenshan hospitals

were rapidly constructed, showing the unique advantages and
development potential of modular steel structure container
buildings [5].

In the past two decades, some companies and engineers
have studied modular steel structure container buildings’ de-
sign and manufacture and made many achievements (Table 1).
For example, SG Blocks (the USA) and Tempohousing
(Netherlands) are good at building large-scale residential
buildings such as barracks and dormitories; Urban Space
Management (UK) and LOT-EK (the USA) have designed
diversified and characteristic container buildings such as
schools, offices, and business buildings [6]; Verbus Systems
(UK) has obtained a patent for vertically stacked container
buildings [7]; Shigeru Ban, the winner of the Pulitzer Prize, has
successfully applied used containers in architectural design of
the buildings such as the nomadic museum [8]. In recent years,
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TaBLE 1: Famous container design and manufacturing company and its works.
Company Country Representative projects Awards or achievements
Puma City
LOT-EK Container City 2008 American National Design Award (2008)
America Apap Open School ATA Award (2011)
The CUBES at Socrates Sculpture Park PDC Annual Award (2018)
SG Blocks U.S. Army Corps of Engineers Barracks
Verbus Systems Travelodge Hotel
UK Container Cityl, 2 The Container City System
Urban Space Management Cuffley School
Fawood Children’s Center RIBA Stirling Prize (2009)
Tempohousing Holland Keetwonen Student Housing
Addis Containers New Zealand Container RowBox 2010 Karapiro World Rowing Champs Promotional
CIMC China Sochi Winter Olympics Hotel

Holiday Inn Express Hotel

Jure Kotnik prepared the book Container Architecture, which
introduces representative container buildings and theoretical
research results. In Prefab Architecture: A Guide to Modular
Design and Construction, the author conducts more in-depth
analysis on the key points of the whole process, from com-
ponents, panels, assembly to design and construction of the
prefabricated container buildings. Eissa et al. investigate the
development of a BIM governance framework (G-BIM) with
the support of cloud technologies, identifying effectiveness
factors that guarantee successful collaboration [9]. Ansah et al.
extend the knowledge in automated BIM-based LCA by
addressing specific characteristics of prefabrication and pro-
motes the incorporation of comprehensive and detailed LCA
data into BIM models for improved design robustness and
holistic performances of buildings [10]. China International
Marine Containers (Group) Co., Ltd., as the largest container
manufacturer in the world, has made various achievements in
the field of modular steel structure buildings. For example, it
has developed the “seismic model analysis of modular building
with self-stacking structure” technology with domestic uni-
versities [11]. The pioneered modular building technology has
been applied in hotels for the Russian Winter Olympics.

However, there is a dilemma in the development of
modular steel structure buildings at present: on the one
hand, the industrialized mass production of modular steel
structure buildings mainly depends on container manu-
facturers, and the facilities are primarily limited to low-end
dormitories and stores consisting of a large number of re-
peated and straightforward units; on the other hand, as for
modular steel structure buildings with higher quality re-
quirements, although there are construction companies
involved in the design and construction, the inconsistency of
the standards with the container enterprises, the low system
integration, and unfavorable transdisciplinary coordination
have resulted in several problems such as common design
integration, redundant types of modules and components,
low production efficiency, and high cost, which have severely
restricted the development of the industry of container
buildings.

For resolving such a problem, in this paper, the author
coordinated the related modulus and size restrictions in the
traditional construction industry, container manufacturing

industry, and logistics industry based on the BIM platform
and pilot projects and the advantages of BIM informatiza-
tion, and then proposed a unified modular sequence and
three-dimensional modular grid for modular container
buildings. In addition, the author established a standardized
and systematic database of components and parts charac-
terized by “family” through the integration of building in-
formation modeling (BIM) and product data management
(PDM) platforms and an integrated design method of
container buildings led by architectural design based on a
flexible modular combination and closely cooperated with
structure and equipment, for realizing the standardization
and digitization of the whole process of design, production,
and construction. The completion and operation of the pilot
projects such as Huaduhui Commercial Street (Figure 1) and
Modular Fire Station have verified the feasibility and su-
periority of the integrated design of modular container
buildings based on BIM.

The paper is organized as follows. Section 2 discusses the
link between the goal of modular container building inte-
gration and BIM-based integrated design; Section 3 discusses
a modular container building system based on BIM tech-
nology and components from the container logistics and
conventional construction industries; Section 4 describes BIM
database for modules, features, and parts of modular steel
structure buildings; Section 5 describes integrated design and
pilot projects for container buildings based on BIM and
crossdisciplinary collaboration in design, production, and
construction; and Section 6 provides conclusion.

2. Integration Target of Modular Steel Structure
Container Buildings and Integrated Design
Based on BIM

For resolving the contradiction between the diversified
needs of modular container buildings and industrial pro-
duction, there should be an integrated building system
combining standardization with flexibility similar to KEP
(Kodan Experimental Housing Project) and NPS (new plain
system) in Japan [12]. Integrated buildings are assembled by
building components in a manner of plant and social col-
laboration, which form a new building system that can
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FiGure 1: Pilot project-real aerial photo of Huaduhui Commercial Street.

provide ultimate perfect products for the market. The in-
tegrated building system can integrate building components
and structural parts and provide optimized products that
combine integration design, information-based production
management methods, and high-performance materials and
equipment. In order to establish the integration building
system, Yangzhou University and CIMC Yangzhou Base
jointly proposed the integration target for the container
building system (Table 2).

Integrated design is the prerequisite and means for
achieving the container building integration target. A
multidisciplinary design method can be used to construct
economic and high-quality facilities. A multidisciplinary
design method can be used to construct economic and high-
quality buildings by integrating various design elements in
the design process. From a vertical perspective, integrated
design runs through and leads the entire design, con-
struction, and operation process and focuses on the whole
life cycle of the building. From a horizontal perspective,
different professional designers should work closely together
and consider the form, function, performance, and cost to
obtain high performance and various benefits at a lower
price, thus realizing the sustainable development of the
building. [13] BIM is the basis for the goal of integrated
design. To realize the integration of different professional
software and the mutual access between databases, all the
professional data, system software, and application software
must adopt the uniform model data expression and infor-
mation exchange standards in the BIM system [14].

3. Establishment of a Modulus System for
Modular Container Building Based on BIM

Integrated design should coordinate the size, positioning,
and correlation of the main structure, components, and
parts, and establish a unified and coordinated modular grid
system through modular and serial design to realize the
organic combination between structure, features, and
equipment, and simplify the size and types of components.
In other words, a modulus system is a prerequisite and
foundation for establishing an integrated design system for
container buildings. BIM technology has provided a plat-
form for the establishment of such a system.

3.1. Modulus Coordination. For establishing a modulus
system of modular container buildings, the building mod-
ulus system and container logistics modulus system in the

traditional construction industry should be first integrated.
Specifically, in addition to the modulus based on the human
scale, the modulus based on functional units, and building
modules based on the size of the building components that
should be integrated in the general building modulus system,
the logistics modules, transportation size restrictions, con-
tainer structural components, and material size modulus
should also be deeply analyzed, so as to obtain the differences
and mutual relations between different modulus systems.
Then, the major constraint modulus and dimensions can be
proposed on this basis to integrate and form a new container
building modulus system (Figure 2).

Particular attention should be attached to the limitations
on transportation dimensions because an essential feature of
container buildings is the overall transportation of modules.
It can be concluded through analyzing the Regulations on
Transport Vehicles with Out-of-Gauge Goods and Limits of
Outer Dimensions, Axle Loads and Mass of Automobiles,
Trailers and Combination Vehicles (GB1589-2016) that
there are limitations on transportation of large-size goods
(2.5M, 3M, 3.75M, etc.) and also on height and length.
Therefore, in the process of modulus coordination, the hi-
erarchical modulus on width, height, and length of the
module should be smaller than these values, respectively.
The complexity of modulus may significantly increase the
possibility of size combination. Since the cad plane, facade,
and section cannot coordinate and control the varieties of
modulus and modules in a 3D space, BIM was used to build a
3D model for simulated combination testing of modulus and
modules. The method is first of all, find typical office, hotel,
and residential architectural drawings, and use modules of
different modulus sizes to puzzle in Revit. It must be ensured
that (1) the outline of the module does not exceed the ex-
terior wall of the building; (2) the module does not invade
the stairwell; (3) no corner posts appear in the aisle; and (4)
the size of the module meets the requirements of trans-
portation and components; and secondly, when the module
has basically completed the construction and modeling of
the shape and space, use the collision check function of the
Revit software to check. When the type is reduced, the
building module often collides; then, by comparing the
number of collisions in the collision check report with Revit,
the ratio of the module types counted in the software, the
modules with a lower ratio are selected; finally, there are
correct validation and optimization of results. In the Revit
system, the parameter adjustment and statistics of building
components and parts are very convenient, which greatly
improves the research efficiency. Thereby, the results of the
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TaBLE 2: Container modular building system integration target list.

Target

Rule

Index

Integration of architectural design

Modular system
General module, component

Professional cooperation

Realize modular coordination, establish modular mesh, tolerance,
and fit, connection, etc.
A large proportion of modules, prefabricated components, or
components of the exact design specification
BIM as a platform to achieve the architecture, structure,
hydropower, HVAC professional close cooperation

Component parts production
standardization, factory production

Prefabricated load-bearing
member
Prefabricated non-load-
bearing component
Prefabrication rate of load-
bearing components
Prefabrication rate of non-
load-bearing components

Modules, columns, beams, floors

Interior wall, balcony, staircase, integral kitchen, integral
bathroom, etc.

Improve prefabricated volume ratio or prefabricated value ratio

Improve prefabricated volume ratio or prefabricated value ratio

Assembly of building construction

Mode of transportation of
components and parts

Technical equipment rate

Power equipment ratio

Degree of technology
integration

Prefabricated components and prefabricated parts shall be given
priority to the size following transportation regulations, the
integrated transportation mode shall be given priority, and the
multimodal transportation mode shall be adopted for long-
distance transportation.

Increase the ratio of the net value of enterprise-owned machinery
and equipment to the total number of employees or workers at the
end of the year
Increase the ratio of the total power of machinery and equipment
to the average number of employees
Improve the degree of technical integration, upgrade the
secondary design, complete set of the installation process

Production and management
informatization

The phase of the design

Component parts production
stage
Construction and installation
stage

Operational phase

Life cycle information
management

Application of information technology (BIM, the Internet of
Things, etc.)

Application of information technology (BIM, the Internet of
Things, etc.)

Application of information technology (BIM, the Internet of
Things, etc.)

Application of information technology (BIM, the Internet of
Things, etc.)

Integrated information technology approaches throughout life

cycle management

Component
size

Logistics
module

Container
building

Container
module

module

Human
scale
modulus

Transportation

size limitation

FIGURE 2: Modulus coordination of modular container buildings based on BIM.
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first phase of the study can be verified, screened, and op-
timized, and the applicable modulus, module, and com-
ponent size can be obtained.

3.2. Establishment of the Modulus System. Based on BIM
simulation, screening, and optimization, the container building
modulus system was initially proposed, based on which we
designed the components, parts, and modules and then per-
formed the trial installation. Through verification, adjustment,
and improvement by several actual projects, the container
building modulus system was initially established and included
as essential parts into the internal standards of CIMC—
Standards for Container Modular Combination Barracks and
Standards for Self-stacking Container Modular Hotel.

The container modulus system consists of the following
parts.

3.2.1. Determination of Modulus Sequence. In order to re-
alize the standardization of the design of container buildings
and offer greater versatility and interconvertibility to the
structure and components in a facility, the limited sequence
should be taken as actual working parameters in architec-
tural design. Firstly, we determined (1) the basic modulus
1M, then determined (2) expanded modulus sequence (2M,
4M, 6M) based on the principle of superposition and
multiple, and set (3) submodulus sequence: M/100, M/50,
M/20, M/10, M/5, M/2, etc. The main range of expanded
modulus and submodulus set here is different from that of
ordinary buildings because it is determined by the modular
features of prefabricated container buildings and the higher
manufacturing and assembly accuracy of the machinery
manufacturing industry than the traditional construction
industry. Finally, (4) adjusted modulus based on English
units was set to resolve the connection and conversion issues
between the British and metric systems. Specifically, add an
inserted value (insert segment) to the metric-based modulus
series and the modulus grid. For example, the width of the
international standard container is 8 feet, which is 2438 mm;
then based on the metric module grid, add a 38 mm insert
section; 2400 mm + 38 mm = 2438 mm (8 ft), where 38 mm is
the adjustment modulus M. And 38 mmX2 =76 mm (3in) =
i, where 76 mm happens to be the gap size i of the module
splicing in the container module system, and its value is 3
inches, that is to say, the adjustment module M’ =i/2. As a
result, the international standard container module system
based on the British system can be converted to the metric
building module.

3.2.2. Establishment of a Modular Grid. For each container
building, a modularized spatial grid composed of three-
dimensional rectangular coordinates (modulus dimensions)
should be established in BIM. The relevant modulus and
parameters can be intuitively analyzed and adjusted; the
expanded modulus and sun modulus are different in three
directions. A final 3D modular grid of the container building
system was established through optimization.

3.2.3. Principle of Positioning. In the modular grid, each
component should be positioned by virtue of the boundary
positioning of the centerline (or off-center line) in the three
directions. Unlike conventional buildings, container
buildings are constructed in a modular construction man-
ner, so they are not applicable to the principle of positioning
with the centerline (or off-center line) of column (beam) or
wall but the code of placing with seam line as the positioning
axis. At each end of the building, the modular grid lines can
be set on the boundary surface of the module (Figure 3(a)).

3.2.4. Mark Dimensions, Production Dimensions, Seam, and
Tolerance. In order to realize the size coordination between
the design and installation of the containerized modular
building and open up the data conversion between design
and manufacturing, the relationship between the size of the
logo and the size of the production needs to be handled. The
size of the logo should be the modular size and meet the
requirements of the modular sequence, usually indicating
the distance between the building positioning lines (axis);
the production size is the design size of the building module,
parts, and components; the general production size plus the
seam size or joint size is mark dimensions. The seam mainly
refers to the gap between two or more modules in the
container building modulus system. By optimizing the de-
sign and improving the production and installation process,
the seam width of CIMC containers has been reduced to
10 mm from the original 20 mm (or 18 mm). Tolerance is the
difference between two allowable limits, including
manufacturing tolerance, installation tolerance, and posi-
tioning tolerance. The tolerance in the container con-
struction system generally refers to the manufacturing
tolerance, which is the difference between the production
size and the actual part size. Considering the higher accuracy
of container buildings compared to traditional buildings, we
set the tolerance of container buildings at the millimeter
level. For example, the manufacturing tolerances of con-
tainer modules were controlled within the range of 0 to
—5mm. The sum of production dimensions, tolerance, and
seam should be the marked dimensions, which can avoid
recutting or rectifying (Figure 3(b)).

3.3. Application and Inspection of Modulus System in Actual
Projects. 'The modulus system obtained through simula-
tion, screening, and optimization based on the BIM plat-
form should be inspected and improved throughout the
entire process of the actual engineering projects. The pilot
projects adopting the new modulus system are introduced
below.

Huaduhui Tourist Service Center was designed based on
the modulus of 3,000 mm in height, which can achieve higher
indoor space while meeting the size permitted for road
transportation; the modulus of the width of 2,438 mm x 2 can
meet the space requirements. The entire building was con-
structed by 17 modules of the same size (side panels were
removed at the splicing). The size of every single module did
not limit the shape and space of the building. The BIM 3D
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FIGURE 3: Principle of positioning. (a) Schematic diagram of axis positioning principles. (b) Schematic diagram of the seam, nominal

dimensions, and structural dimensions.

modular grid can easily and intuitively generate different
modular combinations in the 3D space grid. Finally, it forms
the well-proportioned building rich in space and conforming
to the principle of modularization (Figure 4).

In Huaduhui Commercial Street Project, the container
splicing (opening the side walls) was adopted to meet the
stores’ requirements for space. As for module width,
2,438 mm was set for a spliced container and 3,000 mm for
an independent container (structural dimension); as for
height, 3,200 mm was selected as the significant modulus; as
for length, 20, 30, and 40 feet were adopted.

The sizes and styles of components and parts were also
simplified, but based on different combinations of inter-
changeable components and flexible application of or-
thogonal and oblique 3D modular grids (Figure 5), multiple
combinations and spatial effects were obtained with fewer
modules and components (Figure 1). The container
building modulus system has also been applied in
Yangzhou Suburb Park Maker Center, Modular Fire Sta-
tions, and other projects, all of which have made satis-
factory achievements.

4. Establishment of a Database of BIM Modules
and Components for Modular Steel Structure
Container Buildings

The establishment of the database of BIM modules, compo-
nents, and parts and the establishment of the modulus system
are mutually complementary. In the database, the information

such as size and style of modules and features can be integrated;
Autodesk Revit software was used to establish a “family” library
of various prefabricated components (such as corner fittings,
beams and columns, plates, doors, and windows) (Figure 6). In
order to ensure quality, improve efficiency, and save cost, we
used partial standard parts of container manufacturing en-
terprises in the architectural design of the projects, such as
Huaduhui Tourist Service Center, and firstly established a high-
precision standard component model library for coordinating
the relevant standards in the construction industry and
manufacturing industry based on modulus coordination; we
also installed SECR software on the computer for mechanical
manufacturing design and that for architectural design
equipped with BIM software, and connected them with the
server, to realize the compatibility between PDM data and BIM
data [15].

Then, a database of nonstandard components and
parts was established based on the database of standard
features. After continuous accumulation and enrichment
of the database, the “families” of the same type were
compared to form the normal shape and modular di-
mensions of prefabricated building components. The
modulus system has promoted standardization and se-
rialization of the database, and the “family” library of
prefabricated components has effectively promoted the
optimization of the modulus system of prefabricated
buildings and the establishment of design standards for
container building enterprises. While the construction of
the component model databased consumes massive time
and energy, its establishment would be of great
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FiGure 4: BIM model of the Tourist Service Center based on BIM platform (Autodesk Revit).

convenience for later project design to directly invoke the
model from the database.

5. Design Integration of Modular Container
Buildings Based on BIM and PDM

The establishment of the modulus system has formed a
framework. The database has prepared the materials for the
modular container building system. In contrast, the platform
based on BIM and PDM has integrated data and software of
different disciplines in the two industries and throughout the
whole process of construction (Figure 7), forming the critical
conditions for the design integration of the container building
system.

BIM technology has provided strong support for archi-
tectural design, calculation analysis, cost management, and
construction simulation, which have made it a core platform
for information design and management in the construction
industry. In contrast, as product data system of the
manufacturing industry, PDM has become a core platform for
digital design, manufacturing, and management of compo-
nents and products throughout the life cycle. Therefore, in
order to achieve a high degree of integration of container
buildings, BIM should be integrated with PDM, and archi-
tectural design should be closely connected with factory
production of parts and components [16], to realize the digital
connection between architectural design and factory
manufacturing design, and two-way synchronous design of
architectural design and factory manufacturing, thus learning
intelligent management and operation and maintenance [17].

BIM platforms can disclose and share design informa-
tion. During design, the design plan of a container building
can be uploaded to the “cloud” server for integrating the
information such as dimensions and styles, accumulating
and enriching basic modular combinations of prefabricated
buildings with various standardized modules and “family”
libraries, and saving design and adjustment time, thus in-
creasing the varieties, improving the adaptability of pre-
fabricated buildings, and better meeting the diversified
needs. Integrated design based on BIM can better realize
information sharing and coordination of various disciplines.
For example, in the project of Shuangyu Island Hotel, the
design model contained a large amount of design infor-
mation (geometric information, material performance, and
component properties); therefore, through introducing the
model into performance analysis software, technical analysis

on sunshine and energy consumption can be carried out,
which can improve the design plan. In particular, since
modular buildings are different from ordinary ones in
surface area and shape coefficient [18], the performance
analysis can be conducted based on the BIM model in terms
of energy conservation and other factors (Figure 8).

The integrated design of modular steel structure
buildings should be conducted based on design coordination
among different disciplines:

5.1. Modular Building Design Leading the Overall Direction.
The integrated design of container buildings should be
conducted based on coordination of various disciplines and
whole process control, while architectural design plays the
leading role. The successful container building design de-
pends on the modular and standardized thinking from the
phase of setting the architectural plan; the requirements of
all disciplines should be comprehensively considered to
create high-quality prefabricated buildings with unique
shapes and applicable functions.

The pilot project “Modular Fire Station” is a modular
firefighting duty building flexibly displayed in a city
(Figure 9(a)). With the functions of fire command, fire garage,
dormitory, kitchen and bathroom, and leisure, it can be
placed in a key firefighting area for rapid response and rescue.
This product is designed as a modular building, which can be
expanded based on the 3D modular grid and standardized
modular design, and the combination mode can also be
adjusted, thus adapting to terrains of different sizes and
shapes. The standardized and modular design can enable the
plant to produce functional modules in batches, which can be
assembled according to the actual needs of each project. In
this project, a serialization design was performed, which can
add or decrease functional modules according to the service
radius and basic real needs, to adapt to different sizes of fire
stations (one to five firefighting trucks). Such stations have
been applied in cities such as Yangzhou, Langfang, and
Shenzhen and have been well praised. Other pilot projects,
such as “Xiangyu” Residence in Yangzhou Software Park [19]
and Yangzhou Suburb Park Maker Center (Figures 9(b) and
9(d)), created functional and diverse architectural spaces and
realized the integrated design and industrial production.

5.2. Design and Manufacture of Modular Steel Structure
Buildings Based on BIM and PDM Coordination.
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FiGure 5: Modular grid plane (Huaduhui Commercial Street). (a) Orthogonal modular grid plane. (b) Oblique modular grid plane.

Container buildings are assembled in a modularized manner,
which is not a conventional structural system, and may bring
specific difficulties to the structural design [20]. The platform
and structural component database based on BIM and PDM
can bring convenience to the finite element analysis of the
structure (Figure 10). With the BIM model, we can export IFC
file with Revit and then import it into Tongji 3D3S, MIDAS

GEN, and other structural analysis software for finite element
analysis so as to evaluate and analyze the seismic performance
and stress of the main structure of modular buildings [21]; in
addition, PKPM.STS based on building structural calculations
and MSC Nastran (the structural CAE simulation analysis and
calculation software of mechanical products) can be used for
structural calculation on parts and components [22]; if the
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F1GURE 6: BIM model of modular steel structure buildings. (a) A single module. (b) Combination of modules, components, and parts of a

modular steel structure building.
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FIGURE 7: Analysis of greening of container buildings (Zhangzhou Shuangyu Island Hotel).

calculation results fail to meet the construction requirements,
the relevant parameters of features and materials should be
improved, until the calculation results meet the construction
requirements. For example, in general, structural design
software, the corrugated steel siding of the container module,
cannot be used to establish the structural model directly.
However, through analysis based on BIM platform with

architectural structure software and mechanical structure
software, it can be found that the corrugated steel walls can be
combined with the upper and lower side beams, diagonal
bracing (Figure 11(a)) can be used, and inner metal keel and
the corrugated steel plate can be welded, to effectively
strengthen the overall strength of the structure. Therefore, the
Tourist Service Center successfully reduced the downward
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FiGure 8: Photo of pilot projects. (a) Container modular fire station under construction. (b) Photo of “Xiangyu” Residence in Yangzhou
Software Park. (c) Indoor photo of the container pilot project. (d) Photo of Yangzhou Suburb Park Maker Center.

FIGURE 9: Finite element stress analysis on modules of a container building.

deflection of the cantilever structure and applied the archi-
tectural scheme of the large cantilever (maximum cantilever:
3.6 M) and ample space (Figure 11(b)) successfully passed the
inspection upon completion. Due to the integration between
BIM and PDM platforms, the adjustment of structural design
and mechanical manufacturing information of the compo-
nents can realize real-time two-way intercommunication; as

thus, the component manufacturing drawing can be changed
more efficiently, without mistakes; the parts can be conve-
niently classified, and their amount can be calculated, for
facilitating the preparation of materials and fixtures by plants,
thus promoting the factory production. As for the connection
of nodes, the advanced module connection technology with
independent intellectual property rights (patent number:
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FIGURE 10: Integrated design information and software relationship based on BIM and PDM.
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FIGURE 11: Photos of construction site. (a) Site installation of structurally strengthened modules. (b) Factory manufacturing and trial
assembly of container building modules.

FiGURE 12: Comprehensive design of pipelines in bathroom based on BIM.

712016 2 1236426.8) was adopted. The system consists of  5.3. Comprehensive Design and Construction of Pipelines in
plug-in connectors, cover plates, and bolts. As proved by finite ~ Container Buildings Based on BIM. Prefabricated buildings
element analysis with Abaqus software and practice, it can  have a high requirement for installation accuracy, and unlike
provide sufficient rigidity and ensure structural integrity. traditional extensive wet construction methods, they have
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higher standards for integration of electromechanical
pipelines from design and construction to application and
maintenance. From factory production to site assembly, the
pipeline interfaces of all building modules should be ac-
curately connected, and no holes and grooves should be
prepared to not damage the paint and steel plate. Based on
the BIM model shared among various disciplines and the
analysis function of software such as Revit, the conflicts in
design can be easily found in the three-dimensional virtual
environment, thus significantly improving the compre-
hensive design ability work efficiency of the pipelines. It can
timely avoid errors and conflicts that may be encountered
during the construction and significantly reduce the ap-
plication for changes; in addition, it can also considerably
increase the efficiency of construction, reduce the cost in-
crease and construction delay due to coordination, and
reduce the construction waste and damage to the buildings
caused by rework. Taking the bathroom module with robust
pipelines in the “Maker Center” Project as an example, the
collision detection and visualization optimization design of
the channels, sanitary ware, equipment, and steel structure,
and interior decoration based on the BIM model reduced the
occurrence of multiple collisions and avoided rework. In the
3D model, it was found that pipelines can be arranged in
gaps between the trim panels and corrugated steel wall
panels, which could optimize the integrated design of
channels and interior decoration (Figure 12); this module
specifically designed the connection interfaces of pipelines
and gradually improved them as standardized interface
components. For some more complicated constructions,
software such as Autodesk Navisworks can be used to
perform visual 4D construction simulation based on the
BIM platform to optimize the construction scheme. The
construction personnel can also perform construction dis-
closure with Fuzor and Autodesk Navisworks Manage and
get familiar with the construction process and site condi-
tions by construction preview to improve the efficiency of
assembly and quality of completion.

6. Conclusion

In this study, the low design integration and the contradiction
between standardization and diversity were found to be the
bottlenecks restricting further development of the modular
container building system. To fix this problem, it was proposed
to establish a modulus system for modular container buildings
and a database of components and parts of modular steel
structure buildings, to strengthen professional coordination
based on BIM and PDM platforms and improve the integrated
design method for modular container buildings.

In this study, the related modules in the traditional con-
struction industry and container manufacturing industry and
the restrictions on dimensions in the logistics industry were
coordinated based on BIM; and the unified container building
modulus sequence and 3D modulus grid were proposed. A
standardized and systematic database of components and parts
characterized by “family” through the integration of BIM and
PDM platforms and an integrated design method of container
buildings led by architectural design based on the flexible
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modular combination and closely cooperated with structure
and equipment, for realizing the standardization and digiti-
zation of the whole process of design, production, and con-
struction were established.

The integrated design of modular steel structure con-
tainer buildings based on BIM has been applied in several
pilot projects, including Huaduhui Commercial Street and
Modular Fire Station. As proved by practice, the application
of this system has promoted the integration of the relevant
standards in the two industries, strengthened the coordi-
nation of various disciplines, and improved the standardi-
zation, industrialization, and information levels of design,
production, and construction. While adopting modules,
prefabricated components, and components of the exact
design specifications, the pilot projects also improved the
buildings’ spatial relevance and artistic quality. At present,
the integrated design has made phased achievements. In the
next step, the versatility of modules and components will be
further studied, the composability of modules will be ex-
panded, and the cost will be further reduced. In addition, as
compared with the proposed integration target, the inte-
gration of this design system should be strengthened in the
operation and maintenance phase and complete life cycle
information management. In the future, incorporating the
Internet of Things into the integrated design system will
further promote the development of container buildings.
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In order to investigate the bearing capacity of H-shaped honeycombed steel web composite columns with rectangular concrete-
filled steel tube flanges (STHCCs) subjected to eccentrical compression load, 33 full-scale STHCCs were designed with the
eccentricity(e), the slenderness ratio (1), the cubic compressive strength of concrete(f.,), the thickness of the steel tube flange (t,),
the thickness of honeycombed steel web (t,), diameter-depth ratio (d/h,,), space-depth (s/h,), and the yield strength of the steel
tube (fy) as the main parameters. Considering the nonlinear constitutive model of concrete and simplified constitutive model of
steel, the finite element (FE) model of STHCCs was established by ABAQUES software. By comparison with the existing test results,
the rationality of the constitutive model of materials and FE modeling was verified. The numerical simulation of 33 full-scale
STHCCs was conducted, and the influence of different parameters on the ultimate eccentrical compression bearing capacity was
discussed. The results show that the cross-sectional stress distribution basically conforms to the plane-section assumption. With
the increase in e, A, and d/h,,, the ultimate eccentrical compression bearing capacity of the full-scale STHCCs decreases, whereas it
gradually increases with the increase in fey, ¢, £, 5/l and f;. By introducing bias-stress stability coefficient (¢), the calculation
formula of full-scale STHCCs under eccentrical compression is proposed by statistical regression, which can lay a foundation for
the popularization and application of these types of composite columns in practical engineering.

1. Introduction

H-shaped honeycombed steel web composite columns with
rectangular concrete-filled steel tube flanges (STHCCs) are
types of novel composite members formed by connecting
two concrete-filled rectangular steel tubular flanges with a
honeycombed steel web. The core concrete can prevent and
delay the local buckling of the steel tube and the instability
failure of the specimens effectively, and on the other hand,

the confinement of the steel tube makes the core concrete in
a state of triaxial compression, which can effectively improve
the capacity of resisting deformation and the compressive
strength of the core concrete. In particular, the honey-
combed steel web connects the two limbs into an organic
whole, which can not only reduce the weight of the structure,
but also improve the stiffness and bearing capacity of the
composite columns. These types of composite columns are
characterized by high ultimate bearing capacity, good
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ductility, and excellent stability bearing capacity, which are
superior to ordinary concrete-filled steel tube (CFEST) col-
umns and honeycombed columns [1].

Numerous research studies regarding CFST columns and
honeycombed columns have been carried out at home and
abroad. Jayaganesh et al. [2] conducted tests on 6 square and
6 circular CFST short columns to study the influence of
concentric local compression on the structural behavior of
CFST columns under axial compression. Ahmed et al. [3]
proposed a simplified model of concrete-filled square steel
tube columns subjected to axial compression and presented
the interaction curve of high-strength square concrete-filled
double steel tubular (CFDST) under eccentric loading by
establishing the buckling model of CFDST under axial
compression and uniaxial bending. Vatulia et al. [4] ana-
lyzed the deformation development regularity of concrete-
filled rectangular steel tube columns with different lengths
subjected to eccentrical loading through the integral method
and established the calculation mathematical model of
eccentrical compression bearing capacity for concrete-filled
rectangular steel tube columns. Yu et al. [5] put forward the
formula of eccentrical compression bearing capacity of
recycled coarse aggregate self-compacting CFST columns
based on the experimental studies and analyzed the appli-
cability of the formula in the United States, China, and
Japan. Li et al. [6] conducted eccentrical compression tests of
L-shaped square CFST columns and established a finite
element (FE) model to study the eccentrical compression
behavior of this type column and proposed a bearing ca-
pacity analysis method of the rectangular concrete-filled
stainless steel tubular (CFSST) columns based on the stress
yield criterion at the edge of the section base. Rong et al. [7]
analyzed the eccentrical compression behavior of concrete-
filled square steel tube columns with I-shaped CFRP through
experimental research and FE simulation, and derived the
calculation formula of eccentrical compression bearing ca-
pacity of composite columns. Sui et al. [8] investigated the
failure mode of 19 multi-element composite T-shaped CFST
columns under biaxial eccentrical compression and pro-
posed the simplified calculation formula of eccentrical
compression bearing capacity. Chen et al. [9] studied the
influence regularity of different parameters on eccentrical
compression test of 18 concrete-filled square steel tube
columns with spiral stirrups and derived the calculation
formula of eccentrical compression bearing capacity of these
types of columns. Twenty-one recycled self-compacting
concrete-filled circular steel tubular (RSCFCST) columns
were tested subjected to eccentric compression by Yu et al.
[10], and bearing capacity of these kinds of composite
columns under eccentric compression was obtained sys-
temically; finally, an analytical model for predicting the
effective stiffness of RSCFCST columns under eccentric
compression was proposed based on the moment magnifier
method. In 2017, Ji et al. [11] investigated the eigenvalue
buckling behavior of 29 STHCCs by ABAQUS software.
Based on this, in 2018, Ji et al. [12] carried out the research on
the overall nonlinear stability of STHCCs and derived the
calculation expression of nonlinear stability bearing capacity
of STHCCs. In the same year, in order to investigate the
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influence regularity of different parameters on the axial
compression bearing capacity of STHCCs, Ji et al. [13, 14]
designed and conducted the axial compression tests of 16
short STHCCs and proposed the calculation expression of
axial compression bearing capacity for STHCCs. In 2020, Ji
etal. [15] studied the eccentrical compression behavior of 17
reduced-scale STHCCs by ABAQUS software and derived
the calculation expression of eccentrical compression
bearing capacity of reduced-scale STHCCs.

At present, the research on STHCCs is mainly aimed at
axial compression and stability behavior, and few studies
have been performed on the eccentrical compression be-
havior of such full-scale columns. Based on the existing axial
compression test and results of reduced-scale eccentrical
compression behavior of STHCCs, the numerical simulation
analysis of 33 full-scale STHCCs is further carried out by
ABAQUS software. The influence of different parameters on
the ultimate bearing capacity of these types of full-scale
composite columns under eccentrical compression is dis-
cussed. The calculation formula of eccentrical compression
bearing capacity of these types of columns can be obtained
by statistical regression based on the simulation results,
which can provide technical support for the subsequent
research and application of these types of columns.

2. Specimens Design

In order to investigate the mechanical behavior of full-scale
H-shaped honeycombed steel web composite columns with
rectangular concrete-filled steel tube flanges (STHCCs)
under eccentrical compression, 33 full-scale STHCCs were
designed with the eccentricity (e), the slenderness ratio (1),
the cubic compressive strength of concrete (f..), the
thickness of the steel tube flange (#;), the thickness of
honeycombed steel web (t,), diameter-depth ratio (d/h,,),
space-depth (s/h), and the yield strength of the steel tube
(fy) as the main parameters. The schematic diagram and
specific parameters of the specimens are shown in Figure 1
and Table 1, where h,, represents the width of webs, d refers
to the diameter of the honeycombed holes on the web, and s
represents the distance between two honeycombed holes.

3. Finite Element Model
3.1. Constitutive Model for Materials

3.1.1. Constitutive Model for Steel. The stress-strain curve of
steel consists of five stages of elastic, elastic-plastic, plastic,
strengthening, and second plastic flow. Thirty-three
STHCC:s designed are all medium-long columns; hence, the
strengthening stage of steel can be neglected. The ideal
elastoplastic constitutive model is applied to characterize the
elastoplastic behavior of steel, as shown in Figure 2(a).
Poisson’s ratio of steel is set as 0.3.

3.1.2. Constitutive Model for Concrete. Han [16], Pagoulatou
et al. [17], Teng et al. [18], Mander et al. [19], and Qian et al.
[20] have successively given the constitutive models of
confined concrete, and the constitutive model of unconfined
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(a) (b)

FIGURE 1: Physical meaning of all variables for STHCC specimens. (a) Longitudinal-section of STHCC specimens. (b) Cross section of
STHCC specimens.

TaBLE 1: Specific parameters of 33 STHCC specimens.

Specimens hyXhxbxt;xt,(mm) [(mm) A e(mm) & Jfeu(MPa) f(MPa) dihy sthy,
STHCC-1 400 x 320 x500 x 8 x 10 2240 19.40 80 0.73 40 345 0.6 0.4
STHCC-2 400 x 320 x 500 x 8 x 10 2240 19.40 160 0.73 40 345 0.6 0.4
STHCC-3 400 % 320 x 500 x 8 x 10 2240 19.40 240 0.73 40 345 0.6 0.4
STHCC-4 400 x 320 x 500 x 8 x 10 2240 19.40 320 0.73 40 345 0.6 0.4
STHCC-5 400 % 320 x 500 x 8 x 10 2240 19.40 400 0.73 40 345 0.6 0.4
STHCC-6 400 % 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 345 0.6 0.4
STHCC-7 400 % 320 x 500 x 8 x 10 4640 40.18 240 0.73 40 345 0.6 0.4
STHCC-8 400 % 320 x 500 x 8 x 10 6240 54.04 240 0.73 40 345 0.6 0.4
STHCC-9 400 % 320 x 500 x 8 x 10 7040 60.97 240 0.73 40 345 0.6 0.4
STHCC-10 400 % 320 x 500 x 8 x 10 3040 26.33 240 0.98 30 345 0.6 0.4
STHCC-11 400 x 320 x 500 x 8 x 10 3040 26.33 240 0.59 50 345 0.6 0.4
STHCC-12 400 x 320 x 500 x 8 x 10 3040 26.33 240 0.49 60 345 0.6 0.4
STHCC-13 400 % 320 x 500 x 8 x 10 3040 26.33 240 0.42 70 345 0.6 0.4
STHCC-14 400 x 320 x 500 x 6 x 10 3040 26.33 240 0.54 40 345 0.6 0.4
STHCC-15 400 x 320 x 500 x10x10 3040 26.33 240 0.93 40 345 0.6 0.4
STHCC-16 400 x 320 x500x 12 x10 3040 26.33 240 1.14 40 345 0.6 0.4
STHCC-17 400 x 320 %500 x14x10 3040 26.33 240 1.35 40 345 0.6 0.4
STHCC-18 400x320x500x8x 8 3040 26.33 240 0.73 40 345 0.6 0.4
STHCC-19 400 %320 %500 x 8 x 12 3040 26.33 240 0.73 40 345 0.6 0.4
STHCC-20 400 x 320 x500 x 8 x 14 3040 26.33 240 0.73 40 345 0.6 0.4
STHCC-21 400 x 320 x500x 8 x 16 3040 26.33 240 0.73 40 345 0.6 0.4
STHCC-22 400 x 320 x500x 8 x 10 3040 26.33 240 0.73 40 345 0.1 0.4
STHCC-23 400 x320x500x8x10 3040 26.33 240 0.73 40 345 0.3 0.4
STHCC-24 400 x 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 345 0.475 0.4
STHCC-25 400 % 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 345 0.75 0.4
STHCC-26 400 x 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 345 0.6 0.15
STHCC-27 400 % 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 345 0.6 0.6
STHCC-28 400 x 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 345 0.6 0.9
STHCC-29 400 % 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 345 0.6 1.4
STHCC-30 400 % 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 235 0.6 0.4
STHCC-31 400 % 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 390 0.6 0.4
STHCC-32 400 % 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 420 0.6 0.4
STHCC-33 400 x 320 x 500 x 8 x 10 3040 26.33 240 0.73 40 460 0.6 0.4

concrete has been given in the Chinese Code for Design of  effect, is applied in this article. It can be seen that the
Concrete Structures (GB50010-2010) [21]. The comparisons  ductility of concrete is improved significantly; nevertheless,
of different constitutive models are illustrated in Figure 2(b).  the strength of concrete remains unchanged.

Through comparative analysis, the constitutive model The following formula represents the stress-strain curve
proposed by Han [16], which considered the confinement  of concrete under uniaxial compression:
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The following formula represents the stress-strain curve ") A‘mxm
of concrete under uniaxial tensile: [ ) Honeycomb

1.2x — 0.2x°, (x<1),
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0.3105, (x=-DY 4+ x

where  x=¢le,,  y=o0l0, 0,=026Xx (1.25f,)%°,
€, =43.10,, and other variables can be found in reference
[16].

3.2. Modeling Process and Boundary Conditions. The FE
models of STHCCs were established by ABAQUS software
[22], as shown in Figure 3. By adding material properties and
then assigning material properties to the members, the
constitutive model proposed by Han can be input into the
material of ABAQUS. The eight-joint hexahedral element-
type C3D8R was used to simulate the rectangular steel tube,
honeycomb steel web, and concrete. The nonlinear sym-
metrical contact between steel tube and concrete was sim-
plified as normal hard contact and tangential friction
contact, and the Coulomb friction coefficient (¢) [23] was set
as 0.25. Two reference points were set at the center of the
upper and lower surfaces of the columns, namely, RP1 and
RP2. The reference points were, respectively, coupled with
the top end and the bottom end of the columns. The dis-
placements (U, Uy, URy, URy) of the top end for columns
were constrained by RP1, and the displacements (Uy, Uy, U,,

U,=U,=U,=UR,=UR steel web

]

RP2

Y

o

Figure 3: The FE models of STHCCs.

UR,, URy) of the bottom end for columns were constrained
by RP2.

4. Experimental Verification of FE Models

In order to verify the rationality of the FE models, numerical
simulation analysis on 4 specimens selected from reference
[24] and 11 specimens selected from references [25-28] was
carried out, as shown in Table 2. The load-lateral deflection
curves of the mid-span sections and failure modes were ob-
tained. By the comparison, it could be seen from Figure 4 that
the curves obtained by the simulation were consistent with the
test curves. The comparisons of the bearing capacity obtained
by simulation (N,) and the bearing capacity by test (N,) were
shown in Figure 5. The maximum error was 8.74%, which
could meet the requirements of engineering accuracy. The
rationality of FE modeling proposed in this article was verified.

5. Parameter Analysis of Full-Scale STHCCs

According to the proposed FE model, the load (N)-vertical
displacement (A) curves, the load (N)-lateral deflection (A)
curves of the mid-span sections, and the N/N,-M/M,, curves
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TaBLE 2: : The specific parameters of 15 specimens.

Specimens L (mm) e (mm) fou (MPa) f, (Mpa) N, (kN) N, (kN) [N, - N,/N,|| x 100%
The tests conducted by Li et al. [24] GZ-1 866 25.0 45.3 314 1411 1416.8 0.41
GZ-2 866 50.0 63.9 314 1236 1216.3 1.59
GZ-3 1300 250 639 314 1365 1381.1 118
GZ-4 1300 50.0 847 314 1150 1198.2 4.19
$C40-150-
The tests conducted by Du et al. [25-28] 0.2 1180 13.0 43.2 488.4 2470 2576.11 4.30
SC48'2180' 1180 185 432 4884 2660 2520.53 5.24
SC48‘2200' 1180 200 432 4884 2595 2445.86 5.75
SC5§‘2150‘ 1180 150 553 4884 2450 2664.10 8.74
SC58'2180' 1180 18.0 553 4884 2530 2684.80 6.12
scs(())-zzoo- 1180 19.0 553 4884 2625 2608.31 0.64
SC48'4150' 1180 315 432 4884 2042 2032.09 0.49
SC48‘4180' 1180 370 432 4884 2150 2074.93 3.49
SCS(‘))‘4150' 1180 325 553 4884 2020 2127.70 5.33
SIS0 s a0 553 ass4 2150 2104.70 211
S0 g0 s 553 assa 2100 2091.91 0.39
1600 1400
1400 - 1200 +
1200 -
1000 -+
1000 - =20 £=1.25 500 A=20 £=1.25
% a0 fo45.3Mpa f-314Mpa Z fu=639Mpa [ -314Mpa
= Z 600
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400 -+ 0
200 4 200
0 T T T T T T T T 0 ! J j ' ' ' I
0 5 10 15 20 25 30 35 40 45 0 5 10 15 20 25 30 35 40
A (mm) A (mm)
—a— Test curve (B.Li[23]) —a— Test curve (B.Li[23])
—e— Simulation curve —e— Simulation curve

(a) (b)

FiGURE 4: Continued.
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Advances in Civil Engineering

50

50

2800 2800
2400 - 2400 -
2000 + 2000 -
foy=553Mpa  §=2.83 fu=553Mpa  ¢=3.14
g 1600 + f,=488.4Mpa  E=207371Mpa ~ 1600 - f,=488.4Mpa  E =207371 Mpa
Z 1200 - ) Z 1200
800 800 -
400 400
0 T T T T 0 T T T T
0 10 20 30 40 50 0 10 20 30 40 50
A (mm) A (mm)
—a— Test curve (Y.S. Du [24-27]) —a— Test curve (Y.S. Du [24-27])
—e— Simulation curve —e— Simulation curve
) G
2400 2400
2000 2000 +
1600 - 1600 -
f=432Mpa =335 f=432Mpa  E=353
= f,=488.4Mpa  E:=207371Mpa = f,=488.4Mpa  E=207371Mpa
Z 1200 Z 12001 —
Z Z
800 800 -
400 400
0 T T T T 0 T T T T
0 10 20 30 40 50 0 10 20 30 40
A (mm) A (mm)
—a— Test curve (Y.S. Du [24-27]) —=— Test curve (Y.S. Du [24-27])
—e— Simulation curve —e— Simulation curve
(k) Q)
2400 2400
2000 - 2000 A
1600 - 1600 -
fou=55.3Mpa £=2.68 feu=55.3Mpa £=2.83
Z =488.4Mpa E=207371Mpa Z =488.4 Mpa E.=207371Mpa
2 1200 f S P £ 1200 1 fy| ’ 7
2 ) Z T
800 800
400 400 -
0 T T T T 0 T T T T
0 10 20 30 40 50 0 10 20 30 40
A (mm) A (mm)

—a— Test curve (Y.S. Du [24-27])
—e— Simulation curve

(m)

FiGure 4: Continued.

—=— Test curve (Y.S. Du [24-27])
—e— Simulation curve

(n)



2400

2000

1600

1200

N (kN)

800

400

f.,=553Mpa  §=3.14
f,=488.4Mpa  E=207371Mpa

i

0 10 20 30 40

A (mm)

—=a— Test curve (Y.S. Du [24-27])
—e— Simulation curve

(0)

50

Advances in Civil Engineering

FiGUure 4: Comparisons for N-A curves between simulation and test results. (a) GZ-1. (b) GZ-2. (¢) GZ-3. (d) GZ-4. (e) SC40-150-0.2.
(f) SC40-180-0.2. (g) SC40-200-0.2. (h) SC50-150-0.2. (i) SC50-180-0.2. (j) SC50-200-0.2. (k) SC40-150-0.4. (1) SC40-180-0.4. (m) SC50-

150-0.4. (n) SC50-180-0.4. (0) SC50-200-0.4.
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FiGgure 5: Comparison between N, and N, for 15 STHCCs under
eccentrical compression.

for full-scale STHCCs can be computed. Moreover, based on
the proposed FE model, the effects of different parameters on
the N-A curves were discussed. The main parameters can be
summarized as eccentricity(e), the slenderness ratio (1), the
cubic compressive strength of concrete(f.,), the thickness of
the steel tube flange (#;), the thickness of honeycombed steel
web (t,), diameter-depth ratio (d/h,,), space-depth (s/h,,),
and the yield strength of the steel tube (f,).

5.1. Load-Vertical Displacement Curves. The load (N)-ver-
tical displacement (A) curves of the specimens with different
eccentricity, slenderness ratio, and diameter-depth ratio are
shown in Figure 6. It can be found that the load (N)-vertical
displacement (A) curves can be classified into four

development stages: elastic stage, elastic-plastic ascending
stage, descending stage, and gentle stage. With the increase
in the eccentricity, the slenderness ratio, and diameter-depth
ratio, the eccentrical compression bearing capacity of the
specimens gradually decreases. Figure 6(a) shows the load
(N) versus the vertical displacement (A) relationships of the
specimens with different eccentricity, and when the ec-
centricity of the specimens increases from 80mm to
400 mm, the initial stiffness of the specimens decreases from
5.06 x 10°kN/m to 1.97 x 10° kN/m, which reduce by 61.1%.
The eccentrical compression capacity of the specimens de-
creases from 17.39 x 10° kN to 9.9 x 10° kN, which decreases
by 42.6%. It indicates that with the increase in the eccen-
tricity, the initial stiffness and eccentrical compression ca-
pacity of the specimens decrease. Figure 6(b) shows the load
(N) versus the vertical displacement (A) relationships of the
specimens with different slenderness ratio, in which as the
slenderness ratio of the specimens increases from 19.4 to
60.97, the initial stiffness of the specimens decreases from
3.62 x 10°kN/m to 1.17 x 10° kN/m, which reduces by 67.7%.
The eccentrical compression capacity of the specimens de-
creases from 12.86x10°kN to 10.88 x 10°kN, which de-
creases by 15.4%, while the decline section of the curves
gradually slow down. It indicates that with the increase in the
slenderness ratio, the initial stiffness and eccentrical com-
pression capacity of the specimens decrease, whereas the
ductility increases. Figure 6(c) shows the load (N) versus the
vertical displacement (A) relationships of the specimens with
different diameter-depth ratio, and when the diameter-
depth ratio of the specimens increases from 0.1 to 0.75, the
eccentrical compression capacity of the specimens decreases
from 13.61 x 10°kN to 11.87 x 10’ kN, which decreases by
12.8%, while the decline section of the curves gradually
slow down. It can be seen that with the increase in the
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FiGure 6: Comparisons of N-A curves of STHCCs with different parameters. (a) e. (b) A. (c) d/h,,.

diameter-depth ratio, the eccentrical compression bearing
capacity of the specimens decreases gradually.

Figure 7 illustrates the load (N) versus the vertical
displacement (A) relationships of the specimens with dif-
ferent parameters. Obviously, with the increase in the cubic
compressive strength of concrete, the thickness of the steel
tube flange, the thickness of honeycombed steel web, space-
depth ratio, and the yield strength of the steel tube, the
eccentrical compression bearing capacity of the specimens
increases gradually. Figure 7(a) shows the load (N) versus the
vertical displacement (A) relationships of the specimens with
different cubic compressive strength of concrete, and when
the cubic compressive strength of concrete increases from
30 MPa to 70 MPa, the eccentrical compression capacity of
the specimens increases from 11.05x10°kN to
17.45 x 10> kN, which raises by 57.92%. It indicates that with
the increase in the cubic compressive strength of concrete,
the eccentrical compression capacity of the specimens in-
creases. Figure 7(b) shows the load (N) versus the vertical
displacement (A) relationships of the specimens with dif-
ferent thickness of the steel tube flange, and when the
thickness of the steel tube flange increases from 6 mm to
14 mm, the eccentrical compression capacity of the speci-
mens increases from 11.37 x 10° kN to 16.32 x 10° kN, which
raises by 43.54%. It reflects that with the increase in the
thickness of the steel tube flange, the eccentrical compres-
sion capacity of the specimens increases. The load (N) versus
the vertical displacement (A) relationships of the specimens
with different thickness of honeycombed steel web are il-
lustrated in Figure 7(c), and when the thickness of honey-
combed steel web increases from 8 mm to 16 mm, the
eccentrical compression capacity of the specimens increases
from 12.38 x10°kN to 13.35x10°kN, which increases by
7.84%. It can be found that with the increase in the thickness
of honeycombed steel web, the eccentrical compression
bearing capacity of the specimens increases gradually.
Figure 7(d) shows the load (N) versus the vertical

displacement (A) relationships of the specimens with dif-
ferent space-depth ratio, and when the space-depth ratio
increases from 0.15 to 1.4, the eccentrical compression ca-
pacity of the specimens increases from 12.42x10°kN to
13.12 x 10’ kN, which raises by 5.64%, which indicates that
with the increase in the space-depth ratio, the eccentrical
compression capacity of specimens increases. The load (N)
versus the vertical displacement (A) relationships of the
specimens with different yield strength of the steel tube are
illustrated in Figure 7(e), and when the yield strength of the
steel tube increases from 235 MPa to 460 MPa, the eccen-
trical compression capacity of the specimens increases from
10.86 x 10° kN to 14.51 x 10° kN, which increases by 33.61%.
It can be found that with the increase in the yield strength of
the steel tube, the eccentrical compression bearing capacity
of the specimens increases gradually.

5.2. Load-Lateral Deflection Curves of Mid-span Sections.
Figure 8 shows that with the increase in the eccentricity, the
cubic compressive strength of concrete, the thickness of the
steel tube flange, and diameter-depth ratio, the lateral de-
flection of mid-span sections of the specimens decreases
gradually. The load-lateral deflection curves of the specimens
with different parameters are illustrated in Figure 8. As the
eccentricity of the specimens increases from 80mm to
400 mm, the lateral deflection of mid-span sections de-
creases from 28.64mm to 17.77 mm, which reduces by
37.94%, as shown in Figure 8(a). It can be found that the
lateral deflection of mid-span sections of the specimens
decreases gradually with the increase in eccentricity.
Figure 8(b) illustrates the eccentrical load (N) versus lateral
deflection (A) relationships of specimens with different
cubic compressive strength of concrete, and as the cubic
compressive strength of concrete increases from 30 MPa to
70 MPa, the lateral deflection of mid-span sections decreases
from 30.16 mm to 22.32 mm, which reduces by 25.92%. It
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F1GURE 7: Comparisons of N-A curves of STHCCs with different parameters. (a) feu. (b) t1. (¢) £. (d) s/hy. (e) fy.

can be found that with the increase in the cubic compressive
strength of concrete, the lateral deflection of mid-span
sections of the specimens decreases gradually.

Figure 8(c) shows that as the thickness of the steel tube
flange increases from 6 mm to 14 mm, the lateral deflection
of mid-span sections decreases from 29.56 mm to 23.00 mm,
which reduces by 22.19%. This indicates that with the in-
crease in the thickness of the steel tube flange, the lateral
deflection of mid-span decreases. Figure 8(d) shows that as
the diameter-depth ratio increases from 0.1 to 0.75, the
lateral deflection of mid-span sections decreases from
31.21 mm to 23.83 mm, which reduces by 28.32%. This in-
dicates that with the increase in the diameter-depth ratio, the
lateral deflection of mid-span sections of the specimens
decreases.

Figure 9 shows that with the increase in the slenderness
ratio, the thickness of honeycombed steel web, space-depth

ratio, and the yield strength of the steel tube, the lateral
deflection of mid-span sections of specimens gradually in-
creases. As the slenderness ratio of the specimens increases
from 19.4 to 60.97, the lateral deflection of mid-span section
increases from 21.94mm to 53.87mm, which raises by
145.53%, as shown in Figure 9(a). It can be found that the
lateral deflection of mid-span sections of the specimens
increases gradually with the increase in the slenderness ratio.
Figure 9(b) illustrates the eccentrical load (N) versus lateral
deflection (A) relationships of the specimens with different
thickness of honeycombed steel web, in which as the
thickness of honeycombed steel web increases from 8 mm to
16 mm, the lateral deflection of mid-span sections increases
from 26.36 mm to 30.23 mm, which raises by 14.68%. It can
be found that with the increase in the thickness of honey-
combed steel web of the specimens, the lateral deflection of
mid-span sections of the specimens decreases gradually.
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Figure 9(c) shows that as the space-depth ratio of the
specimens increases from 0.15 to 1.4, the lateral deflection of
mid-span sections increases from 24.36 mm to 35.67 mm,
which improves by 46.43%. It indicates that the lateral
deflection of mid-span sections decreases with the increase
in the space-depth ratio of the specimens. Figure 9(d) shows
that as the yield strength of the steel tube increases from
235MPa to 460 MPa, the lateral deflection of mid-span
sections increases from 23.61 mm to 30.64 mm, which raises
by 29.78%. This indicates that the lateral deflection of mid-
span sections increases with the increase in the yield strength
of the steel tube of the specimens.

5.3. N/N,-M/M,, Curves. The numerical simulation re-
sults of the specimens reflect that with the increase in the
slenderness ratio, the thickness of the steel tube flange, and
diameter-depth ratio, the convexity of the N/N,-M/M,
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curves of the specimens gradually decreases, as illustrated in
Figure 10. With the increase in the cubic compressive
strength of concrete, the thickness of honeycombed steel
web, space-depth ratio, and the yield strength of the steel
tube, the convexity of the N/N,-M/M,, curves of the spec-
imens gradually increases, as shown in Figure 11, and the
load transfer capacity of honeycomb steel web increases.
Figure 10(a) illustrates that with the increase in the
slenderness ratio of the specimens, the convexity of the N/
Ny-M/M,, curves of the specimens gradually decreases, and
the inflection points of the curves become inconspicuously.
The curves basically show a trend to be straight lines, and
with the increase in the slenderness ratio of the specimens,
the intersection points of the curves and the longitudinal axis
close to the origin gradually, which indicates that with the
increase in the slenderness ratio of the specimens, the
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deformation of the specimens becomes larger, and the
second-order bending moment caused by the geometric
deformation of the specimens increases, and the eccentric
compression bearing capacity of the specimens decreases. It
can be found from Figure 10(b) that with the increase in the
thickness of the flange steel tube, the convexity of the N/N,-
M/M, curve of the specimens gradually decreases. It can also
be found that with the increase in the thickness of the flange
steel tube, the constraint effect of the steel tube on the core
concrete increases. Figure 10(c) shows that with the increase
in the diameter-depth ratio, the convex degree of the N/N,-
M/M, curve of the specimens decreases gradually. It can be
seen that with the increase in the diameter-depth ratio, the

inflection point of N/N,-M/M, curve moves left, which
indicates that the load transfer capacity of honeycomb steel
web decreases with the decrease in the diameter-depth ratio.

Figure 11(a) shows that with the increase in the cubic
compressive strength of concrete, the convexity of the N/N,-
M/M, curves of the specimens gradually increases. It can be
seen that with the increase in the cubic compressive strength
of concrete of the specimens, the constraint effect of the steel
tube on the core concrete decreases. It can be found from
Figure 11(b) that with the increase in the thickness of the
honeycomb steel web of the specimens, the convexity of the
N/N,-M/M, curves of the specimens gradually increases. It
can also be found that with the increase in the thickness of
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Figure 10: Comparisons of N/N,-M/M, curves of STHCCs with different parameters. (a) A. (b) #;. (c) d/hy,.

the honeycomb steel web, the ability of load transfer of the
honeycomb steel web increases, and the inflection points of
the N/N,-M/M,, curves move upward.

As can be seen from Figure 11(c), the convexity of the N/
N,-M/M,, curves of the specimens increases with the increase
in the space-depth ratio, which shows that with the increase in
the distance-to-height ratio, the capacity of load transfer of the
honeycomb steel web increases. Figure 11(d) illustrates that
with the increase in the yield strength of the steel tube, the
convex degree of N/N,-M/M,, curves of the specimens in-
creases gradually, which indicates that with the increase in the
yield strength of the steel tube, the constraint effect of the steel
tube on concrete increases obviously.

6. Force Mechanism of Full-Scale STHCCs under
Eccentrical Compression

6.1. Lateral Deflection Curves. Five full-scale specimens are
selected from 33 STHCCs as representative examples, and
the representative specimens exhibit different eccentricity.
The lateral (H)-deflection (A) curves of the five specimens
subjected to eccentrical compression are shown in Figure 12.
It is noteworthy that the H-A curves of the specimens are
basically symmetrical distribution. The maximum deflection
appears at the mid-span sections of the specimens, and the
increase in the deflection is proportional to the increase in
the eccentricity.
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When the load reaches 0.9N,, the deflection begins to
rapidly increase, and eventually, the column destroys. The
development regularity of the H-A curves of the STHCCs
subjected to eccentrical compression is obtained, which is
consistent with the development regularity of the ordinary
square CFST columns under eccentrical compression [29].

6.2. Strain Distribution on Sections. Taking STHCC-1,
STHCC-2, STHCC-3, STHCC-4, and STHCC-5 as repre-
sentative examples, the longitudinal strain distribution of
the mid-span section of the specimens under eccentrical

compression is computed, as shown in Figure 13. During the
loading process, the longitudinal strain of the mid-span
section conforms to the plane-section assumption. At the
early stage of the loading, namely, the elastic working stage,
the longitudinal strain of the mid-span section is in good
agreement with the plane-section assumption, which shows
that the steel tube coordinated with the core concrete

[30, 31].

When the load reaches 0.9 N, the steel tube in the
compression side yields firstly, and the obvious bulging
appears on steel tube, simultaneously the concrete is

crushed, which

indicates that both cannot work in
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FiGure 12: Comparisons of H-A curves of 5 specimens with different eccentricity. (a) STHCC-1. (b) STHCC-2. (c) STHCC-3. (d) STHCC-4.

(e) STHCC-5.

coordination with each other. It is also found that with the
increase in the eccentricity, the neutral axis of the mid-span
section moves to the loading point gradually.

6.3. Load-Strain Curves. Figure 14 shows the load (N) versus
strain (¢) relationships of point A and point E of specimen
STHCC-1, and it can be seen from Figure 14 that at the
initial stage of the loading, the strain and load of the tension
and compression zone of STHCCs increase proportionally
with the increase in the load. During the loading process, the
longitudinal strain of the compression zone is greater than
that of the tension side under the same load. When the load
reaches about 95% of the ultimate load, the compression side

of the steel tube yields firstly, and the mutual coordination
between the steel tube and the core concrete is destroyed,
eventually the overall specimen is bent and unstable. The
stress cloud diagram of each part of specimen STHCC-1 is
illustrated in Figure 15.

7. Eccentric Compression Bearing Capacity of
Full-Scale STHCCs

The simplified calculation method on eccentrical compression
bearing capacity for reduced-scale STHCCs has been pro-
posed by Ji et al. [15], which can be expressed as (3). The
specific meaning of variables is illustrated in reference [15].
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N{=9.9:9; ¢ N, 3)

Equation (3) is adopted to calculate the eccentrical
compression bearing capacity (N¢) of 33 full-scale speci-
mens, and the dispersion comparison between N¢ and N,
for 33 specimens is shown in Figure 16. As can be seen in
Figure 16, the maximum error is 43.24%. It is noteworthy
that the calculation formula of eccentrical compression
bearing capacity obtained based on the reduced-scale model
has certain limitations; thus, it is not suitable for calculating
the eccentrical compression bearing capacity of full-scale
composite columns. So the calculation formula of eccentrical
compression bearing capacity of full-scale composite col-
umns needs to be put forward.

The equation of the N/N,-M/M, curves for CFST
composite columns proposed by Han <u>[32, 33]</u> can
be expressed as follows:

N M N
—+al— ] =1, —221 |
Nu Mu NM

) (on)

where a=1-25,, b= (1-&)/ni c=2(, - 1)/n, and
the significance of physical variables can be found in ref-
erences [32, 33].

According to the unified theory deduced by Han [32],
the axial compression capacity (N,,) on bearing and flexural
bearing capacity (M,,) of CFST columns can be obtained,
which are given by

Nu = fscyAsc>
Mu = YmWscmfscy’

where f., = (118 +0.648) X fo, A=A+ A, {=Ax
fAX foo Vi =1.0440.48 In(§+0.1), and W, =
(21/h). The significance of physical variables is shown in
reference [32].
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FIGURE 16: Comparison between N¢ and N,,.

Considering the influence of the eccentricity, the slen-
derness ratio, the cubic compressive strength of concrete, the
thickness of steel tube flange, the thickness of honeycombed
steel web, diameter-depth ratio, space-depth, and the yield
strength of the steel tube on the mechanical behavior of full-
scale STHCCs, the bias stability coefficient (¢) [34] is
subsequently introduced, and the influence of second-order
bending moment [34] of the medium-long columns is
considered. The related equation of N/N,-M/M, curves is
summarized as follows:

N a(M)_ N,
(PNM d Mu - Nbl_ rlo ’
b Ny N +1 M =1 N<2
N, “\n,)Ta\m, )T \N, )
(6)
where d=1-0.25N/N;, Np=N,mEJ\f, E,-=

FeeplEecpy and feep = [0.263f /235 + 0.365%
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TaBLE 3: The comparison between N, and N,,.

ERNCIING
Specimens f, (mm) f, (mm) A E (mm) d/h, Iji NE(10°KN) N, (10°kN) N, (10°kn) Ve (%I‘gc/Nc' IN, — N/N.| (%)
STHCC-1 8 10 19.40 80 06 04 15.99 17.09 16.57 6.88 3.14
STHCC-2 8 10 19.40 160 06 04 14.74 14.53 14.25 1.42 1.96
STHCC-3 8 10 19.40 240 06 04 13.73 12.62 12.47 8.08 1.20
STHCC-4 8 10 19.40 320 06 04 12.85 11.07 11.06 13.85 0.09
STHCC-5 8 10 19.40 400 06 04 12.05 9.83 9.93 18.42 1.01
STHCC-6 8 10 26.33 240 06 04 13.69 12.11 12.24 11.54 1.06
STHCC-7 8 10 4018 240 06 04 1361 1113 11.81 18.22 5.76
STHCC-8 8 10 54.04 240 06 04 13.54 10.84 10.16 19.94 6.69
STHCC-9 8 10 60.97 240 06 04 13.50 9.06 9.32 32.89 2.79
?gHCC- 8 10 26.33 240 06 04 14.38 11.06 11.01 23.09 0.45
?THCC- 8 10 26.33 240 06 04 13.22 14.28 14.27 8.02 0.07
oHee 8 10 2633 240 06 04 1272 1587 15.91 2476 025
oHee 8 10 2633 240 06 04 1218 17.45 17.36 4324 0.52
STHCC- 6 10 2633 240 06 04 1232 1137 1211 771 611

14
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_ NJC/NE
Specimens t, (mm) f, (mm) A E(mm) d/h, ;l/ N¢ (10°kN) N, (10°kN) N, (10°kN) N (O/I\I)C/Ncl INg = N/N,| (%)
W 0
EEHCC' 10 10 2633 240 06 04 1503 13.85 13.93 7.85 0.57
HEC 10 2633 240 06 04 1634 1510 15.49 7.59 252
?;FHCC' 14 10 2633 240 0.6 04 1763 16.32 17.22 7.43 5.23
i{HCC_ 8 8 26.33 240 06 04 13.69 12.29 12.61 10.23 2.54
?;FHCC- 8 12 26.33 240 06 04 13.69 12.93 12.73 5.55 1.57
igHCC_ 8 14 26.33 240 06 04 13.69 13.14 12.63 4.02 4.04
STHCC-21 8 16 26.33 240 06 04 13.69 13.34 12.64 2.56 5.54
;;FHCC- 8 10 26.33 240 0.10 0.4 13.69 13.60 13.41 0.66 1.42
g:HCC_ 8 10 26.33 240 03 04 13.69 13.29 13.27 2.92 0.15
;THCC' 8 10 2633 240 0475 04  13.69 12.96 12.93 5.33 0.23
g;FHCC' 8 10 2633 240 075 04  13.69 12.31 12.24 10.08 0.57
igHCC‘ 8 10 2633 240 0.6 015  13.69 12.41 1247 9.35 0.48
;;FHCC‘ 8 10 2633 240 06 06  13.69 12.78 1272 6.65 047
S e 8 10 2633 240 06 09 1369 12.94 12.89 5.48 0.39
ggHCC_ 8 10 26.33 240 06 14 13.69 13.12 13.17 4.16 0.38
g;)rHcc- 8 10 2633 240 06 04 1086 10.86 11.79 0 7.89
STHCC-31 8 10 26.33 240 06 04 14.67 13.40 13.34 8.66 0.45
g;FHCC‘ 8 10 2633 240 06 04 1527 13.88 13.71 9.10 1.24
g;HCC_ 8 10 26.33 240 06 04 16.03 14.51 14.06 9.48 3.20
. . . . 18

30/ f o, +0.104] x f .. The significance of physical variables a
is shown in reference [34]. 7 . -

The expression of ¢ is obtained by statistical regression as 16 ~ . e

[ ] s
follows: Errory,=7.89% 7 o
—14f 3P 4t +2.78s/hy, + £ z M g =/ g
9 =093+ —7 (7) g
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The effects of different parameters on ¢ are illustrated in e el
Figure 17. 10 - g

According to the (6), the eccentrical compression / L
bearing capacity (N,) for 33 STHCCs can be calculated as o
shown in Table 3. By comparison, it can be seen from 8 - - - -

8 10 12 14 16 18

Figure 18 that the maximum error between N, and N, is
7.89%, which shows that both are in good agreement and can
meet the requirements in actual engineering.

N, (103kN)

Figure 18: Comparison between N, and N,.
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8. Conclusions

The eccentrical compression behavior analysis of 33 full-
scale STHCCs was studied. The conclusions can be drawn as
follows.

Based on the nonlinear constitutive model of concrete
and simplified constitutive model of steel, the load-vertical
displacement curves and load-lateral deflection curves of 15
square CFST columns were obtained by ABAQUS software.
By comparison with the existing test data, both were in good
agreement, which could verify the rationality of the material
constitutive model and FE modeling method.

The development regularity of lateral deflection curves
for full-scale STHCCs is consistent with that of lateral de-
flection curves for CFST columns, and the maximum de-
flection appears at the mid-span sections of the specimens.
The stress distribution along the cross-sectional height of the
mid-span sections for full-scale STHCCs subjected to
eccentrical compression basically conforms to the plane-
section assumption.

The influence of parameters on eccentrical compression
bearing capacity and lateral deflection is systematically in-
vestigated. It can be concluded that with the increase in e, A,
and d/h,, the eccentrical compression bearing capacity of
specimens decreases gradually, whereas the eccentrical
compression bearing capacity of specimens increases sig-
nificantly with the increase in fou, t1, £, S/l and fy. It can be
found that the lateral deflection of the mid-span section
decreases gradually with the increase in e, f..x, t;, and d/h,
whereas the lateral deflection of the mid-span section
gradually increases as A, t,, s/h,,, and f, increase.

The calculation formula on eccentrical compression
bearing capacity for STHCCs is proposed by statistical
regression.
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This paper presents a comprehensive study on dynamic properties and human-induced vibrations of a slender asymmetric steel-
plated stress-ribbon footbridge via both experimental and analytical methods. Bridge modal test was conducted using both
ambient vibration testing and impact methods. Modal properties of the bridge were identified based on stochastic subspace
identification and peak-pick techniques. Results show that the bridge is characterized by closely spaced modes with low natural
frequencies and small damping ratios (<0.002). A sophisticated finite element model that incorporates pretension of the stress
ribbon and contribution of deck panels is developed and proven to be capable of reflecting the main dynamic characteristics of the
bridge. Human-induced vibrations were measured considering synchronization cases, including single-person and small group
walking as well as random walking cases. A theoretical model that takes into account human-structure interaction was developed,
treating the single walking person as an SDOF system with biomechanical excited force. The validity of the model was further

verified by measurement results.

1. Introduction

Structures are prone to have longer spans and become much
flexible owing to the development of high strength and
lightweight materials and innovation in construction
methods [1]. This poses new challenges to structural design
since slender structures are more susceptible to dynamic
loadings such as human excitation or wind turbulence.

Many efforts have been made on human-induced vi-
brations of footbridges [1-12], long-span floors [13-16], and
stadiums [17, 18]. These researches cover the aspect of
human-induced load models (either deterministic [1] or
stochastic [2-6]), human-structure interaction [7-9], vi-
bration serviceability evaluation method [12-18], and vi-
bration control countermeasures [10-12].

In recent years, the stress-ribbon footbridge has been
increasingly preferred due to its elegant and simple shape,
fewer components compared with traditional footbridges,

and low impact on surroundings [19-24]. Stress-ribbon
footbridge, always formed by pretension catenary-shaped
cables or steel plates with both ends anchored on the
abutments, are characterized by closely spaced modes with
low natural frequencies [19, 23, 24]. Hence, their dynamic
performance under human excitation is often of great
concern. A modal test is the most accurate and effective way
to obtain the actual dynamic properties of the structure. In
this regard, Hu et al. [23] tested a stress-ribbon footbridge in
a campus in Portugal, which has two close spans of 30 m and
28 m. The bridge is formed by four pretensioned catenary-
shaped cables embedded by a continuous concrete cast-in-
situ slab. A modal test showed that the footbridge has low
natural frequencies and closely spaced modes. The first eight
natural frequencies are all below 6 Hz. Specifically, the first
three natural frequencies are 0.951Hz, 1.989Hz, and
2.034 Hz, respectively. Soria et al. [24] reported a steel-plated
stress-ribbon footbridge constructed in 2009 in Spain. The
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bridge employs a singular catenary-shaped steel band with a
single span of 85 m. A modal test reveals that the footbridge
is so flexible and lightly damped. The modes are closely
spaced with the first eight natural frequencies that are all less
than 4 Hz. Specifically, the first three natural frequencies are
0.867 Hz, 1.408 Hz, and 1.541 Hz. The identified first eight
damping ratios range from 0.3% to 0.6%. All these researches
demonstrated that the stress-ribbon bridges are susceptible
to dynamic excitation, and their dynamic performance
needs careful evaluation. Arndt et al. [22] pointed out that
stress-ribbon footbridges are the most slender and flexible
structures. To date, application cases of stress-ribbon bridges
or footbridges are still limited. The relevant experimental
work, especially the dynamic performance under walking
people, is rarely reported.

This paper reports a newly built slender asymmetric
steel-plated stress-ribbon footbridge in China, where the
stress ribbon is fabricated using the Chinese Q690D steel
plate. This is the first time that the Q690D steel plate has
been used in a real footbridge in China. The contribution of
this study is twofold. On the one hand, this paper presents a
comprehensive study of the footbridge’s modal properties
and dynamic performance under human excitation through
combined experimental and analytical methods, which has
rarely been reported before. On the other hand, it is ben-
eficial to enrich the current experimental database of stress-
ribbon footbridges. It would also be helpful for the future
mechanical analysis and design of similar structures.

The paper is structured as follows: The concerned
footbridge was briefly introduced in Section 2, followed by a
modal test program in Section 3. Section 4 develops a de-
tailed finite element model to capture the main dynamic
characteristics of the footbridge. Section 5 gives the ex-
perimental results of human-induced vibrations, including
synchronized walking and random walking cases. A theo-
retical model that takes into account moving human-
structure interaction is developed in Section 6. Some con-
clusions are given in the closing Section 7.

2. Outline of the Test Footbridge

The stress-ribbon footbridge (see Figure 1(a)), constructed
in 2020 and located in a park in Shenzhen, China, is a slender
footbridge that links two mountains as part of a greenway.
The bridge is an asymmetric stress-ribbon footbridge formed
by a pretensioned catenary-shaped steel band with a main
span of 63.8 m and a side span of 24.2 m. The net width of the
bridge deck is 2.3 m, allowing for two-way pedestrian traffic.
The top deck is 30m above the bottom of the valley. The
cross section of the bridge consists of two main stress-ribbon
plates made of Chinese Q690D steel with a thickness of
40 mm and width of 750 mm at a spacing of 0.4 m, as shown
in Figures 1(b) and 1(c). Both ends of the stress ribbons are
anchored on the abutments. Precast concrete panels with
dimensions of 2.7 m in length, 0.855 m in width, and 0.12m
in thickness were evenly paved on the stress ribbons along
the longitudinal direction of the bridge (see Figures 1(c) and
1(d)). The space between two incident concrete panels is
0.02m. Shear keys are evenly placed on top of the stress
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ribbon to keep a reliable connection between the precast
concrete panels and the main structure. The stress ribbon
and deck panels are supported by a bracket comprising two
inclined steel tube columns with variable cross-sections, as
shown in Figure 1(e). The two columns are transversally
braced by three horizontal steel pipes and three pairs of
diagonal cables (see Figure 1(e)). Handrails made of stainless
steel net with a height of 1.15 m are erected on both sides of
the bridge deck (see Figure 1(d)). The abutments were cast in
artificial digging piles using concrete and prestressed anchor
cables.

3. Modal Test of the Stress-Ribbon Footbridge

3.1. Test Setup. A modal test was conducted to obtain the
dynamic properties of the footbridge based on the am-
bient vibration testing (AVT) method [25, 26]. The bridge
deck was divided into 30 grids along the longitudinal
direction. 58 test points (TPs) were evenly spaced at an
interval of 3m on both sides of the bridge to obtain the
spatial mode shapes, i.e., 29 at each side, as shown in
Figure 2. The test program was divided into ten groups due
to the limited number of accelerometers and cable length.
TP 21, located near the east side of the main span, was
chosen as the fixed reference point, while the other TPs
were movable points. The classification of the setup of TPs
is listed in Table 1. All accelerometers are in the vertical
direction, and the bridge lateral modes were not con-
sidered due to the availability of test time. During the test,
the bridge was temporally closed to avoid the effect of
pedestrians.

Accelerometers with the nominate frequency range from
0.25Hz to 100 Hz and a measurement capacity of 2g (g is
gravitational acceleration) were adopted. The DH9581 vi-
bration data acquisition system, produced by Donghua
company, China, was used for data recording. The sampling
frequency was 200 Hz, which can cover the most concerned
frequencies of the bridge. Figure 3 gives the photographs of
the modal test.

For each setup, accelerometers were well fixed on the
bridge deck according to the test protocol. A duration of
10 min was recorded for each setup. The test procedure is
shown in Figure 4.

3.2. Test Results. Figure 5 illustrates part of the deck ac-
celeration at the reference point (TP 21) under AVT. It is
evident that the bridge deck was in small amplitude, and the
vibration generally kept steady in the ambient vibration
environment.

Figure 6 further gives the frequency spectrum below
6 Hz. Specifically, as shown in Figure 6(a), the test bridge has
closely spaced modes with most natural frequencies below
4 Hz. Figures 6(b)~6(d) show the zoom-in view for the first
three dominant frequencies at all test points. The measured
first three natural frequencies are 0.95Hz, 1.45Hz, and
1.68 Hz, respectively.

Meanwhile, the first three natural frequencies and cor-
responding mode shapes and damping ratios were identified
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FIGURE 2: Schematic diagram of measurement grid. TP 21 in red is the reference point.

based on the stochastic subspace identification (SSI) method ~ bending mode of the main span, the second mode is also a
[27-30], given in Table 2. Figure 7 shows the first three mode ~ vertical bending mode, and the third mode corresponds to
shapes. Specifically, the first mode is a typical vertical  the first bending mode of the side span.
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TaBLE 1: Setup of measurement points.

Set number Test point number Reference point
1 07, 08, 09, 10, 11, 12, 13, 57, 58 21
2 14, 15, 16, 17, 18, 19, 20, 55, 56 21
3 01, 02, 03, 04, 05, 06, 53, 54 21
4 22, 23, 24, 25, 26, 27, 28, 51, 52 21
5 29, 30, 31, 32, 33, 34, 35, 49, 50 21
6 36, 37, 38 21
7 39, 43, 44 21
8 40, 41, 42 21
9 45, 46, 47 21
10 48 21

(a) (b)

FIGURE 3: Photographs of the modal test. (a) Test scenario and (b) accelerometer.

Measurement
points orientation

Sensor installation
and commissioning
test system

Move to a next

Data acquisition ~ |——
setup

Test completed

FIGURE 4: Flow chart of the test protocol.
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FIGURE 6: Frequency spectrum of the bridge: (a) overall view and (b-d) enlarged view.

TaBLE 2: First three identified dynamic characteristics of the bridge.

Frequency (Hz) Damping ratio L
Mode no. - p - p Modal description
1 0.95 0.95 0.0014 0.0018 1** vertical bending
2 1.45 1.45 0.0020 0.0017 2™ vertical bending
3 1.68 1.68 0.0006 0.0009 3™ vertical bending

Note. SSI: stochastic subspace identification; PP: peak-picking.

A heel impact test was also conducted to check the  [8, 25]. The free decay time history of the bridge deck was
accuracy of the identified results by the SSI method. The  truncated from the entire vibration record. Figure 8(a)
details of the heel-drop impact method can be found in  shows the free decay response of the bridge deck, and
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FIGURE 8: Free decay response of the bridge. (a) Overall response, (b) 0.8~0.96 Hz, (c) 1.4~1.5Hz, and (d) 1.58~1.78 Hz.

Figures 8(b)-8(d) further give the filtering result using the
fifth Butterworth filter with cut-off frequencies at
0.8~0.96 Hz, 1.4~1.5Hz, and 1.58~1.78 Hz. Each individual
component generally decreases in a free decay manner with a
single vibration frequency. The corresponding spectrum of
each individual is not presented here to keep the paper
concise. As shown in Figures 8(b) to 8(d), each component
can be regarded as a damped single-degree-of-freedom
(SDOF) system.

For a damped SDOF, various damping estimation
methods, such as the logarithmic decrement method and
half-power spectrum methods [25, 30], could be employed
to estimate the modal damping ratio. In this paper, the
damping ratio was estimated using the ratio of the adjacent
area formed by the free decay time series and the time axis,
expressed as [31]

1 S;
f = _ln ! >
2m Si+1

(1

where £ is the damping ratio; S; and S, are the ith and (i + 1)
th area formed by acceleration time history and the time axis.

As shown in Figure 8, the damping of the ribbon bridge
is so small that the bridge remains in remarkable motion
even after 80 seconds. The identified natural frequencies and
damping ratios are very close to those estimated from the SSI
method (see Table 2), indicating that both methods are
feasible and the identified results are reliable.

4. Finite Element Modeling

4.1. Overview of the Finite Element Model. In this section, a
sophisticated finite element (FE) model of the stress-ribbon
footbridge is established based on the ANSYS platform. The
model considers the pretension of the stress ribbon and
main nonstructural elements such as deck panels.

The stress-ribbon footbridge consists of three main
components, including the precast concrete panels, stress
ribbon, and support columns top down. The deck panels
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are modeled as the Shelll81 element with uniform
thickness and evenly placed on the stress ribbon at a
spacing of 0.02 m. The stress ribbon is also considered as
the Shell 181 element according to the construction
configuration in which the whole curved stress ribbon is
divided into several straight plates. The column bracket,
consisting of the top plate, bottom plate, and transverse
stiffeners, is also modeled by the Shell181 element, as
shown in Figure 9(b). The columns are modeled as the
Beam188 element with variable cross sections. The three
horizontal steel pipes are also modeled as beam elements
with uniform cross sections, as shown in Figure 9(c). The
three pairs of diagonal cables are modeled by link ele-
ments. Only the mass effect of handrails was included in
the model since their constraint to the main structure is
weak (see Figure 1(d)).

4.2. Material Parameters. The whole bridge mainly consists
of two types of steel plates and concrete deck panels. The
material parameters of each component were determined
through a mechanical test of specimens in the laboratory and
are summarized in Table 3.

4.3. Boundary Conditions. The relative linear displacements
and rotations between the stress ribbons and the abutments
at the contacting area are restrained to zero. The bottom of
the columns is treated as fixed boundary conditions (BCs).

According to the construction method, the bridge deck
and stress ribbons are well bonded via shear keys, as shown
in Figure 1(b). Hence, coupling pairs are set for these points
to ensure no relative displacements among them. Similarly,
the coupling pairs are set between stress ribbons and the
column bracket at the contacting area to ensure they are well
coupled.

The boundary conditions (BCs) in the finite element
model were firstly determined according to the construction
drawings. Then, a trial-and-error method was employed to
update the mode based on the principle that the first three
natural frequencies as well as mode shapes approach the
measured ones. A refined modal test incorporating more
vertical modes and lateral modes will be conducted later, and
then, a detailed model updating would be implemented to
obtain more reasonable BCs.

4.4. Application of Pretension to the Footbridge. The static
analysis of the footbridge was firstly conducted only con-
sidering its gravity. The stress obtained from the static
analysis was further used as the initial pretension forces
applied to the stress ribbons before modal analysis. The
whole structure has 1291 elements in total. Figures 9(a)-9(c)
show the overview and details of the FE model developed
here.

4.5. Simulated Modal Properties. Modal analysis was con-
ducted for the pretensioned structure using the block
Lanczos method. The first ten modes and natural frequencies
were obtained, as shown in Table 4. For comparison, the

measured results are also listed in the table. Note that the
natural frequencies are presented according to similar mode
shapes since some modes are unidentified from the field
measurement.

For clarity, Figure 10 further depicts the first ten-mode
shapes. Clearly, the stress-ribbon footbridge is characterized
by closely spaced modes with the first ten simulated natural
frequencies well below 4 Hz. The first ten modes are dom-
inated by vertical bending modes and bending and torsion
coupled modes. Since the stress ribbons are asymmetric
supported, the main span is more prone to vibrate owing to
the larger span length.

The simulated mode shapes showed satisfactory agree-
ment with the measured ones with modal assurance crite-
rion (MAC) value greater than 0.9. The simulated natural
frequencies for the first (corresponding to the first mea-
surement, see Table 4) and fifth modes (corresponding to the
3rd measurement) are very close to the measured ones
except for the fourth mode (corresponding to the second
measurement). This may be attributed to the complex BCs
between the stress ribbons and the abutments as well as the
contact relationship between the stress ribbons and the
column bracket. In fact, the proper modeling of these
contacts is challenging since it is hard to quantify the
stiffness (rigid or semirigid) and the effective anchorage
length in such cases. In general, the FE model developed here
can reflect the actual dynamic properties of the test foot-
bridge and thus can be applied in subsequent analysis.

5. Human-Induced Vibration Test

5.1. Experimental Setup. This section reports a human-in-
duced vibration test of the stress-ribbon footbridge to fur-
ther evaluate the dynamic performance under normal
operating conditions. Test cases consisted of a controlled
synchronized walking test of both single-person and mul-
tiple-person cases as well as random walking. Besides, an
unexpected case such as group running was also considered.
A total of seven participants was recruited for the test. The
basic information, including gender, age, height, and body
mass, is given in Table 5. Table 6 summarizes the detailed test
cases. In the single-person walking test, four individuals
were considered in the test to account for the intersubject
variability [8]. For the multiple-person case, seven TSs
formed in a line (7x 1) as a small group were considered.
Walking frequencies at 1.44 Hz and 1.67 Hz were selected to
excite the structural resonant response. During the con-
trolled test, test subjects (TSs) were instructed by a met-
ronome to realize the target frequency.

5.2. Results. All measured data were firstly filtered using a
Butterworth band-pass filter. The cut-off frequency is 0.1 to
10 Hz. Components below 0.1 Hz are mainly trend items and
components above 10 Hz are not pronounced since the main
structural frequencies and excitation frequencies all fall
within 10 Hz. The measured data were analyzed in both time
and frequency domains.
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(a) (b) ()

FiGure 9: FE model of the bridge. (a) Overall FE model; (b) configuration of column bracket (without a top plate for clarity); (c)
configuration of columns.

TABLE 3: Material parameters.

Component type Material Density (kg/m”) Elastic modulus (MPa) Poisson’s ratio
Stress ribbon Q690 steel 7698 2.06x10° 0.3
Column Q420 steel 7850 2.06x10° 0.3
Bridge deck C30 concrete 2500 3.00x 10" 0.2

TaBLE 4: Dynamic characteristics of the bridge.

Frequency (Hz)

Modal no. . Modal description
Simulated Measured

1 0.95 0.95 1** vertical bending (main span)
2 0.97 — 1** lateral bending + torsion (main span)
3 1.09 — 2™ vertical bending (main span)
4 1.65 1.45 3 vertical bending (main span) + 1% vertical bending (side span) +lateral (column)
5 1.71 1.68 3" vertical bending (main span) + 1* vertical bending (side span)
6 2.20 — 1** torsion (main span)
7 2.27 — 4™ vertical bending (main span)
8 2.89 — 5™ vertical bending (main span)
9 3.15 — 2" Jateral bending + torsion (main span)
10 3.47 — 6" vertical bending (main span)

(a) (b) (c)

(d) (e) (f)

Figure 10: Continued.
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FIGURE 10: First ten simulated modes of the footbridge. (a) 1st vertical bending (main span), 0.95 Hz. (b) st lateral bending + torsion (main
span), 0.97 Hz. (c) 2nd vertical bending (main span), 1.09 Hz. (d) 3rd vertical bending (main span) + 1st vertical bending (side span) + lateral
(column), 1.65 Hz. (e) 3rd vertical bending (main span) + Ist vertical bending (side span), 1.71 Hz. (f) 1st torsion (main span), 2.20 Hz. (g)
4th vertical bending (main span), 2.27 Hz. (h) 5th vertical bending (main span), 2.89 Hz. (i) 2nd lateral bending + torsion (main span),
3.15Hz. (j) 6th vertical bending (main span), 3.47 Hz.

TaBLE 5: Basic information of the test subject.

Test subject no. Gender Age (years) Height (m) Body mass (kg)
S1 M 25 170 55.0

S2 M 23 183 70.0

S3 M 37 174 80.0

S4 M 24 177 100.0

S5 M 34 171 67.0

S6 F 23 167 58.5

S7 F 22 167 56.0
[Mean, std] - [26.9, 6.0] [172.7, 5.8] [69.5, 16.1]

Note. M: male; F: female; std: standard deviation.

TaBLE 6: Summary of all test cases.

Case no.

Case description

0N O\ Ul kW

S1 walking at 1.67 Hz

S2 walking at 1.67 Hz

S3 walking at 1.67 Hz

S4 walking at 1.67 Hz
Group (7 x 1, S1~S7) walking at 1.44 Hz
Group (7 x 1, S1~S7) walking at 1.67 Hz
Group (7 x1, S1~S7) running at 3.0 Hz

Random walking (7 x 1, S1~S7)

In time-domain analysis, both the peak value and root-
mean-square (RMS) acceleration were considered. Com-
pared with the peak value, the RMS value, which considers
the average energy during the vibration period (defined as
equation (2)), gives more stable estimates.

T
Arms = jo a(t)’dt, (2)

where a(t) is the time history, and T is the time duration of
the vibration event. It should be noted that apys largely

depends on the selection of T. The time duration of 1s is
adopted here according to ISO 10137(2007) [32].

Table 7 summarizes the peak and 1s-RMS values of the
bridge acceleration under walking pedestrians. Clearly, the
maximum bridge acceleration is 2.14m/s> for the group
(7x1) walking at 1.67 Hz; however, for random group
walking, the peak acceleration reduces to 0.43 m/s>.

Figures 11(a)-11(f) show an example of bridge accel-
eration and its spectrum at the center of the side span
(TP12) under different walking cases. The 1s-RMS accel-
eration is also plotted in the time-domain figures. As
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TABLE 7: Peak acceleration and maximum 1s-RMS (m/s?).

C Peak acceleration RMS (T=15s)
ase no.
Main span 1/2 Main span 1/4 Side span 1/4 Side span 1/2 Main span 1/2 Main span 1/4 Side span 1/4 Side span 1/2
1 0.07 0.13 0.22 0.31 0.04 0.07 0.12 0.20
2 0.07 0.19 0.37 0.53 0.03 0.12 0.21 0.34
3 0.09 0.20 0.39 0.62 0.05 0.14 0.25 0.40
4 0.21 0.33 0.46 0.67 0.11 0.17 0.28 0.46
5 0.63 0.95 0.44 0.48 0.38 0.58 0.23 0.35
6 0.60 0.86 1.17 2.14 0.35 0.49 0.86 1.40
7 0.67 1.20 2.12 0.72 0.39 0.70 1.38 0.28
8 0.36 0.43 0.28 0.33 0.18 0.21 0.12 0.14
0.4 T T T T T T
0.3 —
g E 02l 1E
0.1 _
0.0 | 1 J.JJL N | 1
0 1 2 3 4 0 25 50 75 100
Time (s) Freq. (Hz) Time (s)
—— RMS (15s) —— RMS (15s)
(a) (c)
1.2 T T T T T T T 0.08 T T T T T T T
09 — 0.06 —
g o6l i g E 004 | .
< J <
— - o - —
<
0.3 - 0.02 + —
0.0 1 1 Jtl A 1 1 0.00 1 A N AN\
0 1 2 3 4 0 1 2 3 4
Freq. (Hz) Time (s) Freq. (Hz)
—— RMS (15s)

(d)

(e)

®

FIGURE 11: Measured bridge acceleration at TP12 (center of side span) in both time and frequency domains. (a) S4 walking at 1.67 Hz, time
domain. (b) S4 walking at 1.67 Hz, frequency domain. (c¢) Group (7 x1) walking at 1.67 Hz, time domain. (d) Group (7 x 1) walking at
1.67 Hz, frequency domain. (e) Random walking (7 x 1), time domain. (f) Random walking (7 x 1), frequency domain.

expected, the resonant response was observed when
walking frequency approaches bridge natural frequency.
The bridge response consists of both excitation frequencies
and the first few structural frequencies, as shown in
Figures 11(b), 11(d), and 11(f). The bridge acceleration at
TP 12 is 0.67 m/s” for single-person S4 walking at 1.67 Hz
(corresponding to the first vertical bending mode of side
span). It reaches 2.14 m/s? for the group (7 x 1) synchro-
nized walking at 1.67 Hz; however, it reduces to 0.33 m/s?
under random group walking.

A comparison of bridge acceleration between single-
person and multiperson walking cases indicates that pedes-
trian numbers do not linearly amplify the bridge response

under multiple-person. A comparison of bridge acceleration
between single-person, group synchronized walking, and
random walking cases implies that the bridge response is most
sensitive to step frequency. This is also in accordance with a
previous study by He and Xie [8]. Moreover, the acceleration
spectrum curve under random walking is much wider than
synchronized walking, showing the narrow-band and sto-
chastic features of random walking [1].

Figures 12(a)-12(d) further compare the bridge acceleration
spectrum at the center of the side span (TP12) for all test cases. It
is evident that the human-induced bridge responses show
obvious forced vibration features. The bridge response consists
of both excitation frequencies and structural frequencies.
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FIGURE 12: Frequency spectrum: (a) Group (7 x 1) walking at 1.44 Hz; (b) single-person and multiperson (7 x 1) walking at 1.67 Hz; (c) group

(7 x1) running at 3.0 Hz; (d) group (7 x1) random walking.

As shown in Figure 12(b), the bridge acceleration spec-
trum under different single-person walking cases is similar
but varies in magnitude. The normalized spectrum (accel-
eration spectrum divided by body weight) for each individual
also varies, implying the intersubject variability [1, 2]. The
spectrum gets wider for group walking at 1.67 Hz compared
with single-person cases, which may attribute to the increase
of system damping owing to more pronounced human-
structure interaction at a larger mass participant ratio. This is
in accordance with experimental finds in [8]. Compared with
single-person walking, the bridge response under multiple-
person is not linearly amplified by pedestrian number.

Figure 12(c) also exhibits a typical forced vibration
feature. Both structural frequencies and excitation fre-
quencies were observed. There is some leakage for fre-
quencies between 2.5 and 3.0 Hz. This may be attributed to
the imperfect synchronization among group people when
running along a sloped deck at 3.0 Hz.

Figures 13(a) and 13(b) give the correlation between
bridge peak acceleration, 1s-RMS, and step frequency. The
bridge reaches maximum acceleration for step frequencies at
1.67Hz and 3.0 Hz. This is reasonable since 1.67 Hz corre-
sponds to the first vertical bending mode of the side span (see
Table 4). The 3.0 Hz may also be close to the vertical bending

frequency of the side span (a clear peak was observed at
3.0Hz, as shown in Figure 6(a)). A comparison of bridge
acceleration between single-person and group random
walking cases implies that the bridge response is more sen-
sitive to step frequency rather than the number of pedestrians.

6. Analytical Verification

6.1. Mathematical Formulation. Consider a simply sup-
ported Euler beam with span length L and constant cross-
section A subjected to a walking pedestrian. The beam has
bending stiffness EI, mass per unit length m,, and damping
ratio ¢. The walking pedestrian is considered an SDOF
system with biomechanical excited force [33]. Figure 14
gives the schematic illustration of the bridge-walking pe-
destrian coupled system.

The motion equation of the beam under a walking ex-
citation is given by

o'w O w ow
Ely‘Fmb?‘FE:Fp(x,t), (3)

where w is the beam deflection and F,(x, t) is the contact
force between the bridge and walking people:
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FIGURE 13: Correlation between bridge (a) peak acceleration, (b) 1s RMS, and step frequency.

w

FiGURE 14: Schematic view of the human-structure interaction model.

Fo(x,t) = f,(8)-6(x —xp(1)), (4)

in which (-) is the Dirac delta function, and f,(t) is the
human-structure interaction force, which could be repre-
sented using the body motion as follows:

fp (t) = _mpg - mpac (t)’ (5)

where m, is the human body mass and a.(t) is the accel-
eration at the center of mass (CoM).

The CoM acceleration a.(t) consists of two parts, namely,
the relative acceleration with respect to the bridge a.,(f) and the
associated acceleration with respect to the bridge a,.(t); that is,

a.(t) =a, (t) +a,(t). (6)

The associated bridge acceleration where the human
located, a..(1), is given by

azw(xp, t)

™ (7)

ae(t) =

Assume that the bridge vibration has little impact on the
human walking pattern; we have

a (=128 ()
m

p

where fp (t) is the ground reaction force (GRF) on the rigid
floor.
Substituting equations (4)~(8) into equation (3) yields
EI a4_w +m 82_w +c a_w
axt Yo ot

(9)

- o’w(x,t
= —<fp ) - mp%%(x —x, (1),

Note that equation (9) treats the human-structure in-
teraction force as a summation of GRF on the rigid floor,
S, (1), and the inertial force of the human body owing to
bridge oscillation.

Based on the mode superposition method, the beam
displacement is rewritten as

w(xt) =Y g ()¢ (x), (10)
i=1

in which ¢;(x) and g; (t) are the ith mode shape and cor-
responding generalized coordinate, respectively. In practice,
using only a few modes can give satisfactory predictions
since the contribution of higher modes to the total structural
response is not pronounced.
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For a simply supported beam, the mode shape ¢, (x) is

. Jnx
¢;(x) = sin T (11)

Substituting equation (10) into equation (9) yields

(o)

ELY 4,9, (x) +m, Y ¢(x)4; (1) +¢ Y ¢, (x)q; (1)
i=1

i=1 i=1

= —8(x—x,(0))| f, (&) +m, Y $(x, )i (t)].

i=1

(12)

Multiplying ¢;(x) on both sides of equation (12) and
integrating along the beam length within [0, L] leads to

Mg

. 2 .
q;(t) + mibme‘/’j(xp) . ¢(xp)q,- (t)

Il
—

+ 20,w,d; (1) + wig; (1) (13)

-2
= mfp(‘pj)(xp(t))'
b

If N modes are considered for the bridge, the bridge-
moving pedestrian coupled system could be rewritten in a
discrete matrix form as

MU + CU+ KU =F, (14)

where M, C, and K are the NxN mass, damping, and
stiffness matrix, respectively; U, U, and U are the N-vectors
for independent displacement, velocity, and acceleration,
respectively. That is,

[1+pubn Pmdrn Pudin
PP 1+ Pmbo - Pubon
M= . (15a)
L PmPni VNG 1+ prdan
M2 w,
2
C= s . , (15b)
- chwn
-2
w
w?
K= : > (15¢)
_ w7
U={q, @ .- v}’ (15d)

13
F = [prd1, prdss - - 'pF(/)N’]T- (15e)
2m
Pm = ﬁ,
b
2 -
& _mfp ’ (15f)
nmx
¢, = sin I P
(Dnm = (pn(pm'

Note that equation (14) is a time-varying system since
the mass, damping, and stiffness matrix all change with the
human location. One GRF f , is given, equation (14) could
be solved (e.g., using the Newmark-f method).

6.2. GRF of a Walking Pedestrian. Previous studies showed
that the GRF under human walking has a strong periodical
character owing to the unique walking pattern of human
beings [1]. The GRF could mathematically be represented as
the summation of several Fourier series, expressed as [1]

Fv(t):G<1+zn:oc,-sin(2nifnt+go,-)>, (16)

i=1

where F, (1) is the vertical footfall force, G is the bodyweight,
n is the number of harmonics to be considered, «; is the ith
dynamic load factor (DLF), f, is the fundamental step fre-
quency, and ¢; is the ith phase angle.

The formula is simple and has a clear physical
meaning, but the parameters such as DLFs and phase
angles may vary from person to person [1]. To this end,
TSs involved in the walking test on the stress-ribbon
bridge were tested on a rigid floor to obtain their GRF
directly. The wireless pressure insoles (see Figure 15(a))
produced by Loadsol were employed for footfall force
measurement. The smartphone (iPhone 7 plus, see
Figure 15(b)), which has built-in accelerometers and gy-
roscopes, was used to record the body acceleration during
walking. Previous studies [34, 35] showed that the C7,
sternum, and lower back are satisfactory candidates to
present body motion. In this study, the smartphone was
well fastened on the lower back (see Figure 15(d)) to
capture body motion since it is easy to fasten and has little
effect on human movement.

Before the measurement, the insoles were calibrated via
standing with a single foot since the supporting foot is
expected to have total static weight. The resolution of the
smartphone in acceleration capture was also checked by
comparing it with a high-resolution wireless inertial mea-
surement unit (IMU) produced by Xsense. Figure 16 shows
an example of the comparison between the smartphone and
IMU in both time and frequency domains. Results show that
the smartphone has satisfactory resolution and can be used
in the subsequent measurement.
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(d)

FIGURE 15: Test instruments and test scenario: (a) wireless pressure insoles; (b) smartphone; (c) and (d) installation of test instruments.
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FIGUREe 16: Comparison of human body acceleration (lower back) obtained from wireless IMU and smartphone (iPhone 7 plus). (a) Time

domain and (b) frequency domain.

Figure 17 gives the continuous vertical GRF for single-
person walking at 1.6 Hz, 1.8 Hz, 2.0 Hz, 2.2 Hz, and 2.4 Hz
in both time and frequency domains. It is evident that the
GRF shows prominent periodical features for all step fre-
quencies. The GRF consists of several primary harmonics
and subharmonics. The DLF generally attenuates as the
order increases. The contribution of primary harmonics is
generally more significant than subharmonics. However, for
some cases (i.e., 2.2 Hz), the subharmonic is so pronounced
and cannot be ignored. This is in accordance with a previous
study by Zivanovic et al. [1].

Figure 18 illustrates the corresponding body acceleration
in the vertical direction for single-person walking at various
step frequencies. Clearly, the body motion also shows typical
periodical characteristics. The spectrum of body acceleration
is similar to that of GRF, demonstrating that the inertial of
body motion is the leading cause of footfall force oscillation.

Since all measured footfall forces have similar features,
GRF that consists of both primary harmonics and sub-
harmonics was used for the subsequent numerical modeling.

6.3. Comparison of the Theoretical Results with Experimental
Data. Based on the FE model developed in Section 4 and the
measured GRF of all involved individuals in the walking test,
the methodology developed in Section 6.1 was applied to the
stress-ribbon footbridge to check its validity.

Equations (14) and (15a)-(15f) show that the coupled
system is time-varying since the mass, damping, and stiffness
matrix changes with the human location. In this study, an
iteration procedure is developed to solve the problem based
on the combination of MATLAB and ANSYS platforms. The
basic procedure of the iteration process is shown in Figure 19.

Figures 20 and 21 compare the simulated and measured
bridge acceleration time history and Fourier spectrum at
the center of the main span and side span, respectively,
under a single-person walking at 1.67 Hz. The simulated
time history and spectrum distribution are very close to the
measured ones. The magnitude of the simulated acceler-
ation is slightly greater than the measured one for both the
center of the main span and side span. This may be at-
tributed to the fact that GRF measured on the rigid floor is
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FIGURE 17: Vertical GRF for a single-person walking at step frequencies of (a) 1.6 Hz, (b) 1.8 Hz, (c) 2.0 Hz, (d) 2.2 Hz, and (e) 2.4 Hz in time

and frequency domains.

used in the present study. In fact, the footfall force would be
smaller on a flexible footbridge than on a rigid floor owing
to human-structure interaction. The simulated results

generally show satisfactory agreement with the measured
ones, demonstrating that the proposed analytical model is
valid and effective.
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FIGURE 19: Solution procedure of the bridge-walking human coupled system.
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F1GURE 20: Comparison between simulated and measured bridge acceleration at the center of the main span: (a) simulated time history; (b)
measured time history; (c) simulated spectrum; (d) measured spectrum.
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F1GURE 21: Comparison between simulated and measured bridge acceleration at the center of side span: (a) simulated time history; (b)
measured time history; (c) simulated spectrum; (d) measured spectrum.

7. Concluding Remarks

This study has presented a flexible asymmetric stress-ribbon
pedestrian bridge’s modal properties and dynamic perfor-
mance via both experimental and analytical methods. The
following conclusions could be drawn:

(1) Modal test showed that the stress-ribbon footbridge
has closely spaced modes, low natural frequencies,
and small damping ratios (<0.002). The measured
first three natural frequencies are 0.95Hz, 1.45Hz,
and 1.68 Hz, respectively. A numerical model that
considers the pretension of the stress ribbon and
contribution of deck panels is developed and proven
capable of reflecting the main dynamic properties of
the actual bridge.

(2) The maximum bridge acceleration reaches 2.14 m/

s for small group synchronized walking; however,
it reduces to 0.43m/s> under random group
walking.

(3) The bridge response is more sensitive to step fre-

quency rather than the pedestrian number. Com-
pared with single-person walking, the bridge
response under multiple-person synchronized
walking is not linearly amplified by pedestrian
number.

(4) A theoretical model considering the human-struc-

ture interaction is developed by treating the single
walking person as an SDOF system with biome-
chanical excited force. The validity of the model was
verified by field measurement results.
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Further extensions of the present study may include
mechanic property and its influence factors of the stress-
ribbon bridge. Besides, mitigation measures against exces-
sive bridge vibration should be considered in the future to
improve the vibration serviceability of the footbridge.
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The neural network algorithm is a small sample machine learning method built on the statistical learning theory and the lowest
structural risk principle. Classical neural network algorithms mainly aim at solving two-classification problems, making it
infeasible for multiclassification problems encountered in engineering practice. According to the main factors affecting sand
liquefaction, a sand liquefaction discriminant model based on a clustering-binary tree multiclass neural network algorithm is
established using the class distance idea in cluster analysis. The model can establish the nonlinear relationship between sand
liquefaction and various influencing factors by learning limited samples. The research results show that the hierarchical structure
based on the clustering-binary tree neural network algorithm is reasonable, and the sand liquefaction level can be

categorized accurately.

1. Introduction

Earthquake-induced sand liquefaction is a very destructive
phenomenon of geological disasters, which can bring about
damages to the farmland, roads, bridges, various civil
buildings, and water conservancy facilities, causing great
harm to the social economy and human life safety. There-
fore, sand liquefaction under the action of earthquake has
always been one of the hot issues in the field of geotechnical
engineering and disaster geology. As earthquakes are in-
evitable, the possibility of seismic liquefaction assessment
and prediction of the site are the focus of the research on this
issue [1-4].

The current discrimination methods for seismic lique-
faction are mainly divided into two categories: the empirical
analysis method based on the investigation data of the sand
liquefaction disaster at the earthquake site and the experi-
mental analysis method based on the field or indoor test.

The commonly used empirical analysis methods mainly
include the standard penetration method, the critical void
ratio, and the energy discrimination method [5]. The ex-
perimental analysis methods mainly include the Seed-Idriss

simplification method [6], shear wave velocity method [7],
static cone penetration method [8], dynamic simple shear
test, shaking table test [9, 10], and dynamic triaxial test
[11, 12].

In recent years, the application of machine learning-
based research methods in the field of earth sciences has
gained a lot of attention [13-20]. Traditional geological
research is gradually moving closer to the fields of data deep
mining, big data, and artificial intelligence, such as in coal
mine water inrush prediction [21] and research on landslides
[22, 23].

In the study of seismic liquefaction, Xue and Yang ex-
amined the potential of support vector machines (SVMs) for
assessing liquefaction potential based on cone penetration
test (CPT) field data [24]. A hybrid model based on a
combination of SVMs and particle swarm optimization
(PSO) was proposed in the study to improve the forecasting
performance. Chou and Thedja proposed a novel classifi-
cation system integrating swarm and metaheuristic intelli-
gence, i.e., a smart firefly algorithm (SFA), with a least-
square support vector machine (LSSVM), to provide deci-
sion-makers with timely warnings of geotechnical hazards
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[25]. Xue and Liu presented two optimization techniques:
genetic algorithm (GA) and particle swarm optimization
(PSO), to improve the efficiency of the backpropagation (BP)
neural network model for predicting liquefaction suscepti-
bility of soil [26]. Yang et al. established a new liquefaction
evaluation formula based on the 156 SPT data from the
liquefaction investigation in China mainland [27]. Ali and
Jahanpour applied the evolutionary polynomial regression
technique and provided a new model for predicting the
liquefaction potential [28]. Rahbarzare and Azadi used
hybrid particle swarm optimization and genetic algorithms
with a fuzzy support vector machine (FSVM) as the classifier
for the soil liquefaction prediction problem [29]. Hu and Liu
attempted to reduce the parameter and model uncertainties
of the Bayesian network model for predicting earthquake-
induced soil liquefaction. In their work, 31 candidate in-
tensity measures were investigated by the analyses of cor-
relation, efficiency, proficiency, and sufficiency based on a
large database of historical ground motion records [30]. Hu
and Liu constructed two new Bayesian network (BN) models
for predicting the probability of the occurrence of soil lig-
uefaction and then compared them with four simplified
procedures and a Bayes classifier for soil liquefaction
evaluation [31].

At present, in the field of geotechnical engineering,
machine learning methods are often used to consider
problems such as binary classification. In contrast, the
problems encountered in geotechnical practice are often
multiclassification problems. To date, multiclassification
research is still in its infancy. The application of neural
network algorithms in geotechnical engineering is rarely
reported in the literature. This paper introduces multiple
types of neural networks into the evaluation of sand lig-
uefaction for the first time, analyses the factors affecting sand
liquefaction, extracts characteristic parameters, and adopts
the cluster analysis method of class distance to establish a
sand soil based on the cluster-binary tree multiclass neural
network algorithm. The liquefaction discriminant model has
achieved satisfactory evaluation results.

2. Neural Network Algorithm

2.1. Introduction to Neural Network Algorithm. The neural
network algorithm is a typical supervised machine learning
algorithm, which is composed of a large number of nodes
connected to each other by imitating the transmission of
electrical signals between biological neurons in the natural
world. Among them, multilayer perceptron (MLP) is one of
the most popular feedforward artificial neural networks. A
typical MLP neural network usually contains an input layer,
a hidden layer (one or more layers), and an output layer. The
input layer and the input variables have the same number of
nodes; the hidden layer contains the weight values of the
connections between neurons and the corresponding
threshold function, which are used to transmit and process
the signal; and the output value is the final data to be
obtained.

The mathematical representation of the feedforward
neural network is as follows:
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M
yi(x) = Zwih xT,(z) + by,
i=1
D

z = tho X x,- + bha’
i=1

(1)

where x is the input parameter, w;, and w;, are the input
layer-hidden layer weight and hidden layer-output layer
weight, respectively, b;, and by, are the deviation parameter,
M is the number of nodes in the hidden layer, d is the
number of nodes in the input layer, and T, (z) is the transfer
function that performs a nonlinear transformation on the
summation input.

The goal of the algorithm is to reduce the error between
the calculated value and the true value through a series of
training. The error E can be defined as follows:

1 p
E==
p 2 Er )

where p is the total number of training modes and E,, is the
error of P-th training mode that is obtained by the following
formula:

N

E, =2 Y (0c-t) 3)
2%

where N is the total number of output nodes, k is the output
of P-th time output node, and ¢, is the target output of the P-
th output node.

2.2. Neural Network Algorithm Method of Multiclassification
Based on Clustering-Binary Tree. The basic neural network
algorithm is aimed at two-classification problems, and the
multiclassification problem is more common in engineering
practice. The multiclass neural network algorithm method
based on the binary tree is one of the effective methods to
solve the multiclassification problem. As shown in Figure 1,
the binary tree structure classifier solves a complex multi-
class problem into multiple two-class problems. A multi-
category problem can be transformed into multiple two-
category problems in various forms with various corre-
sponding binary tree structures. For a k-category problem,
the number of binary trees that can be constructed is
N =[I5!2%i-1, k>2. As shown from Figure 1, the
classification performance of the neural network algorithm
subclassifier of the upper node has a greater impact on the
generalization of the entire classification model. If a clas-
sification error occurs at a node, the error will continue,
resulting in a phenomenon of “error accumulation,” making
the next-level node lose its classification meaning. It can be
seen that constructing a reasonable binary tree structure is
essential to the correct classification of the model. In order to
make the binary decision tree have the optimal level of
performance and construct a reasonable binary tree hier-
archy, the samples must be divided into two groups at the
decision point in an approximate optimal level method even
if the separability between the two type sample types in the
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FiGure 1: Classification map based on clustering-binary tree.

upper layer is strong. In so doing, the distance between the
cluster centers of the two groups of samples is the largest,
and the divergence of each group of samples is the smallest.

2.2.1. Definition of Distance. For given A class and B class
(x, € A, x;, € B), the distance between two samples can be
expressed as d(x,,x;,). In the linear case, the distance be-
tween the two samples x, and x; is defined as follows:

d (x4 xp) =[x = x| = Z(x; - xé)z. (4)

In the case of nonlinearity, the distance between the two
samples x, and x; is defined as follows:

d (%0 %) = VK (%0 %0) = 2(x0%,) + K (x,). (5)

This paper adopts the idea of class distance in cluster
analysis as the algorithm for generating binary trees. First,
the class farthest from others is segmented, and the optimal
hyperplane constructed at this time has good generalization.

Algorithm flow of multiclass neural network based on
clustering-binary tree is as follows:

(1) Calculate the distance between classes according to
formulas (4) or (5): d,»,j(i,j =1,2,...,k i#}).

(2) For each class, there are (k — 1) class spacing values
from other classes, and the class spacing values of
each class are sorted in ascending order from small to
large and renumbered. For example, the spacing
d;j(i,j=12,...,k i# j) between the i-th class and
other classes is sorted as d} <d? < ... <dk!,

(3) Compare the minimum class spacing of each cate-
gory ali1 (i=1,2,...,k), and sort them in descending
order from largest to smallest. When there are two or
more categories with the same minimum category
spacing d}, the sizes d can be compared again and so

on. For example, when d! > d! | sort the g-th category

in front of the p; if the first d; = d,,, then compare d;

and d,; if d; <dj, sort the p-th category in front of

the g-th category so that the larger the difference, the

more the category partition. Thus, one can get the
arrangement of all categories n,,n,, ..., n.

(4) According to the generated binary tree, a binary
neural network training algorithm is used to con-
struct the optimal hyperplane of the binary node.
Take the n;-th sample as the positive sample set and
other samples as the negative sample set. The neural
network training algorithm is used to construct the
binary neural network subclassifier at the root node.
The i-th subclassifier takes the i-th sample as a
positive sample and uses the i+1, i+2, ..., k-th
sample as a negative sample to train the neural
network i subclassifier until (k — 1)-th subclassifier
separates the (k—1)-th category from the k-th
category. In this way, the recognition of multiple
types of problems can be completed.

(5) The multicategory classification ends and outputs the
result.

3. Sand and Soil Discriminant Model Based on
the Neural Network Algorithm

3.1. Analysis of Influencing Factors and Model Establishment.
Sand liquefaction is a form of foundation failure caused by
earthquake damages. It is an important content of geological
engineering evaluation in earthquake areas. The liquefaction
of saturated sand is a very complicated process with many
influencing factors.

It can be roughly divided into three categories:

(i) The nature of the sand layer, such as the type of soil,
particle composition, and degree of compaction
(ii) The buried depth of the soil layer and the
groundwater level
(iii) Seismic factors, such as earthquake intensity, epi-
center distance, and earthquake duration

This paper proposes representative parameters from
many influencing factors as the distinguishing index of sand
liquefaction, including the seismic intensity I, epicenter
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TaBLE 1: Samples of training for sand earthquake liquefaction.

.. Epicenter Sagd Groundwater Number Aver.age Nonuniformity Dynamic .

Serial Intensity distance buried level of par.t1cle coefficient shear . Measured Machlne
depth hammers size stress ratio learning
number D category result
I/grade R (km) d; (m) d, (m) N/strike 50 C, T4l0,
(mm)

1 8 87 3.1 1.6 2.3 0.12 1.54 0.123 II 1I
2 7 78 3.9 0.9 4.2 0.08 3.21 0.132 I I
3 8 79 2.3 1.2 3.2 0.17 1.32 0.112 1I II
4 8 81 1.8 0.8 2.5 0.18 2.33 0.185 I I
5 9 82 2.3 0.6 1.8 0.12 412 0.156 11 1I
6 7 79 8.2 1.8 5.6 0.31 2.45 0.125 11T III
7 7 108 11.9 1.6 20.0 0.12 7.12 0.175 11T III
8 8 82 3.6 1.6 17.0 0.13 1.75 0.132 v v
9 9 86 8.8 1.3 17.0 0.16 1.62 0.175 v v
10 8 92 4.0 0.9 13.0 0.14 1.32 0.164 11T III
11 7 111 5.8 2.8 8.0 0.12 1.42 0.124 II 1I
12 7 98 9.2 1.5 10.0 0.14 212 0.266 II 1I
13 9 65 53 1.5 8.0 0.12 2.62 0.232 I I
14 8 64 2.0 0.8 9.0 0.12 1.36 0.212 II 1I
15 7 45 2.6 1.6 6.0 0.32 2.12 0.111 11 II
16 8 35 2.61 0.6 12.0 0.25 1.75 0.325 I I
17 8 75 1.8 1.2 7.0 0.15 2.12 0.133 111 III
18 9 106 8.5 3.0 28.0 0.23 3.01 0.285 III III
19 7 32 3.8 0.9 6.0 0.16 1.74 0.325 II 1I
20 8 25 6.8 0.9 9.0 0.12 4.11 0.311 I 1
21 7 109 13.8 2.8 15.0 0.18 2.65 0.162 III I
22 9 42 4.5 32 25.0 0.32 5.41 0.156 v v
23 9 45 1.3 0.9 13.0 0.19 2.65 0.132 111 III
24 8 120 5.1 2.8 12.0 0.21 2.23 0.174 11 II
25 7 110 3.3 3.1 1.2 0.16 2.45 0.133 1I II
26 7 46 4.3 2.9 13.0 0.22 1.98 0.173 III III
27 8 23 14.8 39 35.0 0.15 2.31 0.284 v v
28 8 110 14.5 1.2 21.0 0.13 1.93 0.122 II1 III
29 8 65 5.3 3.7 20.0 0.20 1.85 0.186 v v
30 8 25 3.6 2.3 16.0 0.25 2.65 0.196 III III

distance R, sand buried depth d, groundwater level d,,
standard penetration number N, average particle size Ds,
nonuniformity coefficient C,, and the dynamic shear stress
ratio (,/0,)d. The eight variables are used as classification
indicators. Such selection helps avoid that attributes with a
large value range are more dominant than those with a small
value range.

First, by performing normalization preprocess on each
attribute of the sample data and adjusting linearly to [-1,
+1], the sand liquefaction evaluation can be divided into 4
grades, which are severe liquefaction (I), moderate lique-
faction (II), slight liquefaction (III), and no liquefaction
(Iv).

The use of neural network algorithms to discriminate
sand liquefaction is to find the nonlinear relationship be-
tween influencing factors and sand liquefaction. Assuming
that n samples are collected, the problem is abstracted as the
mapping from attribute set X to classification set Y; that is,
the index matrix is X,,xg, Y ={L II, IIL, IV}. This paper sorts
out 40 typical examples from the literature of the Wenchuan
Earthquake and divides them into training sample sets and
test sample sets. Among them, 30 samples are used for
learning machine learning, as shown in Table 1, and the
other 10 samples are used to test the model performance.

3.2. Sample Learning. There are 4 levels of sand liquefaction,
indicating a 4-classification problem. A decision binary tree
with 3 classifiers needs to be established to divide the sample
into 4 subsets. Through the learning of 30 samples, various
classification functions are obtained, and the sand lique-
faction discriminant model is established based on the
neural network algorithm of the clustering-binary tree.

The parameters of the neural network algorithm are
mainly kernel function parameters and penalty factor C. In
the research, it is found that for different training param-
eters, the learning efficiency and generalization ability of
neural network algorithms are different. In this paper, the
radial basis function is selected as the kernel function
through a trial algorithm, namely:

2
K(x,x;) = exp{—u},
o

where x; and x; are the training input and o is the width of the
kernel function.

In this way, the training parameters of the support vector
machine in this paper are ¢ and C. The size of ¢ affects the
output response interval of the sample. When ¢ is small, the
response interval is narrow, leading to less risky

(6)
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TABLE 2: Samples of testing for sand earthquake liquefaction.
.. Epicenter Sal.’d Groundwater Number Aver.age Nonuniformity Dynamic .
. Intensity 7. buried of particle - shear Machine
Serial distance level . coefficient . Measured .
depth hammers size stress ratio learning
number D category result
I/grade R (km) d; (m) d, (m) N/strike 50 C, T4l0,
(mm)
1 8 78 52 1.2 8.0 0.16 2.15 0.15 111 III
2 8 21 4.2 1.3 6.0 0.13 2.89 0.275 I I
3 7 68 3.2 1.5 5.0 0.11 1.95 0.135 11T III
4 9 49 2.8 1.2 6.0 0.14 2.13 0.135 II 1I
5 7 52 6.5 2.6 9.0 0.18 2.30 0.121 11T III
6 9 52 4.2 1.8 9.0 0.28 2.13 0.153 v v
7 8 32 3.9 1.3 8.0 0.13 2.07 0.265 1I II
8 8 68 2.6 1.1 7.0 0.15 0.63 0.165 11T III
9 9 57 4.8 1.2 7.0 0.10 4.89 0.356 II 1I
10 8 75 10.2 1.9 10.0 0.15 2.35 0.165 11T III

classification. The penalty factor C, which represents the
degree of punishment for errors, is a compromise between
training error and promotion ability by controlling training
accuracy. The larger the C is, the greater the penalty for
misclassification is.

The value of 0 and C can be determined according to the
samples during the training process. This paper uses the
variable increment iteration method based on the number of
misclassified samples to obtain ¢=0.28 and C=300.
Through the learning of 30 samples, the error-free classi-
fication of the sample is given in Table 1.

3.3. Sample Prediction. When using the clustering-binary
tree neural network algorithm for classification, starting
from the root classifier, the attributes of the unknown
samples are substituted into the classification function to test
their values one by one.

When the test value is 1, it reaches the leaf node and
stops moving forward, indicating that the sample is the class
represented by the leaf node. When the test value is -1, one
must go down the branch until reaching a certain leaf node.
The other 10 samples are input as test samples into the
decision binary tree, and the classification of each sample is
shown in Table 2. One can see that the learning results are
consistent with the actual ones. Therefore, the method in this
paper can correctly distinguish multiple types of problems,
indicating that the promotion performance of the support
vector machine is good.

4., Conclusion

In this paper, a multiclass neural network is introduced into
the discrimination of sand liquefaction. During the mod-
elling process, it was found that the promotion performance
of the multiclass neural network model based on the binary
tree is related to the binary tree structure. The learning
efficiency and promotion performance vary with the binary
tree structure and the model parameter. This paper adopts
the idea of class distance in cluster analysis as the algorithm
of generating binary tree and establishes a multiclass neural
network to predict the sand liquefaction based on cluster-

binary tree. The model establishes the nonlinear relationship
between sand liquefaction and various influencing factors
through the learning of limited samples. The research results
show that the required number of classifiers in the clus-
tering-binary tree neural network is small (only 3 classifiers
are needed for 4 types of problems), the repetitive training
samples are few, the binary tree hierarchy is reasonable, the
classification accuracy is high, and the generalization is
good. Thus, the proposed model predicts the liquefaction
level accurately and can be used for sandy soil.

The neural network algorithm method is based on the
VC theory of statistical theory and the principle of minimum
structural risk. It seeks the best compromise between
complexity and learning ability based on limited sample
information and has a good generalization ability. As a new
machine learning method, the neural network algorithm has
broad application prospects in geotechnical engineering and
other fields because of its unique advantages.
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Based on the Hong Kong-Zhuhai-Macao project, considering the fluid-structure interaction and soil-structure interaction, the
seismic response of a sea-crossing continuous girder bridge is analyzed. Three-dimensional nonlinear numerical bridge model is
developed, in which the hydrodynamic force is represented by added mass and pile-soil interaction is represented by p-y elements.
Meanwhile, stratification of soil is considered in the free field analysis. Through the comparison of responses of the bridge cases,
the effects of earthquake-induced hydrodynamic force and pile-soil interaction are studied. For the influence of hydrodynamic
force, the results show that it is relatively slight as compared with pile-soil interaction; moreover pile foundation is more sensitive
to it than other bridge components. The influence of pile-soil interaction is relatively significant. When both of the interactions are
considered, the influence is not a simple superposition of acting alone, so it is recommended to consider both factors in

dynamic analysis.

1. Introduction

With the development of economy and the necessity of
coastal regional linkages, a certain number of sea-
crossing bridges have been constructed around the world
in the last few decades. Earthquake risk is usually very
high in coastal areas, due to movement and collisions
between continental and oceanic plate margins [1].
Earthquake brings great challenge to the safety of bridge
structure [2]. In addition, compared with the bridge on
land, the sea-crossing bridge is always in deep water. The
complex environment of the sea-crossing bridge also
means that the seismic response and design of the bridge
are quite different from those of the conventional bridge
[3]. However, most previous studies focused on the
seismic response of bridges constructed on onshore sites
[4, 5]; a comprehensive study on the seismic response of
sea-crossing continuous girder bridge is rarely reported
in the literature.

In the seismic analyses and design of bridge, how to
consider pile-soil interaction is always involved [6]. Cur-
rently, the following two methods are mostly adopted in the
seismic design [7]. One is connecting the foundation and the
soil with a simple spring; another is more simply assuming
that the foundation and the soil are consolidated. All the
above assumptions ignore dynamic soil-structure interac-
tion (SSI) [8], and a large number of seismic disaster data
show that this assumption is unreasonable [9, 10]. In ad-
dition, Makris et al. [11] analyzed the response of the Painter
Street Bridge located in California, and results showed the
significance of reasonable consideration of the pile-soil
interaction. Hutchinson et al. [12] studied the seismic re-
sponse of viaduct structure supported by expanded bored
pile considering soil-pile interaction. Soneji and Jangid [13]
studied the influence of soil-structure interaction on seismic
performance of seismic-isolated cable-stayed bridge. The
results showed that the soil had a significant impact on the
dynamic response of bridge, and ignoring the pile-soil
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interaction effect might underestimate the displacement of
the bridge. Using the improved Penzien model to simulate
the soil-structure interaction, Chen et al. [14] set up bridge
models of high-speed railway of multispan simply sup-
ported. The seismic responses of the models show that the
influence of the SSI on seismic responses of the bridge
cannot be ignored.

There is also a need for special consideration of inter-
action between the submerged structure and fluid under
seismic excitation. The dynamic force is called earthquake-
induced hydrodynamic force [15]. The study of the hy-
drodynamic force started from the dam-water interaction
[16]. With the continuous development of deep-water
bridges, researchers began to pay attention to the hydro-
dynamic force on cylinders [17]. The interaction force is
related to the structures, fluid, ground motions, and
boundary conditions, so accurate hydrodynamic force can
be obtained by fluid-structure coupling analysis [18].
However, the calculation cost is too high, which is not
suitable for engineering. The simplified hydrodynamic cal-
culation method based on the radiation wave theory pro-
posed by Liaw and Chopra [19] can meet the requirements
and accuracy of engineering [20]. According to the radiation
wave theory, when considering the compressibility of water,
earthquake-induced hydrodynamic force is a frequency
dependent function. Du et al. [21] proposed an accurate and
efficient time-domain model to transform while many re-
searchers find that water compressibility can be ignored in
problems for relatively flexible and slender structures such as
bridge piers and piles [19, 22]. Later, Li and Yang [23], Jiang
etal. [24], and Wang et al. [25] studied the fitting calculation
formulas for circular cylinders in incompressible and
nonviscous fluid based on the radiation wave theory. In
bridge engineering, most of the underwater components are
columns with noncircular cross sections. Zhao et al. [26]
established a simplified formula for the hydrodynamic force
of rectangular column by curve fitting numerical solution.
Huang and Li [27] studied the influence of water on the
dynamic response of bridge pier. Based on the above re-
searches, the influences of pile-soil and water-structure
interaction on deep-water continuous rigid frame bridge in
reservoir area was analyzed by Wu et al. [28].

However, there still lack of research which discusses the
effect of water-structure and pile-structure interaction on
the dynamic response of actual sea-crossing engineering
projects, especially for the most commonly and widely used
continuous girder bridge [29]. Therefore, in this paper, on
the foundation of previous researchers, based on the Hong
Kong-Zhuhai-Macao bridge engineering, the influences of
the water-structure interaction and pile-structure interac-
tion on the response of multispan continuous girder bridge
are examined.

2. Seismic Analysis Methodology

2.1. Hydrodynamic Force. For slender columns such as
bridge piers, it is reasonable that compressibility and vis-
cosity of water and the free surface waves can be neglected
when calculating the earthquake-induced hydrodynamic
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force. Thus, based on the radiation hydrodynamic theory,
the water-cylinder interaction force can be expressed as
product of an added mass of water and the acceleration of
the cylinder. Namely, when considering water-structure
interaction, the dynamic equation of the structure is
expressed as

(M + M, {ir,} +[C {u} + [KJ{ug} = -[M + Mw]{iig},
(1)

where M; is the mass matrix of structure; M, is the added
mass matrix of hydrodynamic force, as it is related to the
elastic deformation of the structure; it is a spatially coupled
off-diagonal mass matrix; 7, is the acceleration vector of
structure; C; is the damping matrix of structure; u; is the
velocity vector of structure; K is the stiffness matrix of
structure; u; is the displacement vector of structure; and zi ; is
the ground motion acceleration vector.

Due to the oft-diagonal of M, there are difficulties in
engineering calculation. In the present literature, the pre-
cision of the centralized diagonalization method with rigid
column assumption meets the engineering requirement
[20]. Therefore, this paper adopts the above simplified
method to obtain the added mass of interaction.

The cross section of the bridge pier is nearly rectangular.
The two sides of the rectangular section are a and b, re-
spectively, where a is the length of the side perpendicular to
the direction of the ground motion. The simplified formula
of the added mass at height y from the bottom of the water
can be expressed as [26]

m,, = 4pa’d, [1 - %edz(y/hf 1)], (2)

in which p is the density of water; h is the depth of water; d;
and d, are fitting coefficients, and the expressions are as
follows:

2a my a -1.012
d, = ml(—> + o.412<—) +0.952.

h b
2a -1.26
d, = n1<?> +n,.
a\-1.092
my = —0.35<E> —-0.198.

(3)

m, = 0.766e"0471a/b _ ¢ 785 ,~1-401alb.

a\? a
n, = —0.0157<E> + 0.1945 + 0.846.

a\? a
n, = 0.004(E> - 0.05335 + 2.143.

2.2. Pile-Soil Interaction. Numerical analysis and simplified
method are commonly used to analyze pile-soil dynamic
interaction [30]. Using 2D or 3D continuum numerical
simulation tends to be much more computationally con-
suming and the result is not easy to converge [31]. As this
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paper mainly focuses on the dynamic response of bridge
structure, simplified method is adopted to consider the pile-
soil interaction. Most simplified models are put forward
based on beam on nonlinear Winkler foundation, among
which p-y method is the most widely used and has relatively
high accuracy [32]. The method of p-y curves generally refers
to the general terms including p-y element (simulating the
lateral pile-soil action), t-z element (simulating the axial
friction), and g-z element (simulating the pile tip resistance).

The formula of p-y curve of the same pile foundation is
different for different soils. Here is a brief introduction to
formulas for clay and sand, respectively, which are used in
this paper. For clay under cyclic loading, the ultimate soil
resistance (p,) per unit length of pile is [33]

r' J
(3 + C—x + Dx)cuD
! (4)

p, = min s
9¢, D

where r' is the effective weight of soil; ¢, is the undrained
shear strength of soil; x is the depth of pile node; J is a
constant and is taken as 0.5 according to recommendation.
D is the diameter of pile. The force-displacement curve of p-y
element is expressed as

p y 1/3
<3ys9: — =05 =—
4 Js0 pu <)’50>

X
=3y50<y<15y5: p= O.72pu(x—)

r

X< X,:

¥ >3ys50:
= y>15y5,: The same constant

x>x,: p=0.72p,
(5)

where y is pile deformation; ys is the lateral displacement of
pile at half of the ultimate soil resistance, and y5, = 2.5¢5,D,
&5 is the strain of soil at half of the maximum theoretical
stress; p is the soil resistance; x, is the critical depth and

defined as [34]
x, = (ﬂ) (6)
yD+Jc,

For the p-y curve of sand under cyclic load, the ultimate
soil resistance (p,,) is also determined first. Combining the
simple wedge-type failure model and flow-through type
failure model, p,, is given by

C
(Bl + C2>r'x
p, = min , (7)
Cyr'x

where C, C, C; are the coeflicients that change with the
friction angle, and the values are referenced to American
Petroleum Institute (API) recommendations [34]; the
meanings of the same parameters are as above.

The force-displacement curve of p-y element is expressed
as

p= aputanh@fy), (8)

u

where a is the correction coeflicient, with a value of 0.9; k is
the initial modulus of subgrade reaction.

The t-z curve of clay used in this paper is briefly de-
scribed as follows. The ultimate friction resistance ( f ) is

fmax = @€, <263kPa. (9)

The force-displacement curve is defined as follows:

( R
0.593157 % ——, R<0.12
0.12
R R<0.74
I — 1 (0.095155 +0.892937 * R)’ -
fmax
0.978929 — 0.115817 * (R —0.74), R<2.0
| 0.833, R>2.0
(10)

where f is the soil resistance; R is relative deformation, and
R =100 * /D, where z is the deformation of pile [35].

The t-z curve of sand is described as follows. The ultimate
friction resistance is [32]

£ nax :Kaxﬁtan<2¢), (11)

where K is pressure coefficient of soil; o, is the effective
vertical stress of soil; ¢ is the friction angle of soil [36].
The force-displacement curve is defined as follows:

z z
f = fmax<2 ﬁ _ﬁ> (12)

The g-z curve of sand at pile top is briefly described as
follows. The ultimate resistance is [31]



4
127 ,
qmax = ?qmax
57.5 % Ngpy  0< Ngpy <50 (13)
!
Imax =
2900 Nepp > 50
4 1.079x 10 x R* +3.558 x 10~°
qmax

where g is the resistance of soil.

For pile group foundation, when pile spacing is less than
eight times the pile diameter, the so-called pile group effect
needs to be considered generally [37]. Pile group effect refers
to the phenomenon that the bearing capacity of pile group is
less than the sum of the capacity of single pile [30]. In this
paper, the widely used “p-multiplier” method is applied to
consider the pile group effect [38], and the parameter values
are determined by referring to the experiment conducted by
Brown et al. [39].

3. Bridge Model and Analysis Cases

3.1. Prototype and Numerical Model of Bridge. A six-span
continuous girder bridge at the nonnavigable spans of the
Hong Kong-Zhuhai-Macao link is adopted as the example in
this study. Actually, the site conditions, heights of pile
foundation, and bridge piers have some differences along the
longitudinal direction of the bridge. Here the differences are
ignored, and the soil is simplified as layered soil. For the
influence of adjacent bridge spans, only the weight of girder
is considered. The bridge has six spans of 85 m each, so the
total length is 510 m. The dimensions of the bridge and its
main sections are shown in Figure 1. The main girder is
arranged in two parts with the cross section of steel-concrete
composite box, the steel deck is the Q345qD steel [40], and
the concrete is the C60 concrete [41]. The bearing is the lead
rubber bearing (LRB). The bridge pier is rectangular hollow
with one longitudinal web, the longitudinal reinforcement is
HRB335 [42], and the concrete is C50 [41]. The bridge cap is
connected with 2 x 3 reinforced concrete pile foundation,
and the pile is made of C35 concrete [41].

The pier is located in an environment where the normal
water level is about 20 m. The site conditions of the soil layers
where the pile foundation is located are shown in Figure 2,
and the main mechanical parameters of soil are shown in
Table 1. The three-dimensional finite element model of the
bridge is implemented in the commercial finite element
software ABAQUS, as shown in Figure 3. Beam elements are
used for main girders, piers, and pile foundations, among
which elastoplastic damage model is used for concrete
material and elastic model is used for reinforcement. The
bearings are simulated by bilinear connection elements. The
pile-soil interaction is represented by nonlinear springs
based on the p-y method described above.
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where Ngpr is the blow count of standard penetration test
(SPT).
The force-displacement curve is defined as follows:

X R —4.512x 107 x R* + 0.349 x R, (14)

3.2. Ground Motions and Analysis Cases. According to
Figure 2 and Table 1, the average velocity of shear wave in
the top 30 m of soil (v,) in the bridge construction site is
103 m/s. Three ground motion records are selected from
the PEER Strong Motion Database [42], and v, of the
records ranges from 114 m/s to 133 m/s. The three records
are the EW component of Chuetsu-oki seismic record
measured at MYGO17 station in 2007, the 90° component of
Yountville seismic record measured at APEEL 2-Redwood
City station in 2000, and the EW component of Niigata
seismic record measured at KNGO002 station in 2004. Be-
sides, the peak ground accelerations of the above records
are uniformly adjusted to 2m/s>. The time history of ac-
celeration and the Fourier amplitude spectrum of Chuetsu-
oki record are shown in Figure 4.

The free ground seismic response of layered soil is ob-
tained by EERA analysis. Here, only the longitudinal bridge
response is considered, so the free field response at the
corresponding soil depth is input at the free end of the p-y
elements.

Four cases are considered in the paper, as shown in
Table 2. When pile-soil interaction is not considered, the
model is consolidated at the bottom of the piers.

4. Numerical Results and Discussions

4.1. Influence of Water-Structure Interaction. By comparing
the responses of Case 1 and Case 2 in Table 2, the influence of
water-structure interaction which neglects pile-soil inter-
action is obtained. Figure 5 shows the time history of ab-
solute displacement of pier No. 4 at top under Chuetsu-oki
record. It can be found that the hydrodynamic force slightly
changes the dynamic response of the structure. The periodic
characteristics, the amplitudes, and time of the peak re-
sponse are all changed. Combining with Table 3 (the fun-
damental periods and corresponding change rates of bridge
under cases), the elongation ratio of hydrodynamic force to
the fundamental period is 1.8%.

Figure 6 shows the bending moment envelopes of piers
No. 1 and No. 4 under the excitation of Chuetsu-oki records.
As can be seen, the responses of bending moment along the
whole height are slightly increased by the hydrodynamic
force. In order to reflect the influence more intuitively, the
discrepancy rate of response is defined as follows. The av-
erage value of maximums of the envelopes under the three
seismic excitations is denoted as the peak response value
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TaBLE 1: Main parameters of soil layers.
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of the structure, the rates of pier Nos. 1 and 5, pier Nos. 2 and
6, and pier Nos. 3 and 7 are similar, so only the rates of pier
Nos. 1 to 4 are listed in the table. The discrepancy rates of
displacement and bending moment are both within 5%, and
the rates of bending moment are slightly less than those of
displacement.

By comparing the responses of Case 3 and Case 4 in
Table 2, the influence of water-structure interaction is ob-
tained when pile-soil interaction is considered. According to
Table 3, the elongation ratio of hydrodynamic force to the
fundamental period is 1.6%, which is slightly lower than that
when pile-soil interaction is ignored.

Figure 7 shows the envelopes of relative displacement of
pier Nos. 1 and 4, and Figure 8 shows the displacement of
corresponding pile No. 1. The pile foundation numbers are

shown in Figure 1. As can be seen, the hydrodynamic force
slightly reduces the deformation of the piers along the whole
height, while moderately increases the deformation of the
piles. The response discrepancy rates for Case 4 and Case 3
are listed in Table 5. It can be seen that the reduction effect of
water-structure interaction on pier deformation is within
5%; meanwhile the enlargement effect on pile is in a range of
7%~14%.

Figure 9 shows the envelopes of bending moment of pier
Nos. 1 and 4, and Figure 10 shows the bending moment of
corresponding pile No. 1. As can be seen, the hydrodynamic
force changed the response of piers and piles which may
increase or decrease in the height range of the components.
Combined with Table 5, the change rates of piers are all
positive and within 5%; that of pile foundation could be
positive or negative, and the absolute value is less than 10%.

By comparing the responses of displacement and
bending moment, it can be found that the influence of
hydrodynamic force on displacement is greater than that of
bending moment. By comparing the responses of bridge pier
and pile foundation, it can be found that the effects of water-
structure interaction on the two are not consistent; that is,
hydrodynamic force may increase the responses of piles
while decreasing the responses of piers, and the opposite is
also true. However, the influence on pile response is greater
in the degree than that of bridge pier. Through the above two
comparisons, it is apparent that, considering pile-soil in-
teraction, the influence of hydrodynamic force on bridge
response is greater.

4.2. Influence of Pile-Soil Interaction. Based on the responses
of Case 1 and Case 3, the influence of pile-soil interaction
without water surrounded is studied. Figure 11 is the time
history of bending moment at the bottom of pier No. 4. It
can be seen that pile-soil interaction significantly changed
the bending moment response of the structure. And the
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TaBLE 2: Cases analyzed.

Case number

Depth of water (m)

Pile-soil interaction

1 0.0 None
2 20.0 None
3 0.0 Being
4 20.0 Being
20
—_ Casel
E 10}
S
X 0
g 0t 15
k]
g 20 1 1 1 1 1
£ 20
= Case2
2 10} 10.10
2
L
E 0
o
2 -10 |
=
_20 1 1 1 1 1
0 10 20 30 40 50 60
Time [s]
FIGURE 5: Absolute displacement time histories of pier No. 4 in Cases 1 and 2.
TaBLE 3: Fundamental periods and the elongation ratios.
Item Case 1 Case 2 Case 3 Case 4
Fundamental period (s) 1.71 1.74 3.18 3.23
Change rate (%) — 1.8 (relative to Case 1) 86.0 (relative to Case 1) 1.6 (relative to Case 3)
1.0 1.0 o .
distribution of Case 1 is closer to the first-order mode shape,
£ 08 £ 08 while that of Case 3 is partly closer to a line distribution. The
3z 3z response discrepancy rates for Case 3 and Case 1 are listed in
g 06 g 06 Table 6. It can be seen that pile-soil interaction significantly
5 B reduces the peak response values of deformation and
'z 04 'z 04 . . .
g g bending moment of bridge pier, and the absolute values of
g 02 g 02 discrepancy rates of displacement are less than 30%, while
those of the bending moment are nearly 70%.
0.0 0.0 According to the displacement time histories of the main
0 10 20 30 40 0 10 20 30 40

Bending moment (107 N'm) Bending moment (107 N'm)

—— Casel
--- Case2

—— Casel
--- Case2

FIGURE 6: Bending moment envelopes of piers in Cases 1 and 2.

periodic characteristics, the amplitude, and time of the peak
response are all changed dramatically: the period increases
while the peak value decreases significantly. Combining with
Table 3, the elongation ratio of pile-soil interaction to the
fundamental period is 86%.

Figure 12 shows the deformation envelopes of pier Nos. 1
and 4 relative to bottom of respective pier. It can be observed
that there are some differences in the displacement distri-
bution of the piers in the two cases. The displacement

girder relative to the pier top, as shown in Figure 13, it
appears that the peak response of Case 3 is slightly smaller
than that of Case 1, and the vibration periods are signifi-
cantly different. It seems pile-soil interaction slightly reduces
the relative displacement response of the main girder.

Based on the response of Case 2 and Case 4, the influence
of pile-soil interaction with the consideration of hydrody-
namic force is analyzed. The envelopes of bending moment
under earthquake are drawn in Figure 14. Apparently, pile-
soil interaction still significantly changes the response of the
piers. Furthermore, the response discrepancy rates for Case
4 and Case 2 are listed in Table 7. The reduction rates of
deformation and bending moment are as high as 35% and
67%, respectively. Combined with Table 6, it is recognized
that hydrodynamic force moderately intensified the re-
duction effect of pile-soil interaction, and the influence on
displacement is more obvious.
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TaBLE 4: Response discrepancy rates for Case 1 and Case 2 (%).

Rate 1# 24 3% 4#
Displacement 1.3 2.4 2.8 34
Bending moment 1.4 2.2 2.7 3.0
1.0 1.0 P
/
V,
fp 0.8 F?P 0.8 +
Q) L
< <
2 0.6 2 0.6}
i‘g) 1# pier i‘q) 4# pier
2 04 2 04f
& &
5 L
£ £
02 5 02t
0 2 4 6 8 10 0 2 4 6 8 10
Relative deformation (cm) Relative deformation (cm)
—— Case3 —— Case3
--- Case4 --- Case4
Ficure 7: Displacement envelopes of piers in Cases 3 and 4.
1.0 1.0
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L Q
< <
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% 04 % 0.4
= =
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E 02 Z 02
0.0 0.0
0 2 4 0 1 2 3 4
Relative deformation (cm) Relative deformation (cm)
—— Case3 —— Case3
--- Case4 --- Case4
FIGURE 8: Displacement envelopes of pile No. 1 in Cases 3 and 4.
TaBLE 5: Response difference rates for Case 3 and Case 4 (%).
Item 1# 24 34 4#
Pier Displacement -4.6 -4.2 -39 -3.7
Bending moment 2.8 2.9 31 3.0
Pile Displacement 13.1 11.2 11.0 7.3
Bending moment 2.7 -3.0 3.9 -8.4

The above results suggest that the pile-soil interaction
significantly changes the seismic response of the bridge:
the vibration period of the structure is significantly
prolonged; the maximum values of the pier displacement
and bending moment are significantly reduced, and the
change of bending moment is more prominent than the
displacement. While the influence on the peak value of
relative displacement of the girder is limited, the reason
may be related to the use of LRB. When water-structure
interaction is ignored, the influence of pile-soil

interaction will be underestimated, especially for struc-
tural deformation.

Both the hydrodynamic force and pile-soil interaction
prolong the period of structural vibration, and the pile-soil
interaction has much greater influence. When the soil-
structure interaction is neglected, water-structure interac-
tion will increase the structure response; when soil-structure
interaction is considered, the influence of hydrodynamic
force is complex. From the perspective of pile-soil inter-
action, hydrodynamic force may increase the influence.



Advances in Civil Engineering

1.0 1.0
f" 0.8 E‘) 0.8
Q Q
= =
2 06 2 0.6
= =
g g
3z 0.4 3 0.4
=) =
£ £
A 02 A 02
0.0 0.0
0 4 8 12 16 0 4 8 12 16
Bending moment (107 N'm) Bending moment (107 N'm)
—— Case3 —— Case3
—--- Case4 —--- Case4

FIGURE 9: Bending moment envelopes of pier No. 4 in Cases 3 and 4.
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FIGURE 11: Bending moment time histories of pier No. 4 in Cases 1 and 3.
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TaBLE 6: Response difference rates for Case 1 and Case 3 (%).

Item

1#

2# 3% 4#

Displacement
Bending moment

-17.8
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FIGURE 13: Displacement time histories of beam relative to pier No. 4 in Cases 1 and 3.
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FIGURE 14: Bending moment envelopes of piers in Cases 2 and 4.
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TaBLE 7: Response difference rates for Case 2 and Case 4 (%).

Rate 1# 2# 3# 4#

=22.7 -23.0 -26.6 -34.3
-60.7 -59.3 -62.2 -66.5

Displacement
Bending moment

5. Conclusions

This paper presents a study on the dynamic response of sea-
crossing continuous girder bridge. By comparing the nu-
merical results obtained from different cases, the influences
of water-structure interaction and pile-soil interaction are
preliminary investigated and discussed. The main conclu-
sions are drawn.

The vibration periods and dynamic responses of the
structure are slightly affected by water-structure interaction.
This effect could be increased when pile-soil interaction is
considered simultaneously. Compared with the pier, the
influence of hydrodynamic force on pile is more significant.
Compared with the bending moment, the displacement
response is more influenced.

The vibration periods and dynamic responses of the
structure are severely affected by pile-soil interaction. The
vibration periods are obviously prolonged. The responses of
deformation and force are reduced, and the bending mo-
ment is more affected than the displacement. The usage of
isolation bearings may lead to slight impact on main girder.

The influence of pile-soil interaction is much more
significant than that of hydrodynamic force. Meanwhile, the
effect of coaction of the two is not a simple superposition of
action alone, so the seismic analysis of such bridge should
consider both effects.

The pile-soil interaction has obvious reducing effect in
this study. Combined with the existing research, the pile-soil
interaction may magnify the seismic response of structure.
Therefore, the influence of pile-soil interaction is complex,
and the effect cannot be generalized.

It should be noted that the difference of ground motion
intensity, near-field earthquake, and vertical seismic exci-
tation are not considered in this paper. As the notable in-
fluences of these factors have been proved for on-land
bridge, they will be considered in the subsequent studies on
the seismic responses of the offshore bridge.
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The floor heave problem is one of the important factors affecting the stability and safety of surrounding rocks of roadways,
especially in deep high-stress mining roadway with soft rock. The return airway of no. 130203 working face in Zaoquan Coal Mine
of Ningdong Mining Area in Northwest China is the research object in this study. Firstly, an innovative “relief-retaining” control
scheme of floor heave is proposed, which is the comprehensive measure of “cutting groove in floor + drilling for pressure relief at
roadway side + setting retaining piles at the junction of roadway side and floor.” Then, the specific parameters suitable for floor
heave control of no. 130203 return airway are determined using numerical simulation method. Finally, the yield monitoring
results show that both the deformation of surrounding rocks and the cable force are significantly reduced. The roof falling
capacity, floor heave displacement, and thickness increasing value of 0-2m floor strata are 596 mm, 410 mm, and 82 mm,
respectively, which are 43.67%, 67.49%, and 75.38% less than those of the control section. The maximum force of cables at roadway
sides is 140.13 kN, about 32.54% less than that of the control section. The results verify the reliability of the proposed “relief-

retaining” control scheme and can provide some reference for the floor heave control of similar roadways.

1. Introduction

After excavation of mining roadway, the phenomenon of
upward heave of roadway floor is called floor heave. Floor
heave will reduce the roadway section, hinder pedestrians
and transportation, and hinder the mine ventilation. Many
mines have to invest a lot of manpower and material re-
sources to do temporary processing work such as “digging
the bottom.” Seriously, it will cause the whole roadway to be
scrapped and affect the safety of mine production [1-5].
Therefore, it is of great significance to study the floor heave
control of mining roadway.

In order to control the floor heave problem effectively,
many scholars have conducted a lot of exploration, and
many floor heave prevention and control technologies are
proposed. For example, He et al. [6] proposed the bolt, steel
mesh, and anchor coupling support technology for the floor
heave of deep coal roadway, which controlled the large
deformation and floor heave of deep coal roadway

effectively. Sun and Wang [7] studied the control method of
floor heave by the way of roadway cutting groove to relieve
pressure, which improved the stress state of the floor ef-
fectively. Aiming at the deformation and failure charac-
teristics of mining roadway, Bai et al. [8] put forward to
strengthen the floor and reduce the stress environment of
surrounding rocks for the control measures of floor heave,
and the control effect is remarkable. Li [9] proposed rein-
forcement floor and bottom angle control method for floor
heave of roadway, which laid the foundation for further
study of floor heave control. Wang et al. [10] studied the
floor heave control method of high-stress soft rock roadway,
took the triple roadway of the main belt conveyor roadway in
the west wing of Panyidong Mine as the research object, and
proposed the floor heave control scheme based on end
anchor cable bundle, which provided solutions and ideas for
the floor heave problem of high-stress soft rock roadway.
Chen et al. [11] proposed the floor heave control technology
of soft rock roadway with “floor anchor +floor
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hardening + relief groove +roof and side anchor (cable)
supplement” and achieved good engineering application
results. Wang et al. [12] proposed the support concept of
strong bottom reinforcement and modified the support
parameters in a timely manner by dynamic analysis
according to the degree of floor heave, which provided a
theoretical basis for the treatment of floor heave. Stankus
and Peng [13] proposed the supporting theory of coupling of
yielding support and rigid support and designed and applied
the retractable floor beam, which achieved good economic
and technical results. Many scholars have done a lot of
research on floor heave control, mainly focused on the
aspects of reducing surrounding rocks stress [14-17] and
increasing floor integrity [18-23], and achieved good control
results.

However, due to the complex diagenetic conditions of
Ningdong Mining Area in northwest China, the cohesion of
coal and rock is low, the internal friction angle is small, the
stress level of surrounding rocks is high, the roadway floor
has continuous deformation, and the floor heave is very large
[24-27]. The application effect of the existing floor heave
control method in Ningdong Mining Area is limited. The
method of floor heave control suitable for high-stress
roadway with soft rock needs further exploration, especially
in Ningdong Mining Area.

Based on the typical large deformation roadway with soft
rock in Zaoquan Coal Mine of Ningdong Mining Area, this
paper puts forward the innovative “relief-retaining” control
scheme of floor heave, and the specific parameters suitable
for floor heave control of no. 130203 return airway are
determined using numerical simulation method. Field
monitoring results verify the reliability of the proposed
“relief-retaining” control scheme and can provide some
reference for the floor heave control of similar roadways.

2. Engineering Background

Zaoquan Coal Mine in Ningdong Mining Area, as the main
production mine of Ningmei Group with an annual output
of 8 million tons, is located at the edge of Maowusu Desert
62 km southeast of Lingwu City, Ningxia, and the specific
geographical location is shown in Figure 1. The length of the
minefield is 13 km from north to south, and the width from
east to west is about 4 km on average. The minefield area is
56.6982 km?, and the geological reserves are 10.6574 million
tons.

The research object of this paper is no. 130203 return
airway in Zaoquan Coal Mine. The depth of roadway is
670 m, the vertical stress is about 16.75 MPa, the recoverable
length of strike is 2832m, and the inclined length is
198~225 m. There are 5~15m coal pillars on the east side of
the working face adjacent to the goaf of no. 130202 working
face. The west side is the no. 130205 preparation face under
excavation, the south side is the undeveloped area, and the
north side is the extension section of 13 mining areas.
Through the in situ stress test of the return airway in 130203
working face, the results show that the maximum horizontal
principal stress of the roadway is 11.65 MPa, which belongs
to the area of medium stress value.
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The strata of no. 130203 working face coal seam are
Middle Jurassic Yan’an Formation. The floor is a typical soft
stratum, which is mainly the carbonaceous mudstone and
argillaceous sandstone, and the uniaxial strength is between
17 MPa and 23 MPa. The soft strata of the floor lead to the
serious floor heave problem of the roadway under the in-
fluence of the high surrounding rocks stress of the floor
during the tunneling and mining of the no. 130203 roadway,
which affects the normal mining of the mine. The floor heave
deformation of the roadway is shown in Figure 2.

3. “Relief-Retaining” Control Scheme of
Floor Heave

3.1. Control Scheme

3.1.1. Cutting Groove in the Floor. The loose pressure relief
groove is arranged near the center of roadway floor in the
test area. In order to minimize the disturbance of sur-
rounding rocks outside the pressure relief groove, the
pressure relief groove is produced by smooth blasting, and
the sectional drawing and vertical view are as shown in
Figure 3.

3.1.2. Setting Retaining Piles at the Junction of Roadway Side
and Floor. The retaining pile is inclined to the outside of the
roadway at a certain angle in the horizontal direction. The
retaining pile is made of steel pipe, cement, and sodium
silicate slurry. By drilling a hole at a predetermined position,
installing a steel pipe in the hole and installing an anchor
cable inside the steel pipe, injecting cement and water glass,
and then applying a certain preload to the anchor cable after
solidification, the fabrication of retaining pile can be
completed. The sectional drawing and vertical view are as
shown in Figure 4.

3.1.3. Drilling for Pressure Relief at Roadway Side.
Large-diameter pressure relief boreholes are arranged in the
solid coal side to transfer the peak value of lateral abutment
pressure to the deep coal side. At a certain height from the
floor of the roadway, two rows of large-diameter boreholes
are constructed along the roadway direction, which are
arranged in three-flower-hole layout. For the convenience of
site construction, a certain elevation angle can be brought in
the borehole construction. The borehole diameter is gen-
erally 130 mm, and the sectional drawing and vertical view
are as shown in Figure 5.

3.2. Parameter Selection

3.2.1. Simulation Scheme and Modeling. The “relief-retain-
ing” control scheme of floor heave mainly involves the
following parameters: the depth and width of pressure relief
grooves, the length and spacing of retaining pile, and the
depth and spacing of large-diameter pressure relief bore-
holes in solid coal side. By comparing the construction
examples of mines with similar geological conditions, the
numerical simulation scheme is shown in Table 1. Physical
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FiGure 1: Floor heave of return airway in no. 130203 working face.
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FIGURE 2: Floor heave of return airway in no. 130203 working face.

and mechanical parameters of retaining pile are shown in
Table 2.

This section takes the geological and mining conditions
of no. 130203 return airway in Zaoquan Coal Mine as the
background, adopts FLAC3D numerical software, selects no.
130203 working face as the engineering prototype, and
selects the length of X horizontal direction 200 m, the length
of Y horizontal direction 50 m, and the length of Z vertical
direction 150m to establish the numerical calculation
model. The coarse sandstone is the upper boundary of the
model, and the medium sandstone is the lower boundary of
the model. The strata from top to bottom are coarse
sandstone, siltstone, coal, mudstone, fine sandstone, and

medium sandstone. The buried depth of field roadway is
about 700 m, and 17.5 MPa uniform compressive stress is
applied on the upper boundary of the model. The specific
shape of roadway section is selected as rectangular roadway,
and the roadway size is 5.0 m x 4.0 m. The specific model is
shown in Figure 6.

The left and right, front and back, and lower boundaries
of the model are displacement boundaries, and the top of the
model is stress boundary conditions. The mechanical pa-
rameters of coal and rock in the model are shown in Table 3.

3.2.2. Modeling Results

(1) Cutting Groove in the Floor. The deformation and stress
distribution of roadway surrounding rocks with different
width of cutting grooves in the floor are shown in Figure 7.

It can be seen from Figure 7 that when the depth of
cutting groove is constant, with the increase of the width of
cutting groove, the deformation compensation space of the
floor surrounding rocks increases, and the floor heave
displacement of the roadway decreases gradually. In par-
ticular, when the width of cutting groove is not more than
0.6 m, the floor heave displacement decreases rapidly. When
the width of cutting groove is more than 0.6 m, the floor
heave displacement decreases slowly with the increase of the
width of cutting groove. It can be seen that when the cutting
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FIGURE 5: Large-diameter pressure relief drilling schematic diagram of solid coal side. (a) Sectional drawing; (b) vertical view.

TaBLE 1: Numerical simulation scheme for control scheme of floor heave.

Control technologies and parameters Scheme 1 Scheme 2 Scheme 3
Pressure relief grooves ‘ll);igtﬁ Ernri)) (2)2 (2)(6) gg
Retaining piles Sg:giilg(zrrz) (3)2 ig i(S)
Large-diameter pressure relief boreholes 81;:3:) itrlllg(glg) é% 11 (()) 11 g

groove is set to control the floor heave, the width of cutting
groove should not exceed 0.6 m.

(2) Setting Retaining Piles at the Junction of Roadway Side
and Floor. The deformation and stress nephogram of
roadway surrounding rocks with different spacings of
retaining piles are shown in Figure 8.

From Figure 8, it can be seen that the floor heave dis-
placement increases with the increase of the spacing of
retaining piles, and the increase trend decreases gradually.
When the spacing of retaining piles exceeds 1.0 m, the in-
crease of the spacing of retaining piles has little effect on the
improvement of floor heave control. From the economic
point of view, too small spacing of retaining piles will also
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TaBLE 2: Physical and mechanical parameters of retaining pile.

Name Diameter (mm) Density (kg:m™?) Elastic modulus (GPa) Poisson ratio
Retaining piles 50 2500 35 0.2
ke
X
FIGURE 6: Numerical calculation model diagram of no. 130203 working face.
TasLE 3: Physical and mechanical parameter table of numerical model materials.
. . Tensile Elastic Internal
Lithology Denm_t;f Compressive strength modulus Igternal friction angle Poisson ratio
(kgm™) strength (MPa) (MPa) (GPa) cohesion (MPa) )
Medium grained 5, 21.76 0.61 11.73 1.62 32 0.25
sandstone
Gritstone 2360 28.39 0.83 21.35 1.83 36 0.21
Siltstone 2860 27.62 0.71 19.04 1.24 37 0.23
Mudstone 2620 17.36 0.56 9.60 0.86 34 0.24
Fine-sandstone 2510 23.30 0.96 14.37 1.36 47 0.21
Carbon 2650 17.36 0.56 8.03 0.47 27.25 0.24
mudstone
Coal 1310 11.65 0.47 8.71 0.50 26.36 0.23
Siltstone 2860 27.62 0.71 19.04 1.42 37 0.23

cause the increase of floor heave control cost. Therefore, the
simulation of the spacing of retaining piles in the no. 130203
working face of Zaoquan Coal Mine in Ningdong Mining
Area shows that the spacing of retaining piles is 1.0 m.

(3) Drilling for Pressure Relief at Roadway Side. The de-
formation and stress nephogram of surrounding rocks of
roadway with different spacings of pressure relief boreholes
are shown in Figure 9.

Figure 9 shows that the floor heave displacement in-
creases with the increase of the spacing of pressure relief
boreholes, and the increasing trend decreases gradually.
When the spacing of pressure relief boreholes exceeds 1.0 m,
the effect of pressure relief boreholes on floor heave control
is not obvious. At the same time, when the spacing is re-
duced, the setting of dense drilling will further increase the
control cost. Therefore, considering the control cost and
control effect, the spacing of pressure relief boreholes in no.
130203 working face of Zaoquan Coal Mine in Ningdong
Mining Area is 1.0 m.

In summary, the main parameters for determining the
“relief-retaining” control scheme of floor heave are as fol-
lows: the depth and width of pressure relief groove are 2.0 m
and 0.5 m, respectively. The length and spacing of retaining
piles are 3.0m and 1.0m, respectively. The depth and
spacing of large-diameter pressure relief boreholes at the
roadway side are 10.0 m and 1.0 m, respectively.

4. Analysis of Result

The scheme is implemented outside 200m of advanced
working face, and the roadway with similar geological
structure, surrounding rocks property, and coal pillar sizes
should be selected for test. The length of the test area is
200 m. The test area division and the corresponding station
layout are shown in Figure 10. The original support scheme
was used as the control section in the first 100 m, and the last
100 m was the test section of the “relief-retaining” control
scheme of floor heave in this paper. The monitoring results
are as follows.
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FI1GURE 7: Deformation and stress distribution of roadway surrounding rock with different floor cutting groove width. (a) Vertical strain of
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Advances in Civil Engineering

Vertical strain

5.6277E-01
5.0000E-01
4.5000E-01
4.0000E-01
3.0000E-01
2.0000E-01
1.0000E-01

0.0000E+00
-5.0000E-01
~7.0000E-01
Roadway -8.5000E-01
-1.0000E+00

Retaining
piles

Retaining
piles

()

Vertical strain

7.5240E-01
7.0000E-01
6.5000E-01
5.0000E-01
3.5000E-01
2.0000E-01
1.0000E-01
0.0000E+00

~5.0000E-01
Roadway ~7.0000E-01
~8.5000E-01
~1.0000E+00

Retaining
piles

(©)

Vertical strain

1.0579E+00
9.0000E-01
1 8.0000E-01
7.0000E-01
5.0000E-01
3.0000E-01
1.0000E-01
0.0000E+00
-5.0000E-01
-7.0000E-01
-8.5000E-01
-1.0000E+00

]
Retaining |
piles
Retaining
piles

(e)

Vertical stress

4.3374E+07
4.0000E+07
3.0000E+07
2.0000E+07
1.0000E+07
0.0000E+00
-1.0000E+07
-2.0000E+07
-3.0000E+07
-4.0000E+07
-5.0000E+07
-6.0000E+07
| -7.0000E+07

-8.0000E+07
Retaining
piles

-8.2601E+07

Retaining |
piles

Vertical stress

2.6632E+07
2.0000E+07
1.0000E+07
0.0000E+00
-1.0000E+07
-2.0000E+07
— -3.0000E+07

-4.0000E+07
Roadway

-5.0000E+07
-6.0000E+07
-7.0000E+07
-8.0000E+07
-8.1181E+07

Vertical stress

2.0926E+07
1.5000E+07
5.0000E+06
-5.0000E+06
-1.5000E+07
-2.5000E+07
-3.5000E+07
-4.5000E+07
-5.5000E+07
-6.5000E+07
-7.5000E+07
-7.6411E+0

Roadway

()

FI1GURE 8: Deformation and stress distribution of roadway surrounding rocks with different spacings of retaining piles. (a) Vertical strain of
0.5 m; (b) vertical stress of 0.5 m; (c) vertical strain of 1.0 m; (d) vertical stress of 1.0 m; (e) vertical strain of 1.5 m; (f) vertical stress of 1.5 m.



Vertical strain

1.0432E+00
9.0000E-01
7.0000E-01
5.0000E-01
3.0000E-01
| 2.0000E-01

1.0000E-01

0.0000E+00

N
| -7.0000E-01
Roadway | 4m | -8.5000E-01
~1.0000E+00

O«—+0+—»0
800 mm___ 800 mm

Vertical strain

1.1922E+00
9.0000E-01
7.0000E-01
5.0000E-01
3.0000E-01
2.0000E-01
1.0000E-01
0.0000E+00
-5.0000E-01
-7.0000E-01
-8.5000E-01
-1.0000E+00

S ————— Roadway

Borehole

O«—————+0«—————»0
1000 mm 1000 mm

Vertical strain

1.2137E+00
1.5000E+00
9.0000E-01
7.0000E-01
5.0000E-01
3.0000E-01

|  5m | 1.0000E-01
X L = < 0.0000E+00
: “S0000E 0L
——— Road -7.0000E-
oAi0A -8.5000E-01
10 m -1.0000E+00

1

Borehole

(o) O
1200 mm 1200 mm

(e)

Advances in Civil Engineering

Vertical stress

5.0211E+05
0.0000E+00
-5.0000E+06
-1.0000E+07

“15000E-+07
-2.0000E+07
-2.5000E+07
-3.0000E+07
-3.5000E-+07
-4.0000E+07
Goaf | _4'5000E+07
-5.0000E-+07
-5.5000E+07
-6.0000E-+07
-6.5000E+07
-7.0000E+07
7.5000+07
-7.5616E+07

Roadway

Borehole

O<———»0«———»0
800 mm 800 mm

(b)

Vertical stress

5.2156E+05

0.0000E+00

-5.0000E+06
-1.0000E+07
-1.5000E+07
-2.0000E+07
-2.5000E+07
-3.0000E+07
-3.5000E+07
-4.0000E+07

-4.5000E+07

|
Roadway ; -5.5000E+07
10m -6.0000E+07
-6.5000E+07
~7.0000E+07
-7.5000E+07
-8.0000E+07
-8.5000E+07
Borehole -8.7663E+07

O+————0«———0
1000 mm 1000 mm

Vertical stress

17619E+05

0.0000E+00

-5.0000E+06

-1.0000E+07

-1.5000E+07

-2.0000E+07

-2.5000E+07

-3.0000E+07

-3.5000E+07

-4.0000E+07

L -4.5000E+07

1 -5/0000E 07
e — -5.5000E+07
-6.0000E+07

-6.5000E+07

-7.0000E+07

-7.5000E+07

-8.0000E+07

Borehol -8.5000E+07
orehole -8.6371E+07

o
1200 mm 1200 mm

®

10 m

FIGURE 9: Deformation and stress distribution of surrounding rocks in mining roadway with different spacings of pressure relief
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strain of 1.2 m; (f) vertical stress 1.2 m.

4.1. Deformation Law of Roadway Surrounding Rocks.

The “cross-bonded method” was used to observe the surface
displacement of roadway surrounding rocks, the multipoint
displacement meter was used to observe the deep dis-
placement of roadway surrounding rocks, and the roof and
floor of roadway are the main monitoring object. The main
monitoring results are as follows.

(1) Deformation law of roadway roof and floor

With the mining of no. 130203 working face, the
surrounding rocks deformation of return airway
shows different changes. The monitoring results of
roof falling capacity and floor heave displacement of
each station are shown in Figures 11 and 12, re-
spectively. In order to facilitate data comparison, the
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data of each station are recorded at 120 m from the
working face.

It can be seen from Figure 11 that when the mea-
suring point is 80 m away from the working face, the
roof falling capacity of roadway is small. Within the
range of 80-30m from the working face, the sur-
rounding rocks of the roadway are affected by the
advanced abutment pressure, and the roof falling
capacity begins to increase significantly. When the
distance from the working face is within 30m, the
roof falling capacity of the control section is still
increased, and the speed of the roof falling capacity
of the test section is gradually slowed down. Thus,
the mining roadway is less affected by the mining of
the working face outside 80 m and is in the slow
deformation stage. The influence range of the ad-
vanced abutment pressure of the working face is
80 m ahead of the working face.

At the same time, by comparing the change of roof
falling capacity of each station, the maximum values
of the control section are 1366 mm and 1364 mm,
respectively, with an average of 1365mm. The
maximum values of roof falling capacity in the test
section were 598 mm and 594 mm, respectively, with
an average of 596 mm, which were 43.67% lower
than those in the control section, and the control
effect was obvious.

By comparing the change of floor heave displace-
ment of each station, it can be seen from Figure 12
that the deformation of floor heave in the initial test
section is slightly larger than that in the control
section, which is because the integrity of the floor is

)

reduced due to the initial construction. In the pro-
cess of approaching the working face, the floor heave
displacement of the control section increases rapidly,
while the increase of the test section is slow, indi-
cating that the measures of the test section begin to
play a key role. In addition, compared with the
monitoring data of each station, the maximum
values of the control section were 1257 mm and
1267 mm, with an average of 1262 mm. The maxi-
mum floor heave displacement of the test section was
414 mm and 406 mm, with an average of 410 mm,
which was 852 mm lower than that of the control
section, and the decrease was 67.49%, indicating that
the floor heave displacement of the test section was
significantly lower than that of the control section.

At the same time, it can be seen from the control
section that the floor heave displacement accounts
for a large proportion in the deformation of roadway
roof and floor. When the deformation of roadway
roof and floor is the largest, the floor heave dis-
placement accounts for about 48.16% of the roof to
floor convergence, while the floor heave displace-
ment of the test section accounts for about 40.99% of
the deformation of roadway, indicating that the floor
heave displacement of the test section is effectively
reduced due to the implementation of the “relief-
retaining” control scheme of floor heave, which has a
good control effect on the floor heave of roadway.

Deformation law of thickness increasing value of
0-2m floor strata

With the mining of working face, the deformation of
surrounding rocks of roadway floor has different
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FIGURE 12: Curve diagram of floor heave displacement at each station.

changes. The monitoring results of the average de-
formation of the surrounding rocks of the roadway
floor in the control section and the test section are
shown in Figure 13. Because the depth of the cable
claw at the deepest point of the multipoint dis-
placement meter of the roadway floor is 2m, the
monitoring data of the deep 2m position of the
roadway floor are compared and analyzed. At the
same time, in order to facilitate data comparison, the
data of each station are recorded from 120 m away
from the working face.

Comparing the average change of surrounding rocks
of roadway floor between the control section and the
test section, it can be seen that before 80 m from the
working face, the deformation trend of surrounding
rocks of roadway floor in the test section and the
control section is similar, but the deformation speed
of the test section is slightly smaller than that of the
control section. In the range of 80-50 m from the
working face, the deformation of the test section is
still very stable, but the deformation of the control

section increases sharply, and the deformation of the
surrounding rocks of the roadway floor in the test
section is much smaller than that of the control
section. Within 50 m, the deformation of the control
section slightly slowed down, while the deformation
of the test section was still relatively stable and
maintained at a low growth state.

From the monitoring data, it can be seen that
during the period from 120 m from the measuring
station to the working face until the working face is
pushed past the measuring station, the deforma-
tion of roadway floor surrounding rocks in the test
section was significantly reduced compared with
that in the control section. The maximum defor-
mation value of roadway floor surrounding rocks
in the control section was 333 mm, and the de-
formation value of roadway floor surrounding
rocks in the test section was 82 mm, which was
reduced by 75.38%, indicating that the effect of the
“relief-retaining” control scheme of floor heave
was significant.
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After monitoring the station, the deformation of
surrounding rocks in different layers of roadway
floor is counted, and the deformation of surrounding
rocks in different layers of roadway floor is shown in
Figure 14. It can be seen from Figure 14 that whether
the test section or the control section, the defor-
mation of surrounding rocks of roadway floor
gradually decreases with the increase of depth. By
comparing the deformation of surrounding rocks in
different layers of the test section and the control
section, it is found that the deformation of the test
section in each layer is smaller than that in the
corresponding layer of the control section. The
shallower the layer is, the more obvious the reduc-
tion effect of the test section scheme is. In particular,
the effect is the most obvious when the shallow part is
0-0.5m. The deformation reduction of the test
section is 155 mm, which is 75.61% lower than that of
the control section.

4.2. Stress Variation Law of Roadway Surrounding Rocks.
In the mining process of no. 130203 working face, the stress
of roadway surrounding rocks shows a certain change rule.
The MSC-400 cable dynamometer is used to monitor the
average stress of roadway surrounding rocks. The moni-
toring results of the control section and the test section are
shown in Figure 15. In order to facilitate data comparison,
the data of each station are recorded from 190 m away from
the working face.

It can be seen from the monitoring data that within the
range of 30-35m from the working face, the cable force in
the control section and the test section appears to be the
maximum. The maximum force of cable in the control
section appears at about 35 m from the working face, which
is about 206.06 kN. The maximum force of the cable in the
test section appears at about 30 m from the working face,
which is about 140.13kN. Compared with the control

section, the test section is reduced by 32.54%, indicating that
the “relief-retaining” control scheme of floor heave has a
certain effect on reducing the force of surrounding rocks.

4.3. Discussion. The analysis of the above monitoring results
shows that the deformation of the surrounding rocks of the
mining roadway is effectively controlled after the “relief-
retaining” control scheme of floor heave. The floor heave
displacement is reduced by 67.49%, and the cable force is
reduced by 32.54%. The stress environment and stability of
the surrounding rocks are significantly improved, which has
played a good demonstration role. The main reason is that
the “relief-retaining” control scheme of floor heave liberates
the deformation of floor, reduces the stress of surrounding
rocks, and effectively blocks the transmission of horizontal
stress, which will greatly reduce the deformation and stress
of floor.

Many studies have been carried out by many scholars on
the floor heave control of roadways with similar conditions
[4, 16, 28-31]. For example, Gu et al. [28] proposed the
combined support of bolt grouting and grooving to control
floor heave for the floor of return airway in 2407 working
face of high-stress roadway with soft rock in Yuhua Coal
Mine, Tongchuan, and the field monitoring showed that the
floor heave displacement was reduced by 61.5%. This not
only reduces the impact of horizontal stress but can also lead
to difficulty in repairing the floor. Compared with the above
scheme, the “relief-retaining” control scheme of floor heave
proposed in this paper can effectively reduce the stress
concentration degree of roadway side and resist the trans-
mission of horizontal stress of floor, so as to reduce the
influence of horizontal stress on floor strata. At the same
time, it can provide certain free space for floor deformation
and liberate the deformation of roadway floor, so the control
effect is better than the above scheme.

In summary, it can be seen that the mechanism of floor
heave is likely to be related to the horizontal stress and the
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stress concentration degree of roadway side and floor. For
example, the floor heave can be reduced to a certain extent
by reducing the stress concentration by implementing the
pressure relief of large-diameter boreholes on roadway side.
The next step will focus on these three factors to carry out the
related research on the mechanism of floor heave in high-
stress roadway with soft rock.

5. Conclusions

Based on the serious floor heave problem of no. 130203
working face return airway in Zaoquan Coal Mine of
Ningdong Mining Area, an innovative “relief-retaining”
control scheme of floor heave is designed, and the specific
parameters suitable for floor heave control of no. 130203
return airway are determined; then the feasibility of the
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technical scheme is verified by engineering practice in the
field. The main conclusions are as follows.

(1) Taking the typical high-stress soft rock roadway with
large deformation in Zaoquan Coal Mine of Ning-
dong Mining Area as the background, the “relief-
retaining” control scheme of floor heave is proposed,
which is the comprehensive measure of “cutting
groove in floor +drilling for pressure relief at
roadway side + setting retaining piles at the junction
of roadway side and floor.”

(2) The specific parameters suitable for floor heave
control of no. 130203 return airway are determined
using numerical simulation method. The depth and
width of pressure relief groove are 2.0 m and 0.5m,
respectively. The length and spacing of retaining
piles are 3.0 m and 1.0 m, respectively. The depth and
spacing of large-diameter pressure relief boreholes
are 10.0m and 1.0 m, respectively.

(3) By conducting “relief-retaining” control scheme,
field monitoring results show that the average roof
falling capacity is 596 mm, and the average floor
heave displacement is 410 mm, which are, respec-
tively, 43.67% and 67.49% less than the control
section. The maximum force of cable is about
140.13 kN, which is 32.54% less. The deformation
and failure of roadway surrounding rocks, especially
floor heave, are well controlled.
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Based on the modulus inversion theory and the equivalent principle of deflection basin, by analyzing the deflection basin data of
each structure layer measured by the FWD, the obtained equivalent resilient moduli of different structural layers in three different
structures (a semirigid type Asphalt pavement and two inverted asphalt pavements) were compared. At the same time, the
calculated equivalent resilient modulus of the top surface of the structural layer based on the inversion method was used to modify
the existing theory formula. The results show that, with the inversion method and the theoretical calculation method, the
calculated equivalent resilient modulus of the top surface of the cushion layer has a small error, but the theoretical calculation
method overestimates the equivalent resilient modulus of the top surface of the cement stabilized crushed stone layer and the top
surface of the graded crushed stone transition layer, especially for the inverted asphalt pavement; by contrast, the corresponding
result of the inversion method is closer to the value in actual engineering. While determining the equivalent resilient modulus of
the cushion layer, the influence of the thickness of the cement stabilized crushed stone layer needs to be considered, and the
inverted asphalt pavement structure should adopt a thicker asphalt layer to reduce the modulus deviation; at the same time, the
more the structural layers and the larger the difference in the interlayer modulus ratio, the larger the deviation of equivalent
resilient modulus of the top surface of the base layer; for the inverted asphalt pavement and semirigid asphalt pavement, the
correction coefficients of the calculation formula of the equivalent resilient modulus of the top surface of cement stabilized gravel
layer are 0.35~0.55 and 0.65~0.75, respectively. The inversion method can be used to determine the equivalent resilient modulus of
each structural layer of the inverted asphalt pavement and semirigid asphalt pavement, and its results can provide a basis for the
design of the structure reconstruction of asphalt pavement.

1. Introduction

During the road reconstruction design of pavement, it is
necessary to know the equivalent resilient modulus of the
existing pavement or the top surface of the foundation. In
fact, the equivalent resilient modulus is characterized by the
ability to resist the load of a multilayer system composed of
soil foundation, graded crushed stone, and cement stabilized
crushed stone; these materials have different modulus and
thicknesses. Therefore, it is necessary to transform the
multilayer structure system into a 2-layer or 3-layer
equivalent semi-infinite homogeneous space system
according to the equivalent physical principle of deflection
value and flexural stress [1-3]. At present, most studies

mainly focus on solving the equivalent resilient modulus of
the foundation or the cement concrete. The conversion
formula of the equivalent resilient modulus of the foun-
dation was modified according to the equivalent principle of
deflection and introduced the correction coefficient of the
influence of the load action radius; this formula is suitable
for conversion of equivalent resilient modulus of the top
surface of the base layer [4-6]. A method to calculate the
equivalent resilient modulus of the top surface of the cement
concrete pavement base layer was proposed based on dif-
ferent equivalence principles such as deflection, flexural
stress, and temperature [7-11]. Besides, the influence of the
contact situation between layers on the calculation results
was also considered, but the calculation result based on the
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bending-tension stress and temperature was poor; partic-
ularly, it is difficult to effectively monitor bending-tension
stress, and the equivalent principle based on the deflection
value has a wide range of applications. Jiang and Yao [12]
and Tan et al. [13] proposed the approximate conversion
formula of the multilayer structure under different load
forms (single circle, double circle wheel load) and regressed
the calculation formula of the equivalent modulus of the top
surface of the double-layer structure under different inter-
layer contact conditions (smooth, continuous). Vakili [14]
established an equivalent modulus calculation model for
simple pavement structure layer (the pavement structure
layer on the subgrade is regarded as a two-layer elastic
layered system) and verified the accuracy of the model using
the inversion method (the ratio of pavement equivalent
modulus to subgrade modulus).

In the structure design of cement concrete pavement, the
equivalent resilient modulus of the top surface of the
structural layer needs to be solved; the existing research
mainly focuses on the equivalent resilient modulus of the top
surface of the cement concrete pavement or soil foundation
[15-20], but the asphalt material pavement has obvious
viscoelastic properties; the influence of temperature must be
considered in calculation or correction; besides, due to the
high complexity of structural and material properties, there
are relatively few studies on the equivalent resilient modulus
of asphalt pavement. Based on the design method of the
overlay layer, Guo et al. [21] calculated the minimum
equivalent resilience modulus of the top surface of the
crushed layer under different structural combinations and
did not study the calculation method of the equivalent
resilience modulus. According to the theory of section
bending stiffness, Tan and Yu [22] studied the equivalent
resilient modulus of asphalt surface layer and considered the
contact conditions between different layers. In addition, by
comparing the inverse calculated modulus of the indoor
dynamic triaxial test, rotary compaction molding, and the
test road structure, Xu et al. [23] studied the correction
coeflicient of the modulus inversion value. Cao et al. [24]
research showed that the structure of the inverse asphalt
pavement was more complex, and the traditional modulus
inversion error was larger than the inversion value of the
semirigid asphalt pavement; besides, the layer-by-layer in-
version method can improve the accuracy of the modulus
inversion. Considering the current equivalent resilience
modulus research is mainly based on the theoretical cal-
culation and analysis of semirigid asphalt pavement, without
too much field verification, in this paper, by testing the
dynamic deflection of three pavement structures by layer,
the equivalent resilient modulus of the top surface of the
cushion layer, the top surface of the base layer, and the top
surface of the transition layer was determined using the
inversion method, which was also used to correct theoretical
calculation formula, providing the basis for the road overlay
design of the semirigid asphalt pavement and inverted as-
phalt pavement.

Advances in Civil Engineering

2. The Test Pavement Structure and Equivalent
Resilient Modulus Inversion Method

2.1. The Test Pavement Structure. The test section of Sui-
Guang Expressway adopted two kinds of structural forms,
the semirigid asphalt pavement (S1) and inverted asphalt
pavement (S2 and S3), as shown in Table 1. The traffic grade
of Sui-Guang Expressway is heavy traffic grade.

2.2. Theoretical Calculation Method for Determining Equiv-
alent Resilient Modulus. While using the theoretical cal-
culation method to calculate the equivalent resilient
modulus, firstly, the structural layer is converted into an
equivalent single-layer structure (Figure 1); then, the
equivalent resilient modulus of the top surface of the
cement stabilized crushed stone layer is calculated as

follows [1]:
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where E; represents the equivalent resilient modulus of the
top surface of the cement stabilized crushed stone layer
(MPa), E, represents the modulus of cement stabilized
crushed stone layer (MPa), H, represents the thickness of
cement stabilized crushed stone layer (m), E, represents the
resilient modulus of the top surface of the graded crushed
stone cushion layer (MPa), and a and b are regression co-
efficients relating to E,/E,,.

In addition, the equivalent modulus of the top surface of
the graded crushed stone cushion layer is calculated using
formulas (2) and (3) in the “Standard for Design of Highway
Cement Concrete JTG D40-2011.”

E o
E, = —3> E,, (2)
2t <E4 4
a = 0.86 + 0.26Inh,, (3)

where E,; represents the equivalent modulus of the top
surface of the graded crushed stone cushion layer (MPa), E;
and h; represent the modulus (MPa) and thickness (m) of
the graded crushed stone cushion layer, respectively, E,
represents the modulus of the soil foundation (MPa), and a
is the regression coeflicient. Besides, while calculating the
equivalent modulus of the top surface of the graded gravel
transition layer using (2) and (3), the lower structure is used
as the base.
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TaBLE 1: The structure of the test section.

Pavement structure

S1 (semirigid structure)

S2 (inverted structure 1) S3 (inverted structure 2)
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Ficure 1: Conversion model of equivalent principle of deflection.

2.3. The Method of Determining the Equivalent Resilient
Modulus Based on Deflection. During the calculation of the
equivalent resilient modulus, the calculated theoretical
equivalent modulus through multiple double-layer con-
version is greater than the result of one double-layer con-
version [8, 25], and it was believed that the deviation of the
calculation results of these two conversion methods is
mainly due to the difference in load distribution on the top
surface of different structural layers, which means the actual
load effect is smaller and the load distribution on the top
surface of each structural layer is mostly in the shape of bell
rather than the uniform distribution. Therefore, in order to
prevent the overestimation of equivalent modulus using
multiple double-layer conversions and to make it conform to
the actual field value, the inversion method was proposed in
this paper. Based on the theory of elastic layered system, the
inversion method adopts the tested deflection of the top
surface of each structural layer by FWD as the basic data and
regards the modulus of each structural layer calculated with
the aid of the inversion program as the structural layer
modulus; moreover, the designated structural layer and
lower structural layer are considered as one layer, to de-
termine the equivalent resilient modulus of the top surface of
the designated structural layer using the inversion method
again. While using the inversion method to determine the
equivalent resilient modulus, the variable is only the
equivalent resilient modulus, which avoids the tedious
process of multiple double-layer conversions, reduces the
variable number, and improves inversion accuracy. The
existing pavements are often unable to test the top surface

deflection and sink of the top surface of each structural layer,
and the modulus can be inverted based on the deflection and
sink of road surface.

A more advanced iteration method was adopted, in
which based on the assumed structural layer modulus, the
theoretical deflection basin is calculated using the me-
chanical calculation method. By analyzing the difference
in deflection basin between the actual measurement and
the theoretical calculation, the new assumed combination
of structural layer modulus is determined; then, the
calculation is repeated until the mean square error be-
tween the measured and the theoretical deflection basin
reached the minimum value, and the ending condition is
set as the iterations number or the preassumed conver-
gence accuracy [26].

3. Deflection Data of Different
Pavement Structures

Following the “ Field Test Regulations of Highway Subgrade
and Pavement” (JTGE60-2008), the PRIMAX1500 FWD
(Figure 2) was used to test the dynamic deflection basin of
the top surface of the base layer, the graded crushed stone
transition layer, the lower layer, the middle layer, and the
upper layer. The distance between the sensor and the center
of the loading plate is shown in Table 2. The FWD test of the
cement stabilized crushed stone base layer is performed
30 days after its construction is completed, and the subse-
quent test intervals of each layer are within 48h.



FIGURE 2: FWD field testing.

TaBLE 2: The distance between the sensor and the center of the
loading plate.

The distance between the sensor and the center of the loading plate
(cm)
0 20 30 40 50 60 9 120 150 180 210

4. Comparison of Calculated Equivalent
Modulus of Different Structures

4.1. Calculation and Comparison of Equivalent Resilient
Modulus of Top Surface of Cushions with Different Structures.
Based on the deflection basin data of the top surface in the
FWD test, the inversion method and theoretical calculation
method were used to determine the equivalent resilient
modulus of the cushion top surface, as shown in Tables 3 and
4. For the three test sections, the roadbed and graded
crushed stone cushions layers all adopt the same con-
struction technology, raw materials, and construction team.
The tested roadbed is uniformly compacted, and its com-
paction is greater than 96%, with a maximum of 98.3%, and
an average of 97.4%. The compaction of graded crushed
stone cushions layer is greater than 97%, with a minimum of
97.9%, a maximum of 108.4%, and an average of 102%. In
theory, the equivalent resilience modulus of the top surface
of any cushion in the test section should be basically the
same. However, the equivalent resilience modulus deter-
mined by the inversion method or theoretical calculation
method is not the same, structure S3<structure
S2 < structure S1. At the same time, the thickness values of
the cement stabilized crushed stone layer of structure SI,
structure S2, and structure S3 are 56 cm, 44 cm, and 40 cm,
respectively. It can be inferred that the thickness of the
cement stabilized crushed stone layer affects the inversion
result of the equivalent resilient modulus. With the theo-
retical calculation method, the calculated equivalent mod-
ulus of the top surface of structure S1 cushion layer is 1.11
times that of structure S2 and 1.28 times that of structure S3;
at the same time, with the inversion method, the determined
equivalent modulus of the top surface of structure Sl
cushion layer determined is 1.16 times that of structure S2
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and 1.40 times that of structure S3; it can be seen that when
the thickness of the cement stabilized crushed stone layer is
thin, for the same decrease of the thickness of the cement
stabilized crushed stone layer, the reduction in the equiv-
alent modulus of the cushion top surface is greater than that
of thick cement stabilized crushed stone layer. Besides, the
decrease of the equivalent modulus of the cushion top
surface determined by the inversion method is more than
the result of the theoretical calculation method, suggesting it
is important to accurately test the thickness of the cement
stabilized gravel layer for using the inversion method to
determine the equivalent modulus of the top surface of
cushion layer.

The difference in the determined equivalent resilient
modulus of the cushion top surface between the theoretical
calculation method and the inversion method was structure
S3 < structure S2 < structure S1, but the absolute values of
the deviation were all within 10%, so it can be concluded that
the equivalent resilient moduli determined by these two
methods are basically the same, and they can be used to
determine the equivalent resilient modulus of the top surface
of cushion layer of semirigid asphalt pavement and inverted
asphalt pavement.

4.2. Calculation and Comparison of Equivalent Resilient
Modulus of the Top Surface of Different Base Structures.
Based on the FWD deflection basin data, the equivalent
resilient modulus of the top surface of the base layer was
determined using the inversion method and theoretical
calculation method, as shown in Tables 5 and 6. It can be
seen that the equivalent resilient modulus of the top surface
of the base layer of structure S1 was greater than that of
structures S2 and S3, and the value of structure S3 was the
smallest. When FWD is subjected to the top surface of the
asphalt layer, the thickness and characteristics of the asphalt
layer (such as temperature) will affect the equivalent resilient
modulus value of the top surface of the base layer. According
to Table 6, for structure S1, based on the deflection basin data
of the top surface of the lower layer tested by FWD, the
equivalent resilient modulus of the base layer top surface
determined by the inversion method was 1.38 and 1.37 times
that based on deflection basin data of the top surface of the
middle layer and the upper layer; at the same time, its value
determined by the theoretical calculation method was 1.64
times and 1.59 times that based on deflection basin data of
the top surface of the middle layer and the upper layer.
In addition, compared with the theoretical calculation
method, the deviation value of the equivalent resilient
modulus of the top surface of the cushion determined by
the inversion method (Table 3) is significantly smaller than
that of the equivalent resilient modulus of the base layer top
surface (Tables 5 and 6). The equivalent resilient modulus
of the top surface of the cushion is the equivalent of the
modulus of the subgrade and the graded crushed stone
cushion layer, their modulus ratio was less than 3, and the
thickness of the cushion layer was small. The subgrade is a
half-space infinite elastic body, and the equivalent resil-
ience modulus of the top surface of the cushion layer is
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TaBLE 3: The calculation of equivalent resilient modulus of the top surface of the cushion layer when FWD is loaded on the top surface of the

base layer.
Structural layer Determined method Base layer ~ Cushion layer =~ Roadbed
Inversion modulus value (MPa) 8417 309 206
S1 Theoretical calculation method (MPa) — 239
Equivalent resilient modulus Inversion method (MPa) — 243
Deviation value (%) — -2
Inversion modulus value (MPa) 6330 309 175
© Theoretical calculation method (MPa) — 216
Equivalent resilient modulus Inversion method (MPa) — 206
Deviation value (%) — 5
Inversion modulus value (MPa) 4762 309 139
S3 Theoretical calculation method (MPa) — 186
Equivalent resilient modulus Inversion method (MPa) — 174
Deviation value (%) — 7
TABLE 4: Determination of equivalent resilient modulus of cushion top surface based on road surface deflection.
Structural layer Determined method Cushion layer Roadbed
Inversion modulus value (MPa) 309 141
S1 Theoretical calculation method (MPa) 188
Equivalent resilient modulus Inversion method (MPa) 195
Deviation value (%) -4
Inversion modulus value (MPa) 309 138
9 Theoretical calculation method (MPa) 185
Equivalent resilient modulus Inversion method (MPa) 197
Deviation value (%) -6
Inversion modulus value (MPa) 309 152
$3 Theoretical calculation method (MPa) 197
Equivalent resilient modulus Inversion method (MPa) 181
Deviation value (%) 9

mainly determined by the subgrade modulus; while de-
termining the equivalent resilience modulus of the top
surface of the base layer, the thickness of the cement
stabilized crushed stone layer is large, its modulus is more
than 10 times that of the subgrade or graded crushed stone,
and the load is mainly borne by the roadbed and the cement
stabilized crushed stone layer. Therefore, the determined
equivalent resilient modulus of the top surface of the base
layer is far greater than the subgrade modulus and smaller
than the modulus of the cement stabilized crushed stone
layer, and thicker cement-stabilized crushed stone layer or
larger subgrade modulus can improve the equivalent
resilience modulus of the top surface of the base layer. At
the same time, while calculating the equivalent resilient
modulus of the top surface of the base layer with the
theoretical calculation method, the three-layer system of
cement-stabilized crushed stone layer, cushion layer, and
subgrade is transformed into a one-layer system, and more
conversion times will increase the deviation of the calcu-
lated equivalent resilient modulus of the top surface of the
base layer. Besides, the more the structural layers in the
inversion or calculation of the equivalent resilient modulus,
the greater the modulus ratio of the interlayer, and the
greater the deviation of the equivalent modulus of elasticity
determined by the inversion method compared with the
theoretical calculation method.

4.3. Comparison and Calculation of Equivalent Resilient
Modulus of the Top Surface of Transition Layer with Different
Structure. Based on the FWD test deflection basin data of
asphalt upper layer, middle surface layer, and lower layer of
structure S2 and structure S3, the inversion method and
theoretical calculation method were used to determine the
equivalent resilient modulus of the top surface of the graded
gravel transition layer, as shown in Table 7. It can be seen
that the equivalent resilient modulus obtained by the the-
oretical calculation method was about 1.7~2.4 times that of
the inversion method. Based on the FWD test deflection
basin data of the lower layer of the asphalt, compared to the
result of the theoretical calculation method, the deviation of
equivalent resilient modulus of structure S2 determined by
the inversion method was greater than that of structure S3,
and this deviation value decreased with the increase of the
number of asphalt surface layers; besides, a thick asphalt
layer can reduce this deviation. Therefore, while determining
the equivalent resilient modulus of the top surface of the
transition layer, it is better to use FWD to test the deflection
basin data of the asphalt upper layer. This is because the
increase of the thickness of the asphalt layer increases the
weight of the superstructure so as to improve the confining
pressure of the loaded part of the graded crushed stone,
making the modulus of the graded crushed stone layer
become higher and the internal force of the graded crushed
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TaBLE 5: The calculation of the equivalent resilient modulus of the top surface of the base layer when FWD is loaded on the top surface of the
transition layer.

S2 S3
. Equivalent resilient modulus . Equivalent resilient modulus
Structural Inversion ) . Inversion . .
layer modulus Theoretical Inversion o .. modulus Theoretical Inversion o ..
value (MPa calculation method o value (MPa calculation method o
(MP2)  ethod (MPa)  (Mpa)  Y2lue (%) (MP2)  ethod (MPa) — (Mpa)  v2lue (%)
Transition 243 B B . 243 B . B
layer
Base layer 6330 4762
Cushion
layer and 134 1121 762 47 101 780 360 117
roadbed
TaBLE 6: Calculation of equivalent resilient modulus of the top surface of structure SI.
Load layer Determined method Base layer Cushion layer and roadbed
Inversion modulus value (MPa) 8417 489
Lower laver Theoretical calculation method (MPa) 3039
Y Equivalent resilient modulus Inversion method (MPa) 1845
Deviation value (%) 65
Inversion modulus value (MPa) 8417 185
Middle laver Theoretical calculation method (MPa) 1858
Y Equivalent resilient modulus Inversion method (MPa) 1336
Deviation value (%) 39
Inversion modulus value (MPa) 8417 195
Upper laver Theoretical calculation method (MPa) 1913
PP Y Equivalent resilient modulus Inversion method (MPa) 1344
Deviation value (%) 42

TaBLE 7: Calculation of the equivalent resilient modulus of the top surface of the graded gravel transition layer.

S2 S3
Structural I . Equivalent resilient modulus I . Equivalent resilient modulus
nversion , ) nversion ) )
e i el e g i o e
value (MPa) value (%)  value (MPa) value (%)

method (MPa) (MPa)
FWD loading on the top surface of the lower layer

method (MPa) (MPa)

Transition 243 243

layer

Base layer 6330 837 351 138 4762 546 270 102
Cushion

layer and 212 102

roadbed

FWD loading on the top surface of the middle layer

Transition 243 243

layer

Base layer 6330 684 356 92 4762 578 278 108
Cushion

layer and 127 117

roadbed

FWD loading on the top surface of the upper layer

Transition 243 243

layer

Base layer 6330 813 467 74 4762 685 358 91

Cushion

layer and 197 181

roadbed
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TaBLE 8: Determination of the equivalent resilient modulus of the top surface of the structural layer.

Equivalent resilient modulus (MPa)

Theoretical calculation method Corrected theoretical calculation method

Inversion method

Structure Structural layer

Semirigid structure Base layer 835

Inverted structure Ba§e. layer 483
Transition layer 532

585 535
217 211
239 233

stone layer more uniform; furtherly, the effect of the error on
the equivalent resilient modulus is reduced, and the accuracy
of the inversion of the equivalent resilient modulus of the top
surface of the transition layer is improved.

5. Modification of the Theoretical Calculation
Formula of Equivalent Resilient Modulus

According to the analysis above, it can be known that the
determination of the equivalent resilient modulus of the top
surface of the cushion layer is less affected by the pavement
structure, and the existing calculation method has high
accuracy. Formulas (2) and (3) are recommended. For the
equivalent resilient modulus of the top surface of the base
layer, when E/E, =~ 47, the deviation of the resilient modulus
of structure S3 determined by theoretical calculation method
and the inversion method is up to 117%, while the deviation
of structure S2 is 47%, so except the modulus ratio, factors
such as the type of pavement structure and the FWD loading
layer position should also be considered while deriving the
calculation formula of the equivalent modulus of the base
layer. Due to the different structure types and the different
FWD loading position, the equivalent resilient modulus of
the top surface of each structural layer determined by the
calculation method and the inversion method is different.
Therefore, by regressively and comparatively analyzing the
equivalent resilient modulus of the top surface of each
structural layer determined by the theoretical calculation
and inversion, their difference is eliminated by introducing
the correction coefficient k; to formula (1), which is
0.65~0.75 for semirigid asphalt pavement, and 0.35~0.55 for
inverted asphalt pavement. The large difference in structural
characteristics results in a significant difference in the
correction coefficient of equivalent modulus theoretical
calculation formula of semirigid asphalt pavement and
inverted asphalt pavement. The specific value of k; depends
on the thickness of the asphalt layer and the FWD loading
position; the closer the FWD loading position to the top
surface of the base layer, the closer the value to the upper
limit. After the correction, the calculation of the equivalent
modulus of the top surface of the base is shown in formula
(2), in which the regression parameters a and b are calcu-
lated as before. Compared to the inversion method, the
deviation of the equivalent resilient modulus of the top
surface of the base layer determined by the corrected cal-
culation method is within 20%, with a maximum value of
19%.

E 1/3
E - klatho(E_x> . (@
0

While using modified formulas (2)-(4) to calculate the
equivalent resilient modulus of the top surface of the graded
crushed stone transition layer, k; was taken as 0.35 to obtain
the deviation within 20% compared with the inversion
method, and the maximum deviation is 16%; this calculation
accuracy meets the requirements of engineering
applications.

In order to verify the reliability of the calculation for-
mula for the equivalent resilience modulus of the top surface
of the structural layer based on the corrected measured
deflection basin data, two kinds of asphalt pavement
structures in Sichuan were selected [27], and the determined
equivalent resilient modulus of the top surface of the base
layer with different methods is shown in Table 8. The cor-
rection coefficient k; of the semirigid structure was 0.7, and
the correction coefficient k; of the inverted structure was
0.45. Compared with the inversion method, the deviation of
using the corrected theoretical calculation method is within
10%, which is much decreased. It can be seen that using the
modified theoretical calculation formula to calculate the
equivalent resilient modulus of the top surface of the
structure layer is more in line with the actual value.

6. Conclusions

(1) The equivalent resilient modulus is influenced by
factors such as pavement structure characteristics
(thickness of adjacent layers, structure type, etc.),
material characteristics, and loading layer position.
The thin cement stabilized crushed stone layer or
asphalt surface layer in the inverted asphalt pave-
ment is not conducive to accurately determining the
equivalent resilient modulus value of the structural
layer.

(2) Generally, in terms of the deviation of the equivalent
resilient modulus of the top surface of the cushion
layer determined by the theoretical calculation
method and the inversion method, the semirigid
asphalt pavement is smaller than the inverted asphalt
pavement, and the deviation using these two
methods is less than 10%. However, for the equiv-
alent resilience modulus of the top surface of the base
layer and the equivalent resilience modulus of the
top surface of the transition layer, this deviation is
larger than 40% and 70%, respectively. Therefore,
these two methods can be used to determine the
equivalent resilience modulus of the top surface of
the cushion layer, but the inversion method should
be preferred while determining the equivalent re-
silient modulus under other working conditions.



(3) With using the corrected calculation formula of the
equivalent resilient modulus of the top surface of the
cement stabilized crushed stone layer, the calculated
equivalent resilient modulus of the top surface of the
transition layer is close to that obtained by the in-
version method, which means the distortion of
equivalent resilient modulus calculated by theoret-
ical calculation method comes from the calculation
formula of equivalent modulus of the top surface of
cement-stabilized crushed stone layer; based on this,
the correction coeflicient of structure type is
introduced.

(4) The accuracy of the equivalent resilient modulus
determined by the inversion method is higher than
that of the theoretical calculation method and more
in line with the actual value. While determining the
equivalent resilient modulus of the asphalt pavement
structure, the inversion method is more suitable;
when the test conditions are insufficient, the mod-
ulus of the structural layer of similar engineering can
be considered to be substituted into the correction
formula to calculate the equivalent resilient modulus
of the top surface of the structural layer.
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The beam-column fibre model is used to simulate the entire hysteretic process of the prestressed and non-prestressed steel
reinforced concrete frame, and the results are compared with the test results. Based on the analysis of a large number of pa-
rameters, the hysteretic curve characteristics of this kind of composite frame are discussed, and the load-displacement hysteretic
models of single-storey and single-span composite frame are established. The models can comprehensively consider the influence
of axial compression ratio and column slenderness ratio and can predict the hysteretic behaviour of this kind of composite frame
under horizontal loads. The load-displacement hysteretic models are consistent with the numerical simulation results. Relevant

research can provide reference for simplifying the elastic-plastic dynamic analysis of structures.

1. Introduction

Prestressed steel reinforced concrete structures have the
advantages of high bearing capacity and good seismic
performance, which have been widely used in practical
engineering, especially in the super-span and out-jacketing
frame structure [1-4]. However, due to the uneven distri-
bution of lateral stiffness and bearing capacity along the
height of the out-jacketing building, it is necessary to have a
comprehensive grasp of its overall seismic performance
under rare earthquakes [5, 6]. As mathematical models of
the relationship between restoring force and deformation
obtained after abstraction and simplification, the hysteretic
models can better reflect the seismic performance of
structures or components and have been extensively studied.

At present, at the level of components, Xue et al. [7]
established the M-¢ hysteretic models of prestressed steel
reinforced concrete beams. Zheng et al. [8] proposed the M-
¢ hysteretic models of angle-steel concrete columns based on
the experimental results and numerical simulations. At the
level of frame structure, Wang et al. [9] built a practical

hysteretic model for concrete filled steel tubular frame,
which can effectively predict the mechanical behaviour of
the frame. Hu et al. [10] presented the hysteretic models of
steel frames infilled with the reinforced concrete deep beam
with the skeleton curves as a three-fold line based on the test
results. Wang et al. [11] developed a simplified hysteretic
model based on the analysis of experimental results, which
can better describe the hysteretic performance of the frame
under repeated loads. It can be seen that almost of the above
studies involve the hysteretic characteristics of the combined
frame proposed in this paper, and the idea and method of
establishing the hysteretic model provide an important
reference basis for the study in this paper.

For this reason, a numerical model of a single-storey and
single-span frame was proposed for prestressed and non-
prestressed steel reinforced concrete frames, which was
compared with the tested results. Through the analysis of a
large number of parameters by using the numerical model,
the characteristics of hysteretic curves of this type of the
composite frame were analysed, and the horizontal load-
displacement hysteresis models of this type of single-storey
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and single-span composite frame were obtained by statistical
regression and compared with the results of numerical
calculation, which provided a reasonable basis for the
elastoplastic dynamic analysis of simplified structure.

2. Numerical Models

2.1. The Establishment of the Models. In this paper, a nu-
merical analysis model of a single-storey and single-span
frame was established for both prestressed and non-pre-
stressed steel reinforced concrete frame structures based on
the seismic analysis platform OpenSees [12]. The prestressed
tendons in the frame beams were arranged in the form of
three-segment parabola and each cross section had a certain
variation, so the lumped plastic hinge fibre element named
Beam with Hinges Element was used to simulate the beams.
Since the cross section was the same in the axial direction for
frame columns, the distributed plastic hinges beam-column
fibre element named Nonlinear Beam Column Element was
adopted in this paper. Reference [13] describes the two-stage
principle of prestressing: in the first stage, the concentrate
forces and moments at two beam ends and the equivalent
load on beam between joints are conceived as external loads
when effective prestressing stress is built though tensioning
the tendons; in the second stage, the redundant strength
exceeding the effective prestressing stress in tendons is used
to resist the additional external loads, and thus the tendons
with redundant strength could be thought as materials. The
node arrangement and section division of the prestressed
steel concrete frame model as well as loading patterns are
presented in Figure 1. In the figure, the frame beam is di-
vided into 6 elements according to the prestressed equivalent
load, the vertical load distribution, and the midspan point.
The nodes were, respectively, set at the beam end, the middle
span, the point of inflection for prestressed reinforcement,
and the vertical concentrated load points. Each frame col-
umn was divided into one element, and the bottom of the
frame column was rigidly connected to the foundation. The
horizontal cyclic load P was imposed on node 3 at the left
end of the frame beam, the vertical concentrated forces N;
were applied on nodes 3 and 4, and concentrated loads N,
were exerted on nodes 5 and 6 on the beam. When the cross-
sectional area of the prestressed tendons was zero, the model
can be transformed into a non-prestressed steel reinforced
concrete frame. For the beams and columns, the cross-
sectional concrete was divided into two portions due to the
confinement effect of stirrups, which were concrete cover
and concrete confined by stirrups. In addition, the con-
nection of beams and columns in the numerical model is
rigidly connected.

3. Material Constitutive Relationship

The concrete adopted the model Concrete01 provided in
OpenSees (see Figure 2). In the figure, f. is the compressive
strength of concrete cylinder, K is the coefficient of strength
increase due to constraint consideration, &, is the peak strain,
g, is the compressive strain after unloading, &, is the com-
pressive strain at the unloading point, and ¢, is the ultimate
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compressive strain. No influence of concrete under tension
was considered in this model, and the stress-strain rela-
tionship of uniaxial compression was from the Kent-Park
model modified by Scott [14-16]. The hysteretic rule of
Concrete01 model was based on the hysteretic model pro-
vided by Karsan and Jirsa. To simplify the analysis, the
confinement effect of the steel embedded in the beam and
column was not considered in the modelling. Therefore,
beam and column sections were only divided into concrete
core and concrete cover without stirrup confinement, and
confined and unconfined concrete models were adopted,
respectively.

The steel adopted the steel02 model in OpenSees, which
was a bilinear kinematic hardening model considering the
Bauschinger effect. The prestressed reinforcement adopted
the Elastic Perfectly Plastic Material model in OpenSees.
According to the two-stage principle of prestressing, the
residual strength of the prestressed tendons took the stress-
strain relationship displayed in Figure 3, and unloading and
reloading were carried out along a straight line, after the
effective prestress was deducted from the second-stage
prestressed tendons of the external load. In the figure, f; is
the conditional yield strength, oy, is the effective prestress of
prestressed reinforcement, and E, is the initial stiffness.

3.1. Test Verification. Fu etal. [3] fabricated one specimen of
ordinary steel reinforced concrete frame and one of pre-
stressed steel reinforced concrete frame according to the
scale of 1/3 on the basis of practical engineering. The two
specimens were named SRCF and PSRCF, respectively, and
the reinforcements are described in Figures 4(a) and 4(b).
Figure 4(c) gives the loading patterns, where two vertical
concentrate loads of 40 kN were imposed on the beam, and a
horizontal cyclic load + P was applied at left end of the beam.
The two frame specimens were designed according to
“strong column and weak beam” and “strong joints and
weak members.” The column cross section dimensions of the
two frame specimens were the same, both were
230mm x230mm, and welded H-shaped  steel
HN130 %110 x 4x10 was arranged in the columns. The cross
section size of the frame beam of the specimen SRCF was
150 mm x 230 mm, and the size of the H-shaped steel placed
in the centre was HN130 x50 x4x14. The frame beam
section size of the prestressed specimen PSRCF was
150 mm x 230 mm, and the size of the embedded welded
H-shaped steel was HN130 x 50 x 4 x 8. In order to facilitate
the arrangement of the prestressed tendons, the section steel
web was offset on one side, and a steel strand with grade of
1860 and a diameter of 12.7 mm was taken as the prestressed
reinforcement. By measurement, the tension control stress
was 1395MPa and the actual effective prestress was
970 MPa.

The strength grade of stirrups of beams and columns was
HPB235, while the strength grade of longitudinal rein-
forcements was HRB400 and the structural steels were
welded with Q235 steel plates. The specimens were poured
on-site and made of commercial fine stone concrete. The
measured compressive strength f., of concrete cube was
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41 MPa, and the modulus of elasticity E. was 3.17 x 104 MPa.
The tested yield strength f, of $25, 914, ©12, and @6 steel bars
was 412 MPa, 398 MPa, 487 MPa, and 305 MPa, respectively.
In the test, the horizontal load and displacement were
measured. The hysteretic properties of two steel concrete
frame specimens under low horizontal cyclic loading were
studied, and the hysteretic curves, skeleton curves, and
energy dissipation capacities of the specimens were
investigated.

The comparison between the numerical calculation and
the experimental hysteresis curves was described (see Fig-
ure 5). It can be seen that the calculated curves and the
experimental curves generally agree with each other in
bearing capacity, stiffness degradation, and hysteresis loop
shape, reflecting the correctness of the model built.

4. Hysteresis Curve Characteristics

4.1. Impact Parameters. In order to further study the hys-
teretic characteristics of prestressed and non-prestressed
steel reinforced concrete frames, parameter analysis was

conducted to observe the main influence factors on the
seismic performance in this paper, which include the col-
umn slenderness ratio (f), axial compression ratio (n),
compressive strength of concrete cube (f.,), sectional re-
sistance moment of shaped steel in beams and columns (W,
- and W), ratio of longitudinal reinforcement in beams
and columns (ps, and p; ), yield strength of shaped steel in
beams and columns (f, and fi o), yield strength of lon-
gitudinal bars in beams and columns (f,, and f,..), and
prestressing degree (A).

Neglecting the contribution of steel web, the prestressing
degree (1) could be computed as follows:

y = APfP)’hP
APnyhP + Asf—bfss—bhss—h + As—bfy—hhs_b

where A,, Ay, and A, represent the cross-sectional areas
for tendons, tensile flange of shaped steel, and tensile lon-
gitudinal rebars in beam, respectively; f,, is the tensile
yielding strength for tendons; and hy, h, 4, and kg, represent
the distances from centroid of tendons, tensile flange of
shaped steel, and tensile longitudinal rebars to extreme
compressive fibre, respectively.

The hysteretic analysis parameters of prestressed and
non-prestressed steel reinforced concrete frames are pre-
sented in Table 1.

(1)

4.2. Parameter Analysis. The influences of different slen-
derness ratios, axial compression ratios, cubic concrete
strengths, sectional resistance moment of shaped steel in
column, longitudinal reinforcement ratios, and prestressed
degrees on the horizontal load-displacement hysteretic
curves of prestressed steel reinforced concrete frames are
described in Figure 6. The corresponding skeleton curves are
provided in Figure 7, and Table 2 gives the critical values of
the skeleton curves in the positive direction. It could be
observed that

(1) The peak load of prestressed frame decreased with
the increase of column slenderness ratio, but the
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TaBLE 1: Analysis parameters.

PSRCF SRCF
Parameter category Parameter Remarks Parameter’s Remarks
change range range
Corresponding column height: Corresponding column height:
Column slenderness ratio 8 6; 8; 10; 12 1500 mm; 2000 mm; 2500 mm; 6; 8; 10; 12 1500 mm; 2000 mm; 2500 mm;
3000 mm 3000 mm
Axial compression ratio ny,  0.1;0.2;...;0.8 — 0.1;0.2; ...; 0.8 —
Concrete strength f., (MPa) 30, 40, 50 — 30, 40, 50 —

Sectional resistance moment

of shaped steel in beam Wy, 82.126, 64.521 Corresponding H-shaped steel:

H180 x 50 x 4x8; H150 x 50 x 4x8 82.126, 64.521

Corresponding H-shaped steel:
H180 x 50 x 4x8; H150 x 50 x 4x8

(mm®)

i‘;cstﬁ‘;nildr:tsiiagciorﬁlﬁnt 256.281, H180 x 150 x 4 x 10 256.281, H180x 150 x 4 x 10
P 3 206.098 H150 x 150 x 4x10 206.098 H150 x 150 x 4x10

WSS’C (mm )

Reinforcement ratio of 0.785%, o o

longitudinal steel bars in 1.131%, 410, 4¢12, 4414 0.785%, 1.131%, 4610, 4¢12, 4414

1.539%

beam p;, 1.539%

Reinforcement ratio of 0.724%, 0.724%

longitudinal steel bars in 0.985%, 4412, 4¢14, 4616 y > 4412, 4¢14, 4¢16

0.985%, 1.287%

column p; . 1.287%

Yield strength for shaped

steels fiop, and fuo.c (MPa) 235, 345, 390 Q235, Q345, Q390 235, 345, 390 Q235, Q345, Q390

Yield strength of longitudinal o, 550 400 Hpp3go, HRB335, HRB400 300, 335,400  HPB300, HRB335, HRB400

steel bars f,., and f,.. (MPa)

Prestressed degree A 0.31, 0.45, 0.54 10°9.5, 19°12.7, 19°15.2 — —

displacement corresponding to the peak load in-
creased; after the skeleton curves reached the peak
loads, the descending segment gradually became
gentle and the ductility was improved obviously;
the hysteretic curves of the frame behaved plump
and no pinching occurred.

(2) When the axial compression ratio was relatively small,
the hysteretic curves were plump and the hysteretic
loops had shuttle shape; as the axial compression ratio
increased, the horizontal peak load first increased and

then decreased; when the axial compression ratio was
greater than 0.5, the horizontal displacement at peak
load was decreased, and the ductility of the frame was
obviously reduced. At this time, the hysteresis loops
pinched a certain amount.

(3) With the increase of cubic concrete strength, the
peak loads of the skeleton curves were enhanced, the
displacement corresponding to the peak load had
almost no changes, and the stiffnesses of the
descending segments were the same.



P (kN)

Advances in Civil Engineering

400 400 400 400
200 200 200
0 Z o Z o
Ay Al
-200 -200 -200
-400 - -400 -400
-200  -100 0 100 200 -200  -100 0 100 200 -200  -100 0 100 200 -200  -100 0
A (mm) A (mm) A (mm) A (mm)
—— p=6 —— p=8 —— =10 — p=12
(@
300 300 300
150 150 150
g o g o g o
A Al Al
-150 -150 -150
- -300
-200  -100 0 100 200 -200  -100 0 100 200 -200  -100 0 100 200
A (mm) A (mm) A (mm)
n=0.1 n=0.2 n=0.3
300 300 300
150 150 150
g o Z o Z o
A Al Al
-150 -150 -150
-300 -300 -300
-200  -100 0 100 200 200  -100 0 100 200 -200  -100 0 100 200
A (mm) A (mm) A (mm)
n=0.4 n=0.5 n=0.6
300 300
150 150
£ o Z o
Al A
-150 -150
-300 300
-200  -100 0 100 200 -200  -100 0 100 200
A (mm) A (mm)
n=0.7 n=0.8
(®)
300 300 300
150 150 150
g o £ o g o
A Al A
-150 -150 -150
-300 -300 -300
-200  -100 0 100 200 -200  -100 0 100 200 -200
A (mm) A (mm) A (mm)
—— f=30MPa ——  f.,=40 MPa —— f,=50 MPa
(©
300 300 300
150 150 150
Z o £ o £ o
E Ay A
-150 -150 -150
-300 -300 -300
-200  -100 0 100 200 -200 100 0 100 200 -200  -100 0 100 200
A (mm) A (mm) A (mm)

——  W,.=206.098 mm’
pe=0.724%

— W,.=256.281 mm’

0.c=0.724%

(d)

FiGure 6: Continued.

— W,.=256.281 mm’

poc=1.287%

100

200



Advances in Civil Engineering 7

300 300 300

150

P (kN)
(=]

P (kN)
(=]

P (kN)
(=]

-150

-300 -300 -300

FIGURE 6: The influence of different parameters on the hysteresis curves. (a) Column slenderness ratio. (b) Axial compression ratio. (c) Cubic
concrete strength. (d) Sectional resistance moment of shaped steel and longitudinal reinforcement ratio in the column. (e) Prestressing
degree.

400 300 300
200 | 150 | 150
\5/ 0 \5/ 0 é 0
Ay [S¥ S¥
200 | -150 | -150
-400 -300 L= : . . . -300 . . . :
2200 -100 0 100 200 200 -100 0 100 200 2200  -100 0 100 200
A (mm) A (mm) A (mm)
— =6 —— =10 —— 1n3=0.1 —— 1ny=0.2 —— f.,=30 Mpa
—— p=8 —— =12 —— 1p=03  —— ny=0.4 —— f.,=40 Mpa
—— ny=0.5 —— 1y=0.6 —— f,,=50 Mpa
—— ny=0.7 —— ny=0.8
() (b) (c)
300 300
150 | 150 |
Z o Z o
A SV
-150 | -150 |
-300 . . . . -300 . . . .
200 -100 0 100 200 200 -100 0 100 200
A (mm) A (mm)
—— W =256.281 mm> —— 1=0.31
ps.=1.287% —— 1=0.45
—— W =256.281 mm’® —— 1=0.54
Ps.c=0.724%
—— W =206.098 mm>

§8-C

Py.c=0.724%
(@ (e)

FiGgure 7: The influence law of different parameters on the skeleton curves. (a) Column slenderness ratio. (b) Axial compression ratio.
(c) Cubic concrete strength. (d) Sectional resistance moment of shaped steel and longitudinal reinforcement ratio in the column. (e)
Prestressed degree.

(4) With the increase of the sectional resistance moment of (5) Due to the existence of internal shaped steels, the
shaped steel and longitudinal reinforcement ratio in hysteretic curves with varying prestressed degree
columns, the hysteretic curves became fuller, and the showed no apparent distinction. The increase of
horizontal peak load increased, while the displacements prestressed degree can only slightly increase the
corresponding to the peak loads as well as the stiff- horizontal bearing capacity of the frame; however, it

nesses of descending segments kept almost unchanged. had little influence on the initial stiffness, the
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TaBLE 2: Characteristics of skeleton curves under different analytical parameters in positive direction.

Analytical parameters Ky (kN/mm) A, (mm) A,, (mm) P,, (kN) K; (kN/mm)
p=6 27.3 10.2 19.7 312.1 0.503
p=38 12.4 16.3 29.5 228.7 0.187
p=10 6.5 24.7 49.2 182.8 0.110
p=12 3.8 34.3 88.4 150.7 0.058
no=0.1 9.7 20.6 48.7 226.6 0.171
no=0.3 11.0 18.4 48.6 230.4 0.230
ny=0.5 12.2 16.2 48.6 221.2 0.660
no=0.7 12.7 14.0 24.2 197.8 2.135
fcu =30 MPa 9.1 23.6 49.4 246.0 0.106
fecu=40MPa 10.6 21.5 49.0 262.1 0.203
fCu =50 MPa 12.2 20.1 48.8 279.2 0.192
Wisc - 256.281; p;_1.287% 122 16.0 29.5 221.2 0.263
Wi 268.281; p.c_0.724% 12.6 16.3 295 233.3 0.182
Wes.c - 206.098; pq.c - 0.724% 11.2 16.2 29.5 204.3 0.247
A=0.31 12.7 16.2 49.1 233.3 0.314
A=045 12.6 16.2 29.5 232.1 0.270
A=0.54 12.6 16.4 29.7 233.3 0.259

displacement at peak load, and the stiffness of the
descending branch of the skeleton curves.

Other factors, such as the sectional resistance moment of
shaped steel and longitudinal reinforcement ratio in the beam,
the yield strength of the shaped steel, and the longitudinal
reinforcement both in beams and columns, had the same ef-
fects as the sectional resistance moment of shaped steel in the
columns. In addition, the influence of various analysis pa-
rameters on the hysteretic and skeleton curves for the non-
prestressed steel reinforced concrete frame was analogous to
that of the prestressed ones, which were omitted here.

4.3. Characteristics of Hysteresis Curves. As can be seen by
calculated hysteretic curves, in the initial stage of loading, the
hysteretic curves behaved as a straight line passing through the
origin in two directions, and the loading and unloading curves
coincided, which means that the composite frame is in the
elastic working stage; as the loading displacement increased, the
skeleton curves gradually deviated from the straight line, and a
certain unloading deformation appeared, and as the unloading
displacement increases, the unloading stiffness decreases
slightly. When the axial compression ratio did not exceed the
value of 0.5, the calculated hysteretic curves were relatively
plump, showing a stable shuttle shape, and no obvious pinch
formed.

It can be found from the skeleton curves that the column
slenderness ratio and axial compression ratio had significant
influence on the initial stiffness, displacement at peak load, and
the stiffness of the descending segment, while the other factors
had almost no impact on the shape of the skeleton curves.

5. Horizontal Load-Displacement
Hysteretic Models

Based on the analysis of a large number of parameters, the
horizontal load-displacement hysteretic models of single-
storey and single-span prestressed and non-prestressed steel

reinforced concrete frames were regressed in this paper,
which were suitable for such frame structure.

5.1. Skeleton Curves. The skeleton curves of the hysteretic
model adopt a degenerate trilinear model shown in Figure 8,
where five parameters are needed to be determined, namely,
the yield stiffness K,, the horizontal yield load P,, the
horizontal peak load P,,, the peak point displacement A,,,
and the descending branch stiffness K. It is demonstrated
from the foregoing analysis that prestressed degree had a
certain effect on the peak load of the skeleton curves. Due to
the fact that the peak load was mainly related to the flexural
capacity of beam and the influence of prestressing tendons
had been considered to compute the flexural capacity of
beam, to simplify the analysis, the axial compression ratio
and slenderness ratio are taken as the major factors to es-
tablish the skeleton curve model, and the influence of
prestressing degree was not considered repeatedly.

(1) According to the initial bending stiffness of the beam
and column section, the size of the specimen, and the
load distribution patterns, elastic theory and nu-
merical regression can be used to establish the ex-
pression of the initial frame stiffness K, as follows:

K, =(1.412 + 0.39n — 0.0438 — 0.69n” + 0.0661,8) K.

(2)
Among them,
_3EI, 12+36k
L) 3(4+3k)
(3)
_ ELJ0.5L,
- ELJL, ’

where ng is the axial compression ratio; K, is the
elastic lateral stiffness of the composite frame under
horizontal load; EI. and EI, represent the sectional
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Ficure 8: Skeleton curve model.

stiffness of the column and beam, respectively; L is
the beam length; and H is the total height of the
column.

(2) The expression of the regressed horizontal yield load
Py is taken as

P, =(1.35 - 1.17n, — 0.0181 + 1.66n; + 0.044n,B)P,,

where My,; and M,,, represent, respectively, the
flexural capacity at the two ends of the beam in the
direction of bending deformation and M,,,; and M,
represent, respectively, the flexural capacity at the
bottom of the two columns.

(3) By the analysis, the expression of peak load Py, is

given as
@) P, =(1.39-1.02 ;
= (1.39 = 1.02n5 — 0.0071B + 1.62n; + 0.0331,)P,.
where (6)
My, + My, + M, + M

p, =t Lb”i 0 SHCMI aZ (5) (4) Through regression analysis, the expression of the

27 T displacement A, corresponding to the peak load is as
follows:

A, =(—2.692 + 4.314n, + 0.997B — 4.788n; — 0.171n,B + 0.054°)A,, (7)

(5) The expression of the stiffness of the descending
section Ky is given below by regression.

K, =(0.516m5 — 0.1697, + 0.0242)K,. (8)

6. Hysteresis Rules

The horizontal load-displacement (P-A) hysteretic model of
the frames is provided in Figure 9. The numbers from small
to large in this figure indicate the walking route of the
hysteretic models during forward and reverse loading and
unloading [17, 18]. The hysteresis rule is stated as follows:

(1) Loading and unloading rules for elastic segment:
before the horizontal load reaches the yield load P,,
loading and unloading are carried out along the
skeleton curves; the unloading stiffness is taken as
the initial stiffness, regardless of the stiffness deg-
radation and residual deformation.

(2) Loading and unloading rules for elastoplastic stage:
the loading stiffness is the incremental stiffness after
yielding when the restoring force exceeds the posi-
tive or negative yield load P, and does not reach the
ultimate bearing capacity P, in the positive or

negative directions. According to a large number of
calculated results and statistical regression, the
unloading stiffness K, is reduced from the initial
stiffness, which can be obtained as follows:

-0.162
K,, = o.925< A”y") K,. (9)

(3) Unloading rules for descending segment: when the

restoring force exceeds the limit horizontal load P,
in the positive or negative direction, the loading
stiffness is taken as the stiffness of the descending
segment of the skeleton curves, and the unloading
stiffness of the descending segment is still com-
puted in accordance with equation (9).

(4) Reverse reloading rules: after unloading in the for-

ward direction and subsequent loading in the reverse
direction, when the maximum displacement expe-
rienced in the reverse direction does not exceed the
yield displacement A,, the loading curve will directly
point to the reverse yield point from P=0.2P,,,.
When the maximum displacement experienced in
the reverse direction exceeds the yield displacement
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A,, loading curve points directly from P=0.2P,, to
the maximum displacement point experienced in the
reverse direction; when unloading in the reverse
direction and reloading in the forward direction, the
loading curve will point from P=0.2P,, to the
maximum displacement point experienced in the
forward direction.

6.1. Hysteresis Model Validation. The comparison between
the hysteretic curves obtained by numerical calculation
and the P-A hysteretic models established in this paper is
presented in Figure 10. The results indicate that the
hysteretic curves of numerical calculation are close to the
hysteretic model. It can be found that the hysteretic
models established in this paper are reliable and can be
used to predict the hysteretic performance of prestressed
and non-prestressed steel reinforced concrete frames
under horizontal loads.

7. Conclusions

The numerical simulation of the whole hysteretic process of
the prestressed steel reinforced concrete frame under

horizontal low cyclic loading is conducted, and the following
conclusions are obtained:

(1) The single-storey and single-span prestressed and
non-prestressed steel reinforced concrete frame
numerical models established can appropriately re-
flect the test results and have high reliability.

(2) The calculation results of the numerical model
showed that the prestressed and non-prestressed
steel reinforced concrete frames had full hysteretic
loop area and stable shuttle shape without obvious
pinching, which showed good energy dissipation
capacity.

(3) With the increase of column slenderness ratio, the
frame stiffness and peak load decreased while the
ductility increased; with the increase of axial com-
pression ratio, the frame displacement ductility
decreased, showing that its deformation ability is
reduced.

(4) According to the parameter analysis, the hysteresis
model of single-storey and single-span prestressed
and non-prestressed steel reinforced concrete frames
was established, which can better predict the hys-
teretic performance of such composite frame under
horizontal load.
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Based on the Damaoshan Highway Tunnel Reconstruction and Expansion Project, the dynamic response of adjacent tunnels
during the blasting excavation of existing tunnels is analyzed by using the LS_DYNA finite element software, and the blasting
vibration response and lining stress change in the blasting process are studied. Taking the particle peak vibration speed as the
criterion, the traffic safety of the adjacent operating tunnels is determined. Moreover, the stress changes of the adjacent tunnel
lining caused by blasting excavation are studied through the maximum principal stress. The results show that the particle peak
vibration speed on the front explosion side is significantly greater than that on the back explosion side, and the maximum particle
peak vibration speed on the road surface is 13 cm/s, which is greater than the allowable safety standard. Besides, the maximum
principal stress on the front explosion side is about 1.5 times of that on the back explosion side, showing a “quasi-bias”
phenomenon. Therefore, it is recommended to control the operation of the tunnel during the blasting process and especially focus
on monitoring the vibration responses and stress changes of the lining of the operating tunnel during the construction period.

1. Introduction

With the rapid economic development of China, the traffic
volume of highway tunnels is gradually increasing. Due to
the saturation of traffic volume in some economically de-
veloped areas, more and more expressway tunnels are ex-
panded into two-way six-lane or even eight-lane road
tunnels [1, 2]. The reasons of tunnel reconstruction mainly
include structure of the tunnel constructed long time ago is
too old or the tunnel structure is damaged by external forces.
Moreover, due to the increase of traffic volume and disaster
prevention limits, the requirements of the existing tunnels
cannot be met [3, 4]. Although there are many tunnel re-
construction forms, the tunnel extension can only be carried
out in situ by expanding the tunnel section and increasing
the number of traffic lanes, in order to adapt to the growth of
traffic volume. This is mainly due to the limitation of to-
pography, geology, and construction conditions. The in situ
extension of the tunnel has three commonly used forms:
unilateral extension, bilateral extension, and peripheral
extension [5, 6].

The span of the Damaoshan Highway Tunnel Recon-
struction and Expansion Project is the largest in similar
reconstruction projects of China. The characteristics of this
project lie in the following: the tunnel section is large, the net
distance between the new tunnel and the original tunnel is
small, and the original tunnel will be kept in operation
during the construction period [7, 8]. At present, Chinese
researchers have carried out a series of studies on the re-
construction and expansion project of Damaoshan Tunnel.
For example, Liu et al. [9] analyzed the cumulative damage
effect of rock in the Damaoshan Tunnel Group based on the
dynamic damage theory. Besides, Lin et al. [10-13] studied
the vibration characteristics and regularities of the wall and
middle rock of the existing operating tunnel through insite
blasting tests. In addition, Sun et al. [14] studied charac-
teristics of the deformation evolution of surrounding rock
and the stress of supporting structure in the construction
process of the new tunnel through the insite monitoring
measurements. Moreover, Yang et al. [15] compared the
deformation and mechanical properties of surrounding rock
during the construction of new and expanded tunnels
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through numerical simulation. Furthermore, Chen et al. [16]
proposed the maximum blasting charge insitu for the largest
section of the Damoshan Tunnel by analyzing the influence
of in situ blasting on the structural safety of adjacent op-
erating tunnels. What is more, Li et al. [17] proposed an
analytical algorithm for calculating the mechanical prop-
erties of surrounding rock during the in situ tunnel ex-
pansion, which was verified by the monitoring data of
surrounding rock deformation during the expansion project
in Damaoshan.

The LS-DYNA program is a fully functional geometric
nonlinearity (large displacement, large rotation and large
strain), material nonlinearity (more than 140 material dy-
namic models), and contact nonlinearity (more than 50)
program. It is based on the Lagrange algorithm, combined
with ALE and Euler algorithms, based on explicit solution,
with implicit solution function, based on structural analysis,
combined with thermal analysis and fluid-structure coupling
function, and nonlinear dynamic analysis, mainly with static
analysis functions (such as prestress calculation before dy-
namic analysis and springback calculation after sheet
stamping and forming).

In the construction process of in situ tunnel expansion,
the adjacent tunnels are planned to maintain normal traffic
operation, so it is very important to ensure their operation
and structural safety under the blasting load. In this study,
the dynamic response of adjacent tunnels during the blasting
excavation of existing tunnels is analyzed by using the
LS_DYNA finite element software, which is based on the
Fujian Quan-Xia Expressway Damoshan Tunnel Expansion
Project, and the blasting vibration response and lining stress
change in the blasting process are studied. According to
these analyses, relevant suggestions are put forward to en-
sure the traffic safety of the operating tunnels, and it is
expected to provide valuable references for similar tunnel
reconstruction and expansion projects.

2. Project Overview

Damaoshan Tunnel is located in the Xiamen section of
Quan-Xia Expressway which is called as the “First Road of
Fujian” in Fujian Province of China. The original tunnel is a
two-hole and four-lane separated tunnel with a total length
of 600 m. The tunnel reconstruction and expansion project is
to build a four-lane tunnel between the two original tunnels
and expand the right tunnel into a four-lane tunnel in situ.
The net distance between the original two-lane tunnel and
the newly built four-lane tunnel is 5.89 m and that between
the newly built and the expanded four-lane tunnel is 8.83 m,
which is a typical tunnel with small net distance. After the
completion of the expansion, the tunnel can meet the traffic
requirements of a single hole with four lanes, a span of 22 m,
and a cross section area of 255 m?, of which the span is the
largest in China. A rare tunnel group with large cross-section
and small net distance is formed by the original tunnel, the
newly built tunnel, and the expanded tunnel [18-33]. The
cross-section layout of the tunnel group is shown in Figure 1.

According to the tunnel reconstruction and expansion
plan, the tunnel group from left to right is two-lane tunnel
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(the original tunnel, which maintains traffic during con-
struction and will be abandoned or used for other purposes
after construction completed), newly built four-lane tunnel,
and the in situ expanded four-lane tunnel (the expansion
begins after the completion of the newly built four-lane
tunnel). The illustration of the reconstruction and expansion
of the tunnel is shown in Figure 2.

3. Numerical Calculation Scheme

3.1. Numerical Calculation Model. Large-scale dynamic fi-
nite element calculation software LS_DYNA is used to carry
out the simulation of in situ blasting expansion. According
to the construction plan of the in situ tunnel expansion, the
original secondary lining is dismantled first; then, blasting
excavation is carried out on the left guide pit, but this plan
produces the most negative effect on adjacent operating
tunnels. Therefore, in the numerical simulation, the typical
section of IV class perimeter rock is selected, and the ex-
plosive is set in the left guide pit of the in situ expanding
tunnel, while the equivalent TNT explosive is simplified into
a cube loading. The model size of surrounding rock is
150m x 100 m, and a single-layer mesh is taken for the
tunnel axial. The partial diagram of the numerical model is
shown in Figure 3.

The calculation algorithms of LS_DYNA mainly include
the Lagrange algorithm, Euler algorithm, and ALE algo-
rithm. In order to avoid calculation errors caused by grid
distortion, the ALE algorithm is used for blasting simulation.
The surrounding rock, primary support, and secondary
lining are connected by common nodes, and Lagrange al-
gorithm is used, while the ALE algorithm is also applied for
explosives and air. The propagation of blast wave in the
surrounding rock and its interaction with primary support
and secondary lining are realized by the fluid-solid coupling
method. In order to improve the calculation accuracy,
regular quadrilateral SOLID164 element and hexahedral
mapping grid are employed in the model, and the sur-
rounding rock grid size is about 20 cm. The nonreflective
boundary condition is adopted to avoid the reflection of
shock wave around the surrounding rock.

3.2. Material Model and Parameter Settings. The explosive
material is modeled by a high-energy explosive material
defined in the numerical software (*Mat_high _Explosi-
ve_Burn), and it is described by the JWL state equation
(*Eos_Jwl). The explosive detonates at the center of charge,
with the explosive density of 1300kg/m’ and detonation
velocity of 4000 m/s. The equation of explosive state is de-
fined as

. . E
P=Al1--2)e®ViB(1--2 )2 (1
RV RV %

where P is the pressure, V is the relative volume, E is the
internal energy density, and A, B, R;, R,, and w are the
explosive constants. Wherein, A =214 GPa, B=0.18 GPa,
w=0.15, R, =42, and R, =0.9.
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Air is simplified as a nonviscous ideal gas, and the
*Mat_Null material model is adopted for the air. The ex-
pansion process of the shock wave is assumed to be an
isentropic adiabatic process, and the linearly polynomial
state equation (*Eos_Linear_Polynomial) is used to describe
this process. The state equation of air is defined as

P=Cy+Cyp+Cop’ + Cyp® +(Cy + Cop+ Cepi®)E, (2)

where Cy, Cy, Cy, Cs, C4, Cs, and Cg are the constants related
to gas properties, Co=C;=C,=C3=Cs=0, and C;=Cs5=

y—1; u=plpo—1; po, p> > and E are the initial density, density,
adiabatic index, and internal energy density, respectively.
Wherein, po=1.293kg/m?, y=1.4, and E=0.25 MPa.

The ideal elastoplastic model is used for the surrounding
rock and initial support (*Mat_Plastic_Kinematic). The
parameters of initial support are represented by the in-
creased surrounding rock properties, such as the 50% in-
creased elastic modulus or yield stress. The secondary lining
uses the J-H-C material model (*Mat_Johnson_Holmquist
_Concrete). According to the geological survey report of the
Damaoshan Tunnel and the reference of “the Road Tunnel



Design Specification,” the physical and mechanical pa-
rameters of the surrounding rock, initial support, and
secondary lining are determined and given in Table 1.

4. Calculation Results and Analysis
4.1. Vibration Control Analysis of Operating Tunnels

4.1.1. Blasting Vibration Velocity Control Threshold.
Vibration caused by tunnel blasting has a negative effect on
the surrounding rock and adjacent structures, and the in situ
expansion blasting-induced vibration will affect the traffic
safety of adjacent operating tunnels. Therefore, research
studies on the vibration control of the tunnel in situ ex-
pansion blasting process should be conducted. The current
promulgated “Blasting Safety Regulations” (GB6722-2014)
of China regards the peak particle vibration velocity as the
index of the allowable safety standard for blasting vibration,
and the allowable safety standard is set at 10-20 cm/s for
traffic tunnels.

By analyzing available literature, the blasting vibration
velocity control thresholds of some tunnels with small net
distance in China are summarized in Table 2. Through the
combination of engineering practice and literature analysis,
the maximum vibration speed of the surrounding rock and
lining of existing tunnel is 15cm/s due to the blasting
construction of the new tunnel. Therefore, when the road
vibration speed is less than 10 cm/s, no noticeable vibration
will be aware when the car passes the tunnel in a quick speed.
In the particular view of the Damaoshan Tunnel Recon-
struction and Expansion Project, in order to ensure the
traffic and structural safety of the adjacent operating tunnel,
the secondary lining vibration threshold of the operating
tunnel is set as 15 cm/s and the road vibration threshold is set
as 10 cm/s.

4.1.2. Vibration Analysis of Adjacent Tunnels. During the
numerical simulation process, monitoring points are set in
the vaults, arch shoulders, arch waists, arch feet, and arch
bottoms of the newly built four-lane operating tunnel to
monitor the vibration effect of blasting expansion on the
operation tunnel. The full section peak vibration velocity
envelope of the original two-lane operating tunnel and the
newly built four-lane operating tunnel is shown in Figures 4
and 5, respectively.

As can be seen from Figures 4 and 5, the peak vibration
velocities at the arch shoulder and waist are the largest,
followed by the vault and arch foot, and the arch bottom is
the lowest. The peak vibration velocity of the side near the
explosion is obviously higher than that of the side away from
the explosion. Due to the long distance from the explosion
point, the power response of the support structure of the
original operating tunnel is smaller than that of the newly
built operating tunnel. Therefore, when the construction of
blasting expansion is carried out, the traffic and structural
safety of the adjacent newly built four-lane operating tunnel
should be paid more attention.

According to the simulation analysis of several blasting
groups, the peak vibration velocity at the tunnel shoulder is
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about 1.5-4 times of that at the tunnel bottom, and the peak
vibration velocity at the side near the explosion is about 5-10
times of that at the side away from the explosion. Therefore,
the in situ expansion blasting has a great influence on the
adjacent operating tunnel, and the shoulder and waist of the
operating tunnel are the weak links during the blasting
excavation. Thus, in the construction process, special at-
tention should be paid to the blasting vibration response of
the arch shoulder and waist at the side near the explosion in
the adjacent operating tunnel.

Through numerical simulation, the maximum value of
the mass point vibration speed of road is 13 cm/s, which is
greater than the allowable safety value stipulated in “the
Blast Safety Regulations.” Therefore, during the con-
struction of the expansion tunnel, temporary traffic
control should be implemented in adjacent operating
tunnels until the completion of the blasting and safety
inspection. Thus, it is recommended that the blasting
operations should be carried out at night or in the early
morning with low traffic volumes, in order to avoid
causing traffic jams. During the construction of tunnel
expansion, the safety monitoring of the lining structure of
adjacent operating tunnels should be strengthened, so as
to provide timely and early warning.

4.2. Stress Analysis of Tunnel Lining in Operation. In order to
analyze the influence of blasting expansion on the lining
structure of adjacent operation tunnels, the monitoring
points are set in the vaults, arch shoulders, arch waists, arch
feet, and arch bottoms of the newly built four-lane operating
tunnel, and the stress distribution of the lining structures is
monitored, as shown in Figure 6.

It can be seen from Figure 6 that the stresses at the arch
shoulder and waist of the lining structure are the largest,
followed by the vault and arch foot, and the stress at the arch
bottom is the smallest. The stress of the lining structure is
asymmetrically distributed and that on the side near the
explosion is obviously greater than that on the side away
from the explosion. The maximum stress of the lining
structure of the newly built four-lane operating tunnel is
1.76 MPa, which appears at the arch waist of the side near the
explosion. The maximum principal stress of the arch waist of
the side away from the explosion is 1.17 MPa; thus, the
former is 1.5 times of the latter, showing a “quasi-bias”
phenomenon.

The pressure distribution of the newly built four-lane
operating tunnel is shown in Figure 7, and it is found that the
surrounding rock pressure shows a side extrusion charac-
teristic of “larger on both sides and smaller on vault” in the
spatial distribution. The pressure of the side near the ex-
plosion of the surrounding rock is greater than the side away
from the explosion, and the pressure distribution of the
surrounding rock is in consistence with the stress distri-
bution of the lining structure, which shows a “quasi-bias”
phenomenon. Therefore, in the construction process of
blasting expansion, the stress distribution of the explosion
side lining structure adjacent to the operating tunnel should
be paid more attention.
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TaBLE 1: Physical-mechanical parameters of materials.

Material Density (kg-m’3) Elastic modulus (GPa) Poisson’s ratio Yield stress (MPa)
Surrounding rock 2300 3.0 0.35 10
Initial support 2400 4.5 0.30 15
Secondary lining 2700 30.0 0.20 20

TasLE 2: Control thresholds of the blasting vibration velocity for some tunnels with small net distance.

Project Net distance (m) Threshold of vibration velocity (cm-s™)
Zhaobaoshan Highway Tunnel 0.95 10
Xiaoyangshan Tunnel 9.34 10
Bantao Tunnel 6.14 1.8
Wutong Mountain Tunnel 135 6
Sanfu Expressway Tunnel 5 10
Dongjiashan Tunnel 3.75 15
Shishi Tunnel 8.2 15
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FIGURE 4: Envelope of full section peak vibration velocity of the original two-lane operating tunnel (unit: cm/s).
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FiGure 5: Envelope of full section peak vibration velocity of the new four-lane operating tunnel (unit: cm).
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5. Conclusion

In this study, the numerical model for blasting expansion of
the large section tunnel with small net distance in situ was
established by LS_DYNA power finite element software; the
vibration responses and lining stress changes of adjacent
operating tunnels under blasting load of the Damaoshan
Tunnel expansion project were simulated. The results of the
present work can provide references and guidances for the
construction problems of similar tunnel expansion projects.
The main conclusions and recommendations are listed as
follows.

(1) In situ expansion by blasting excavation has a great
impact on adjacent operating tunnels, and the
shoulder and waist of the operating tunnel are the
weak links during the blasting excavation. The peak
vibration velocity at the arch shoulder of the tunnel is
about 1.5-4 times of the tunnel bottom and that on
the side near the explosion is about 5-10 times of the
side away from the explosion.

(2) Under the blasting loads during tunnel expansion,
the peak particle vibration speed of the newly built
four-lane operating tunnel reaches 13 cm/s, which
exceeds the allowable safety value. Therefore, it is
recommended that during the blasting construction
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of the expanded tunnel, traffic control should be
implemented temporarily in the adjacent operating
tunnels. It is also suggested that the blasting oper-
ations arranged at night or early morning during
which the traffic volume is small.

(3) Under the blasting loads of the newly built four-lane
operating tunnel, the stress of the lining of the near
blast side arch waist is about 1.5 times of the side
away from the blasting, showing a “bias-like” phe-
nomenon, and the pressure distribution of sur-
rounding rock presents similar trends.

(4) On the explosion side of the adjacent operating
tunnel, the mass point vibration and stress distri-
bution of the lining structure are in an unfavorable
state. Dynamic monitoring should be carried out
during the expansion process to ensure the traffic
safety of the adjacent operating tunnels.
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Vehicle load may not only cause vertical deformation and vibration of suspension bridge but also lead to longitudinal deformation
and vibration. And the longitudinal behavior is closely related to the durability of the girder end devices and the bending fatigue
failure of suspenders. In this study, the longitudinal deformation behavior and longitudinal vibration of suspension bridge under
vehicles, as well as the related influencing factors, are investigated. The underlying mechanism of girder longitudinal movement
under the moving vehicles is revealed. Based on the simplified vehicle model of vertical concentrated force, the characteristics of
main cable deformation and girder longitudinal displacement under vertical loads are analyzed first. Then, the longitudinal
motion equation of the girder under vertical moving loads is derived. Finally, a single long-span suspension bridge is employed in
the case study, and the girder longitudinal response and influencing factors are investigated based on both numerical simulation
and field monitoring. Results indicate that the asymmetric vertical load leads to cable longitudinal deflection owing to the
geometrically nonlinear characteristic of the main cable, leading to longitudinal movement of the girder. The results of field
monitoring and numerical simulation indicate that the girder moves quasi-statically and reciprocates longitudinally with

centimeter amplitude under normal operational loads.

1. Introduction

The suspension bridge with great spanning ability is in-
creasingly used in projects of spanning grand Canyons, seas,
and islands [1]. However, such bridges are flexible and vi-
bration sensitive, and the stiffness and vibration of the
suspension bridges are major topics in research on structural
dynamics. The previous studies showed that the fatigue and
durability of girder end ancillary facilities such as the ex-
pansion joints, dampers, and bearing are related to the
reciprocating longitudinal movement characteristics of the
stiffening girders. The huge accumulative displacement
caused by traffic or wind loads during the operational stage is
an important reason for the damage of the end attached

facilities [2-5]. The reciprocating longitudinal movement
may also induce fatigue failure of short suspenders for
suspension bridge [6-9] and oil leakage of hydraulic damper
[10]. Meanwhile, the vehicle load can cause excessive ro-
tation angle to the girder ends, which will affect driving
safety and comfort [11, 12].

In early studies concerning girder end displacement and
girder longitudinal vibration for the suspension bridges,
majority of researchers were concerned with overlarge girder
end displacement or pounding between adjacent compo-
nents at the girder ends of the bridge [13-15]. However, for
vehicle load, related to vertical moving loads, vertical vi-
bration and deflection are directly and mostly investigated
[16-19]. The longitudinal vibration caused by vehicles only
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involves the braking force, which is the longitudinal load
excitation applied to the deck [14, 20]. The longitudinal
response of the girder caused by earthquake is much larger
than that caused by vehicle load, and the longitudinal vi-
bration and control under operational actions were relatively
less concerned.

An increasing number of investigators are paying at-
tention to the issues of girder longitudinal movement and its
factors under vehicle load for the suspension bridge at
present, owing to increasing cases that the girder end devices
fail prematurely due to operational actions. The vehicle-
girder longitudinal movement relationship is mainly in-
vestigated qualitatively via statistical regression based on
bridge health monitoring data [21-25], or numerical analysis
based on finite element (FE) [26-28]. For example, Guo et al.
[22] utilized the long-term monitoring data of two long-span
suspension bridges and a long-span cable-stayed bridge in
China to comparatively investigate the response charac-
teristics of girder longitudinal movements. Sun et al. [23]
also utilized the long-term monitoring data to evaluate the
condition of girder end expansion joints for suspension
bridge during the operational stage. Hu et al. [24] further
investigated the frequency spectrum of longitudinal girder
end displacement and quantitative contribution of longi-
tudinal girder end cumulative displacement due to various
load excitations.

Scholars also used the FE to analyze longitudinal vi-
bration and control for the suspension bridges. For instance,
Zhao et al. [26] established a bridge FE model to investigate
the dynamic response of suspension bridge under random
traffic load and influence of fluid viscous damper. Gao et al.
[28] developed two bridge FE models to simulate interaction
of traffic excitations and suspension bridges for evaluating
the effect of the rigid central clamps on the longitudinal
deformation of suspension bridges. However, the above-
mentioned investigation ignored the underlying mechanical
mechanism on longitudinal behavior of suspension bridges
under vehicle load, which is often covered by huge moni-
toring data and numerical analysis.

This study is devoted to investigating the longitudinal
deformation and vibration of suspension bridge under traffic
loads by combining field measurement, theory analysis, and
numerical simulation with two specific aims: (1) to reveal the
underlying mechanisms of girder longitudinal behavior
caused by vehicles through comparative analysis and (2) to
discuss influencing factors and propose control measures of
girder longitudinal displacement during normal operation
period.

2. Engineering Background

2.1. Bridge Description. The Aizhai bridge (Figure 1), a
single-span steel suspension bridge, crossing the Dehang
Grand Canyon with deep steep and complex geology along
the highway between Jishou and Chadong in Hunan
Province, carries the Changsha to Chongging Expressway.
As shown in Figure 1(b), the layout of the main cable is
242 m+ 1176 m+116 m; meanwhile, the total length of the
bridge is 1073.65m. The bridge also has the longest main
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span crossing Grand Canyon in the world when it was
opened to traffic in 2012.

The two bridge towers, namely, the Jishou and Chadong
towers, are made of reinforced concrete and constructed in
situ. They are 130 m high with two crossbeams and 62m
high with one crossbeam, respectively. Thus, the suspension
cable has a sag ratio of 1:9.6. The double main cables, which
are paralleled to each other with the central distance of 27 m,
are supported by the four saddles installed at the top of the
tower. Then, they are fixed to gravity anchorage and tunnel
anchorage on the Jishou and Chadong sides, respectively.
The steel truss girder with a total length of 1000.5m is
adopted for the bridge stiffening girder, which consists of
main trusses, top and bottom bracings, and transverse
trusses. The main trusses are of Warren type and have a
height of 7.5m and a width of 27 m. The stiffening girder is
made of Q345 steel with an elastic modulus of 210 GPa, axial
allowable stress of 200 MPa, bending allowable stress of 210
MPa, and shear allowable stress of 120 MPa. And the pa-
rameters for the main components of the bridge are shown
in Table 1.

2.2. Displacement Monitoring System. The girder end dis-
placement monitoring system was installed specifically on
the Aizhai Bridge and began operation on February 25, 2016,
to clearly understand the longitudinal behavior of the sus-
pension bridge during normal operation period. Overall, a
total of 10 sensors including four ultrasonic displacement
sensors, four draw-wire displacement sensors, and two
temperature sensors were installed to monitor the stiffening
girder longitudinal movement and structural temperature.
They were located at the truss-girder sections of the main
girder ends. At each monitoring section, two ultrasonic
displacement sensors were symmetrically located at two
ends of the top chord, two draw-wire displacement sensors
were symmetrically located at two ends of the bottom chord,
and a temperature sensor was placed at middle of the bottom
chord. The detailed location of the displacement and tem-
perature sensors is shown in Figure 2, and the sampling
frequency and the serial number of the sensors are listed in
Table 2.

2.3. FE Model. A 3D FE model of the Aizhai Suspension
Bridge is established by ANSYS, as shown in Figure 3. The
tower, pier, and stiffening girder are simulated by space
beam-column elements, and the main cables and suspenders
are simulated as the link element (Link 10) that only bears
tension. The gravity stiffness and large deformation non-
linear characteristics of the main cable are considered. In
view of the rigid tower foundation, the tower bottom is
modeled in the form of consolidation without regard to the
pile-soil effect. The end of the stiffening girder is provided
with lateral wind-resistant bearing, which would permit
movement in the longitudinal direction and rotation about
the transverse direction. The Rayleigh damping model is
adopted in dynamic analysis, and the damping ratios that
were associated with the first two longitudinal drift modes
are 0.005. The first seven vibration modes of the bridge are
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FIGURE 1: Aizhai Suspension Bridge (m): (a) realistic scene; (b) general layout.
TaBLE 1: Parameters for the main components of the bridge.
Member Detailed location A (m2) Iyy (m4) Izz (m4) Ixx (m4) E(GPa) P (kg/ms)
Top chords 0.06797 0.00458 0.00654 0.00804 210 8673
Bottom chords 0.05032 0.00326 0.00323 0.00482 210 8673
Bottom chord end 0.06000 0.00384 0.00381 0.00569 210 8673
Stiffening girder truss Web member 0.02141  0.00134 0.00013  2.3983x10°° 210 8673
Web member end 0.05472 0.00339 0.00225 0.00391 210 8673
Diagonal webs 0.02451 0.00184 0.00021 1.658 x107° 210 8673
Diagonal web end 0.04560 0.00299 0.00156 0.00293 210 8673
Main cable Main span and Chadong bank  0.46462 — — — 200 8043
Jishou bank 0.48112 — — — 200 8043
J0o/Co1 0.02386 — — — 115 8680
Suspenders J01/C00/C02 0.01591 — — — 115 8680
J02 ~ C03 0.00779 — — — 115 8680

A, sectional area; Iyy, longitudinal bending moment inertia; Izz, transverse bending moment inertial; Ixx, torsional moment inertial; E, elastic modulus; p,

density.

listed in Table 3, and the first two-order asymmetric vertical
bending with longitudinal floating mode diagram that is
closely related to the girder longitudinal displacement is
shown in Figure 4.

3. Field Monitoring Data Analysis

Figure 5 displays displacement and temperature records
from the six sensors installed in different positions at the
truss-girder sections, which were obtained from March 1,
2016, to October 31, 2017. During this monitoring period,
the measure displacement and temperature varied signifi-
cantly with the seasonal alternation; moreover, the ampli-
tude of displacement and temperature variation were

418 mm and 37.2°C, respectively, at Jishou side. Meanwhile,
they were 452mm and 40.1°C at Chadong side. In fact,
several load factors contribute to girder end longitudinal
displacement including temperature, traffic, or wind loading
in the operational stage. Figure 3 can only superficially
reflect the qualitative relationship between the temperature
variation and the girder longitudinal movement.

In detail, daily monitoring data (e.g., August 15, 2017)
were randomly selected to reveal daily longitudinal move-
ment characteristic of the girder (Figure 6). Figure 6 plots a
typical daily time-history curve of girder end longitudinal
displacement for a suspension bridge, which is similar to a
sinusoidal-shaped fluctuation curve with many small burrs
and also been observed in other related studies [3,22,24].
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FIGURE 2: Monitoring sensors in the truss-girder section at the girder ends.

TaBLE 2: Instrumentations applied on Aizhai Bridge.

Monitoring section Serial number Location details Sampling frequency Unit
ULDJ1 Top chord (south) 5 mm

ULD]J2 Top chord (north) 5 mm

Jishou side DWDJ1 Bottom chord (south) 5 mm
DWD]J2 Bottom chord (north) 5 mm

TEM] Bottom chord (central) 2 °C

ULDCI1 Top chord (south) 5 mm

ULDC2 Top chord (north) 5 mm

Chadong side DWDC1 Bottom chord (south) 5 mm
DWDC2 Bottom chord (north) 5 mm

TEMC Bottom chord (central) 1 °C

Beam188
element:
Pylon
Steel truss girder
Link10 element:
Main cable
Suspender

Total Number :
Element = 5409
Nodes = 1643

Ficure 3: FE model of the Aizhai Bridge.

TaBLE 3: The vibration modes of the Aizhai Bridge.

Frequency (Hz)

Mode no. . Mode shape
FEM res. Field test res [29]
1 0.0562 Not available 1st symmetric lateral
2 0.1158 0.1005 Ist antisymmetric vertical + longitudinal floating
3 0.1408 0.1443 Ist antisymmetric lateral
4 0.1595 0.1759 Ist symmetric vertical
5 0.2126 0.2030 2st symmetric vertical
6 0.2540 0.2822 2st antisymmetric vertical + longitudinal floating
7 0.2939 0.3189 1st symmetric torsional
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FIGURE 4: First two-order asymmetric vertical bending with longitudinal mode: (a) first order; (b) second order.
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FiGURe 5: Displacement and temperature measured during monitoring period: (a) Jishou side; (b) Chadong side.
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FIGURE 6: Time-history curve of daily longitudinal displacement at the girder end.

Meanwhile, these investigations all emphasized that the
fluctuation trend of displacement time-history curve is
caused by the slowly varying temperature, while the burr
displacement is induced by the rapidly changing dynamic
loads such as wind and vehicle load. This view can be
confirmed in Figure 7, and the Fourier spectrum of the
girder end longitudinal displacement of the bridge, which is
obtained by the fast Fourier transform (FFT) from the daily
time-history curve of the girder end longitudinal displace-
ment, is shown in Figure 6.

Temperature-induced girder longitudinal displacement
has been extensively researched. And this study focuses on
the girder longitudinal movement caused by the vehicle load.
Several 10 min displacement data were selected for vehicle-
induced response analysis, where the temperature changes
slightly and the wind speed is less than 2m/s, so that the
selected displacement responses are approximately assumed
to be caused only by vehicles.

As observed from the partial view in Figure 6, the traffic
loads may cause several centimeters of girder end
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FIGURE 7: Fourier spectrum curve of daily longitudinal displacement at the girder end.

longitudinal displacement. Moreover, the Fourier spectrum
curve of 10 min longitudinal displacement is plotted in
Figure 8 by FFT. It indicates that the frequency band of
girder end displacement response is mainly concentrated in
0-0.03 Hz, which is far less than the frequency of first-order
asymmetric vertical bending with longitudinal mode in
Table 2 (0.116 Hz).

4. Theoretical Analysis

4.1. Static Longitudinal Behavior under Vertical Loads. To
investigate the longitudinal girder movement mechanism
of the suspension bridge under the moving vehicle load,
the static deformation behavior of the structure under
vehicle load (i.e., the vertical loads) should be researched
before considering the dynamic displacement response
under moving vehicle. Figure 9 shows a two-hinge single-
span suspension bridge considered in this study. There is
no longitudinal support at either end of the girder, and the
girder longitudinal movement is allowed to reduce the
internal force effect under loads, especially seismic
excitation.

The displacement, which reflects the total stiffness of the
bridge system, is a macroscopic manifestation of structural
deformation behavior characteristics. For suspension
bridges, the structural behavior of the whole bridge depends
on the mechanical properties of the main cables. When the
vertical load is applied to the deck of suspension bridge, the
main cables will undergo flexural deformation. Many
scholars have conducted relevant research on this issue
[30-33], but they all focused on the vertical flexural de-
formation instead of horizontal deflection.

In fact, when the displacement at the top of the tower
and the elastic elongation of the cable are ignored, the cable
geometric configuration will change due to the applied

unbalanced loads (or the asymmetric loads). The defor-
mation diagrams of suspension bridge under vertical
asymmetric loads are presented in Figure 10. And the
coupling relationship between vertical deflection and lon-
gitudinal displacement of the cable is analyzed on the basis
of deflection theory as follows.

The ds micro-element section of the main cable (Fig-
ure 11) is taken as the research object to analyze the de-
flection characteristic. The horizontal projection of change
in cable length of a differential cable element dw is given by
the compatibility equation [34]:

Hp

T d
= 3 & dx - —ydq ,
EcAccos” v

dw
cos” v dx

dx +

(1)

where Hp =horizontal cable force component due to live
load; EcAc = cable axial stiffness; T'=temperature change in
suspension cable; o= coefficient of thermal expansion;
W = cable inclination angle; # =cable deflection under live
load; y = cable ordinate under dead load; and x = the hori-
zontal coordinate along the axis of the deck.

Equation (1) indicates that dw consists of three parts. The
first two are the elastic elongation deformation displacement
caused by vertical live loads and temperature, respectively.
Meanwhile, the last is the longitudinal deformation dis-
placement induced by the cable vertical deflection #, and this
reveals the cable deformation characteristics that the vertical
displacement is coupling with the longitudinal. Without
regard to temperature and the elastic elongation induced by
live loads [35], Equation (1) can be written more simply as

Y 4

dw = - .
v dx’7

(2)

Then, the cable horizontal displacement u (x) can be
written as
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FiGure 8: Fourier spectrum curve of 10 min longitudinal displacement at the girder end.
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Equations (2) or (3) shows that the vertical deflection of
the cable induced by vertical live loads is accompanied by the
longitudinal horizontal displacement. Notably, any form of
loads can be decomposed into symmetrical and antisym-
metric loads based on mechanical theory, and it is only the
asymmetric vertical loads applied to the deck that may cause
the girder longitudinal displacement. However, symmetrical
vertical loads may cause symmetrical deformation of the

suspension bridge, which fails to contribute to the girder
longitudinal movement. When asymmetric vertical loads,
especially the antisymmetric vertical loads, are applied to the
deck of the suspension bridge, then the girder and cable
undergoes approximately antisymmetric vertical deflection
accompanied by longitudinal drift, which result in the static
displacement response of the girder, as shown in
Figure 10(b).

An exact analytic solution is difficult to obtain from
Equation (2) due to the complex function expression of #.
However, u(x) can be solved in some ideal cases with
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appropriate approximation assumptions, such as the load
case shown in Figure 10(b).

The cable geometry under dead load is parabolic and can
be written as

y=i—2fx(l—x), (4)

and the cable deflection under antisymmetric uniformly
distributed load is a sine curve that can be expressed as

21X
l b
where A is the maximum of cable vertical deflection.

Substituting Equations (4) and (5) to Equation (3),
Equation (3) will be rewritten as

u(x) = —ﬂ [(1 - 2—x>n sin(z%) - cos(z%) + 1]. (6)

nL L

The cable longitudinal displacement curve is drawn as
shown in Figure 12. And the figure shows that the cable
longitudinal displacement varies with its horizontal coordi-
nates and presents an analogous double wave peak curve with
its maximums occurring at approximately I/4 and 3I/4. This
homodromous but unequal cable longitudinal displacement
causes the suspenders to incline; as a result, the girder moves
longitudinally as a whole. Notably, the cable longitudinal
displacement determines that of the girder but not the same,
and the correlation between them is affected by several factors,
such as gravity stiffness, load cases, and the connection between
the cables and girder. Consequently, the analytical solution of
the girder longitudinal displacement induced by vertical loads
is difficult to obtain and is generally solved by numerical
methods.

n = Asin (5)

4.2. Under Vertical Moving Loads. Without considering
longitudinal vibration temporarily, the linear vibration
equation of suspension bridge system under vertical load p
(x, t) can be expressed as

2

4
EId—]Z—HOd—Z+Ci1+mﬁ:p(x,t), (7)
dx dx
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FIGURE 12: Longitudinal displacement of the main cable under
antisymmetric uniformly distributed load.

where EI is the flexural rigidity of stiffening girder, H, is the
horizontal cable force component at the static equilibrium
position, Cis the structural damping coefficient, and m is the
mass per unit deck length.

The dynamic deflection of the flexural vibration of the
suspension bridge is assumed to be

n(xt) =Y g,(t) - ¢, (x), (8)
n=1

where g,, (t) denotes the nth modal coordinate and ¢,, (x)
denotes the n-order vibration mode vector.

Substituting Equations (8) to (7) and using mode shape
orthogonality, the n-order equation of motion without the
effect of structural damping in modal coordinate system can
be expressed as

G, () + wlq, (t) = Q(1), (9)

where w? = EI _[f) ¢We,dx — H, jg o) p,dx/m jf) @2 (x)dx
is n-order natural vibration frequency of the suspension
bridge, and the generalized load is

N [} p(x,0)p,dx

. 10
Q1) mqu)f,(x)dx (10)
For long-span suspension bridges, the vehicle mass and
the body length are far less than the bridge structural system
mass and the bridge span, respectively. This study aims to
reveal the mechanism of the displacement response of the
girder and grasp its overall response characteristics under
vehicle load without considering the vibration effect of the
vehicle itself and the influence of coupling effects between
the moving loads and bridge deformations temporarily.
Thus, the moving vehicle is approximately simulated as
moving constant load, and then, the generalized load can be
expressed as

od W PO(x=1)9,dx _ pp, (1)

Q(
m Ji) ‘Pf, (x)dx m j; q)fl (x)dx

, (11)

where p is the moving constant load and &, which is the Dirac
delta function, is defined as
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0, x#t,
8(x—vt)=<[ (12)

1, x=vt.

Substituting Equations (11) to (9), Equation (9) can be
rewritten as

pe, (V1)
m .[f) (p,zl (x)dx

Note that only longitudinal drift modes are concerned
for the girder longitudinal displacement or longitudinal
vibration under moving load, and these modes are always
accompanied by the asymmetric vertical flexural modes for
suspension bridge, as shown in Figure 4. Moreover, the
antisymmetric vertical bending mode function of the girder
is assumed as

Gy () + wpg, (1) = (13)

27'mx>. (14)

@, = sin(
Substituting Equations (14) to (13), the solution of the
equation can be obtained as

2P Y1 Q

q(t) =W;m(sin Qnt—w—:sin wnt)), (15)
where the generalized disturbance frequency Q,, =2 nnv/l.

As shown in Figure 4, the antisymmetric vertical bending
modes are always coupled with longitudinal drift, and
longitudinal nonzero displacement (i.e., modal coordinates)
of the girders is assumed to be equal to ¢,,. Then, the
corresponding girder longitudinal displacement u;, (#) can
expressed as

2P T 1 Q
u, (t) =— sin Q,t ——"sin w,t |¢,,. (16)
b() ml;wi_9i< , )‘px

Therefore, the longitudinal vibration of suspension
bridge under moving loads is presented as simple harmonic
forced vibration at generalized disturbance frequency 2 wnv/
I in the modal coordinate system.

If the moving speed is very small, then Q,, is far less than
the natural frequency of the structure w, and the structure
response is quasi-static under moving load. If only the first
mode is considered, then the longitudinal displacement of
the girder can be expressed as

wy (1) = up, (1)sin ZT”x, (17)

where 1 is the static longitudinal displacement amplitude
of the girder and [ is the displacement wavelength of si-
nusoidal curve, and it is also equal to the span of the main
girder of a single-span suspension bridge.

When the generalized longitudinal disturbance fre-
quency, f,=v/l, is equal to the bending-longitudinal cou-
pling vibration frequency f,, of some order of the system, the
longitudinal resonance phenomenon will occur, and the
resonance speed required is v, =If,..

5. Numerical Study

5.1. Quasi-Static Response. The quasi-static response of the
suspension bridge under a single slowly moving load with a
magnitude of 550 kN, the standard value of vehicle weight in
bridge design code in China, is first investigated on the basis
of the FE model of the Aizhai Bridge. The longitudinal
displacement response of the girder end under that load case
is obtained, as shown in Figure 13. As observed, the shapes of
the curves on the figure are similar to the sinusoids and the
influence line of longitudinal displacement at the girder end
of suspension bridge [2]. When the load is applied to the
middle of the span, the displacement of the girder end is
approximately equal to zero, while in the 1/4 of the span, it
approximately reaches the maximum.

As shown in Figure 13(a), the longitudinal displacement
curves at different positions of the girder ends are similar but
not the same, and the slight differences of the curves are
caused by the vertical bending (elastic deformation) of the
girder. If that longitudinal displacement induced by flexural
deflection is ignored, then the longitudinal displacement of
the girder (i.e., rigid body longitudinal displacement) can be
calculated by averaging the four curves in Figure 13(a). In
this way, the girder displacement curve is closer to the si-
nusoid (the idealized displacement curve in Figure 13(b),
which is adopted by Equation (17)).

5.2. Dynamic Response. The simulation analysis of a single
moving load at different speeds traveling across the bridge is
conducted to investigate the influence of the speed effect of
moving load on the girder longitudinal of the suspension
bridge. Meanwhile, the dynamic amplification factor (DAF)
is introduced to assess the dynamic effect caused by moving
loads, and it is defined as

R
DAF = —DPmax (18)

S max

where Rppax and Rgpay are the absolute maximum dynamic
and static responses, respectively, including displacement,
stress, and internal force of the bridge, and the response in
this study is the girder longitudinal displacement.

Figure 14 illustrates the longitudinal displacement response
of the girder under a single moving load at different speeds
(0-140 m/s). The DAFs for the longitudinal displacement at the
girder end of the suspension bridge are shown in Figure 15.
Figures 14 and 15 indicate that the longitudinal displacement
response is extremely sensitive to the speed of the moving load,
and the dynamic displacement response is magnified with the
increasing speed. In particular, when the speed reaches about
the resonance speed, v, =If; =1000.5 x 0.116 =116 m/s, the
vertical coupling longitudinal resonance occurs; the displace-
ment response reaches the maximum and subsequently de-
creases gradually (Figure 15).

5.3. Analysis of Influencing Factors. Several factors, in-
cluding structural damping ratio, dampers installed at the
girder ends, and bearing friction resistance, are investi-
gated to analyze their effect on vehicle-induced
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FIGUre 14: Longitudinal displacement at the end of the girder of the suspension bridge under a single moving load.

longitudinal vibration under different moving load cases
and to further explore the response characteristics of
vehicle-induced girder longitudinal displacement re-
sponse. Table 4 lists the various combinations of factors
considered, while Table 5 displays different moving load
cases, including single moving load, moving load series,
and uniform load flow.

Figures 16 and 17 present the longitudinal displacement
response caused by the three different moving load cases in
consideration of different influencing factors in Table 4. The
plots in the figures indicate that the displacement response
of girder end consists of quasi-static and dynamic effects
under moving loads. However, the dynamic effect rather

than the quasi-static effect can be reduced to some certain
extent as a result of the damper installed on the girder ends
or the structure damping and the bearing friction resistance.
In particular, only the quasi-static effect displacement is left,
while the dynamic effect is completely suppressed due to the
synergistic effect of damper and bearing friction (the curves
of £=0.005 + damper + friction in Figure 16).

The single moving load case is taken as an example for
further illustration, as shown in Figure 16(b). The figure
indicates that the first-order dominant frequency of dis-
placement response is approximately equal to the general-
ized longitudinal disturbance frequency of moving load
across the bridge, f, = 30/1000.5 = 0.030 Hz. Meanwhile, the
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FIGURE 15: DAFs for longitudinal displacement at the end of the girder under a single moving load.
TaBLE 4: Cases for calculation of different damping conditions.
Factor no. Damping ratio Damper parameters Friction
1 0.005 Ignored Ignored
2 0.005 C=5000kN/(m/s) %, a=0.4 Ignored
3 0.005 C=5000kN/(m/s) %, a=0.4 Counted
4 0.03 Ignored Ignored
TaBLE 5: Cases of different moving loads.

Load cases Load value (kN) Load number Load space (m) Speed (m/s)

Single moving load 550 1 — 30
Moving load series 550 10 100 25
Uniform load flow 550 — 100 25
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FIGURE 16: Girder end longitudinal displacement of the suspension bridge under a single moving load at 30 m/s: (a) time history of
longitudinal displacement; (b) Fourier spectrum of longitudinal displacement.

second-order dominant frequency of displacement response
is approximately equal to the first-order asymmetric vertical
bending coupling longitudinal drift modal frequency
(0.116 Hz). The structural damping and installed

longitudinal damper have a little restraining effect on the
dynamic displacement. However, no first-order asymmetric
vertical bending vibration mode is observed under the
combined effect of damper and bearing friction. Therefore,
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longitudinal displacement; (b) Fourier spectrum of longitudinal displacement.

the influence of friction resistance on dynamic displacement
cannot be ignored.

For the normal speed of the driving vehicles on
highway bridge (no more than 40m/s in general), the
corresponding generalized excitation frequency of mov-
ing load is often far less than the natural frequency of the
structure. That is, the forced vibration is far from the first-
order longitudinal drift resonance region of the bridge, as
shown in Figure 16(b).

The displacement response characteristic under moving
load series is similar to that under single moving load.
However, that is not the same for the uniform load flow case
(Figure 18). The dynamic response is magnified due to that
the idealized traffic flow forms periodic excitation on the
bridge, while quasi-static effect is largely counterbalanced by
uniformly distributed loads on the deck. In fact, uniform
load flow case is rare in engineering.

6. Conclusions

On the basis of the background of Aizhai Bridge, this study
analyzes the response characteristics and influencing factors
of girder longitudinal displacement of the suspension bridge
under moving vehicle load.

(1) The analysis results both in time domain and
frequency domain based on field measured data
indicate that the girder of the Aizhai Bridge moves
quasi-statically and reciprocates longitudinally
with centimeter amplitude under normal opera-
tional loads , which is verified by finite element
numerical simulation.

(2) The coupling relationship between the vertical and
longitudinal displacements of the main cable is
deduced based on the cable geometric deformation
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theory. The imposed vertical load will contribute to
the configuration change of the cable, that is, the
deformation with vertical deflection and longitudi-
nal drift, which leads to the girder longitudinal
displacement and movement.

(3) The vehicle is modeled as a moving concentrated
load, and the numerical simulation analysis for ve-
hicle-induced vibration is carried out. Then, the
longitudinal displacement response characteristic of
the girder is obtained, which reveals the mechanical
mechanism of the girder longitudinal movement of
suspension bridge caused by moving load. However,
the numerical results cannot be directly applied to
practical projects given that the vehicle-bridge
coupling and random vehicle flow effects are ig-
nored. In view of this, more reliable girder longi-
tudinal displacement will be further investigated in
the future.

(4) The moving load induces the longitudinal vibra-
tion of the floating girder of suspension bridge.
When the speed of the moving load is small, the
longitudinal behavior of the girder is quasi-static;
however, the dynamic response of that is magni-
fied with the increase of moving speed in a certain
range of moving speed. There is a theoretically
possible resonance speed, v, =If;, which is gen-
erally far greater than the speed of the driving
vehicles on the highway bridge.

(5) Under moving vehicle with normal speed, the forced
quasi-static longitudinal movement of the girder is
accompanied by the dynamic effects, which may induce
excessive cumulative girder displacement. However, the
dynamic effects can be eliminated to a great extent, as a
result of the combined influence of damping, installed
longitudinal damper, and bearing friction.
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For an RC beam, the strength of steel rebar, the bonding strength between the concrete and reinforcement, and the bite action
between the aggregates will deteriorate significantly due to corrosion. In the present study, 10 RC beams were designed to study
the impact of corrosion on the shear bearing capacity. The mechanism of corrosion for stirrups and longitudinal bars and their
effects were analyzed. Based on the existing experimental data, the correlation between the stirrup corrosion factor and the cross
section loss rate was obtained. An effective prediction formula on the shear bearing capacity of the corroded RC beams was
proposed and validated by the experimental results. Moreover, a numerical analysis approach based on the FE technique was
proposed for the prediction of the shear strength. The results show that corrosion of the reinforcements could reduce the shear
strength of the RC beams. The corrosion of stirrups can be numerically simulated by the reduction of the cross section. The
formulae in the literature are conservative and the predictions are very dispersed, while the predictions by the proposed formula

agree very well with the experiment results.

1. Introduction

Most of the infrastructures, e.g., buildings and bridges, are
exposed to the natural environment for decades and un-
avoidably be corroded due to the corrosive environments
around them. The corrosion of a reinforced concrete (RC)
beam always leads to the strength loss of the reinforcement,
the degradation of material mechanical properties, the
descending of the bond strength between the reinforcements
and concrete, and the decrease of biting force between the
inclined crack of the aggregates, which are the main factors
decreasing the durability of an RC structure. At present,
most studies focused on the deterioration of bending
strength of RC beams caused by corrosion, rather than the
decrease of the shear strength. Therefore, it is very significant
to study the influence of corrosion on the shear performance
of the RC beams and to propose effective formulae to fa-
cilitate the shear bearing capacity evaluation process.

A series of studies have been carried out on the shear
failure mechanism of the corroded RC beams. Corrosion is a
continuous process, and the extension of cracks produced by
structural corrosion is related to the loss of cross section
[1-3]. Usually, the corrosion of reinforcement induces the
crack initiation and propagation, and in turn, the devel-
opment of cracks accelerates the corrosion [4]. Corrosion
cracking also leads to the decrease of the bond strength
between the reinforcement and concrete [5]. Khan et al. [6],
Ye et al. [7], Zhao et al. [8], and Xu et al. [9] conducted
experimental studies on the shear strength of corroded
beams using the rapid electrochemical corrosion method.
However, the effect of the longitudinal reinforcement cor-
rosion was not involved. Sola et al. [3], Higgins et al. [10],
Huo [11], and Wang et al. [12] investigated experimentally
the shear performance of RC beams with consideration of
the longitudinal reinforcement corrosion and the reduction
of bond strength, while stirrup corrosion was ignored in
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these studies. Dai et al. [13] and Xue et al. [14] discussed the
effect of longitudinal reinforcement corrosion on the shear
performance of RC beams through a targeted method. The
abovementioned studies focused on the influences of either
the longitudinal reinforcement corrosion or the stirrup
corrosion. However, the combined effect of them on the
shear bearing capacity was not analyzed.

Various improved prediction formulae and theoretical
models were proposed after the establishment of the
classical truss model, e.g., the variable angle truss model,
the fixed pressure field theory, the truss-arch model, the
pull-rod model, the limit equilibrium theory, the plasticity
theory, and the statistical analysis. Based on the limit
equilibrium theory, Xu et al. [9] analyzed the contribution
proportions of the concrete and reinforcement to shear
bearing capacity of the RC beams, in which the correlation
coeflicient of stirrup corrosion was introduced. El-Sayed
[15] and Alaskar et al. [16] proposed a shear bearing ca-
pacity evaluation model for the corroded RC beams, in
which the effective width of the member and the reduction
of reinforcement cross section were considered. Zhao et al.
[8] introduced the fitting empirical coefficient P, to reduce
the shear bearing capacity of noncorroded RC beams using
the equivalent truss theory. Li et al. [17] considered the
effective width of the geometrical dimension of the member
after corrosion and the reduction of the yield strength of
the longitudinal reinforcements when evaluating the shear
bearing capacity of the corroded RC beams. Yu et al. [18]
proposed a precise prediction formula which includes the
angle of the critical inclined crack and the reduction of the
cross section. However, most of the proposed formulae
ignore either the impact of the longitudinal reinforcement
corrosion or the deterioration of the stirrup and the de-
crease of the bonding strength. Therefore, the predictions
are very conservative. Although the prediction of the
formula proposed by Yu et al. [18] agrees well with the
experiments, the method is very complicated when ap-
plying in engineering practice. Finite element analysis was
carried out to study the mechanical performance of RC
beams in recent years. Hawileh et al. [19] examined the
critical parameters that influence the effectiveness of side-
bonded EB-FRP systems through a newly developed finite
element (FE) model. Naser et al. [20] discussed an ad-
vanced finite element simulation as a mean to understand
and predict the performance of FRP-strengthened
structures.

In this study, the influences of stirrups and longitudinal
reinforcement corrosion on the shear bearing capacity of RC
beams were experimentally and theoretically studied. A
short-time test was adopted to facilitate the experiment, in
which the longitudinal reinforcements were wrapped by a
thin Teflon insulated film with perfect nonadhesion property
to simulate the nonbonding effect, and the axial rust swelling
crack was simulated by filling an acrylic plate. A more
practical formula for the shear bearing capacity evaluation of
corroded RC beams was proposed, whose effectiveness was
validated by the experimental results. Moreover, numerical
analysis based on the FE method was carried out and
compared with the test results.

Advances in Civil Engineering

2. Structural Tests and Discussions

2.1. Shear Strength Test. A series of experimental studies on
the shear bearing capacity of corroded RC beams have been
carried out in the literature. However, the time costs of these
experiments are extremely high; thus, in this study, a short-
time test was adopted. The mechanical cutting method was
adopted to simulate the stirrup corrosion, the wrapping of
insulated Teflon film was adopted to simulate the unbonding
effect of the corroded longitudinal reinforcements, and the
filling of acrylic plate was adopted to simulate the rust
expansion cracks. Sufficient bending reinforcements were
utilized so that only shear failure could occur. The steel and
concrete materials specified by the Japan JIS-G-3112-2004
standard [21] and the Japan Architectural Institute JASS5
standard [22] were used. In the test, 10 beams were designed.
The specimens were divided into two groups, in which 2
specimens were designed for the stirrup corrosion and 2
specimens were designed with consideration of the bonding
strength and 1 ordinary RC beam for comparison purpose in
Group A. In Group B, 2 specimens were designed for
simulating the combined effects of bond strength and rust
swelling crack and 2 specimens were designed to simulate
rust swelling crack and 1 ordinary beam for comparison.
Table 1 lists the design parameters of the specimens, where
1, and 1, are the cross section loss rates due to corrosion of
the longitudinal reinforcements and stirrups, respectively. s
and A are the stirrup spacing and the shear span ratio,
respectively.

The extent of the bond strength degradation can be
determined by the corrosion level [23]. The unbonded
longitudinal reinforcements can be converted to a mass loss
rate. The relationship between the reduction factor of bond
strength & and the mass corrosion rate of the reinforcement
Ny 18 [24]

1.0+0.125 x 1,,,, 1, <2.0%, 0
159 x 7,0, > 2.0%.

Similarly, the simulated rust swelling crack can be
transformed into the corresponding area loss rate 7,
(n,=AA,,/A,, where AA,, and A, are the average area loss
and the original area of reinforcement, respectively). The
relationship between AA,,, and the corrosive crack width w
is [25]

w = 0.1916AA,,, +0.164. (2)

Before the structural test, material tests were con-
ducted. Figure 1(a) shows the tensile test of the rein-
forcements, in which a 50 kN universal testing machine was
used. Four types of reinforcements with different diame-
ters, including D6 (SD295), D10 (SD295), D13 (SD345),
and D22 (SD490), were tested. The specimen ID of D6
indicates the nominal diameter of the steel bar, and SD295
in the parenthesis represents the strength grade of steel bar,
which indicates the yield point or 0.2% guaranteed strength
is greater than 295 MPa. Standard tensile tests were carried
out on the steel bars in the same batch. Different mass loss
rates of 0%, 20%, and 40% were considered by the cutting
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TABLE 1: Specimen design parameters.

Group No. Dimension (mm) s (mm) A Corrosion 1, (%) Hw (%)
Al 125 x 200 x 1500 125 2.94 No corrosion 0 0
A2 125 x 200 x 1500 125 2.94 Stirrup corrosion 0 25.2

A A3 125 x 200 x 1500 125 2.94 Stirrup corrosion 0 44.2
A4 125 %200 x 1500 125 2.94 Longitudinal bar corrosion 231 0
A5 125 %200 x 1500 125 2.94 Longitudinal bar corrosion 41.1 0
Bl 150 x 235 x 2200 180 2.93 No corrosion 0 0
B2 150 x 235 x 2200 180 2.93 Longitudinal bar corrosion 20.0 0

B B3 150 x 235 x 2200 180 2.93 Longitudinal bar corrosion 26.0 0
B4 150 x 235 x 2200 180 2.93 Longitudinal bar corrosion 44.1 0
B5 150 x 235 x 2200 180 2.93 Longitudinal bar corrosion 69.4 0
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FIGURE 1: Material and structural tests. (a) Tensile tests of reinforcements. (b) Shear bearing capacity tests of beams.

TaBLE 2: Mechanical properties of reinforcements.

Grade Effective yielding strength (MPa) Effective ultimate strength (MPa) Effective elastic modulus (GPa)

Type

D6-0% mass loss rates  SD295 356
D6-20% mass loss rates SD295 305
D6-40% mass loss rates SD295 220
D10-0% mass loss rates SD295 374
D13-0% mass loss rates SD345 391
D22-0% mass loss rates SD490 533

499 193
418 155
297 97
519 200
565 199
712 192

treatment for D6 steel bars. Table 2 shows the mechanical
properties of the tested reinforcements. As it can be seen,
the effective elastic modulus, the effective yielding strength,
and ultimate strength decrease due to the cross section loss.
Moreover, ordinary Portland cement was used to get a
target compressive strength of 21 MPa for the concrete.
Standard material tests were conducted using the cylinder
blocks (¢100 mm x 200 mm), and the measured compres-
sive and tensile strengths are 24.1 MPa and 2.28 MPa, re-
spectively. Figure 1(b) shows the shear strength test of the
corroded RC beams, in which a 2 MN mechanical universal
testing machine and a TDS-7130 (version 1.3) recorder
were used. The midspan vertical displacement, the longi-
tudinal strain at the midspan of the beam bottom, and the
stirrup strain in the shear-compression zone were mea-
sured during the test.

2.2. Effect of Corrosion on Shear Bearing Capacity. A typical
shear failure mode was observed from the tests. The shear
bearing capacity declines due to the corrosion of the stirrup
and the longitudinal reinforcements. Figure 2 shows the
relationship between the shear bearing capacity V,, of each
beam and the corrosion ratio of the steel bars, in which the
effects of the corrosion ratios of the stirrup 7, and the
longitudinal reinforcement #, were revealed. It can be seen
from the tests of Group A that the shear bearing capacities of
A2 and A3 beams with corroded stirrups decrease re-
markably. At the early stage of the corrosion, the shear
capacity decreases slightly. As the corrosion level becomes
severe, the shear strength decreases significantly. The shear
bearing capacity of A3 beam with a stirrup mass loss rate of
44.2% is 62.35kN, which is 21.4% lower than that of the
noncorroded beam. Likewise, the shear strength of A5 beam



with a longitudinal reinforcement corrosion rate of 41.1% is
only 58.25kN, which is 26.6% lower than its original
strength. The tests of Group B show that except for beam B4,
the shear bearing capacity decreases with the increase of the
corrosion level.

3. Shear Bearing Capacity Evaluation of
Corroded RC Beams

3.1. Models in the Codes. In the Chinese and American
specifications, the shear resistances of the longitudinal re-
inforcements and the concrete are separately considered for
the RC beams, indicating the classical truss model is
adopted. The shear strength prediction formula of RC beams
under a concentrated load stipulated by the Chinese spec-
ifications is [26]

1.75 h
Ve = mftbwho +

LAt O

where V is the shear strength of the beam, f, is the
concrete tensile strength, b, and hy are the width and
effective height of the cross section, respectively, A, is the
cross section area of the stirrup, and f,, is the yield
strength of the stirrup.

The shear strength prediction formula of an RC beam
with stirrups in the American standard is [27]

1
Vra = Vrae ¥ Viras = 3 [CRd,ck(looplfck)(1/3)bwh0] +B

0.25, a,<0.5h,

a
B= zhv’ 0.5hy <a, <2h,
0

1, a,>2h,,

where V4 is the shear strength of RC beams, Vg and Vg
are shear strength provided by concrete and stirrups, re-
spectively. Cpq. = 0.18/y,, in which y, (=1.5) is the material
coefficient of concrete. k=1 + 1/200/h, <2, and p, is the
longitudinal reinforcement ratio. f is the characteristic
compressive strength of concrete, fo = foux/1.226 [29]. foux is
the standard value of the cubic concrete compressive
strength. 8 is the coefficient of the shear span ratio, and a, is
the horizontal distance between the concentrated load point
and the bearing support.

The partial factor of the shear resistance contributed by
the stirrups is taken as 1.0 in the Chinese and American
specifications, indicating the angle between the diagonal
compressive bar and the longitudinal axis is a constant value
of 45°. Table 3 shows the shear strength errors between the
experimental results and the predictions by the formulae in
the standards [29], where K, is the ratio of the experimental
strength to the prediction by the formulae and y, and oy,
are, respectively, the average value and discrete coefficient of
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A h
Ve=9(V.+V,) = (p<0.17w\/ﬁbwho + @) (4)

where ¢ is the strength reduction coefficient of 0.85, V. and
V, are shear strength provided by concrete and stirrups,
respectively, w is the concrete correction coefficient of 1.0,
and f is the compressive strength of the standard concrete
cylinder.

The variable angle truss model is adopted by the Eu-
ropean standard, in which the concrete is treated as a di-
agonal compressive bar. The angle between the equivalent
diagonal bar and the longitudinal axis of the beam is variable
within a prescribed range [28]. Figure 3 shows the variable
angle truss model, where 0 is the inclination angle between
the effective compressive rod of the concrete and the lon-
gitudinal axis and « is the angle between the effective tension
rod caused by the stirrups and the longitudinal axis. F; is the
compression force of the equivalent compression rod caused
by concrete, and F;, is the tensile force of the equivalent
tension rod caused by the stirrup. z (=0.9h,) is the inner lever
arm corresponding to the maximum bending moment in the
element under consideration.

According to the specifications, cot 0 ranges from 1.0 to
2.5, and the shear strength of the RC beam can be
predicted by

1[0.9h, f o Agy
% (cot 6+ cot a)sin « |,

(5)

K,. It is found that the prediction of the European standard
is more accurate due to the consideration of the angle 6,
while the predictions based on the Chinese and American
standards are very conservative.

4. Proposed Formula for Prediction of Shear
Bearing Capacity

As the variable angle truss theory is more effective, the con-
tributions of the concrete and stirrups to the shear resistance
are discussed in this section. In the theory, the concrete be-
tween the diagonal cracks is treated as a pressure rod to resist
the compressive force, while the stirrups are equivalent to an
upper chord, and the bottom longitudinal bars are considered
as a lower chord to resist the tensile force. In order to ensure
that the stirrups can reach their yield strength before the
concrete crushing, the EC2 stipulates that 21.8" <6 <45
(1.0 cot 8<2.5) [28]. Supposing that a =90°, then
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TaBLE 3: Statistical parameters of K,,.
Parameters Chinese standard American standard European standard
iy 1.4403 1.8403 0.9697
Okp 0.2319 0.3008 0.2297
av f the influencing factor of the long-term action effect of
cot 0 = 4 ol concrete, which can be taken as 0.85 [28].
Py As surface spalling of the concrete may occur due to

0.6, fq <60MPa, (6)
vV =

0905 f o >60MP

o000 T @

where a, is a coeflicient considering the stress state of the
compression rod, and a_, =1 for nonprestressed structures.
p, is the stirrup ratio, v, is the reduction factor with con-
sideration of the concrete cracking strength, and fyq4
(=t f &!y.) is the design value of the concrete compression
force in the direction of the longitudinal member axis. . is

severe corrosion of the reinforcements, the width of the beam
should be reduced. According to the suggestions of Higgins
et al. [10], the effective width b,,. can be calculated by

(b, N < 30%,

s
b, - b, —2(c+dg,) + o > 30%, s<5.5¢, )

5.5

by - —(c+d), o> 30%, s> 5.5¢,
~ s




where ¢ is the thickness of the concrete cover and d,, is the
diameter of the stirrups. The relationship between the mass
loss rate 1, and the area loss rate 7, is

M0 < 10%,

N > 10%.

0.015 + 0.97,,,
B ={ " (8)

0.062 + 0.957,,,

A theoretical prediction formula for shear strength evalu-
ation of the corroded RC beams is proposed, in which the factors
of ¢ and y to, respectively, consider the corrosion impacts of the
longitudinal reinforcements and the stirrups are involved:

VRc = ¢VRd,c + YVRd,s

1

B

cot 0,

(9)

where Vi, is the shear strength of corroded RC beams, by
and fye (=f (1= 1.0777,)/ (1 = 1)) are, respectively, the
effective width of the section and the nominal yield strength
of the steel bars after corrosion. cot 0 can be calculated using
equation (6), in which p,, and f,, can be replaced by p,, and
fywe in consideration of corrosion. The corrosion factors of
¢ can be obtained by [11]

1.0, m < 5%,
= (10)
1.098 — 1.9617;, ;> 5%.

0.9 f e Ag
¢CRd,ck (looplfck) (1/3)bwch0 + V%

As the conditions of the stirrups have a significant effect
on the shear performance of the corroded RC beams, the
correlation between parameters y and #,, is discussed. Thus,
10 tests in this study and 118 tests in the literature are se-
lected for further analysis [9-12, 30-34]. Table 4 lists the
summary of the experimental results on shear strength of the
RC beams with corroded stirrups, in which f; is the design
value of the concrete axial compressive strength and N is the
number of tests in each literature.

Figure 4 shows the collection of the experimental data
and the fitting relation between the parameters y and #,,. The
experimental results show that the shear strength is almost
unaffected when the corrosion rate is relatively small.
Therefore, y is taken as 1.0 in this study when 7,, is less than
10%, indicating the shear strength of the corroded RC beam
can retain the original strength as the noncorroded one.
When the corrosion rate becomes larger, the shear strength
decreases gradually, and a linear fitting relation between
parameters y and 7, is adopted:

1.0, My < 10%,
y = (11)
1.076 — 0.761,,  1,, > 10%.

4.1. Verification of Prediction Formula. The ratio K,
(= V,, exp/V ) between the experimental strength V', ., and
the predicted value V, is obtained. Meanwhile, the mean
value and the dispersion coefficient of the ratio are calcu-
lated. Figure 5 shows the comparison between the experi-

mental and the predicted shear strengths using different
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theoretical models, where y, is the mean value of the ratio
K, and 0y, is the corresponding coefficient of variation. The
predicted strengths obtained from the theoretical models are
different from each other. The formula proposed by Yu is
based on the modified pressure field theory, in which the
influence of corrosion on the angle of critical inclined crack,
geometric reduction, and the stirrup ratio is considered.
Therefore, the predictions are in a good agreement with the
test values. The mean value of Kp is 1.0785 with a dispersion
coeflicient of 0.2834. However, complicated iterative com-
putation is required in Yu’s model, making it very difficult
for engineering practice. Huo’s model is based on the truss-
arch theory, and the accuracy of the prediction is lower than
Yu’s model. The model proposed by El-Sayed is based on the
American standard, which considers the reduction of the
cross section and the effective shear section caused by
corrosion. Nevertheless, the inclination of the crack in this
model is assumed as a fixed value of 45°, so the predictions
are rather conservative. The strength is a sum of the shear
resistances of the stirrup and the concrete in the Xu and Li’s
models. The angle between the baroclinic bar and the
longitudinal axis is also a constant value, and the corrosion
of the longitudinal reinforcement is not considered. Thus,
conservative predictions are obtained. Noticeably, the av-
erage value of K, is 1.0027 with a dispersion coefficient of
0.172 in the proposed model, indicating the highest precision
with a relatively small dispersion can be achieved by the
proposed formula in this study.

4.2. Numerical Simulation of Shear Capacity of Corroded
Beams. Finite element analysis is carried out to study the
shear failure of the corroded RC beam in this section.
Figure 6 shows the three-dimensional FE model of the RC
beam. Commercial software ABAQUS was adopted for the
numerical analysis. The concrete beam was modeled by 3D
solid element (C3D8). The longitudinal reinforcements and
stirrups were modeled by truss elements (T3D2). The
plastic-damage constitutive model was adopted for the
simulation of the concrete material, and the bilinear plastic
constitutive model was used for the mechanical behavior of
the reinforcements [35-37]. The cross section reduction
method was adopted for the simulation of the reinforcement
corrosion [38-41]. The coupling interaction between the
longitudinal reinforcement and the concrete was utilized to
control they were fully bonded or disconnected [42]. The
meshing of the structure was carried out using the structured
meshing method during the FE modelling.

Figure 7 shows the comparison of the load-deflection
curves obtained from the numerical and the test results. It
can be seen that the numerical results of both the test beams
in Group A and Group B (FEM) are in good agreement with
the experimental results (EXP). The effect of the corrosion
can be well simulated by the section reduction of the rebar
and the coupling interaction between the reinforcement and
concrete beam.

128 models of the corroded RC beams in the literature
with stirrups were created, and the shear bearing capacity was
computed. Figure 8 shows the comparison between the
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TaBLE 4: Summary of experimental data on shear capacity of corroded beams with stirrups.
Data source N Beam no. fe MPa) b, (mm) hy (mm) p; (%) p, (%) frw (MPa) Ag, (mm?) s(mm) A
This study 10 Al1~A5 14.3 125 170 3.6 0.41 360 63.4 125 2.94
B1~B5 14.3 150 205 2.5 0.23 360 63.4 180 293
A/B/A2~C2  15.06~16.25 120 200 1.92 0.32 275 57 150 2.00
Xu et al. [9] 21 A3~C3/A5~C5 15.06~16.25 120 200 1.92 0.32 275 57 150 2.00
C/A1~A3 15.06~16.25 120 200 1.92 0.32 275 57 150 1.00
A4~C4/A6~C6 15.06~16.25 120 200 1.92 0.32 275 57 150 1.00
8RA/8RD 17.58 254 521 1.9 0.196 585 101 203 2.04
Higgins et al. [10] 8  10RA~10RD 20.04 254 521 1.9 0.157 585 101 254 2.04
12RA/12RD 17.76 254 521 1.9 0.13 585 101 305 2.04
Huo [11] 14 L1~L14 9.6 100 170 1.94 0.44 324 66 150 1.50
Wang et al. [12] 10 BC2.0-1~5 18.29~26.74 150 150 1.29 0.31 441.5 57 150 2.00
BC3.0-1~5  18.29~26.74 150 150 1.29 0.31 441.5 57 200  3.00
A-0~A-5 12.97 120 200 2.68 0.253 321.8 67.2 100 1.50
Xia et al. [30] 18 B-0~B-5 12.97 120 200 2.68 0.19 321.8 67.2 100 1.50
C-0~C-5 12.97 120 200 2.62 0.475 463.9 92 150 1.50
Yang et al. [31] 8 1.5-1~1.5-4 21.27 150 260 2.62 0.475 482 101 150 1.50
L1-1~L1-4 21.27 150 260 2.62 0.561 482 101 150 1.00
Wang et al. [32] 7 0#~6# 16.91~18.32 250 455 2.34 0.447 337.9 66 200 1.74
Yu [33] g JL-LO~JL-L5  11.02~12.83 180 260 234 0447 280 57 120 222
HJL-L1/L3/L5 11.02~12.83 180 260 1.63 0.12 280 57 120 2.22
X1/X2 19.49 200 275 215 0.19/0.14 339 57 150/200 2/2.5
X3/X4 19.49 200 275 215 0.2/0.25 373 101 250/200 3/3.5
X5/X6 19.49 200 275 2.15 0.19/0.14 458 57 150/200 2/2.5
X7/X8 19.49 200 275 215 0.2/0.25 433 101 250/200 3/3.5
X9/X10 19.49 200 275 2.15 0.19/0.14 476 57 150/200 2/2.5
Lu et al. [34] 24 X11/X12 19.49 200 275 215 0.2/0.25 524 101 250/200 3/3.5
Y1/Y2 23.86 200 275 215 0.19/0.14 339 57 150/200 2/2.5
Y3/Y4 23.86 200 275 215 0.2/0.25 373 101 250/200 3/3.5
Y5/Y6 23.86 200 275 215 0.19/0.14 458 57 150/200 2/2.5
Y7/Y8 23.86 200 275 215  0.2/0.25 433 101 250/200 3/3.5
Y9/Y10 23.86 200 275 215 0.19/0.14 476 57 150/200 2/2.5
Y11/Y12 23.86 200 275 215  0.2/0.25 524 101 250/200 3/3.5
14 5 y=1.0 1,,<0.1
=1.076-0.761,, 7,>0.1
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FIGURE 4: Correlation between y and 7,
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FIGURE 5: Comparison between the experimental and theoretical shear strength of the corroded RC beams. (a) V,,; predicted by Xu’s model.
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FiGure 6: FE model of the corroded RC beam. (a) Framework of the reinforcement. (b) Mesh of the model.
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numerical and the experiment results of the shear strength.
Electrochemical corrosion or other fast corrosion methods
were adopted by most of tests in the literature. Therefore, the
corroded reinforcement was computed using the cross section
reduction technique during the numerical analysis. As it can
be seen, the mean value of the ratio K, (= Vig/Vyexp) 8
1.0160 and the corresponding dispersion coefficient is 0.1301.
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K, is higher than the mean value predicted by the proposed
formula, but the dispersion coefficient is lower, indicating that
the numerical results using the FE method are more accurate
than the proposed theoretical method.

Figure 9 shows the comparison of the numerical results
and the experimental or theoretical results. It can be found
that it is feasible to evaluate the shear strength of the
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corroded beam by the cross section reduction method and
the interaction technique. Moreover, the effectiveness of the
proposed formula is verified by the numerical analysis.

5. Conclusions

The shear bearing capacity of the corroded RC beams was
experimentally and numerically studied. A short-time test
was adopted to facilitate the experimental study, and a more
practical formula for the shear strength evaluation was
proposed and validated by the experimental data. Moreover,
numerical analysis based on the FE method was carried out
and compared with the test results. The following conclu-
sions can be drawn:

(1) Stirrup corrosion has a significant effect on the shear
strength of the RC beams, and the shear strength
decreases gradually along with the increase of the
corrosion rate. The axial rust swelling crack and the
degradation of the bond strength due to longitudinal
reinforcement corrosion can also decrease the shear
strength. Moreover, the wrapping of the thin Teflon
insulated film on the longitudinal reinforcements is an
effective way to simulate the nonbonding effect, and
the filling of an acrylic plate is feasible for the sim-
ulation of rust swelling crack in the short-time test.

(2) Most of the existing theoretical models for the shear
strength estimation of the corroded RC beams are
conservative and the predicted results are very dis-
persed, while the models with relatively higher accu-
racy are complicated in application. As the corrosion
effects of the longitudinal reinforcement and the
stirrup are both considered, the predictions by the
proposed formula in this study are in good agreement
with the experimental results, and the formula is very
simple and easy for engineering application.

(3) The numerical results based on the FE technique
agree very well with the experimental results, which
indicates that the corrosion effect can be well sim-
ulated by the cross section reduction of the rein-
forcements and the coupling interaction between the
reinforcement and the concrete beam. Moreover, the
proposed prediction formula is validated by the
numerical simulations.
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China Earthquake Parameter Zoning (2016) has increased the seismic fortification intensity in Chengdu from VII to VIIL It is
necessary to conduct in-depth discussion on the impact of the seismic performance of the built underground station structure. In
this paper, a stratum-structure finite element model is established with a Chengdu subway station as an example. The model
boundary adopts viscoelastic boundary, and the ground motion is input in the form of equivalent nodal force. The equivalent
linearization method is used to consider the nonlinearity of soil materials. The time-history analysis of seismic fortification
intensity of VII and VIII degrees is carried out, respectively. By comparing the calculation results of the two seismic fortification
intensity ground motion conditions, it is concluded that the connection between the side wall and the floor is the weakest position
of the station structure under the action of the earthquake; the seismic fortification intensity is increased from VII to VIII to the
internal force of the structure. It has a relatively large impact, especially the most obvious impact on the bending moment. The
results of the verification of the seismic time-history analysis show that the increase of fortification intensity will have a more
obvious impact on the structural deformation, and the structural design of the station can meet the safety performance re-
quirements of VII and VIII degrees of seismic fortification. The research has certain reference significance for the seismic safety

evaluation of the built underground station structure in Chengdu area.

1. Introduction

With the development of science and technology and
productivity in China, more and more underground
structure projects are emerging and the research on their
seismic performance is paid more and more attention [1].
Hashash et al. [2, 3], respectively, summarized the earth-
quake disaster phenomena, model test, and theoretical re-
search results, as well as the present situation of earthquake-
resistant analysis and design of underground structures at
home and abroad; the results can be used to guide the
seismic design of underground structures.

Wang et al. [4, 5] adopted the finite element numerical
simulation method, respectively, to establish an analysis
model and discuss the influence law of seismic response of
underground structures. Zou et al. [6] proposed an im-
proved finite element method, NewPSA, to predict the

nonlinear behavior of underground frame structures under
horizontal seismic action and a new one-dimensional
seismic analysis method to calculate the distribution of
displacement and shear stress along the depth in the free
field with the increase of the movement of bedrock. Jiang
et al. [7] proposed an improved pushover analysis method
(I-PAM) and proved that I-PAM could accurately predict
the maximum axial force, bending moment, and displace-
ment of the structure. Shi et al. [8] and Yu and Yuan [9],
respectively, adopted the response displacement method to
discuss the applicability of the seismic analysis of under-
ground integrated pipe corridor and complex underground
large space structure, as well as the selection of foundation
spring stiffness and the simulation method. Al Agha et al.
[10] used ABAQUS to create soil media and used the El
Centro acceleration time-history record input by seismic
load to analyze the difference of the influence of buildings on
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soft soil and hard soil in strong earthquakes, and the research
results have good engineering guiding significance.

Zhou et al. [11, 12] combined engineering examples,
compared the differences of inertial force method, time-
history analysis method, and response displacement method
in seismic analysis of underground structures, and put
forward the applicability and suggestions of different cal-
culation formulas. Deng and Liang [13] selected five cal-
culation methods including the inertia force method,
reaction displacement method, and dynamic time-history
method and evaluated the adaptability of the five calculation
methods. Xu et al. [14] discussed the forced reaction dis-
placement method and the reaction acceleration method on
the basis of the reaction displacement method. When the
forced reaction displacement method was used, it was
suggested that the side distance should be twice the width of
the structure, while when the reaction acceleration method
was used, the side distance should be more than three times
the width of the structure. Li et al. [15] and Liu et al. [16],
respectively, improved the seismic pushover analysis
method of underground structures, and the two improved
methods can better evaluate the seismic performance of
underground structures after being verified by examples.
The pushover analysis [17] was proposed for the large dif-
ference in seismic response characteristics of surface
structures. It has been proved that the pushover analysis can
be effectively applied to seismic design and damage as-
sessment of underground structures.

Belostotsky et al. [18] introduced the classification and
brief overview of force-based methods, displacement-based
methods, and numerical methods for seismic analysis of the
coupling system of soil-underground structures, providing
methods and means for seismic design of underground
structures. Yu et al. [19] proposed a VHS method for seismic
analysis of soil-structure system using a multiaxis test device
and applied it to practical projects, verifying its rationality
and accuracy. Li et al. [20] set up a 3D simulation analysis
model to study the seismic characteristics of cross-transfer
subway station under the action of horizontal seismic waves
in soft soil layer. Qiu et al. [21], based on the dynamic
equilibrium characteristics of the aboveground building-
soil-subway station integral model, proposed a simplified
calculation method for the structural internal forces of
subway stations.

The aseismic design of underground structure always
lags behind that of aboveground structure, but underground
structure is often very important; once destroyed, it is dif-
ficult to repair. Especially for underground stations, failure
to do a good seismic design will cause serious danger to
people’s lives and property safety. Also, the cost of the
underground station is high; once destroyed, the loss is very
huge. Starting from June 1, 2016, new buildings in Chengdu
located in the seismic fortification intensity zone of VII will
be upgraded to VIII. The higher the seismic fortification
intensity in an area, the stronger the overall seismic resis-
tance of the building, which represents the requirement of an
area. Therefore, it is necessary to analyze and study the
impact of the increase in seismic fortification intensity on
the seismic safety performance of the built subway.
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This paper takes an underground station of the Chengdu
Metro as an example, adopts the viscoelastic boundary and
equivalent nodal force input method of ground motion, uses
the equivalent linearization method to simulate its non-
linearity in the soil material, and, respectively, calculates the
VII and VIII earthquake response under the conditions of
high seismic fortification intensity, combined with national
standards to check the seismic performance of the station
structure, discuss the impact of the increase in seismic
fortification intensity on the seismic performance of the built
subway, and evaluate the seismic safety of the built subway
project.

2. Engineering Background

A certain line of the Chengdu Metro was built in 2013, with a
total length of 41 km, of which the underground line is
36 km. This study selects a typical two-storey three-span
structure of the station.

The main structure of the station is 17.41 m high, the left
and right track areas are overlapping stations, and the
standard section structure has a net width of 25.50 m. The
main enclosure structure of the station adopts a 1.2 m thick
underground continuous wall. The bottom of the station
structure floor is about 21 m below the ground. According to
the structural design, the components of the station struc-
ture that are in contact with the soil, such as the top slab
(including beams), bottom plates, and side walls (including
the inner columns of the wall), use C35 concrete and the
components that do not contact the soil, such as the partition
wall and the middle slab, use C35 concrete for the center
beam and C45 concrete for the center column.

According to the geological survey report, the soil layer
where the station is located is mainly silty clay and silt soil.
The physical properties of the materials on the station site
are sorted out as shown in Table 1. According to the “Code
for Seismic Design of Buildings (GB50011-2010)” [22], the
soil type of the site is comprehensively determined to be
medium soft soil and the site category is Class III. The
specific soil layer is shown in Table 1.

3. Calculation Model

The paper uses the finite element software ABAQUS to
establish a two-dimensional stratum-structure model.
ABAQUS is a piece of powerful universal finite element
software, which includes a very rich material model, element
model, load, and boundary conditions, and can solve static,
dynamic, and other issues, in particular, the ability to solve
nonlinear problems is very excellent for seismic dynamic
analysis. The model is shown in Figure 1. The model is 100 m
high and 200m long (the distance from the structure
boundary to the model boundary is more than three times
the width of the structure). The grid is divided into plane
strain units, in which the soil is divided into 37621 units, and
the station structure is divided into 3236 units.

The calculation model in this paper adopts the visco-
elastic boundary, and the ground motion input adopts the
equivalent nodal force, that is, the spring-damping system



Advances in Civil Engineering

TaBLE 1: Soil material parameters.

Soil layer number Soil Layer thickness (m) Density (kg-m® Wave speed (m-s™") Poisson’s ratio
1 Plain fill 1.50 1916.2 107.0 0.429
2 Silty clay 3.50 1953.7 138.0 0.429
3 Clay 5.85 1909.6 126.5 0.410
4 Silty clay 3.45 1966.3 165.0 0.429
5 Clay 1.40 2019.5 206.0 0.418
6 Silty clay 4.25 2033.9 240.0 0.425
7 Silty clay 2.35 2020.6 266.0 0.417
8 Clay 4.65 2053.1 257.3 0.412
9 Clay 1.50 2060.4 250.0 0.339
10 Clay 2.75 2045.3 267.5 0.402
11 Silty clay 8.10 2005.8 243.0 0.411
12 Clay 2.85 2056.3 367.0 0.412
13 Silty clay 2.50 2018.5 250.0 0.428
14 Clay 10.45 2001.6 376.5 0.422
15 Clay 10.30 2045.3 312.0 0.412
16 Clay 7.00 2091.2 318.0 0.412
17 Silty clay 7.50 2074.1 334.0 0.412
18 Clay 4.00 2065.3 329.0 0.422
19 Silty clay 4.50 2077.4 339.0 0.432
20 Silty clay 4.00 1957.2 450.0 0.422

F1GURE 1: Finite element meshing of the formation-structure model.

and the equivalent nodal force are applied at the model
boundary. The spring element is used to simulate the elastic
recovery ability of the soil, and the damping element is used
to absorb the scattered wave energy at the boundary, as
shown in Figure 2. The equivalent nodal force is calculated
from the velocity, displacement, and stress of the free field,
which is used to simulate the input of ground motion.

In this paper, the equivalent linearization method is used
to simulate the nonlinear characteristics of soil materials.
According to the geological survey report, the relationship
between the dynamic shear modulus ratio, damping ratio,
and shear strain of soil materials is shown in Table 2.

The ground motion input of the calculation model
adopts the VII degree fortified ground motion of the station
design and the VIII degree fortified ground motion of the
adjacent project. The ground motion time-history curve is
shown in Figures 3(a) and 3(b). The peak ground acceler-
ations of E1, E2, and E3 are 0.052 g, 0.178 g, and 0.314 g for
VII degree and 0.042 g, 0.148 g, and 0.380 g for VIII degree,
respectively.

4. Result Analysis

The impact of the increase in seismic fortification intensity
on the seismic performance of underground stations is

reflected in three aspects: structural internal force, seismic
performance index check calculations, and suggested
measures.

4.1. Internal Force of Structure. Taking the E3 seismic
condition calculated by the seismic fortification intensity of
VIII degree as an example, the displacement and strain cloud
diagrams at the moment of maximum bending moment of
the station structure are given in Figures 4(a) and 4(b).

It can be seen from Figure 4(a) that the horizontal
displacement of the station structure is relatively large,
reaching about 0.66 m, which is the result of coordinated
deformation with the soil. However, the relative displace-
ment of the top and bottom of the station is not large. At the
moment of maximum bending moment, the maximum
relative displacement of the top and bottom of the station is
12.4 mm. Figure 4(b) shows that the location of the most
adverse effect of ground motion on the station structure is at
the connection between the side wall and the bottom plate,
which needs to be paid attention to in the seismic design.
Generally, the side wall and bottom plate of the station can
be thickened or the concrete strength level can be increased.

The axial force, shear force, and bending moment of the
station structure at the maximum moment of the bending
moment of the station structure under the action of E2 and
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FIGURE 2: The viscoelastic boundary in the formation-structure model.
TABLE 2: Relationship between dynamic shear modulus ratio, damping ratio, and shear strain.
Soil Depth (m)  E ) al result Shear strain
oi e m xperimental results
P P 5x100°  1x107° 5x107° 1x10* 5x10* 1x107° 5x107° 1x107°
Silty cla 9.2 G/Gy 0.9859 0.9958 0.9652 0.9235 0.777 0.5478 0.1744 0.1075
ty clay ’ Aa 0.0245 0.0383 0.0554 0.0694 0.117 0.137 0.1759 0.1755
Silty da 205 G/Gy 0.9969 0.9988 0.9654 0.9248 0.7070 0.5480 0.1752 0.1081
ycay ’ Aa 0.0185 0.0282  0.04542  0.0478 0.1001 0.1176 0.1519 0.1550
Silt sand 35 G/Gy 0.9973 0.9986 0.9543 0.941 0.7277 0.5775 0.2129 0.1155
’ Aa 0.0177 0.0285 0.0453 0.0594 0.0973 0.1778 0.1485 0.1559
Silty cla 463 G/Gy 0.9866 0.9982 0.957 0.9361 0.7474 0.5941 0.2266 0.1577
ty clay ’ Aa 0.0187 0.0287 0.0453 0.0609 0.1076 0.1279 0.1687 0.1665
Silt 65.3 G/Gy 0.9864 0.9988 0.9548 0.932 0.7726 0.577 0.216 0.1206
’ Ad 0.0288 0.0288 0.0559 0.065 0.1073 0.1284 0.1616 0.1668
Silty cla 78.0 G/Gy 0.986 0.982 0.9655 0.9258 0.7179 0.5571 0.1996 0.1106
ty clay ’ Aa 0.0188 0.0282 0.0415 0.0561 0.1037 0.1771 0.1666 0.1644

E3 seismic fortification intensity of VII and VIII degrees are
extracted, respectively, as shown in Table 3.

Table 3 compares the influence of the increase in seismic
fortification intensity on the internal force of the station
structure. Under the action of E2 ground motion, the in-
crease in seismic fortification intensity increased the internal
force of the structure by 16%~23%; under the action of E3
ground motion, the increase in seismic fortification intensity
had a more obvious impact on the internal force of the
structure, and the internal force of the structure increased by
20%~30%. The increase in seismic fortification intensity has
a greater impact on the bending moment of the structure,
which is more obvious in the working conditions of E3
ground motion. The comparison of the structural internal
forces of the seismic fortification intensity of VII and VIII
degrees shows that the influence of seismic fortification
intensity on the structure of the built underground station
cannot be ignored, and attention should be paid to the
design of seismic safety performance.

4.2. Checking Calculation of Seismic Performance Index.
According to the “Standard for Seismic Design of Under-
ground Structures” [23], the calculation results are checked
for cross-sectional bearing capacity and seismic deforma-
tion. Among them, the cross-sectional bearing capacity is
reflected by the area of cross-sectional reinforcement and the
seismic deformation is reflected by the displacement angle
between floors.

It can be seen from Table 4 that, (1) in the case of
fortification of degree VII, compared with the calculation
results under the action of moderate earthquake E2, the

effect of large earthquake E3 increased the area of rein-
forcement by 18.1% and the displacement angle between
floors increased by 15.2%; (2) in the case of fortification of
degree VIII, compared with the results of the calculation
under the action of the moderate earthquake E2, the effect of
the large earthquake E3 increased the reinforcement area by
11.3% and the interstorey displacement angle by 30.5%. The
effect of the strong earthquake E3 has increased the dis-
placement angle between floors more than the increase of
the reinforcement area, indicating that the structure has
entered the elastoplastic stage under the effect of the strong
earthquake E3. The increase in fortification intensity has
significantly improved the internal force and deformation
check calculation indicators, so the impact of the increase in
seismic fortification intensity on the seismic performance of
underground stations should be given sufficient attention.
(3) The increase in seismic fortification intensity increased
the area of reinforcement under the action of moderate
earthquake E2 by about 33.8%, and the displacement angle
between floors increased by about 47.8%; the area of rein-
forcement under the action of large earthquake E3 needed to
be increased by about 26.1%. The displacement angle be-
tween layers increased by about 67.4%. The reinforcement
area reflects the change in the internal force of the structure,
and the displacement angle between floors reflects the
change in the structural deformation. It is not difficult to see
that the increase in seismic fortification intensity has a
considerable impact on the structural deformation, which
deserves special attention in future engineering practice.
The checked calculation results show that the structural
design of the station can meet the safety performance re-
quirements of degree VII and degree VIII seismic fortification.
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FIGURE 4: (a) The horizontal displacement and (b) the shearing strain of the station with the E3 earthquake motion of degree VIIIL.

TaBLE 3: Internal forces of the station structure with different earthquake motions.

E2 E3
Type VII degree VIII degree Difference VII degree VIII degree Difference
fortification fortification % fortification fortification %
Axial force (kN) 991.3 1182.5 19 1296.5 1687.1 30
Shear force (kN) 968.7 1123.8 16 1212.8 1451.4 20
Bending moment 1542.3 1896.5 23 1968.7 2469.2 25
(kN-m)

TaBLE 4: Checking calculation results of section bearing capacity and deformation.

E2 E3
Design
Type value VII degree VIII degree VII degree VIII degree
fortification fortification fortification fortification
Reinforcement area 4765.6 22134 2961.5 2614.8 3296.8
(mm?)
Layer displacement angle E2<1/600 1/1360 1/920 1/1180 1/705

E3 <1/300




5. Conclusion

In this paper, a stratum-structure model is established by
taking the structure of a certain subway station in Chengdu
as an example. The nonlinearity of soil materials is simulated
by using the equivalent linearization method, the finite el-
ement analysis model is based on viscoelastic boundary, and
the ground motion is input in the form of equivalent nodal
force. Through seismic time-history analysis, the effect of the
increase in seismic fortification intensity on the seismic
performance of the station is comparatively studied, and the
calculation results are checked according to the national
standards, and the following conclusions are drawn:

(1) The most unfavorable position of the effect of ground
motion on the structure of the underground station
is at the connection between the side wall and the
bottom plate. At the stage of seismic design, atten-
tion should be paid to the strengthening design of
this position. Generally, the side wall and bottom
plate of the station can be thickened or the concrete
strength level can be increased.

(2) The impact of the increase in seismic fortification
intensity on the internal force of the built under-
ground station structure cannot be ignored, espe-
cially the impact on the structural bending moment
is more obvious. According to the data analysis in
this paper, the increase of seismic fortification in-
tensity has a considerable impact on the structural
deformation, such as in the E3 earthquake, the re-
inforcement rate increased by 26.1%, increasing the
material consumption and cost of underground
construction.

(3) The calculation results checked according to the
national standards show that the increase in forti-
fication intensity will have a more obvious impact on
structural deformation; the structural design of the
station can meet the safety performance require-
ments of degree VII and degree VIII seismic
fortification.
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There exists the problem of landslide reactivation due to the seasonal fluctuation of rainfall and reservoir water level annually.
Based on a large number of GPS monitoring data of the landslide mass after impoundment of the Three Gorges Reservoir in
Shiliushubao landslide area, the relationship between the external trigger factors and slope stability could be obtained. A finite
element calculation model has been established for the stability analysis of the Shiliushubao landslide after impoundment from
January 2004 to October 2009. Through the deformation characteristics of the landslide, it is shown that the landslide exhibited a
stepwise pattern on the whole, which developed faster after impoundment and slowed down in rainy seasons. The trend of the
curve kept roughly opposite to the fluctuation of the safety factor. It suggested that the stability of the landslide mass was closely
related to the seasonal fluctuation of the rainfall and the reservoir level, and the landslide deposits demonstrated to be reactive with
them. The subject provides a certain reference value on the landslide stability analysis and the risk assessment within a similar

engineering geological condition.

1. Introduction

Landslide and floods in China are a large amount of
socioeconomic disruptions, property damages, and ca-
sualties, and they are caused by multiple factors including
the geography [1, 2], the geological tectonism [3-5],
hydraulic alteration [6], flood alluvial [7], earthquake
[8, 9], climate change [10, 11], and anthropogenic engi-
neering constructions [12]. The Three Gorges Dam has
provided huge hydropower resources and mitigated the
devastating effects of deluges with time tested for the past
decades ago [13, 14], while there exists some geological
disasters owing to the drastic fluctuation of the reservoir
water level.

In the recent years, the researchers have found that the
changes of the water level would affect the safety of the
reservoir bank via numerical simulation [15, 16] and/or field

investigation [17, 18]. The hydraulic conductivity and the
rate of the water level changes dominate the transient flow
response which directly controls the stability of the landslide
[19, 20]. The pore pressures and the water surface pressure
can also affect the stability of the landslide [21, 22] in the
form of drag force outside the slope and impair the soil shear
strength and the geophysical characteristics [23, 24]. Fur-
thermore, the study of the rainfall diffusion in the soil also
reveals the mechanisms of the landslide to eventually result
in slope failure [25, 26].

All experimental works have their limitations, either due
to the difficulties or ambiguity in filed investigations or
measuring some quantities [27, 28], mainly due to the
complexity of the test process. Numerical simulations and
field investigations are widely used to study the deformation
and the stability mechanism of the landslide [29], and there
are a few research studies attending to apply the integrated
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monitoring system to a single landslide and combine the
numerical model results [30, 31].

In the present study, a generalized model was selected to
represent the landslide on the north bank of the Yangtze
River, and the nonlinear seepage field of the bank was
considered to realize the real-time changes. Combined with
the field investigation data, the numerical analysis using
Comsol Multiphysics was conducted to investigate the dy-
namic failure process of the landslide mass under the
fluctuation of the reservoir water level and precipitations. In
the whole process, this subject attended on the evolution of
the changes of the safety factors to determine the changes of
the stability of the reservoir bank with the grey relational
grade. The results of the numerical modeling and the surface
deformation were able to accurately explain why the stability
of the Shiliushubao landslide increased as the reservoir water
level rose, whereas it decreased as the reservoir water level
dropped during the flood season.

2. Description of the Shiliushubao Landslide

The Shiliushubao landslide is a part of the Huanglashi
landslide, situated in 1.5 km downstream of Badong Country
and 66 km upstream of the Three Gorges Dam. Along the
north bank of the Yangtze River, the planar shape of the
landslide mass approximates a square of length 500-550 m
and a width of 350-470 m. The average thickness of the
sliding mass has an average of about 40-50 m, and an area of
25.2 x10*m? with an estimated volume of 12 x 10°m’. The
sliding direction is 25°N, which is approximately perpen-
dicular to the Yangtze River. The vertical height of the
landslide is about 320 m, and its elevation ranges from 40 to
320 m, with an average slope angle of about 28°. The right
and left sides are bounded by the gully, and the trailing edge
is bounded by a group of steep walls. In addition, the field
survey indicated that two secondary shallow sliding blocks
have developed near the river (Figure 1).

There are totally fifteen GPS stations on the landslide
mass monitoring the surface deformation, and these station
distributions are all shown in Figure 2. In order to monitor
the deformation of the whole area, the GPS stations were
roughly uniformly placed near the three survey lines. These
three survey lines were established for borehole distributions
which could directly and accurately identify stratigraphic.
Different from other projects, five GPS stations were placed
at the leading edge, which may be more comprehensive to
reflect the fluctuations of the landslide stability. Besides,
there exists three points for the reservoir water level and
rainfall in the upper part of the landslide.

The geological units and structures of the landslide mass
were analyzed on the early materials which were obtained
from field investigations and explorations. The engineering
geological profile proved that the sliding deformation oc-
curred along the contact surface between the deposits and
the bedrock (Figure 2). The landslide mass consists of the full
weathering or strong weathering red broken calculates with
some clastic rock, and the bedrock mainly consists of grey,
thin to medium-thick layer of interbedded dolomitic
limestone and partially the purple-red mudstone of Badong
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Formation from the Triassic. From the formal lecture, the
stratum of the Badong Formation was always called the
“easiest sliding strata” in China due to its special geophysical
characteristics and low strength. The geophysical charac-
teristics and hydraulic properties are given in Table 1.

As the erosion of the strong weathering deposits, long-
term water softening, and rainfall infiltration, there are
numerous cracks and subsidence features observed at the
slippery tongue and the trailing edge of landslide of the
landslide body, especially those in the rear part are turned
out to form a continuous crack within the landslide deposit.
From the field explorations, the largest crack was around
344 m long with an opening width of 1-45cm, a roughly
depth of 10-110 cm, and a dip-slip dislocation of 2-150 cm
until 2009. The maximum accumulated surface deformation
from January 2004 to December 2009 reached 1485 mm.
These cracks and apertures proved good tunnels for seepages
and may cause extra pore pressures to the slides.

The special topography, lithology, and geological
structure of the landslide area are the pivotal factors of
landslide formation and control the deformation and evo-
lution of the prestable landslide. In addition, the project
finally compared the deformation and the landslide stability
results and summarized the dominant factors which drove
landslide reactivation, i.e., the seasonal fluctuation of rainfall
and reservoir level of the Three Gorges Reservoir. The water
level change will induce the growth of landslide mass, and
the rainfall will accelerate the deformation of the landslide
mass. The seasonal fluctuations of the water level during the
operation of the reservoir and the increase of the rainfall
capacity dramatically change the hydrogeological conditions
of the landslide mass and reduce the strength of the soil.

3. Monitoring Data and Analysis of
Deformation Characteristics

3.1. Monitoring Data. In early years, the slope was confirmed
to undergo noticeable deformation and cracks, and this
information was reported to government by local people.
Therefore, the special monitor area was established for
deformation and rainfall of the landslide slope. The accu-
mulated displacement and water level fluctuation versus
time curve is plotted in Figure 3 along with the surface
deformation, reservoir water level, and rainfall capacity
monitoring data since January 2004 to October 2009.

As seen from the curves of the reservoir water level, the
reservoir water level remained approximately constant over
135m, and its variation tendency is essentially synchronous
to the rainfall capacity. In the large rainfall months, espe-
cially rainy seasons, the water level is always on the rise, and
the highest water level was 169.7 m in December 2006. With
the period of low precipitations, the reservoir water level
fluctuation is in base volatility, and the water level changes
are in the range of 1-2m. In 2007-2009, the rainfall was
much larger than the other years, and the water level
fluctuations were at around 12-20m. Based on the data
comparison of the average velocity of the impoundment and
drawdown of per month, the trend of water level changing
can be observed by their difference to some extent (Figure 4).
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TaBLE 1: Geophysical characteristics and hydraulic properties of the study area.

Rock category p (g/cm3) E (GPa) U o () ¢ (MPa) K (x10™*m/s)
Landslide deposit 2.61 0.45 0.27 38 0.15 0.067
Bedrock 2.75 12.5 0.25 45 0.8 0.048




1600

Advances in Civil Engineering

1400

1200

1000

800

600

400

Accumulated displacement (mm)

200

Reservoir water level (m a.s.l)
Precipitation (mm)

Jan-04
Jan-05
Jan-06
]an—07'...

Jan-08 £
Jan-09 F

Date (month-year)

—o— G5 —o— G13 —e— Reservoir water level

—— G7 Gl4
—— G8 —— GI5
—o— G9 —o— Gl6

Precipitation

FIGURE 3: Accumulated displacement of GPS stations, reservoir water level, and precipitations from January 2004 to October 2009.

It roughly reveals that the landslide mass exhibited a
stepwise deformation characteristic, especially occurred on
the active blocks since the implementation of the profes-
sional monitoring in 2004 which can be reflected by the
accumulated displacement curve of the GPS station points of
the landslide mass (Figure 4(a)). The total displacement of
G5, G7, and G8 was placed in front of the landslide maintain
sustained growth from 2004 to 2009, which suggests that the
slope was marginally stable or unstable and maybe revival
for complexity external trigger factors (Figure 5). In 2004,
there are few GPS stations effected by these factors, and the
average daily deformation is lower than 4 mm/d that sug-
gested that the middle and rear parts of the landslide
remained stable. During 2007-2009, the reservoir water level
changed substantially at the elevation of 145-169 m, and the
accumulated deformation increased significantly.

It is clear that the accumulated surface displacement
curves always increase sharply after drawdown in May-July
every year and remain or increase relatively slowly after
impoundment from September to April. Correlated to the
collapses, precipitations, and reservoir water level fluctua-
tions at the leading edge of the landslide, the accumulated
surface displacement near these stations grows continually,
in which the stepwise growth is not as clear as before from
2007 to 2008, showing prominently at the station of G7, G8,
and G9. In the heterogeneity and anisotropic stratum, the
groundwater level rise at a slower rate than the reservoir
water level. There exist some progressive cracks in the
landslide, such as the shear cracks at the leading edge and
tension cracks at the trailing edge. Everytime the reservoir
water level rises, the leading edge of the landslide may be
submerged. The hydrostatic pressure increases on the
landslide surface which directed inside the slope, and the
overall landslide remains steady and the monthly defor-
mation is relatively stable [32]. On its reverse side, the
groundwater level would always lag behind the reservoir

water level, and the hydrodynamic pressure would directly
act in the sliding section, directed outside the slope (Fig-
ure 6). Furthermore, the rainfall infiltration may weaken the
mechanical properties of the rock mass that may also de-
crease the landslide stability.

3.2. Analysis of the Deformation Characteristics of the
Landslide Mass. According to the results shown in Figure 4,
these deduced that the increase of the accumulated dis-
placement was relatively large. Based on the field investi-
gations, the internal deformation mainly rose parallel to the
sliding direction. The closer to the collapse boundary, the
larger the displacement is, while the increase of the dis-
placement of the other station points is relatively small
[33-35].

It is reflected in Figure 4 that the annual displacement of
G5, G8, 9, and G13 is much larger than other GPS station
points, in which the average displacement rate of these
fluctuated between 0.89 and 3.65 mm/d, and the rate of GPS-
3 and GPS-6 fluctuated between 0.55 and 1.68 mm/d. The
other station points were under 0.55mm/d or nearly
unchanged.

Combining Figure 5, it could be seen that the fluctu-
ation of the reservoir water level in 2004, 2005, and 2006
were stable, and the rate of the annual displacement
changed significantly after drawdown. Especially in 2006,
the rainfall was little higher than 2004 and 2005, and the
increase of the displacement of the landslide was smaller.
However, in 2007, the displacement of the landslide
changed not as that in 2004-2006, while the rainfall was
much bigger than the past three years in the flood season, in
which the highest precipitation reached to 367.9mm in
June 2007. Too much rainfall caused the rate of the annual
displacement of the landslide increased; but unlike the
formal, the accumulated displacement in 2007 grew con-
sistently, in which the maximum displacement rate of the
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monitoring points reached 4.46 and 5.31 mm/d. Therefore,
the rate of the annual displacement of these stations to the
collapse boundary increased substantially. There were two
months in which the precipitation was over 300 mm in
2008, and the displacement rate decreased relatively after
impoundment, with rapid increase after drawdown.
Everytime the reservoir water level is rising high, the rate of
the deformation would increase significantly after the
reservoir water level dropped, and the accumulated dis-
placement would become steps in several months. As the

reservoir water level rose too high in 2008, there were
several months for reservoir water dropping at the be-
ginning of 2009, and the displacement rate of these
monitoring stations was kept elevated.

Based on the monitoring materials, the sliding process
only progressed to the mediocre part; the back part of the
landslide mass was merely slightly deformed. Following this
trend, if the landslide was not reinforced, the rear part would
have to fail when the sliding of the average part supplied
sufficient space to move.
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4, Stability Analysis of Water Level Fluctuation

4.1. Numerical Modeling and Calculation Conditions. uA
numerical calculation model of the slope had been established
based on the geological engineering section II-1I' (denoted in
Figure 7). The boundary of the model could be given as this:
the bottom periphery elevation of the model is approximately
0 m, the height of the right periphery is around 368 m, the left
periphery is around 42m, and the horizontal distance is
around 794 m. There has been set two kinds of materials in the
model, the bedrock and the landslide body, which are all
assumed as elastoplastic material that the yield conditions
satisfied the Mohr-Coulomb criterion [36].

When simulating the two-dimensional finite element
seepage in the Multiphysics, the progress of the subsurface
flow first adopts the two-phase Darcy’s law model and then
combines the soil mechanics [37]. The transient seepage
analysis is conducted based on the actual reservoir water
level (Figure 3) parallel to the monthly precipitation
(equation (1)) [38]. Then, the pore pressure calculations join
up the stability analysis with the shear strength reduction,
which is realized by reducing the variables ¢ and ¢ while
defining the parameter SRF and accumulating the results till
the critical state (equation (2). Also, there are two param-
eters to define the saturated area and unsaturated area with
its built-in function Hp, which defines the pore pressure in
the soil.

(o[ oH] 9[ oH| o[ oH oH
IR+ 2 K+ 2| K2 S
ax[ xax]+ay[ yay]+az[ Zaz]+w St

e

H(x’ y; Z) t)lt:O = HO (x’ y,Z), (xa ya Z) € Q,

an (xa ya Z) € r2)

=q(x, y,2,t),
I,

(1)

where K,, K, and K are the values of hydraulic conductivity
along the x, y, and z coordinate axes, which are assumed to
be parallel to the major axes of hydraulic conductivity; H is
the potentiometric head; W is a volumetric flux per unit
volume representing sources and/or sinks of water; S is the

specific storage of the porous material; ¢ is the time; g is the
flux.
, o c
© TSP
(2)
_tan¢

" SRF’

tan ¢’

During the numerical computing process, ¢ is the co-
hesion; ¢ is the internal friction angle; and Fr is the factor of
safety. The trail of Fr incrementally increases until the
convergent criterion is not satisfied.

For boundary conditions, the interface, i.e., the sliding
surface of this landslide, which is between the landslide mass
and the bedrock, is taken as impermeable, for it is nearly
three orders of magnitudes of hydraulic conductivity larger
than other materials. To fit the reality, there establishes a
subordinate landslide-slip zone. The saturated hydraulic
conductivity k, of the landslide mass in the Gorges Reservoir
region could vary from 1 x 10™*m/s to 1 x 10~/ m/s, and this
subject finally uses those given in Table 1 combining with the
velocity of impoundment and drawdown. The other physical
and mechanism parameters are all obtained from early in
situ tests and laboratory experiments, such as the packer
permeability test, specific gravity test, and consolidated
drained triaxial compression test.

4.2. Numerical Simulation Results for Stability. Figure 8 il-
lustrates the results of the variations of the safety factor from
January 2004 to October 2009, as obtained from the fluid-
soiled coupling analysis. From Figure 8, the fluctuation of
the landslide stability could be approximately divided into
two parts with the factor of safety. One part is from January
2004 to October 2006, the fluctuation is slight, and it keeps
relatively high. The other is from November 2006 to October
2009, the fluctuation decreases sharply, and it keeps rela-
tively low. The increase of the external trigger factors may
cause disequilibrium and large deformation in the slope.
The precipitations during January 2004 to July 2006 were
around 42-80 mm/month; thus, the reservoir water level was
maintained at 135-138m. And the factor of safety was
between 1.12 and 1.2, which demonstrates that there was no
trend to slide in the landslide mass, and the slope is primarily
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kept stable. While the precipitations grew obviously in rainy
seasons in 2006, the factor of safety grew parallel to the
reservoir water level from 1.17 to 1.26. On the contrast, the
factor of safety fluctuated sharply after impoundment until
the next rainy season and reached the minimum of 1.04. The
accumulated displacement grew constantly in the whole
process, and there existed an acceleration phase in 2006 after
impoundment (Figure 3). It suggests that there was some
insurance that the landslide might become disequilibrium.
After the lower peak of this curve, the factor of safety grew
corresponded to the rainy season in 2007, conforming to the
general change of fluctuations of the factor of safety. While
the increase of the factor of safety was not as much as the
formal one in 2006, the reservoir water level kept high
between 147 and 172 m, which just kept from 1.04 to 1.15.
The accumulated displacement assumed stepwise growth
more obviously, and the rate of displacement was higher and
more periodical. Generally speaking, the rate of surface
landslide deformation decreased as the reservoir water level
rose after the reservoir impoundment, whereas it increased
with the water level fell.

4.3. Sensitivity Analysis for Stability. The curve of the safety
factor is approximately synchronous with the water level
change, but always lags behind compared with the reservoir
water level. The water level fluctuations may assist to predict
the stability of the slope which is mainly driven by the
seepage field in a sense (Figure 9), but it could not directly
represent the variation of stability which requests actual
external trigger factors.

Figure 9 shows the relationship between the rate of
factors of safety with the velocity of water level change,
which represented the different stages the landslide mass
might have experienced. The reservoir water level fluctua-
tions could be approximately divided into four types
throughout the calculation process with its velocity. Same as
the variation of the water level, these curves could not di-
rectly respect the relationship between the factor of safety
with the reservoir water level. Since the impoundment of the
reservoir, the leading edge of the landslide may be sub-
merged by the water level that would increase the hydrostatic
pressure, which is conducive to the landslide stability. In the
process of the reservoir impoundment, the faster the velocity
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FIGURE 9: Sensitivity analysis of slope stability conditions. (a) Reservoir storage; (b) reservoir water level drawdown.

is, the faster the safety factor would increase. However, if the
velocity is too much bigger than the hydraulic conductivity,
the increase rate would gradually slow down as the water
level rises. The closer the values are, the greater the height of
the water level where the incremental slowdown occurs. It
suggests that the impoundment would improve the stability
of the landslide mass [39, 40].

The drawdown of the reservoir water level may cause the
hydrodynamic pressure in the rear edge of crack particularly
prominent. On the contrast, it shows two different types in
the process of drawdown. As the hydraulic conductivity is
closed to the velocity of the water level fluctuation, the factor
of safety was not just decreased. When the velocity of the
water level fluctuation is less than the hydraulic conduc-
tivity, the safety factor increases and the rate is small.
However, these kinds of conditions would not actually
occur, and this analysis is only based on theoretical ex-
ploration. The further reason may be the lagging drainage of
the groundwater, inducing the excretion of the water in the
landslide mass lags behind the reservoir water. It suggests
that the drawdown would reduce the stability of the land-
slide mass at some extent.

5. Discussion

After the analysis of the landslide deformation character-
istics and numerical model calculating, the seasonal fluc-
tuation of rainfall and reservoir level plays significant roles in
the landslide stability. The characteristics of the landslide
deformation could guide the analysis of the stability, and it
may be the tight data for the field research work [28, 41].

These figures have shown the relationships between the
surface accumulated displacement, the stability of the
landslide mass and the fluctuation of the reservoir water
level, as all of them have an important correlation. The

surface accumulated displacement curves has a palpable
stepwise increment in rainy seasons each year, and the safety
factor keeps relatively similar. If the slope keeps marginally
stable, the slightest changes of the external trigger factors
may lead to disequilibrium and significant deformations
[42]. Table 2 summarizes the input items for the factor of
safety and the displacement of G5 station.

Based on the grey relation analysis, the grey relation
grade (GRG) is useful to evaluate the degree of relationship
between the input and extra factors. The GRG ranges from 0
to 1; according to the assumption of the method, a value of
0.6 or higher proves a strong relationship towards these.
Table 2 provides the mainly factors influencing the safety
factor and the landslide deformation. They both correspond
to the rainfall and water level fluctuations and always lag
behind the precipitations. When the water level rises, the
accumulated surface displacement curve is relatively stable
or grows slowly, and the landslide mass will keep steady or
the stability might be limited increasing [43]. At this time,
the water level of the Gorges region drops rapidly or runs ata
low elevation, and the rate of the surface displacement
changes significantly, with the stability of the landslide
decreasing.

Upon combining the factor of safety with the surface
displacement monitoring results obtained after the reservoir
water level fluctuated (Figure 10), it is suggested that the
numerical modeling results demonstrate why the defor-
mation rate of the Shiliushubao landslide decreased as the
reservoir water level increased, and the deformation rate was
negatively correlated with the reservoir filling. The perme-
ability limited the excretion and replenishment of water in
the soil. Everytime there is the reservoir water level draw-
down, it causes the seepage force and extra pore pressure to
the landslide. And if the reservoir water level remains rel-
atively constant after increased, the extra pore water pressure
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TaBLE 2: The grey relational grade (GRG) between the influencing factor with factor of safety and displacement.

Input Influencing factors GRG
Input 1, the 1-month cumulative antecedent rainfall 0.626
Input 2, the 2-month cumulative antecedent rainfall 0.605
Input 3, reservoir level change in the 1-month period 0.681
Factory of safety Input 4, reservoir level change in the 2-month period 0.703
Input 5, the average elevation of the reservoir level in the current month 0.610
Input 6, the displacement of G8 over the past 1 month 0.604
Input 7, the displacement of G5 over the past 1 month 0.608
Input 8, the 1-month cumulative antecedent rainfall 0.664
Input 9, the 2-month cumulative antecedent rainfall 0.662
. Input 10, reservoir level change in the 1-month period 0.672
The displacement of G5 Input 11, reservoir level change in the 2-month period 0.662
Input 12, the average elevation of the reservoir level in the current month 0.761
Input 13, the displacement of G8 over the past 1 month 0.941
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would dissipate progressively, which may improve the
stability of the landslide and the rate of the deformation
would imperceptibly keep steady [44]. From accumulated
displacement curves, there exists a stepwise character.
Compared with numerical simulation, a simple deformation
feature analysis has lower accuracy in determining slope
stability.

After calculating the transient safety factor of the slope
with multiple rainfall combinations, it is suggested that with
the infiltration of the rainwater and its movement within the
slope body, the safety factor changes, indicating that in
addition to the time effect, there is also a spatial effect. While
it is difficult to assess the stability of the landslide mass with
numerical simulation on a scene, the external performance
becomes necessary then. And the behavior of slopes sub-
jected to water level fluctuations and landslide deformation
are increasingly the subject of scientific attention and
research.

6. Conclusion

The Shiliushubao landslide is an emblematic slope failure in
Huanglashi landslide which is influenced evidently by the
water level in Three Gorges Reservoir region. Based on
investigation and simulation analyses, these following
conclusions were made.

(1) According to the analysis of GPS surface defor-
mation monitoring of the landslide, the displace-
ments obtained by these GPS stations on the active
blocks were relatively large and escalated with time,
while the increase of the displacements on the other
stations was approximately small in the whole
monitoring process. With this trend, if the landslide
is not reinforced, the rear part would fail when the
sliding of the middle part supplies sufficient space to
move.

(2) The calculation results for landslide stability show
that the reactivation triggering factors are mainly
corresponded to the water level variations and
precipitations. While the process of the reservoir
drawdown, the decrease of the groundwater level of
landslide lags behind the reservoir water level, which
is a typical deterioration of the slope conditions, and
increases the accumulated deformation. It shows that
the stability is sensitive to the velocity of water level
fluctuation.

Discussing the deformation and stability of the landslide,
we quantify the importance of each factor on landslide
occurrences, and we find that the drawdown of the water
level of the Three Gorges Reservoir region could be sum-
marized as the main controlling factor of the deformation of
the landslide mass.
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In order to improve the accuracy of modulus inversion of the pavement structure layer, a layer-by-layer inversion method was
proposed to be compared with the traditional inversion method by inverting the modulus of each structural layer of the inverted
asphalt pavement and semirigid asphalt pavement. The results show that the influence of cushion modulus on the modulus of
inverted subgrade and modulus of cement-stabilized crushed stone is restricted by the cushion modulus and pavement structure
characteristics, and the thicker cement-stabilized crushed stone layer is beneficial for improving inverted modulus of subgrade;
besides, for the inverted asphalt pavement, the modulus of the graded crushed stone transition layer has a significant influence on
the modulus inversion of cement-stabilized crushed stone. The modulus of the graded gravel transition layer inverted by these two
methods is underestimated, the modulus of cement-stabilized gravel is overestimated using the traditional inversion method, and
the inversion result of the inverted asphalt pavement is more significantly affected by the inversion method than the semirigid base
asphalt pavement. Moreover, the modulus of the pavement structural layer is determined by the material and structural
characteristics, and its recommended empirical value or the value in the indoor test does not conform to the actual value of the site;
by contrast, the inversion modulus obtained using the layer-by-layer inversion method is closer to the actual value, which can be
used in the design of similar pavement structures to accumulate data for determining the material modulus or the pavement
structure adjustment coefficient in the pavement structure.

1. Introduction

The deflection basin can comprehensively reflect the
structural characteristics (thickness, layer position), material
characteristics (modulus, etc.) of each structural layer of the
pavement, and external factors (temperature, humidity, and
traffic conditions), and it can also indirectly evaluate the
operation duration of the road, etc. [1-3]. Research on the
modulus inversion of pavement structure layer mainly fo-
cuses on the following aspects: (1) the influence of the
thickness of pavement structure layer, interlayer contact,
and the temperature on the inverted modulus [4-7]; (2) the
establishment of the correction coefficient between the
modulus of each pavement structure layer material in indoor
test and the inverted modulus to characterize the

relationship between the inverted modulus and the actual
modulus of the pavement structure [8-10]; besides, the
research subject mainly includes semirigid base asphalt
pavement and flexible base asphalt pavement, but inverted
structure asphalt pavement is few studied.

The traditional inversion method is to substitute the
initial value directly, maximum value, and minimum value
of the modulus of each structural layer into the inversion
software, in which the deflection value is the dynamic de-
flection of the pavement surface. It has been found that using
the dynamic deflection makes the deviation coeflicient of the
inverted modulus large, especially for the base layer and the
subbase layer, their deviation coeflicient is mostly between
60 and 90%, and the system error of 1%~2% of the deflection
sensor may lead to 10%~20% inversion modulus error
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[11, 12]. In addition, so far, FWD is mostly used to test
deflection basins of the pavement surface to evaluate the
bearing characteristics, during which 95% of FWD load acts
on the pavement surface and spreads to the underlying
structural layer, and 5% is directly loaded on the roadbed.
There are few studies on testing the distribution of deflection
basins in each layer and inverting the modulus of each
structural layer [13, 14].

RN Stubstad [15] emphasized the feasibility of con-
trolling the quality of applying FWD to the pavement
construction; the dynamic deflection value of the main layers
was tested layer by layer, and the equivalent pavement
modulus was solved using the empirical formula, but the
evaluation of the modulus inversion of each layer was not
carried out layer by layer. Based on the Wisdom Road
project in Virginia, Nassar et al. [16] used FWD to test the
dynamic deflection of each layer during the construction of
flexible pavement to invert the modulus of the main
structural layers, and the modulus of each structural layer
was inverted layer by layer. Solanki et al. [17] analyzed the
difference between the inverted modulus of subgrade and
base layer and the laboratory test value when the FWD was
loaded at different layers of the flexible pavement, but the
difference in the inverted modulus under the different
working conditions and using the traditional inversion
method was not analyzed. Liao et al. [18] adopted the
Beckman beam method to test the static deflection of
semirigid pavement layer by layer and used the elastic
layered system to inverse the modulus of the cement-sta-
bilized gravel base and asphalt surface. However, because the
Beckman beam method is a static test method, the test error
is relatively large.

In the inverted asphalt pavement, there is a graded gravel
transition layer with relatively low strength between the
cement-stabilized crushed stone base and the asphalt layer,
which makes the pavement structure more complex and the
inverted modulus more variable. In addition, because the
asphalt surface is greatly influenced by the temperature and
exhibits obvious viscoelastic properties, the accuracy of the
modulus inversion results of the lower layers is significantly
affected, which can be improved using the layer-by-layer
inversion modulus method. In this paper, a layer-by-layer
inversion modulus method was proposed. Furtherly, based
on the dynamic response test section of the asphalt pave-
ment of Sichuan-Guangzhou Expressway, the inverted
modulus of the three structures using the traditional in-
version method and the layer-by-layer inversion method was
compared.

2. Test Scheme and Inversion Method

2.1. Test Scheme. 'The Sichuan Sui-Guang Expressway adopts
the S1 structure, four lanes in two directions; the total length
of the test roadway is 646.8 m, including three types of
pavement structures, as shown in Table 1. Among them, S1
(semirigid structure) is 99 m in length, S2 (inverted structure
1) is 301 m in length, S3 (inverted structure 2) is 246.8 m in
length, and the total thickness is 89 cm. By referring to
“Highway Subgrade and Pavement Field Test Regulations”
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(JTGE60-2008), the resilient modulus of the subgrade and
cushion layer was tested through the load-bearing board test
(Figure 1), and the PRIMAX1500 FWD was used to test the
dynamic deflection of each layer from the base layer to the
top of the upper layer (Figure 2), in which the sensor was
installed 0 cm, 20 cm, 30 cm, 40 cm, 50 cm, 60 cm, 90 cm,
120 cm, 150 cm, 180 cm, and 210 cm away from the loading
center, respectively. In addition, the FWD test of the cement-
stabilized crushed stone base layer is 30 days after its
construction completed, and the subsequent test intervals of
each layer are within 48 h.

2.2. Layer-by-Layer Inversion Modulus Method. The layer-
by-layer inversion modulus method is to firstly load FWD to
the top surface of the base course to test deflection value and
to determine the inverted modulus of the cement-stabilized
crushed stone layer, subgrade, and cushion layer. Then,
while inversing the modulus of the transition layer, the
material parameters (including the conditions of fixed
modulus of part of the structural layer and limiting the initial
value and maximum and minimum modulus of all structural
layers) were substituted in the inversion; finally, the inverted
modulus of the structural layer was comprehensively de-
termined based on multiple inversion result. The modulus of
the asphalt surface layer can also be determined following
the procedure above. During the inversion, the deflection
value of each structural layer was adopted, and the modulus
of each structural layer needs to be determined through
multiple inversions layer by layer. If it is necessary, field test
methods such as load-bearing plates can be used to deter-
mine the modulus of part of layers. This method reduces the
number of variables of the inverted structural layer, im-
proving the inversion accuracy, and the layer-by-layer de-
flection test reduces the influence of the test error.

Based on the iterative method, to invert the pavement
structure layer modulus is relatively mature [19], and Mao’s
[20] study shows that the modulus of the linear and non-
linear inversion of the graveled pavement is relatively
consistent, and the graded gravel layer can be considered a
linear elastic material for inversion. Smith et al. [21] compare
the existing inversion methods and believe that the dynamic
inversion method is not perfect enough and the time and
frequency dominated inversion methods have certain
drawbacks. Therefore, this paper uses an ECERCALC5.0
program to invert the pavement structure layer modulus.

3. Modulus Inversion of Each Structure Layer of
the Pavement

3.1. The Measurement of the Modulus of Graded Gravel and
Subgrade Using the Load-Bearing Plate Method. The load-
bearing plate method is mainly used to test the modulus of
graded crushed rock and subgrade for comparison with the
inverted modulus and is also used to determine the modulus
of the graded crushed rock cushion layer indirectly. The test
results of the resilient modulus of graded gravel and sub-
grade are shown in Table 2. The tested average modulus of
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TaBLE 1: The structure of the test section.

Pavement structure

S1 (semirigid structure)

S2 (inverted structure 1) S3 (inverted structure 2)

The asphalt mastic macadam SMA upper

4
surface layer (cm)
The SBS modified asphalt AC-20°C middle 6
surface layer (cm)
The lower surface laver The type Asphalt AC-20°C The SBS modified asphalt AC-20°C ATB-25
W Y€ The thickness (cm) 8 8 12
The graded crushed stone transition layer . 1
(cm)
The cement-stabilized crushed stone base
28 20
(cm)
;[Chr::l )cement—stablhzed crushed stone subbase )8 24 20
The graded crushed stone cushion layer (cm) 15 15 15
The total pavement thickness (cm) 89 89 89

FIGURE 2: FWD field testing.

the cushion layer by the bearing plate method is 309 MPa,
and the average subgrade modulus is 161 MPa.

3.2. Influence of Modulus of the Graded Gravel Cushion Layer
on the Inverted Modulus of Subgrade and Cement-Stabilized
Gravel. The inversion accuracy of the modulus of each
structural layer using the iteration method tends to decrease

with the increase of the number of structural layers, and the
optimal number is 3~4. For the subgrade and graded
crushed stone cushion layer, they can be regarded as two
layers for inversion when FWD is loaded on the top surface
of the base course, and they must be treated as one layer
when the top surface of other structural layers is loaded. But
when they are regarded as two layers of inversion, and the
maximum value of modulus of the graded crushed stone
cushion layer is not limited, the inverted modulus value is
2271 MPa, which exceeds the upper limit of 700 MPa rec-
ommended by “Asphalt Pavement Design Specification
JTGO050-017.” Therefore, it is necessary to study the influence
of the modulus of graded crushed stone cushion layer on the
inversion results of subgrade modulus and cement-stabilized
crushed stone modulus. The following conclusions can be
drawn from Figure 3:

(1) The inverted modulus of subgrade and cement-sta-
bilized crushed stone both decrease with the increase
of set modulus of the stone cushion layer from
100 MPa to 800 MPa, but the decreasing amplitude of
the inverted modulus of subgrade, from large to small,
is semirigid structure (38.44%), inverted structure 1
(23.43%), and inverted structure 2 (19.98%), while the
decreasing amplitude of inverted modulus of cement-
stabilized crushed, from small to large, is semirigid
structure (8.11%), inverted structure 1 (20.69%), and
inverted structure 2 (37.39%).

(2) Asthe modulus of the graded crushed stone cushion
layer increases, the modulus curve of the subgrade
shows two different stages, and two inflection points
appear when the cushion modulus is 200 MPa
(semirigid structure) and 150 MPa (inverted struc-
ture). Except for the inverted structure 2, the
modulus curve of cement-stabilized crushed stone
decreases linearly with the increase of the modulus of
the graded crushed stone cushion layer; the modulus
curve of cement-stabilized crushed stone of the
inverted structure 2 shows two different stages, and
the inflection point appears when the cushion
modulus is 300 MPa. Smaller modulus of the graded
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TaBLE 2: Test modulus of the subgrade and graded gravel.
Structural layer Modulus (MPa) Average value (MPa) Standard deviation Variation coeflicient (%)
Subgrade 97 175 220 166 192 132 144 161 37.5 23.3
Cushion layer 400 217 301 385 266 284 — 309 64.6 20.9
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FIGURE 3: Influence of the variation of cushion modulus on modulus inversion of the structure layer.

crushed stone cushion layer has a greater impact on
subgrade modulus and cement-stabilized crushed
stone modulus, and the influence degree has a certain
dependence on the pavement structure characteristics.

(3) Although the tested resilient modulus of the struc-
ture layer using the bearing plate method is the static
elastic modulus, and the inverted modulus using the
deflection value tested by FWD is the dynamic value,
they show a high correlation [22-24]; besides, the
inverted modulus of graded crushed stone cushion
layer is much greater than the measured value.

3.3. Modulus Inversion of Subgrade. Based on the test of the
subgrade modulus using the bearing plate, the FWD load
was applied to the top surface of each structural layer to test
the dynamic deflection to inverse their modulus, as shown in
Tables 3 and 4.

(1) The inverted modulus of different pavement struc-
tures with different thicknesses of the cement-sta-
bilized crushed stone layer is different; this is because
when the FWD load is applied to the top surface of
the base course, the inverted modulus of the thicker
cement-stabilized crushed stone layer is relatively
large. At the same time, in the pavement structure
system, the subgrade is considered to extend infi-
nitely in the depth direction, the equivalent modulus
of the subgrade and the cushion layer is mainly
dominated by the subgrade modulus, and the ratio of

the cushion modulus to the subgrade modulus is
much smaller than the base modulus and cushion
modulus. Moreover, by regarding the subgrade and
cushion layer as two layers and one layer, the
inverted modulus of the cement-stabilized gravel
layer is 6881 MPa and 6330 MPa, respectively, in-
dicating that combining them as one layer has little
effect on the inversion value of the modulus of the
cement-stabilized crushed stone layer.

(2) When the FWD load is applied to the top surface of

the underlying layer of three different structures,
the difference in inverted equivalent modulus of
the cushion top surface is the largest, in which the
equivalent modulus of the cushion top surface of
the semirigid structure is the largest, and that of
the inverted structure 2 is the smallest. At the same
time, when the FWD is loaded at different struc-
tural levels, the variation coefficient of the
equivalent modulus of the top surface of the
cushion layer, from larger to small, is semirigid
structure (53.18%), inverted structure 1 (34.35%),
and inverted structure 2 (27.28%). This is mainly
because the performance of the asphalt mixture is
relatively sensitive to temperature, showing ob-
vious characteristics of viscoelastic and delayed
elastic recovery [25, 26], and the deflection and the
inverted modulus value are both affected by the
test temperature. Besides, differences in the
thickness of the underlying layer or asphalt type
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TaBLE 3: The inverted modulus of the structural layer (FWD on the top surface of the base course) (MPa).

f;;iaure 4-layer system 3-layer system 3-layer system 4-layer system
Semirigid 190 220 202 201
structure

Inverted 166 167 172 172
structure 1

Inverted 144 144 141 140

structure 2

Cement-stabilized

Base course, subbase
crushed stone layer,

Cement-stabilized crushed stone

. . Base course, subbase course,
layer, cushion layer with a

Note course, cushion layer, cushion layer, and modulus of 309 MPa, and cushion layer with the modulus
and subgrade of 309 MPa, and subgrade
subgrade subgrade
TaBLE 4: Inverted equivalent modulus of the top surface of the cushion layer.
Layer subjected to FWD
Pavement . . Middle Upper Average
structure Base  Transiton  Underlying o - surface value Note
course layer layer
layer layer

Semirigid 243 - 502 189 191 281
structure
Inverted 206 127 314 165 204 203 Cement-stabilized crushed stone layer,
structure 1 asphalt surface layer, and subgrade were,
Inverted 174 9 108 121 168 133 respectively, combined V.Vlth the cushion layer
structure 2 to perform inversion
Average 207 110 308 159 188 194
value

between different pavement structures induce the
inversion error. At the same time, as the number of
inversion variables increases, the inversion accu-
racy decreases, and a thicker asphalt layer can
reduce its influence on the load transfer. Using the
deflection of the top surface of the base course to
inverse the modulus is beneficial for improving the
inversion accuracy of the equivalent modulus of
the top surface of the cushion layer. Therefore, the
layer-by-layer inversion method is recommended
to determine the modulus of each structural layer.

(3) The subgrade of the field test section is constructed
continuously, and the material difference is small.
The subgrade modulus under each structural layer
should be the same, and when the FWD load is
applied to the top surface of the base course, the
average value of the inverted subgrade modulus of
three sections is 172 MPa, which is 1.07 times that of
the test result using the bearing plate. Therefore, the
modulus of subgrade and the graded crushed stone
transition layer of this section are taken the test
value of the bearing plate, and the equivalent
modulus of the cushion top surface is calculated to
be 204 MPa, which is basically the same as the
inverted equivalent modulus of the top surface of
cushion layer 207 MPa. It is furtherly proving the
reasonability of combining the subgrade and
cushion layer into one layer.

3.4. Determination of Inverted Modulus of the Graded Crushed
Stone Tranmsition Layer. The graded crushed stone is a
nonlinear granular, and its modulus is greatly affected by the
stiffness of the underlying layer, so the bearing plate method
cannot truly reflect the modulus of graded crushed stone
transition layer of the loaded asphalt pavement, and the
variability of the modulus of the graded crushed stone is
large [27, 28]. It can be seen from Figure 4 that as the
modulus of the graded crushed stone transition layer in-
creases, the equivalent modulus of the top surface of the
cushion layer of inverted structure changes less, while the
inverted modulus of the asphalt surface layer and cement-
stabilized crushed stone gradually decrease using the tra-
ditional inversion method, and the decreased amplitude of
modulus of the asphalt surface layer is less than that of the
cement-stabilized crushed stone layer; their decreased am-
plitude of modulus shows flexion points at 200-300 MPa
and 300-500 MPa, respectively.

According to Table 5, it can be known that when the
FWD is loaded on the top surface of the graded crushed
stone transition layer, the average value of the inverted
modulus of the graded gravel transition layer in three test
sections is 243 MPa, which is lower than the value tested by
the bearing plate. Because the graded crushed stone is a kind
of nonlinear and discrete material, its strength is highly
dependent on stress; when the underlying layer is a semirigid
material, the modulus of the graded crushed stone transition
layer (the modulus of the graded crushed stone transition
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TaBLE 5: The inverted modulus of the graded crushed stone transition layer (MPa).
Layer subjected to FWD
Pavement " . . Note
structure Transition ~ Underlying Middle Upper
layer layer surface layer surface layer
Inverted
265 150 103 163 .
structure 1 Cement-stabilized crushed stone layer, asphalt surface layer,
Inverted 220 100 100 114 and subgrade were, respectively, C(.)mbm.ed with the cushion
structure 2 layer to perform inversion
Average value 243 125 102 139

layer tested by the load-bearing board is often above
400 MPa) is greater than that when the underlying layer is
subgrade. Before laying the lower asphalt layer, the inverted
modulus of the graded crushed stone transition layer is
greater than that based on the tested deflection by applying
FWD on the top surface of the asphalt layer; this is mainly
because the strength of the graded crushed stone transition
layer depends on the stress. When the FWD is loaded on the
top surface of the asphalt layer, the stress level of the graded
crushed stone layer is lower, inducing the lower modulus. The
inverted modulus of graded crushed rock by the traditional
inversion method is often lower than the actual value. For the
inverted asphalt pavement, the modulus of the graded crushed
stone transition layer inverted by the traditional inversion
method is often lower than the actual value, while the modulus
tested by the bearing plate method is often higher than the
actual value. Therefore, the dynamic deflection tested by ap-
plying the FWD on the top surface of the graded crushed stone
transition layer is used to invert its modulus.

3.5. Modulus Inversion of the Cement-Stabilized Crushed
Stone Layer. The accuracy of the inverted modulus of the
inverted pavement using the EVERCALC software is lower
than that of the flexible pavement. When the FWD is loaded on

the asphalt pavement, the accuracy of the inverted modulus of
the cement-stabilized crushed stone is less than that when the
FWD is directly loaded on the top surface of the base course.
According to Table 6, the following can be known:

(1) Under the condition of the same thickness of ce-
ment-stabilized crushed stone and pavement struc-
ture composition, with the increase of the thickness
of the asphalt layer, the inverted modulus of cement-
stabilized crushed stone gradually increases, and the
inverted modulus of the base course based on the
dynamic deflection of the pavement surface is the
largest. Besides, the modulus of cement-stabilized
crushed stone also has a certain relationship with its
thickness.

(2) The modulus of the graded crushed stone transition
layer has a great influence on the modulus inversion
of cement-stabilized crushed stone. When the
modulus of the graded crushed stone transition layer
is 400 MPa, the inverted modulus of the cement-
stabilized crushed stone is 0.55~0.97 times that of
243 MPa. Moreover, the closer the loading position is
to the graded crushed stone transition layer, the
smaller the effect of the modulus of the graded
crushed stone transition layer on the modulus of the
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TABLE 6: The inverted modulus of cement-stabilized crushed stone (MPa).

Layer subjected to FWD

Pavement The iddl " .
structure modulus of the transition layer  Base course Transition layer Underlying layer lddle pper surface
surfacelayer layer
Semirigid — 8417 — 4779 6732 11468
structure
Inverted Inverted value 6330 7104 2846 8490 17715
structure 1 243 MPa - 7188 1725 3113 10980
400 MPa — 6725 1600 2027 6518
Inverted Inverted value 4762 5187 7299 8707 21773
structure 2 243 MPa - 5076 2376 2690 9116
400 MPa — 4903 1744 1768 5070

cement-stabilized crushed stone layer is. At the same
time, the greater the modulus of the graded crushed
stone transition layer, the smaller the inverted
modulus of cement-stabilized crushed stone.

(3) The graded crushed stone is a kind of nonlinear and
discrete material, and its modulus is greatly affected
by external factors such as load and humidity. In order
to accurately invert the modulus of cement-stabilized
crushed stone, the FWD is recommended to load on
the top surface of the base course to test deflection, so
as to reduce the influence of other structural layers on
the inversion results. According to different struc-
tures, different moduli of cement-stabilized crushed
stone of the semirigid structure, the inverted structure
1, and the inverted structure 2 are selected as
8417 MPa, 6330 MPa, and 4762 MPa, respectively.

3.6. Modulus Inversion of the Asphalt Surface. Because the
modulus of the asphalt surface is greatly affected by tem-
perature, the inversion result needs to be corrected based on
the reference temperature of 20°C. It can be known from
Table 7 that the inverted modulus of asphalt surface is af-
fected by asphalt mixture type, the thickness of asphalt
surface, and the modulus of the graded crushed stone
transition layer; the greater the modulus of the graded
crushed stone transition layer, the lower the inverted
modulus of the asphalt surface layer, but the dispersion of
the inverted modulus will be greater. But, the influence of
asphalt mixture type and the thickness of the asphalt surface
layer is not obvious. On the whole, the thicker asphalt
mixture has less influence on the modulus inversion of the
asphalt surface, so the equivalent modulus of the asphalt
mixture is selected based on the deflection of the pavement
surface. Besides, under different inversion conditions, the
inverted modulus of the asphalt surface is quite different, but
its result using the traditional inversion method is closer to
that using the layer-by-layer inversion method. Therefore,
under different inversion criteria, the inverted modulus of
the asphalt surface layer is more discrete, and it is necessary
to test the deflection layer by layer to reduce the influence of
the material and structural characteristics of each layer
above on the inverted modulus of the structural layer.

4. The Determination of Modulus of the
Structural Layer in the Test Section

As a kind of discrete material, the strength of the graded
crushed stone is greatly affected by the load level and shows
obvious nonlinearity, which makes its modulus value often
underestimated during inversion, and the cement-stabilized
crushed stone layer causes the most significant error during
the modulus inversion of the inverted structure. At the same
time, the modulus of subgrade and the graded crushed stone
cushion layer is greatly affected by seasons and rainfall, so
they are not fixed during the layer-by-layer inversion. The
comparison between the inverted modulus using the layer-
by-layer inversion method and the traditional inversion
method is shown in Table 8.

(1) The difference in the inverted equivalent modulus of
the top surface of the cushion layer using these two
methods is relatively small, and the result of the
layer-by-layer inversion method is 1.01~1.23 times
that of the traditional inversion method. This is
corresponding to the conclusions through numerical
analysis in the literature [29].

(2) Because the graded crushed stone material has obvious
nonlinearity, when it is in different layers, its modulus
varies greatly, and it is related to the strength of the
pavement structure and adjacent layers. Both inversion
methods underestimate the modulus of the graded
crushed rock transition layer, and the modulus of the
graded crushed rock transition layer determined by the
layer-by-layer inversion method is 1.4 to 2.2 times that
of the traditional inversion method; besides, the
thinner the cement-stabilized crushed stone layer, the
greater the difference in the modulus determined by
these two methods. This is because the modulus of
graded crushed stone has obvious load dependence,
and when the FWD is transferred to the graded
crushed stone structure layer, it is already smaller than
the value loaded on the top surface of this layer.
Leading to a small inverted modulus, however, when
the FWD is directly loaded on the top surface of the
graded crushed stone structure layer, the load is greater
than that on the pavement surface, and because the
asphalt surface layer is not paved, the bearing plate area
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TaBLE 7: Inverted modulus of the asphalt surface (MPa).
Layer subjected to FWD
Pavement The modulus of the base course The modulus of the transition derlvi ¥ 'dcil " "
structure layer Underlying  Middle surface Upper surface
layer layer layer
Semirigid The determination of modulus inversion 5852 4634 12054
structure Modulus of base course 8417 MPa 2043 3418 16626
The determination of modulus inversion 10413 6884 11514
The modulus of the transition
The determination of modulus layer 243 MPa 7576 dad 8823
inversion The modulus of the transition 3508 3585 2045
layer 400 MPa
Inverted The determination of modulus
structure 1 . . 10847 6535 9072
inversion
Modulus of base course The modulus of the transition
6330 MPa layer 243 MPa >025 3077 12216
The modulus of the transition
layer 400 MPa 1494 1606 7454
The determination of modulus inversion 6703 7349 9831
The modulus of the transition
The determination of modulus layer 243 MPa 4627 5927 7065
inversion The modulus of the transition 3477 4898 6359
layer 400 MPa
Inverted The determination of modulus
structure 2 . . 6396 7006 7257
inversion
Modulus of base course The modulus of the transition
4762 MPa layer 243 MPa 3005 Aldd 9257
The modulus of the transition 1651 2556 6073

layer 400 MPa

TaBLE 8: The comparison between the inverted modulus using the layer-by-layer inversion method and traditional inversion method (MPa).

Structure layer

Modulus using the layer-by-layer
inversion method

Modulus using the traditional

Inversion calculated layer . .
inversion method

Asphalt surface 16626 12054
Semirigid Cement-stabilized crushed stone layer 8417 11468
structure Equivalent modulus of the top surface of
. 207 191
the cushion layer
Asphalt surface 12216 11514
Inverted Graded crushed stone transition layer 243 163
Cement-stabilized crushed stone layer 6330 17715
structure 1 .
Equivalent modulus of the top surface of
. 207 204
the cushion layer
Asphalt surface 9257 9831
Inverted Graded crushed stone transition layer 243 114
Cement-stabilized crushed stone layer 4762 21773
structure 2 .
Equivalent modulus of the top surface of 207 168

the cushion layer

is small, the surrounding top surface is in an uncon-
strained state, and the 3d stress state cannot be formed
inside the graded crushed stone, which makes the
measured modulus is still smaller than the actual value
but slightly larger than the inverted modulus using the
traditional inversion method.

(3) For the semirigid structure and the inverted structure,
their moduli of the cement-stabilized crushed stone
are both overestimated by the traditional inversion
method; but for the inverted structure, the modulus of

cement-stabilized crushed stone determined by the
layer-by-layer inversion method is 0.2~0.4 times that
of the traditional inversion method, and for the
semirigid asphalt pavement, the modulus of cement-
stabilized gravel determined by the layer-by-layer
inversion method is 0.74 times that of the traditional
inversion method. The inverted modulus of cement-
stabilized crushed stone has a certain correlation with
its thickness and modulus of the adjacent layer. In the
inverted asphalt pavement, the graded crushed stone
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structure layer above the cement-stabilized crushed
stone layer greatly weakens the bearing capacity of the
cement-stabilized crushed stone layer, making the
inverted modulus value much smaller than the ma-
terial’s actual value. Therefore, inverted asphalt
pavement should adopt the layer-by-layer inversion
modulus method to determine the modulus of each
structural layer.

(4) While using the layer-by-layer inversion method and
traditional inversion method to determine the
modulus of cement-stabilized crushed stone, FWD
is, respectively, loaded on the top surface of the base
course and the pavement surface, the shape, and
amplitude of the load distribution on the top surface
of the cement-stabilized crushed stone layer are quite
different, in which, with the traditional inversion
method, the load transferred to the top surface of the
cement-stabilized layer is in the shape of a bell with
high in the middle and low on both sides, and the
spreading ability to the surroundings is worse than
the uniform distribution. Besides, the longer the load
transfer path, the more the upper layer of the ce-
ment-stabilized gravel layer, and the more compli-
cated the material properties, the greater the degree
of overestimation of the inverted modulus [29]
Because the thickness of the asphalt layer on the top
surface of the inverted structure 2 is large, and the
thickness of the cement-stabilized crushed stone
layer is small, the modulus of the cement-stabilized
crushed stone inverted by the traditional inversion
method will be higher than the layer-by-layer in-
version method. At the same time, the traditional
inversion method underestimates the modulus of the
graded crushed stone transition layer, and under
certain conditions of the pavement deflection, the
inverted modulus of cement-stabilized crushed stone
is overestimated, and the degree of overestimation is
related to the degree of underestimation of the
modulus of the graded gravel transition layer.
Therefore, for the inverted asphalt pavement, the
modulus value obtained by the traditional inversion
method is much higher than that obtained by the
layer-by-layer inversion method.

In summary, while using the deflection tested by FWD to
invert the modulus of asphalt pavement, the layer-by-layer
inversion method is recommended; if the conditions are
limited, for the inverted asphalt pavement, at least the de-
flection of the pavement surface, the top surface of the
graded crushed stone transition layer, and the top surface of
the base course need to be tested.

5. Conclusions

The modulus of the structural layer is determined by the
characteristics of structure and material. The modulus tested
by the indoor experiment cannot represent the modulus of
the structural field layer. In the inverted asphalt pavement,
there is a graded gravel transition layer of the granular body

with relatively low strength and nonlinearity. For the
modulus inversion of the inverted asphalt pavement, the
point is the determination of the modulus of the graded
crushed stone transition layer and the cement-stabilized
crushed stone layer. While using the traditional inversion
method, the structure and material properties of the upper
layer will influence the inversion accuracy of the modulus of
the underlying structure layer. The layer-by-layer inversion
method is better than the traditional inversion method,
especially for the inverted asphalt pavement structure.

According to the “Asphalt Pavement Design Specifica-
tion JTG050-017,” during the design of pavement structure,
structural adjustment coefficients are introduced in the
determination of material parameters of base course;
however, the modulus and adjustment coefficients in the
mechanical empirical method are obtained based on sta-
tistical data analysis, and their adaptability is doubtable
when the test condition and environment change. By
contrast, the accuracy of determining the modulus of each
structural layer through the layer-by-layer inversion method
is better than that of the traditional inversion method, which
can effectively determine the modulus of each layer and
structural adjustment coeflicients, providing a basis for
pavement design and analysis. The disadvantage is that the
layer-by-layer inversion modulus method cannot be directly
used to determine the modulus of each layer of the existing
road, which should be tracked and tested from the con-
struction period. In the future, the application of the layer-
by-layer inversion method should be verified through more
on-site work points and pavement structure types.
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This paper aims to study the seismic performance of multiple composite core column joints. The influence of the stress
mechanism, axial compression ratio, and shear span ratio on the failure mode, hysteretic performance, and shear capacity of the
multiple composite core column joints was studied through the low-reversed cyclic loading tests of three specially designed and
manufactured multiple composite core column joints. The angle ratio method is used to calculate the effective area of the vertical
tie bar, and based on the mechanism of the softening tension-compression bar, the formula for calculating the shear capacity of the
joint with multiple composite core column is established. In addition, it is also verified by the test data in this paper. The
experimental results show that when the axial compression ratio increases from 0.26 to 0.45, the number and width of cracks at the
beam end decrease. When the shear span ratio increases from 1.67 to 2.22, the number and width of cracks at the joint beam end
increase. The average value and standard deviation of the ratio between the measured value and the calculated value of the shear
capacity are 0.97 and 0.16, indicating that the proposed calculation method has a high agreement with the actual value and strong

engineering application.

1. Introduction

Beam-column joints play an important role in the trans-
mission and distribution of internal forces and are also the
key to the seismic performance of the structure in the frame
structure. Most of the ordinary reinforced concrete beam-
column joints show brittle failure, which is not conducive to
the seismic resistance of the structure [1-3]. To explore a
new type of reinforcement and improve the transmission
and distribution of internal forces in the frame, much at-
tention has been paid by researchers. In recent years,
multiple composite reinforced core columns can effectively
guarantee the realization of “strong column and weak beam”
and have good shear bearing capacity and seismic perfor-
mance under earthquake action, which has attracted in-
creasing attention of researchers. As the core index of
seismic shear capacity is particularly important, many re-
searchers have done a series of studies on it [4-12].

You et al. [13] comprehensively analyzed the seismic
tests of numerous international frame joints, found the
important correlation between the stress state of longitu-
dinal bars after yield and the number of longitudinal bars
that affect the shear capacity of joints, and proposed the
shear capacity formula of such failure-type joints. Xing et al.
[14-16] proposed a modified calculation model for rein-
forced concrete joints with orthogonal beams on the basis of
the model of softened tension-compression bars [17, 18].
Yang [19] studied the influence of axial compression ratio,
stirrup spacing, stirrup ratio, and stirrup form on the seismic
performance of multiple composite core columns and
proposed the corresponding calculation formula of shear
capacity and design suggestions. Wakabayshi et al. [20] and
Omine et al. [21] found that the seismic performance of
cored columns was significantly better than that of ordinary
reinforced concrete columns in their studies under low-
cyclic reciprocating loads. Kadoya et al. [22] found that the
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initial stiffness and strength of columns with core columns
are about 1.2 times that of ordinary reinforced concrete
columns. At present, most of the joint researches at home
and abroad are made of reinforced concrete beam-column
joints in the form of ordinary reinforcement. Although the
research on the seismic performance of composite core
columns has made some progress, there are few reports on
the seismic performance of composite core columns, es-
pecially the calculation of its shear capacity needs to be
further studied.

Based on the above analysis, this paper carried out
pseudostatic tests on the beam-column joints composed of
multiple composite core columns, analyzed the effects of
axial compression ratio and shear span ratio on the seismic
performance of the joints, and proposed a formula for
calculating the shear capacity of the multiple composite core
column joints based on the mechanism of softening the
tension and compression rods. It provides reference for the
popularization and use of such nodes in engineering
construction.

2. Materials and Methods

To avoid the contingency caused by single data, three
reinforced concrete beam joints with multiple composite
core columns were prepared for parallel tests. The beam
section size of each node is 150 mm x 380 mm, the column
section size is 400 mm x 400 mm, and the concrete protec-
tive layer thickness of the beam and column is 20 mm. The
specimens BCJ-1, BCJ-2, and BCJ-3 were designed and
manufactured with axial compression ratio and shear span
ratio as variables. Specific joint dimensions and reinforce-
ment can be found in Figures 1 and 2 and Table 1.

The measured compressive strength of concrete cube
used in the test is 58.6 MPa, and the measured material
properties of steel bars with different diameters are shown in
Table 2.

The static loading method is used as shown in Figure 3 in
the experiment of this paper. The loading process is mainly
divided into the following two steps:

(1) Vertical load was applied to the top of the node
column by a hydraulic Jack.

The first application of axial pressure is 0.4 times to
ensure that the device is not loosened, and then two
further cycles of 0.4 times. Finally, the axial pressure
applied at the top of the column is 1 time and re-
mains constant.

(2) Horizontal displacement load is applied to the joint
column end through the actuator.

Before the formal loading, 5 kN force was used to push
and pull the joint specimen three times for trial
loading to ensure the normal working of each device,
acquisition system, and fixed device. After the com-
plete system is tested to work normally, the horizontal
load is returned to 0. The step size of initial loading of
horizontal displacement is 2 mm, 4 mm, 6 mm, 8 mm,
and 10mm in turn, and then the step size remains
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10 mm. Each step size is repeated three times until the
specimen is damaged or the horizontal load is less
than 0.85 times the peak load, and the loading is
finished. The vibration frequency of the load is the
simulated seismic load, as shown in Figure 4.

3. Results and Discussion

3.1. Phenomena and Failure Modes. For multiple composite
core column joints, the frame columns are always in the
elastic stage, and the core areas of the columns and joints
have no obvious damage under the reciprocating action of
horizontal displacement loads. With the loading process,
penetration cracks appear at the beam-column junction, and
cross oblique cracks appear at the beam end away from the
edge of the column. Concrete in this area gradually spall oft
with the subsequent loading, and obvious plastic failure
occurs at the edge of the beam away from the column. The
failure modes of each specimen are shown in Figures 5 to 7.

It can be found that the number and width of cracks at
the beam end decrease as the axial compression ratio in-
creases from 0.26 (node BCJ-1) to 0.45 (node BCJ-2) when
the specimen is damaged. However, the horizontal dis-
placement of failure is just the opposite. The horizontal
displacement of BCJ-1 node is 70 mm, while that of BCJ-2
node is 50 mm. This is because the increase of axial
compression ratio will cause the concrete at the core of the
joint to be subjected to greater compression, so as to delay
the generation of cracks at the beam and column ends at the
core of the joint. It is shown that increasing the axial
compression ratio can delay the development of the beam
end cracks but reduce the ductility of the joint under
seismic load. Similarly, when the shear-span ratio increases
from 1.67 (node BCJ-1) to 2.22 (node BCJ-3), the number
and width of fractures at the joints increase. This is because
when the shear span ratio increases, the second-order effect
of joints becomes more obvious, which intensifies the
generation and development of beam-end cracks. For
details, see the red mark in the revised manuscript. In-
creasing the shear-span ratio will accelerate the generation
of fractures at the joints.

3.2. Hysteretic Behavior. The hysteretic curves of each
specimen are shown in Figures 8 to 10. In the early stage of
loading, the hysteretic loop area and residual deformation of
each joint are small, and the stiffness degradation of the
specimen is not obvious. The area and residual deformation
of the hysteresis loop gradually increase with the increase of
the load. When the horizontal displacement load reaches its
peak, the stiffness of the joint degrades obviously. With the
continuous loading, the hysteresis loop area of the curve
increases, the maximum load at all levels begins to decrease,
and the rising part of the curve tends to be gentle. The
hysteresis curves of the three specimen nodes all show a
spindle shape without obvious pinching, and the load
strength and specimen stiffness do not significantly degrade
when the load of the same level is loaded each time. The
cumulative damage of the frame joints under cyclic loads at
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all levels is small, and the residual deformation of the joints
under cyclic loads at all levels is uniform after the peak load.
However, the load-displacement hysteresis curves of the
beam-column joints with common reinforcement form
mostly present bow and inverse “S” shape [23-25], which
proves that the multicomposite core column joints have
better seismic performance than the beam-column joints
with common reinforcement form.

Skeleton curve of the node refers to the line between the
first loading curve of the node and the peak points of
hysteretic loops in the hysteretic loop curve under the
action of low-cycle reciprocating load. The skeleton curve
drawn by the line of the peak points of each hysteretic loop
under low-cycle reciprocating load is shown in Figure 11.
The initial stiffness of the frame joints increases by about
21.6kN/mm, and the peak load increases by about
103.5kN, when the axial compression ratio increases from
0.26 to 0.45. As for the effect of the shear to span ratio, the

initial stiffness of the node decreases by about 1.3 kN/mm
and the peak value by about 22.9 kN, when the shear to span
ratio increases from 1.67 to 2.22. The results show that the
increase of axial compression ratio can significantly in-
crease the initial stiffness and peak load of the composite
core column joints, while the shear span ratio is just the
opposite.

3.3. Calculation of Horizontal Shear Stress on Nodes. The
force analysis of nodes is shown in Figure 12.

The upper half of the node is taken as the isolation body,
and the horizontal shear force of the node has the following
equilibrium relationship:

Vin =Ty +Cp = V. (1)

According to the geometric relationship, the vertical
shear force of the node is
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TaBLE 1: The detailed parameters of the frame node in test.

Project BCJ-1 BCJ-2 BCJ-3
Section (mm x mm) 400 x 400 400 x 400 400 x 400
Angle steel 4012 4012 4012
Rectangular frame column. 5 4 o ol longitudinal bars 1001248812 10012+8012 10012+8012
Stirrup $8@100[6 limbs] $8@100[6limbs] ®8@100(6limbs]
Section (mm x mm) 280x280(circle) 280x280(circle) 280x280(circle)
Outer mandrel XZ-1 Longitudinal bars 2408 2408 2408
Stirrup ®6@100 P6@100 ®6@100
Section (mm X mm) 140 x 140 (circle) 140 x 140 (circle) 140 x 140 (circle)
Mandrel Inner mandrel XZ-2 Longitudinal bars 1098 1088 1098
Stirrup $6@100 P6@100 $6@100
Strength of concrete (MPa) C45 C45 C45
Axial pressure (kN) 1560 2750 1560
Lower column height 2.4 24 3.2
Height of reverse bending point of lower column 1.2 1.2 1.6
Height of upper column 1.9 1.9 1.9
Height of upper column reverse bending point 1.0 1.0 1.0
Experimental axial compression ratio 0.26 0.45 0.26
Shear span ratio 1.67 1.67 2.22
Section (mm X mm) 150 x 380 150 x 380 150 x 380
Concrete strength (MPa) C45 C45 C45
Stirrup ®6@75/150(3) ®6@75/150(3) ®6@75/150(3)
Beam length (m) 3.75 3.75 3.75
Beam Length of reverse bending point (m) 1.87 1.87 1.87
Midspan compression bars 3812 3812 3812
Negative bending regions 5012+1014 5012+1014 5012+1014
Lower longitudinal bars 5012 5012 5012
Longitudinal bars 2810 2810 2810
TaBLE 2: Property of steel bars. 30 L
Diameter Yield strength Ultimate strength Elastic modulus 60 |
(mm) f}, (N/mm?) fu (N/mm?) E, (N/mm?)
6 434.60 605.20 2.0x10°
8 539.70 706.70 2.0x10° -
10 490.24 659.45 2.0x10° S
12 484.20 624.90 2.0x10° 3
14 455.10 639.45 2.0x10° B
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] g
FIGURe 4: The vibration frequency of the load.
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FIGURE 3: Schematic diagram of loading device. Note: @ reaction M
wall, @ gantry mounting, ® MTS actuator, @ horizontal rolling Cy, = %) (4)

system, and ® test specimen.
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FIGURE 7: BCJ-3 node failure pattern diagram.

where V ;;, is the horizontal shear force of the node, T}, is the
tensile force of the reinforcement of the beam on the right
side of the node, and C,, is the pressure of the beam on the
left side.

The orientation of T}, and C,, is assumed to be con-
sistent although not necessarily in the actual force, for
simplicity of calculation. V', is the horizontal shear force at
the column end at the node, which is equal to the load value
of horizontal loading. M;,, and M,, are the bending mo-
ments at the end of the beam; h;, and h. are the internal
moment arms of the beam and column, respectively, the
approximate distance between the center lines of upper and

lower longitudinal bars of the beam is taken to calculation
the ;.

According to equations (1), (3), and (4), we can get
_ My + My

Vi
J hb,

Vcl' (5)

Balanced by the bending moment of the node, the fol-
lowing equation can be obtained:

MCI +MCZ = Mbl +MbZ' (6)

Among them,
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{ M =V hy, 7)
My =V ,h,

Va=Va. (8)

Equations (6) to (8) can be deduced as follows:
_ My, + My,
47 h +h
(9)
_ My + My,
h-h,

where M, and M, are bending moments at the upper and
lower column ends; h is the distance between the reverse
bending points of the upper and lower columns; /1, and h, are
the distance between the reverse bending points of the upper
and lower columns and the core area of the joint, respectively;
and h, is the height of the cross section of the beam.

By combining equations (9) and (5), we can get

:Mb1+Mb2(l h, )

Vin (10)

hy ~h-h,
The shear forces on the three nodes in the horizontal
direction are finally calculated, as shown in Table 3.

4. Calculation Formula of Shear Capacity
Based on Softening Tension-Compression
Bar Model

The complex mechanical behavior of the whole structure is
abstracted into a relatively simple strut-and-tie model by
taking the compression concrete as the compression struts;
and the steel bar in the tension zone as the tie bar. The
simplified softened strut-and-tie model is a model proposed
by Professor Huang Shijian to calculate the shear capacity of
beam-and-column joints on the basis of the softened strut-
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FIGURE 12: Schematic diagram of force of nodes: (a) diagram of external forces on node and (b) analysis of the internal forces on node.

and-tie model [26, 27]. The schematic diagram of the softened
strut-and-tie model is shown in Figure 13. The model is
composed of oblique, horizontal, and vertical parts. The
oblique part is composed of a baroclinic bar, and the included
angle between the baroclinic bar and the horizontal axis is 6;
the horizontal part is composed of a horizontal tie bar and two
gentle compression struts, which are composed of stirrups at
the nodes; the vertical part consists of a vertical tie bar and two
steep compression struts, which are composed of the longi-
tudinal bars of the columns [15]. The specific calculation
method and calculation process are as follows:

The horizontal shear bearing capacity of this model, V; is
calculated as follows:

V] =K(f,CASt1,COSG, (11)
where 6 is the included angle between the baroclinic bar and
the horizontal direction, which can be determined by the

following equation:
oy
0= tan 1<h—l,’,).

For the convenience of calculation, b and ¢ in the
equation are assumed to be the distances between the center
lines of the outermost reinforcement of the beam and
column, respectively, and the inclination direction and
magnitude of the baroclinic bar in the joint area and the
main compressive stress of the concrete in the core area are
considered to be the same.

The area A, of the baroclinic bar can be calculated as
follows:

(12)

str

Astr = as X bs’ (13)

where a, and b, are the effective height and width of the
baroclinic bar, respectively, determined by the following
equation:

a, = \a, +a’, (14)
a
b, =min{bb+2xé,bc}, (15)

where g, is the height of the compression zone of the beam
cross section and a, is the height of the compression zone of
the column cross section, which can be determined by the
following equation:

h
b
ab =—

s (16)

N
a, = <0.25 + O.85—,>hc, (17)
Ayf

gJ c

where b, is the beam cross-section width, b, is the column
cross-section width, h;, is the beam cross-section height, h,
is the column cross-section height, N is the axial pressure,
determined according to the test, A is the column cross-
section area, and f| is the compressive strength of the
concrete cylinder. According to the conversion formula of
“Standard for test methods of concrete physical and
mechanical properties” (GB/T50081-2019) [28], the
compressive strength of the concrete cube is converted
into the compressive strength of the cylinder. K is the
tension/compression bar coefficient. Professor Huang
Shijian [26] suggested the following equation for
calculation:

K=K,+K, -1, (18)
where K, is the horizontal tie bar coefficient and K, is the
vertical tie bar coefficient. The values of the two are shown in
the following equation:
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TaBLE 3: The shear on the three nodes in the horizontal direction.
Specimen BCJ-1 BCJ-2 BCJ-3
thKN 668.71 1161.32 708.58
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FIGURE 13: The strut-and-tie model of the node: (a) oblique part, (b) horizontal part, and (c) vertical part.

(K, = D) AuSf yn T

K,=1+
h F,
(19)

n (Kv _EAtvfyv SF,

v

K, =1

v
v

where A, f ,;, is the product of the area of the horizontal tie
bar and the yield strength of the corresponding steel bar and
Ay, f v is the product of the area of the vertical tie bar and the
yield strength of the corresponding reinforcing bar. If the tie
bar consists of different types of reinforcement, then Ay, f
and A,,f,, shall be the sum of the products of different

types.

K, is the balance coefficient of the horizontal tie bar and
K, is the balance coefficient of the vertical tie bar, which can
be calculated as follows:
e 1
N AL
1-02(y, +75)
(20)
- 1
- O.Z(yv + yi),

where y,, is the ratio of the horizontal tie bar to the hori-
zontal shear stress of the node and y, is the ratio of the
vertical tie bar to the horizontal shear stress of the node,
which can be calculated as follows:
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_2tan6—l

Vh—#’
(21)

_2cotf-1

yv‘#’

F, is the balance tension of the horizontal tie bar, and F,, is
the balance tension of the vertical tie bar. They can be
calculated by the following equation:

{ Fih =VYn X (fhcféAstr) X cos 9’

T - ! (22)
F,=v,x(K,fiAg)x sinb,

( is the softening coefficient of concrete under compression
and can be calculated as follows:

3.35
(=

\/7 (23)

The main calculation steps of the modified strut-and-tie
model are as follows :

(1) Determine relevant parameters of nodes: b, b., h;,
hc’ h;ﬂ” h::/’ Ath’ Atv’ and fé

Considering that all the stirrups at the joints do not

yield when the joints fail, the joint area is simply
divided by force. All the area of the stirrups at the
middle half participates in the force, while only half
of the area of the reinforcing bars at both sides
participates in the force [14]. See Figure 14 for
specific zones.

The vertical tie bar is composed of the longitudinal
bar of the column, and the reinforcement partition
of the longitudinal bar participating in the force is
shown in Figure 15. It is composed of longitudinal
bars of core column and longitudinal bars of
rectangular column. According to the stress zone,
the calculation method of A, is as follows:

Atv = Atvj + Atvx’
2!
CoOSX = ——,
2 (24)
-2«
Atvx =mxX T x Atvxl +nX Atvx2’

where A,, is the effective area of the vertical tie bar,
Ay,; is the effective area of the longitudinal bars of
the rectangular column, A,,, is the effective area of
the longitudinal reinforcement of the core column,
A, is the effective surface of the longitudinal
reinforcement of the outer core column, and 4,,, is
the effective area of the longitudinal reinforcement
of the inner core column.

(2) Calculate the height a; of the compression zone of
the joint beam cross section (equation (16)).

(3) Calculate the height of the compression zone of the
joint column cross section a. (equation (17)).

50%

100%

50%

] 4 B

0%

FIGURE 14: The area partition diagram of the node.

50% 50%
100%

FiGure 15: Diagram of column A;, calculation method.

TaBLE 4: The shear force calculation results of each joint are
compared with the test results.

Node Standard
number Vi Vi VilVin Average g iiation
BCJ-1 707.25 668.71 1.058

BCJ-2 975.61 1161.32 0.840 0.965 0.16
BCJ-3 707.25 708.58  0.998

(4) Calculate the effective height of the baroclinic bar in
the joint area (equation (14)).

(5) Calculate the effective width of the baroclinic bar in
the joint area is calculated, b, (equation (15)).

(6) Calculate the softening coefficient { of concrete
(equation (23)).

(7) Calculate y;, and y, (equation (21)).

(8) Calculate K, and K, (equation (20)).

(9) Calculate F), and F, (equation (22)).

(10) Calculate K, and K, (equation (19)).

(11) Calculate K (equation (18)).

(12) Calculate V; (equation (11)).
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The comparison between the calculation results and the test
results of the shear capacity of the three multiple composite
core column joints (calculated according to the above steps) is
shown in Table 4. The average value and standard deviation of
the ratio between the calculated value and the measured value
are 0.965 and 0.16 respectively. It can be seen that the calculated
value of the shear capacity based on the softened tension-
compression bar model is in good agreement with the ex-
perimental value. The results indicate that it is feasible to use
the angle ratio to calculate the effective area of the longitudinal
reinforcement of the core column.

5. Conclusion

(1) According to the experimental study, the three
specimens of multiple composite core column joints
were all damaged by plastic hinge at the beam end,
conforming to the seismic design of “strong column
and weak beam” and had better seismic performance
compared with ordinary beam-column joints.

(2) The hysteresis curves of the joint specimens all show
full spindle shape, and the hysteresis loops are rel-
atively full. Increasing the axial compression ratio
can significantly improve the initial stiffness and
peak load of the joint, while increasing the shear span
ratio will lead to a slight decrease in the initial
stiffness and peak load.

(3) When the modified softened tension-compression bar
model is used to calculate the shear at the joints, a
calculation method for the effective area of the vertical
tension-compression bar suitable for multiple com-
posite core columns is proposed. Compared with the
test results, the model value is slightly lower than the
test value, which indicates that the calculation results of
this method are safer when designing the shear capacity
of frame joints and can provide a theoretical basis for
the structural design of practical engineering.
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Because of the reliance on the empirical parameter CASE damping coefficient J., the high-strain CASE method is not rec-
ommended. The automatic bearing capacity calculation method RAU can avoid this, but it cannot be applied to friction piles.
Based on the analysis of the automatic calculation method of bearing capacity RAU, considering the influence of pile side soil
resistance unloading, this paper improved the RAU method through the influence of pile side soil damping on the velocity of the
pile mass point during the stress wave propagation process. In this paper, we compare the collected static load test results of test
piles with the improved automatic method results. The unary linear regression analysis is carried out with the help of statistical
tools. The unary linear regression of the improved automatic method bearing capacity results on the static load test bearing
capacity results is established. The improved automatic method solves the problem that the RAU method is only applicable to end-
bearing piles and can be applied to the quality analysis and bearing capacity calculation of the high-strain curve of the driven pile.

1. Introduction

The pile is a columnar member that penetrates the soil,
which is the main foundation form at present. An important
content of pile foundation inspection is the bearing capacity
inspection. There are two main technical routes to determine
the bearing capacity of pile foundations: the static load
method and the high-strain measurement method [1, 2]. In
the static load method, the static load is set on the top of the
foundation pile, and the Q-s curve and the bearing capacity
of the foundation pile are obtained according to the applied
static load and the measured pile settlement. The high-strain
measurement method applies an impact load to the pile head
and measures the stress and velocity-time history curve of
the pile head to solve the bearing capacity of the pile by the
wave theory.

The static load method test results are relatively more
accurate and reliable. However, due to the long experiment
period and high cost, the static load method can only select a
few piles, and it is not easy to carry out large-scale in-
spections. Therefore, it is necessary to use a simple and fast

high-strain dynamic test method as a supplement to the
static load method.

The modern commonly used high-strain measurement
method originated from the wave equation method pro-
posed by Smith [3] in the 1960s. After years of theoretical
development and experience accumulation, many theoret-
ical routes have been innovated and improved [4-17],
resulting in forming two common methods have been
formed: the CASE method and the measured curve fitting
method [1, 2]. The CASE method is a closed solution method
of the high-strain variation test method and simplifies the
pile-soil conditions. It is assumed that the stress-strain re-
lationship between the pile soil is ideally rigid and plastic,
and the dynamic resistance is all concentrated on the pile tip,
thereby decoupling the wave equation. This closed solution
method is simple and fast and can generally provide real-
time results on site, which is beneficial for pile driving
monitoring and estimation of pile bearing capacity on site.
The fitting method can be applied to more pile-soil con-
ditions [18-31] and can simulate hysteresis damping, ra-
diation damping, soil plugging effects, and various pile-soil
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nonlinear problems, but the analysis requires high-quality
software and highly skilled personnel. Therefore, more time
is required on the machine for analysis and generally can
only be completed when the test is completed and returned
to the room.

Due to its complexity, the fitting method cannot be used
to determine whether there is any problem in the process of
driving piles by monitoring the process of driving piles, and
it is not easy to estimate the bearing capacity quickly at the
project site. Therefore, the CASE method is difficult to be
completely replaced by a fitting method. However, the key
parameter of the CASE method CASE damping coeflicient J.
depends on human given, so many scholars have studied
this.

In the 1970s, Rausche et al. [5, 6] concluded that the J.
value was related to the type of soil at the bottom of the pile
through a large number of static and dynamic comparisons.
The finer the soil particles, the larger the J. value. The
suggested values of ], for different pile bottom soils are given
above [5]. Fellenius et al. [32, 33] concluded that the J. value
of the CASE method is related to the type of pile, the test site,
and the pile driving resistance through a dynamic and static
comparison of four prefabricated steel piles in moraine soil.
Holm et al. [34] compared the static and dynamic pre-
stressed square piles in loose sand and found that the average
value of J. should be twice as high as that recommended by
the PDI company established by Goble et al. Thompson and
Goble [35] further found that if the J. value is selected
according to the general recommendations, the dynamic
resistance in the sand is likely to be significantly under-
estimated, and the bearing capacity is too high. Although
Wong [36] agreed that the CASE damping coefficient mainly
depends on the type of soil below the pile and found that the
actual selection of the J. value was different from the rec-
ommended value in the United States, therefore, he believed
that more dynamic and static comparisons are needed to
reasonably select the J. value.

Chinese scholars have also studied this topic. Chen [37]
pointed out that when there is a lack of regional experience,
long piles, large-diameter cast-in-place piles, and so on, due
to their own characteristics and possible construction
problems, it may affect the corresponding J. value and re-
duce the accuracy of the bearing capacity judgment. Zai [38]
believed that the J. value is related to the dissipation of stress
wave energy during propagation. Generally speaking, the
longer the pile length, the higher the pile internal resistance
and the greater the J. value. Liwen [39] found that if the
actually exciting pile displacement does not reach the elastic
limit, the J. value is related to the pile displacement. Ju [40]
believed that the J. value is also related to the geometry and
size of the pile. Wu [41] pointed out that the J_ value of piles
in soft soils should usually be appropriately increased to
eliminate part of the side resistance.

Gradually, more and more people doubt whether the
CASE damping coefficient has a clear physical meaning.
Zhang and Sun [42] pointed out that the impedance Z in the
definition of J. is related to the state of the pile, so J. cannot
be only related to the nature of the soil at the bottom of the
pile. According to the derivation of the formula, Liwen [39]
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found that J. was essentially only the ratio of the dynamic
resistance to the total resistance, so as long as there is
nonnegligible lateral resistance, the J. value cannot be
completely determined by the soil properties. Li [43] further
pointed out that the approximate assumption of CASE is the
key to the large variation range of the CASE damping co-
efficient and the ambiguity of its physical meaning. Xie [44]
also agreed that there are contradictions between the ap-
proximate assumptions of the CASE method and its deri-
vation process. To and Smith [45] found that the CASE
damping coeflicient J. cannot be backanalyzed as a simple
constant, which means that J. must contain dynamic effects.
Tchepak [46] also believed that changes in the actual pile-soil
and construction techniques can affect J.. Paikowsky and
Stenersen [47] conducted a statistical analysis of the dynamic
and static comparisons of various types of driven piles
collected in the PD/LT-2000 database and found that the J.
value varies greatly, and many data seriously exceed the
normal range of values. Despite so many years of devel-
opment, the selection of the J. value still relies heavily on the
experience of the inspector.

In order to avoid the error caused by selecting the J.
value based on experience, the American PDI (Pile Dy-
namics, Inc.) company has been trying to find an algorithm
to eliminate the dynamic resistance of the soil automatically
and directly obtain the static resistance called bearing ca-
pacity. Automatic calculation method [7] is referred to as
automatic method. Goble et al. proposed an automatic
method suitable for end-bearing piles, which is represented
by the computer symbol RAU. On the basis of RAU, this
paper revised the RAU method through the analysis of RAU
and the derivation of its influence on pile side resistance,
making it able to be applied to friction piles, and its ef-
fectiveness is verified by statistical methods.

2. The Basic Theory of Wave Equation

Considering the pile as a one-dimensional continuous elastic
bar, its vibration equation is

—-C—=0, (1)

where u(x,t) is the displacement of pile mass; C = \/E/p is
the velocity of the stress wave; E is the elastic modulus; p is
the density of pile body. By solving the equation, the
travelling wave theory shows that the propagation of the
stress wave can be regarded as the superposition of the
ascending wave and the descending wave in the pile shaft.

The CASE method makes three basic assumptions as
follows:

(1) The pile body impedance is constant; except for the
constant section, the pile body material is uniform
without obvious defects.

(2) When the stress wave propagates along with the pile,
there is no energy loss or waveform distortion caused
by other factors except the influence of soil
resistance.
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(3) Only the dynamic damping of the soil at the bottom
of the pile is considered and the dynamic damping of
the soil at the side of the pile is ignored, and the static
resistance is always constant. The static resistance of
the soil to the pile has nothing to do with the dis-
placement between the pile and soil but is only re-
lated to the existence of the relative displacement
between the pile and soil.

Based on these three basic assumptions, the CASE cal-
culation expression of the ultimate bearing capacity was
derived using the travelling wave theory and wave equations
to derive:

R=R,-J,ZV(L,t)

Fe)r 2V )],

:(I_IC) P

Jc) 2)

[F(12L1C) - 2V (¢, +2LIC)]
2 bl

where R, is the total resistance; Z = pCA is pile impedance; t;
is the first calculation time and is generally the peak time of
the velocity curve; and J. is the CASE damping coefficient,
generally related to the type of pile subsoil, which can be
selected within a scope according to the actual situation.
Rausche et al.’s recommendations are shown in Table 1 [5].

The CASE method assumes that the dynamic resistance
is concentrated at the bottom of the pile. If the dynamic
resistance on the side of the pile is indeed negligible, and
the dynamic resistance is always proportional to the speed
of the pile interface, then the dynamic resistance will not
exist when the speed of the bottom of the pile is zero, RAU
can be obtained. Based on this, when the bottom velocity of
the pile is zero, the total dynamic resistance of the whole
pile will be the static resistance; as long as the static re-
sistance of all sections of the pile body is at its maximum
value, the limit of the whole pile can be directly obtained.
The pile tip velocity is

V,(t) = % F(t))+ 2V (t,) —F(t1 +%) + Zv<t1 +%)]

(3)

The ultimate bearing capacity is the ultimate bearing
capacity of the pile when velocity in (3) is equal to zero, and
the influence of J. will disappear completely.

It is apparently only when the pile is completely moved,
the soil resistance at the side of the pile has little effect, the
resistance of the soil does not decrease significantly, and the
unloading of the soil at the side of the pile is not obvious that
this value is suitable. In fact, it is easy to prove that when it is
an end-bearing pile, the soil resistance on the side of the pile
is almost zero, so when the speed of the pile tip is zero, the
displacement and the static resistance are maximum.
Therefore, at this time, the exact solution of bearing capacity
is the maximum ultimate bearing capacity stimulated. For
friction piles, when the pile tip speed is zero, due to the wave
effect, the pile body’s speeds have been negative values, and
the pile side soil has been unloaded. Unloading of the pile

body caused the side resistance to decrease or even negative
resistance, thus, offset to 0. Only in the upper and lower wave
superimposed area of the pile body, due to the late
unloading, the speed is slow, and there is still a certain lateral
resistance. That is to say, the pile side soil resistance assumed
by the RAU method can only be maintained near the pile tip,
and the residual total resistance of the upper soil layer can be
ignored due to unloading. Therefore, the soil resistance
obtained by the RAU method is almost only the static soil
resistance near the pile end, so we can use the static soil
resistance on the upper side of the pile to modify the RAU
method.

3. The Influence of Pile Side Soil Resistance on
the Movement Speed of Pile Mass

Considering the influence of the pile side soil resistance [7],
only the uniform foundation is considered here for the
convenience of calculation, and the multilayer foundation is
regarded as the superposition of multiple uniform foun-
dations. Assuming that the pile is completely moved, ade-
quate displacement is generated everywhere in the pile body,
and the static resistance can is fully exerted. Before the stress
wave propagates to the pile tip, the damping effect of the soil
around the pile can be divided into two parts: static resis-
tance using the static and plastic model and dynamic re-
sistance using Newtonian viscous body model; the resistance
per unit length of the pile body is

R=R,+n-Z-V, (4)

where R, is the static resistance; V' is the mass velocity; # is
the damping coefficient. If the pressure and compression
deformation are positive and the pile constitutive relation
satisfies Hooke’s law, the governing equation can be
obtained:

V==,
F = AEg, (5)
pAV = —F' —R, - nZV,

where “”means taking the derivative of space; “-” represents

the derivative with respect to time, so the corresponding
characteristic line and compatibility relation are

dx = + Cdt, ©
dF = ¥ZdV - Rdx — nZVdx.
For discontinuous waves, it still has
dx = + Cdt,
(7)
[F]= £ Z[V].

After combining (6) and (7), the following can be
obtained:

ZdV = -ZdV - R, dx - nZVdx. (8)

It can be transformed as
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TaBLE 1: Goble et al.’s recommendations for J. selection.

Type of pile subsoil Pure sand Silty sand and sandy silt Silt Silty clay and clay silt Ball clay
J scope 0.05~0.20 0.15~0.30 0.20~0.45 0.40~0.70 0.60~1.10
dv R, 9 Thus, the total soil static resistance on the upper side of
Za +1V + 7= 0. ©) " the pile can be obtained:

This is an ordinary differential equation of first order. If
the initial particle vibration velocity of each ground layer is
V,, then its solution is

_ R\ e _ Rs
V(x) _(V0+112>e Wz (10)

This is an exponential function. Equation (10) shows that
when the pile is completely moved, during the propagation
of the stress wave, the peak velocity of the particles decays
approximately exponentially as the depth increases.

4. Automatic Method of Bearing
Capacity considering Soil Resistance of
Pile Side

When the wave propagates to the pile tip, if the influence of
the attenuation of the pile body internal resistance and the
change of the pile side dynamic resistance with time is not
considered, for any point e of the pile body, E is the time
when the pile top corresponds to point e along the char-
acteristic line. After propagating to point e for the first time,
according to the feature line and the compatibility rela-
tionship on the feature line, the following equation can be
derived:

F,+ZV,=F,+ZV,+R,
(11)

Fy—ZVy=F,-ZV,+R,

where Fy, V| are in the initial downlink wave state; F, V, is
point e state; R is the soil limit resistance above point e.
During stress wave propagation, the pile velocity can be
easily obtained:

1
V(x):Ve:i(Fl+ZV1—FE+ZVE). (12)

Then, the computable expression form is

V(x) = % [f(tl) +ZV(t)) —f(t1 +%x) +ZV(t1 +2€x>]
(13)

Based on (13) and (10) combined with the formation
situation, the reflected take-off point of the interval ending at
the pile bottom can be calculated. After data fitting or
substitution calculation, each stratum’s average unit pile side
static resistance value R; and dynamic damping coefficient
#; can be obtained. The lateral resistance of the superposition
area of upstream and downstream waves under the pile body
has been included in the RAU method, so it is not calculated
here.

Rss = ZRsi L, (14)

where L; is the thickness of the ith layer of foundation soil.
The total static resistance is

R, = RAU +R,,. (15)

5. Comparison of Automatic Method Results
and Static Load Results

Based on the above theoretical derivation, the author se-
lected some of the piles from the dynamic test of the China
Steel Metal Products Quality Supervision and Inspection
Center and some documents [48] to be completely moved by
the heavy hammer, in which the pile body was not unloaded
prematurely, and the pile bottom reflection was obvious. The
driven piles are automatically calculated by the improved
method in this paper. Moreover, the static load test results
were analyzed by SPSS with one-variable linear regression
[49]. The result of the automatic method is used as the
independent variable, and the result of the static load test is
used as the dependent variable. Because of the high accuracy
of the static load test, the analysis results can be judged
whether the results of the automatic bearing capacity cal-
culation method in this paper can be used to predict the
actual ultimate bearing capacity of the pile. The scatter plot
of the ultimate bearing capacity results is shown in Figure 1.

The ratio statistics for automatic versus static methods
are shown in Table 2.

The regression analysis results are shown in Tables 3 and
4.

The studentized residual plot is shown in Figure 2.

The regression equation can be obtained as
y = 1.113x — 222.745. Among them, the regression coeffi-
cient f3; = 1.113, the regression coefficient is close to 1, and
the tested ¢ value is 22.992, Sig. <0.001, suggesting that the
regression coeflicient is highly significant, and the static load
test results are consistent with the unitary linear regression
of the results calculated by the automatic method. As can be
seen from Figure 2, all points are in the range of (-3, 3) and
there are no outliers. This indicates that the static resistance
calculated by the automatic method in this paper is in good
agreement with the static resistance obtained by the static
load test, and the improved automatic method can be used to
predict the ultimate bearing capacity of the pile foundation.

Because the distribution of residuals in the residual
graph is abnormal, the curve regression is used to analyze
and confirm again. The quadratic curve was used for re-
gression analysis and compared with linear regression. The
results of quadratic regression analysis are shown in Tables 5
and 6, and the model fitting diagram is shown in Figure 3.
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TaBLE 2: Ratio statistics.

Mean value Median Minimum Maximum Standard deviation Coeflicient of variation
0.984 0.980 0.902 1.063 0.047
TaBLE 3: Anova.
Model Sum of squares df Mean square F Sig.
Regression 7583612.335 1 7583612.335 528.623 <0.001
Residual 286919.483 20 14345.974
Total 7870531.818 21
TaBLE 4: Coefficients.
Unstandardized coefficients Standardized coefficients )
Model t Sig.
B Std. error Beta
(Constant) —222.745 121.821 —1.828 0.082
X 1.113 0.048 0.982 22.992 <0.001
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TABLE 5: Anova.

Sum of squares df

Mean square F Sig.

7616015.500 2
254516.318 19
7870531.818 21

Regression
Residual
Total

3808007.750 284.273 <0.001
13395.596

TaBLE 6: Coeflicients.

Unstandardized coefficients
B Std. error

Standardized coefficients
Beta

x 0.276 0.540
X %% 2 <0.001 <0.001
Constant 715.047 614.351
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FIGURE 3: Model fitting diagram.

According to Table 3, the linear regression
SSE =286919.483, SST =7870531.818. According to Table 5,
the quadratic curve regression SSE=254516.318,
SST =7870531.818. So, the coefficient of determination of
the linear regression is less than that of the quadratic curve.
It can be inferred that the fitting effect of the quadratic curve
is better than that of linear regression. This means that with
the increase of ultimate bearing capacity of the pile, the use
of an improved automatic method will underestimate the
bearing capacity. The reason for the analysis may be that the
lateral friction resistance of the pile with high bearing ca-
pacity is relatively large in the pile as the data source in this
paper. This indicates that when the lateral friction resistance
of the pile is very large, the automatic method results in this
paper will significantly underestimate the ultimate bearing
capacity.

6. Conclusions

(1) For the pile that is completely moved by the heavy
weight and can produce sufficient penetration, the
relationship between the velocity of the pile mass and
the depth of the stress wave peak is an exponential
function. Based on this relationship and the formula
of the velocity of the pile mass, the ultimate static
resistance of the soil around the pile can be obtained.
Thus, the improved RAU automatic bearing capacity
can be obtained.

(2) In this paper, the results of the method in the im-
provement of the static load test results of regression
effect are very good; this is because the regression
coefficient is close to 1, and a good regression co-
efficient is 1, which means in this paper, the im-
proved method of automatic static resistance is
almost equal to the ultimate bearing capacity of the
pile in this paper. The results of the improved
method can be used automatically for driven pile
bearing capacity estimation, the monitoring and
controlling of the pile driving, and could be used to
judge the quality of the high-strain dynamic test
acquisition curve.

(3) The improved automatic method is not suitable for
piles with high bearing capacity, especially high side
resistance.

(4) In order to more accurately judge the effectiveness of
the method for more pile types, it is better to conduct
more data analysis.
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