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Braces with intentional eccentricity (BIE) are recently proposed to improve the seismic behaviour of conventional buckling braces
(CBBs) by inserting intentional eccentricity along the brace length. Due to this eccentricity and the resultant bending moment, the
BIE bends uniformly from small storey drifts and moves smoothly into the postbuckling behaviour under compression and
sustains trilinear behaviour under tension. This behaviour delays the appearance of midlength local buckling which causes
unstable energy dissipation. BIEs have a desirable postyielding stiffness which results in stable energy dissipation during cyclic
loading and are capable of dissipating energy during low-intensity earthquakes. The seismic behaviour of structures with BIEs for
use in buildings has not yet been investigated, specifically in tall buildings. Therefore, this study concentrates on investigating the
seismic behaviour of tall buildings equipped with BIEs that uses a 3-dimensional (3D) finite element model in ETABS. In the first
step, a 20-storey structure is designed using both eccentric brace frame (EBF) and BIE system and their seismic performance under
the TABAS earthquake record is compared. In the second step, the seismic performance of a 25-storey irregular structure is
assessed to evaluate the efficiency of the BIE system in irregular structures. Results show the desirable performance and energy

dissipation capacity of the BIE system but it also shows large out-of-plane deformation in some cases.

1. Introduction

Bracing systems are widely used as lateral resisting systems
in various types of low-rise and tall buildings. Bracing is an
efficient and economical method to provide stiffness and
strength against lateral loads. Its efficiency is mainly because
of the fact that the diagonal members work primarily in the
axial stress, so that minimum member sizes are required in
the structural systems. Concentric bracing and eccentric
bracing are the two major categories of bracing.

The typical concentrically braced frames (CBFs) can only
take axial loading in the braces. In a concentric bracing
system, all of the members (beams, columns, and bracing)
are oriented in a manner that all of them meet at a common
point [1]. One of the main disadvantages of CBFs is their
unreliable behaviour under cyclic loading. On the other
hand, the energy dissipation mechanism is not quite efficient
in concentrically braced frames [2-4]. As another

disadvantage of CBFs, many experimental studies have
revealed that because of the rapid increase in concentrated
plastic strain, fracture follows the local buckling of con-
centric braces.

In eccentric bracings (EBFs), both axial loading mem-
bers and bending members (the horizontal members) are
involved in the lateral load-carrying mechanism. In ec-
centric bracing, the braces are placed with an offset from the
columns. Eccentric bracing can provide the advantages of
concentric bracing, while it has a significant ductility. On the
other hand, in the context of architectural considerations,
EBFs may provide larger openings in braced spans. How-
ever, the required detailing in EBFs is much more com-
plicated than the concentric bracing [5].

The postyielding stiffness is one of the behavioural pa-
rameters that affect the structural response besides the
strength, stiffness, and ductility. The high postyielding
stiffness of structures results in a larger amount of energy
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being absorbed during seismic excitation [6] and also less
seismic demand in terms of strength and residual dis-
placement [7]. The load-displacement relationship of
structural systems with high postyielding stiffness may be
characterized by trilinear behaviour which better satisfies the
multilevel seismic design criteria [8]. In addition, larger
postyielding stiffness results in a reduction in residual dis-
placement demand of structures and help to prevent the
soft-storey mechanism [9]. While conventional bracings
provide limited postyielding stiffness, it, however, enhances
the aforementioned weaknesses of CBFs which may be
considered a motivation for developing new steel bracing
systems.

Recently a new design of bracings has been introduced to
improve the seismic performance of braced structures by
controlling important structural characteristics, such as the
initial stiffness, yield strength, the drift at which the system
starts to dissipate energy, the postyielding stiffness, the local
buckling concentration, the total dissipated energy, and the
drift at which fracture occurs. In this newly introduced
bracing named as braces with intentional eccentricity (BIE),
an intentional eccentricity is inserted along the brace length
which controls the brace deformation.

The first outstanding research work on BIEs was carried
out by Skalomenos et al. [10]. They proposed a prototype
design of conventional buckling braces by introducing an
initial eccentricity along the brace length which results in an
improved seismic performance. In their experimental work,
five half-scaled BIE specimens were tested under a cyclic
lateral load protocol for drift angles ranging from 0.10 to
4.0%. Also, they tested a conventional brace specimen with
identical dimensions and zero eccentricity under the same
loading pattern to conduct a comparative study. Their results
showed the capability of the proposed steel brace in en-
hancing some of the negative traits of conventional steel
brace. They concluded that their proposed bracing system
may be considered as a viable alternative for steel bracings.

Skalomenos et al. [10] developed an online hybrid test
environment to assess the seismic performance of the gusset
plate connections of steel braces. In this regard, they in-
corporated substructuring techniques and finite element
methods. Skalomenos et al. [11] presented an experimental
investigation on the material properties of induction heat
(IH) treated with steel elements used in BIEs. They used IH
treatment and applied it to one-half of the cross-section to
enhance the strength of that part, while the remaining part
had the conventional properties of steel. Their tests showed
that the treated brace exhibits a high postyielding tensile
stiffness (equal to 20% of the initial stiffness). Also, the
specimen was capable of dissipating energy during cyclic
loading up to 2.0% storey drift because of the considerable
delay in local buckling.
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Gonzalez Urena et al. [12] used a procedure based on the
direct displacement-based design (DDBD) method for the
seismic design of 2D frames with BIEs. By using this method,
they designed buildings with 4, 8, and 12 storeys. BIEs were
assumed to be of HSS sections with target drift ratios of 1.5%
and 2.5%. They also designed the same buildings with special
CBFs to provide a comparative study. Their results showed
that the design procedure they employed was suitable for the
design of BIEs. They assessed the seismic performance of the
structures and concluded that BIEs may provide an eco-
nomically efficient alternative to conventional CBFs.

While the abovementioned experimental and analytical
research works have been carried out on the cyclic behaviour of
this type of braces on the element level, the global behaviour of
structures equipped with these bracings has not yet been
assessed, especially for tall buildings. Therefore, this research
aims at investigating the seismic behaviour of tall steel structures
equipped with BIEs under earthquake records and comparing
its energy dissipation capacity with the EBF system. The 3-
dimensional (3D) finite element models in ETABS will be used
to provide a detailed understanding of the structural responses.

Response-history analyses are performed using ETABS
to assess the seismic performance of the structure. The storey
drifts, base shear, and dissipated energy are assessed using
the responses under the TABAS earthquake record. The
cyclic behaviour of BIEs is also assessed.

2. Braces with Intentional Eccentricity (BIE)

In braces with intentional eccentricity (BIE), as shown in
Figure 1, an intentional eccentricity e is introduced along the
brace length which affects the deformation of the brace. With
this eccentricity, BIEs undergo overall bending with a small
storey drift. Figure 2 shows the deformed shape of a BIE. The
moment generated by the eccentrically applied axial force
results in more uniformly distributed stresses and strains along
the brace length. This delays the local buckling concentration
resulting in extended ductile behaviour of the brace element.

The cyclic behaviour of BIEs is the main aspect of these
bracing systems which affects the global behaviour of the
structure under seismic loadings. Since ETABS will be used
to analyse the structure and acquire the structural responses
under earthquake records, a proper model of the BIE should
be developed in ETABS. This model should be verified by the
results from previous studies to attain a proper estimate of
the BIE’s cyclic behaviour and backbone curve.

The first step in modelling the BIE system in structures is
developing a model of the brace at the element level. A beam
element with fiber hinges is used here to model the flexural
behaviour and an axial hinge is used to model the axial
behaviour of the element. These hinges are modelled in
parallel and placed at the middle and two ends of the
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FiGgure 1: Configuration of the BIE [10].
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FIGURE 2: Deformed shape of brace under tensile and compressive
loads [13].

element. The generated model in ETABS is shown in Fig-
ure 3. As can be seen in the figure, the eccentricity is imposed
via the rigid links at the two ends of the element.

The fiber hinges are modelled using 10 layers in each
direction of the section. This fiber section is shown in
Figure 4. It is assumed that the brace bends only in the out-
of-plane direction.

2.1. Axial Loading. In order to verify the developed model in
ETABS, the results obtained in a work by Gonzélez Urena
et al. [12] are studied here. They used OpenSees to model
BIEs and to assess their behaviour and the effects of the
different parameters. Their model was verified by the ex-
perimental results of Skalomenos et al. [14] and also the
shell-based finite element models in the commercial soft-
ware, Abaqus. The load-displacement behaviour of an ele-
ment in tension and compression is reported in their work
for a HSS 178 x 178 x 16 with a 5408 mm long modelled. A
nominal yield stress of 345 MPa was considered for the HSS
section. A displacement control loading is performed by
ETABS in this study. An axial load is exerted on the element
in the left end, while the right end is constrained and
100mm displacement in compression and 250 mm dis-
placement in tension is applied to the element. The cross-
sections and rigid elements are also shown in Figure 5.

A deformed shape of the element in compression is
shown in Figure 6 in a step with a 100 mm displacement and
in tension with a 126.9mm displacement as shown in
Figure 7.

Under compression, the axial hinge remains in its elastic
state while the fiber hinge bends considerably. In tension,
both tension and flexure contribute to the load-displacement
diagrams. To verify the behaviour of the developed model,
the load-displacement diagrams generated by Gonzalez
Urena et al. [12] are compared with the results of the

generated model in this study as shown in Figure 8. In the
figure, the dashed lines are the results obtained from the
model generated in this study. It can be seen that the de-
veloped model succeeds in providing good estimates of the
compressive and tensile behaviour of BIE.

2.2. Cyclic Behaviour. Furthermore, the cyclic behaviour of
the element is verified. In the work by Gonzélez Ureiia et al.
[12], the axial force vs. lateral drift hysteretic plots of the
same HSS element with an eccentricity of 180 mm were
generated. They used OpenSees to analyse a braced bay with
a 6m width and 4m height. The loading protocol had
symmetrical cycles of increasing equivalent storey drifts of
0.1, 0.25, 0.75, 1.0, 1.5, 2, and 3%. As expected, the BIE
showed a significant postyield stiffness in tension, in contrast
with the CCB. In the compression stage, the BIE exhibited
a stabilized maximum load equal to the postbuckling force.

The single element developed in the previous part is
assembled in a frame with e =180 mm eccentricity and the
dimensions stated above as shown in Figure 9. A cyclic
loading is applied to the upper node of the frame.

A displacement loading protocol is applied to the left-
most upper node of the frame as shown in Figure 10.

The load-displacement diagram of the frame is verified
with the results of Gonzalez Urefa et al. [12] as shown in
Figure 11. The blue line in the figure is the result obtained by
the model developed in this study using ETABS. As can be
seen, a good agreement is achieved in this model. It should
be noted that the difference in these two results may be
caused by the different assumptions in the degrading pa-
rameters of the two models.

The nonlinear moment-rotation behaviour of the hinge
at the middle of the brace is shown in Figure 12. Based on the
verification in this section, the developed element model will
be used in the structural model to assess the seismic per-
formance of the structures with BIEs.

3. 20-Storey Structure

3.1. EBF System. The first structural model for which the
seismic performance will be assessed is a 20-storey building
in an area with high seismicity. Eurocodes 3 and 8 are used to
design the structure. It is assumed that the ground type is B
and the seismic zone is 1 with a4, =0.35 g according to [15].
The storey heights are 3.5 m and the bay widths are 6 m. Steel
materials are assumed to have a yield stress of 345 MPa. A
3D layout of the frame is shown in Figure 13. To make
a comparative study, the structure is first designed by the
EBF system while all beam to column connections including
link beam to column connections are hinged.

3.2. Horizontal Elastic Response Spectrum. According to the
seismic parameters for the location of the building, the
horizontal elastic response spectrum will be calculated
according to Eurocode 8 [16]. Here, we have S=1.2,
Ty (s) =0.15, To(s)=0.5, T, (s) =2.0, and
7 =+10/(5 + &) = 1,& = 5%. Therefore, the elastic response
spectrum will be calculated as shown in Figure 14.
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F1GURE 5: Schematics of the element.
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FIGURE 6: Deformed shape of the element in compression delta =100 mm.

For the purpose of elastic design of the structure, the  and frame with eccentric bracings would be 5«,/«;, while
behaviour factor should be calculated. According to Euro-  the value of «,/a, is 1.2. Hence, the value of the behaviour
code 8 [16], the behaviour factor for the DCH ductility class factor is obtained as g =6, and therefore, the design
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FiGUrE 9: The frame with BIE element with e=180 mm.
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FIGURE 12: The nonlinear behaviour of the hinge at the middle of
the brace.

spectrum for the elastic analysis would be calculated as
shown in Figure 15.

3.3. Structural Design. According to the design spectrum
obtained in Figure 15, the 20-storey structure is designed in
ETABS (for the design details, refer to [17-21]). The cross-
sections of the structural elements are shown in Figures 16
and 17.

3.4. BIE System. The same structure designed as EBF is
equipped with the BIEs to assess and compare their seismic
performance. The same HSS 178 X178 x16 sections with

FiGure 13: 3D layout of the 20-storey structure with EBF bracing.
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FiGure 14: Horizontal elastic response spectrum.
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FIGURE 15: Design spectrum for elastic analysis.
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FIGURE 18: The first storey of the 20-storey structure with BIEs.
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FIGURE 19: Unscaled accelerogram for the TABAS earthquake
RSN143.

120 mm eccentricity are used as BIE members, and the only
difference is that smaller cross-sections are used for beams in
this structure since bracings are not connected to the beams
in the BIE system and there is no need to use heavy beam
sections. BIEs are placed in the two middle spans as shown in
Figure 18. The details of the installation with rigid elements
are shown in Figure 9.

3.5. Nonlinear Time-History Analysis. The nonlinear be-
haviour of the structure with two bracing systems is in-
vestigated under the TABAS earthquake. Its accelerogram is
available in the PEER database by RSN143. The two unscaled
horizontal components of this record are shown in
Figure 19.

This earthquake record should be scaled according to
Eurocode 8 [16]. The EC8 recommends that the artificial
records should be generated by scaling real ground motion
records. For this purpose, the spectrum of the scaled records
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100

60 -

20 ~

-20

Roof Displacement X (cm)

-60

-100 T T T
0 10 20 30 40

Time (sec)

—— BIE
—— EBF

100

60

20

-20

Roof Displacement Y (cm)

-60

-100
0 10 20 30 40

Time (sec)

—— BIE
—— EBF

F1GuRre 21: Roof displacement for BIE and EBF structures in X and
Y directions.

should be always larger than 90% of the target spectrum in
the periods between 0.2 T1 and 2.0 T1. Here, T1 is the
fundamental period of the structure in the direction where
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FIGURE 22: Maximum inter-story drifts along the height of the two structures.

the excitation is applied. Also, the value of the average
spectrum at T1=0 should be larger than the value of the
target spectrum at T1=0. The first mode period of the
structure with EBF is 3.1 seconds and for the structure with
BIEs is 3.5 seconds. According to Figure 20, a 0.8 scale factor
can be used for this earthquake record.

3.6. Seismic Responses. The structural responses of the two
systems are compared in this section. Figure 21 shows the
roof displacement of the two structures. As displayed in the
figure, the displacement in the EBF system is smaller than
the displacements in the BIE system by 39% showing the
larger stiffness of the EBF system. So, very larger braces
should be used in the BIE system to gain an equivalent
stiffness, however, we will see in the following sections that
this system has acceptable seismic performance and the use
of larger braces is not required.

The drift limit for life safety (LS) performance level
according to a table in ASCE41-06 (2007) is 0.015. The
distribution of maximum drifts along the height of the
building is shown in Figure 22. It can be seen that the
interstorey drift in the BIE system is larger than the EBF
system and the LS level is not satisfied in the BIE system. In
order to have a comparison between the two systems, the
bracing cross-sections are not changed here. It is obvious

that the drift ratios in the BIE system can be reduced by
using larger cross-sections and smaller eccentricity.

The plastic hinges developed in BIEs and link beams are
shown in Figure 23. It can be seen that the BIE system has
provided a uniform distribution of plastic hinges along the
height of the structure. Although the lateral rigidity of the
structure in the EBF system is larger and the displacement of
the structure is smaller in the EBF system, the concentration
of damages in plastic hinges is larger in EBF link beams, and
it can be verified from Figure 23. The sample hysteresis
behaviour of nonlinear hinges for the two systems is shown
in Figure 24.

It should be mentioned that in the BIE system, braces
show large maximum out-of-plane deformation as shown
in Figure 25 for an exterior frame of the structure. These
deformations are more than 20 cm in some cases when the
members are in compression. This large deformation is
due to the geometry of the BIEs as shown in Figure 6. It
can be concluded as a disadvantage of the BIE system
which may affect the outer facing and claddings of the
structure.

The dissipated energy in the BIE system is shown in
Figure 26. Also, for the EBF system, it is shown in Figure 27.
It can be seen that the dissipated energy in the BIE system
(yellow colour) is larger than the EBF system by 160%.
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FiGure 25: Out-of-plane deformation of braces in the BIE system
(horizontal scale is doubled).

The storey shear forces for the BIE and BF systems are
shown in Figure 28. It can be seen that the storey shear forces
in the BIE system are less than those in the EBF system. The
maximum base shears of the two systems are compared in
Table 1.

The steel materials used in the two systems are compared
in Table 2. It can be seen that the steel material used in the
BIE system is less than the EBF system by almost 20%. This
reduction is caused by the smaller beam sections in the BIE
system. It is obvious that using larger BIE elements to
control the storey drifts may reduce this saving.

4. 25-Storey Structure with Vertical Irregularity

4.1. Structural System. The second structural model for
which the seismic performance will be assessed is a 25-storey
building with vertical irregularity. This irregularity is in the
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FIGURE 26: The dissipated energy in the BIE system.
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FIGURE 27: The dissipated energy in the EBF system.

form of a setback in the 11" and 19" storey of the building.
This structure is considered here to assess the performance
of BIEs in irregular structures and torsional effects when
BIEs are located near the central core of the structure. It is
assumed that the building is located in an area with high
seismicity. Eurocodes 3 and 8 are used to design the
structure. Similar to the previous section, it is assumed that
the ground type is B and the seismic zone is 1 with
ag=0.35g according to [15]. The storey heights are 3.5m
and the bay widths are 6 m. Steel materials are assumed to
have a yield stress of 345 MPa. A 3D layout of the frame is
shown in Figure 29. Also, the first storey of this structure is
shown in Figure 30 to show the location of BIEs. The braces
near the core of the structure are placed at all storeys
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FIGURE 28: Maximum story shear forces in the 20-story structure with BIE and EBF systems.
TaBLE 1: Base shears in a 20-storey structure with BIE and EBF systems.
Svst Base shear
stem
4 EBF (kN) BIE (KN)
X direction 1043 6432
Y direction 1230 6370
TABLE 2: Steel material used in the 20-storey structure with BIE and EBF systems.
Steel weight
System
EBF (ton) BIE (ton)
Column 516 516
Beam 385 162
Brace 66 72
Sum 967 750

throughout the height of the structure while the braces at the
outer face of the building are continued up to the 10" storey.
To highlight the seismic performance of BIEs and their
capacity for energy dissipation, all beam to column con-
nections are assumed to be hinged.

4.2. Horizontal Elastic Response Spectrum. Since the location
of the buildings studied in this research is constant, the
horizontal elastic response spectrum used for this structure
is the same as that calculated in previous sections. Therefore,
the elastic response spectrum will be in the form of Fig-
ure 14. It should be noted that the BIE system is not in-
troduced in the current seismic codes and we have made
a rough assumption to design the structure and acquire the

cross-sections of the beam and column elements. The value
of the behaviour factor is assumed to be g = 6, and therefore,
the design spectrum for the elastic analysis would be cal-
culated as shown in Figure 15.

4.3. Structural Design. According to the design spectrum
obtained, the 25-storey structure is designed in ETABS. The
cross-sections of structural elements are shown in Figures 31
and 32. HSS 178 x178 x 16 sections with 120 mm eccen-
tricity are used as BIE members in this structure. It should be
noted that BIEs are not displayed in these figures because
they are at another elevation coordinate due to the in-
tentional eccentricity. Instead, their locations are shown in
Figure 30.
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FIGURE 29: 3D layout of the 25-storey irregular structure with BIEs.

FiGURE 30: The 1% storey of the 25-storey structure and location of BIEs.
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FIGURE 33: Roof displacement for the 25-story structure with BIEs in X and Y directions.
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FIGURE 34: Maximum inter-story drifts along the height of the
25-story structure.

4.4. Nonlinear Time-History Analysis. Similar to the pre-
vious sections, the nonlinear behaviour of the 25-storey
structure with vertical irregularity is investigated under
the TABAS earthquake. The first mode period of the
25-storey structure with BIEs is 5.5 seconds. According to
Figure 20, a 0.8 scale factor can be used for this earthquake
record.
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FIGURE 35: Maximum inter-story drifts along the height of the
strengthened 25-story structure.

4.5. Seismic Responses. The structural response of the
structure is examined in this section. Figure 33 shows the
roof displacement of the 25-storey structure in both di-
rections. A considerable residual displacement in the order
of 40 cm is seen in the Y direction. This may be attributed to
the irregularity of the structure. Also, the distribution of
maximum drifts along the height of the building is shown in
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FIGURE 36: Maximum story shear forces in a 25-story strengthened structure.

Figure 34. Large interstorey drifts are seen in storeys from 10
to 19, where setbacks are applied in the architecture of the
building. This issue is very important since the drift values
are beyond the Life Safety (LS) limit according to ASCE41-06
(2007) and may cause instability of the structure. The LS
limit (0.015) is also displayed in Figure 34.

It can be inferred that the BIEs installed at some storeys
are not sufficiently stiff to reduce the storey displacements
because of the effects of irregularities, and hence the¥l should
be strengthened. The setbacks at the 11™ and 19™ storey
levels cause concentrated storey shears at these storeys.
Therefore, larger sections are used as the BIEs in these storey
levels which are investigated in the following section.

4.6. Strengthened 25-Storey Structure. Larger BIE sections
are used in the y direction of the newly strengthened 25-
storey structure (HSS 304 x 304 x 16). Also, the intentional
eccentricity is reduced to 80 mm for more rigidity. The effect
of reducing the intentional eccentricity on the maximum
storey drifts and also on the energy dissipation capacity of
the BIE system may be verified here. The first mode period
(T;) of this structure is reduced to 4.5 seconds. It is worth
mentioning that the scale factor for the earthquake record

remains unchanged since the governing part of the response
spectrum is at about 1.5 seconds.

The abovementioned strengthening has resulted in less
interstorey drifts as shown in Figure 35. It can be seen that
the LS performance level is mostly satisfied in this structure
and the maximum drift ratios are reduced by almost 50%. By
a trial-and-error procedure, an appropriate rigidity and
strength of the structure can be achieved by selecting
a proper cross-section of BIEs and proper eccentricity while
maintaining the energy-dissipating capacity of the structure.
It is a considerable advantage of the BIE system.

The maximum storey shear forces are shown in Fig-
ure 36. A uniform distribution of the shear forces is seen in
this Figure 36. Larger sections and less eccentricity of BIEs in
the y direction have resulted in larger shear forces in the y
direction.

The plastic hinges developed in BIEs are shown in
Figure 37. It can be seen that the BIE system has provided
a uniform distribution of plastic hinges along the height of
the structure up to the 14™ storey.

Similar to the 20-storey structure, large out-of-plane
deformations in BIEs are seen. These deformations are
more than 30“" in some cases.
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FiGure 37: The developed hinges in BIEs and link beams.

The dissipated energy in the BIE system is shown in
Figure 38. The yellow part shows the energy dissipated
by BIEs.

In order to investigate the torsional effects in the ir-
regular structure, the max/average values of storey drifts are
checked. This ratio is under 1.2 for all storey levels.
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Ficure 38: The dissipated energy in the BIE system for the
strengthened 25-story building.

Therefore, no excessive torsional displacement is induced in
this structure under seismic excitation.

5. Conclusions

In previous sections, an analytical assessment of the seismic
performance of structures with the BIE system was carried
out. Since the cyclic behaviour of BIEs is the main aspect of
these bracing systems which affects the global behaviour of
the structure under seismic loadings, as the first step,
a proper model of the BIE was developed in ETABS. This
model was verified by the results from previous studies to
attain a proper estimate of the BIE’s cyclic behaviour and
backbone curve. In the second step, a 20-storey regular
structure was designed by the EBF system and then, in the
same structure, the bracings were replaced by BIEs. The
seismic performance of the two structures was compared
under the TABAS earthquake record in terms of roof dis-
placement, storey drift ratios, dissipated energy, and steel
weight. In the third step, the seismic performance of a 25-
storey irregular structure was examined. The irregularity was
in the form of a setback in the 11" and 19" storey of the
building. The interstorey drift ratios in this structure were
verified with the LS performance level, and the structure was
strengthened to achieve this performance level under the
TABAS earthquake record. According to the results
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obtained in previous sections, the following conclusions may
be derived:

(1) The verification of the behaviour of the developed
model by comparing the load-displacement dia-
grams generated by Gonzélez Urefia et al. [12] with
the results of the generated model in this study
showed that the developed model succeeds in
providing good estimates of the compressive and
tensile behaviour of BIE. The results showed that
a combination of the three fiber hinges (two at both
ends and one at the middle of the element) and one
axial hinge in a BIE element will result in a proper
numerical model of the BIE members.

(2) According to the results obtained for the 20-storey
structure, the BIE system provides less lateral
stiffness compared to the EBF system, resulting in
larger lateral displacements and drifts. Larger cross-
sections should be used in BIE elements to satisfy
drift limits according to design codes.

(3) The BIE system provides a uniform distribution of
plastic hinges along the height of the structure
preventing the concentration of damages in plastic
hinges. The plastic hinges in the BIE system develop
at the initial stages of seismic excitation thus pro-
viding a good energy dissipation capacity.

(4) Stable hysteresis behaviour is seen in the BIE system
resulting in a large amount of energy dissipation
compared to the EBF system. BIEs start to dampen
and dissipate input energy from the early levels of
excitation.

(5) The fraction of dissipated energy in the BIE system
was much larger than that of the EBF system. This
fraction is calculated relative to the total input
energy. This shows the superiority of the BIE system
in energy dissipation capacity.

(6) Comparison between storey shear forces in the two
structures with the BIE and EBF systems showed
that the BIE system was subjected to less storey
shear forces. This may be partly due to the less
rigidity of the BIE system. However, a compre-
hensive conclusion requires further investigations
comparing the seismic shear forces in the two
systems with the same storey yield shears.

(7) In the BIE system, braces showed large out-of-plane
deformation. These deformations are more than
20 cm in some cases which can be considered as
a disadvantage of the BIE system.

(8) A comparison of the steel material weight of the two
20-storey structures with the BIE and EBF systems
showed that the steel material in the structure with
the BIE system is almost 20% less than the EBF
system. This reduction is caused by the smaller
beam sections in the BIE system. It is obvious that
using larger BIE elements to control the storey drifts
may reduce this saving.
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(9) The performance assessment of the 25-storey ir-
regular structure showed a considerable residual
displacement in the order of 40cm in the Y di-
rection. This may be attributed to the irregularity of
the structure.

(10) Large interstorey drifts were seen in storeys from 10
to 19 of the 25-storey structure before strengthening
where setbacks were applied in the architecture of
the building. The drift values were beyond the life
safety (LS) limit according to ASCE41-06. To
overcome this shortcoming, the 25-storey structure
was strengthened by using larger sections and less
intentional eccentricities in BIEs.

(11) The strengthening (larger sections and less in-
tentional eccentricities of BIEs) applied on the 25-
storey structure resulted in reduced interstorey
drifts by almost 50%. By a trial-and-error pro-
cedure, an appropriate rigidity and strength of the
structure can be achieved by selecting a proper
cross-section of BIEs and proper eccentricity while
maintaining the energy-dissipating capacity of the
structure. It is a considerable advantage of the BIE
system.

(12) In order to investigate the torsional effects in the
structures with vertical irregularity, the max/aver-
age values of the storey drifts were explored. The
ratio obtained at all storey levels was less than 1.2.
Therefore, no excessive torsional displacement was
induced in an irregular 25-storey structure under
seismic excitation.
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The concrete-filled square steel tubular (S-CFST) structure has been widely used as a resistance system against earthquakes due to
its good seismic performance. However, the application of the S-CFST structure is limited by its complex joint formulation. To
overcome this shortcoming, a sleeve semirigid joint has been proposed, while its seismic performance has not been well examined.
This study aims to discuss the behavior of sleeve joints with different parameters under low cyclic loading. The analysis results
show that the simulation results of the finite element model established by ABAQUS were in good agreement with the ex-
perimental results, which further verified the good energy dissipation performance of the sleeve joint, and gave the design
suggestions of the joint under different parameters to promote the engineering application of this type of joint.

1. Introduction

The concrete-filled steel tube (CFST) has various advantages,
such as high bearing capacity, good plasticity and toughness,
easy processing, and convenient construction [1, 2]. How-
ever, the complexity of the design and construction of beam-
column joints limits its application to some extent. In ad-
dition, almost all current joints are designed as rigid joints,
but the semirigid joint under the action of cyclic loading
shows a better energy dissipation performance and more
stable seismic characteristics, which has attracted extensive
attention of researchers [3-8].

In recent years, researchers have conducted plenty of
research on the types and mechanical properties of semirigid
joints of concrete-filled steel tubes, and some achievements
have been made. For example, Oh and Ai-Roda [9] carried
out an experimental study on the connection of concrete-
filled steel tubular column and H-shaped steel beam. T-cleat
connections and bending steel plates with a centered hole
were used to strengthen the stiffness of the connection, and
the hysteretic performance of the connection was analyzed.

It was found that the joint of bending steel plates with a
centered hole demonstrates good deformation ability. Ricles
et al. [10] conducted low reversed cyclic loading tests on 10
full-scale joints of concrete-filled square steel tubular (CFST)
column and steel beam. They found that the flange joints of
the T-shaped steel bolt connection and reinforced beam
meet the design principle of “strong column and weak
beam,” and the bolted end-plate connection can enhance the
bolt hole strength, effectively reducing the slippage and the
pinch phenomenon of hysteretic curves. Yang et al. [11]
studied the mechanical properties of joints through dia-
phragms of concrete-filled rectangular steel tubular column
and H-shaped steel plate under low cyclic loading. The
results showed that such type of joint has good seismic
performance, and the wedge-shaped plates on both sides of
the flange have a significant influence on the joint ductility.
Lv and Li [12] proposed a joint form with an octagonal ring
beam outside the CFST column and designed three speci-
mens to study its mechanical properties. The obtained re-
sults indicated that the three specimens all show high
bearing capacity, good ductility, and energy dissipation
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capacity under cyclic loading. Mirza and Uy [13] used the
experiment and finite element method to study the per-
formance of bolted beams, columns, and horizontal end-
plate joints. The mechanical properties of flat end joints of
the composite beam-column under low-probability, high-
consequence loading were investigated. Gao et al. [14]
researched the mechanical characteristics and energy dis-
sipation performance of different forms of large-size con-
nections of CFST column and H-shaped steel beam. He
concluded that the bearing capacity and energy dissipation
performance of joints with inner diaphragms are better than
those of joints with through diaphragms. France and Buick
Davison [15] carried out static loading tests on the bolted
end-plate joint of CFST column and steel beam and com-
pared its performance with that of the square steel tubular
column joint. Through experimental analysis, it was found
that the strength and stiffness of the joint are significantly
improved, but the joint ductility is reduced, and the failure
mode of the joint is bolt pull out.

For the simulation model and calculation theory of the
concrete-filled steel tube column-steel beam semirigid joint,
the research focus is mainly on the connection with bolts,
and the deformation model of the connection element is
established. Huang [16] used ABAQUS to establish two-
element connectors to simulate the beam-column joint used
in the bolted end-plate connection. Compared with the
experiment data, this finite element model (FEM) effectively
simulated the force exerted on the joint under high tem-
peratures. In such conditions, the axial force of the beam end
has an obvious influence on the force exerted on the joint.
Hu et al. [17] studied the performance of T-shaped steel
bolted joints under low cyclic loading and proposed a new
mechanical calculation model for such joints. The model
diagram is shown in Figure 1, where the mechanical model
simulated T-shaped steel as a nonlinear spring element, and
a multiline segment cyclic stiffness model was used to
simulate the hysteretic performance of T-shaped steel
components. By comparing the simulated results of this
model with the experimental results, it was concluded that
this model can accurately simulate the mechanical behavior
of T-shaped steel bolted joints [17].

Many achievements have been obtained in the con-
nection test and theoretical study of semirigid joints of CFST
column and steel beam, but the existing semirigid joint
forms have their own limitations. It is difficult to find a joint
form with both technical and economic advantages; thus, it
is necessary to select the suitable joint type based on the
application situation by developing the advantages and
avoiding the disadvantages. In this paper, the sleeve joint
form of concrete-filled square steel tubular column-steel
beam was studied, and its mechanical properties under low
cyclic loading are investigated using ABAQUS. This joint is
shown in Figure 2.

2. Model Design

The sleeve joint is formed by sheathing the steel sleeve at the
joint position of concrete-filled square steel tubular column,
welding the upper and lower edges of the sleeve with the steel
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tubular column, and then completely welding the steel beam
with the sleeve, and the joint has clear force transmission
and simple construction. To investigate the seismic per-
formance of concrete-filled square steel tubular column-steel
beam sleeve joint, three joint models of this type are
designed.

2.1. Model Dimension. Three sleeve joint specimens of CFST
column and steel beam, numbered from CFST-1 to CEST-3,
were designed. The size of the square steel tubular column
was 300 x 300 x 8 mm (length x width x thickness), and the
steel beams were made of HN244 x 175 x 7 x 11 mm hot-
rolled H-beam. Strength grade Q235 steel was used for
beams, columns, and sleeves, and concrete with strength
grade C30 was filled in the square steel tube. The sleeve was
welded with steel plates, and the type of electrode was E43.
The upper and lower flanges and web at one end of the steel
beam were completely welded on the sleeve. A 5 mm weld
was left on the top and bottom of the sleeve to weld the sleeve
on the square steel tubular column, the periphery of which
was in full contact with the square steel tubular column. The
variables were the thickness and height of the sleeve. The
main parameters are shown in Table 1, and the detailed joint
structure is shown in Figure 3.

2.2. Material Properties. Steel is simulated by the conven-
tional ideal elastic-plastic model, and Q235 steel was
adopted in this model, with an elastic modulus of
E =2.03 x 10° N/mm’, a Poisson ratio of 0.3, and a density
of 78.5 g/mm>.

The concrete constitutive model is the plastic damage
model of square steel tubes proposed by Han et al. [18, 19],
which considers the interaction between the inner wall of
square steel tube and core concrete.

3. Model Validation

3.1. Experimental Setup. Two MTS actuators were used to
apply low cyclic load to the beam ends on both sides of the
specimen, and the Jack on the column top was utilized to
apply the axial force, while hinged supports were placed at
the column bottom and column end to simulate the hinged
boundary conditions. In the test, four H-shaped steel was
installed as limit beams to ensure that the components do
not have out-of-plane torsion and instability before failure
and to limit the lateral displacement of the specimen during
loading. It is specified in the test that the pushing direction of
the actuator is positive and the pulling direction is negative,
and the left and right beams were marked. During the test,
firstly, a vertical axial force of 770kN (axial compression
ratio of 0.23) was applied on the column top with a Jack.
Then, MTS actuators were utilized to apply displacement
cyclic load on the left and right beam ends at the same time,
with a displacement increment of 5 mm. When the specimen
yielded, cyclic loading was continued three times with the
same increment until any of the following conditions oc-
curred: (1) the load is reduced to less than 80% of the peak
load; (2) the steel tube in the joint area is locally damaged by
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TaBLE 1: Sleeve parameters of specimens height x side length-
x thickness (mm).

CFST-1
488 x312x6

CFST-2
600 x 312 x 6

CFST-3
488 x320x10

shear or more than 70% of the local weld cracks; (3) the steel
beam has obvious local buckling deformation or fracture, or
the steel beam has out-of-plane instability.

The stress distribution in the core area of the joint was
measured by both the strain gauge and the stain rosette that
are arranged according to Figure 4. The displacement of the
beam end was measured by a displacement sensor and
collected synchronously and automatically by a computer.
The test device is shown in Figure 5. Due to the sticking and
measurement, the strain gauge and the stain rosette did not
work well, so the measurement results of strain were not
provided in this paper.

3.2. Material Mechanical Properties

3.2.1. Steel. According to the provisions in metallic mate-
rials—tensile testing-method of test at ambient temperature
(GB/T 228.1-2010) [20] and steel and steel pro-
ducts-location and preparation of samples and test pieces
for mechanical testing (GB/T 2975-2018) [21], three groups
with two samples per group from the same batch of steel
were taken to conduct tensile tests on the material universal
testing machine. The performance parameters measured are
shown in Table 2.

3.2.2. Concrete. When pouring C30 concrete, three
150 x 150 x 150 mm standard concrete test cubes and three
150 x 150 x 300 mm prismatic blocks were fabricated. After
28 days of curing under the same conditions as the joint
specimens, the compressive test on the concrete cube was
carried out, and then the average value was taken. Ulti-
mately, the measured average compressive strength of
concrete cubes was 40.59 MPa, the average axial compressive
strength was 27.18 MPa, and the average elastic modulus was
31783 MPa.

3.3. FE Model. Solid element C3D8R in ABAQUS is used to
build the model, including steel beam, steel tube, core
concrete, and steel sleeve. The mesh of the connection area is
encrypted by using structured mesh and considering the
complex stress and calculation accuracy of the connection
area. The mesh size of the joint connection area between steel
tube and beam is 15 mm, and the rest parts are 60 mm. Steel
sleeve is the key component of joint connection, which is
divided by 15mm. The size of core concrete is 160 mm.

The normal attribute between steel pipe and concrete is
“hard” contact, the tangential direction is defined as limited
sliding, and the friction coefficient is 0.3. Except the weld
joint area, the contact between the steel tube and the steel
sleeve is defined as “hard,” which means that there is no
immersion between the two faces.

3.4. Failure Mode. The failure phenomena of the three
specimens under different loading displacements are shown
in Table 3, where 55 mm (1) represents the first circle load
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TABLE 2: Performance parameters of steel.
Thickness (mm) Measured strength (MPa) Average strength (MPa)
565 Yield strength 323.86 322.72 323.29
’ Ultimate strength 474.09 473.42 473.76
765 Yield strength 299.50 282.88 291.19
’ Ultimate strength 390.05 392.82 391.43
9.67 Yield strength 313.57 319.68 316.62
) Ultimate strength 420.86 427.45 42415
TaBLE 3: Failure phenomena of specimens.
No. Vertlcal loading Failure phenomena
displacement
55mm (1) The upper flange of the right beam and the lower flange of the left beam have large local buckling
55mm (2) The sleeve local buckling at the connection between the right beam and the sleeve and the left beam
and the sleeve is about 15mm and 20 mm, respectively
55mm (3) The upper flange weld of the right beam and the lower flange weld of the left beam crack
CFST- 60 mm (1) The base metals on the lower side of the right beam and the upper side of the left beam are torn
1 60 mm (3) The base metals on the upper and lower flanges are torn
The connection between the sleeve and the upper flange and the sleeve and the lower flange of the right
65mm (2) beam is torn about 30 mm and 8 mm, respectively; the connection between the sleeve and the upper
flange of the left beam is torn about 40 mm
65mm (3) The specimen failure occurs
55mm (1) The adhesion failure occurs between the concrete and steel tube wall
60mm (1) The base metal on the lower flange of the right beam is torn
CFST- 60 mm (2) The base metal on the upper flange of the left beam is torn, and the sleeve local buckling occurs
2 65mm (1) The sleeve of the right beam has a tear of about 2 mm
65mm (2) The upper flange of the left beam is partially separated from the sleeve
65mm (3) The flange on both sides of the beam is separated from the sleeve, and specimen failure occurs
65mm (1) The upper flange of the right beam has a local buckling
65mm (2) The sleeve of the left beam has a local buckling of about 8 mm
65mm (3) The base metals on the lower side of the right beam and the upper side of the left beam are torn, and the
CFST- sleeve of the left beam has a local buckling of about 12 mm
3 70mm (1) The left beam is distorted
70 mm (2) The base metal has been torn, and the sleeve of the left beam has a crack of about 6 mm
70 mm (3) The sleeve of the left beam is slightly damaged and has a local buckling, and the whole weld is torn
75mm (2) The flange on both sides of the beam is separated from the sleeve, and specimen failure occurs




when the displacement of the beam end is 55 mm. The failure
modes of these specimens are shown in Figure 6.

The test phenomena, failure processes, and failure modes
of three sleeve joint specimens were identical, belonging to
the failure mode of semirigid joints with high stiffness.
Therefore, the seismic performance of the joint can be
improved by improving the design, welding process, and
sequence or strengthening the strength check and quality
inspection of the weld.

A full finite element model was built by ABAQUS as
shown in Figure 7. The axial force was applied on the top of
the column, and the cyclic load was applied on the beam end
to simulate the test loading conditions. The displacement
constraints in X and Y directions and rotation constraints in
Y and Z directions were applied at the top of the column, and
X, Y, Z displacement constraints and Y, Z rotation con-
straints were imposed at the bottom of the column.

Figure 8 shows the comparison of joint failure modes of
specimen CFST-1 between the simulated results and ex-
perimental results. It can be seen from the figure that the
simulation failure mode of the sleeve joint is almost the same
as the experimental result. The failure mode of the specimen
is mainly the buckling and the tearing of the sleeve. How-
ever, because the material damage is not given in the ma-
terial property, the tearing of the sleeve is not simulated in
the finite element model. The place where the joint defor-
mation is large is the place where the steel is torn. The
ABAQUS finite element model established in this paper can
accurately simulate the failure mode of joints.

Figure 9(a) shows the stress distribution of the steel
beam. It can be seen from the figure that the flange of the
beam is curved. This phenomenon also occurs in the
specimen CFST-1, the sleeve buckling is obvious, and the
flange of the beam is easier to bend. It shows that the
specimen with thinner sleeve wall thickness is more prone to
buckling under the same axial compression ratio.

The finite element analysis can simulate the stress dis-
tribution of the steel tube column inside the sleeve, which
cannot be obtained in the test. Figure 9(b) shows the stress
distribution of steel tube under ultimate load. It can be seen
that when the specimen was damaged, because the sleeve is
only connected with the steel tube by the upper and lower
welds, the corresponding part of the steel tube is also the part
with the greatest stress in the loading process, and it is also
the part most prone to deformation and buckling.

Figure 10 shows a comparison of failure modes between
extended end-plate joints and sleeve joints. The extended
end-plate joint is a typical semirigid joint [22, 23], and its
main failure modes are shown in Figure 10(a). One kind of
failure is that while the upper flange of the steel beam is taken
as the rotation center, the end plate at the lower flange also
has bending deformation, which is consistent with the
failure mode of the sleeve joint. The other kind of failure is
that the end plate below the upper flange of the steel beam is
basically in a straight line; that is, the end plate has no
obvious bending deformation, and the failure mode is
consistent with the weld tearing failure mode of sleeve joint.
From the analysis of rotation capacity and failure modes, the

Shock and Vibration

sleeve joint conforms to the connection characteristics of the
semirigid joint.

3.5. Hpysteretic Curve. The load-displacement hysteretic
curves of the specimen beam end are shown in Figure 11,
where the graph in the first and third quadrants is the
hysteretic curve of the left beam end and the graph in the
second and fourth quadrants is the hysteretic curve of the
right beam end. Both graphs are shuttle-shaped, indicating
good deformability, seismic performance, and energy dis-
sipation capacity of the specimen. Since cyclic load is applied
on both sides of the beam end, the corresponding hysteretic
curves are symmetrically distributed. When the specimen
reached the yield state, the hysteretic curve analysis showed
that some specimens had buckled. After yielding, the first
cyclic load value of each displacement level was higher than
that of the next two cycles, indicating that the joint strength
and stiffness degrade with loading. In terms of ultimate
bearing capacity, specimen CFST-2 did not change much
compared with specimen CFST-1, suggesting that increasing
the sleeve height will not improve the bearing capacity.
However, the area of hysteretic curves of specimen CFST-2
was larger than that of specimen CFST-1. It implicated that
the energy dissipation capacity of joint specimen CFST-2 is
higher than that of joint specimen CFST-1.

Figure 12 shows that the simulated hysteretic curve is in
good agreement with the experimental curve, which verifies
the rationality of the finite element method [24, 25]. The load
value of the simulated hysteretic curve was slightly higher
than that of the experimental hysteretic curve. This is be-
cause the finite element model ignores the influence of the
weld quality between the sleeve and the flange of the steel
beam as well as the environment of the specimen. The initial
stiffness of the joint in the finite element analysis was larger
than that in the test, which is because the weld of the
specimen basically appears in the part where one end of the
steel beam is connected with the sleeve, while the weld is not
considered in the finite element analysis.

3.6. Skeleton Curve. When applying cyclic load on the steel
beam end, the skeleton curve can be obtained by successively
connecting the maximum load in each stage of the hysteretic
curve. The skeleton curves of three joint specimens are
shown in Figure 13. The skeleton curves of the joint spec-
imen are basically S-shaped, and the sleeve joints undergo
obvious elastic, elastic-plastic, and plastic failure processes
during loading. However, the skeleton curves of the left and
right beam ends are not completely symmetrical. This is
because the quality of the welds on both sides of the beam
end cannot be the same, and cumulative damage occurs at
the joints. The initial stiffness, ultimate bearing capacity, and
ultimate displacement of specimen CFST-3 were signifi-
cantly higher than those of CFST-1 and CFST-2, indicating
that increasing the sleeve thickness can effectively improve
the seismic performance of the sleeve joint.

As shown in Figure 13, the simulated and experimental
skeleton curves are both S-shaped, and the joint specimens
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FIGURE 6: Failure modes of specimens. (a) Sleeve local buckling; (b) base metal tearing of the left; (c) weld cracking; (d) base metal tearing of

upper; (e) sleeve tearing; (f) joint failure.
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FIGURE 7: Loading conditions.

have experienced three stages under low cyclic loading, that
is, elastic, elastic-plastic, and plastic failure. The simulated
and experimental skeleton curves were also roughly con-
sistent in values, with a load value error within 10%, which
further illustrates the rationality of the finite element
method. By comparison, the simulated skeleton curve using
FEM is more symmetrical, but the symmetry of the ex-
perimental skeleton curve is slightly worse. This is because
there was residual deformation during loading; thus, the

skeleton curve in positive and negative loading direction
deviates slightly, but this influence factor is not considered in
finite element simulation.

4. Parametric Analysis

4.1. Axial Compression Ratio. Axial compression ratio is the
ratio of the axial pressure of the column to the compressive
strength of the entire section of the column. During the test,
an axial pressure of 770 kN (axial compression ratio of 0.23)
was applied to the column. Since the change in the axial
compression ratio is not considered in the test, in this
section, the influence of different axial compression ratios on
the joint specimens was simulated and analyzed. The axial
compression ratio n can be calculated according to

N
n=—
N,
(1
_ N
- fyAs+f::Ac’

where N represents the axial load, N, is the ultimate bearing
capacity of concrete-filled steel tube column, f, is the yield
strength of steel, f. is the compressive strength of concrete,
and A, and A, are the area of the steel tube and the core
concrete, respectively.

Take the CFST-1 as an example. Figure 14 shows the
load-displacement curves of joints with different axial
compression ratios. The load-displacement curves of all
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F1GURE 9: The stress distribution of steel beam and steel tube. (a) Steel beam and (b) steel tube.

parametric analyses below are obtained under monotonic
loading. The initial stiffness is calculated by the slope of
the elastic segment of the load-displacement curve. The
slopes (initial stiffness) of the four curves are 1.116
(n=0.2), 1.246 (n=0.4), 1.408 (n=0.6), and 1.334
(n=0.8), respectively. It can be seen from the figure that,
under the same boundary and loading condition, the joint

still has a good bearing capacity, and the axial com-
pression ratio is the main factor influencing the initial
stiffness of the joint. When the axial compression ratio is
smaller than 0.6, the initial stiffness of the joint is posi-
tively correlated with the axial compression ratio, but
when this ratio exceeds 0.6, the initial stiffness of the joint
will be negatively correlated with the axial compression
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ratio. Therefore, it can be concluded that the joint achieves
the optimal initial stiffness when the axial compression
ratio n=0.6.

It can be seen from Figure 15 that the hysteretic curves
with the axial compression ratio n=0.2 and n=0.4 are al-
most the same, but the hysteretic curve with the axial
compression ratio #n=0.8 shows an obvious “pinch” phe-
nomenon, which indicates that it is affected by slippage.
When the axial compression ratio exceeds 0.6, the energy
dissipation capacity of the joint will be affected.

4.2. Influence of Concrete Strength Grade. The influence of
different concrete strength grades on sleeve joints was an-
alyzed, and the results are shown in Figure 16. It can be seen
from Figure 16 that the concrete with higher strength bears
more load in the later stage of loading so that the local
buckling of steel tubular wall filled with concrete of higher
strength is smaller than that filled with ordinary strength
concrete. Thus, it can be concluded that increasing the
concrete strength has a better effect that the yielding of the
steel tube will occur later.
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Figure 17 shows the hysteretic curves of joints with
different concrete strengths. It can be seen from the figure
that, compared with the initial hysteretic curve, the load
increases by about 20% when the concrete strength in-
creases. In addition, concrete strength has a significant in-
fluence on the overall elastic-plastic stage of the specimen,
but before the elastic-plastic stage, the bearing capacity will
not change significantly with increasing concrete strength.

4.3. Influence of Sleeve Thickness. Due to the limited test
condition, only a few specimens were carried out, and the
optimal sleeve thickness was not found. Therefore, in finite
element analysis, the thickness of the sleeve was taken as
6mm, 8 mm, 10 mm, 12mm, and 16 mm for analysis and
comparison, while other conditions remained constant.
Figure 18 shows the load-displacement curves of joints with
different sleeve thicknesses. As is observed, when the
thickness of the sleeve is less than 10 mm, increasing the
sleeve thickness can improve the stiffness and the ultimate
bearing capacity. However, when the sleeve thickness ex-
ceeds 10mm, the yield-bearing capacity and ultimate
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bearing capacity of the joints do not change significantly.
The results show that when the thickness of the sleeve
reaches 10 mm, the initial stiffness of the joint increases, but
the increase is not obvious.

As shown in Figures 18 and 19, when the sleeve thickness
exceeds 10 mm, the yield-bearing capacity and ultimate
bearing capacity do not change significantly, and the hys-
teretic curves do not change much, indicating that the
energy dissipation performance of the joint changes slightly.
The results show that the seismic performance of joints can
be improved with the increase of sleeve thickness, but the
improvement effect is not obvious when the thickness ex-
ceeds a certain value. Moreover, when the thickness of the
sleeve is less than 10 mm, the ultimate load increases sig-
nificantly, which also leads to local buckling of the sleeve.
Therefore, it is not recommended to increase the thickness of
the sleeve without restriction when designing joints, which
may result in unnecessary waste.

According to the test and finite element analysis, in
order to meet the requirements that the joint strength
should be higher than the members, the thickness of the
sleeve needs to be greater than the thickness of the steel
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tube to ensure that the sleeve does not buckle before the
column-steel tube. However, when the thickness of the
sleeve reaches a certain degree, the impact on the
bearing capacity of the joint decreases. At this time,
increasing the thickness of the sleeve will cause a waste
of materials. Therefore, it is suggested that the ratio of
sleeve thickness to steel tube thickness ranges from 1.0
to 1.25.

4.4. Influence of Sleeve Height. Take 2 times the beam height
as the initial height of the sleeve. 1.2 times, 1.5 times, and 1.8
times the sleeve height were taken to compare with the initial
height. Figure 20 shows the load-displacement curves of
joints with different sleeve heights. As shown in the figure,
when the height of the sleeve is increased while the sleeve
thickness is unchanged, the initial stiffness of the sleeve joint
slowly increases. Moreover, with the increase in sleeve
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height, the ultimate load and ultimate displacement do not
change significantly. Therefore, it is not economical to
improve the bearing capacity of the joint by increasing the
sleeve height.

Figure 21 shows the hysteretic curves of joints with
different sleeve heights. By comparing the hysteretic curves
of joints with each height, it is found that there is no sig-
nificant change. However, as the height of the sleeve height
increases, the shuttle shape becomes more obvious, and the
hysteretic curve becomes fuller. It suggests that increasing
the height can improve the energy dissipation capacity and
ductility of the joints but has no significant effect on
changing the ultimate bearing capacity and ultimate dis-
placement. Moreover, as the height increases, the fabrication
of sleeve joint specimens becomes more difficult. Therefore,
the seismic requirements of joints can be met only by ap-
propriately increasing the sleeve height.

5. Conclusions

In this paper, the method of numerical simulation analysis is
used to design three concrete-filled steel tubal column-steel
beam semirigid sleeve joints. The joint is composed of two
steel plates and a sleeve welded together with the steel pipe
column. The upper and lower flanges and webs at the end of
the steel beam are welded by manual arc welding and
completely welded on the sleeve. The validity of the finite
element model is verified by comparison with experimental
data, and the joints are subjected to low cyclic loading. The
mechanical properties under different parameters are ana-
lyzed. Based on the analysis of this paper, the following
conclusions can be drawn:

(1) The semirigid sleeve joint model is established by
ABAQUS and compared with the hysteretic curves
and skeleton curves of previous experiments, which
verifies the applicability of the finite element model
in simulating the seismic performance of the joint
under low cycle load.

(2) The axial compression ratio and the height of the
sleeve have little effect on the ultimate bearing ca-
pacity of the joint and have a small effect on the
energy dissipation capacity. The design should be
selected according to the economic principle.

(3) The thickness of the sleeve and the concrete strength
grade are the main factors affecting the seismic
performance of sleeve joints. When the thickness of
the sleeve is increased or the concrete strength grade
in the column is increased, the ductility and ultimate
bearing capacity of the joint increase, and the energy
consumption capacity is also improved.

(4) It is recommended that the thickness of the sleeve
should be 1 to 1.25 times the thickness of the con-
necting steel tube. At the same time, according to the
principle of economy, it is recommended that the
height of the sleeve should not be greater than 2
times the height of the connecting steel beam.

17

Data Availability

The data used to support the findings of this study are in-
cluded within the article.

Conflicts of Interest

The authors declare that they have no conflicts of interest.

Acknowledgments

This project was supported by the Natural Science Foun-
dation of Heilongjiang Province (LH2019E005), Funda-
mental Research Funds for the Central Universities
(2572017CB02), and National Science Foundation of China
(51408106), which are gratefully acknowledged.

References

[1] L. H. Han, W. Bjorhovde, and R. Bjorhovde, “Developments
and advanced applications of concrete-filled steel tubular
(CFST) structures: Members,” Journal of Constructional Steel
Research, vol. 100, pp. 211-228, 2014.

[2] L. H. Han, Z. Tao, and W. D. Wang, “Advanced Composite
and Mixed Structures: Testing,” Theory and design approach,
2009.

[3] S. Gao, L. H. Guo, and Z. Zhang, Anti-collapse performance of
composite frame with spacial-shaped MCFST columns, Engi-
neering Structures, vol. 245, , 2021.

[4] S. Gao, M. Xu, F. Fu, and L. H. Guo, “Performance of bolted
steel-beam to CFST-column joints using stiffened angles in
column-removal scenario,” Journal of Constructional Steel
Research, vol. 159, pp. 459-475, 2019.

[5] S. Gao, “Nonlinear finite element failure analysis of bolted

steel-concrete composite frame under column-loss,” Journal

of Constructional Steel Research, vol. 155, pp. 62-76, 2019.

S. Gao and L. H. Guo, “Performance of circular bimetallic tube

confined concrete slender columns under eccentric com-

pression,” Archives of Civil and Mechanical Engineering,

vol. 21, no. 2, p. 40, 2021.

[7] X. H. Zhou, Z. Zhou, and D. Gan, “Analysis and design of
axially loaded square CFST columns with diagonal ribs,”
Journal of Constructional Steel Research, vol. 167, Article ID
105848, 2020.

[8] D.Gan, Z.X. Li, T. Zhang, X. H. Zhou, and K. f. Chung, “Axial
compressive behaviour of circular concrete-filled steel tubular
stub columns with an inner bamboo culm,” Structures, vol. 26,
pp. 156-168, 2020.

[9] Oh and Ai-Roda, “T-Cleat connection to concrete-filled tu-
bular internal columns,” Journal of Structural Engineering,
vol. 130, 2004.

[10] J. M. Ricles, S. W. Lu, and L. W. Lu, “Seismic behavior of
composite concrete filled steel tube column-wide flange beam
moment connections,” Journal of Structural Engineering,
vol. 130, no. 2, pp. 223-232, 2004.

[11] X. L. Yang, H. L. Wang, P. Dong, and Q. C. Ren, “Experi-
mental research on the rectangular CFST column and
H-section beam connections with through diaphragms,”
Journal of Hebei University of Technology, vol. 40, no. 6,
pp. 79-82, 2011.

[12] X. L. Lv and X. P. Li, “Experimental study on ring-beam
connections located outside the concrete- filled rectangular

[6



18

steel tubular columns,” Journal of Building Structures, vol. 24,
no. 1, pp. 7-13, 2003.

[13] O. Mirza and B Uy, “Behaviour of composite beam-column
flush end-plate connections subjected to low-probability,
high-consequence loading,” Engineering Structures, vol. 33,
no. 2, pp. 647-662, 2011.

[14] Z. Y. Gao, H. Q. Li, and Z. C. Wang, “Mechanical perfor-
mance of connect node between concrete filled square tubular
column and H-steel beam,” World Earthquake Engineering,
vol. 31, no. 1, pp. 180-186, 2015.

[15] J. E. France and J. Buick Davison, “Moment-capacity and
rotational stiffness of endplate connections to concrete-filled
tubular columns with flowdrilled connectors,” Journal of
Constructional Steel Research, vol. 50, no. 1, pp. 35-48, 1999.

[16] Z. A. Huang, “A connection element for modelling end-plate
connections in fire,” Journal of Constructional Steel Research,
vol. 67, no. 5, pp. 841-853, 2011.

[17] J. W. Hu, R. T. Park, and T. Park, “Mechanical models for the
analysis of bolted T-stub connections under cyclic loads,”
Journal of Constructional Steel Research, vol. 78, pp. 45-57,
2012.

[18] L. H. Han, Z. Tao, and W. D. Wang, Advanced Composite and
Mixed Structures: Testing Theory and Design Approach, Sci-
ence Press, Beijing, China, 2009.

[19] L. H. Han, Concrete Filled Steel Tubular Structures—-Theory
and practice, Science Press, Beijing, China, 2007.

[20] Gb/T 2975-2018, Steel and steel products--location and
preparation of samples and test pieces for mechanical testing,
China Standards Press, China, 2018.

[21] L. L. Sun, Z. Q. Liang, Q. S. Wang et al., “Seismic response on
T-head square-neck one-side bolted endplate connection of
beam to square tubular column,” Engineering Structures,
vol. 246, Article ID 113077, 2021.

[22] L. L. Sun, Z. Q. Liang, M. Cai et al., “Seismic behaviour of
TSOBs bolted I-beam to hollow section square column
connection with inner stiffener,” Journal of Building Engi-
neering, vol. 51, Article ID 104260, 2022.

[23] J. B. Li and X. Li, “Realization of strong column-weak beam
failure mode for concrete-filled square steel tubular frame
structure,” Advanced Materials Research, vol. 446-449,
pp. 424-428, 2012.

[24] Y. Z. Yin and Y. Zhang, “Research on the seismic behavior of
concrete-filled steel tubular column and steel beam joint,”
Applied Mechanics and Materials, vol. 204-208, pp. 2528-
2532, 2012.

[25] Gb/T 228-2010, Metallic materials—-Tensile testing——Method
of test at ambient temperature, China Standards Press, China,
2002.

Shock and Vibration



Hindawi

Shock and Vibration

Volume 2022, Article ID 3439431, 6 pages
https://doi.org/10.1155/2022/3439431

Research Article

@ Hindawi

Dynamic Characterization of a Reinforcement Rammed Wall for

the Earthen Ruins

Bei Liu®,’ Yucheng Shi ,! Kun Liu®,? Tao Li,! and Shaopeng Wangl

'Lanzhou Institute of Seismology CEA, Lanzhou 730000, China
Lanzhou Institute of Geotechnique and Earthquake CEA, Lanzhou 730000, China

Correspondence should be addressed to Yucheng Shi; shiyc@gsdzj.gov.cn and Kun Liu; liukun@gsdzj.gov.cn

Received 1 November 2021; Accepted 5 February 2022; Published 10 March 2022

Academic Editor: Shan Gao

Copyright © 2022 Bei Liu et al. This is an open access article distributed under the Creative Commons Attribution License, which
permits unrestricted use, distribution, and reproduction in any medium, provided the original work is properly cited.

In recent years, the earthen ruins’ cultural relics have aroused people’s extensive attention, and the protection of them is more and
more urgent. The aim of the paper is to present the essential results of an ongoing research on a reinforced rammed earthen wall in
the Suoyang ancient city (Guazhou, China). A variety of methods to combining aerial survey, dynamic test, and numerical model
is provided with the purpose of estimating the structural characteristics of the ancient rammed wall. An aerial geometric survey
based on high-resolution images made by unmanned aerial vehicle (UAV) has been approached to acquiring a 3D model. An
ambient vibration test has been adopted by using vibration pick-ups. The experimental data were dealt with the operational modal
analysis (OMA) followed by comparing with the numerical results delivered by the model. Meanwhile, the results showed the
maximum displacements and corresponding positions of the structure under the three modes by the finite element model (FEM).

1. Introduction

The conservation of ancient civilization architectures has
received wide attention from the countries in which history
carried vital cultural heritage. For instance, the earthen ruins
are normally subjected to the intrinsic deterioration in time
and the natural hazards [1]. Within the circumstance, they
are of the greatest importance to develop and apply the
reasonable methods for the sake of identifying the consid-
erable structural parameters. Some scholars have conducted
relevant research studies on the earthen ruins. For example,
Li and Liu conducted field pulsation tests on the earthen site
walls and obtained the spectral characteristics between the
bottom and top of the walls as well as the self-oscillation
period [2-4]. They correlated the structural properties of
earthen sites and focused only on a certain point, ie.,
obtaining the frequencies and periods at the bottom or the
top of the site walls. However, the structural properties of a
point for the wall usually were differed from the whole
structure. The best way to access the structural dynamic
characterization is to establish the dynamic monitoring
system which is based on the vibration test. And, it can be

safely applied to historical structures [5]. Frequency re-
sponse function curvature technique and the modal analysis
have extensive usage in the structural health monitoring [6].
Given the excitation force, both methods can be effective to
detect damage in civil structures, while the latter may be the
better method to access the dynamic characterization in the
case of unknown excitation force. One of the ways to solve
the above problem is the operational modal analysis (OMA).
OMA is widely adoptable to masonry civic belfry [7], the
masonry tower [8, 9], and other historical masonry buildings
[10-13]. Pavlovic proposed an expeditious and low-cost
procedure for the structural identification of historic ma-
sonry towers [14]. Numerical simulation is a very convenient
method to understand the mechanical properties of struc-
tures. This method, combining with the vibration test, is also
widely taken in civil engineering. Boscato [15, 16] has ac-
quired the detection, localization, assessment, and predic-
tion of damage for three different multileaf masonry
specimens by the comparison between the experimental and
numerical modal data calculated by the commercial finite
element method (FEM). It is worth noting that the method
has great advantages for nonlinear analysis [17].
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The experimental work depicted in the paper followed an
elementary investigation on a reinforcement rammed wall
located in the Suoyang ancient city (Guazhou, China), under
which actual conditions indicated that it has been
strengthened and in order to avoid the loss of an ancient
cultural architecture (Figure 1). We are all known that the
currently conditions are the result of the restoration process
against the other walls in the ancient city. While, there are
ruins of the wall at different degrees of erosion damage. As
the government departments pay more and more attention
to the protection of cultural relics, strengthened cultural
relics are processing. The wall is trapezoidal in cross section
with two sides of about 6.5 m and 4.2 m; it is 10 m tall and the
thickness of the rammed layer is 0.1 m. The top surface of the
site is roughly terrace-shaped. Simplifying the actual situ-
ation can allow us to gain Figure 2. A trebling method is
revealed combining an accurate aerial survey based on
pictures processing, vibration testing, and FEM.

In the last decades, the possibility to conduct 3D surveys
of intricate and inaccessible constructions has become more
interesting for structural identification combining with the
development of aerial measurements [18, 19]. In the paper,
considerable amounts of images were taken by using un-
manned aerial vehicle (UAV), which is subsequently drawn
to make a 3D model. Furthermore, an ambient vibration test
has been carried out using nine high-sensitivity seismic
accelerometers. Measurements of velocity have been
recorded for estimating dynamical parameters, including
natural frequencies and mode shapes. The research is also
ongoing to adjust a suitable numerical model and to access
the positions and size of the maximum displacements of the
reinforced rammed wall.

2. Aerial Photographic Survey and the 3D
Model from UAV Technology

With the development of UAV technology, it is widely used
in field investigations, especially in dangerous or inaccessible
places [20]. Based on the high-resolution images provided by
UAV technology, the size of the wall and the structural
characteristics of the site provide the optimal case study for
conducting architectural and geometric measurements.
The configuration used in the experiment can be epit-
omized into four stages: operation planning, data acquisi-
tion, data processing, and postprocessing representations. A
considerable number of superimposed pictures can be ob-
tained from the drone flight. It is commonly believed that the
complete layout of the whole structure, the plan view, the
one elevation, and the lower side of the wall could be
generated from the datasets. Plotting the range of the flight
on the remote controller, the target level of accuracy
depended on the flight altitude, and as such, we must adjust
the flight height. The flight was carried out using a Phantom
4 manufactured by DJI, which flew at an altitude of 80 m.
Reducing the height can improve the accuracy, but it would
greatly increase the cost of image processing. Thus, we need
to take the height into account for processing costs. The
flight range is the continuous walls in the east of Suoyang
ancient city, and the object to be studied in the paper is a part
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FiGure 1: The reinforced site wall.

FIGURE 2: The simplified model of the wall.

of it. Therefore, it is necessary to intercept from them
(Figure 3).

3. Data Processing and Analysis

The dynamic characterization with reference to natural
frequencies and corresponding modes has carried out the
OMA using vibration response action under conditions by
virtue of classical measurements.

3.1. Experimental Procedures and Methods. The dynamic
response of the reinforced wall has been measured by using
nine uniaxial accelerometers. The INV 3060S intelligent
signal acquisition and processing system developed by
COINV were selected as the experimental equipment, and
the 941 B vibration pick-ups developed by Institute of En-
gineering Mechanics CEA were selected as the sensors. The
sensitivity of the sensor was 23 V-s/m. The 9 sensors were
divided into three groups; each group has 3 sensors in which
the two horizontal and one vertical direction were measured,
respectively. Placing three sets of vibration pick-ups in three
positions for the purpose of the identification of vertical,
horizontal, and torsional vibration modes, the sensors’ ar-
rangement is reported in Figure 4. There are three experi-
ments in the testing methodology, each recording 300 s time
series with a sample rate of 204.8 Hertz. Three sets of vi-
bration pick-ups were named as Al, 1, and 2. The one point
of Al has been installed in the bottom of the wall as a
reference system for the analysis, and the others were placed
on the top of the wall. Each point has three arrows
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direction wall

FIGURE 4: The sensors’ arrangements in the wall.

representing the three directions in which it is measured
(Figure 4). It should be noted that the red arrow is the
direction wall, the green arrow is the vertical wall, and the
yellow arrow is the vertical.

3.2. Data Processing: SSI and EFDD. The data obtained from
the sensors were processing by the stochastic subspace
identification (SSI) algorithm in the time domain and the
enhanced frequency domain decomposition (EFDD)
method for identifying the modal parameters [21, 22]. Since
the power spectral density spectrum estimated from the raw
velocity data and the corresponding references [23, 24], the
range of the frequencies should be below 10Hertz. The
ambition vibration data were processing to a cut-off fre-
quency of 10Hertz. Natural frequencies and vibration
modes of the reinforced wall were estimated by using the SSI
and EFDD. Figures 5(a) and 5(b) show the stability diagram
for the SSI and the singular values of the spectral matrices of
the testing for the EFDD, respectively.

The paper identified the frequencies and modes of the
first-three orders (Figure 6). As shown in Figure 5, the
frequencies identified by the stability diagram obtained by
the SSI method and the singular values obtained by the
EFDD method are basically the same (Table 1).

4. Results and Discussion

The experimental results in term of natural frequencies and
related modes have summarized in the previous section. The
numerical modelling of masonry structure has been inves-
tigated by many researchers [25, 26]. Meanwhile, the cloud
map is applied to analysis the mechanical properties, which

is widely used in masonry structures [27]. In the paper, the
simplified numerical model was determined by the aerial
survey carried out by direct method. The parameters with
the material properties were gained from reference [28]. Due
to the influence of historical and natural hazards, the ma-
terial itself is damaged to varying degrees and unknowable.
Hence, the parameters were acquired in the laboratory
(density and elastic modulus) which need to be modified. In
the study, the frequencies gained from the field test and the
frequency obtained by finite element analysis were com-
pared and analyzed. The final material property parameters
(density and elastic modulus) were taken from combining
specific formulas for calculation [29]. Figure 7 shows the
results of the numerical modal analysis. The comparison
between the results in Figures 6 and 7 revealed a good
consistency between the experiment and FEM. The same can
be seen when compared with the modes. The first two orders
of deformation appeared in the horizontal direction. The
first-order can be regarded as transverse bending, and the
second order can be considered as torsional deformation
occurring in the plane. The third order of deformation
occurred in the vertical direction. Meanwhile, the paper
reports on the results that the maximum displacements and
positions correspond to each of the three modes [30]. What
is interesting is that, in the maximum positions, the dis-
placements are the same, which are all near the left top of the
free surface, and the corresponding displacements are
0.071 mm, 0.077 mm, and 0.065 mm, respectively. As can be
seen from the figure, the first-three orders of modes’ vi-
bration are not complicated, due to the limitations of the
experimental equipment, and the OMA can only identify the
lower orders of modalities. The sensors were not positioned
on either side of the top surface; therefore, the torsional
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FIGURE 5: The pictures with two different techniques. (a) Stability diagram for SSI. (b) Singular value for EFDD.

(a) (®) (©

FIGURE 6: Experimental frequencies and vibration modes. (a) First-order transverse bending, f; = 3.626 Hz, and damp = 0.861%. (b) Second-
order left and right torsion, f,=5.018 Hz, and damp =0.416%. (c) Third-order vertical bending, f;=6.372 Hz, and damp =1.876%.

TaBLE 1: The frequencies and damping for the research.

SSI EFDD Mean
Modes (#)
Freq (Hz) Damp (%) Freq (Hz) Damp (%) Freq (Hz) Damp (%)
1 3.629 1.19 3.624 0.532 3.626 0.861
5.012 0.82 5.024 0.012 5.018 0.416
3 6.251 1.52 6.493 2.232 6.372 1.876

(a) (b) ()

FIGURE 7: Numerical frequencies and vibration modes. (a) First-order transverse bending, firrm = 3.34 Hz, (b) second-order left and right
torsion, frrpm = 5.417 Hz, and (c) third-order vertical bending, fsppm =6.098 Hz.

modes in the vertical direction were not identified. In fact,  obtained from the UAV flight was applied to be built as
there are higher order torsional modes in the vertical di-  accurate as possible. Because the modelling built in the paper
rection, as evidenced by the FEM results. The 3D model  is regular, there are some slight differences in details from
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the actual one, such as the existence of a partial gap at the top
of the wall which is neglected in the finite element model.
More importantly, the wall is more nonuniform and non-
homogeneous on account of the effects of historical and
natural disasters. This could explain the discrepancies be-
tween the experimental and FEM analyses.

5. Conclusion

Based on the results and discussion presented above, the
conclusions are obtained as below:

(1) It is presented by applying the UAV technology to
the research object, and the classical test was per-
formed by using high-sensitivity sensors. The vi-
bration tests were attempted both to compare
effectiveness of different techniques (SSI and EFDD)
on such constructions and to conduct the dynamic
structural identification.

(2) An elementary comparison between the simplified
numerical FEM and the OMA results demonstrated
that we need to take the changes in material pa-
rameters caused by the damage against the structural
system into account.

(3) The experimental tests will be reported with the
structural unreinforced for the purpose of investi-
gating the change of the dynamic properties between
the reinforced wall and the unreinforced. This will
give us a significant amount of useful information on
the seismic effect for the reinforced wall.
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Explosion overpressure and its duration are important parameters describing blast loading. However, their values obtained using
the currently available methods differ significantly. To address this problem, we simulated the overpressure reflection coefficient
(i.e., the ratio of reflection overpressure to incident overpressure) and fitted the analytical expressions to the test data. We then
collected a large amount of theoretical and experimental blast loading data from literature and studied the probability distribution
of blast loading for different scaled distances. The results show that the probability density function of explosion overpressure
obeys an exponential distribution when the scaled distance is between 0.1 m/kg"? and 0.5 m/kg'”. On the other hand, it obeys a
normal distribution when the scaled distance is greater than 0.5 m/kg">. The coefficient of variation reaches the maximum value
of 1 when the scaled distance is between 0.1 m/kg"”? and 0.5 m/kg'”?, while it is between 0.13 and 0.2 when the scaled distance is
from 1.5 m/kg'® to 6 m/kg"?. The coefficient of variation of reflected overpressure is slightly bigger than that of incident
overpressure. Nevertheless, the coefficient of variation of proportional duration (i.e., the ratio of actual duration to cubic root of
charge mass) is generally smaller, between 0.408 and 1.017. It was also found that there is no clear probability distribution for the
blast loading duration. Finally, formulas for the explosion overpressure and proportional duration were determined together with

their 95% confidence level bounds.

1. Introduction

With the continuous occurrence of terrorist attacks and
accidental explosions, the research on blast resistance of
building structures has become an important topic in civil
engineering. Especially since the 9/11 incident, a significant
amount of research has been carried out worldwide on blast
resistance of building structures, including blast loading,
structural dynamic response, failure modes, simplified cal-
culation methods, blast resistance analysis methods, and
blast resistance reinforcement measures. This led to for-
mulating important guidelines for the blast resistance of
engineering structures.

The accuracy of blast loading estimation directly affects
the results of blast resistant design and is, therefore, the core
consideration. A significant amount of research on the blast
loading itself has been conducted, and relevant specifications
have been formulated to provide efficient guidance for blast
resistant design of structures. These guidelines include
Fundamentals of Protective Design for Conventional
Weapons TM5-855-1 [1], Structures to Resist the Effects of
Accidental Explosion TM5-1300 [2], Design of Buildings to
Resist Progressive Collapse UFC3-340-02 [3], Design and
Assessment of Buildings Subjected to Blast Loads CSA/S850-
12 [4], China National Standards Blasting Safety Regulations
GB6722-2014 [5], and Code for Design of Civil Air Defense
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Basement (GB50038-2005) [6]. These standards and speci-
fications summarize theoretical research results and ex-
perimental data of blast loading in the form of formulas and
graphs, which are widely used in blast resistant design and
analysis.

Although calculation methods for blast loading are
given in these specifications, the load values vary consid-
erably, even by an order of magnitude, which makes
selecting a design load calculation method challenging.
Thus, probabilistic models of blast loading calibrated using
experimental data were proposed to account for the un-
certainty. Low et al. [7] performed a statistical analysis of
eight commonly used blast loading determination methods
(including theoretical formulas, empirical methods, and
experimental data) and found that when the scaled distance
was in the range of 0.24-40 m/kg'”, the average coefficients
of variation of overpressure and its duration were 0.3227
and 0.130, respectively. Bogosian et al. [8] found that the
coeflicient of variation of overpressure was 0.24 when the
scaled distance was in the range of 1.2-23.8 m/kg'”. Li et al.
[9-11] established a relationship between the average value,
standard value, and coefficient of variation of the reflected
overpressure and the scaled distance from a statistical
analysis of 77 samples of blast loading data and applied
them to the reliability analysis of steel beams. The obtained
formulas for the reflection overpressure and its duration
used a 90% confidence level and can be used for the cal-
culation of blast loading values in building structural de-
sign. Thus, these results provided a good reference for the
determination of loads in blast resistant design of building
structures.

In the previous studies, the mean or variance of blast
loading was calculated directly from discrete random
data, or the blast loading parameter variables were as-
sumed to obey a normal distribution. The experimental
values corresponding to different scaled distances were
interpolated from small experimental samples. The re-
flection overpressure was also directly obtained from the
incident overpressure using a theoretical formula without
considering the actual changes in the reflection coefficient
(the ratio of reflection overpressure to incident over-
pressure) [12]. Because of these shortcomings, in this
paper, the relevant blast resistance specifications, theo-
retical formulas, and experimental datasets on the ex-
plosion overpressure and its duration are reviewed. The
reflection overpressure is determined using the reflection
coeflicient obtained experimentally. The measured blast
impulse is converted into an equivalent triangle impulse.
From the overpressure and proportional duration (i.e.,
the ratio of actual duration to cubic root of charge mass)
data and histograms for different scaled distances,
probability distribution for the explosion overpressure
and proportional duration for different scaled distances
are determined and validated. The maximum likelihood
estimators of the overpressure parameters are obtained
and their variations are analyzed. Finally, formulas and
confidence intervals for the incident overpressure, re-
flected overpressure, and proportional duration are
given.

Shock and Vibration

2. Blast Loading Characteristics

Explosions produce extremely high-pressure and high-
temperature gases. As their volume expands rapidly, air
shock waves are formed in front of the compressed gas. The
overpressure is a part of the shock wave pressure exceeding
the ambient air pressure. The overpressure value decays
rapidly with time. When the pressure drops below the
ambient air pressure, a negative pressure zone is formed. The
overpressure attenuation curve of a typical shock wave is
shown in Figure 1. In structural blast resistant design, this
negative pressure is often ignored; thus, the main relevant
physical parameters are the positive overpressure, its du-
ration, and impulse of blast loading. The common expo-
nential attenuation function is as follows:

P(t) = PZ(l —%)e_(tm. (1)

In the formula, P} is the peak value of positive over-
pressure, T* is the duration of positive overpressure, and ( is
the attenuation coefficient.

In engineering applications, to simplify the calcula-
tions, the overpressure attenuation curve is often sim-
plified as an equivalent descending triangular model
[1, 2, 13, 14], as shown in Figure 2. The equivalent tri-
angular loads have the same overpressure peak value, but
different simplifications of their duration are adopted
according to the expected time of the maximum response
of the structure considered as follows: when the maximum
response of the structure or component occurs at an early
stage of the overpressure application, it is assumed that
the slope of the triangular loads is tangent to the actual
overpressure curve, and the equivalent action duration is
denoted as T,,. This method is often used for long ex-
plosion relative to the time of the maximum structural
response. When the maximum response of the structure
or component occurs after the overpressure drops to zero,
it is necessary to ensure that the triangular impulse is
consistent with the actual overpressure impulse. The
equivalent action time is denoted as T ,, and this method
is often used for short explosion relative to the time of the
maximum structural response. For the intermediate cases,
it is assumed that the triangular impulse passes through
P?/2 of the actual overpressure time history plot to cal-
culate the duration T ;. For the commonly used advanced
explosives, the second simplified method for obtaining the
equivalent impulse is often used because the overpressure
action time is often very short compared to the relative
time of structural response.

3. Explosion Overpressure Study

3.1. Theoretical Overpressure Data. A large number of re-
searchers, including Brode [15-17], Henrych [18, 19], Mills
[12], Kinney [20], and Newmark [21], studied the shock
wave overpressure and derived formulas by introducing
empirical coefficients under ideal air explosion conditions.
However, there are still significant differences among the
different formulas, especially close to the explosion center, as
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shown in Figure 3. Therefore, this study examined as many
as 17 commonly used explosion overpressure formulas, as
shown in (2)-(18). Of them, (2)-(17) can be used to directly
calculate the incident overpressure, and (18) can be used to
directly calculate the reflected overpressure.

Kinney et al. [20] gave the formula for calculating peak
incident overpressure (Mpa) under free air explosion as
follows:

808 [1 + (Z/4.5)2]

air B [1 + (Z/0.048)2] [1 + (Z/0'32)2] [1 N (2/1.35)2]- (2)

Py
p

Henrych et al. [18, 19] gave the expression of incident
overpressure peak (bar) for ideal air explosion based on the
experimental method as follows:

14.0717 5.5397 0.3572 0.00625
+ = 5+ +— 005<7Z<03,
Z VA VA Z
6.1938 0.3262 2.1324
Py=q - ot 03<Z<1,
0.662 . 4.05 N 3.288 1<7<10
z 72 7 T
(3)

Baker et al. [22] gave the expression of incident over-
pressure peak (MPa) for ideal air explosion as follows:

100000
10000 -
1000
100 4

10

overpressure (MPa)

scale distance (m/vkg)

—— Mills
—o— Brode
—e— Kinney

—A— Henrych
—o— Newmark

F1GURE 3: Comparison results of different overpressure formulas.

2.006 0.194 0.004
+ - >

zZ 7? 73
P() = (4)
0.067 . 0.301 ) 0.431

Z z? 73

0.05<Z2<0.5,

, 1<z<1o0.

Wu and How [23] gave the expression of incident
overpressure peak (MPa) during the ground explosion as
follows:

1.059
F—O.OSI, 0.1<z<1,
Po = (5)
1.008
W’ 1<Z<10.

Naumyenko et al. [19, 24, 25] gave the expression of
incident overpressure peak (bar) under ideal air explosion
according to the model similarity theory and determined the
coefficients by experimental method. Among them, the first
equation is obtained by Naumyenko and Petrovsky, and the
second equation is derived by Sadovskii. The specific cal-
culation expression is as follows:

10.7
7—1, Z<1,
Po= (6)
0.76+2.55+6.5 1<7<15
z 7 T

Brode [15-17] gave the expression of incident over-
pressure peak (bar) for ideal air explosion by using similar
model theory as follows:

6.7
- +1, P, > 10bar,
P, = (7)
0.975 1.455 5.85
T+7+7—0.019, 0.1bar < P, < 10bar.



Mills [12] combined the similarity theory and numerical
simulation and gave the expression of incident overpressure
peak (MPa) for ideal air explosion as follows:

~0.108 0.114 N 1.772
0~ VA ZZ Z3 :

(8)

Ye [26] gave the expression of incident overpressure
peak (MPa) for ideal air explosion as follows:

~0.084 027 0.7

PO 7 +7+?.

(9)
The expression of incident overpressure peak (bar) for
explosive ground explosion provided in Chinese National
Standard Blasting Safety Regulations [5] is as follows:
= 1'06+4'3+ 14 H <0.35,1<Z<10~15. (10)
0T Tty qw st isas0m
The expression of incident overpressure peak (MPa) for
explosive ground explosion provided in the National Standard
Code for Design of Civil Air Defense Basement [6] is as follows:

0.369 1.316
PO = W + 7 (11)
The expression of incident overpressure peak (MPa) for
ground explosion proposed by Newmark and Hansen [21] is
as follows:

0.294 0.6784
0= 15 T

Z 73

: (12)

P 8.9973 — 2.6077InZ — 0.5045In>Z — 0.0588In>Z,
n =
" | 9.7457 — 4.7276InZ + 1.1734In>Z — 0.1337In° Z,

It can be seen that there is a very limited number of
theoretical or empirical formulas for the reflection over-
pressure; thus, more reflection overpressure data need to be
obtained using the reflection coefficient and the incident
overpressure. Mills proposed a theoretical expression for the
reflection coeflicient, as shown in (19). In the US Military
Protection Technology Manual TM5-855-1 [1], the variation
of reflection coefficient with the incident angle is considered
(Figure 4). A comparison of the reflection coefficients ob-
tained by (19) and Figure 4 is shown in Figure 5 for the
vertical incident angle (0°). Figure 5 shows that when the
incident overpressure is small, the theoretical and experi-
mental reflection coefficients are equal. However, when the
incident overpressure is large, the maximum experimental
reflection coeflicient is 13.2, which is much larger than the
theoretical value of 8. Therefore, when the reflection over-
pressure is calculated using the incident overpressure and
the reflection coefficient, the reflection coefficient should be
determined according to the experimental value. To obtain
the experimental reflection coefficient conveniently for the
case of vertical incidence, a formula for the reflection co-
efficient, y, for different overpressures obtained by fitting
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Siddiqui [27] Ahmad [28], and Igbal [29] gave the ex-
pressions of incident overpressure peak (MPa) for ground
explosion based on experimental data as follows:

Py=1.017-27"", 1<z<12, (13)
Py =2.46-2>%, (14)
Py=1.026-2"", 1<z<12 (15)

The expression of incident overpressure peak (KPa) of
air explosion given in the US military protection technology
manual TM5-855-1 [1] is as follows:

395 105 4120

0=t 2<Po<160,352<20. (16)

Held et al. [30] gave the expression of incident over-
pressure peak (MPa) in air explosion based on theoretical

analysis as follows:
Py=A-Z7% 06<A<6A
=2

IN

(17)

The expression of reflection overpressure peak (KPa)
for ground explosions given in the Canadian specification
CSA/S 850-12 [4] is as follows:

0.06 < Z<1.95,
1.95< Z < 39.67.

(18)

experimental data is shown in (20), and the regression
coefficient is 0.9871, as shown in the imaginary line in
Figure 5. Thus, the relationship formula equation (21) be-
tween the reflection overpressure and the incident over-
pressure is obtained.

7Py, + 4P
P, =2P 2 PO, (19)
air T £o
u = 53104 - Py*° (MPa), (20)
P, =uP
r Uy (21)

=5.3104 - Py>*° (MPa).

3.2. Experimental Overpressure Data. Several researchers
have carried out field blast resistant tests. The test data
gathered will help to analyze the explosion overpressure
more accurately. In this study, 125 reliable explosion
overpressure experimental datasets were collected from
literature. The data cover the charge mass from 30 g to 50 kg,
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and the scaled distance from 0.295 to 55 m/kg"”?, as shown
in Table 1. It can be seen from the table that the blast loading
is sensitive to the environmental factors, and the over-
pressure values obtained by multiple tests under the same
conditions are different. The explosion distances in the tests
were relatively small, mostly within 5m, which was mainly
because of the small equivalent explosive masses and desire
to reduce the influence of environmental factors. At the
same time, considering the stability and accessibility of
explosives, some tests used ANFO explosives (equivalent
coeflicient of 0.82), emulsion explosives (0.71), Composite
C-4 (1.37), and Gelamon VF80 (0.8), rather than TNT ex-
plosives, which also increased the variability of the test data.
In some tests, the charge was placed at a certain height from
the ground, and the reflection of the shock wave oft the
ground also affected the overpressure. In some tests, the
charge shape was nonspherical or irregular, especially when
the equivalent explosive mass was small, which had some
influence on the overpressure. Therefore, for the

experimental explosion data listed in Table 1, the above
factors cannot be completely avoided, and these differences
are also important factors leading to explosion overpressure
uncertainty.

In the collected experimental datasets, there are both
vertical and nonvertical incidence cases. However, for the
sake of consistency, only the vertical incidence cases were
retained for analysis. Furthermore, some datasets had only
the incident overpressure samples, some had only the re-
flected overpressure samples, and only 11 datasets had both
the incident and the reflected overpressure. For the same
batch of tests, 22 datasets exhibited significant differences
and were excluded from the subsequent analysis. Eventually,
a total of 103 datasets were used.

The existing formulas for the incident explosion over-
pressure (2)-(18) have the general forms as shown in (22)
and (23). In each formula, there are three undetermined
coefficients. Equation (22) is obtained from the mechanical
explosion theory and its correlation coefficient is determined
by experiments. This method has been more widely applied
in the existing formula for the incident overpressure.
Equation (23) is obtained by fitting the experimental data,
and it also has certain applications. Therefore, the reflection
coefficient formula (20) and the incident overpressure
formula (22) can be used together to gain the overpressure
data under certain scaled distance, which provides statistical
samples for analyzing the probability distribution of the
explosion overpressure.

a b c

pO =z+?+?,

(22)

Py=d-Z°+ f. (23)

3.3. Overpressure Probability Distribution. Using the ex-
plosion overpressure data, histograms corresponding to
different blast scaled distances were drawn. In addition to
the distribution characteristics observed in the histograms,
the K-S and Lilliefors goodness-of-fit tests of overpressure
probability distribution for different scaled distances were
carried out. The results showed that when the scaled dis-
tance was less than 0.5 m/kg'?, the incident and reflected
overpressure both followed exponential distributions.
However, when the scaled distance was greater than
0.5 m/kg'”, the overpressure distributions were normal.
Using these probability distributions, the maximum like-
lihood estimates of the expectation and standard deviation
of the overpressure for different scaled distances were
calculated. Furthermore, the 95% confidence interval of the
overpressure was obtained, as shown in Tables 2 and 3.
Then, the probability density functions (exponential and
normal) of overpressure for different scaled distances were
drawn as shown in Figures 6 and 7. It can be seen from
Tables 2 and 3 that when the scaled distance is small, the
standard deviation is the largest, and thus the overpressure
distribution is wider.

To compare the dispersion degree of the incident and
reflected overpressure for different scaled distances, the
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TaBLE 2: Maximum likelihood estimate of expectation and standard deviation for incident overpressure.
Scaled distance (m/kg'"?) 0.100 0.300 0.407 0.459 0.638 0.770 1.000
Expectation (MPa) 440.4414 20.3322 7.702 6.0207 3.1478 1.7251 0.9203
) 273.1539 12.8046 5.1916 3.9815 2.6001 1.4177 0.8079
Expected confidence interval (MPa) 827.1854 37.1902 12.6091 10.1586 3.6955 2.0325 1.0327
Standard deviation (MPa) 440.4414 20.3322 7.702 6.0207 1.2032 0.5769 0.2661
Scaled distance (m/kg'?) 1.140 1.500 1.540 1.600 1.820 1.930 2.280
Expectation (MPa) 0.7078 0.354 0.3541 0.3144 0.2306 0.2012 0.1403
. 0.6328 0.3196 0.3299 0.2855 0.2142 0.1853 0.1312
Expected confidence interval (MPa) 0.7828 0.3884 0.3783 0.3433 0.247 02171 0.1494
Standard deviation (MPa) 0.1776 0.0833 0.0636 0.0617 0.037 0.0319 0.0183
Scaled distance (m/kg'"?) 3.880 4.030 5.000 8.000 10.000 11.700 15.000
Expectation (MPa) 0.0487 0.045 0.0299 0.0134 0.0096 0.0074 0.0056
. 0.0447 0.0415 0.0277 0.0119 0.0081 0.006 0.004
Expected confidence interval (MPa) 0.0527 0.0485 0.032 0.0148 0.0111 0.0088 0.0072
Standard deviation (MPa) 0.008 0.007 0.0042 0.0028 0.0027 0.0024 0.0022
TaBLE 3: Maximum likelihood estimate of expectation and standard deviation for reflection overpressure.
Scaled distance (m/kg'?) 0.100 0.300 0.407 0.459 0.638 0.770 1.000
Expectation (MPa) 11577.00 236.9497 70.2371 51.2193 22.3138 10.5674 4.8446
Expected confidence interval (MPa) 7180 149.2234 47.3442 33.8719 17.4063 8.2035 4.093
P 21742 433.4107 114.9871 86.4223 27.2214 12.9312 5.5962
Standard deviation (MPa) 11577.00 236.9497 70.2371 51.2193 10.7812 4.4361 1.7799
Scaled distance (m/kg'?) 1.140 1.500 1.540 1.600 1.820 1.930 2.280
Expectation (MPa) 3.494 1.483 1.4789 1.2777 0.8698 0.7349 0.4701
) 3.0308 1.3041 1.3542 1.132 0.7934 0.6634 0.4328
Expected confidence interval (MPa) 3.9571 1.6618 1.6036 1.4233 0.9463 0.8064 0.5074
Standard deviation (MPa) 1.0968 0.4333 0.3279 0.3112 0.1724 0.1438 0.0751
Scaled distance (m/kg'?) 3.880 4.030 5.000 8.000 10.000 11.700 15.000
Expectation (MPa) 0.1274 0.1155 0.0695 0.0258 0.0172 0.0126 0.0089
) 0.1142 0.1043 0.0634 0.0225 0.014 0.0098 0.006
Expected confidence interval (MPa) 0.1405 0.1268 0.0756 0.0292 0.0205 0.0154 0.0118
Standard deviation (MPa) 0.0264 0.0227 0.0118 0.0065 0.0056 0.0048 0.0041
15 16 T T
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coefficients of variation of overpressure distribution were
obtained from the expectations and standard deviations in
Tables 2 and 3, as shown in Figure 8. It can be seen from
Figure 8 that when the scaled distance was less than
0.5 m/kg'”, the coefficient of variation of overpressure
reached the maximum value of 1, which is constant of the
exponential distribution. When the scaled distance was
about 1.5-6 m/kg'”, the coefficient of variation was small
due to more experimental data. In the range
0.13-0.2 m/kgl/ 3, the coefficient of variation of the reflection
overpressure was slightly larger than that of the incident
overpressure.

3.4. Determination of Overpressure Formula. Using the
maximum likelihood estimations of the overpressure
expectations shown in Tables 2 and 3, the relationships
between the upper and lower 95% confidence limits of the
incident and reflected overpressure and the scaled dis-
tance can be obtained, as shown in Figures 9 and 10,
respectively. Since the overpressure values for different
scaled distances varied considerably, the scaled distances
are plotted in three sections. It can be seen from the figure
that the smaller the scaled distance, the more dispersed
the overpressure distribution. A polynomial was fitted to
the natural logarithm of the scaled distance and over-
pressure data using the least square method. As shown in
Figures 11 and 12, the regression coeflicients of the fitted
curves of the incident and the reflected overpressure are
greater than 0.99.

Finally, the formula for calculating incidence over-
pressure is as follows:

InP, = 0.1583In°Z — 2.342InZ — 0.0977. (24)

The upper and lower limits of 95% confidence interval
for incidence overpressure are calculated as follows:

InP, = 0.2149In>Z — 2.4867InZ + 0.0711 (upper.limit),
(25)

InP, = 0.11111n*Z — 2.2428InZ — 0.2506 (lower.limit).
(26)

Similarly, the formula for calculating reflection over-
pressure is as follows:

InP, = 0.2087In*Z — 2.9263InZ + 1.5647. (27)
The upper and lower limits of 95% confidence interval
for reflection overpressure are calculated as follows:

InP, = 0.2643In’Z — 3.0652InZ + 1.7512 (upper.limit), (28)

InP, = 0.162In>Z — 2.8339InZ + 1.3898 (lower.limit).
(29)

In practical engineering applications, the recommended
values of incident and reflected overpressure are calculated
using (24) and (27), respectively. When there is sufficient
experience supported by data, (25), (26), (28), and (29) can

be used as the 95% confidence upper and lower limits of the
overpressures under such conditions. It should be noted that
when the scaled distance is very small (<0.1 m/kg'?), the
explosion overpressures should be determined from special
studies on the proximity or contact explosion.

4. Explosion Duration Study

4.1. Theoretical Duration Data. Duration is another im-
portant parameter of blast loading, and different formulas
were proposed using theoretical derivations and experi-
mental data, as shown in (30)-(39). The relationships be-
tween the blast loading and time use either the actual
exponential form (Figure 1) or simplified triangular form
(Figure 2). The Code for Design of Civil Air Defense
Basement [6], Held [30], and Canadian specification CSA/
S850-12 [4] all use triangular form, while some other sources
use the exponential form. In the statistics of theoretical data,
the most used Conwep program calculation results are in-
cluded. Then, taking 25 kg and 50 kg explosive equivalents as
examples, the relationships between the duration and scaled
distance for different explosive equivalents are shown in
Figure 13. It can be seen that the overpressure durations for
the different conditions are also quite different; thus, it is
necessary to carry out statistical analysis on the duration of
blast loading. It can be seen from the formulas that the
duration, t, is mainly related to the explosive equivalent and
scaled distance. Using the similarity rate, the functional
relationship between parameter t/v/W and the scaled dis-
tance can be obtained, and the statistical characteristics of
the blast loading duration will be subsequently studied using
this parameter.

For high-explosive TNT, Henrych [18, 19] obtained the
calculation formula of overpressure duration for air ex-
plosion according to the experimental research work as
follows:

t
s 0.107 + 0.444Z + 0.264Z* — 0.1292°
(30)
+0.03342", 0.05<Z< 3(%)
kg

Sadovskii [25] gave the calculation formula of explosion
overpressure duration under the condition of air explosion
as follows:

%/LW = B@W(%). (31)

For coefficient B, Naumyenko [24] recommended 1.0,
Pokrovskii [48] considered 1.3, and Baum [49] gave 1.5.

According to Yang et al. [50], through the numerical
simulation results of parameter analysis and fitting, the
relationship of positive overpressure duration is as follows:

t = 0.0799462"% (ascent) o)
32
+0.71673Z"** W3¢ (downcomer) (ms).
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In the process of data calculation, the formula has serious
deviation when the scaled distance is large, so only the scaled
distance less than 3 m/kg"? is considered.

In the China Code for the Design of Civil Air Defense
Basement [6], the suggested overpressure duration formula

for the ground explosion is as follows:

ot 04
\S/W_\/P_r, (33)

where P, is reflected overpressure, the unit is MPa, the unit
of t is ms, and the unit of w is kg.

The calculation formula (triangular load) of incident
overpressure and incident impulse of spherical explosive for
air explosion given by Held [30] is as follows:

2
P, = ?, (34)
i, 300
= 35
A (35)
The duration after conversion is as follows:
t
—=0.3Z. 36
“3/W ( )
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FIGURE 13: Relationship between duration and scaled distance under

Explosive equivalent 50 kg.

In the equation, the unit of t is ms, the unit of w is kg, the
unit of Py is MPa, and the unit of i, is Pa-s.

Wu and Hao [23] suggested using Henrych’ s research
results and giving the formula for calculating the over-
pressure duration of air explosions as follows:

t =1.92" (ascent) + 0.5Z2°7*W** (downcomer) (ms).
(37)

Sui [51] obtained the calculation formula of duration
according to explosion similarity law as follows:

t
W
Canadian specification CSA/S 850-12 [4] gives the cal-
culation formula of reflection overpressure and reflection
impulse when the ground explosion occurs. Thus, the du-
ration of overpressure can be inversely calculated. Among

them, the calculation formula of reflection impulse is as
follows:

=1.35VZ, R>12R,. (38)

ir 2
=6.7853 — 1.3466InZ + 0.1010In"Z
W

In

(39)

~0.0112In°Z, 0.06< Z < 39.67.

The unit of i, is KPa-ms.

4.2. Experimental Duration Data. Similar to the experi-
mental overpressure data, 125 datasets were collected. The

(b)

1/3)

Held

- WU

scaling law
CSA/S 850-12
Conwep

different explosive equivalents. (a) Explosive equivalent 25kg. (b)

experimental data related to the blast loading duration are
shown in Table 4. Only 87 datasets were useable. In the
experiments, the measured load duration is the total du-
ration of exponentially declining overpressure. To facilitate
statistical comparisons, all durations were converted into
triangular durations form. The conversion principle was that
the positive impulse and overpressure peak value of the
exponential blast loading and triangular blast loading were
consistent. It can be seen from Table 4 that, under the same
conditions, the duration of blast loading has high
discreteness.

By analyzing the theoretical duration formulas
(30)-(39), it was found that, unlike the formulas of over-
pressure, the ratio of duration to the cube root of charge
mass (i.e., the proportional time) was only related to the
single parameter of scaled distance. Therefore, the data from
theoretical calculations and experimentally measured data
were changed into the proportional time data, and the re-
lationship between the proportional time and the scaled
distance was studied to determine the probability distri-
bution of duration.

4.3. Duration Probability Distribution and Formula
Derivation. Using the explosion overpressure duration data,
the histograms of the proportional time (¢/v/W) for different
scaled distances were drawn, as shown in Figure 14.
Combined with the distribution characteristics of the du-
ration histograms, the K-S and Lilliefors goodness-of-fit tests
of proportional time probability distributions for different
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FIGURE 14: Duration histogram under different scaled distance. (a) Scale distance (Z=0.407). (b) Scale distance (Z=0.638). (c) Scale

distance (Z=1.500). (d) Scale distance (Z=1.827).

scaled distances were carried out. The results showed that the
proportional times for different scaled distances differed
considerably and no specific probability distribution was
acceptable. Therefore, the statistical data of proportional
time for different scaled distances were used directly. The
relationship between the proportional time and the scaled
distance can be obtained by the least square method, as
shown in Figure 15.

The function formula of proportional time with scaled
distance is as follows:

¢ 3 2
—— = 0.12821Z" - 0.49254Z" + 1.0219Z — 0.01744. 40
W (40)

The curve formulas corresponding to the upper and
lower limits of 95% confidence interval are as follows:

t
=0.09964Z> — 0.398687° + 0.9184Z

5

—0.09867 (upper.limit), (41)

=0.15755Z> — 0.58869Z° + 1.128267Z

-

+ 0.06295 (lower.Limit).

To compare the dispersion degree of the proportional
time for different scaled distances, the coefficient of variation
of the proportional time was calculated, as shown in Fig-
ure 16. As can be seen from Figure 16, for different scaled
distances, the coefficients of variation of the proportional
time were overall small, between 0.408 and 1.017. The
variability becomes smaller with the increase in scaled
distance. At the same time, the formula for the proportional
time as a function of the scaled distance was highly reliable.
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5. Conclusions (3) When the scaled distance was less than 0.5 m/kgl/ 3

By analyzing a large amount of blast loading experimental
and theoretical data, the probability distribution of blast
loading was studied. The main conclusions are as follows:

(1) Blast loading test data were affected by factors such
as explosive type, equivalent mass and shape, and test
environment. Both the overpressure and load du-
ration varied. The experiments mostly used small

equivalent explosives. The scaled distance was mostly
13

the probability density of explosion overpressure
followed an exponential distribution, and the coet-
ficient of variation of overpressure reached the
maximum value of 1. When the scaled distance was
greater than 0.5 m/kg'”, the probability density of
explosion overpressure followed a normal distribu-
tion. When the scaled distance was about
1.5-6 m/kg'"”, the coefficient of variation was small,
between 0.13 and 0.2.

concentrated in the range of 0.4-2.0 m/kg ™. (4) For different scaled distances, no specific probability

(2) A formula for the reflection coefficient was proposed
by curve fitting to the vertical incidence data, and
then a formula for the reflection overpressure using
the incident overpressure was obtained.

distribution function for the proportional duration
could be selected, but the coeflicient of variation of
the proportional duration was relatively small, be-
tween 0.408 and 1.017.
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(5) Using the data of explosion overpressure and pro-
portional duration for different scaled distances, the
formulas for the explosion overpressure and pro-
portional duration and the 95% confidence upper
and lower limit formulas were derived.
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The strike between flying birds and airplanes results in the unacceptable losses of aircraft structures. The normal approach to
evaluate the bird impact resistance is the combined full-scale experimental-numerical study. However, the simulation results from
the current available bird constitutive models are usually not in good agreement with the experimental data. Establishing a
reasonable bird constitutive model is difficult and significant to the simulation of the bird striking process. In this paper, based on
the displacement measurements of an aluminum plate subjected to soft body impact, an inversion of the bird constitutive model is
conducted by using backpropagation (BP) neural network. A comparative evaluation of this inversion model and other con-
stitutive models is carried out, indicating that the proposed inversion model is more reasonable.

1. Introduction

The strike between flying birds and airplanes frequently
results in catastrophic damage to the aircraft. According to
the International Bird Strike Committee, 55 fatal accidents,
in which 108 aircraft were damaged and 277 people died,
were reported between 1912 and 2009 [1]. The serious events
of birds striking can lead to an unacceptable loss of aircraft
and the death of crewmembers. In early studies, the common
method to determine the capability against bird strikes is to
carry out a full-scale bird-strike experiment [2]. However,
varijous uncertainties may lead to diversities of experiments,
and the experiments cost much. The development of ad-
vanced numerical techniques and computing technologies
makes it possible to perform the coupling analysis and
simulate the whole process of bird strike problems. How-
ever, the numerical results of current models are not in good
agreement with the experimental data. Establishing a rea-
sonable bird constitutive model is significant to the finite
element analysis of bird strikes on aircraft structures.

The anatomic structure of birds includes several internal
cavities like pneumatic bones, lungs, and peculiar air sacs,

which is a complex nonlinear system. Moreover, the iden-
tification of a bird constitutive model and the corresponding
material parameters is difficult. Several authors used an
elastic-plastic bird constitutive model with a defined failure
strain [3-5], while others highlighted the limitations of this
simplified material law [6]. It was observed that no fluid-like
flow response can be achieved with such an elastic-plastic
model, only if the shear modulus G is set very low [7]. In Ref.
[8] a rubber-like hyper-elastic Mooney-Rivlin model was
adopted to simulate the bird’s behavior. A more common
method is an equation of state (EoS) for the bird constitutive
model, by defining the pressure-volume relationship with
parameters of water at room temperature. A polynomial
form of the EoS and a simpler Murnaghan EoS were used in
most studies [2, 9-14]. A further approach of the Griineisen
EoS was adopted in Refs. [15, 16]. However, in Ref. [17] it
was reported that the Griineisen EoS is only valid for solid
materials that remained in the solid-state during the impact
process and should therefore be carefully used for bird strike
simulations and the usage of Griineisen EoS dependent on
the finite element code, since there are only a few of the
abovementioned algorithms available in most commercial
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software codes. The material constants of all EoS have to be
defined, which cannot be measured directly.

A regular technique is the parameter calibrations, for
example, the elastic, elastic-plastic, or nonrevolving flow
model is assumed to be the bird constitute model, and then
the plate response during the bird-plate impact experiment
is used to confirm the parameters of the constitutive model.
This methodology was performed in studies such as [16, 18]
using optimization software to determine the parameters in
conjunction with bird strike experiments on instrumented
plates. Nishikawa et al. [19] impacted gelatin birds on rigid
targets and confirmed that the deformation of the bird
model did behave like fluid and numerical simulation results
correlated well with experiment data.

In recent years, the artificial neural network (ANN) has
provided a fundamentally practical and powerful approach
to material modeling. The basic advantage of ANN is that it
does not explicitly need physical knowledge of the defor-
mation mechanism and mathematical model. Darryl et al.
[20] used a contact algorithm based on the Lagrange
multiplier method to predict appropriate impact force, this
method solved the severe contact-induced deformation due
to a large contact force and highly deformable projectile.
Previous studies usually adopted the Lagrangian formula-
tion to model bird strikes. However, due to element in-
stability, refining mesh elements and narrowing the time-
step method had to be used to alleviate the problem, to solve
this problem, nowadays more researchers use arbitrary
Lagrange-Euler (ALE) [19, 21-23] and smoothed particle
hydrodynamics (SPH) [19, 24-27] method in bird strike
problems [25]. However, there are few reports about the
application of ANN to model the bird constitutive model by
using SPH Formulation during the impact process. In this
paper, based on the displacement measurement results of
bird impact on the aluminum plate, an ANN model with an
error backpropagation learning algorithm has been applied
to an inversion on bird constitutive model parameters and
the parameters are obtained by inversion. The validity and
reliability of the inversion model are discussed. Further-
more, a comparative evaluation of three other constitutive
equations and the trained network model is carried out.

2. Introduction of BP Neural Network

The artificial neural network is an intelligent information-
treatment system with the characteristics of adaptive
learning and treating complex relationships [28]. An arti-
ficial neural network (ANN) consists of a large number of
highly connected artificial units (neurons or nodes). Each
neural network comprises an input layer, an output layer,
and one or more hidden layers, which are connected by the
processing units, as can be seen in Figure 1. The input layer is
used to receive data, while the output layer sends the output
values to users. The role of the hidden layer is to provide the
necessary complexity (which denotes to abstract the char-
acteristics of the input data to another dimension space to
show its more abstract features) for nonlinear problems. In
the present model, sigmoid functions are employed due to
the processing units for computational convenience.

Shock and Vibration

Input Layer Hidden Layer Output Layer

Fi1GURE 1: The architecture of the BP ANN model.

1

fO =3 exp (—x))

(1)

Among various types of ANN models, an iterative
gradient algorithm called backpropagation (BP) algorithm
is popular in the field in engineering applications and it is
used for the present work. The training of a network by
backpropagation involves three stages: the feedforward of
the input training pattern, the training and back-
propagation with the associated error, and the adjustment
of the weights. When the artificial neural network is
established for the soft body constitutive model, a feed-
forward backpropagation algorithm is selected to train the
network.

3. An Example

3.1. Flow of Soft Body Parameter Optimization. First of all,
determine the soft body parameters to be optimized, and
then according to the experience to determine the range of
parameters, the values determined according to the ex-
perimental data of the soft body impact aluminum sample
points. And then the sample parameters in LS-DYNA in
the calculation, can get aluminum midpoint displacement
curve of time, choose corresponding time point in the
experimental data of the displacement, training sample is
completed. After the improved BP neural network
training, the required soft body model parameters are
output and the stable network unit connection weights are
obtained. Then network training is carried out to obtain
the soft body model parameters. Lastly, the obtained
parameters are put into LS-DYNA for calculation, and the
calculation results are compared with the experimental
results. The flow chart of soft body parameter optimiza-
tion as shown in Figure 2.

3.2. Construction of Bird Body Constitutive Model.
Newtonian fluid is selected to describe the constitutive
model of the bird body, since the real bird body is a structure
with flesh and blood [29]. Newtonian fluid is a viscous fluid



Shock and Vibration

Determine the soft body parameters to be optimized

y

Determine the range of parameters value

A 4

Identify sample point

A 4

To caculate in LS-DNAY

h 4

The calculation results of sample points

A 4

Improved BP neural network training

v

Network training

To obtain the parameters of the soft body model

To caculate in LS-DNAY

l

Compare with the experimental results

FIGURE 2: Flow chart of soft body parameter optimization.

with a linear proportional relationship between shear stress
and deformation gradient, and its stress-strain relationship
is determined by the following equation:

0;; = =p6;j + DijiVij» (2)
where 0;; is the stress tensor, Vj; is the deformation rate
tensor, Djj is the viscosity coefficient tensor of fluid, and Pis
the static pressure. The term pdj; represents the state of stress
in the fluid at rest (when V;; = 0). Assume that static pressure
P depends on the density and temperature of the fluid
according to some equation of state. For Newtonian fluids,
we assume that the elements of the tensor D;j; can be
temperature-dependent and the stress or deformation rate is
independent. Tensor D;j is of order 4 with 3* =81 elements.

If the fluid is isotropic, that is, the tensor D;j; has the
same component matrix in any Cartesian rectangular sys-
tem, then Dy can be expressed by two independent con-
stants A and p as the following equation:

D;jg = A0;;01 + P‘(8ik5jl + 6il8jk)' (3)

Then,

3

Gij = _psij + lek(Sij + 2‘MV1] (4)
Combining equations

Ok = —3P + (3A + 2[4)ka (5)

If the mean normal stress 1/30y is assumed to be inde-
pendent of the volume expansion rate Vi, then there must be

31+ 2u = 0. (6)
Thus, the constitutive equation becomes
2
Gij = _p5ij + 2‘[4VU - gkak&J (7)

This formula was put forward by Stokes, so the fluid
subject to the above equation is called Stokes fluid, for this
kind of fluid only a material constant y (i.e., viscosity co-
efficient) is enough to determine its properties.

If the fluid is incompressible, then V=0, and the
constitutive equation of incompressible viscous fluid can be
obtained:

0,y = —pdyj + 24V (8)

If u=0, the constitutive equation of inviscid fluid is
obtained:

The appearance of hydrostatic pressure P marks the
fundamental difference between hydrodynamics and elas-
ticity. To accommodate the needs of this new variable, it is
usually assumed that there exists some equation of state,
which gives the relationship between density p, pressure P,
and absolute temperature T, that is

f(p.p,T)=0. (10)

3.3. Finite Element Model. The bird strike setup is conducted
based on the experiment of the bird-impact plate in Figure 3
by using LS-DYNA element code.

The flat plate fixed along the four edges is impacted by a
soft body at the center of the flat plate at 91.1 m/s with an
impact angle of 30°. The dimensions of the flat plate are
525 mm x 430 mm x 10 mm. The geometric model of a bird
is simulated by a cylinder with a hemisphere at the two ends,
the diameter of the hemisphere is 53 mm and the length of
the cylinder is 156 mm. The mass of the bird is 1.8 kg.

In the finite element model, the 8-node solid and 164-
element type in the LS-DYNA element library is employed
for the bird and flat plate. In addition, hourglass control and
single-point integration are also used. The numbers of the
elements for the bird and flat plate model are 4504 and 2000.

3.4. Materials Properties

3.4.1. Materials Properties of Flat Plate. The plate is made
from LY12-CZ aluminum alloy. The material parameters of
the flat plate are mentioned in Table 1. The material
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(a)

(b)

FIGURE 3: The finite element model: (a) top view; (b) front view.

TaBLE 1: Material parameters of flat plate.

Young’s modulus (GPa) Poisson ratio

Density (kg/m?)

Yield stress (MPa) Failure strain

71 0.3

2780 690 0.3

properties of the flat plate are modeled by the MAT -
PLASTIC_KINEMATIC in LS-DYNA code where the values
are set in Table 1.

3.4.2. Material Properties of Bird. Generally speaking, a
trend is visible towards the utilization of SPH models with an
equation of state for the material of bird using the properties
of water—air-mixture at room temperature. A very good
correlation to experimental results could be obtained with
these models. For the fluid model, in LS-DYNA, the material
model of NULL (empty material) is used to describe its
material properties. The parameters to be input are shown in
Table 2.

According to the property of the bird in the experiment,
using fluid constitutive and Gruneisen state equation to
describe soft body is closer to the reality. The bird model is
defined by MAT _NULL and the equation of state (EoS) is
specified. The inputs of parameters are shown in Table 3.

During the impact process, the deformation of the bird is
described by the equation of state. Elastic modulus and
passion ratio are 0, and the density is 938 kg/m”. The four
parameters of the constitutive model of the bird to be de-
termined are shown in Table 4.

3.5. Identification of the Bird Model and the Inversion of the
Parameters. The displacements at 12 different times are
chosen as the inputs, and the outputs of the model are four
constitutive parameters of the soft body. The 12 different
times are based on the experimental displacement-time data

TABLE 2: Parameters of NULL model.

RO Mass density

PC Pressure cutoff
MU Viscosity coeflicient
TEROD Relative vol. in tension

CEROD Relative vol. in compression

™M Young’s modulus

PR Poisson’s ratio
TABLE 3: Parameters of Gruneisen model.

C SI S22 S3 GAMA0O A E0() VO
1670 2.48 0 0 0 0 0 1
TaBLE 4: Parameters to be determined.

PC Pressure cutoff

MU Viscosity coeflicient
TEROD Relative vol. in tension
CEROD Relative vol. in compression

of the center of the flat plate. The experimental displace-
ment-time data of the center of the flat plate is given in
Figure 4.

Before the network training, both input and output
variables are normalized within the range 0 to 1 in order to
obtain a reliable form for the neural network ', If the
number of hidden layers is too small, the trained network
might not have sufficient ability to learn the process cor-
rectly. As a result, in order to choose the appropriate number
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Displacement (mm)
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FIGURE 4: Experimental displacement-time data of the center of the flat plate.

of hidden layers, the trial-and-error procedure is started with
seven neurons in the hidden layer and further carried out
with up to fourteen neurons. It is found that when the
number of neurons is 9, the mean square error reaches the
minimum.

In the bird constitutive model, the values of the four
parameters have their ranges based on the prior knowledge,
specific ranges (see Table 5).

The parameters to be optimized are uniformly divided
into a number of values with the space. According to the
orthogonal design and uniform design principle, these
values are divided into 25 groups, and each sample group
contains four parameters, which is shown in Table 6.

Substituting these parameters of 25 groups into the bird
constitutive model, 25 displacement-time curves of the
center of the flat plate can be obtained in LS-DYNA sim-
ulation. Selecting the displacements of the center of the flat
plate, the training of the network can be finished, which is
shown in Table 7.

When developing the ANN model, the samples of 1, 5,
10, 15, 20, and 25 are removed to test the generalization
capability of the network. The optimized ANN model
consists of 12 input neurons, 4 output neurons, and a single
hidden layer (with 9 neurons) and the transfer functions of
the optimized ANN model are ‘tan sigmoid’ and ‘pure
linear’. A feedforward backpropagation algorithm is selected
to train the network. The setting of other training parameters
for the neural network is listed in Table 8.

4. Results and Discussion

The performance of ANN in the training stage is shown in
Figure 5. It can be seen that the trend of error reduction
remains unchanged after 2000 training cycles. After being
trained, the ANN model can map the nonlinear relationship
between the parameters of the bird constitutive model and
the displacements of the center of the flat plate.

5
L]
[ ]
[ ]
L}
2 3

TaBLE 5: The value range of the four parameters.
Optimize parameters Label Ranges of values Units
PC Xy [-0.05, —1.25] MPa
MU X, [0, 1.5] N-ms/mm?
TEROD X, [0.05, 1.25] —
CEROD X4 [0.05, 1.25] —

TaBLE 6: Parameters in sample groups.

Sample groups X, X X; X4
1 -0.05 0 0.05 1.25
2 -0.1 0.1 0.1 1.2
3 -0.15 0.2 0.15 1.15
4 -0.2 0.3 0.2 1.1
5 -0.25 0.4 0.25 1.05

The optimized parameters can be obtained, as can be seen
in Table 9. The comparison of the numerical and experimental
displacement of the center of the flat plate using the optimized
constitutive model of bird is shown in Figure 6, indicating the
simulation result using the parameters obtained from the
developed network is in good agreement with experimental
data. In order to verify the identification of the constitutive
model after optimization, a comparative evaluation of three
other constitutive equations and the present bird constitutive
model is carried out. The parameters and stress distributing
graphs of elastic model, plastic kinematic model, and elastic-
plastic hydrodynamic Model are shown in Tables 10-12 and
Figure 7, respectively, and the parameters of EOS_LI-
NEAR_POLYNOMIA are shown in Table 13. As can be seen
in Figure 8, the model of the bird remains in good condition
while the flat plate with obvious deformation in the elastic
model. The result of the plastic kinematic model and the
elastic-plastic hydrodynamic model show a similar
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TaBLE 7: Sample groups.
! Sample groups (Displacement/mm)
Time/ms
1 2 3 4 5
0.34 0.123064 0.123165 0.123333 0.122845 0.121246
0.59 1.220337 1.216867 1.216224 1.213989 1.232132
0.71 2.043114 2.048179 2.048194 2.048631 2.060089
0.98 4.100285 4.112417 4.128776 4.153035 419781
1.09 4.668175 4.686835 4.689432 4.709893 4.751519
1.34 5.355844 5.376423 5.394958 5.417252 5.453059
1.53 5.576561 5.608154 5.628895 5.652006 5.696968
1.60 5.537479 5.571992 5.605718 5.646124 5.67513
1.79 4.84706 4.895124 4.93118 4.952708 4.973954
1.91 4.184824 4.227517 4.255795 4.27969 4.277913
2.11 3.242367 3.260473 3.273862 3.262928 3.225929
2.35 2.13491 2.12319 2.114001 2.076703 2.046814

TasLE 8: The setting of training parameters for network.

Name of parameters Contents
Network Backpropagation
Training function Trainlm
Performance function MSE
Training epoch 2,000

Goal 0.001

10—15

10710

Training-Blue

10

0 200 400 600 800

1000 1200 1400 1600 1800 2000

2000 Epochs

FIGURE 5: Training convergence curve of the neural network model.

TaBLE 9: The results of parametric inversion.

Optimized parameters Label Range of values Optimized results
PC X, [~0.05, —1.5] -0.3705
MU X, [0, 1.5] 0.641
TEROD X3 [0.05, 1.25] 0.34
CEROD Xy [0.05, 1.25] 0.9295

phenomenon that the model of bird has large deformation
while the flat plate with little, and the fringe levels drop
significantly.

During the impact process, different bird constitutive
models result in different displacement and force-time histories
of the center of the flat plate. The maximum displacement and

the force of the center of the flat plate of the elastic constitutive
model are the largest among the four constitutive models, in
which the deviations from experimental results are also the
largest. Figure 9 shows that the present bird constitutive model
developed from the present network is in better agreement with
experimental data than the other three constitutive models.
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FIGURE 6: Comparisons of the numerical displacements among different constitutive models.

TaBLE 10: Parameters of elastic model.

Elastic modulus/Pa Poisson ratio Density/kg/m’

6.89 x107 0.49 938

TABLE 11: Parameters of plastic kinematic model.

Elastic modulus/Pa Poisson ratio Density/kg/m’ Yield stress/Pa Failure strain

6.89 x107 0.49 938 6894 1.25

TABLE 12: Parameters of elastic-plastic hydrodynamic model.

Density/kg/m’ Shear modulus/MPa Hardening modulus /MPa  Pressure cutoff/ MPa  Yield stress/MPa Failure strain

938 10.2 0.13 -0.9 0.03 0.95
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FIGURE 7: Stress distributing graphs of the top view and front view at 1.5 ms time of impact: (a) elastic model; (b) plastic kinematic model;
(c) elastic-plastic hydrodynamic model.

TaBLE 13: Eos linear polynomial.

Cl0 Cl1 CZ C3 C4 CS CG EO VO
0 2072 6217 10362 0 0 0 0 1
Unit: (Cy ~ C¢ , N/mm?; E,, J; Vy, no unit).
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FiGure 8: The comparison of numerical and experimental dis-
placement of the center of the flat plate.
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FiGure 9: Comparisons of the force-time curves among different
models.

5. Conclusion

In this paper, the artificial neural network model with a
backpropagation learning algorithm was used to develop the
constitutive relationship for the soft body during the impact
process. The feasibility and practicability of this identifica-
tion method were verified through a specific example. From
the results of this present study, the main conclusions are
drawn as follows:

(1) Different flexible body constitutive models are used,
and the impact of the soft body presents different
modes, and the displacement curve and impact force
curve of the aluminum plate center is also different.
Among them, the displacement and impact force of
the linear elastic constitutive model is the largest, but
the deviation from experimental results is also the
largest.

(2) The calculated results of the soft body constitutive
parameters optimized by the improved BP neural
network algorithm are in good agreement with the
experimental results. At the same time, it can be seen
that the calculation curve optimized by BP neural
network algorithm almost passes all the test points,
which proves the accuracy and reliability of the
optimized flexible body parameters, and the calcu-
lation convergence accuracy also meets the
requirements.

(3) As a calculation method, BP neural network can be
used in the optimization calculation of constitutive
parameters of soft body impact. However, it should
be pointed out that each constitutive model needs to
build its own neural network when it is used for
calculation, and the optimization results and errors
will be different due to the difference of network
structure.

Data Availability

The data used to support the findings of this study are in-
cluded within the paper.

Conflicts of Interest

The authors declare that there are no conflicts of interest
regarding the publication of this paper.

Acknowledgments

This study was funded by National Natural Science Foun-
dation (12102095), the Scientific Research Project for Young
Innovative Talents of Guangxi Province (20200312), Re-
search grant for Talent of Guangxi Plan (100), the starting
research grant for High-level Talents from Guangxi Uni-
versity, the Science and Technology Major Project of
Guangxi Province (AA18118055), the Guangxi Natural
Science Foundation (20181096), and application of key
technology in building construction of prefabricated steel
structure (20190528).

References

[1] J. Thorpe, “Update on fatalities and destroyed civil aircraft due
to bird strikes with appendix for 2008 & 2009,” in Proceedings
of the 29th International Bird Strike Committee Meeting,
Cairns, Australia, 2010.

[2] D. Zhang and Q. Fei, “Effect of bird geometry and impact
orientation in bird striking on a rotary jet-engine fan analysis
using SPH method,” Aerospace Science and Technology,
vol. 54, no. 54, pp. 320-329, 2016.



10

[3] S. Zhu, M. Tong, and Y. Wang, “Experiment and numerical
simulation of a full-scale aircraft windshield subjected to bird
impact,” in Proceedings of the 50th AIAA/ASME/ASCE/AHS/
ASC  Structures, Structural Dynamics, and Materials
Conference, Palm Springs, CA, USA, May 2009.

[4] R. Doubrava and V. Strnad, “Bird strike analyses on the parts
of aircraft structure,” in Proceedings of the 27th Congress of the
International Council of the Aeronautical Sciences, Nice,
France, September 2010.

[5] Y. K. Zhang and Y. L. Li, “Analysis of the anti-bird impact
performance of typical beam-edge structure based on ANSYS/
LS-DYNA,” Advanced Materials Research, vol. 33-37,
pp. 395-400, 2008.

[6] J. L. Yang, X. J. Cai, and C. H. Wu, “Experimental and FEM
study of windshield subjected to high speed bird impact,” Acta
Mechanica Sinica, vol. 19, no. 6, pp. 543-550, 2003.

[7] F. Stoll and R. A. Brockman, “Finite elelment simulation of
fllgh-speed soft-body impacts,” 1997.

[8] Y. N. Gong and S. Q. Xu, “Bird impact analysis of aircraft
windshield transparency,” Chinese Journal of Aeronautics,
vol. 5, no. 2, 1992.

[9] Y. Zhou, Y. Sun, and W. Cai, “Bird-striking damage of ro-
tating laminates using SPH-CDM method,” Aerospace Science
and Technology, vol. 84, no. 84, pp. 265-272, 2019.

[10] S. A. Meguid, R. H. Mao, and T. Y. Ng, “FE analysis of ge-
ometry effects of an artificial bird striking an aeroengine fan
blade,” International Journal of Impact Engineering, vol. 35,
no. 6, pp. 487-498, 2008.

[11] A. Khan, R. Kapania, and E. Johnson, “A review of soft body
impact on composite structure,” in Proceedings of the 51st AIAA/
ASME/ASCE/AHS/ASC Structures, Structural Dynamics, and
Materials Conference 18th AIAA/ASME/AHS Adaptive Structures
Conference, Orlando, FL, USA, April 2010.

[12] R. H. Mao, S. A. Meguid, and T. Y. Ng, “Effects of incidence
angle in bird strike on integrity of aero-engine fan blade,”
International Journal of Crashworthiness, vol. 14, no. 4,
pp. 295-308, 2009.

[13] S.Q.Jia, F. S. Wang, J. J. Zhou, Z. Jiang, and B. Xu, “Study on
the mechanical performances of carbon fiber/epoxy com-
posite material subjected to dynamical compression and high
temperature loads,” Composite Structures, vol. 258, Article ID
113421, 2021.

[14] M. Anghileri, L. L. Castelletti, and D. Molinelli, “A strategy to
design bird-proof spinners,” in Proceedings of the 7th European
LS-DYNA Users Conference, Salzburg, Austria, May 2009.

[15] M. Anghileri, L. Castelletti, and V. Mazza, “Birdstrike: ap-
proaches to the analysis of impacts with penetration,” Impact
loading of lightweight structures, vol. 49, pp. 63-74, 2005.

[16] L. S. Nizampatnam, “Models and methods for bird strike load
predictions,” 2007.

[17] M. A. Mccarthy, J. R. Xiao, C. T. Mccarthy et al., “Modelling of
bird strike on an aircraft wing leading edge made from fibre
metal laminates-part 2: modelling of impact with SPH bird
model,” Applied Composite Materials, vol. 11, no. 5,
pp. 317-340, 2004.

[18] M. A. Lavoie, A. Gakwaya, M. N. Ensan, D. G. Zimcik, and
D. Nandlall, “Bird’s substitute tests results and evaluation of
available numerical methods,” International Journal of Impact
Engineering, vol. 36, pp. 1276-1287, 20009.

[19] M. Nishikawa, K. Hemmi, and N. Takeda, “Finite-element
simulation for modeling composite plates subjected to soft-
body, high-velocity impact for application to bird-strike
problem of composite fan blades,” Composite Structures,
vol. 93, no. 5, pp. 1416-1423, 2011.

Shock and Vibration

[20] L. Y. Darryl, L. C. John, M. E. Richard, and L. W. Kate,
“Hazing and movements of Canada geese near Elmendorf air
force base in Anchorage, Alaska,” International Biodeterio-
ration & Biodegradation, vol. 45, pp. 103-110, 2000.

[21] A.F.Johnson and M. Holzap, “Modelling soft body impact on
composite structures,” Composite Structures, vol. 61, no. 1-2,
pp. 103-113, 2003.

[22] M. A. Lavoie, A. Gakwaya, and M. N. Ensan, “Validation of

available approaches for numerical bird strike modeling

tools,” International Review of Mechanical Engineering, vol. 1,

2013.

F. Allaeys, G. Luyckx, and W. V. Paepegem, “Characterization

of real and substitute birds through experimental and nu-

merical analysis of momentum, average impact force and
residual energy in bird strike on three rigid targets: a flat plate,

a wedge and a splitter,” International Journal of Impact En-

gineering, vol. 99, pp. 1-13, 2017.

R. Hedayati, M. Sadighi, and M. Mohammadi-Aghdam, “On the

difference of pressure readings from the numerical, experimental

and theoretical results in different bird strike studies,” Aerospace

Science and Technology, vol. 32, pp. 260-266, 2014.

[25] R. Hedayati and S. Ziaei-Rad, “A new bird model and the
effect of bird geometry in impacts from various orientations,”
Aerospace Science and Technology, vol. 28, pp. 9-20, 2013.

[26] J. Liu and Y. L. Li, “Numerical simulation of a rotary engine
primary compressor impacted by bird,” Chinese Journal of
Aeronautics, vol. 4, no. 26, pp. 926-934, 2013.

[27] J. M. Zurada, Introduction to Artificial Neural Systems, Jaico
Publishing House, Chennai, India, 1992.

[28] Y. Zhang and Y. Li, “Identification of the bird constitutive
model,” in Proceedings of the 3rd International Conference on
Mechanical Engineering and Mechanics, Beijing China, June
2009.

[29] K. Swingler, Applying Neural Networks: A Practical Guide,
Morgan Kaufmann, SanFrancisco, CA, USA, 1996.

(23

[24



Hindawi

Shock and Vibration

Volume 2022, Article ID 7423912, 15 pages
https://doi.org/10.1155/2022/7423912

Research Article

@ Hindawi

Shaking Table Test of a New Type Insulation Decorative Block
Wall under Out-of-Plane Loading

Jian Wu ®,"” Yuan Yuan Lv®,' Shuai Shuai Yin®," and Qi Wang 3

Shaanxi Key Laboratory of Safety and Durability of Concrete Structures, Xijing University, Xi’an 710123, China
>The Youth Innovation Team of Shaanxi Universities, Xi'an 710123, China
3Zhejiang Guang’an Building Fire Inspection Co., Ltd., Hangzhou 310000, China

Correspondence should be addressed to Jian Wu; wujian2085@126.com

Received 29 July 2021; Revised 10 January 2022; Accepted 11 January 2022; Published 3 February 2022

Academic Editor: Kang Shao-Bo

Copyright © 2022 Jian Wu et al. This is an open access article distributed under the Creative Commons Attribution License, which
permits unrestricted use, distribution, and reproduction in any medium, provided the original work is properly cited.

In order to solve the problems of complex construction, poor weather resistance, and environmental pollution of conventional
thermal insulation materials, this paper introduces a new type of insulation decorative block (IDB) filled with insulation materials.
Different anchoring methods were adopted to study the influence of anchor bolts on the out-of-plane mechanical properties of
IDB walls. The test results revealed that the anchor bolts could effectively prevent the appearance and development of cracks in the
specimens. With the increase of anchor bolts, the acceleration and displacement of the IDB walls decreased. Compared to
rectangular arrangement, the staggered pattern of anchor bolts could reduce the relative displacement and acceleration. The
structural calculation of IDB walls was carried out to determine the number of anchor bolts at different heights, and design
suggestions were given to improve the performance of IDB walls. The analysis and test results indicated that the IDB is suitable for

application in engineering structures.

1. Introduction

Nowadays, one of the problems that must be solved is how to
reduce the emissions by reducing the amount of energy
consumed in economic development. Based on the evalu-
ation of energy emissions in China, the building energy
consumption accounts for about 30-40% of the total energy
consumption, and the trend continues to rise [1]. The
maintenance components of the buildings which are in
contact with the outside air, such as windows, doors, floors,
and walls, are the primary reason for the energy con-
sumption of buildings. Among these maintenance compo-
nents, the walls have the largest contact area with the
outdoor air, thus having the greatest impact on the building
energy consumption [2]. Therefore, it is essential to take wall
insulation measures to achieve the goal of the building
energy saving and reduce the energy consumption of the
external wall.

Thermal insulation materials are divided into organic
(e.g., extruded polystyrene (XPS) and expanded poly-
styrene (EPS)) and inorganic materials (hydrophobic

expanded perlite (HEP)). The engineering application of
XPS and EPS, as organic materials, is affected by the
moisture content and high temperature: (1) the heat
transfer coefficient increases with the increase of water
content [3-5]; (2) the flammability of materials threatens
the safety of structures [6-8]. The high temperature re-
sistance of HEP, as an inorganic material, is relatively
stable, while the thermal transfer coefficient is high due to
the strong water absorption capacity. These conventional
insulation materials could be used as additives in com-
posite materials [9-12] or directly used as external
thermal insulation materials of the buildings. When these
insulation materials are directly used as building envelope
components, structural measures and moisture control
components should be proposed to improve the water-
proof and fireproof properties of the materials during the
construction process [13-15], which increases the con-
struction cost and construction period. In order to deal
with the defects of these conventional insulation materials
in engineering application, the research on the building
insulation materials should be strengthened.
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A new type of thermal insulation blocks, which have high
void ratio, is developed and used as the external walls of
building [16-18]. The high void ratio of insulation block is
helpful to reduce the dead weight and heat transfer coefficient;
however, the compressive strength will be adversely affected
due to the decrease of compression area. Moreover, the
reinforced concrete shear walls are generally used as the ex-
ternal walls of high-rise buildings, indicating that it is im-
possible to apply the thermal insulation blocks directly. Thus,
masonry veneer walls are gradually used in modern building
construction. Masonry veneer walls, which consist of external
masonry walls separated from the structural backing systems,
are connected to the structural components using different
types of ties to resist out-of-plane loads [19] and could provide
the buildings with decoration and with barriers to moisture
wind penetration but do not contribute to the structural re-
sistance [20]. Desai et al. [21] studied the out-of-plane seismic
properties of brick veneer wall systems in medium-rise
buildings and developed analytical models of structural
backing systems and masonry veneer walls. Reneckis et al. [22]
described the out-of-plane performance of brick veneer walls
on wood frame, and the installation methods, stiffness, and
strength were found to significantly affect the seismic per-
formance of veneer walls. Memari et al. [23] evaluated the
influence of corrosion of conventional metal anchors on lateral
forces, and the performances of corrosion resistant steel ties
and conventional ties were compared. Marziale et al. [24]
investigated the in-plane coupling between the veneer walls
and concrete shear walls, and the optimum location of iso-
lation joint was given to minimize the rocking behavior. These
papers provide a reference for the study of mechanical
properties of masonry veneer walls; however, the out-of-plane
dynamic performance of the walls made of insulation filled
masonry blocks is rarely addressed.

This paper presents the results of out-of-plane shaking
table test of four full-scale specimens, which are divided by
the number and arrangement modes of anchor bolts be-
tween the masonry veneer walls and backup framing
(reinforced concrete walls): ABO has no anchor bolts, AB2 is
strengthened by two anchor bolts per square meter, and
AB4-1 and AB4-2 are strengthened by four anchor bolts per
square meter with different arrangement modes.

The structure of this paper is as follows: Firstly, the ma-
terials and experimental program, such as the dimension of the
IDB, construction of specimens, arrangement of anchor bolts,
and test setup, are introduced. Secondly, the mechanical tests
are carried out, and the mechanical performance of specimens
is obtained and analyzed, e.g., the failure pattern, development
of cracks, frequency, acceleration, displacement of the speci-
mens, and relative displacement between the IDB wall and
shear wall. Finally, the reaction of IDB walls under wind load
and seismic load is calculated, and design recommendations
are proposed to improve the application of IDB in engineering.

2. Experimental Program

2.1. Masonry Materials. The block is made of shale and
sawdust, in which the sawdust could produce a large amount
of microporous inside the material, as shown in Figure 1.
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The IDB is filled with conventional composite thermal
insulation materials, such as XPS, EPS, and HEP, so as to
achieve insulation purposes. The dimensions of the IDB are
498 mm x 120 mm x 248 mm  (length x width x height), as
shown in Figure 2. The density and compressive strength of
the IDB are about 500 kg/m® and 2.0 MPa, respectively.

The content of mortar is cement, fly ash, sand, polymer
emulsion powder, and water retaining agent. The me-
chanical and physical characteristics of mortar are shown in
Table 1.

The anchor bolts are used to ensure the bond strength
between the IDB wall and the external wall of buildings. The
diameter of anchor bolt is 10 mm, and tensile strength is
0.5MPa. The length of the anchor bolt fixed into the
reinforced concrete shear wall should not be less than
50 mm.

2.2. Construction of Specimens. In this paper, four full-scale
specimens are tested under out-of-plane dynamic loadings.
The specimens are composed of ground beam, shear wall,
mortar layer, and IDB walls, as shown in Figure 3.

The ground beam is used to fix the specimen on the
shaking table, and the shear wall is constructed to simulate
the exterior wall of the high-rise building. Materials of
leveling blanket and mortar layer are both masonry mortar.
The mortar layer is used to strengthen the bond between the
shear wall and IDB wall. The thickness of leveling blanket,
mortar layer, and mortar joint is 1-2 mm, 10 mm, and 1 mm,
respectively.

The construction process of the specimens could be seen
in Figure 4.

2.3. The Arrangement of Anchor Bolt. In order to study the
influence of number and distribution of anchor bolts on the
out-of-plane seismic response of the specimen, the experi-
mental program consists of four specimens, in which one
specimen has no anchor bolts, one specimen has two anchor
bolts per square meter, and two specimens have four anchor
bolts per unit area with different arrangement modes of
anchor bolts, as shown in Figure 5. The IDB is made of
sintered materials, and its brittle failure characteristics are
obvious. If the anchor bolts are directly drilled on the IDB,
the safety of IDB wall may be affected due to the damage
caused by the drilling process.

3. Testing Procedure and Measurements

3.1. Test Setup. The performance parameters of the shaking
table are shown in Table 2. The digital control system of
shaking table (469D) consists of signal control of hydraulic
servo system, sequence control of system procedure, and
system security protection control, as shown in Figure 6.

The experiments were carried out according to Chinese
code GB 50011-2010 [25]. For the normal operation of the
test, the out-of-plane loading of the specimen is performed
along the x direction.

In order to obtain the displacement and acceleration of
the wall during the loading process, acceleration sensor and



Shock and Vibration

Signal A = SE1 — EHT = 1.00kV Signal A = SE1 Date :15 Jul 2014
()

®)
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FIGURE 2: Introduction of IDB. (a) Components of IDB. (b) Dimensions of IDB.

TaBLE 1: Performance parameters of mortar.

Bond strength (N/mm?) Compressive strength (N/mm?) Flexural strength (N/mm?) Density (kg/m?)
0.1

15 12 1800

2500 120 200

Shear wall

¥ /) Leveling blanket
Mortar layer
IDB wall
(=3 (=3
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=) N
N N
2 235 235
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[N [N
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| 3000 | 800

FIGUure 3: Dimensions of the specimens.



Shock and Vibration

Assembling reinforcement
of shear wall

Grouting Wall surface treatment

Anchor bolt IDB wall

FiGgure 4: Construction process of specimens.
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FIGURE 5: The arrangement of anchor bolts. (a) AB2. (b) AB4-1. (c) AB4-2.
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TaBLE 2: Technical parameters of shaking table.

Performance of shaking table Parameter value
The dimensions of the table (m) 4.1x4.1
Maximum weight of the specimen (t) 20
Maximum eccentricity (m) >0.6
Frequency (Hz) 0.1-50

x direction: +0.15
Maximum displacement (m) y direction: +0.25

z direction: +0.10
x direction: £0.100

Maximum speed (m/s) y direction: +0.125
z direction: +0.080

x direction: +15

Maximum acceleration (m/s?) y direction: £10
z direction: +10

Maximum overturning moment (kN-m) 300
Maximum eccentric moment (kN-m) 800

469D Digital Seismic Table Controller

File Calibration Configuration Operation Display Service

Hydraulics Interlocks Disahledl Flesetl @ | Master gain 100 % | Adaptive Control

HPS Control Nel I EY/) APC  Disabled|
= Displ t a o % |
Variable & Parking setpoint 5
- . N — - el 1 |2E|Z| AHC Dlsahledl
_ln Q Source —Iun T A Desired span 100.0 % | AIC Disahled'

HEMIG| O Nef [ 38 | ou Disabled
System pressure |D Yolts | Current span 0.0 % | _]

HSM H'| ®) I
i o System temp 0 Volts Stop Previewl Run |

EHEEELEM

= 4

FIGURE 6: Shaking table.

shown in Figure 7. The measure range and sensitivity of the | |
acceleration sensor are 100g and 10mV/g, respectively, | |

while the measure range and sensitivity of the displacement | | | |
sensor are 50 mm and 0.1 ym. | |

displacement sensor are arranged on the specimens, as 7) [ % | 5.

| | |
3.2. Testing Procedure. Three earthquake records, namely, A% | % | ?‘

two real earthquake ground motion records (El-Centro | | | |

record and Taft record) and one artificial earthquake ground

motion record (Ninghe record), were applied in horizontal | | | | |

direction. The earthquake records were selected because the | | | |

characteristic periods of the earthquake records are close to | | % | |
| 4 |

the different characteristic site periods prescribed by the

Chinese seismic code [25] (Table 3). The acceleration time- 2 | | &
history curves of earthquake records are given in Figure 8.
Table 4 shows the loading process. The natural fre-
quencies could be obtained through white noise scanning, O Acceleration sensor
and the accelerogram of the earthquake record was scaled in @) Displacement sensor

amplitude to 0.20g, 0.30g, 0.40g, 0.50g, 0.60g, 0.70 g, and

. . . . FiG 7: Inst tati t.
0.80 g to satisfy the test requirements. Considering that the FOURE 7: Mistrifientation atrangemen
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TaBLE 3: Earthquake records and characteristic site period.
Earthquake Direction Time Characteristic period (s) Characteristic site period (s)
Taft record E-W 1952.7.21 0.44 0.40
El-Centro record N-S 1940.5.18 0.55 0.55
Ninghe record N-S 1976.11.15 0.90 0.75
400 - 200 -
300 -
% 200 S 1004
E E|
L 100 A 2
=} =}
S S 04
s 0 S
o} o}
g -100 1 E
S 2 -100
< -200 - <
-300 A
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0 10 20 30 40 50 0 10 20 30
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200 -
&4 100 -
E
2
[=1
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=
5
8
< -100 -
-200 T T T ]
0 5 10 15 20
Time (s)

(c)

FIGURE 8: Acceleration time-history curves of earthquakes. (a) El-Centro record. (b) Taft record. (c) Ninghe record.

characteristic site period in a lot of cities of China is 0.55s,
El-Centro record is selected for elastic-plastic analysis.

4. Results and Discussion

4.1. Experimental Observation and Failure Modes. The failure
pattern of the specimens is described in Table 5. The cracks
on the IDB wall and IDB wall boundaries were measured. It
could be concluded that the crack usually appeared firstly at
the bottom of the IDB wall, and as the PGA increased, cracks
began to appear in the top corner of the specimen. The
cracks mainly appeared at the joint of the IDB wall, ground
beam, and shear wall, and there were basically no cracks in
the interior of the IDB wall. During the loading process,
there was no block crushing or block peeling from the
specimen.

The crack length in the top corner of the specimen re-
duced from 1100 mm (ABO) to 670 mm (AB4-1), and the
crack width decreased with the increase of the number of
anchor bolts, meaning that the anchor bolt could effectively

limit the development of cracks. Since the crack width and
length of AB4-1 were smaller than AB4-2, it could be
inferred that the arrangement mode had an influence on the
out-of-plane mechanical performance of the IDB wall.

4.2. Frequency of Specimens. The natural frequencies of
specimens can be obtained through white noise scanning, as
given in Figure 9. When the PGA was not more than 0.20 g
(ABO and AB2) or 0.50 g (AB4-1 and AB4-2), the change of
natural frequencies of the specimens was small. As the PGA
continued to increase, the natural frequencies of the four
specimens began to decrease significantly. For instance,
when the PGA was 0.8g, the decrease amplitude of the
natural frequency of was 25.6% for ABO, 22.4% for AB2,
11.2% for AB4-1, and 12.3% for AB4-2. The following could
be concluded:

(1) The anchor bolts could effectively prevent the
specimens from damage. That is for the reason that
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TaBLE 4: Loading procedure.

Number Loading condition PGA (g)
1 White noise 0.05
2 El-Centro wave 0.05
3 Taft wave 0.05
4 Ninghe wave 0.05
5 White noise 0.05
6 El-Centro wave 0.10
7 Taft wave 0.10
8 Ninghe wave 0.10
9 White noise 0.05
10 El-Centro wave 0.15
11 El-Centro wave 0.20
12 White noise 0.05
13 El-Centro wave 0.30
14 El-Centro wave 0.40
15 El-Centro wave 0.50
16 White noise 0.05
17 El-Centro wave 0.60
18 El-Centro wave 0.70
19 El-Centro wave 0.80
20 White noise 0.05
21 Two consecutive EL-Centro waves 0.80
22 White noise 0.05

TaBLE 5: Test observations and failure pattern.

Specimen Test phenomenon Remarks/observations

(i) The crack appeared firstly at the bottom of the IDB wall when the PGA
was 0.3 g.

(ii) Cracks appeared in the top corner of the IDB wall when the PGA was
0.4g.

ABO (iii) At the end of the experiment, the length and width of the crack in the

top corner of the specimen were 1150 mm and 3.0 mm, respectively. The
crack at the bottom of the IDB wall, with a width of 2.5 mm, was basically
a through crack.
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TaBLE 5: Continued.

Specimen

Test phenomenon

Remarks/observations

AB2

AB4-1

(i) Cracks appeared firstly in the top corner of the specimen and at the
bottom of the IDB wall when PGA was 0.4 g.

(ii) After the loading process, the length and width of the crack in the top
corner of the specimen were 1000 mm and 2.5 mm, respectively, and the
crack at the bottom of the IDB wall, with a width of 2.0 mm, was basically
a through crack.

(i) Cracks appeared firstly in the top corner of the specimen and at the
bottom of the IDB wall when PGA was 0.5g.

(ii) After the loading process, the length and width of the crack in the top
corner of the specimen were 670 mm and 1.0 mm, respectively, and the
crack at the bottom of the IDB wall, with a width of 1.5 mm, was basically
a through crack.
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TaBLE 5: Continued.

Specimen Remarks/observations

Test phenomenon
R —

| (i) Cracks appeared firstly in the lower part and top corner of the IDB wall
- when PGA was 0.5¢.

(ii) After the loading process, the length and width of the crack in the top
corner of the specimen were 850 mm and 2.0 mm, respectively, and the
crack at the bottom of the IDB wall, with a width of 1.8 mm, was basically

AB4-2

a through crack.

10.5
10.0 4 The curves drop slowly
9.5
T 9.0 -
>~
& 8.5
L
=
2 8.0 1
(s
7.5 4
7.0 1
6.5 E T T T T T T T
1 2 3 4 5 6 7
White noise scanning (times)
—x— ABO —e— AB4-1
- AB2 —=— AB4-2

FIGURE 9: Natural frequency of the specimens.

the natural frequency of the specimen was related to
the degree of damage; the more serious the damage,
the smaller the natural frequency.

(2) Although the number of the anchor bolts was the
same, the reduction amplitude of natural frequency
of AB4-1 was smaller than that of AB4-2, meaning
that arrangement mode of anchor bolts had an in-
fluence on preventing the structure failure.

4.3. Acceleration Response Analysis. The acceleration at the
bottom of the IDB wall was basically the same as the input
acceleration, so this paper only gives the peak acceleration in

the middle-upper part of the IDB wall, as shown in
Figure 10.

Although the cracks appeared and developed at the
bottom of the IDB wall, the acceleration in the middle of the
IDB wall increased linearly (Figure 10(a)), and the magni-
fication coeflicient of the acceleration response was about
1.3. The reason for these results could be that almost no
cracks appeared between the IDB wall and shear wall, and
the lower part of the specimens was still subjected to the out-
of-plane load as a whole. However, at the top of the spec-
imens, the cracks mainly appeared between the IDB wall and
the shear wall, causing the magnification coeflicient of the
acceleration response to increase suddenly (Figure 10(b)).
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FIGURE 10: Peak acceleration of IDB wall at different positions. (a) In the middle of the IDB wall. (b) At the top of the IDB wall.

For instance, the acceleration at the top of ABO increased
linearly when the PGA was smaller than 0.4g. As the
earthquake load increased, the cracks between the IDB wall
and shear wall began to appear and develop, and the
magnification coefficient of the acceleration response in-
creased from 6.7 to 9.1 when the PGA was 0.40 g and from
9.1 to 11.1 when the PGA was 0.50g. It could also be
concluded that when the crack width was small, it did not
affect the global stress of the specimens. For instance, at the
top of the AB4-1, the maximum width of crack between IDB
wall and shear wall was only 1.0 mm, and the acceleration
increased linearly all the time during the loading process.

4.4. Displacement Response Analysis. In order to study the
seismic performance of the IDB wall, the relative dis-
placement and maximum displacement of the IDB walls are
studied. The relative displacement is the difference between
IDB wall and shear wall displacements, while the maximum
displacement is the difference between the middle-upper
and lower displacement of the IDB wall.

The relative displacements between IDB wall and shear
wall are depicted in Figure 11. Since the relative displace-
ment at the bottom of the specimen was small, only the
relative displacement of the middle-upper part of the
specimen was given in Figure 11.

In the middle of the specimen, it could be observed that
although the maximum relative displacement was 0.96 mm,
no visible cracks appeared (Table 4). For ABO and AB2, the
relative displacement increased linearly wuntil cracks
appeared at the top of the specimens, while for AB4-1 and
AB4-2, the relative displacement increased linearly all the
time, which was not affected by the cracks at the top of the
specimen.

At the top of the specimen, the relative displacement
could directly reflect the appearance and development of the
cracks. Take ABO as example; the crack appeared firstly when

the PGA was 0.4g, after which the relative displacement
increased rapidly with the development of the cracks.

The maximum displacements of IDB wall under different
conditions of PGA are given in Figure 12. From Figure 12, it
could be concluded that the displacements of ABO and AB2
were affected by the cracking at the bottom of the specimens.
Once the crack appeared at the bottom of ABO and AB2, the
displacement of the specimens would increase rapidly.
While for AB4-1 and AB4-2, the displacement was basically
linearly increasing.

Through the analysis of Figures 11 and 12, it could be
inferred that the displacement response of the IDB wall was
closely related to the appearance and development of the
cracks. This phenomenon was more obvious in ABO and
AB2; the displacement or relative displacement would in-
crease rapidly after the appearance and development of the
cracks. However, for AB4-1 and AB4-2, the displacement
response was basically linear.

5. Structural Calculation
and Recommendations

5.1. Structural Calculation. Restricted by the experimental
conditions, this paper only studied the out-of-plane seismic
performance of IDB walls. However, in engineering practice,
we should not ignore the wind load effect on the mechanical
performance of brick veneer walls. Therefore, wind load and
seismic load should be considered simultaneously in
structural calculation.

5.1.1. Calculation of Seismic Action. According to Chinese
code GB 50011-2010 [25], equivalent lateral-force method
can be used to evaluate the seismic load caused by the gravity
of nonstructural components. Thus, the seismic load of IDB
walls could be calculated as follows:
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F= Y’Y{l CZ“maxG’ (1)

where y is the functional factor of the nonstructural com-
ponents and equals 1.0; # is the type factor of the non-
structural components and equals 1.0; {; and {, are the
factor of state and location and equal 1.0 and 2.0, respec-
tively; o, is the maximum value of seismic influence
coefficient and equals 0.16; and G is the gravity of non-
structural components (Table 6).

5.1.2. Calculation of Wind Load. The characteristic value of
wind load is shown in the following equations [26]:

Wy = ﬁgznusl.usz’ (2)
B,e = 0.80 + 160y, 3)
10\“
— 0.5 % 351.8(a—0.16)<_> ’ 4
Uy 2 (4)
2z 062 )
=0.262( — s
bz (m)

in which 8, is gust factor at height z, u is local shape
coefficient, y, is wind pressure height coefficient, wy is basic
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TABLE 6: Gravity of IDB wall insulation system.
Mortar layer IDB wall Decoration layer
Thickness (mm) 10 120 —
Density (kg/m?) 1500 500 —
Gravity (N/m?) 147 588 44
Total gravity (N/m?) 779

TaBLE 7: The characteristic value of wind load at different heights.

. Uy w; (kKN/m2)
Height (m) @, (kN/m2) B, 4, . . . -, A1k .
Positive angle of buildings Other locations Positive angle of buildings Other locations
20 240 0.51 1.51 2.15
50 2.20 0.69 1.87 2.67
80 2.04 091 2.29 3.27
100 198 1.04 2.54 3.62
150 088 1.87 1.33 20 “l4 3.06 438
200 1.79 1.58 3.48 4.98
250 1.74 1.81 3.88 5.54
300 1.70  2.02 4.23 6.04
TaBLE 8: The number of anchor bolts.
. Number of anchors per square meter
Height (m) . - .
Positive angle of buildings Other locations

< 20 2 4
20 4 5

50 4 6

80 5 7
100 6 8
150 7 10
200 8 11
250 9 13
300 10 14

wind pressure, yi; is pulsation coefficient, and « is ground
roughness index.

The wind load of maintenance structure for high-rise
buildings is mainly wind suction, and the wind suction at the
positive angle of buildings is larger than the wind suction at
other locations [27]. The determination of coefficients in
(2)-(5) is described in Table 7.

According to Chinese code GB 50009-2012 [26], the
combination of earthquake and wind load can be expressed
as

S = lesQlk + }/QZI//CSQZk. (6)

Here, 1 and 2 represent wind and earthquake load, re-
spectively; S, ; is load effect value calculated by wy; Sq 1 is
load effect value calculated by F; y, and y, are partial
coeflicients of load and equal 1.4 and 1.3, respectively; and v,
is combination value coefficient and equals 0.6.

The formula for calculating the number of anchor bolts
per unit area can be given as

S
[n] = Wify (7)

where « is the reduction factor considering the connection
between mortar and IDB wall and equals 0.5, y,, is the

anchor connection importance coefficient and equals 1.1, k is
the anchorage capacity reduction coeflicient under earth-
quake and equals 0.7, and f, is the design value of tensile
bearing capacity of anchor bolts.

Based on (1)-(7), the number of anchor bolts to be
arranged at different heights is shown in Table 8. The results
show that the number of anchor bolts in the test could meet
the application requirements of IDB in high-rise buildings
and has a good reference value.

5.2. Recommendations. According to the destruction fea-
tures of the specimens during the test process, cracks mainly
occurred at the bottom of the IDB wall and in the top corner
of the specimen. When the PGA was small (0.3-0.5 g), cracks
firstly appeared and developed between the IDB wall and
ground beam, which was due to the bending effect of the
specimens under the out-of-plane load. Premature cracks
had a negative impact on the insulation effect of the IDB
wall, so the bottom of the IDB wall needs to be effectively
treated.

As the PGA increased, cracks began to appear between
the IDB wall and the shear wall on both sides of the top of the
specimens. Besides, the IDB walls were also subjected to
wind loads in engineering application, and the suction in the
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F1GURE 13: Design suggestion.

top corner, generated by negative wind pressure, was larger
than that at other positions [27]; hence, attention should be
paid to the reinforcement of the top corner in the structural
design.

Thus, some recommendations are put forward in this
paper, as shown in Figure 13.

(1) In order to prevent the cracks at the bottom of the
IDB wall from occurring too early under the action
of bending, cushion blocks with certain deformation
ability, such as rubber block or wooden block, should
be used to bear the dead weight of the IDB wall.
Foaming agent can be used as filling materials to
improve the insulation performance of IDB wall.

(2) In order to prevent cracks in the top corner of the
wall from affecting the thermal insulation perfor-
mance of the IDB wall, more anchor bolts should be
used to strengthen the bonding between the IDB wall
and shear wall at this location.

6. Conclusions

Shaking table tests are carried out on four specimens to
investigate the out-of-plane performance of IDB walls.
Failure mechanisms, frequencies, acceleration, and dis-
placement (relative displacement) are evaluated, and the
performance of anchorage mode is examined. The calcu-
lation formula of the number of anchor bolts and design
suggestions are also given based on the experimental phe-
nomena, so as to promote the application of IDB in engi-
neering. The results obtained from the tests are briefly
summarized as below:

(1) Appearance and development of cracks between the
IDB wall and shear wall are obviously affected by the
number of the anchor bolts. The larger the number of
anchor bolts, the smaller the seismic load at the time

of crack appearance, the shorter the crack length, and
the smaller the crack width.

(2) The anchor bolts could obviously improve the out-
of-plane mechanical performance of IDB walls. Take
ABO and AB2 as example; when the seismic action is
the same, the natural frequency of AB2 is larger, and
the acceleration and displacement (relative dis-
placement) are smaller.

(3) Although the number of anchor bolts is the same, the
displacement (relative displacement) and accelera-
tion of AB4-1 are smaller than those of AB4-2,
showing that the staggered pattern of the anchor
bolts is a better arrangement method than rectan-
gular arrangement.

(4) The positive angle of the buildings should be
strengthened to reduce the damage of IDB walls, and
the calculation formula of the number of anchor
bolts could be applied in the process of design.

Based on the test results (acceleration, displacement, and
failure mode) and structural calculation, the acceleration
and displacement requirements of different types of
buildings could be satisfied through adjusting the number
and arrangement of anchor bolts. Therefore, the study of this
paper could effectively promote the application of IDB.

Computational intelligence algorithms, such as monarch
butterfly optimization (MBO) [28], neutrosophic optimization
(NSO) [29], artificial bee colony (ABC) [30], and ant colony
algorithm (ACA) [31], are gradually used to analyze the seismic
response of the structures, so as to optimize the structural
design and improve the seismic performance of structures.
However, the impact of these intelligent algorithms has not
been considered in the specification; thus, considering the
engineering application of IDB, the structural analysis method
used in this paper is specified by Chinese code GB 50011-2010
[25]. Considering the optimal design of structures, the
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intelligent algorithms will be used to analyze the seismic
performance of structures with IDB walls in subsequent
studies.
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Excessive vibration of temporary grandstand by the crowd has lateral rhythmic motions, which attracted increasing attention in
the recent years. This paper focuses on experiments where a temporary grandstand occupied by 20 participants is oscillated by a
shaking table with a series of random waves and the crowd-induced rhythmic swaying motions at lateral direction, respectively.
The dynamic forces that were induced by participants who have swayed at 0.5-1.8 Hz are recorded by a tri-axial human bio-
mechanics force plate. A new relationship between the annoyance rate and structural acceleration at logarithmic coordinate is
investigated and proposed, and the swaying load model is given. Based on these experimental results, a simplified three-degree-of-
freedom lumped dynamic model of the joint human-structure system is reinterpreted. Afterwards, combined with a feasible range
of crowd/structural dynamic parameters, a series of interaction models are analyzed, the vibration dose value (VDV) of the
structure is obtained and discussed, and the notable parameters for interaction model are predicted. The experimental results
show that the lateral serviceability limit is 1.29 m/s"”> and the upper boundary is 2.32 m/s"”. The dynamic response of model
indicated that the VDV of structure will be decreased with increasing the mass of static crowd and damping ratio of the dynamic
crowd. The max response of the model is < 0.6, , =1.8 Hz or &> 0.6, f, =1.5Hz or f; =2.5-3.5 Hz. It may be used as a reference
value in vibration safety and serviceability assessment of TDGs, to estimate realistically the vibration response on the occasions

when the crowds are swaying.

1. Introduction

The problems of vibration of structure such as in long-span
floor structures [1], footbridges [2], and grandstands [3-5],
which can gather large crowd, have become more prevalent
in recent years. For temporary grandstand especially, ex-
cessive vibration of structure can cause crowd discomfort or
panic, and what is more, it can induce the serious safety of
structure due to the failure of structural component [6].
Moreover, the vibration serviceability of grandstand relates
to the comfort of spectators, and human perception is of
primary importance with any tendency to panic or feeling of
discomfort being related to the dynamic response of the
structure [7]. This seems to be a common problem in

temporary demountable grandstands (TDGs), where the
lightweight structural components of TDGs can be rapidly
assembled, easily dismantled, and reused, which results in
low stiffness of structure at the lateral direction, and can be
susceptible to vibrations caused by active crowds. So, pre-
dicting the structural dynamic responses, mitigating the
excessive structural vibrations, and ensuring occupant
comfort are tasks familiar to structural engineers. This has
stimulated considerable interest in crowd-structure dy-
namics and been designated as a design problem to be
tackled. In 1931, Reiher and Meister studied the effect of a
shaking platform [8]. In 1971, Khan and Parmelee used a
rotating display table [9]. In 1972, Chen and Robertson
investigated human perception of a wheeled windowless test
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room [10]. In 1974, Wiss and Parmelee investigated human
perception of a rise floor [11]. All the previously mentioned
researches investigated the human body vibration and the
structure vibration. Thus, there are two key areas of
human-structure interaction: first, the human body forces
induced by crowds, which have rhythmic activities; second,
the dynamic responses of structure and serviceability of
human-induced vibrations. To date, a number of research
projects have largely focused on producing load models to
accurately represent the dynamic crowd load, and great
advances have been done to investigate the human-structure
interaction [3, 5, 12-16], to better understand the vibration
response of grandstand structure.

This paper follows with interest the latter key area issues for
predicting the dynamic responses of temporary grandstand
structure. The theory of interaction model usually considers
that crowd and/or structure is mathematically assumed as a
mass-spring-damper SDOF system [17-20], respectively. Other
researchers such as Reynolds [21-23], Caprioli [24, 25], Sal-
yards [26], Cigada [27, 28], Comer [29], Parkhouse [30], and
Jones [31] monitored and analyzed the permanent grandstands
using experiments. Ibrahim [32], Mandal [33], Salyards [34],
Saudi [35], Pavic [36], Jian [37], and Lin [38] investigated and
analyzed the responses of grandstand by FEM. For assessing
the vibration serviceability, a series of classic experiments about
human perception where participants rate their feeling of the
vibration were conducted [3, 8, 9, 12, 13], and as alluded to
earlier, this method has been available for appraising the vi-
bration comfort of vehicle suspension system [39, 40], high-
speed train [41], pedestrian bridge [42], floor structure [43, 44],
and noise annoyance [45, 46]. Some achievements have been
adopted by BS6472-1 [47] and 1SO2631-1 [48] standards, and
the limit acceleration value for permanent grandstand was
given in some standards like ISO2631-1. Both a fuzzy logic
method and the probability theory and the signal detecting
theory of psychophysics [49-54] were also used to assess the
vibration serviceability of permanent and temporary grand-
stand [55, 56] structure.

What these reviews have highlighted is that vibrations
induced by humans have vertical motions, and few re-
searches analyzed the lateral vibration in the TDG. What is
more, lateral vibration is more likely to be induced than
vertical vibration in reality for TDG [14, 20]. This remains an
open problem in the area, and the aim here is to investigate
the lateral vibration of TDG.

So with this aim in mind, in this paper, an experiment to
determine the human perception of horizontal vibrations at
a TDG included 20 persons, where vibrations were derived
from a shaking table and crowd motions, respectively. The
dynamic forces that were induced by participants who have
swayed 0.5-1.8 Hz are recorded using a tri-axial human
biomechanics force plate. Based on these experimental re-
sults, the vibration serviceability of TDG is investigated, and
then, a simplified three-degree-of-freedom lumped dynamic
model of the joint human-structure system is reinterpreted
under different parameters of this interaction model, which
was used for analyzing the dynamic response of TDG.

Section 1 presents the lateral oscillation experiment. The
evaluation method is introduced and the relationships of
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evaluation parameters of structural vibration are investi-
gated in Section 2. Based on a feasible range of human
dynamic parameters and structural parameters, the struc-
tural dynamic responses of interaction models are analyzed
and discussed in Section 3. The conclusions will be presented
in the final chapter.

2. Lateral Vibration Experiments of Temporary
Grandstand and Questionnaire Surveys

Experimenting was executed on the basis of a rigorous risk
assessment and approval of the experiment program by the
university’s research ethics committee, using its standard
procedures for protecting the safety of participants and
acquiring sensible data. A temporary grandstand with four
rows and five columns of seats that can accommodate 20
persons were selected as the test rig. A unique reference
number was allotted to each participant so that their position
on the structure could be logged; for example, the first row of
seats is 1-5 from left to right (Figure 1(a)).

The study included forty volunteers (Figures 1(b) and 1(c))
from the university and society to consider their different life
experiences and educational backgrounds. The weight of each
participant was also measured, and the gross weight of the
twenty participants is 1405.7 kg and 1338.7 kg, respectively. The
participants consisted of 36 males with weights ranging from
54.0 to 90.5kg (mean 70.6kg) and four females with weights
between 41.0 and 57.0 kg (mean 50.5 kg). All participants were
aged between 20 and 35 years (mean age 26.2) and had a health
body to participate in the test. All participants did not receive
specialized training for perceiving the vibration. No specific
posture was prescribed, and the participants sat or stood freely.
Because this is a psychophysical experiment or survey by means
of a category judgment method, this requires participants to
rate their perception and/or comfort of the magnitude of the
vibrations. Based on their perception, everyone filled in the
questionnaire for rating the vibration that had been experi-
enced during the lateral vibration tests when they sat and/or
stood, respectively.

For simulating the lateral vibration of temporary grand-
stand, a series of random waves (Table 1) were chosen as
external excitation when the test rig was occupied by partic-
ipants and the test rig was fixed on a shaking table (Figure 1(b)).
Table 1 shows there are three kinds of seismic waves: Chi Chi
(1999s), EI Centro (1940s), and Kobe waves (1995s), including
two lateral directions, West-East (W-E) and North-South (N-
S), which were chosen as horizontal force to the test rig. The
peak acceleration of these random waves was between 0.16 m/s>
and 1.54m/s” with 53 force testing sessions in total. For ex-
ample, there are nine test curves of Chi Chi (W-E) from the
peak acceleration 18.29 gal to 91.45 gal, increasing 0.5 times,
that is, 18.29 gal, 27.43 gal (18.29x 1.5), 36.58 gal (18.29x 2),
4573gal  (1829x2.5), 54.87gal (1829x3), 64.02gal
(18.29x3.5), 7316 gal (18.29x 4), 82.31 gal (18.29x4.5), and
91.45 gal (18.29 x 5.5). Other kinds of test curves used the same
increasing method like Chi Chi test waves. The shaking table
was controlled by displacement curve (acceleration curves
converted to displacement curves), and one of them is shown in
Figure 2.
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FIGURE 1: The lateral vibration experiment and single person swaying test. (a) Schematic of structure; (b) external excitation; (c) stand crowd
swaying excitation; (d) seated crowd swaying excitation; (e) single person swaying.

TaBLE 1: Details of test seismic waves.

Seismic wave Peak acceleration (gal) Duration (s) Number

. W-E 18.29-91.45 48 9
Chi Chi (1999s) N-S 16.26-89.43 46 10
W-E 21.48-96.66 40 8

EI Centro (1940s) N-S 31.29-140.81 40 8
W-E 30.78-153.90 30 9

Kobe (19955) N-S 30.57-152.85 40 9

EI Centio

Displacement
(mm)

Displacement
(mm)

0 2.5 5 7.5 10 12.5 15 175 20 225 25 275 30 325 35 375 40 425 45 475
Time (s)

Displacement

Time (s)

FIGURE 2: The shaking table under displacement-controlled loading.



Besides, human-induced vibration was derived in the
stand/seated active crowd when they have swaying move-
ments on temporary grandstand (Figures 1(c) and 1(d)), and
eight person were swayed at a triaxial human biomechanics
force plate (Figurel(e)). (Figure 1(e)). For human internal
excitation, eleven experimental conditions were designed for
crowds with swaying activities at temporary grandstand. The
swaying person’s number, test conditions, and crowd
swaying frequencies are shown in Table 2 [57]. In this paper,
the passive and/or active crowd annoying levels of vibration
is investigated.

In Figure 3, the main dimensions of a structure are
height of front row (2.6 m), back (4.0 m), left-to-right
span (2.5m), and front-to-back span (up to 3m). Four
accelerometer points A1-A4 stand for the accelerations
of each row. Also, there are three linear variable differ-
ential transformers (L1-L3) shown in this figure. The
responses of structural seating system are measured by
the accelerator points A1-A4 and are presumed as the
responses of the crowd-TDG-coupled model. Data were
collected at a sampling frequency of 1kHz using IMC
data acquisition software carrying a built-in anti-alias
filter (German model IMC CRONOS compact-400-08
with robust housing) and a DH5922 (Dong Hua, China).
The recorded curves were digitally filtered with a fre-
quency content of up to 25Hz in order to minimize the
effect of background noise. Finally, the adjustable bearing
of the test rig had to be sufficiently robust with a bolted
connection in the shaking table and to prevent sliding due
to the impact of seismic waves resulting from side-to-side
motions.

As mentioned previously, only few standards or codes
can provide specific clause on the assessment of human
vibration acceptability for grandstand. Some researchers
[3, 8, 9, 12, 13] divided the human perception and vi-
bration level into three to six categories, which are based
on the concept of equidistance followed human psycho-
logical changes. The achievements have been adopted by
BS6472-1 [47] and ISO2631-1 [48] standards. Intro-
spection is used to describe an experimental technique
that was first developed by psychologist Wilhelm Wundt,
in Wundt’s lab, and there were two key components that
made up the contents of the human mind: sensations and
feelings. Wundt believed that researchers needed to do
more than simply identify the structure or elements of the
mind. Instead, it was essential to look at the processes and
activities that occur as people experience the world
around them [58]. Therefore, it is necessary to conduct a
psychophysical experiment survey by means of a category
judgment method [59]. So, according to these findings,
the level of vibration perception (six categories) [60] and
comfort are provided with vibration perception ques-
tionnaires, which require participants to select their
subjective perception and/or levels of comfort during
exposure to vibration. The questionnaires contain the
level of vibration perception with the level comfort and
shows in Table 3, and the questionnaires are shown in
Figure 4.
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3. Evaluation Method and Analysis of the
Vibration Serviceability

3.1. Annoyance Rate Method. Although the limit accelera-
tion value for grandstand was given in some standards like
1SO2631-1 [48], the membership between the limit value and
comfortable level was not reasonablely extrapolated, espe-
cially for lateral vibration of temporary grandstand. The
result of questionnaires includes the ambiguity of seis-
mesthesia and the sensitivity randomness existing in par-
ticipants’ response to vibration environment. All these
uncertainties need to be analyzed from a psychophysics
view. So, first, the seismesthesia of membership function and
corresponding conditional probability distribution [61] is
calculated using (1) based on Table 3 and questionnaires.

e
it K-y

i=12..,K, (1)

where v; is the seismesthesia of membership value of the jth
type of the unacceptable range, and K is the class number of
the subjective response, according to Table 3, K=6.

So, the subjective response corresponding to the value of
v; can be shown in Table 4.

An evaluation index annoyance rate method that is a fuzzy
stochastic model for participant response to vibrations is cited
[61]. The method considers these uncertainties with the fuzzy
logic method and the probability theory, combined with the
objective experimental data statistics. An annoyance rate is the
proportion of some kind of subjective response under certain
external stimulus intensity, which considers synthetically re-
sponse ambiguity and randomness with fuzzy membership
value. It is useful as a benchmark to determine the annoyance
threshold for vibration serviceability criteria. The threshold
indicates the ration of people who cannot accept the vibration
to the statistical that total number. Under discrete distribution,
the annoyance rate can be calculated as follows:

2(vij )
Znij ’

where R (x=1i) is the annoyance rate of the ith vibration
intensity; v;; is the membership of value is calculated using (1)
at the ith vibration intensity; n;; is the number of subjective
response of the jth type of the ith vibration intensity; K is the
class number of the subjective response, K=6 (Table 3).

R(x=i) = (2)

3.2. Relationship of Structural Vibration Evaluation
Parameters. According to the author’s paper [20], there are
three common approaches to determining vibration am-
plitude: peak, root-mean-square (RMS), and vibration dose
value (VDV). VDV approach may be more suitable for
assessing the structural vibration by dynamic curves espe-
cially the curve has distinct peaks that is different from RMS
approach which depends too heavily on the duration of an
event to act as an accurate gauge of response severity [4]. So,
the shaking table’s acceleration and structural dynamic
responses are quantified in terms of the vibration dose value
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TaBLE 2: Details of crowd rhythmic activities.

Test condition number Test conditions Crowd swaying frequency (Hz)

1 All standing persons swaying 0.5, 0.75, 1.0, 1.1, 1.25, 1.4, 1.5, 1.7, 1.8
2 All seated persons swaying 0.5, 0.75, 1.0, 1.1, 1.25, 1.4, 1.5, 1.7, 1.8
3 6-20 standing swaying, 1-5 seated 0.5, 0.75, 1.0, 1.1, 1.25, 1.4

4 11-20 standing swaying, 1-10 seated 0.5, 0.75, 1.0, 1.1, 1.25, 1.4

5 16-20 standing swaying, 1-15 seated 0.5, 0.75, 1.0, 1.1, 1.25, 1.4

6 6-20 standing swaying; 1-5 standing 0.5, 0.75, 1.0, 1.1, 1.25, 1.4

7 11-20 standing swaying; 1-10 standing 0.5, 0.75, 1.0, 1.1, 1.25, 1.4

8 16-20 standing swaying; 1-15 standing 0.5, 0.75, 1.0, 1.1, 1.25, 1.4

9 6-20 seated swaying; 1-5 seated 0.5, 0.75, 1.0, 1.1, 1.25, 1.4

10 11-20 seated swaying; 1-10 seated 0.5, 0.75, 1.0, 1.1, 1.25, 1.4

11 16-20 seated swaying; 1-15 seated 0.5, 0.75, 1.0, 1.1, 1.25, 1.4

Accelerometer

4003 mm

2603 mm

1500 mm 1500 mm 1500 mm 1500 mm

Acceleration Measurement Points | | Displacement Measurement Points ‘
| ! |

(a) (b)

FIGURE 3: The test structure. (a) The test points of accelerometer and displacement; (b) test instruments.

TaBLE 3: Human perception and comfort category.

Ordinal Perception category Subjective response

1 Imperceptible No response (not uncomfortable)
2 Litter perception Normal (a little uncomfortable)
3 Clear perception Accept (fairly uncomfortable)
4 Little strong perception Litter nervous (uncomfortable)
5 Strong perception Nervous (very uncomfortable)
6 Very strong vibration Panic (extreme uncomfortable)

(b)

FIGURE 4: Participant response questionnaire. (a) The questionnaires of shaking table test; (b) the questionnaires of human induced

vibration.
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TABLE 4: Seismesthesia membership values.

Subjective response j=1 j=2 j=3 j=4 j=5 j=6
No response Normal Acceptable Litter nervous Nervous Panic
Membership value 0.0 0.2 0.4 0.6 0.8 1.0

(VDV), which is calculated in (3) for both continuous and
digitized signal:

B

T 1/4 " 0.25
aypy = {Jo ai} (f)dt} = <A1210 Z afu (¢) - Ati> <Z
i=1 i=1

where a,q4, is the vibration dose value of acceleration a (t) in
m/s'7%; {; is the integration point that equal to timing point t;
a,, (t) is the frequency weighted acceleration equal to a,, (t)-W
(f), and W (f) is the frequency weight function from ISO2631
[62, 63]; f; is the empty structure natural frequency (Figure 5).
According to the 1SO2631, the value of 0.74 is used in this
paper; a (t) is the digitized sample of the experimental ac-
celeration, and it is the mean curve of A1-A4 in this paper; T
is the vibration duration in seconds, and f is the sampling
frequency, with n=T/f being the number of points in the
signal; Ax; is the ith integral interval point. In this paper, (3) is
used for calculating the same kind of excitation with different
amplitudes to reflect the structural dynamic performance. So,
for example, the set {1, 2, 3,4, 5, 6,7, 8,9, 10} and set {10, 9, 8,
7, 6, 5, 4, 3, 2, 1} are different; if both of them were evaluated
by Eq. (3), they will have the same answer. However, it is
incorrect to think that the two datasets are similar. In this
paper, the order of the elements of a (¢) is invariant, and only
the size of element increases linearly, that is, {1, 2, 3, 4, 5, 6, 7,
8,9, 10} and {2, 4, 6, 8, 10, 12, 14, 16, 18, 20} and so on.
The peak acceleration of A0 plotted against each form of
structural acceleration is shown in the same window of
Figure 6(a). In this figure, hollow dots stand for peak ac-
celerations, square dots stand for RMS values, and diamond
dots stand for VDV. All the dots include the results of A1 to
A4. Tt should be noted that the fitting curve of VDV is lower
than the other two, and the fitting curve of RMS is higher
than the other two. For the human-induced vibration ex-
periment, the results of excitations are derived from crowd
with rhythmic activities Figure 6(b), which are different
from the shaking table tests (Figure 6(a)). The peak accel-
eration, RMS, and VDV of each test condition results are
also calculated, and the scatter plots were the three measures
plotted against crowd swaying. In this figure, the hollow dots
stand for peak accelerations, the square dots stand for RMS
values, and the diamond dots stand for VDV. It is also found
that RMS values are higher than the peak value and VDV,
and the max value is about 13.49 m/s, which is out of the
limits given by Kasperski [3], Setaerh [5], Nhleko [13],
BS6472-1 [47], BS6841 [64], and some codes or guidelines
[65-69]. Considering to the max value, based on the vi-
bration perception questionnaires of these participants, it
was found that they were in panic from the questionnaires.

0.25
(fs)-a(t; )] ) A = max{Ax,Ax,, ..., Ax,}, (3)

The standard BS6472-1 [47] and ISO2631-1 [48] has
given an approximate relationship between VDV and RMS
when vibrations are statistically stationary, and Griffin [70]
introduced the crest factor Cg, and when Cg = ayp/dyrms is
less than 6, the VDV can be estimated using a.,,,s. However,
as can be seen in Figure 7(a), it is not applicable to the
vibrations recorded in shaking table experiment as the
calculated Cg are significantly smaller than 6. Ellis with
Littler [71] has given a linear relationship between VDV and
peak acceleration, whereas it is also not applicable to this
experiment’s results. Besides, Cr plotted against a,yay/dwy is
fitted by a linear curve and the fitting parameter R-Square is
0.74, which is different from that given by Setareh [5], a
second-order relationship. This may be because Setareh
researched excitations and structures that are different than
that in this paper.

For human swaying experiment, the crest factor Cg
values also are smaller than 6, and Cg plotted against
Ayvdv/@wp s shown in Figure 7(b). Compared with the
shaking table experiment that excitations were exported with
a linear increasing, even crowd-induced structure vibration
has a certain randomness because the output energies of
their bodies are uncertain. It is indicated that they have a
linear relationship and even only a part of subjects have
rhythmic swaying (such as 3-11 test conditions in Table 2).
So, based on the computed a,,,, dywrms and ayyay, Figure 8
shows the scattered plots of ayp, and ay,ms plotted against
Ayvdy> and a linear relationship curve was fitted, which in-
dicated that there existed a good linear relationship between
each of them.

Bearing all this in mind, the structural acceleration VDV
has a linear relationship with RMS and peak acceleration,
and not only the structure was oscillated by shaking table
with linear increasing excitations but also it was oscillated by
crowd having rhythmic activities with linear increasing
swaying frequencies. And what is more, crowd swaying
movements can make structure’s acceleration more than 10
m/s’, which can cause the crowd to panic.

3.3. Acceptable VDV Limits. The external excitation and
human internal vibration for the test structure were analyzed
in this paper. The structural acceleration curves had
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characteristics thar varied with time. So, VDV is more
versatile than RMS and has been calculated to quantify
human reactions to numerous types of vibrations, and VDV
will be used for finding the relationship with annoyance ratio
in this paper.

The annoyance rate R of the crowd occupying the
structure when it oscillated by external excitations is
calculated using (2). All the experiment data of the scat-
tered plots annoyance rate R plotted against VDV are

shown in Figures 9 and 10. First, the distribution of an-
noyance rate of standing crowd experiment data (circle
dots) is compared with seated crowd experiment data (star
dots) in the same window, which is shown in Figure 9(a). It
can be seen that the distribution of annoyance rate of the
standing crowd is similar to the seated crowd results when
structural VDV is no more than 1.55m/s"”>, Tt is found
that the annoyance rates of the standing crowd are lower
than the seated crowd when the structure has larger VDV,
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especially when the VDV is larger than 2.0 m/s"”®, which
may indicate that the standing crowd is more tolerant to
vibration than the seated crowd in this kind of conditions
of the experiment. Figure 9(a) shows that the crowd an-
noyance rate has a significant nonlinear relationship with
increasing structural VDV. The distribution of annoyance
rate is different in seated or standing crowds. When the

data of Figure 9(a) were shown by logarithmic coordinate
system in Figure 9(b), it was found that there is a linear
relationship between structural VDV and annoyance rate.
So, by neglecting the slight difference found in them, the
fitting curve is also given in Figure 9(b), and R, is the
annoyance rate of the crowd at external excitation
experiments.
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Second, active crowd-induced structure vibration exper-
iment results are also investigated to find the relationship
between annoyance rate and structural VDV. When the VDV
is higher than 2.8 m/s"”’, the crowd is in panic, and the
annoyance rate is 1.0, So, only the corresponding values with
annoyance rate lower than 1.0 are shown in Figure 10(a). It is
indicated that the distribution trend of scatters are similar to
Figure 9(a), no matter what the results from standing crowd
experiment data (filled dots) or seated crowd experiment data
(square dots). It may also indicate that the standing crowd can
tolerate more strong structural vibration than the seated crowd
when the structural vibration was induced by the swaying
crowd, from Figures 9(a) and 10(a), and this finding accords
with Nhleko's research [13]. Also, a linear relationship between
the structural VDV and annoyance rate at logarithmic co-
ordinate system is fitted when considing the seated crowd data
and standing crowd data as a whole sample. The fitting curve is
shown in Figure 10(b). Rl,oa is the annoyance rate of crowd
at human induced vibration experiment.

According to Figures 9(b) and 10(b), it is found that the
trends of annoyance rate are similar no matter the structure
was oscillated by the shaking table or by swaying crowd. So,
both of the two experiment results were considered as a
whole to evaluate the annoyance level of vibration. Fig-
ure 11 shows all the scatters of annoyance rate with
structural VDV at the logarithmic coordinate system. It is
clear that the distribution of annoyance rate is approximate
with increasing VDV, even if there is a gap of annoyance
rate between the results of seismic excitation (filled dots)
and the results of human induced vibration (circle dots)
when the VDV is smaller than 0.6 m/s'’>. A linear curve
was fitted using (4a), and the formula at Cartesian coor-
dinate system is also given in (4b):

log,, (R) = 0.49119 log, (ayyay) — 0.27607. (4a)

B,y = 10056205 . RUOASLIS, (4b)

So, when the vibration of structure was induced by
stochastic and rhythmic excitations, the annoyance rate
could be determined by (4a) and (4b).

R is the annoyance rate of crowd on temporary
grandstand, and ayyqy is the acceleration VDV of seating
system of temporary grandstand, and its range is 0.1 to
2.8m/s"7°. In this paper, R is lower than 0.4, which indicates
that the crowd is comfortable with the structure. R varying
from 0.4 to 0.6 means that some people in the crowd feel
uncomfortable. R varying from 0.6 to 0.8 means that most of
the people feel uncomfortable. and when R is larger than 0.8
that shows that the crowd is in panic [61]. Based on this
annoyance levels of vibration and according to (4a) and (4b),
the structural acceleration VDV 1.29 m/s"”> corresponds to
R=0.6 as the serviceability limit, and 2.32m/s'”> corre-
sponds to R=0.8 as the serviceability limit of the upper
boundary.

4. Parameters Analysis of Interaction Model for
Structural Dynamic Response

The test results of the interaction between the static human
body and temporary stand verify that the rationality of the
static crowd and structure has been, respectively, simplified
into an SDOF calculation system [18]. The combination with
dynamic crowd not only provides load but also serves as an
SDOF system, respectively [42, 43]. Thus, the proposition of
a 3DOF interaction model between the crowd and
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temporary stand is presented. And for the lateral vibration,
ms, f3, and (5 represent the mass, the first-order frequency,
and the first-order damping ratio of the static crowd model,
m,, f,, and (, represent the relevant parameters of dynamic
crowd, and my, f;, and {; represent the relevant parameters
of effective area of the crowd-structure interaction. The
simplified 3DOF calculation model of the crowd-structure
interaction represented by these parameters is shown in
Figure 12. The effective area of crowd-structure in the model
refers to the seat structure area of a temporary stand in direct
contact with the crowd (seating system). In view of the
spatial changes in the action points of the crowd swaying, it
is generally considered that the plane variables, that is, the
action points, are the same. Therefore, it is assumed in the
model that the crowd is a centralized mass single-point
system, rather than a spatial multipoint system. The struc-
tural vibration mode @ in the model is simplified to 1, with
its influence no longer being reflected.

Firstly, according to the experiment of swaying crowd,
the swaying is loaded as the horizontal load for this model.

Second, the reasonable range values of the lateral dynamic
parameters of structure and crowd are given. Based on these
results [18, 40, 44, 45], it is considered that f, varies between
1.5 and 3.3 Hz and (, varies between 0.20 and 0.25; f; varies
between 1.4 and 2.8 Hz, and (; varies between 0.3 and 0.5; f;
varies between 1.0 and 5.0 Hz and (; varies between 0.02 and
0.073. Then, the crowd and temporary stand interaction
models with different parameter combinations are calcu-
lated. Finally, different parameters of the interaction model’s
responses are obtained, and the variation tendencies are
analyzed.

In this model, the direction of displacement x is positive,
the elastic force and damping force act in the opposite di-
rection, and x;, x,, and x; are the lateral displacement of
structure, dynamic crowd, and static crowd, respectively. For
each mass-damping-spring system, the mechanical rela-
tionship followed by each mass is calculated with Newton’s
second law, as shown in (5a)-(5c¢):

) dx dt x
Mass of static crowd model m;: — C3<E - a) —ky (x5 —xp) = m3d2d—i. (5a)
2
Mass of dynamic crowd model m,: — cz(ddxt2 - d;tl) -Ky(x, —x;) = % (5b)
dx, dx myd’x
M f 1 - bt e T I _ — # 5
ass of structure model m;, c1< T @ ) ky (x5 — %) RN (5¢)
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Plug equations (5a) and (5b) into (5¢) and express them
in matrix form as follows:

[M]3><3LXJ3><1 +[Cl3ys K503 [ X341 = [Flaxrs (6)

where damping c; = 47m; fi{ ; stiffness k; = 4m2m; {2, i=1,2, 3.

The number of dynamic and static crowds will change in
the structure during the use of a temporary stand; thus, the
changes in the mass of the two models m, and mj; are
considered and expressed as mj3 = am,, wherein a =0 indi-
cates that all crowds are dynamic, « approaching +oo in-
dicates that all crowds are static, and the structure is in a
static state. It is assumed that there is a relationship m; = fm,
between the mass of the structure model and the mass of the

provide a certain frequency and damping effect to the
structure.

So, the mass matrix [M] in (6) can be expressed as (7a)
using the previously mentioned parameters:

m, 0 0 p 0O
[M]=[ 0 m, O |=m3]01 0] (7a)
0 0 my 00«

Considering the ratio of effective crowd model mass to
effective structure model mass studied in another paper [18],
there is a certain relationship between the structure mass 1,
and the crowd mass m, and m;. In other words, there is a

dynamic crowd model. Dynamic crowds, especially swaying ~ duantitative relationship m,+m;<3m,, and  then
crowds in contact with the structure during movement, My + oy < 3ﬂ_m2’ so 1.+oc < 3:6'
The damping matrix [C] is expressed as follows:
Citete =6 —C3 Bfisi+ fa6a+afscs —f26 —afsc
[C] = -c, ¢ 0 |=4mm, —£26 f26, 0 (7b)
-G 0 ¢ —af16 0 af36
The stiffness matrix [K] is expressed as follows:
2 2 2 g2 2
ky+ky+ky —ky —k; Bfi+fa+fs —fy —af;
(K] = -k, k, 0 |=4rm, -1 20 (7¢)
—k; 0 kK ~af> 0 af:

The dynamic differential equation (6) is transformed
into a state equation using the state-space method, and the

system displacement is defined as the component of the state

vector. The state vector is expressed as follows:
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Z(t)=[z, z, 23 24 25 Zs]Tz[xl Xy X3 X X 9&3]T-
(8)

If the system is initially in a static state, the state equation
and output equation are expressed as follows:

Z(t) = AZ(t) + BE. (©)
y(t) = EZ(t) + DF,
where  the transfer space matrix is [A]=
0; I : . .
[ MK —MC LXG, the input coefficient matrix is

M-
and the direct transfer matrix is [D] = [0];,5.

The value of crowd swaying frequency is set between 1.0
and 1.8 Hz (in 0.1 Hz increments), so nine crowd swaying
load curves can be simulated using (10), where the constraint
parameters Hy, d, and f are obtained from the experimental
(Figures 1(c)-1(e)) data [17]. To ensure that the load is only
affected by frequency, it is assumed that each swaying of the
crowd is synchronized at each frequency and the most
unfavorable state of the structure bearing the swaying load of
the crowd is simulated. It is held that the peak value of the
swaying curve generated by each frequency is the same. The
swaying time is considered 20 s, so nine curves are generated
and shown in Figure 13, and the peak value of the curve is
0.2m,g (N). When calculating the model, enter a time of 25 s,
and the last 5 s displays the attenuation process of the model.

B 2H, sin (7 d) 2H, sin (37 d)

[B] = [ 03X31 ] , the input matrix is [E] = [ I3 033 |axe
6x3

sin (67ft).

F (1) sin (27ft) +

(10)

4.1. Changing the Dynamic Crowd Parameters. Different
crowd parameters will greatly affect the response of the
structure, and the crowd parameters mainly include the
swaying load; frequency of static and dynamic crowd model;
mass of static and dynamic crowd model; damping of static
and dynamic crowd model. In order to analyze the influence
of dynamic crowd parameters for structural response, the
temporary stand parameters are f; =2.7Hz, {; =7.3%, and
B=1.0, and it is assumed that f3=2.0Hz and {3=0.4 [18],
which is first used as a constant.

Considering the static and dynamic crowd in the use
stage of the stand, the minimum value of « is set to 0.2, and
then, 0.8, 1.4, and 2.0 are taken as the reduction of the mass
of the dynamic crowd in the total crowd. For dynamic crowd
parameters, f, forms seven frequency values in 0.3 Hz in-
crements, from 1.5 Hz to 3.3 Hz, and {, forms three damping
ratios 0f 0.2 0.225, and 0.25. By substituting these parameters
into (6), the mass matrix, damping matrix, and stiffness
matrix expressed only in variable m, can be obtained.

Seven hundred fifty-six coupling models are formed with
nine load cases, four « values, three (, values, and seven f,
values, and the model of each parameter combination is
calculated using MATLAB software (the MATLAB program

13

in Appendix I). Figure 14 shows the acceleration curves of
structure, dynamic crowd, and static crowd when «=2.0,
f>=33Hz, {,=0.25, and f=1.8Hz. As indicated by the
comparison of curve peak values, although the latter two are
greater than the former, more attention is paid to the re-
sponse of the structure in practical application. In addition,
the structural acceleration curve form obtained by theo-
retical calculation is similar to the structural response ob-
tained from the measured crowd swaying test (when the
crowd is seated and swaying at 1.8 Hz, and the peak value is
divided by 16).

Considering that the VDV is the quantitative value of
structural response in this paper, the VDV of 756 structural
acceleration curves are extracted in Figure 15, where the x-
axis is the swaying frequency and the y-axis is the accel-
eration of VDV. The seven curves in each figure correspond
to the model results of the seven values, respectively. The
three graphs in each row represent model results with the
same a, {, =0.200, 0.225, and 0.250 respectively, and the four
graphs in each column represent model results with the same
{, and a=0.2, 0.8, 1.4, and 2.0, respectively. Qualitative
analysis on these curves shows the following tendencies: with
increasing f, each curve rises first and then descends gently;
each curve has only one peak, and the f corresponding to the
peak increases with increasing f5; the larger the a, {5, and f,
are, the smaller the structural response will be.

To further determine the impact of dynamic crowd
parameter changes on structural response, the relationship
between the peak values of seven curves and the corre-
sponding values in each graph of Figure 15 is plotted to
form a curve. Twelve curves are shown in Figure 16(a). The
curves in the graph reflect the variation tendencies: the
larger the {, under the same « is, the smaller the structural
response will be; the curve of a=0.2 rises first and then
descends, while the curve of & > 0.8 descends directly. It can
be seen that different « cause the structural VDV to in-
crease or decrease first or directly with increasing f,, and
that f, corresponding to the peak are also different. Thus,
the model of «=0.3-0.7 is calculated and the result of
{,=0.2 is shown in Figure 16(b). It shows the curve of
a < 0.6 still rises first and then descends, with the peak value
appearing at f, =1.8 Hz, while the curve after a>0.6 de-
scends directly, with the peak value appearing at f, =1.5 Hz.
Both figures show that the structural response decreases
with increasing a.

The influence of variable parameters on structural re-
sponse is quantitatively analyzed. Figure 17 shows the re-
lationship curve between the maximum value of each graph
in Figure 15 (the maximum value of each curve in
Figure 16(a)) and each variable parameter. The four curves
indicate that the structural response decreases linearly with
the linear increase of {,, dropping by 19% when a=0.2; by
21% when a = 0.8; and by 21% and 15% when o= 1.4 and 2.0,
respectively.

Similarly, the maximum reduction of structural VDV at
different f,, « and (, is given in Table 5. As shown by the data
in the table, when the mass of the static crowd increases 10
times, the maximum VDV of the structure decreases by up
to 90% (at 3.3 Hz), and the maximum VDV of the structure
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decreases by 23% (at 2.1 Hz) when (, increases by 25%.
Besides, considering the different f, influences on the
structural response, the structural response decreases by
65-62% when a =0.2; by 88-86% when a =0.8; by 92-90%
when a =1.4; by 94-92% when a=2.0.

In addition, the curve in Figure 15 shows that f corre-
sponding to the peak is different. The f corresponding to the
peak of the curve is shown in Table 6.

It can be seen from the numerical trend in the table:
under the same f,, the smaller the a, the larger the f that
makes the structure have a greater response; the larger the f,
the larger the f that makes the structure have a greater re-
sponse, from f=1.4Hz when f,=1.5Hz to f=1.7 Hz when
f,=3.3Hz. The distribution of numbers in the table shows
that the corresponding f varies from 1.2 to 1.7 Hz, mainly at
1.2Hz, 1.3Hz, and 1.4 Hz.
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TaBLE 5: The max VDV corresponding to variate parameters of active crowd.
1 0,
Parameter The degree of reduction (%)
1.5Hz 1.8Hz 2.1Hz 2.4Hz 2.7Hz 3.3Hz 3.3Hz
a 0.2-2.0 34 64 87 89 89 90
6 0.20-0.25 22 19 18 16 12 11
TaBLE 6: The peak of structural dynamic response corresponding to swaying frequencies.
> (Hz)
f (Hz) f
1.5 1.8 2.1 2.4 2.7 3.0 3.3
1.0
1.1
1.2 a-1 j-1 j-1 j-1 l
1.3 da-f g-i g-i g-i g-k g-1 g-1
1.4 a-c d-f d-f da-f d-f
1.5 a-c a-c d-f d-f
1.6 a-c a-c
1.7 a-c a-c
1.8

atolstandsfora—a=0.2,{,=02b-a=0.2,{,=0.225c-a=0.2,{,=025d-a=0.8,{,=02e—-a=0.8,{,=0225f-a=08,{,=025g-a=14,({,=
02 h—a=14(=0225i-a=14,0=025]-a=20,0=02k-a=20,0=0225] - a=20,{ =025

4.2. Changing the Static Crowd Parameters. The content in
Section 3.1 is prepared based on f;=2.0 Hz and {3 =0.4. The
curve in Figure 16(a) shows that, due to different «, the
structure VDV may reach its maximum when f, =1.5 Hz and
(,=0.2 or ,=18Hz and {,=0.2. According to this, for
analyzing the influence of static crowd parameters of
model’s structural responses, f; is set between 1.4 and 2.8 Hz
and taken at 0.2 Hz intervals (eight in total), {3 is set between
0.3 and 0.5 and taken at 0.1 intervals (three in total), and « is
set at 0.2, 0.8, 1.4, and 2.0. Then, 864 coupling model pa-
rameter combinations are formed (the program of MATLAB
software is shown in Appendix I).

First, taking the model of f,=1.5Hz, {,=0.2 as an ex-
ample, the structural acceleration curves of models
f3=2.8Hz, {3=0.5, a=2.0, and f=1.8Hz are shown in

Figure 18(a), and the curve form is still similar to the
measured structural curve (crowd standing and swaying at
1.8 Hz, and the peak value is divided by 4). Just like Fig-
ure 15, the relationship curves between the VDV of all model
structures and different dynamic crowd parameters are
obtained, as shown in Figure 18(b). The curve variation
tendencies are as follows: with increasing f, the curve first
rises and then descends gently, and there is a unique peak.
The larger the f;, the greater the structural response. The f
corresponding to the peak value of the curve decreases with
increasing a. To check whether the variation tendencies of
acceleration curves in the other two forms are consistent
with the previously mentioned phenomena, the RMS and
peak value curve in the bottom right corner of Figure 14(b)
are given in this paper, as shown in Figure 18(c). Compared
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F1GURE 18: The structural dynamic responses of models with different passive crowd parameters. (a) The structural acceleration curve of one
model at swaying load; (b) the structural acceleration VDV of models; (c) the acceleration VDV, RMS and peak values with swaying

frequencies.
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with the VDV curve, except for different values, the variation
tendencies of each corresponding curve are basically the
same, especially the curve represented by RMS. The ratio-
nality of analyzing the variation of static crowd parameters
to structural response with VDV is hereby further proved.

Second, the relationship curve between the peak value of
each curve and the f; in Figure 18(b) is given, as shown in
Figure 19. The curve in the figure shows the following
variation tendencies: with increasing f;, the structural re-
sponse increases and reaches its maximum when f3 =2.8Hz;
for the curve with the same «, the higher the (5 is, the larger
the structural response will be. Only when f; is greater than a
certain value (e.g., f3 >1.8 Hz when a=0.2; f; >1.7 Hz when
a=0.8 and 1.4; and f;>2.0 Hz when a =2.0), the higher the
(5 is, the smaller the structural response will be. In addition,
the structural response of the model with «>0.2 is larger
than that of the model with a=0.2. For example, when
a=0.8, the structural response is significantly larger than
that of other cases.

From the curve variations in Figure 19, it can be con-
cluded that there is no negative correlation between the «
and the structure’s VDV. Therefore, other « (0.4, 0.6, 1.0, 1.2,
1.6, and 1.8) are also calculated. The model results of {5=0.3
and (3=0.5 are, respectively, shown in the left and right
graphs of Figure 20. The x-axis represents the «, and each
curve represents the change in maximum VDV of the
structure’s f;. The curves show that the VDV of the structure
with «=0.2 reaches its maximum when f;<1.8Hz (red
curves), the VDV of the structure with a=0.8 reaches its
maximum when f; =2.0-2.4 Hz (bule curves), and the VDV
of the structure with a=1.0 reaches the maximum when
f3=2.6-2.8 Hz (black curves). It maybe indicated that not
the more static crowd the responses of structure is little, it
also depends on f;.

Third, the same drawing method is used to sort out the
model results of other f,, and the result curve of {3=0.3 is
taken as an example, as shown in Figure 21. There are six
graphs in the figure, respectively, representing the model of
f> at 1.8-3.3 Hz. Compared with Figure 20, it is found that,
with increasing f,, the curve variation tendencies gradually
becomes unified and decreases with increasing . Moreover,
by comparing the values of each curve, it is concluded that
the smaller f, and the larger f; are, the greater the model
structure’s VDV will be. Then, the result curve with {53=0.5
is given, as shown in Figure 22. The curve variation ten-
dencies and the structural VDV variations caused by pa-
rameters are basically the same as Figure 21.

Finally, the decrease (increase) of structural response
caused by different static crowd parameters under the
previously mentioned dynamic crowd parameter model is
calculated. Table 7 shows the maximum structure VDV
caused by difference in « and (3, and the negative value
indicates that the structural response is increasing.
According to the data, o influences on structural response
are greater than (; influences, and what is interesting is that
when f,=2.7Hz and f,=3.3Hz. The higher the (; is, the
greater the model structure’s VDV will be. Besides, the
structural response with the (5 increasing from 1.4 Hz to
2.8 Hz shows an average increase of 3.8 times.

Shock and Vibration

Similarly, the f corresponding to the maximum VDV of
the model structure is sorted out, as shown in Table 8. The
numbers in brackets represent the model results of {3=0.3,
and the numbers outside the brackets represent the model
results of {3=0.5. According to the distribution of numbers,
with increasing «, the lower the swaying frequency, the
greater the structural response, and f is mainly concentrated
between 1.2-1.4 Hz. The swaying frequency range is similar
to the results of dynamic crowd parameter analysis (Table 6).

To explain the reason for this phenomenon, the struc-
tural response of models f,=1.5Hz, {,=0.2, f;=2.0Hz,
(3=0.3,and a=2.0 at f=1.0 Hz, 1.3 Hz, and 1.8 Hz are taken
as examples, and the time domain curve and frequency
domain results are given, as shown in Figure 23. The peak
value of the time-history curve in the figure shows that the
peak value of the structural acceleration appears at 1.3 Hz. As
shown by the corresponding frequency domain analysis,
both first-order and third-order 1.3 Hz and 1.8 Hz swaying
loads contribute to the structure, while the contribution to
the structure is the largest under the action of the 1.3Hz
swaying load. The reason may be that f; in the coupling
model is set to 2.7 Hz, and f=1.3Hz is close to 1/2 of the
structural frequency. The reason why the third-order fre-
quency acts on the structure is that the contribution of the
third-order frequency is considered in the calculation for-
mula of the swaying load curve.

4.3. Changing the Structure Parameter. Because 1+a <3 in
the first part of Section 3, and when f is set as 0.5, ¥ < 0.5, so
a is set as 0.2, 0.3, 0.4, and 0.5 (four in total). In order to
analyze the different structure parameters influence on
structural response, the crowd parameters should be
regarded as constants. According to the crowd frequency
without loss of generality, the f, changes between 1.5 Hz and
3.3 Hz (in 0.3 Hz increments), for a total of seven values, and
the f; changes between 1.4 Hz-2.8 Hz (in 0.2 increments), for
a total of eight values. Although f, and f; are variables, any
combination of the two is taken as a constant in this section.
For the crowd damping ratio, only the parameter values
making the structure produce the maximum VDV are
considered to simplify the complexity of the model pa-
rameters. Since it has been determined above that, when
(,=0.2, the model structure VDV reaches its maximum.
Considering that {3=0.3 and {3=0.5 have a little impact on
the response of the structure, {3=0.3 and {, =0.2 are taken
as invariants. As shown in Figure 24, the change relationship
between VDV and the f of the model structure with com-
bination parameters f, =1.8 Hz and f; =2.8 Hz is displayed.
Four longitudinal graphs show the model results of «=0.2,
0.3, 0.4, and 0.5; three transverse graphs show the model
results of {;=0.02, 0.05, and 0.073.

Furthermore, the peak value of the curve in Figure 24
and the f corresponding to other model curves are sorted
out. It is concluded that when f; = 1.0-1.5 Hz, the peak value
appears at f=1.8 Hz, and, when f; =2.0 Hz, the peak value
appears at f=1.0 Hz. Then, with increasing the structural
frequency, the f making the structure produce the maximum
response increases from 1.1 Hz to 1.7 Hz.
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FiGgure 19: The influence of passive crowd parameters on structural dynamic responses of max acceleration VDV, RMS, and peak values.
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F1GURE 20: The influence of different & on max acceleration VDV when f,=1.5Hz.

To analyze the curve variation tendencies in more detail,
for example, the model results of a=0.5, {;,=0.073 are
represented by VDV, RMS, and peak value, respectively, as
shown in Figure 25. The variation tendency of the three
curves are basically the same; that is, the structural response
of fi < 1.5 Hz increases unidirectionally with f, the structural
response of f; = 2.0 Hz decreases first and then increases, and
the structural response of f; > 2.5 Hz increases first and then
decreases.

When analyzing the structure parameter influences on
structural response, the relationship curve between the
maximum VDV and f; with the same « and different (, is
given, as shown in Figure 26. The curve in the figure shows
that the smaller the (; is, the greater the structural response
will be, but the influence of {; on structural response is
related to f;. Only when f; is between 2.0 and 4.0 Hz will an
increase in the {; effectively reduce the structural VDV. In
addition, the curve rises first and then descends, and the
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Figure 21: The influence of other f, values on structural dynamic responses when {3=0.3.
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Figure 22: The influence of other f, values on structural dynamic responses when {3=0.5.

peak value appears at f; =2.5Hz or 3.0 Hz, indicating that
the structure with this frequency is easy to produce a large
VDV under swaying load. The model of the crowd pa-
rameter combination shows that the structure parameter
corresponding to the maximum structural VDV is
fi=2.5Hz, {; =2%, and a=0.5.

The influence of structure parameters on structural re-
sponse under the combination of other f, and f; is further
analyzed. It has been determined that the structural response
is largest when {; = 2%; for simplicity, only the model results
corresponding to this parameter are analyzed. Figures 27(a)-
27(d) show the model results of «=0.2, 0.3, 0.4, and 0.5,
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TaBLE 7: The max VDV corresponding to variate parameters of passive crowd.
Parameter The degree of reduction (%)
1.4Hz 1.6 Hz 1.8 Hz 2.0Hz 2.2Hz 2.4Hz 2.6Hz 2.8Hz
o 0.2-2.0 63 60 57 64 61 69 68 70
(s 0.3-0.5 —47 -12 -3 26 30 31 30 30
TaBLE 8: The peak of structural dynamic response corresponding to f with three kinds of model.
H
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FIGURE 23: The time domain and frequency domain analysis of structure response.

respectively. There are eight curves in the graphs repre-
senting the model results of the eight f;, and there are 56
curves in each figure. All curves rise first and then descend
with increasing f;, and the f; corresponding to the peak value
of the curve varies between 2.5 and 3.5 Hz. When comparing
the curve values of different f,, it is found that, with the
change of «, the maximum value of the curve is not in the
model of the same f,. For example, the curve value of
f=2.1Hz is the largest in the model of a=0.2, the curve
value of f, =2.4 Hz is the largest in the model of =0.3, and
the curve value of f, =1.8 Hz is the largest in the models of
a=0.4 and 0.5. When comparing the curve values of dif-
ferent f, it can be determined that the structural VDV is the
largest when f; =2.8 Hz.

Then, to analyze the change of structural response with
different o, taking the curve of f; =2.8 Hz in Figure 27 as an
example, the change curve of structural response with f; and
a under each f, of the model is given. As shown in Figure 28,
the curve values is affected by the f, and the structural re-
sponse does not strictly follow the tendency that the larger
the « is, the smaller the structural response is.

The structure parameters influence on structural VDV is
considered. As shown in Table 9, the maximum range of
structural response reduction with «, {; , and f is given. The
maximum influence of crowd mass on structural response is
83%, and this number will be reduced by 77% when the
structural frequency is changed and by 56% when structural
damping is increased.
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F1GUre 25: The max VDV, RMS, and peak values plotted against swaying frequencies.

When f = 1.0, the value range of « is set between 0.2 and
2.0. In Section 3.1, the structural VDV when f;=2.8Hz is
calculated on the premise that f; =2.7 Hz. It is necessary to
calculate the influence of structure parameter change on
structural response under different combinations of , and f5.

For example, the model results of f, =1.8 Hz, f; =2.8 Hz, and
a=0.2,0.8, 1.4, and 2.0 are taken as examples to illustrate the
relationship between structural VDV and structure pa-
rameter changes. As shown in Figure 29, there is only one
peak in each curve. Similarly, to analyze the curve variation
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FIGURE 27: The structural parameters plotted against VDVs with different f, and f; of models. (a) The model results when a=0.2, (b) the
model results when a=0.3, (c) the model results when «=0.4, and (d) the model results when a=0.5.
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Structural max VDV (m/s!7%)
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F1GUrk 28: The results of model with different « when f;=2.8 Hz.

TaBLE 9: The max reduce amplitude of structural dynamic witha, {;, and f;.
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Parameter
a (0.2-0.5) (%) {; (2.0-7.3) (%) f1 (1.0-5.0Hz) (%)
The degree of reduction 83 56 77
a=0.2, {;=0.02 a=0.2, {;=0.05 «=0.2, {;=0.073

6
4.9
3.5

0

Structural VDV (m/s!7%)
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4
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FIGURE 29: The structural VDV results when f, =1.8 Hz, f;=2.8 Hz of model.
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The max of RMS (m/s?)

The max of VDV (m/s!7%)

1 1.1 1.2 1.3 14 15 16 1.7 1.8 1 1.1 1.2 13 14 15 1.6 1.7 1.8 1 1.1 1.2 13 14 15 1.6 1.7 1.8

Swaying frequency f (Hz) Swaying frequency f (Hz) Swaying frequency f (Hz)
- f;=1.0Hz - fi=2.5Hz —— fi=4.0Hz
= fi=15Hz —— fi=3.0Hz -~ fi=4.5Hz
—— f1=2.0 Hz —*— f;=3.5Hz —~#— fi=5.0Hz

FiGURE 30: The max VDV, RMS, and peak values plotted against swaying frequencies.
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FiGURE 31: The max VDVs corresponding to structural dynamic parameters.
tendencies in more detail, the model results of «=2.0, following variation tendencies: when f; <1.5H, the struc-

(1=7.3% are represented by VDV, RMS, and peak value,  tural response increases roughly linearly with f; when
respectively. As shown in Figure 30, three curves show the  f; =2.0 Hz, the structural response decreases first and then
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f;=14Hz
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FIGUREe 32: The structural VDV of models with different f; when f, =1.5Hz.

increases; when 2.5 Hz < f; <4.0 Hz, the structural response
increases first and then decreases; when f; >4.5Hz, the
structural response increases roughly nonlinearly and uni-
directionally with f.

The relationship between the peak value of each curve in
Figure 29 and f; is discussed, as shown in Figure 31. The
curves in the figure show that the smaller the {,, the greater
the structural response, but the influence of {; on the
structural response is related to the structural frequency. An
increase in the structural damping ratio will effectively re-
duce the structural response only when f; is between 2.0 and
3.0 Hz. In addition, the f; corresponding to the peak value of
the curve transits from 2.5 Hz to 3.0 Hz with the increase of
a. The parameter model shows that the structural VDV
reaches its maximum when a=0.2, {; =2%, and f; =2.0 Hz.

Then, the model results of different parameter com-
binations of f, and f; are calculated. Considering the
maximum curve value of {; =2% in Figure 31, and taking
the corresponding results of this parameter as an example,
the curves between the maximum VDV of the structure and
the structure parameters is given for the combination of
f,=1.5Hz and other f; (Figure 32). The figure shows that,
with different f; of models, the curve is slightly different
with f;. Only f;=1.4Hz, and when a=0.2-0.6, the curve
rise first and then descend; when « > 1.4, the curve begins to
descend after f; = 3.0 Hz. In other f; models. All curves first

rise and then descend with increasing f;, and the f; cor-
responding to the curve peak transits from 2.0 Hz to 2.5 Hz
with increasing . By comparing the maximum value of the
curve in each graph, it is found that the curve value in the
model with f; =2.8 Hz is greater than that in the model with
other f;. When sorting out the results of the combination of
six other f, and f, it shows that the curve value of the
combined model with f;=2.8 Hz is the largest. Then, the
combined model curves of f, =1.8-3.3 Hz (six values) and
f3=2.8 Hz are given, as shown in Figure 33. Each curve in
the figure represents the model result of one a. All curves
first rise and then descend with increasing f;; the f; cor-
responding to the peak value of the curve changes between
2.0Hz and 3.0Hz, and the « corresponding to the maxi-
mum peak value of the curve is 0.2. Moreover, it is found
that, after comparing the curve values in different graphs,
the structural VDV of the model with f,=1.8Hz is the
largest.

In addition, the f corresponding to the maximum VDV
of the structure is analyzed, with the results shown in Ta-
ble 10. Similar to the model result of §=0.5, when the f; is
1.0-1.5Hz, the corresponding f is 1.8 Hz or 1.0 Hz. With
increasing f;, the corresponding f transits from 1.1-1.3 Hz to
1.7-1.8 Hz. Finally, the change of structural VDV caused by
the change of different structure parameters is calculated, as
shown in Table 11. Only cases with the greatest impact on the
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Structural max VDV (m/s!7°)
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F1Gure 33: The structural VDV of models with different f, when f;=2.8 Hz.

TaBLE 10: The max structural VDV value corresponding swaying frequencies.

Swaying frequenc i (Hz)
ymg frequency g 15 2.0 25 3.0 35 40 45 5.0
f(HZ) 1.8 1.8, 1.0 1.1-1.3 1.3-1.6 1.4-1.8 1.5-1.8 1.5-1.8 1.6-1.8 1.7-1.8

TaBLE 11: The max reduced amplitude of structural dynamic responses with «, {;, and f;.

o (0.2-2.0) (%)

Parameter
& (2%-7.3 (%) fi (1.0-5.0Hz) (%)

The degree of reduction 98

60 89

structure within the parameter range are given in the table.
Increase in «, (}, and f; will significantly reduce the struc-
tural response, with a maximum decrease of 98%, 60%, and
89%, respectively.

5. Discussion

Bear all this in mind; with analyzing the experiment data of
crowd shocked by shaking table and swaying at temporary
grandstand, respectively, it is indicated that crowd annoy-
ance rate may not have a linear relationship with vibration,
and the indicated crowd may adjust their reaction for

comfort when they under a certain range of vibration in-
tensity. It is also indicated that the standing crowd may have
more tolerance to vibration than seated crowd. The ser-
viceability limit of 1.29 m/s'”> and the upper boundary of
2.32m/s"”® suggested by VDV are obtained. There is also a
need to investigate more experiments such as a big tem-
porary grandstand with a large number of crowds (active/
passive) in lab or in site. Also, through predicting dynamic
structural VDV with different dynamic parameters of crowd
and structure based on a simplified three-degree-of-freedom
lumped dynamic model for different crowd dynamic pa-
rameters, it is considered that the VDV of structure will be
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decreased with increasing « and (,. The influence of f, for
structure response relates to a. The max response of the
model is < 0.6, ,=1.8 Hz or a > 0.6, f, =1.5Hz. The VDV
of structure will be decreased with increasing f; rhe in-
fluence of {5 for structure response relates to « and f;, and
the notable model is not the max (5 of the model. For
different structural dynamic parameters, it is considered that
the VDV of structure first rises and then descends with the
increase of f; (the max response of the model is
f1=2.5-3.5Hz) and decreases with increasing {;. The no-
table model is not the model that « and 3 have the minimum
value. It was also found that most of the predicting-peak
VDVs of structure are higher than the serviceability limit
value, which may indicate why the crowd can be easily
susceptible to TDG’s vibrations. These results are only based
on a three-degree-of-freedom lumped dynamic model.
While the model of structure and model of body are not a
simple single-degree-of-freedom lumped model, more
coupled equation system will need to be analyzed in the
future and combined with more experiments.

6. Conclusion

This paper tried to address the annoyance levels of lateral
vibration on temporary grandstand, which is based on the
lateral vibration experiments of shake table and crowds, and
to analyze the responses of structure with different dynamic
parameters of 3 DOF crowd and structure interaction model.
For TDG, the lateral serviceability limit of 1.29 m/s'”> and
the upper boundary of 2.32 m/s"’ are suggested. Based on
the experimental data, the interaction models are calculated,
and the predicting responses of structure are obtained and
discussed. For different crowd parameters, with increasing «
and (5, the VDV of structure will be decreased. The influence
of f, for structure response relates to . With increasing f;,
the VDV of structure will be decreased. The influence of {5
for structure response relates to « and f;_ The notable model
is not the max (5 of the model. For different parameters of
structure, the VDV of structure first rises and then descends
with the increase of f; and decreases with increasing (. The
notable model is not the mixture of & and f of the model. It
was also found that most of the predicting-peak VDV’ of the
structure are higher than the serviceability limit value. These
results may be useful for analyzing the vibration service-
ability of temporary grandstand.

Appendix

I. The part of MATLAB program for calculating
the models

load body

ms = 119;fs = 2.7;ks = (2 * pi * fs)2 * ms;drs = 0.073;
cs =2 drs * ms * 2 * pi * fs;

th ={0.5:0.1:4.0];drh = [0.3:0.1:0.5];mh = [0.7:0.1:1];
wh =2 s pi. * th; wh2 = zeros(36,1);

for i=1:36

wh2(i, 1) =wh(i,1)2;
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end
mh = mh * 350;kh = mh * wh2’;
chl1=2%0.3 * mh * wh’; ch2=2 % 0.4 * mh * wh’;
ch3 =2 % 0.5 * mh * wh’; modelcdl = zeros(18,27);
Al =zeros(4,36); errchl = zeros(1,36); A2 = zeros(4,36);
errch2 = zeros(1,36); A3 =zeros(4,36);
errch3 = zeros(1,36); AA = zeros(12,36); for s=1:9
for p=1:18
fori=1:4
M =[ms 0;0 mh(i,1)];
for j=1:36
K= [(ks+kh(i,j)) -kh(i,j);-kh(i,j) kh(i,j)]; C=

[(cs+ch1(ij)) -ch1(i,j);-ch1(ij) chl(ij)]; A= cat(l,cat
(2,zeros(2,2),eye(2)),cat(2,-inv(M) * K,-inv(M) * C));
G =eye(2);B = cat(1,zeros(2,2),-inv(M) * G); CO=cat
(2, eye(2),zeros(2,2));D = zeros(2,2);
mass = zeros(48001,3); mass(;,1) =cda2(;,1); mass(:
,2) = (-cda2(:,s+1)) * vdvratio(p,1) * (ms+mh(i,1));
mass=mass; save mn mass; sim(’twodof);
errl = zeros(48001,1); for m = 1:48001
errl(m,1) =abs(al(m,3)-cdal(m,s+1))2; errchl(l,j)=
sqrt(sum(err1)/48001);
end

C=[(cs+ch2(i,j)) -ch2(ij);-ch2(i,j) ch2(ij)];
A =cat(1,cat(2,zeros(2,2),eye(2)),cat(2,-inv(M) * K,-
inv(M) * C)); G =eye(2);B = cat(1,zeros(2,2),-inv(M) =
G); CO0 = cat(2,eye(2),zeros(2,2));D = zeros(2,2);
mass = zeros(48001,3); mass(;,1) = cda2(;,1); mass(:
,2) = (-cda2(:,s+1)) * vdvratio(p,1) * (ms+mh(i,1));
mass=mass; save mn mass; sim(’twodof’);
err2 = zeros(48001,1); for m = 1:48001

err2(m,1) =abs(al(m,3)-cdal(m,s+1))2;
errch2(1,j) = sqrt(sum(err2)/48001);

end

C=[(cs+ch3(i,j)) -ch3(i,j);-ch3(i,j) ch3(@,j)];
A = cat(1,cat(2,zeros(2,2),eye(2)),cat(2,-inv(M) * K,-
inv(M) * C)); G = eye(2);B = cat(1,zeros(2,2),-inv(M) =
G); CO0 = cat(2,eye(2),zeros(2,2));D = zeros(2,2);
mass = zeros(48001,3); mass(;,1) =cda2(;,1); mass(:
,2) = (-cda2(:,s+1)) = vdvratio(p,1) * (ms+mh(i,1));
mass=mass; save mn mass; sim(’twodof’);
err3 = zeros(48001,1); for m = 1:48001

err3(m,1) = abs(al(m,3)-cdal(m,s+1))2;
errch3(1,j) = sqrt(sum(err3)/48001);
end
end
Al(i,:) = errch1;A2(i,:) = errch2;A3(i,:) = errch3;
end
AA(1:4,:) = AL;AA(5:8,:) = A2;AA(9:12,:) = A3;

[modelcd1(p,3 * s-2),modelcd1(p,3 * s-1)] =
find(AA = = min(min(AA)));

modelcd1(p,3 * s) = min(min(AA));
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end

end

x' = Ax+Bu

mn.mat

y =Cx+Du
From File

=

displacement

)

Derivative velocity

=

Derivativel acceleration

State-Space

load active

f1=2.7;c1 =0.073;m1 = 1;%structure constant
3 =2;c3 =0.4;%passive crowd constant

m3 =[0.2,0.3,0.4,0.5]’;%passive crowd mass

f2=1.5,1.8,2.1,2.4,2.7,3.0,3.3]’;%active
quency 7 1

€2 =[0.2,0.225,0.25]’;%active crowd damping ratio 3 = 1
2c2 =12 % c2’;%7 % 3
for m=1:9
forn=1:4
M =[m1,0,0;0,1,0;0,0,m3(n,1)]; for s=1:3
for i=1:7%
C=4#pi*[ml * fl % c1+f2c2(i,s)+m3(n,1) * 3 * c3,-

2¢2(i,8),-m3(n,1) * 3 * c3;-12c2(i,s),£2c2(i,s),0;-
m3(n,1) * f3 * ¢3,0,m3(n,1) * f3 * c3];

K=4 s pis*pis*[ml =fl * f1+£2(3,1) *
2(1,1)+m3(n,1) = f3 * £3,-f2(i,1) * £2(i,1),-m3(n,1) *
3 * £3;-12(1,1) * £2(1,1),£2(i,1) * £2(1,1),0;-m3(n,1) *
3 * £3,0,m3(n,1) * {3 * 3];

A= cat(l,cat(2,zer0§(3,3),eye(3)),cat(2,—inv(M) * K-
inv(M) * C));%%EEd%006A

G= eye(3);B = cat(1,zeros(3,3),-inv(M) * G);
%% AEa%O006B

crowd fre-

Co= cat(2,eye(3),zeros(3,3));D = zeros(3,3);
%% AEA%OO6COE-D
mass = zeros(2501,4); mass(:,1) =t; mass(:,2) =
yy(;,;m);%F(t)
mass(:,3) = -yy(:,m);%-F(t)

mass=mass; save mn mass; sim(twodof);
sql =al(:2)4; vl=sum(sql)*0.01; vdvl=sqrt(sqrt
(v1)); sq2=al(;3)4; v2=sum(sq2)*0.01; vdv2=
sqrt(sqrt(v2)); sq3=al(;,4)4; v3= sum(sq3) * 0.01;
vdv3 =sqrt(sqrt(v3)); VDV1(i,s) =vdvl; VDV2(is) =
vdv2; VDV3(i,s)=vdv3; sml=al(;2)2; rml=
sum(sml) % 0.01; rmsl=sqrt(rml); sm2=al(;3)2;
rm2 =sum(sm2) * 0.01; rms2= sqrt(rm2); sm3=al(:
,4)72; rm3 = sum(sm3) * 0.01; rms3 = sqrt(rm3);
RMSI1(i,s) = rmsl; RMS2(i,s) = rms2; RMS3(i,s) = rms3;
pl=max(al(:;2)); p2 =max(al(:,3)); p3 =max(al(:4));
P1(i,s) =pl; P2(i,s) = p2; P3(i,8) = p3;

end

end

Shock and Vibration

VDV,(;,((n-1) * 9+1):n % 9) =
[VDV1,VDV2,VDV3];

RMS(;,((n-1) * 9+1):n * 9) = [RMS1,RMS2,RMS3];
PEAK(;,((n-1) * 9+1):n * 9) = [P1,P2,P3]; end
eval(CRESULTV’,num2str(m),” = VDV’,’;’]);
eval([RESULTR’ ,num2str(m),” = RMS’,’;’]);
eval(CRESULTP’,num2str(m),’ = PEAK’,’;’]);

end
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A double-layer tuned mass damper (DTMD) has advantages of wide damping frequency band and strong robustness. At present,
there is a lack of seismic design methods for high-rise structures based on DTMDs. In this study, a DTMD parameter optimisation
method was proposed, with the objective of minimising the peak displacement response of a first N-order vibration modal with a
vibration mass participation factor of 85%. Then, a scale model of a high-rise structure was fabricated, along with a corresponding
DTMD. Different types of excitations were chosen to clarify the dynamic responses of the model with and without the DTMD,
including Site-IT ground motions, long-period (LP) ground motions without pulses, and near-fault pulse-type (NFPT) ground
motions. The results indicate that the dynamic responses of high-rise structures under LP and NFPT ground motions are much
greater than those under Site-II ground motions. The DTMD can effectively reduce the absolute displacement response, ac-
celeration response, and strain response at the top floor of the test model. However, the DTMD has a time delay in providing the
damping effect. A smaller damping ratio between the upper TMD and the controlled structure will lead to a more significant

damping effect for the DTMD.

1. Introduction

With the rapid development of urbanisation and the
economy, high-rise structures play an important role in
urban modernisation. High-rise structures provide conve-
nience to the society but also bring new challenges in en-
gineering. With the continuous innovation of construction
technologies and building materials, high-rise structures
have become lighter and more flexible and required less
damping; moreover, the structures mainly experience low-
frequency vibrations. Owing to the characteristics of high-
rise structures, such as a long natural vibration period,
multiorder modes participating in vibration, sensitivity to
wind, and earthquake-induced responses [1-4], seismic
design has always been the focus. Therefore, researchers have
conducted a series of studies on improving the seismic
performance of high-rise structures, focusing on the

application of steel-concrete composite structures and the
introduction of energy dissipation measures.
Steel-reinforced concrete (SRC) and concrete-filled steel
tubes (CFSTs) have been widely used in high-rise structures
in recent years. The core tube of the Shanghai Centre Tower
adopted the SRC structure, and through a shaking table test
of a 1/40-scale model, Tian et al. [5] showed that the
structure could meet the seismic performance target re-
quired by the design. Cao [6,7] took Beijing China Zun as a
prototype and, through a series of seismic performance tests,
found that the CFST mega-column (with a complex cross
section and multiple cavities) could significantly improve the
bearing capacity and elastic deformation capacity of the
structure. Guangzhou’s New TV Tower [8] and Tianjin’s Jin
Tower [9] adopted CFST mega-columns as the main bearing
members. Through theoretical analysis and experimental
research, it was concluded that these structures had a good
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deformation capacity and good ductility, along with a certain
seismic reserve capacity. Nie et al. [10], Wang et al. [11], Uy
et al. [12], and other scholars also conducted a series of
studies on the bearing capacity and seismic performance of
steel-concrete composite structures and demonstrated their
effectiveness in applications for high-rise structures. At
present, studies worldwide have shown that SRC and CFSTs
can evidently improve the seismic performance of a struc-
ture; nevertheless, with a continuous increase in building
height, it also leads to higher requirements for its mechanical
performance. The connection performance between the steel
and concrete is a key parameter affecting the seismic per-
formance of steel-concrete composite structures, but the
quantitative evaluation method for the connection mecha-
nism between them remains imperfect.

Therefore, the introduction of energy dissipation mea-
sures in high-rise structures has become a research hotspot.
Tang [13] set 30 viscous dampers in the sightseeing tower of
the Nanjing Olympic Sports Centre for wind-induced vi-
bration control. The dynamic responses of the structure
decreased, and the comfort requirements for the sightseeing
platform were met. Venanzi [14] effectively reduced the
dynamic responses of a high-rise structure under a wind load
by setting an optimised tuned mass damper (TMD). Fan
et al. [15] used a high-level fire water tank as a mass block
and combined it with viscous dampers to form a TMD
system for effectively suppressing the resonance responses of
the Beijing Olympic Tower caused by dense crowd excita-
tions. Armali et al. [16] studied the vibration control of a 40-
story building with friction dampers and optimised the
number and location of the dampers. The results showed
that the friction dampers can significantly reduce the dy-
namic response of the structure under seismic load and
verified the effectiveness of friction dampers in high-rise
structures. Liang [17] studied the seismic control of a high-
rise structure with a metal damper. The results showed that
the metal damper had good seismic performance and
achieved the expected seismic control effect. Qian and Ding
[18] took the Beijing CCTV Tower as a prototype and
analysed the influence of an annular tuned liquid damper
(TLD) on the tower through a shaking table test of a 1/150-
scale model. The results indicated that the TLD could ef-
fectively decrease the resonance response of the first mode of
the structure. Both the Zhuhai Jinshan Building [19] and
Dalian International Trade Building [20] set a rectangular
TLD water tank on top of their main structure; this evidently
reduced the acceleration response of the top and improved
the comfort in the building under a wind load. Naeim et al.
[21] introduced a high-rise structure with particle dampers
in the centre of Santiago, which suffered from the 2010
Chilean earthquake. To some extent, the study indicated that
particle dampers can be applied on high-rise structures. Lu
et al. [22] applied tuned particle damper technology for the
wind-induced vibration control of high-rise structures and
indicated that the tuned particle damper could be used to
decrease the wind-induced vibration response of the top of a
high-rise structure. Wang [23-25] introduced an adaptive
TMD which can retune its frequency and damping ratio in
real time based on the vibration state of the structure. The
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adaptive TMD was applied to a wind-sensitive concrete
chimney. And, the results showed that the adaptive TMD
had better control effect and robustness than that of passive
TMD. Wang et al. [26] introduced a Tuned Liquid Column
Damper-Inerter (TLCDI) system to control the seismic
response of adjacent high-rise buildings. The results indi-
cated that the optimum TLCDI system can significantly
reduce the peak acceleration of both adjacent high-rise
buildings. The recent findings show that different types of
dampers have achieved some beneficial performance in the
seismic control of high-rise structures. Energy dissipation
measures can reduce the seismic response, wind-induced
response, and human-induced vibration of high-rise
structures to a certain extent. However, owing to the
multiorder modes participating in the vibration of high-rise
structures, all of the above dampers have certain limitations
in seismic control. A single TMD or TLD can only reduce the
vibration of a low order (or one certain order) of the
controlled structure, and their robustness is poor. The soft
steel members in the metal dampers may yield when the
deformation is large. In addition, as compared to a single-
story building, with the high stiffness of the high-rise
structure, the ability to improve the stiffness of the metal
damper is limited and the local energy dissipation is not
evident. The friction damper may produce a permanent
displacement after an earthquake, thereby requiring main-
tenance and protection in the later stage; moreover, the
permanent displacement will greatly weaken the damping
performance of the damper. The damping effect of viscous
dampers is closely related to the displacement and velocity of
the controlled structure, and the energy dissipation and
damping capacity are limited for long-period and low-fre-
quency high-rise structures. The particle dampers have good
robustness and good control effects on the multiorder modes
of structures, but their damping effects are poor before the
damping particles start to vibrate. The adaptive TMD can
avoid the disadvantage of poor robustness of traditional
passive TMD, and the TLCDI system can provide a certain
damping effect on both adjacent buildings. However, the
design and practical operability of the adaptive TMDs and
the TLCDI systems are more complex than those of passive
TMDs. The adaptive method and simply application method
of the adaptive TMDs and the TLCDI systems are still a
hotspot study.

In recent years, the theory and technologies for multiple
TMDs (MTMDs) have been developed rapidly [27-30].
Compared with TMD, a MTMD has a wider damping
frequency band, has better robustness, and provides a
certain damping effect under microvibration. Li [31],
Bandivadekar and Jangid [32], and Tharwat [33] et al. had
studied applications of MTMDs in engineering, and the
results showed that the MTMD has superior application
prospects for structural seismic control. Moreover, Wang
et al. [34] introduced an adaptive-passive variable mass
multiple TMD (APVM-MTMD) system, and a large-span
floor structure was proposed as a case study. The results
indicated that the damper system could retune itself and
had better vibration control effect. De [35] studied a multi-
TMDI (MTMDI) system and applied it on the vibration
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control of adjacent high-rise buildings. The MTMDI sys-
tem was arranged between the adjacent buildings. The
relative acceleration response of the adjacent structures can
introduce a large reaction force on the inserter device in
MTMDI. And, the reaction force of the MTMDI can de-
crease the dynamic response of adjacent buildings. The
optimised MTMDI provided a better acceleration damping
control for adjacent high-rise buildings than a traditional
MTMD or a single TMDI. However, owing to the complex
structure of the MTMD and the MTMDI systems, the
application method for the MTMD and MTMDI need to be
turther studied. As a special case of MTMD, a double-layer
TMD (DTMD) is not only simple in structure but also has
mature theoretical analysis. In addition, DTMD also has an
evident damping control ability and a better robustness for
structural seismic control [36-38]. However, the applica-
tion method and damping effect of DTMD for practically
structures were still unclear, especially for high-rise
structures under the ground motions with long-period
characteristics.

Herein, through the establishment of a DTMD-single-
degree of freedom (SDOF) system and parameter optimi-
sation theory, a DTMD with optimised parameters was
designed and manufactured. Then, the DTMD was set in a
scale model of a high-rise structure. Different types of
ground motions were selected as excitation inputs, such as
Site-II ground motions, long-period (LP) ground motions
without pulses, and near-fault pulse-type (NFPT) ground
motions with different velocity periods. And, a series of
shaking table tests were conducted to analyse the damping
effect of the DTMD for high-rise structure.

2. Experimental Program

2.1. Description of the Scaled Model. The experimental
prototype is the Liuan Tower in China, with a height of
308 m and a weight of 133588 kN. The material of the main
structure is Q345 steel (yielding stress was 345 MPa).
According to the full-scale finite element model of the
structure (excluding the mast), the natural frequencies of the
first three order translational formations were obtained, as
shown in Table 1.

Considering the bearing capacity of the shaking tables
in the Beijing University of Technology, the dimension
scale of the model was set to 1/20. The model tower was
welded with a steel plate counterweight along the height
direction to make its equivalent mass density reach 2.0. The
height of the model was 11 m without the mast. And, the
weight of the model was 32.2kN with the counterweight.
The scaled model was made of the same material as the
prototype. The other physical quantities were strictly
simulated based on the similarity relationships [39] shown
in Table 2. Because the weight and height of the model was
high and the test model was axisymmetric, the excitations
were only input along the X-direction. The acceleration,
displacement, and strain sensors were used to monitor the
dynamic response of the model. The layout of measuring
points is shown in Figure 1(a), and the designed test model
is shown in Figure 1(b).

TaBLE 1: Natural vibration parameters.

Frequency Value (Hz) Vibration mass participation factor (%)

w, 0.132 67
Wy 0.719 76
ws 1.340 86

2.2. Dynamic Characteristics of the Model. Table 3 gives the
natural frequencies of the model tower obtained by input-
ting white noise signal, as well as the frequencies of the finite
element analysis (FEA) results and the theoretical analysis
results. To obtain the frequencies of the FEA and the the-
oretical analysis results, firstly, the prototype finite element
model (FEM) was constructed based on the Midas Gen
V2019 platform. Then, the frequencies of the prototype FEM
were analysed (shown in Table 1). Secondly, the theoretical
frequencies of the scaled model can be obtained through
multiplying the frequencies of the prototype FEM by the
similarity coefficient (shown in Table 2). However, the FEA
frequencies of the scaled model can be directly obtained
through the analysis results of the scaled FEM based on the
Midas Gen V2019 platform.

According to the data in Table 3, the deviation of the
first-order frequency obtained from the scaled FEA and
similarity theory is within 8% and the deviations of the
second-order and third-order frequencies are less than 5%.
Moreover, the deviations between the frequency of the
scaled test model and the data of the scaled FAM are also
within 10%. Considering the setting error of the additional
mass and the manufacturing error of the scaled model,
both the scaled test model and scaled FEA model can
reflect the actual stress and deformation state of the
prototype [2].

2.3. Test Conditions. Liuan Tower was located in a Class-II
site (Site-II), with a 7-degree fortification zone. And, the
designed earthquake group was the first group. In this case,
the designed seismic response spectrum of the model tower
was firstly determined according to the code for seismic
design of buildings (GB 50011-2010), and the typical period
range of the design response spectrum was also determined
as 4s~9s based on the basic vibration period of the prototype
tower. Then, three Site-II ground motions were chosen from
the database of the PEER. Moreover, in order to study the
dynamic response law of the SHR structures under the NFPT
and LP ground motions, three NFPT ground motions and
three LP ground motions without pulses with the same site
conditions were also chosen. The response spectrum curves
of the ground motions are shown in Figure 2.

As Figure 2 shows, the selected NFPT and the LP ground
motions all have the characteristic of long-period effect. The
spectrum value of the NFPT and LP ground motions is
relatively large in the long-period range (4 s~9 s), which can
easily induce larger dynamic response of the prototype
structure (the first-order vibration period is about 7.5s).
Compared with the NFPT and LP ground motions, the
spectrum value of the selected Site-II ground motions is
relatively small in the long-period range (4s~9s). Detailed
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TABLE 2: Similarity relationships.

Physical quantity Unit Similarity relationship Similar coefficient
Scale (L) St 1/20
Displacement L) Ss =S¢ 1/20
Elastic modulus (FL™?) Sg 1
Equivalent mass density (FL™T?) S, 2
Strain — S, 1
Stress — S, =SS, 1
Frequency (T™ S, =1/S¢ 14.142
Acceleration (LT™) Sa = Sp/(S,S,) 10
Vibration direction/X axis
Damper 3
D5 A5 { é
S4 Ny P!j
D4 3 [
¥
-,
S3 i
D3 A3 ’ '_
S2 ™~ !
oo L L
i
S1
Al
D1 Tower base
A — Acceleration
D — Displacement
S — Strain
(a) (b)
FIGURE 1: Model tower and its measuring points. (a) Layout of measuring points. (b) Test model.
TaBLE 3: Comparison of the dynamic characteristics of the model.
Deviation rate (%
Frequency FEA value (Hz) Theory value (Hz) Test value (Hz) (%)
(FEA-theory)/theory (Test-FEA)/FEA
w1 1.730 1.870 1.640 7.50 5.20
W, 9.810 10.170 9.200 3.50 6.20
w3 18.030 18.950 16.490 4.90 8.50

information on each ground motion is shown in Table 4.
Notably, the three NFPT ground motions had different
velocity pulse periods (VPPs). However, the VPP of 7.50s
was basically the same with the natural vibration period of
the original structure (7.58 s). Moreover, it can also be seen
that the bracketed and energy duration of the LPs are much
longer than that of the NFPTs and Site-II motions. Ac-
cordingly, with the same PGA, the dynamic response of the

controlled structure under the LPs will supposedly be larger
than that of under the NFPTs and Site-II motions.
Because the seismic fortification intensity was 7°, the
peak accelerations corresponding to the frequent earthquake
El and fortification earthquake E2 were 0.035g and 0.1 g,
respectively. Considering the safety of the test process and
effectiveness of the damper, only the above two acceleration
peaks were considered. According to Table 2, the peak
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FIGURE 2: Acceleration response spectra of selected ground motions compared with the design

motions. (b) NFPT ground motions. (c) LP ground motions.

TaBLE 4: Information of the ground motions.

(b)

——— Design response spectrum

——— Design response spectrum

response spectrum. (a)Site-II ground

Peak ground

o Record sequence VPP Bracketed duration Energy duration :
Excitation types number (RSN) Name (s) (21/34,..) (s) (5%--95%) (s) accelerat(l;))n (PGA)
56 (130) San Fernando —  6.61 11.6 18.9 0.071
Site-1I 56 (220) San Fernando —  6.61 14.7 18.9 0.071
83 San Fernando —  6.61 8.4 14.3 0.074
2457 Chi-Chi_ 318 6.20 5.7 12.9 0187
Near-fault pulse- Taiwan-03
Ut pa 900 Landers 750 7.28 8.3 18.9 0.245
type (NFPT) Darfield_New
6911 — 9.92 7.00 7.6 9.5 0.450
Zealand
69 (249) San Fernando —  6.61 51.7 52.4 0.029
Long period (LP) 74 San Fernando — 6.6l 33.6 29.6 0.007
90 (132) San Fernando —  6.61 51.4 49.3 0.017

accelerations of E1 and E2 were adjusted to 0.35g and 1.0 g,
respectively. The ground motions were input along the
horizontal direction (X-direction), which was the same as
the vibration direction of the damper.

3. Design of the Damping Scheme
3.1. Optimisation Method of Damper Parameters

3.1.1. Mechanical Model of Double-Layer Tuned Mass
Damper (DTMD). As shown in Figure 3(a), the DTMD
comprises an upper TMD and lower TMD in series and the
upper TMD is connected to the controlled structure. The
work of the DTMD is as follows: the upper tuned mass can
swing around the controlled structure through the universal
hinge C (it can be adjusted as a one-direction hinge when the
vibration is unidirectional, the same as below) and con-
necting rod D. The lower tuned mass can swing around the
upper tuned mass through the universal hinge E and con-
necting rod F.

According to the Code for Seismic Design of Buildings,
when the mode decomposition response spectrum method is
adopted, the horizontal seismic effect can only take the first

2-3 modes for structures without using a torsional coupling
calculation. The number of modes can be appropriately
increased when the natural vibration period is greater than
1.5s or when the height-width ratio of the buildings is
greater than 5. By neglecting the coupling effect of every
translational formation of the high-rise structure and taking
the first n-order translational DOFs as an example, the i-
order translational formation can be regarded as a SDOF
structure with the same vibration participation mass and
same frequency as the i-order formation. We assumed that
the mass, the stiffness, and the damping coefficient of a
SDOF structure were my, ko, and ¢, respectively. The upper
tuned mass had a mass of m; and was connected to the
controlled structure, and its stiffness k; and damping co-
efficient ¢; were provided by the universal hinge C and
connecting rod D. The mass of the lower tuned mass was m,,
and its stiffness k, and damping coeflicient ¢, were provided
by the universal hinge E and connecting rod F. The external
harmonic excitation was F = P, exp (iwt) (i = v/~1). The
relative displacement response between the controlled
structure and the ground was x; (¢), and the corresponding
displacement response of the upper and lower tuned masses
was x, (t) and x, (), respectively. According to the DTMD
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FIGURE 3: Double-layer tuned mass damper (DTMD) model. (a) Model sketch. (b) Mechanical model.

mechanical model in Figure 3(b), equation (1) could be
obtained [36,38,40,41] as follows:

MX +CX+KX =F, (1)

cote, —¢ 0 :|
)

m, 0 O
where M=| 0 my 0 |, C=| —¢; ¢ +¢c —¢

0 0 m, 0 -, ¢
ko+k, -k 0 X, (1)
K—l: —ky kit+k, -k, |, X:{xl(t)},and F =
0 -k, k, x, (1)

P, exp (iwt)
0 .
0

If x;(t) = hj (w)exp (iwt)(j = 0,1,2), then a calculation
can be made as follows:

(~0*M +iwC + K )h(w) = F,, (2)

Here, the variables are determined as follows: h(w) =

h() (‘U) PO
hi(w) + and Fy =4 0 p;let yy = (m,/my), p, = (m,/
hy (w) 0

mo), Af = (w%/wé)’ A% = (w%/w(z))) fj = (Cj/ijwj), 2= (wz
Jw}), and Ay, = (Pylky).
Equation (2) can be expressed as follows:

(A, + A, + Ayh(w) = A (3)
Here, the wvariables are determined as follows:
Ao oo
Ar=10 .“IAZ :|’
0 0 wh’
§o + &1y - & 0
A, = 2/1"! =&k Sunh +&pdy — Gl l>
0 - &k §ruhy
1+ ”IA% _.”1)‘% 0 Ay
Ay=| —wAl @Al +md; A, | and A= ( 0 )
0 _.“2)‘; ‘“2)‘% 0

In this study, we let s; = ZEjyj)L]:/li +‘uj/\§ (j=0, 1,2.)
and p, =1land A; = 1. Then, the displacement dynamic

magnification factor (DDMF) of the controlled structure can
be obtained as follows:

_.“1/42/\4 + 1o (b, A - 5152

DDMF = —— 0 ! :
A =1, (ps IA™ + I, (4, S)A” = 50818,

(4)

The values of the variables are calculated as follows:

Lo (15 8) = sypy + 514y + Syt
Iy (s 8) = 1Sy + PoS1 + UaSy + Solhily + S1lfhas
I, (4, $) = 5155 + SoSapy + SoS1y + S1Sapy + SoSaly + 815,y

(5)

3.1.2. Parameter Optimisation Method. Based on the
MTMD parameter optimisation method, the DTMD was
optimised using a numerical optimisation method
[38,42-46]. Then, two important evaluation parameters of
the SDOF structure with n-order TMDs can be given as
follows:

n+1PmaX(i)
P=) AT Q
n+1 n+1PmaX(l-) ) 2
PZ:ZI{.lﬁ_Pm(J) -0
j=1 Li=

Here, Pp.x) denotes the peaks of the displacement
response curve, P; denotes the average value of the peaks,
and P, denotes the deviation value of the peaks. Shen [47]
introduced an optimised method for a double-layer tuned
particle damper. However, that method did not consider the
effect of multimode participation. According to Table 1, the
cumulative vibration mass participation factor for the first
three modes of the prototype reaches 86%. Accordingly, the
optimisation method of DTMD for HRS must consider the
effect of multimode participation. Then, according to
equations (6) and (7), the optimisation parameter expression
of the DTMD is as follows:
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Z(ths phy> 2> §0 €15 &35 s Ay A) = min[ @y (P + Pyy) + ¢, (Pyy + Pyy) + ¢35 (P3; + P3y)]. (8)

Here, P;; and P, represent the optimisation indexes 1
and 2 of the displacement response peak of the i-order mode,
respectively. ¢; represents the ratio of the vibration mass
participation factor of the i-order mode to the total vibration
mass participation factor for the first N-order modes. In this
study, i=1, 2, 3 and N=3, and the corresponding values of
¢, ¢,, and ¢; are 0.779, 0.105, and 0.116, respectively.
Because the additional mass of the damper has a significant
influence on the stress state of the controlled structure
[14,15,18-22] and that the damping effect will be poor when
the additional mass ratio is excessively small, the additional
mass ratio of the tuned damper is mostly controlled to be in
the range of 2%-5%. In this study, the additional mass ratio
of the optimised DTMD was 5%. The test model was a steel
structure, and the damping ratio &, of the controlled
structure was set at 0.02, according to the measured value. It
should be pointed out that the controlled structure was
assumed to be in an elastic state and the damping variation
of the controlled structure (including the soil damping and
structure damping) was not considered. £, and &, were the
damping ratios of the upper and lower tuned masses, re-
spectively, and their values were in the range of 0-0.15 and
0-0.4. A; and A, represented the ratios of the natural fre-
quencies of the upper and lower tuned masses to the con-
trolled structure, respectively. And, their values were all in
the range of 0.6 to 1.4. A was the ratio of natural frequency of
the controlled structure to the excitation and was within the
range of 0.60 to 1.40. Moreover, there may be some local
minimum and saddle point of the optimisation results. To
avoid the local minimum and saddle point, we usually draw
all the displacement responses of the controlled system with
different optimisation results and select a best one as the
optimisation parameters. Figure 4(a) shows a comparison of
the optimisation results for TMD, MTMD, and DTMD. The
theoretical optimisation results of the DTMD-SDOF system
are shown in Figure 4(b).

As shown in Figure 4(a), the damping frequency band of
the optimised TMD is about 0.16,, while the damping
frequency band of the optimised DTMD is greatly increased
to 0.301;, under the same optimisation conditions. The
frequency range of the optimised DTMD is wider than that
of the TMD. The optimised DTMD has essentially the same
damping frequency band as the optimised MTMD. In ad-
dition, it can be seen from Figure 4(b) that the damping
effect and robustness of the DTMD decrease with an increase
in the damping ratio of the upper TMD.

3.2. Damper Design. The experimental validation work is
also a data support and methodological reference for the
future application of shock absorbers. Transforming theo-
retical optimisation parameters into practical available pa-
rameters has always been hotspot study in engineering field.
The application method (including design and manufacture
method) of optimisation parameters is also necessary to be
verified by experiments. According to the dynamic

parameters of the prototype tower and optimisation method
described in Section 3.1, the optimised parameters of the
DTMD in this study were determined, as shown in Table 5.
According to Table 5, the mass of the upper TMD can be
determined as m; = 0.0462m, and the natural frequency is
f1=fo=164Hz, in which m, is the first-mode partici-
pation mass of the prototype model. Also, the maximum
angular displacement of the upper TMD without damping
was always less than 7/18 (10 degrees) in this study. The
influence of the angular displacement can be ignored. Then,
the connection stiffness between the upper TMD and
controlled model can be simplified as equation (9).

_ /g ki (h
@r= L+m1<L)’ ©)

Here, w, is equal to 10.24rad/s and it represents the
natural frequency of the upper TMD without damping. The
acceleration of gravity is g=9.8m/s”. L is the effective
pendulum length and was 370 mm in this test. & represents
the distance between the upper connection point and the
lower connection point and in this study, it was the same as
the effective pendulum length L. The external spring stiffness
was obtained through equation (9) and was equal to 7780 N/
m. The stiffness of the outer spring was obtained by cus-
tomising the tension spring and met the deformation re-
quirement of the pulling length.

The mass and natural frequency of the lower TMD are
m, = 0.0038m, and f, =091 f, =1.49Hz, respectively.
Because the mass of the lower TMD was relatively small, its
natural frequency was determined by the pendulum length.
Then, the pendulum length of the lower TMD was obtained
through w, = \/g/L and was equal to 111 mm. Based on the
optimised parameters in Table 5, the equivalent damping
ratio of the lower TMD was approximated by

G
&= (10)

Here, C, is the equivalent damping coeflicient and can be
calculated from the required equivalent damping ratio. In
this study, the equivalent damping at the unidirectional
hinge was provided by its friction. According to the principle
of energy equivalence, if the areas of the friction-displace-
ment curve and equivalent viscous damping-displacement
curve are the same under the same harmonic excitation, then
they are equivalent. The friction coeflicient y between the
unidirectional hinge of the upper TMD and lower TMD was
obtained based on their area equivalence.

_ 71C, (w,s)

11
4m,g (1)

In this study, the DTMD mainly concerned the first-
order vibration mode and the displacement response am-
plitude s in equation (11) was determined according to the
displacement response amplitude of the DTMD. Because the
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F1GURE 4: Typical optimisation results of the damper (¢ =0.05; &, =0.02). (a) Comparison of DTMD, TMD, and multiple TMD (MTMD).

(b) Optimised DTMD.

TaBLE 5: Optimised parameters of the double-layer tuned mass
damper (DTMD).

Parameter U ¢ A
Upper tuned mass damper 0.0462 0.02 1.00
Lower tuned mass damper 0.0038 0.21 0.91

first-mode participation mass of the model and the addi-
tional mass of the DTMD satisfied m,, = nm, the first-order
stiffness between them satisfied k, = nk. The peak dis-
placement d,, of the model and the peak displacement d of
the DTMD must satisfy an equation, as follows:

d_1 [T
dy 2 V"

Since the parameter n is equal to 20, d, was approxi-
mately 7.0 mm under frequent earthquakes E1 and 15.0 mm
under fortification earthquakes E2, respectively. The friction
coefficient was equal to 0.10 and 0.22, respectively. In this
study, the friction coefficient was obtained by using a steel
unidirectional hinge and applying lubricant.

Considering the top space of the model tower, instal-
lation position of the damper, length of the springs, and
optimised design parameters in Table 5, the upper TMD was
composed of the steel box and counterweight. The coun-
terweight was arranged at the centroid position of the steel
box, and the total weight of the upper TMD was 99.24 kg.
The designed DTMD is shown in Figure 5.

The numerical optimisation showed that a smaller
damping ratio of the connection would lead to a more sig-
nificant damping effect for the DTMD. To verify the theo-
retical results, this study also considered different boundary
conditions for the connection when studying the damping
effect of the DTMD. They were (1) case-I (the connection was

(12)

filled with the polytrifluorochloroethylene (PCTFE), and the
equivalent damping ratio was in the range of 0.26 to 0.56); (2)
case-II (the connection had no treatment, and the equivalent
damping ratio was in the range of 0.12 to 0.25); (3) case-III
(the connection was lubricated with oil, and the equivalent
damping ratio was in the range of 0.04 to 0.08).

In addition, the displacement response of the upper
TMD and the lower TMD were monitored by the dis-
placement sensors. And, a GoPro camera was also used to
record the motion state of the damper in real time, as shown
in Figure 5(c).

4. Experimental Results and Analysis

To better evaluate the seismic performance and control effect
of the DTMD, the absolute displacement response (ADR),
root mean square (RMS) of the absolute displacement re-
sponse (RMS-ADR), acceleration response (AR), and strain
response (SR) of the top floor were analysed. For effective
and efficient calculations, the lower limits of the ADR, AR,
and SR were determined as 0.5mm, 20 cm/s?, and 1 Ue,
respectively. The expressions for the effective RMS and
decreasing ratios of each parameter are as follows:

n 2
X
A= y oL
d sqrt<' n>’
if x;=x0

Ao — A
7 =(%) x 100%.
jO

Here, x; denotes the dynamic response at i moment and
Ajo denotes the responses of the model without DTMD for
each parameter. j can take the values of 1, 2, 3, and 4 and
represent ADR, RMS-ADR, AR, and SR, respectively.

(13)



Shock and Vibration

Vibration direction

S _
— S
C M10 ioh Controlled [
§ ounterweight o /o |
Spring T =
k=7780 N/m ) [
MWW Fw— I

0,4 L

366 312

Front view Side view

(a)

FIGUure 5: DTMD model and measurement layout. (a) Dimension (mm). (b) DTMD model. (c) Sensors and camera.

4.1. Experimental Results of the Original Model. According to
the three types of ground motions selected in Section 2.3,
shaking table tests of the original model were firstly carried
out. Figure 6 shows the dynamic response curves of the top
floor under three typical ground motions.

As shown in Figure 6, the displacement response of the
model tower is mainly a low-frequency response under the
three typical ground motions, conforming to the response
characteristics of high-rise structures. For the E1 and E2
excitations, the ADRs under the NFPT ground motion
(RSN900) and the LP ground motion (RSN74) are signifi-
cantly larger than those under the Site-II ground motion
(RSN56 (130)). Moreover, this phenomenon becomes much
more evident as the excitation peaks increase. For the E1 and
E2 excitations, the amplitudes of ADRs under the RSN74
wave are 1.09 times and 1.89 times larger than those under
the RSN56 (130) wave, respectively. Meanwhile, the am-
plitudes of the ADRs under the RSN900 wave are 1.21 times
and 1.85 times larger than those under the RSN56 (130)
wave, respectively. In addition, the ADR, RMS-ADR, AR,
and SR of the model without the DTMD are given in Table 6.

As shown in Table 6, under the three types of ground
motions, the ADR, RMS-ADR, AR, and SR values of the
model significantly increase with the increase in amplitude
of the excitations. The dynamic response of the model under
the NFPT and LP ground motions is more significant than
that under the Site-II ground motions. Taking the E2
earthquake as an example, the average peak of the ADRs
under Site-II ground motions is 7.87mm. The corre-
sponding values reach 11.87 mm and 15.33 mm under NFPT
ground motions and LP ground motions, respectively.

When the velocity pulse period of the NFPT ground
motion is close to the natural vibration period of the original
model, the dynamic response of the model will be more
significant; this is consistent with the research results of Shen
et al. [47] and Xu et al. [48]. Owing to the influence of the
long natural vibration period of high-rise structures, the
high-frequency component of the ground motions is
gradually filtered out in the transmission process and the
low-frequency component at the top floor of the structure is
greater than that at the bottom floor. Thus, the resonance
phenomenon will cause an evident whipcord phenomenon
at the top floor of the structure under the LP and NFPT

ground motions. For example, under the E2 earthquake, the
peaks of the SRs (the S4 measurement point) at the top floor
are 378.65ue, 1331.92pue, and 1646.60 ye under Site-II
ground motion RSN56 (130), NFPT ground motion RSN900,
and LP ground motion RSN74, respectively. In contrast, the
values (the S1 measuring point) at the bottom floor are
63.24 pe, 193.72 ye, and 239.43 ye under the same cases,
respectively.

4.2. Experimental Results of the Damping Model

4.2.1. Basic Dynamic Characteristics. Table 7 shows the first-
order frequency of each model with and without the DTMD.
It can be seen that the first-order frequency of the scaled
model has negligible changes before and after the test. Thus,
the model tower is always in the elastic stage during the test,
and the analysis data show high reliability. Compared with
the original structure, the vibration frequencies of the test
model with the DTMD decrease slightly. The connection
case of the DTMD has little effect on the dynamic char-
acteristics of the DTMD model system. In addition, owing to
the small weight of the lower TMD, the acceleration sensor is
only installed on the upper TMD. Under case-III, it can be
seen that the first natural vibration frequency of the upper
TMD is basically consistent with the design frequency.
Accordingly, both the design and processing of the DTMD
are effective.

4.2.2. Site-II Ground Motions. Figure 7 gives the ADR and
AR of the model before and after the DTMD installation
under the RSN56 (130) wave. The connection case of the
DTMD was case-III.

As shown in Figure 7, the DTMD can effectively reduce
the displacement and acceleration responses at the top of
the test model. At the initial stage, both the displacement
response and acceleration response curves of the model
with and without the DTMD partially overlap and the
difference in the dynamic response between them gradually
increases in the later stages. This phenomenon shows that
the DTMD has the same characteristics as the tuned
damper; that is, the damping effect is not evident in the
early stage but is evident in the later stages. Table 8 provides
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FiGUre 6: ADR of the original model. (a) RSN56 (130) with E1. (b) RSN56 (130) with E2. (c) RSN900 with E1. (d) RSN900 with E2. (e) RSN74
with E1. (f) RSN74 with E2.

TABLE 6: Statistics of the dynamic response.

Types RSN Peak acceleration ADR (mm) RMS-ADR (mm) AR (m/s?) SR (ue)

Bottom-S1 Top-S4

56 (130) 6.70 2.37 1.73 28.48 117.61

56 (220) 0.35g 2.52 0.84 1.27 14.17 66.54

83 4.63 1.86 1.62 23.14 96.63

Site-IT Average — 4.62 1.69 1.54 21.93 93.59
56 (130) 9.67 4.77 4.21 63.24 378.65

56 (220) 1.00g 5.44 3.39 3.48 49.45 273.23

83 8.50 4.66 4.00 60.59 349.66

Average — 7.87 4.27 3.90 57.76 333.85

2457 4.68 1.62 3.01 30.71 207.97

900 0.35¢g 8.10 2.64 513 54.63 387.68

6911 6.02 2.03 4.30 46.38 262.29

NEPT Average — 6.27 2.10 4.15 43.91 285.98
2457 7.79 3.74 7.01 130.75 843.62
900 1.00g 17.90 5.6 12.07 193.72 1331.92

6911 9.93 4.57 10.19 145.08 755.22

Average — 11.87 4.64 9.76 156.52 976.92

69 (249) 7.57 2.33 3.56 62.33 358.25

74 0.35g 7.30 2.52 5.27 70.78 416.33

90 (132) 6.91 1.89 4.79 70.12 407.38

LP Average — 7.26 2.25 4.54 67.74 393.99
69 (249) 16.72 4.42 10.29 156.52 1004.33
74 1.00g 18.25 5.91 13.16 239.93 1646.60
90 (132) 11.03 4.17 12.81 191.00 1482.56
Average — 15.33 4.83 12.09 195.82 1377.83
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TaBLE 7: First-order frequency of each model (Hz).
With DTMDs in different
Model Before the test boundary conditions After the test DTMD Case-II1
Case-III Case-II Case-1
First-order frequency 1.64 1.53 1.56 1.58 1.67 First-order frequency 1.60
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FiGure 7: ADR and AR of the model before and after the DTMD installation under the Site-II ground motions (case-III, E2). (a) Absolute

displacement. (b) Acceleration.

TaBLE 8: Decreasing ratios of the model with the DTMD under Site-II ground motions.

Connection cases

Decreasing ratio (%)

Parameters RSN Peak (g)
I 11 11T I Average II Average 11T Average

56 (130) 6.28 6.11 58 63 8.8 12.1
56 (220) 0.35 237 237 227 5.9 6.0 5.8 9.0 9.8 11.1

83 436 4.06 4.10 5.8 12.4 115

ADR (mm) 56 (130) 8.64 8.47 814 107 12.4 15.8
56 (220) 1.00 5.66 4.82 476 -4l 5.6 114 11.1 12,5 15.0

83 7.63 7.69 709 102 9.6 16.6

56 (130) 2.14 215 2.05 9.7 9.4 13.6
56 (220) 0.35 0.77 0.76 0.76 7.9 7.1 9.4 9.7 9.4 11.6

83 1.79 1.67 1.64 3.6 10.3 11.9

RMS-ADR (mm) o ;50 417 4.06 395 12.6 14.9 17.2
56 (220) 1.00 318 3.08 3.08 6.3 10.0 9.1 12.3 9.2 145

83 414 4.05 386 112 13.0 17.1

56 (130) 1.60 1.55 1.53 7.8 10.5 118
56 (220) 0.35 1.20 1.22 1.16 5.4 6.5 3.9 7.7 8.7 10.5

5 83 1.52 1.48 144 64 8.8 11.0

AR (m/s7) 56 (130) 3.80 3.65 3.52 9.8 13.2 16.4
56 (220) 1.00 3.31 3.14 3.14 49 7.5 9.8 113 9.7 13.7

83 3.69 3.56 3.39 7.9 11.0 15.1

56 (130) 107.65 10528 10455 8.5 10.5 111
56 (220) 0.35 6227  60.67 5943 64 6.5 8.8 8.9 10.7 10.3

SR (ue) 83 9235 8959  87.83 45 7.3 9.1

H 56 (130) 33013 32342 31234 128 14.6 17.5
56 (220) 1.00 24615 24506 24430 9.9 11.1 10.3 12.9 10.6 14.5

83 31219 30152 29563 107 13.8 15.5
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the decreasing ratios of the model with the DTMD under
the Site-II ground motions.

As shown in Table 8, except for a few cases under case-I,
the DTMD can provide a good damping effect. Taking the
RSN56 (130) wave under the E2 earthquake as an example,
the decreasing ratios of the ADR, RMS-ADR, AR, and SR of
the test model under case-III are 15.8%, 17.2%, 16.4%, and
17.5%, respectively.

The average decreasing ratio of each dynamic response
parameter basically follows the variation law that decreasing
ratios are the largest under case-I1I, the second largest under
case-II, and the smallest under case-I. Taking the RMS-ADR
parameter under the E2 earthquake as an example, the
average decreasing ratio of the DTMD with case-I is only
10.0%. However, the corresponding decreasing ratios of the
DTMD with case-II and case-III are 12.3% and 14.5%, re-
spectively. The experimental results are similar to the op-
timisation results; that is, the smaller damping ratio of the
connection will lead to a better damping effect for the
DTMD. Based on the experimental phenomena, the reason
may be that the response amplitude of the DTMD decreases
with an increase in the damping of the upper TMD. The
energy absorption capacity of the DTMD was significantly
impacted by the damping ratio of the upper tuned mass
damper (described in detail in Section 4.2.5).

In addition, the damping effect of the DTMD is also
influenced by the excitation intensity. The larger excitation
intensity will lead a better damping effect of the DTMD.
Taking case-III as an example, under E1 and E2 excitations,
the average decreasing ratios of the ADR, RMS-ADR, AR,
and SR of the DTMD are 11.1% and 15.0%, 11.6% and 14.5%,
10.5% and 13.7%, and 10.3% and 14.5%, respectively. This is
related to the damping mechanism of the TMD [14,27-30].
With an increase in the excitation amplitude, the structural
response is greater and the dynamic response and energy
dissipation of the DTMD increase.

4.2.3. Near-Fault Pulse-Type (NFPT) Ground Motions.
Figure 8 shows a comparison of dynamic response of the
model before and after the DTMD installation under a
typical NFPT ground motion of RSN900. The connection
condition was case-IIL

As Figure 8 shows, when the time of earthquake exci-
tation is less than 0.5s, the absolute displacement of the test
model is less than 8 mm and the control effect of the DTMD
on the displacement response is not evident. When the
acceleration response of the test model is less than 5m/s
(the time of earthquake excitation <0.3s), the control effect
of the DTMD on the acceleration response is also not ev-
ident. However, after a period of earthquake excitation, the
DTMD will not only decrease the ADR and AR of the model
but will also rapidly attenuate its dynamic response. The
DTMD has a time delay before providing the damping effect.
Table 9 lists the dynamic response and decreasing ratios of
the model with the DTMD under the NFPT ground motions.

As shown in Table 9, the DTMD has an obvious damping
effect for the model under NFPT ground motions and the
damping effect of the DTMD under RSN900 is the most
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significant. Taking case-III under the E2 earthquake as an
example, the decreasing ratios of the ADR, RMS-ADR, AR,
and SR under the RSN900 wave reach 22.8%, 24.9%, 25.0%,
and 22.1%, respectively, which are significantly higher than
the corresponding values under the other NFPT ground
motions. That is, when the VPP of the NFPT ground motion
is close to the natural vibration period of the structure, the
dynamic response of the structure amplified and then the
DTMD will provide better damping effect.

The influence law of a DTMD with different boundary
cases under the NFPT ground motions is similar to that
under the Site-II ground motions. The DTMD has the best
damping effect under case-III and a poor damping effect
under case-I. Taking the ARs under the E2 excitation as an
example, the average decreasing ratio of the DTMD with
case-I is only 10.9%. In contrast, the corresponding average
decreasing ratios of the DTMDs with case-II and case-III are
15.1% and 19.0%, respectively. The decreasing ratios of each
dynamic response parameter increase with increasing ex-
citation intensity. Taking case-III as an example, under El
and E2 excitations, the average decreasing ratios of the ADR
and RMS-ADR increase from 12.6% to 17.3% and 13.0% to
20.4%, respectively. In this case, the average decreasing
ratios of the AR and SR increase from 12.4% to 19.0% and
12.7% to 17.5%, respectively.

4.2.4. Long-Period (LP) Ground Motions. Figures 9(a) and
9(b) show the ADR and AR of the model before and after the
DTMD installation under the RNS74 wave of case-IIL

Figure 9 shows that the DTMD can obviously decrease
the amplitude of ADR and AR of the model under the LP
ground motions. The dynamic response and decreasing
ratios of the model with the DTMD under LP ground
motions are presented in Table 10.

As shown in Table 10, except for the negative de-
creasing rate in a few cases, the DTMD can provide good
energy dissipation capacity under LP ground motions.
Taking case-III under E2 excitation as an example, the
decreasing ratio of each dynamic response of the test
model is more than 22% under the RSN74. Similar to the
boundary condition law under the NFPT ground motions
and Site-II ground motions, the damping effect of the
DTMD will be limited when the damping ratio of the
connection increases. Taking the RMS-ADR under the E2
excitation as an example, the average decreasing ratio of
the DTMD with case-I is only 15.2%. However, the cor-
responding average decreasing ratios of the DTMDs with
cases II and III are 20.1% and 23.7%, respectively. The
excitation intensity also has the same influence law as that
under the NFPT and Site-II ground motions, and the
decreasing rates of each dynamic parameter under the LP
ground motions increase with an increase in excitation
intensity. Taking case-III as an example, the average de-
creasing ratios of the ADR, RMS-ADR, AR, and SR under
the E1 excitation are 13.6%, 14.5%, 13.7%, and 13.6%,
respectively. In contrast, the corresponding decreasing
ratios of the DTMD are up to 21.1%, 23.7%, 22.4%, and
22.1% under the E2 excitation, respectively.
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FIGURE 8: ADR and AR of the model before and after the DTMD installation under the NFPT ground motions (case-IIL, E2). (a) Absolute
displacement. (b) Acceleration.

TaBLE 9: Decreasing ratios of the model with DTMD under NFPT ground motions.

Connection cases

Decreasing ratio (%)

Parameters RSN Peak (g)
I II 111 I Average II Average 111 Average

2457 431 427 423 7.9 8.8 96
900 0.35 7.23 6.95 6.80 10.8 8.9 14.2 113 16.1 12.6

6911 553 537 530 8.1 10.8 12.0

ADR (mm) 2457 7.31 6.99 6.65 6.2 10.2 14.6
900 1.00 15.18 14.46 13.81 152 10.4 19.2 13.7 22.8 17.3

6911 8.96 8.77 8.48 9.7 11.7 14.6

2457 1.49 1.46 1.45 7.8 96 10.3
900 0.35 2.36 231 223 10.5 9.1 12.6 115 15.5 13.0

6911 1.85 1.78 1.76 8.9 12.4 13.1

RMS-ADR (mm) -, 3.32 3.26 3.17 113 12.8 151
900 1.00 475 439 420 15.1 12.9 216 16.9 24.9 20.4

6911 4.01 3.82 3.60 12.3 16.3 21.2

2457 2.93 3.03 2.79 27 0.6 71
900 0.35 451 439 426 12.0 8.3 145 8.7 16.9 12.4

5 6911 3.86 378 3.74 10.2 12.1 13.1

AR (m/s7) 2457 6.38 6.29 5.97 8.9 10.3 14.8
900 1.00 10.50 9.73 9.05 13.0 10.9 19.4 15.1 25.0 19.0

6911 9.08 8.60 8.45 10.9 15.6 17.1

2457 19321 19085 18791 7.1 8.2 96
900 0.35 34653 33929 32585  10.6 8.8 12,5 10.3 15.9 12.7

SR (ue) 6911 239.11 23530 22945 8.8 10.3 12,5

. 2457 74511 71758 72165 117 14.9 145
900 1.00 114342 105555  1037.37 142 12.8 20.8 16.2 221 17.5

6911 660.44 65681 63422 125 13.0 16.0

4.2.5. Comparison of the Damping Effect of DTMD under
Three Types of Ground Motions. To further study the
damping effect of the DTMD under the three types of
ground motions, Figure 10 provides a comparison of the
average decreasing ratios of the DTMD with different

connection cases and under different ground motions.

As shown in Figure 10, except for some cases under
case-I, the damping effect of the DTMD under the LP
ground motions is better than that under the NFPT and
Site-II ground motions; among the three, the damping
effect of the DTMD under Site-II ground motions is rel-
atively poor. In addition, the larger excitation intensity
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FIGURE 9: ADR and AR of the model with and without the DTMD under the LP ground motions (case-III, E2). (a) Absolute displacement.

(b) Acceleration.

TaBLE 10: Decreasing ratios of the model with DTMD under LP ground motions.

Connection cases

Decreasing ratio (%)

Parameters RSN Peak (g)
I 11 II1 I Average I Average 111 Average

69 (249) 6.88 6.74 6.72 9.1 10.9 11.2
74 0.35 6.49 6.37 6.15 111 10.1 12.7 11.6 15.8 13.6

90 (132) 6.21 6.14 595 102 1.2 13.8

ADR (mm) 69 (249) 14.74 14.58 1423 118 12.8 14.9
74 1.00 15.14 14.24 1374 171 132 220 18.1 247 211

90 (132) 9.86 8.87 8.41 10.6 19.5 238

69 (249) 2.10 2.02 1.98 9.9 13.4 15.1
74 0.35 2.24 212 211 11.0 10.0 15.8 12.9 16.5 145

90 (132) 1.72 1.71 1.66 9.0 9.4 12.0

RMS-ADR (mm) (' 5 1) 3.83 3.67 3.46 13.4 17.0 217
74 1.00 5.00 4.60 433 154 152 221 20.1 268 237

90 (132) 3.47 3.28 322 167 212 227

69 (249) 3.57 3.39 324 -03 48 9.1
74 0.35 455 452 440 136 8.2 14.2 10.7 16.5 13.7

5 90 (132) 425 416 404 113 13.1 15.6

AR (m/s7) 69 (249) 9.31 9.12 8.44 9.5 113 17.9
74 1.00 10.82 9.92 947 178 136 246 184 280 224

90 (132) 11.09 10.34 1008 134 19.3 213

69 (249) 329.84 31744 31658 7.9 11.4 11.6
74 0.35 36471 35318 35234 124 10.2 15.2 12.9 154 136

SR (ue) 90 (132) 36557  357.60 35139 103 12.2 13.7

H 69 (249) 84633 82436 80316 157 17.9 20.0
74 1.00 1427.85 131053  1269.36  13.3 145 204 201 29 221

90 (132) 1267.53 115773 113460  14.5 21.9 235

(more significant dynamic response) will lead to a better
damping effect for the DTMD. For the LP ground motions
and Site-II ground motions under case-III, the differences
in the average decreasing rates of the ADR, RMS-ADR, AR,
and SR under E1 excitation are 2.5%, 2.9%, 3.2%, and 3.3%,
respectively. However, the corresponding differences reach
6.2%, 9.2%, 8.7%, and 7.6% under E2 excitation, respec-
tively. Similarly, there is little difference between the LP

ground motions and NFPT ground motions in regards to
the decreasing ratios of the DTMD for the above param-
eters under the El excitation. However, under the E2
excitation, the damping effect of the DTMD under LP
ground motions is evidently better than that under NFPT
ground motions. Taking case-III as an example, the dif-
ference between the average decreasing ratios of the DTMD
under the NFPT ground motions and the LP ground
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F1Gure 10: Comparison of the damping effect of the

motions is in the range of 0.9% to 1.5% under the E1
excitation. However, the corresponding difference reaches
3.3% to 4.6% under the E2 excitation. In addition, the
damping effect of the DTMD under NFPT ground motions
is also evidently better than that under Site-II ground
motions. Except for individual parameters in case-I, the
difference in the average decreasing rates of the DTMD
between them also increases with the increase in excitation
intensity. Taking case-III as an example, the difference in
the average decreasing ratios between the NFPT and Site-II
ground motions under E1 excitation is approximately 1.8%.
The corresponding difference reaches 4.1% under E2 ex-
citation. To further study the damping mechanism of the
DTMD, Figures 11(a) and 11(b) show the displacement
response time history of the upper TMD under the Site-II
ground motion RSN56 (130) and LP ground motion
RSN74. Figure 11(c) and 11(d) show a comparison of the
ADR decreasing ratios under two typical ground motions
with different boundary cases.
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DTMD. (a) ADR. (b) RMS-ADR. (c) AR. (d) SR.

As shown in Figures 11(a) and 11(b), the displacement
response of the upper TMD under the LP ground motion
RSN74 is evidently greater than that under the Site-II ground
motion RSN56 (130) and this phenomenon becomes more
evident with the increase in excitation intensity. For ex-
ample, the difference in the displacement amplitude between
them under the E1 condition is 2.94 mm, whereas that under
the E2 condition is 7.03 mm. For the same excitation, the
displacement response of the upper TMD under the E2
condition is evidently larger than that under the E1 con-
dition. Taking RSN74 as an example, the displacement
amplitudes of the upper TMD under the E1 and E2 con-
ditions are 10.80 mm and 20.73 mm, respectively.

It can be seen from Figures 11(c) and 11(d) that the
smaller damping ratio of the connection will lead a more
significant damping capacity of the DTMD. Combined with
Figures 11(a) and 11(b), it can also be concluded that the
dynamic response of the DTMD has a significant impact on
its own damping capacity. A greater response of the upper
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F1GURE 11: Comparison of damping effect of DTMD under two typical ground motions. (a) E1 (case-III). (b) E2 (case-III). (c) EL. (d) E2.

TMD will result in a significant damping capacity for the
DTMD. Taking case-III under E2 excitation as an example,
under the Site-II ground motion RSN56 (130) and LP
ground motion RSN74, the decreasing rates of ADR are
15.8% and 24.7%, respectively. Combined with the analysis
in Section 4.1, it can be seen that the dynamic response of the
structure underground motions with long-period charac-
teristics (LP and NFPT ground motions) is larger, the
corresponding response of DTMD is larger, and the
damping effect of the DTMD is better. It can also be seen that
the vibration of the DTMD requires a certain duration time
through the dynamic response curve of the DTMD itself. For
the test results of this study, the response of the DTMD is
very small (<0.5mm) when the excitation duration is less
than 0.5s, showing that the DTMD requires a certain ex-
citation duration to exert the damping effect. Further op-
timisation methods for decreasing the time delay of the
DTMD damping effect will be the focus of future studies. It
should be pointed out that the time delay of the DTMD is

also related to the bracketed and energy duration of the
ground motion. However, the damping property of the
DTMD is mainly affected by the relative dynamic response
of the DTMD and the controlled structure. It is much
complex to construct the relationship between the bracketed
or energy duration of the ground motions and the time delay
property of the damping effect of the DTMD.

Moreover, the idea of the mode shape decomposition
response method was used to optimize the DTMD [49].
However, the actual seismic response of the HRS is much
more complex due to the participation of multiple modes
and unharmonic ground motions. Therefore, the actual
damping effect of the DTMD may have significant difference
with the optimised damping effect. As Tables 8-10 show, the
dynamic response of structures may be amplified after the
DTMD arrangement under some cases. And, the actual
average decreasing rate was in the range of 5%~15%. By
contrast, the theoretical decreasing ratio of the DDMF for
the optimised DTMD can reach 80% under resonance
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harmonic excitation and the damping effect of the optimised
DTMD for the controlled structure can also exceed 50% after
considering the mass participation ratio of the first three
modes. Thus, the effectiveness of the parameter optimisation
method for the DTMD based on the harmonic excitation is
uncertain. In practical seismic design, the nonlinear time
history analysis or model testing is required to verify the
optimised parameters.

5. Discussion

5.1. Comparison of the Damping Effect of UTMD and DTMD
for HRSs. To compare the damping effect of the UTMD
(with the same mass as the DTMD) and the DTMD for
HRSs, shaking table tests of the model with the UTMD
were also carried out. The settlement position of the UTMD
was selected as the same as the DTMD. The arrangement of
the UTMD is shown in Figure 12. The ground motions were
selected as the same from the previous description in
Table 4. Figure 13 provides the dynamic response time
history curves of the model without the damper, with the
UTMD, and with the DTMD under typical ground mo-
tions. The connection cases of the UTMD and the DTMD
were the same and were case-III.

As Figure 13 shows, the UTMD can also effectively
reduce the displacement and acceleration response of the
model under RSN69 (249). However, the UTMD increases
the dynamic response of the model under RSN74. Taking the
E2 excitation as an example, the decreasing ratios of the
UTMD are 16.1% and —12.7% under RSN69 (249) and
RSN74, respectively. However, the DTMD can both effec-
tively decrease the dynamic response of the model. Thus, the
damping robustness of the DTMD is better than that of the
UTMD. In addition, the response attenuation of the model
with the DTMD is faster than that of with the UTMD during
the later excitation stage. Figure 14 gives the comparison of
the decreasing ratios of the UTMD and the DTMD for the
scaled model.

As Figure 14 shows, compared with the average damping
effect of DTMD (14.9% for ADR, 15.5% for AR), the UTMD
has a poorer average damping effect (2.1% for ADR, 2.4% for
AR). The DTMD can provide more effective damping effect
for HRSs than UTMD. To further analyse the damping effect
of the UTMD and the DTMD, Figure 15 provides the
comparison of the PSD (power spectral density) for accel-
erations of the model with the UTMD and the DTMD under
typical ground motions.

As Figure 15 shows, the UTMD only has a better
damping effect for the first-order vibration of the model. The
UTMD cannot provide effective damping effect for higher-
order vibration of the model. Thus, the damping robustness
of the UTMD is poor. The DTMD can both effectively re-
duce the first-order vibration response and the higher-order
vibration responses of the model. The damping frequency
band of the DTMD is significantly larger than that of the
UTMD. The reason is that the damping frequency band or
robustness of the DTMD is mainly affected by the lower
mass damper. The lower tuned mass damper is applied as a
tuning system to control the dynamic response of the upper
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FIGURE 12: Arrangement of the UTMD.

tuned mass damper which can improve the damping fre-
quency band of the upper tuned mass damper.

5.2. Method for Obtaining the Equivalent Additional Damping
Ratio. The equivalent damping ratio of the controlled
structure can be approximated by (14) under the free vi-
bration test.

1 A
=— (14)
2mm A,

§

where A, and A,,,, represent two selected amplitudes
separated by m vibration cycles, respectively. 7 is the circular
constant. It should be noted that the above calculation
method for the equivalent damping ratio can be hardly used
in practice. The free vibration test of the practical structure is
extremely difficult. Taking the model tower in this study as
an example, the height of the test model is 11 m and the total
weight of the model is 32.2kN. It is almost impossible to
apply an initial displacement at the top of the test model. On
the other hand, it cannot simply use a harmonic excitation or
a ground motion to simulate the excitation of an initial
displacement. Moreover, the additional damping ratio of the
DTMD is related to the dynamic response and damage state
of the controlled structure. The equivalent additional
damping ratio of the DTMD is nonlinear. Therefore, the
equivalent damping ratio of the system cannot be obtained
in practice.

At present, the Code for Seismic Design of Buildings (GB
50011-2010) provides the calculation method of the effective
damping ratio for displacement-related (metal, frictional
dampers, etc.) and velocity-related (viscous, viscoelastic
dampers, etc.) energy absorbers. The effective damping ratio
of displacement-related and nonlinear velocity-related en-
ergy absorbers attached to structures can be estimated by the
following equation:

Wi
Ea = Z (47_[‘/\]75)’ (15)

j

where £, denotes the effective damping ratio of the energy
absorbers. W ; represents the energy consumed by the j-th
energy absorber in a loading cycle under an expected
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FiGure 13: Comparison of the dynamic response time history curves of the model before and after the dampers installation (case-III). (a)
ADR (RSN69 (249)). (b) AR (RSN69 (249)). (c) ADR (RSN74). (d) AR (RSN74).

interstory displacement Au;. And, W, represents the total
strain energy of the structure with energy absorbers under
the same expected interstory displacement. In addition, the
effective damping ratio of the energy absorbers attached to
the structure can be determined by the forced decoupling
method when the energy absorbers distribute uniformly on
the structure, as well as the effective damping ratio is less
than 20%.

As the above mentioned discussion, to calculate the
effective damping ratio, the dissipating energy of the ab-
sorber in a loading cycle and the total strain energy of the
controlled structure under an expected interstory dis-
placement need to be determined. Therefore, the equivalent
additional damping ratio of an absorber attached to a
structure is normally obtained as follows:

(1) Carry out the mechanical performance (hysteretic
performance) test of the absorber. Obtain the energy
dissipation capacity of the absorber under an ex-

pected displacement.

(2) Parameterize the hysteretic energy dissipation capacity
of the damping device. Construct the finite element
model of the controlled structure with the absorber.

(3) Perform the nonlinear time history analysis of the
finite element model. Obtain the expected dis-
placement of the structure with absorber, as well as
the dissipating energy of the absorber under the

expected displacement.

(4) Conduct the pushover analysis or the simplified
theory calculation of the structure model with the
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FIGURE 14: Comparison of the damping effect of the UTMD and the DTMD. (a) ADR. (b) AR.
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Ficure 15: PSDs for accelerations of the model with the UTMD and the DTMD. (a) RSN69 (249). (b) RSN74.

absorber, and obtain the total strain energy of the
controlled system under the expected displacement.

(5) Finally, calculate the additional effective damping
ratio of the energy absorber by equation (15).

As we all know, the damping effect of tuned mass dampers
(such as DTMD, TMD, and MTDM) is not only related to the
tuning effect of the tuned mass (absorbed kinetic energy of the
controlled structure) but also related to the energy dissipation
of the damping device installed on it (dissipated kinetic
energy of the controlled structure). There is energy exchange
between the tuned mass damper and controlled structure

during the whole vibration process. Therefore, under har-
monic excitation, we can obtain the additional equivalent
damping ratio of the tuned mass damper following the above
procedure. However, under actual ground motions, the en-
ergy dissipation capacity of the tuned mass damper at an
expected displacement is not uniform, which is related to the
acceleration, velocity, and displacement time history of the
system. And, the total strain energy of the system also cannot
be obtained by a simple pushover or simplified calculation
method (it is difficult to consider the contribution of the
tuned mass damper to the system stiffness). Thus, the seismic
design method of DTMD is still in the exploratory stage.
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6. Conclusions

In this study, a scale model of a typical high-rise structure
was fabricated. Numerous excitations were chosen to clarify
the dynamic responses of high-rise structures, including
Site-II ground motions, NFPT ground motions with dif-
ferent velocity pulse periods, and LP ground motions. Then,
based on minimising the peak displacement of a first
N-order vibration modal with a mass participation factor of
85%, a parameter optimisation method was proposed for the
DTMD. Furthermore, a DTMD with optimised parameters
was designed and manufactured. Finally, a lot of shaking
table tests were carried out for the scale model with and
without the DTMD. The main findings of this study are as
follows:

(1) The dynamic responses of high-rise structures under
the LP and NFPT ground motions are significantly
greater than those under Site-II ground motions.
When the velocity pulse period of the NFPTs is close
to the natural vibration period of the high-rise
structure, the ADR, AR, and SR of high-rise struc-
tures are much more significant. Under an E2
earthquake excitation, the average amplitudes of the
ADRs under LP and NFPT ground motions were
1.95 times and 1.51 times larger than those under
Site-II ground motions, respectively. Moreover, the
amplitudes of the SRs at the top floor of the structure
reached 1646.60 ye and 1331.92 ye under LP and
NFPT ground motions, respectively, ie., much
greater than those of the bottom floor (239.40 ye and
193.72 pe).

(2) The optimised DTMD provides a wide damping
frequency band and an excellent robustness. Larger
excitation intensities will lead a better damping effect
of the DTMD. However, the DTMD also has some
damping capacity when the external excitation in-
tensities are small. Under an E2 earthquake excita-
tion, the average decreasing ratios of the ADR, RMS-
ADR, AR, and SR are 15.0%, 14.5%, 13.7%, and
14.5% under Site-II ground motions, respectively.
The average decreasing ratios of the above four
parameters are 17.3%, 20.4%, 19.0%, and 17.5%
under NFPT ground motions, respectively. The
corresponding values are 21.1%, 23.7%, 22.4%, and
22.1% under LP ground motions, respectively. The
damping capacity of the DTMD under LP and NFPT
ground motions is more significant than that under
Site-II ground motions. Furthermore, the DTMD
will provide a better damping effect when the ve-
locity pulse period of the NFPT ground motion is
close to the natural vibration period of the structure.

(3) The smaller damping ratio of the connection of the
upper TMD will result in a better damping effect of
the DTMD. An excessive damping ratio for this
connection will induce the damper to become whole
with the structure. Thus, the DTMD will not be able
to respond adequately to the variations in the vi-
bration state of the controlled structure. And, the
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damping capacity of the DTMD will decrease. The
DTMD requires a certain excitation duration time to
exert its damping control effect. In this study, when
the excitation duration time is less than 0.5s, the
dynamic response of the DTMD is relatively small.
Therefore, the damping capacity of the DTMD
cannot be fully realised. Further optimisation
methods for decreasing the time delay of the DTMD
damping effect will be the focus of future studies.
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Liquid storage tanks are lifeline structures and strategically very important. Heavy damages or even collapse of these facilities
subjected to strong earthquakes may cause disastrous consequences. In this paper, the seismic response of a multistage series
liquid storage tank was simulated by a finite element method and verified by a scaled-down experiment. The structural flexibility of
the tank and the liquid-structure coupling characteristics between the liquid and tank wall were considered in the research. A
multimass-block and spring model was employed to be equivalent to the longitudinal vibration of the liquid in the storage tank.
The relationships between the connection springs and the elements of the stiffness matrix were explicitly deduced. The seismic
response analysis of a four-stage series liquid tank was carried out, and the acceleration response, the stress response of the tank,
and the vertical vibration of the liquid were obtained. The experimental results are in good agreement with the simulation results,

which verifies the effectiveness of the modeling method in this paper.

1. Introduction

Liquid storage tanks are lifeline structures and strategically
very important since they have vital use in industries and
nuclear power plants [1]. Heavy damages or even collapse of
these facilities subjected to strong earthquakes may cause
disastrous consequences such as explosions, fires, and en-
vironmental contaminations [2]. The seismic safety per-
formance of a large liquid storage tank is crucial and has a
direct effect on the economic performance, reliability, and
service life of the tank [3]. Analytical solutions for the
seismic fluid-structure interaction of tanks are used by
analysts and engineers for a number of purposes, including
preliminary sizing, risk assessment, and verification of
numerical models [4].

The seismic behavior of the liquid storage tank is highly
complex due to liquid-structure interaction, leading to a
tedious design procedure from an earthquake-resistant
design point of view. To improve the structural seismic
response of the liquid storage tank, in the past few decades,
scholars have proposed many effective research methods
including the concentrated mass method, the distributed

mass method, and the test analysis method. Housner [5] and
Rosenblueth and Newmark [6] developed a lumped mass
model of rigid liquid storage tanks and investigated its
seismic response. These models were modified by Haroun
[7], which takes into account the flexibility of the tank wall in
the seismic analysis. In the concentrated mass method, the
contained liquid is considered as incompressible and in-
viscid and has irrotational flow. The typical models include
the single-degree-of-freedom model [8], two-degree-of-
freedom model [9-11], and three-degree-of-freedom model
[12-18]. In [8], a simplified one-degree-of-freedom ideali-
zation was set up and particular attention was paid to the
sloshing effects. In the two-degree-of-freedom model, as
described in [9-11], the liquid mass was considered as a
convective mass which caused the sloshing phenomenon
and an impulsive mass which accelerated along with the
tank. In the three-degree-of-freedom lumped mass model,
the entire tank liquid mass vibrates in three distinct patterns:
sloshing mass, impulsive mass, and rigid mass.

In the research using the distributed mass model [19-27],
the finite element method is generally used to establish the
model of the liquid storage tank for liquid-structure coupling
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analysis. The tank wall is always regarded as the structure
element, and the liquid is regarded as the fluid element.
According to the relative motion relationship between the
tank and the liquid, the motion coordination constraints of
the structure element and fluid element are established. Then,
the seismic excitation is applied to analyze the dynamics of the
tank and fluid. Aiming at calculating sloshing frequencies, as
well as sloshing transient response under horizontal seismic
excitation, Karamanos [20, 21] presented a finite element
formulation for earthquake-induced sloshing in horizontal-
cylindrical industrial vessels. Jingyuan Li [23] adopted the
finite element software ABAQUS to trace the dynamic re-
sponse history of a large reinforced concrete storage tank
during different seismic excitations. The dynamic charac-
teristics and failure modes of the tank’s structure were in-
vestigated by considering the rebar’s effect. Aruna Rawat
[24, 25] investigated the three-dimensional ground-supported
cylindrical and rectangular rigid liquid storage tanks filled
with water and subjected to seismic base excitation. The
analyses of the tanks were carried out using coupled acoustic-
structural and coupled Eulerian-Lagrangian approaches of
the finite element method. In [26], the numerical seismic
response of liquid storage tanks isolated by bilinear hysteretic
bearing elements was investigated under long-period ground
motions. Finite shell elements for the tank structure and
boundary elements for the liquid region were employed.
Fluid-structure equations of motion were coupled with the
governing equation of the base-isolation system to represent
the whole system behavior. In [27], numerical analyses were
performed by means of a detailed finite element model,
considering the exact geometry of the elevated steel tank
structure and the fluid-structure interaction effects for an
arbitrary level of fluid filling, as well as the nonlinearities
introduced by the various bracing systems.

In the research using the test analysis method [28-30], a
real or scaled model of the liquid tank is generally processed,
and the test research is carried out by using the earthquake
occurrence test bed. In [28], a series of forced vibration tests,
whose measured response was considered as a benchmark,
were carried out on a cylindrical tank experimental model.
All of the test parameters were scaled according to similitude
laws. Jang Ho Park [29] presented dynamic test results of a
cylindrical liquid storage tank under horizontal earthquake
excitation to investigate its dynamic behavior characteristics,
including beam-type and oval-type vibrations. Bae and Ho
Park [30] presented the results of shaking table tests per-
formed to examine the dynamic behavior of a scaled cy-
lindrical steel tank model considering the presence or
absence of a fixed roof and added mass at the top of the tank
for various fluid levels.

At present, there are many studies about the seismic
response analysis of a single tank; however, research on the
analysis of a multistage series tank is not deep enough.
Different from the single-stage tank, the multistage series
tank is tall, and the slenderness ratio is relatively large.
Therefore, the structural flexibility of the tank needs to be
considered. The “forced vibration” effect caused by the
liquid-structure interaction should also be considered. In
addition, the research literature mostly considers only the
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lateral sloshing effect of the liquid, and the longitudinal
vibration characteristic is ignored. Aiming at the seismic
response analysis of the multistage series liquid storage tank,
this paper constructed a finite element model including the
liquid-structure coupling effect of the tank wall and liquid, as
well as the longitudinal vibration characteristic of the liquid.
The research on the modeling method and experimental
verification were simultaneously carried out in this paper.

2. Mass Matrix and Longitudinal
Stiffness Matrix

2.1. Mass Matrix. Due to the structural flexibility and the
coupling effect, the multistage series tank will form a tower
effect when it encounters an earthquake; that is, the ground
excitations will be multiplied on the tank. The important
feature of the liquid-structure coupling problem is the in-
teraction of the two-phase medium. The solid structure will
deform or move under the action of the fluid load, and this
deformation or movement will in turn affect the amplitude
and distribution of the fluid load. In this investigation, the
liquid is considered incompressible and inviscid and has
irrotational motion. For the quasistatic flow field and linear
elastic structure with small deformation, the equation of the
displacement-pressure format of the liquid-structure cou-
pling system can be expressed as

M, 0 Kspgf u F,
. {4 p}+ = (D
-Q My < [P 0
0 Ky

where p is the pressure vector of the fluid node; u is the
displacement vector of the solid node; Q is the liquid-
structure coupling matrix; Myand Krare the mass matrix and
stiffness matrix of the fluid, respectively; M; and K; are the
mass matrix and stiffness matrix of the structure, respec-
tively; F; is the external load vector; and pyis the density of
the liquid.

If the influences of fluctuation and compressibility of the
liquid are ignored, the dynamics problem of the liquid-filled
tank can be simplified as the structural dynamics problem
with additional mass. The dynamic equation (1) can be
rewritten as

Q
M, 0 K, K F,
[ . ]{ap’}+ = )
-Q 0 K P 0
f

Substituting equation (2) into (1) and eliminating vector
p> one can obtain

(M, +M))ii +Ku=F, (3)

where M ';=QK'fQ"/p; is the additional mass matrix
representing the effect of the fluid on the solid structure. The
key to the dynamic problem, therefore, lies in the processing
of the additional mass matrix.



Shock and Vibration

Since the quality characteristics of the tank structure and
liquid are different, the quality of the two is treated sepa-
rately in the modeling process. When calculating the mass
attributes of the tank structure, it is assumed that the
structural mass is uniformly distributed. According to the
inviscid feature of the liquid, when the storage tank is bent
and deformed laterally, most of the liquid will move in
parallel with the structure of the tank, except for the liquid
near the free surface. Besides, when the tank is deformed
longitudinally, the liquid will only follow the movement of
the tank bottom, provided that the influence of the longi-
tudinal deformation of the tank on the diameter is ignored.
Accordingly, the liquid in the tank is only counted as the
translational mass, and the moment of inertia is ignored. The
mass matrix of the liquid unit can be written as

M/ =M
[(ms 0 0 000]
m; 0 000
_ mi000| (4)
symm 000
00
L 0
wherem .fvep dV

in which m [f is the mass of the liquid

unit and Ve is fthe volume of the liquid unit.

2.2. Longitudinal Stiffness Matrix. In order to simulate the
longitudinal vibration characteristics of the multistage series

(2 fas fas f2s]
s fas S f3s
faoo faz faa fus

-f52 f53 f54 f55-

F 41 2 1
3K, K, K, K

4 4 1

_+_
K, 3K, K,

symm

where K, =2naEh/l,, K,=2mnaEh/l,, and K;=2maEh/l; are
the axial rigidities of the tank wall surrounding the mass

liquid storage tank, a multimass-block model is employed to
equivalent the longitudinal vibration of the liquid. Taking
the three-mass-block model of a single-stage liquid-filled
storage tank as an example, its structure diagram, me-
chanical model, and calculation model are shown in Fig-
ure 1. The liquid in the tank is divided into three mass blocks
marked as my, mp, and my3, respectively. The tank is
equivalent to a massless beam, and the mass properties of the
tank are assigned to the nodes of the beam elements in the
form of concentrated mass. Taking the mass assignment
process of a certain section of the tank as an example, as
illustrated in Figure 1(a), the mass of the tank wall between
nodes a and g is divided into three parts according to its
structural characteristic. Then, the mass marked as m;;
between nodes a and c is assigned to node b, and the mass
marked as m; between nodes ¢ and e is assigned to node d.
Similarly, the mass marked as m;,; between nodes e and g is
assigned to node f. By repeating this, the equivalent process
of tank mass to the nodes of the massless beam can be
completed.

The position of the storage tank at the free surface of the
liquid is marked as 5, as illustrated in Figure 1(c). The
positions of centroids of the three liquid mass blocks are
marked as 4, 3, and 2, respectively. The connecting part of
the tank barrel section and tank bottom is marked as 1. The
symbols [}, I, and I; represent the liquid heights corre-
sponding to the three mass blocks, respectively. The tank is
cylindrical with the inner diameter 2a, the thickness of the
wall is h, the elastic modulus of the material is E, and
Poisson’s ratio is y. The flexibility coefficient matrix [31] of
the three-mass-block model is defined as

2 1 b
KK, o
1 B 1
(5)
4 2 1 2u N U
Ky K, Kj K, K,

K, 3K, Ky K, K, K,
1 1 1
Kl K2 K3

blocks m;, m,, and ms, respectively; Kj is the rigidity of the
tank bottom.



The stiffness coefficient matrix K of the three-mass-block
model can then be obtained by solving the inverse of matrix
D as

K=D',
ky ks kyy ks
ki kys kay kss (6)

k42 k43 k44 k45
ksy ksy ksy kss
The relationships between the springs in Figure 1(c) and

the elements of the stiffness matrix K are shown in the
following equation:

Kz = —kys;
Koy = —kyy;
Kys = —kys;
Ky = —ksy;
Kis = —kss; 7)
Kys = —kys;

Ky =k + kys + kyy + ks
Kz = ks + ka3 + ksy + kss;
Ky = kg + ks + kyy + kys;

Kis = ksy + ks + ks + kss.

3. Simulation Results

3.1. Model of the Liquid Storage Tank. The structure of the
four-stage series liquid storage tank is shown in Figure 2,
which is composed of four cylindrical flat bottom tanks
I-1V, a connection segment, and a conical head. The bottom
of the tank is fixed on the foundation by bolts. The structural
dimensions and material properties of the tank are shown in
Table 1. The four storage tanks I-IV are filled with a liquid,
and the liquid mass in each tank is 35 tons, 45 tons, 25 tons,
and 10 tons, respectively.

The mechanical model of the storage tank established by
the aforementioned method is shown in Figure 3. According
to the geometric attributes of the tank wall and the con-
nection segment, the whole structure is assumed to be a
hollow circular beam element with variable thickness and
cross section. In the finite element model, the structure of
the tank is meshed by the three-dimensional and three-node
Timoshenko beam elements. The elastoplastic characteristic
of the material is considered. The connecting segments and
the tanks are connected by flanges and bolts, and the
strength and rigidity of the connecting parts have been
predesigned with sufficient margin. The connection seg-
ments are also treated as the hollow cylindrical structure,
and the thickness is obtained by the stiffness equivalent
method. Therefore, the connection segments can also be
meshed by the Timoshenko beam elements, and according
to its structural characteristics, the mesh of the section is
locally refined. The finite element model of the four-stage
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series liquid storage tank established in ANSYS is shown in
Figure 4.

The assignment process of liquid mass effects can be
implemented as follows: taking the liquid mass m;, as an
example, as illustrated in Figure 1, the horizontal mass ef-
tects myy, and myy, are equally distributed to the nodes from
ms to m; near the liquid; its vertical mass effect my,,, is
connected to the liquid mass my,, m;3, and the related beam
nodes through the springs K4, Ky4, K34, and Kys. The spring-
mass system is composed of the concentrated mass 1y, my,,
and my;, and the springs can then be used to simulate the
vertical seismic response of the liquid mass in the storage
tank.

3.2. Adjustment of the Seismic Wave. Seismic amplitude (or
intensity) includes peak acceleration, peak velocity, and peak
displacement of the seismic wave. In seismic analysis, the
peak value of the acceleration of ground motion is generally
used as the strength standard. The selected ground motion
record should be adjusted according to an appropriate
proportion so that the peak acceleration of the selected wave
is equivalent to that of the corresponding seismic fortifi-
cation intensity. The adjustment formula is

d (1) = Smax g ), (8)

max

where a'(t) and A',.x represent the adjusted seismic ac-
celeration curve and peak value, respectively; a(t) and A«
represent the original recorded seismic acceleration curve
and peak value, respectively.

The acceleration curve of the adjusted El Centro
earthquake wave with 8 fortification intensity is shown in
Figure 5, and its peak acceleration is set to be 0.2g. The
seismic waves along the x-, y-, and z-axis are all used as input
excitations, and the peak acceleration ratio among them is
set as x: y: z=1:0.65:0.85.

3.3. Seismic Response Curve of the Top Node. Taking the top
node o, as illustrated in Figure 3, of the liquid storage tank as
the study object, the curves of displacement and acceleration
of this node along the horizontal direction (x-axis and z-
axis) and the vertical direction (y-axis) are shown in
Figures 6-11, respectively.

It can be seen from Figures 6-8 that, under the action of
earthquake excitation, the top node o has endured large
vibration displacements. The maximum amplitude along the
x-axis is 0.264 m, which occurred at the time t=6.5s. The
vibration displacement along the z-axis is similar to that of
the x-axis, but the overall amplitude is slightly smaller, which
is due to the fact that the amplitude of seismic acceleration
input along the z-axis is smaller than that along the x-axis.
The displacement responses in these two directions firstly
increase with the increase of the seismic acceleration and
then attenuate. In the entire time history, the waves generally
present a “spindle” structure with a short front and a long
rear, which is caused by the fact that the energy of the seismic
wave is mainly concentrated in the early stage. In Figure 7,
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FiGure 1: Three-mass-block model of the single-stage liquid storage tank. (a) Structure diagram. (b) Mechanical model. (c) Calculation
model.
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FIGURE 2: Structure of the four-stage series liquid storage tank.

TaBLE 1: Structural dimensions and material properties of the liquid storage tank.

. Thickness Elastic modulus Yield strength Tensile strength ~ Poisson’s

Parameter Length (m) Diameter (m) (mm) (GPa) (MPa) (MPa) ratio

Value 30 3.0 3.5 70 300 420 0.33
x | | | | | | |
| | | | | | |
y eall ! | n

o |e@| @@ |1 @ o e | <

| | | | | | |
| | | | | | |

Equivalent concentrated Massless beam element Equivalent concentrated
mass of tank mass of liquid

FIGURE 3: Mechanical model of the liquid storage tank (the springs are omitted).
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FIGURE 4: Finite element model of the liquid storage tank.
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Ficure 5: Adjusted El Centro seismic wave with 8° fortification intensity.

due to the large axial stiffness of the storage tank, the vi-
bration displacement of the node along the y-axis is very tiny
and within 0.5 mm most of the time. The reason for the
notable displacement in the initial stage is that the gravity
acceleration is applied to the liquid storage tank in the form
of a step function at the initial time of calculation. The
notable displacement fluctuation is the step response of the
system to the gravity acceleration.

The peak value of the vibration acceleration of the node o
along the x-axis is about 3.382 m/s’, which occurred at time
t=21s. It is consistent with the peak time of the input
seismic wave, and the amplification factor of peak accel-
eration of the node along this direction is f3,=1.691. The
peak value of the vibration acceleration of the node along the
z-axis is about 2.875m/s’, which also occurred at t=2.1s.
The amplification factor of the peak acceleration of the node
along this direction is 3, = 1.438. Ignoring the step effect of
the tank on the gravity acceleration at the initial stage, the
longitudinal vibration acceleration of the node caused by the
ground motion is relatively small, which is basically within
the range of +0.2 m/s>. The calculation results show that the
seismic wave has a greater impact on the lateral vibration of
the tank and less impact on the longitudinal vibration. This is
mainly due to that the longitudinal tensile and compression
stiffness of the storage tank is much greater than its lateral
bending stiffness.

3.4. Vertical Vibration of the Liquid in the Tank. The seismic
responses of the acceleration of the liquid mass center in
tanks I-IV are shown in Figures 12-15. It can be seen that
the liquid has obvious vibration fluctuations along the
vertical direction since the influence of the flexibility of the
tank on the liquid is considered, as illustrated in Figure 1(c).
The acceleration values of the mass center of liquid in tanks I
and II are obvious and reach about 0.9 m/s>. However, the
values of the mass center of the liquid in tanks IIl and IV are

neglectable within the range of +0.2 m/s>, which is equiv-
alent to the value of the top node o. The differences of the
vibration acceleration of the liquid mass center in different
tanks can be explained as follows: in equations (5)-(7), the
stiffness coefficient matrix K of the three-mass-block model
includes the rigidity of the tank wall and the bottom.
Compared with the storage tanks III and IV, the lengths of
the storage tanks I and II are much longer, as illustrated in
Figure 2, which result in the two tanks having lower ri-
gidities. In addition, the liquid mass in the two tanks is much
heavier. The lower tank rigidity and heavier liquid mass
inevitably cause more significant seismic responses of the
liquid in tanks I and II. On the contrary, the lengths of the
tanks II and IV are much shorter, which result in the higher
rigidities of the two tanks. Moreover, the liquid mass in the
tanks is much lighter. Therefore, the higher tank rigidity and
lighter liquid mass cause minor seismic responses of the
liquid in tanks III and IV.

3.5. Diagram of Combined Deformation-Axial Coordinate (the
Moment of Maximum Deformation). It can be seen from
Figures 6 and 8 that the maximum deformation of the whole
structure of the tank occurred at the time t=6.5s. At this
moment, the combined deformation curve of the nodes
along the axial direction of the tank is shown in Figure 16.
The combined deformation of the tank increases with the
height of its body. The overall deformation of the tank
presents the deformation characteristic of a vertical canti-
lever beam subjected to a horizontal load. The maximum
combined deformation of the tank is 0.331 m at the coor-
dinate y=0.

3.6. Time History Curve of Stress at the Supporting Point of the
Tank. The time history curve of the stress of the grid point,
where the supporting point of the tank is located, on the
beam element is shown in Figure 17. The maximum stress is
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FIGURE 18: The scaled-down model of the four-stage storage tank.

(a)

F1GURE 20: Layout of measuring sensors. (a) Measuring position of the acceleration sensor. (b) Measuring position of the strain gauge (a pair

of strain gauges in a T-shaped arrangement).

194.24 MPa, which is less than the yield stress of the material.
The stress curve presents the characteristic of periodic
fluctuations, and the overall trend of the attenuation is
consistent with the decrease of the input intensity of the
seismic wave.

4, Test Verification

A scaled-down test model of the four-stage series storage
tank, as shown in Figure 18, is manufactured to verify the

accuracy of the research model presented in this paper. The
scaled model is mainly composed of the conical top, four-
stage storage tanks I-IV, and end support. Different sections
of the test model are connected by flanges and bolts. In order
to simulate the coupling effect of the liquid in the tank, lead
balls and a mixture of lead balls and iron powder, as shown
in Figure 19, are filled in different tanks. Tanks II and IV are
filled with lead balls, and tanks I and III are filled with a
mixture of lead balls and iron powder. The experiment was
carried out on the earthquake occurrence test bed of
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FIGURE 22: Comparison of stress results of supporting point. (a) Test result curve. (b) Comparison curves between the test model and

calculation model.

Lanzhou University of Technology. The measuring positions
of the acceleration sensor and the strain gauge are shown in
Figure 20.

4.1. Comparison of Acceleration Results. The comparisons
between the test curve and the calculated curve of accel-
eration of the top node o along the x-axis and the z-axis are
shown in Figure 21. It can be seen that the two curves are in
good agreement with the trend of the waveform amplitude.
However, the oscillating periods of them are significantly
different. The main reason for this can be analyzed as fol-
lows: (1) In the numerical model, the frequency of the input
seismic wave is set lower (f= 10 Hz) to reduce the calculation
cost, while in the test model, the frequency is set much
higher (f=50Hz). The differences in the input frequency of
seismic excitation lead to the forced vibration frequency of
the test model being much greater than that of the calcu-
lation model. (2) Due to the limitation of machining
technology, the rigidity of the scaled model is greater than
that of the calculation model, which leads to the higher

natural frequencies and response frequencies in the test
model.

4.2. Comparison of Stress Results. The time history curve of
the stress of the supporting part on the test model is shown
in Figure 22(a), and the comparison between the test curve
and the calculated curve is shown in Figure 22(b). It can be
seen that the two curves have similar attenuation and pe-
riodic characteristics, and the amplitudes of them are also in
good agreement. Compared with the stress curve of the
calculation model, the curve of the test model has more peak
burrs, which is mainly caused by the interference of external
signals on the sensors.

5. Conclusions

The seismic response of the multistage series liquid storage tank
was simulated and verified in this paper. The structural flex-
ibility of the tank and the liquid-structure coupling charac-
teristics between the tank wall and the liquid were considered
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in the study. The additional mass matrix representing the effect
of the liquid on the structure was obtained by assuming that the
liquid is incompressible and inviscid and has irrotational
motion. In order to simulate the longitudinal vibration
characteristics of the liquid storage tank, a multimass-block
and spring model was employed to equivalent the longitudinal
vibration of the liquid. The relationships between the con-
nection springs and the elements of the stiffness matrix of the
spring-mass model were explicitly deduced.

The seismic response analysis of the four-stage series
liquid tank was carried out in ANSYS. The acceleration,
deformation, and stress responses of the tank were obtained.
In addition, because the influence of the flexibility of the
tank wall on the longitudinal vibration of the liquid was
considered in the model, the vertical vibrations of the liquid
were also obtained. A scaled-down model of the four-stage
series storage tank was processed and manufactured, and the
seismic test was subsequently carried out. The experimental
results are in good agreement with the simulation results,
which verified the effectiveness of the modeling method in
this paper.
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A decentralized control strategy can effectively solve the control problem of the large-scale time delayed structures. In this paper,
combining the overlapping decentralized control method, linear matrix inequality (LMI) method, and Hoo control algorithm,
overlapping decentralized Hoo control approach of the time delayed structures has been established. The feedback gain matrixes
of all subsystems are obtained by this method based on genetic algorithm optimization tools and the specific goal of optimization
control. The whole vibration control system of the time delayed structures is divided into a series of overlapping subsystems by
overlapping decentralized control strategy. The feedback gain matrixes of each subsystem can be obtained by using Hoo control
algorithm to calculate each subsystem. The vibration control of a twenty layers’ antiseismic steel structure Benchmark model was
analyzed with the numerical method. The results show that the proposed method can be applied to control system with time delay.
The overlapping decentralized control strategies acquire the similar control effects with that of the centralized control strategy.

Moreover, the flexibility of the controller design has been enhanced by using overlapping decentralized control strategies.

1. Introduction

With the construction of super-high, long-span, and other
complex large-scale civil structures, the traditional passive
control strategy has some limitations in its application,
which is difficult to meet the requirements. In 1972, Yao had
put forward the concept of active control technology and
applied it to the structural vibration control system [1].
There are inevitably time-delay problems in the operation of
the active control system, such as the actuator process,
sensor signal transmission and communication, and con-
troller data processing [2-4]. These phenomena will lead to
the time delay of control force and the decline of control
effect and even lead to the failure of the control system [5-7].
Cai and Huang [8] proposed a traditional discrete LQR

control method for the building structure vibration control
system under earthquake excitation. The obtained controller
not only contains the state feedback of the current step but
also includes the linear combination of some previous
control steps. Udwadia et al. [9] derived the design principle
of the time-delay controller for single degree-of-freedom
structure active control and developed the theory to multi-
degree-of-freedom structure time-delay control. The theory
is applied to the design of time-delay controller for the
vibration of multistorey building structures. Chen [10]
combined control Hoo algorithm with the Tagagi-Sugeno
(T-S) fuzzy control method, and a fuzzy robust control
method for nonlinear structural systems with time delay was
proposed. Du et al. [11] studied the parameter uncertainty
and time delay of active vibration control of building
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structures and proposed a robust saturation control method.
Using genetic algorithm as optimization tool, Xue et al. [12]
solved the corresponding control gain according to the
specific optimization control objective and proposed a
structural vibration control method with time delay based
on genetic algorithm.

The vibration control system of large-scale civil struc-
tures under the action of earthquake and wind is a complex
multi-degree-of-freedom system, and the centralized control
method has some defects, such as large amount of calcu-
lation and unstable control performance [13]. Decentralized
control strategy can effectively solve the problem of building
structure vibration control. Intelligent optimization algo-
rithm and decentralized control strategy are used to solve the
vibration control problem of building structures under
earthquake excitation [14]. The decentralized control
strategy based on the homotopy method is used to transform
a typical centralized controller into multiple decoupled
decentralized controllers [15]. The benchmark model of
twenty-story steel structure is used to verify the stability of
decentralized control strategy [16]. The time-delay problem
of control systems has been widely studied. Decentralized
control strategy is also applied to solve complex time-delay
control systems [17-23]. Fallah and Taghikhany [24] pro-
posed an overlapping decentralized H,/LQG control method
for cable-stayed bridge with time delay and divided the
cable-stayed bridge into two overlapping subsystems for
control. Wang and Law [25] proposed a time-delay
decentralized Hoo control method for vibration of building
structures under seismic excitation, and a six-story building
structure was taken as an example to verify the method. The
contraction principle and overlapping dispersion strategy
are applied to the vibration control system of intelligent
buildings to minimize the damage caused by earthquake
[26]. Karimi et al. [27] and Palacios-Quifionero et al. [28]
proposed a multioverlapping LQR control method for high-
rise building structures based on LQR control algorithm and
inclusion principle. This method only needs the control
information of adjacent floors to realize control. A good
control effect is obtained in the example. However, there is
little research on overlapping decentralized control methods
to solve the vibration control problem of structures with
time delay. The overlapping decentralized control strategy
divides the whole structural vibration control system into a
series of overlapping subsystems according to certain rules,
and each subsystem uses local information to control
independently.

In order to study the control effect of overlapping
decentralized control method to solve the vibration problem
of structures with time delay based on Hoo control algorithm,
first, in this study, the overlapping decentralized control
strategy, linear matrix inequality (LMI) method, and Hoo
control algorithm are combined to propose an overlapping
decentralized control method for structures with time delay
based on Hoo control algorithm. Secondly, based on the
inclusion principle and decomposition principle, the whole
vibration control system of building structure with time delay
is divided into a series of subsystems, and each subsystem is
controlled by Hoo control algorithm. In the process of solving
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the feedback gain matrix of each subsystem, the Hoo control
algorithm is transformed into linear matrix inequality (LMI).
In this paper, genetic algorithm is used to solve the linear
matrix inequality (LMI) of each subsystem, so as to obtain the
feedback gain matrix of each subsystem. Finally, the feedback
gain matrix of each subsystem is reduced to an overlapping
decentralized controller according to the contraction prin-
ciple. In this study, five kinds of control strategies, including
Hoeo centralized control and overlapping decentralized Hoo
control, are designed for the vibration time-delay control
problem of twenty-story seismic steel structure benchmark
model under seismic excitation, and the corresponding cal-
culation results are given. The overlapping decentralized
control method provides a new control approach to solve the
vibration control problem of structures with time delay based
on Hoo control algorithm, and the control strategy reduces
the calculation cost and increases the flexibility of the con-
troller design.

2. Building Structure Model with Time Delay

Consider a vibration control system of an n-story building
structure, as shown in Figure 1. Under the action of
earthquake load, the motion equation of building structure
with time delay can be described as follows:

Mgt)+Cq(t)+Kq(t) =T, u(t-1)+T,w(t), (1)

where q(t) = [q, (t),qz(t),...,qn(t)]T, q;(t) is the dis-
placement of the layer i floor  structure,
u(t) = [ul(t),uz(t),...,ur(t)]T, u, (t) is the control force

matrix of the rth controller, T, € R is the position matrix
of the rth controller, w(t) is the direction of external load
interference (i.e., seismic load acceleration), T, is the in-
terference input matrix, and M, C, K € R™" are the mass,
damping, and stiffness matrices of the building structure,
respectively.

a;(i=1,2,...,n) are the drive control devices in Flg—
ure 1. By using the state variable x; (t) = [q () q (t)] for
equation (1), the system in equation (1) can be transformed
into the following spatial state form:

S;: %, (t) = Apx; (t) + Bju(t — 1) + Ejw(t), (2)
where A; = [—58[]%1’}( _[]G”Xf‘c], B, = [1&)]T¥‘ ], and

E [O]nxl
1= [ ]nxl
Now, we define a new state vector:

x(t) = Ixp(t), (3)

where T is the transformation matrix.
Therefore, the system of equation (2) can be converted
into

S: x(t) = Ax(t) + Bu(t — 1) + Ew(t), (4)

where A =TA; T}, B=TB;, E=TE; x(t) = [x,(t), x, (),
., %,, (1)], and x; (t) satisfy the following equation:
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FIGURE 1: (n)-story building structural vibration control system.

x, () = g, (), x, (1) = g, (1),
x5 (0) =q;(t) —q;, (1), j=2,3,...,n (5)

xzj(t):q]‘(t)—q]‘_l(t), j=2,3,...,n

3. Overlapping Decentralized H
Control Design

3.1. Hoo Control Algorithm. According to the basic principle
of Hoo norm control, the basic block diagram of standard
Hoo control algorithm is shown in Figure 2.

In Figure 2, S is the controlled system, G is the transfer
function of the controller, u is the control input, y is the
measurement output, w is the external disturbance, and z is
the modulated output.

In order to design the Hoo controller for building
structure vibration with time delay, the following control
outputs are considered to achieve the control performance
index of the controller:

z(t) = C,x(t) + Du(t — 1) + Dyw (1), (6)

where C,, D,, and D,, are constant matrices with proper
dimensions.

It is assumed that the energy of external load disturbance
w(t) € L, [0, 00) is finite:

lw®l, = I:O w' (Hw (£)dt < co. (7)

According to equations (4) and (6), the building
structure control system can be described as

x(t) = Ax(t) + Bu(t — 1) + Ew(t),
z(t) =Cx(t)+ Du(t — 1) + D,yw(t), (8)
y(t) = Cyx (1),

where y(t) is the measurement output and C, is the ap-
propriate dimension constant matrix.

The significance of the Hoo controller design of equation
(8) is to find the control gain matrix G so that the closed-loop
system with control input u(t) = Gy (t) = GC X (t) is stable,
and for a given constant y >0, the closed-loop system can
obtain the performance ||T,,ll,, <7y under nonzero distur-
bance w(t) € L,[0,00), which is the closed-loop transfer
function Hoo norm from disturbance w (¢) to control output
z (t).

In this section, the Hoo delay controller of equation (8) is
designed by linear matrix inequality (LMI). Now, assuming
D, =0, the feedback control law u(t-1)=Gy(t-1)
= GC,x (f — 1) is substituted by equation (8):

x(t) = Ax(t) + BGny(t - 1)+ Ew(t),
z(t) = Cx(t) + D,GCyx(t - 1), 9)
x(t)=¢(t), Vte[-1,0]
where ¢ (t) is the initial condition and G is the control gain
matrix.

According to formula (9) and Leibniz—Newton formula,
the following formula can be obtained:

X(t—1) = x(t) - jz £(0)do. (10)
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FIGURE 2: The diagram of standard Hoo control algorithm.

By substituting the above formula into formula (9), we V(x() =V, +V,+ Vs, (12)
can obtain
‘ where V, =xT ()Px(t), V,=[" [\ &7 (0)Z (@)dadp,
x(t) = (A +BGC, )x (1) -BchJ %(0)d6 + Ew (). o 2= o Jug p
-7 V, = Lir Jz+/3 xT (a)Q.x(a)dadf, and P, Z, and Q, are
(11) symmetric positive definite matrices.
Now, considering the following Lyapunov function, According to the bounded real lemma and [29], it can be

concluded that

V(x(t) =V, +V,+V,
<x' (O(ATP+PA+TX +Y +Y")x(t)
+2x" (t)(PBGC,, - Y)x(t - 7) (13)
+7[Ax () + Ew(r) + BGC,x (t - 1)]' Z[Ax(t) + Ew(t) + BGC,x (t - 7)]
xT (HQ.x () — x" (t — 1)Q,x(t — 1) + w’ (t)E" Px(t) + x (t)PEw ().

®r 2T
Assuming the initial condition ¢ (¢) = 0, Vt € [-7,0], we Jow = Jo [Z O)z(t) -y'w (t)w(t)]dt. (14)
can get V (x(t))l,.o = 0. _
Considering the following performance indicators, For any nonzero perturbation w(t) € L, [0, c0), we can

obtain that

Jow < Jjo [ZT Oz (t) - y*w" (t)w(t)]dt + V(% (E))eee = V (x ()]0
- J:O[ZT(t)z(t) 2w’ (w () +V(x(t))]dt (15)

- j:o A (I (1)dt,

where 5(t) = [x(t) x(t—1) w(t)] and

]T
®  PBGC,-Y+7A'ZBGC, +C.D,GC, 7A" ZE + PE
— - T,r T r - T_ T
=1+ -Q +7(GC,) B'ZBGC, +(GC,) D.D,GC, 7(GC,) B' ZE | <0 (16)
* * —y’I1+7E"ZE
O=A"P+PA+TX+Y +Y +Q . +TA"ZA+CIC,.
(17)

where
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According to the Schurz complement theorem, equation
(16) can be equivalent to equation (19). Given a scalar 7> 0,
for any constant time delay 7(0<7<7), if there exists a

where the symbol * denotes symmetry.

3.2. Genetic Algorithm for Solving Linear Matrix Inequality
(LMI). Genetic algorithm is a probabilistic search process
algorithm based on natural selection and natural genetic
mechanism, which has been applied to solve the global
optimization problems of various controllers. Arfiadi and
Hadi [30] use genetic algorithm to design static output
feedback controllers for H, or Hoo norm optimization
problems. When MATLAB Robust control toolbox is used to
calculate the output feedback controller, it is found that the
optimization problem of bilinear matrix inequality (BLMI)
(equations (18) and (19)) is not solvable. Therefore, this
section uses the random search function of genetic algorithm
to solve the following problems:

max T subject to equations (18) and (19),

nax. (20)

where the state variable of the controller is n,, 7 is the input
vector, and the genetic algorithm generates a feedback gain
matrix G € R”" at random, and the evolution is carried out
according to the condition of equation (20).

If the feedback gain matrix G after evolution satisfies
equation (20) and the maximum value T can be obtained,
then the design of the controller can be completed.

According to the following strategy, genetic algorithm
solves the corresponding linear matrix inequality (LMI):

Step 1: the feedback gain matrix is encoded with a
binary string.

Step 2: an initial population of N, chromosomes was
randomly generated.

Step 3: evaluate goals and assign fitness values. The
initial value of Step 2 is fed back to the actual pop-
ulation control matrix G, j=1,2,...,N,, in each
decoding step. For each G; dichotomy is used to search

matrix G, P>0, Q. >0,Z>0, and X and Y satisfy equations
(18) and (19); the closed-loop system equation (9) with Hoo
performance index y(y>0) is asymptotically stable:

[ XY ] (18)
2 b
Y' z
rATp - T = 4T T A
+PA+TX+Y+Y +Q. PBGC,-Y PE TA Z C,

. Q o #(ac,) B’z (6c,)' D!
* * —y21 7E'Z 0 <0, (19)
* * * —fZ 0

L * * * * -1 )

the maximum delay 7, so that 7; and G; are feasible in
equation (20). According to the permutation-based
allocation method, each delay 7, and the corresponding
target value G; are obtained, and each group (7;, G;)
obtained is substituted into step 4. For G;, there is no
feasible delay 7; in equation (20). In order to reduce its
survival chance in the next generation, the target value
in line with G; will be assigned to a larger value.

Step 4: the natural selection of Darwin’s theory of
biological evolution and the biological evolution pro-
cess of genetic mechanism are used to select offspring.

Step 5: perform consistent crossover probability p. and
generate new offspring.

Step 6: there is a small mutation possibility p,, in
chromosome population.

Step 7: select the optimal chromosome population and
put it into the relevant program.

The evolutionary process of genetic algorithm will repeat
Step 3 to Step 7 for N, times. The optimal chromosome is
decoded into the actual value, and the feedback gain matrix
is generated here.

3.3. Overlapping Decentralized Hoo Control Approach. In
order to design the overlapping decentralized controller for
structural vibration with time delay, the steps of the over-
lapping decentralized Hoo control algorithm can be de-
scribed as follows:

(1) The motion equation of the shear model of n-story
building structure with time delay can be described
as equation (4). According to the inclusion principle
in the overlapping decentralized control method
[31], the system S in equation (4) can be extended
and decoupled into a series of overlapping subsys-
tems gg)(i =1,2,...,L):



6
X (
0. ) 52 (&) % B\ 7 (+—
$W. 1zt =(C,),% (1) +(D,),i (t - 1),
yi(t) = (6}’)1'1321 (t),
where A, B;, E;;and (Cy)ii are the corresponding
matrices of subsystem SE) (i=1,2,...,L), respec-

tively, and (C,);; and (D,); are the constant matrices
of appropriate  dimension of  subsystem
Eg) (i=1,2,...,L), respectively.

(2) A series of overlapping Eg) (i=1,2, ..., L) subsys-
tems in equation (21) are designed with the Hoo
controller. The genetic algorithm in Section 3.2 is
used to solve linear matrix inequality (18) and
gq(?ation (19), and the optimal feedback gain matrix
G (i=1, 2, ..., L) of each subsystem can be ob-
tained after several times of genetic algorithm search
and evolution process.

(3) The control law of the extended decoupled over-
lapping control system s can be expressed as
iy (t) = Gpx (1):

Gp - diag{G".G7.....6"], (22)

where G(i) (i=1,2,..., L) is the feedback gain matrix
of subsystem SDI (i=1,2,...,L).

(4) According to the contraction principle and the
corresponding linear transformation [31], the feed-

back gain matrix Gp, after extended decoupling can
be reduced to the original state overlapping control:

G, =QGpV, (23)

where Q and V are contraction matrices and ex-
pansion matrices, respectively.

4. Controller Design and Example Analysis

In order to verify the proposed overlapping decentralized
Hoo control method for building structures with time delay,
the benchmark model of a twenty-story steel frame structure
in Los Angeles, USA, is used in this section. The structural
parameters are [32] m; =215.2x10° kg, m, =209.2 x 10° kg,
m3=207x10°kg, m,=204.8x10°kg, ms=266.1x10"kg,
ky =147 x10°kN/m, k,=113x10°kN/m, k;=99 x10>kN/
m, ks=89x10°kN/m, and ks=84x10°kN/m. The struc-
tural damping rate is 5%. In this section, the overlapping
decentralized control method, linear matrix inequality
(LMI) method, and Hoo control algorithm are combined to
propose the overlapping decentralized Hoo control method
for structures with time delay. In this section, five control
strategies are set according to the overlapping information
sharing mode of different floor structures, as shown in
Figure 3. The seismic excitation adopts El Centro (N-S, 1940)
wave and the sampling step is 0.02s (see Figure 4). The
energy distribution of the input time-history on the natural
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(21)
(i=1,2,...,L;2<L<n-1),

frequency-time plane can be obtained by the principle of
wavelet transform (see Figure 5). The genetic algorithm
parameters’ set in this section are population chromosome
number, N = 100, crossover probability, p. = 0.9, muta-
tion probability, p,, = 0.02, and maximum random search
times, N, = 500.

Centralized control is to control the whole building
structure as a control system (Figure 3(a)). When MATLAB
robust control toolbox is used to calculate the output
tfeedback controller, it is found that the linear matrix in-
equality (LMI) of the system is not solvable. According to the
parameters of the genetic algorithm set in this section and
using the genetic algorithm to solve equation (20), the
feedback gain matrix G, of the Hoo controller can be
obtained.

The overlapping decentralized control scheme is shown
in Figure 3 3(b) to Figure 3(e). Among them, Figure 3(b)
shows that the control information of layer 11 structure is
shared by subsystems SV and S®. In Figure 3(c), the
control information of layer 7 structure is shared by
subsystems SV and S® and the control information of
layer 14 structure is shared by subsystems S and $©. In
Figure 3(d), subsystems S and S® share the control
information of layer 5 structure. Subsystems S and S©
share the control information of the 10th layer structure.
Subsystems S® and $® share the control information of
layer 15 structure. In Figure 3(e), the control information
of layer i structure is shared by subsystems S¢~ and §®
(i=2, 3, ..., 19). In the above different overlapping
decentralized control schemes, the Hoo control algorithm
based on linear matrix inequality is used to solve the
subsystems of each scheme. In this section, the genetic
algorithm in Section 3.2 and the set genetic algorithm
parameters are used to solve the linear matrix inequality
(LMI) of the corresponding subsystem. After several times
of random search function of genetic algorithm, the sub-
system feedback gain matrix of each scheme can be ob-
tained, and the control gain matrix Gope 1> Gope 2o Gope 3>
andGgpe 40f each overlapping decentralized control
scheme can be obtained by using the feedback gain matrix
of each subsystem through formulas (22) and (23).

According to formula (14) and Y5 =Tl
=maxo|[T,, (jw)], we can obtain the maximum singular
values. From the gain matrix under different control
strategies, the maximum singular values under different time
delays can be obtained, as shown in Figures 6 and 7. The
maximum interlayer displacement and maximum control
force are shown in Figures 8-11.

As can be seen from Figure 6, when the time delay
7 =20ms, the maximum singular value y;_ of Hoo cen-
tralized control is 0.0511, the maximum singular value
YGope, Of overlapping decentralized Hoo controller 1 is
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FiGure 3: The design of controllers. (a) Centralized control. (b) ODC1 (c) ODC2. (d) ODC3. (e) ODCA4.
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FIGURE 4: El Centro (1940) earthquake N-S component of ground
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0.0570, the maximum singular value yg_  of overlapping
decentralized Hoo controller 2 is 0.0748, the maximum
singular value y; .~ of overlapping decentralized Hoo

"
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FIGURE 6: The maximum singular values of time delay 7 = 20ms.

controller 3 is 0.0814, and the maximum singular value
YGope, ©f Overlapping decentralized Hoo controller 4 is
0.0951.

It can be seen from Figure 7 that when the time delay
7 = 40ms, the maximum singular value y;_ of Hoo cen-
tralized control is 0.0756, the maximum singular value
YGope, ©f overlapping decentralized Hoo controller 1 is
0.0840, the maximum singular value yg_  of overlapping
decentralized Hoo controller 2 is 0.1048, the maximum
singular value yg _ of overlapping decentralized Hoo
controller 3 is 0.1150, and the maximum singular value
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FIGURE 7: The maximum singular values of time delay 7 = 40ms.

20
18
16
14
12

Stories

0 1.2 2.4 3.6 4.8 6

Maximum inter-story displacement(cm)

—a— No Control —— 0ODC2
—%— Centralized Control -2a— ODC3
—— ODC1 —— ODC4

FIGURE 8: The maximum interstory displacements of time delay
7 = 20ms.

YGope, ©f overlapping decentralized Hoo controller 4 is
0.1280.

According to the maximum interstory displacements of
time delay shown in Figure 8, when the time delay 7 = 20ms,
the story drift response value of the structure in the un-
controlled state is the largest, and the control effect of Hoo
centralized control is the best. The overlapping decentralized
Hoo controller 1 to the overlapping decentralized Hoo
controller 4 also gets better control effect. With the deep-
ening of the overlapping degree of building structure, the
control effect of overlapping decentralized controller is
getting worse and worse. Among them, the overlapping
decentralized Hoo controller 4 has the worst control effect,
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FiGure 10: The maximum control force of time delay 7 = 20ms.

but it also obtains better control effect. As shown in Figure 9,
the maximum interstory displacement of the building
structure with time delay 7 = 40ms can be obtained. The
control effect of the centralized controller is the best, and the
control effect of the overlapping decentralized controller is
also very good. The control effect of each overlapping
decentralized controller is similar to that of 7 = 20ms.
Centralized control has some defects in solving the vi-
bration control problems of multi-degree-of-freedom
structures, such as large amount of calculation, poor reli-
ability, and unstable control performance. It is difficult to be
widely used in specific large-scale building structure vi-
bration control system. The overlapping decentralized
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F1GURE 11: The maximum control force of time delay 7 = 40ms.

control strategy is more operable and can solve this problem.
Therefore, for this kind of structural vibration control
system, it is necessary to adopt an overlapping and
decentralized control theory to control it. The overlapping
decentralized Hoo control strategies for structures with time
delay are control methods based on overlapping decen-
tralized control theory, which can solve the problems of
centralized control strategy. The control strategy proposed
in this paper provides a new way to solve the vibration
control of complex multi-degree-of-freedom structures.

It can be seen from the maximum control force in
Figure 10 and Figure 11 that the control force of the
structure in the centralized control state is the smallest when
the hysteresis are 7 = 20ms and 7 = 40ms. With the deep-
ening of building structure overlap, the control force of
overlapping decentralized controller is increasing. Among
them, the overlapping decentralized Hoo controller 4 has the
largest control force. Therefore, it can be considered that
with the deepening of the degree of building structure
overlap, and the energy required by the overlapping
decentralized controller is also more and more.

In order to describe the maximum displacement and the
maximum control force of the structure under the action of
time delay in more detail, limited to space, only the max-
imum displacement of the bottom layer of the structure
(Figure 12) and the maximum control force (Figure 13) are
given.

From the maximum displacement of the bottom layer of
the structure under the action of time delay shown in
Figure 12, it can be seen that the time delay effect should be
given enough attention in the decentralized control system.
Even if the time delay is very small, it may lead to the
unstable state of the controlled structure. It can be seen from
Figure 13 that the control force at the bottom layer of the
structure increases with the time delay and finally tends to
infinity.
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FIGURE 12: The maximum displacement value of first floor with
time delay.

5. Discussion

(1) In this paper, a new path is provided to solve the
vibration control problem of structures with time
delay based on Hoo control algorithm: an over-
lapping decentralized control method, and the
corresponding maximum singular values y are cal-
culated according to different overlapping decen-
tralized control strategies. As the degree of overlap
and decentralization increases, the corresponding
maximum single values y become larger and larger.
However, when solving the time-delay problem of
vibration control of practical engineering structures,
the controller needs to be designed according to the
time delay and the frequency of the structure itself.
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(2) When the building structure vibration control sys-
tem adopts the same control strategy, the maximum
singular values y are also increasing with the increase
of hysteresis 7.

(3) Matlab R2016b software is used to program and
calculate different control strategies of vibration
control system of twenty-story building structure
with time delay. The running time of the centralized
control strategy (Figure 3(a)) is 1.5hours. The op-
eration time of overlapping decentralized controller
1 (ODCl) is 40minutes. The running time of
overlapping decentralized controller 2 (ODC2) is
30seconds. The operation time of overlapping
decentralized controller 3 (ODC3) is 20 seconds. The
running time of overlapping decentralized controller
4 (ODC4) is 8 seconds. As the degree of overlap and
decentralization increases, the cost of computer
computing is also decreasing.

6. Conclusions and Directions

When a large number of intelligent wireless sensors and
controllers are applied to the vibration control system of
high-rise buildings, there will inevitably be the problem of
time delay. Even if the time delay is very small, it may cause
the control effect to decline and even lead to the unstable
state of the controlled structure. Centralized control strategy
collects and transmits data by a single central processor.
Once a failure occurs, the whole control system will be
paralyzed. However, decentralized control strategy can
better solve this problem.

In this paper, the linear matrix inequality (LMI) method,
Hoo control algorithm, and overlapping decentralized
control strategy are combined to propose the overlapping
decentralized Hoo control method for building structures
with time delay. The proposed control method is used to
design and calculate the controller for the benchmark model
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of 20-story steel frame structure. Genetic algorithm is used
to solve the corresponding linear matrix inequality (LMI) to
obtain the feedback gain matrix of each subsystem, and then,
the feedback gain matrix is reduced to the corresponding
overlapping decentralized controller according to the
overlapping decentralized control strategy. The results show
that

(1) Similar to Hoo centralized control, overlapping
decentralized Hoo control also obtains good control
effect.

(2) Time delay overlapping decentralized control system
can effectively reduce the vibration response of
building structure under seismic excitation and
improve the robust performance of feedback time
delay of the control system.

(3) Overlapping decentralized Hoo control provides a
new way to solve the vibration control problem of
complex multi-degree-of-freedom structures with
time delay. Time-delay effect should be paid enough
attention in the decentralized control system, and it
is worthy of further study.

(4) In this paper, the computational efficiency of
structural vibration control with time delay based on
Hoo control algorithm under earthquake is studied,
and the interlayer actuator with control time-delay
effect is designed. This theory may be helpful to solve
the problem of vibration control of buildings under
seismic excitation.

(5) When the building structure is subjected to seismic
load, its control system will produce time-delay
phenomenon. However, the overlapping decentral-
ized control method is developed based on the in-
clusion principle and contraction principle. The
whole system is divided into a series of subsystems,
and the subsystems can share the control informa-
tion with overlapping structure. The number of
degrees of freedom of the subsystem can be divided
according to the load condition and the influence
degree of time delay. Therefore, the overlapping
decentralized control method increases the flexibility
of the controller design.
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In recent years, with the improvement of environmental protection requirements year by year and the continuous expansion of
explosive working scale, higher standards have been put forward for explosive working. It is hoped that the sphere of influence of
the explosion can be limited to a minimal range. The explosion vessel is driven by such demand. As the explosion vessel’s key
component, studying the blast-resistant door in depth is of great significance. This paper introduces a new elliptical blast-resistant
door with the combined structure (EBD), mainly welded with an elliptical panel, arc support plate, and triangle support plate. The
finite element program AUTODYN was used to calculate the explosion load, and LS-DYNA was used to calculate the blast-
resistant door’s dynamic response. The calculation results show that the newly proposed EBD’s blast-resistance capacity is better
than that of the traditional structure. To further study the factors that affect the dynamic response of the EBD, a parametric study
was carried out on the EBD, mainly analyzing the influence of the vacuum degree in the explosion vessel, the number of explosives,
and the diameter ratio of the EBD. The parametric calculation results show that reducing the vacuum degree in the explosion
vessel and the number of explosives during explosion working can improve the blast-resistance capacity of the EBD. Based on the
analysis of the dynamic response of four kinds of EBD with different diameter ratios under 0.2 atm explosion load, the optimal

diameter ratio of the EBD is given.

1. Introduction

Explosive working is a material processing method that
relies on explosive detonation’s high-speed and high-pres-
sure impact to carry out plastic forming, surface modifi-
cation, and metallurgical bonds between metals [1]. The
common explosive working methods include explosive
strengthening [2-4], explosive welding [5-7], explosive
compaction [8, 9], explosive cutting [10-12], detonation
synthesis [13, 14], and so on. Explosion working is often
carried out outdoors. However, the strong shock wave,
noise, harmful gas, and dust produced by the explosion will
greatly impact the surrounding environment [15]. Nowa-
days, environmental problems are becoming more and more
serious. Besides, with the increasing production and ex-
plosive quantity of explosive working, the single explosive

quantity of explosive working is close to 1ton. The tradi-
tional outdoor bare explosion production mode can no
longer meet the needs of industrial production. The vacuum
explosion vessel can just solve these problems. At the same
time, the blast-resistant door is a critical component of the
vacuum explosion vessel. Its primary function is to seal the
container and enter and exit the materials (i.e., meet large
vehicles and machinery requirements to enter and exit the
explosion vessel). The antiexplosion ability of the blast-re-
sistant door on the explosion vessel directly affects the whole
explosion vessel’s antiexplosion ability. Therefore, it is
crucial to study the blast-resistant door of a large explosion
vessel.

Blast-resistant doors are widely used in defense engi-
neering, civil air-defense construction, petrochemical en-
gineering, mining industry, and other fields [16-18]. The
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research of traditional blast-resistant doors is mainly from
two aspects of structure and material. In the research of
blast-resistant door structures, traditional blast-resistant
doors are mostly made of steel, with beam slab structure [19].
The beam-slab blast-resistant door is mainly composed of
panels and ribbed beams. The rib beam is arranged on the
bottom of the face slab by crossing the longitudinal rib and
the transverse rib. The blast-resistant door mainly bears the
combined action of membrane stress and bending stress
subjected to blast load [18]. There are relatively few re-
searches on beam-slab blast-resistant doors in published
materials at present. However, beam-slab blast-resistant
doors can be regarded as a combination of stiffened plates/
shells. Early studies on stiffened plates/shells indicate that
stiffening is an effective method to improve the structure’s
flexural rigidity without increasing weight [20]. Some
scholars have also studied the direction (longitudinal and
transverse), position, shape, size, and a number of the
stiffeners and found that the above factors affect stiffened
plates’ dynamic characteristics [21-24]. Although the ap-
plication scope of the beam-slab blast-resistant door is
broad, it is mostly used in protection engineering with a low
resistance level.

In the blast-resistant door’s material research, the beam-
slab blast-resistant door is usually filled with concrete [18] or
foam aluminum [25] to improve the blast-resistance ca-
pacity. With the continuous development of new materials
and technology, various new composite materials have been
used to research blast-resistant doors. Zhao et al. [26, 27]
studied the blast-resistance capacity of sheet molding
compound (SMC) blast-resistant door and basalt fiber
reinforced polymers and sheet molding compound (BFRP-
SMC) blast-resistant door. The research results show that
SMC and BFRP-SMC materials can significantly improve
the blast-resistant door’s flexural rigidity and bearing ca-
pacity. They are one of the alternative materials for light-
weight blast-resistant door structures. Although the new
material can improve the blast-resistant door’s blast-resis-
tance ability, it does not consider its fatigue and durability.

The traditional blast-resistant door only considers the blast-
resistance ability once. It allows the blast-resistant door to
produce large deformation and even a certain degree of
damage. The blast-resistant door to be studied in this article is
different from the traditional blast-resistant door. It is the
critical component of a large explosion vessel. It needs to bear
long-term and repeated explosive load in the process of ex-
plosive working. Accordingly, the deformation of the blast-
resistant door should always be kept in the elastic range. Under
the actual production conditions of explosive working, the
blast-resistant door should be designed to manufacture, install,
and maintain expediently and should be at low cost and good
fatigue resistance. To this end, we designed a steel elliptical
blast-resistant door with a combined structure (EBD). Then,
the EBD is compared with the same mass flat blast-resistant
door (FBD) and the reinforced flat blast-resistant door (RFBD).
The numerical results show that the blast-resistance capacity of
the EBD designed in this paper is better than that of the FBD
and the RFBD. Besides, we also have carried out a parametric
study on the EBD and analyzed the factors affecting the blast-
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resistance capacity of the EBD one by one, including the
vacuum degree of the explosion vessel, the number of ex-
plosives, and the diameter ratio of the EBD.

2. Explosive Load

The explosive load in the confined space is different from
that in the free field [28]. Due to the container wall re-
striction, the confined space’s explosion shock wave has an
apparent reflection phenomenon [29]. The back and forth
reflection of the shock wave in the explosion vessel can
significantly enhance the explosive load’s peak pressure and
impulse, which can cause more significant damage to the
vessel and its attached structures [30]. However, considering
that the explosion shock wave is easily affected by the en-
vironmental conditions [31, 32], the shock wave’s peak
pressure and impulse can be reduced by reducing the am-
bient pressure [33]. In this paper, the blast-resistant door on
the explosion vessel with a volume of 1,600 m’ is studied.
The explosive vessel’s designed maximum working charge is
600kg ANFO (ammonium-nitrate/fuel-oil) explosive. The
vessel is vacuumized in each explosion process to reduce the
vessel’s initial ambient pressure.

2.1. Computational Model. It is assumed that the blast-re-
sistant door works under extreme conditions. At this time, the
working charge of the explosive container is 600 kg ANFO
explosive. The distance between the center of the explosive
and the blast-resistant door is 7.2557 m, which is the position
of gauge 1 in Figure 1. The scaled distance is given as follows:

R 7.2557m
YW /600kg

where R is the scaled distance in m/kg'”, R is the distance
from the center of the explosive to the blast-resistant door in
m, and w is the mass of ANFO explosive in kg.
In the calculation, ANFO wuses the
(Jones-Wilkins-Lee) equation of state.

P= A(l - ﬂ)eRl/" + B(l - ﬂ)e&/” + wpe, (2)
R R

1 2

R= = (.86 m/kgm, (1)

JWL

Since both the explosive vessel and the explosive are
spherical, the numerical calculation model can be simplified
to a spherically symmetric model. A two-dimensional axi-
symmetric wedge model similar to one-dimensional
spherical symmetry is used for calculation, as shown in
Figure 1. According to reference [34], it is sufficient to divide
the element size into 5mm for calculating shock wave
overpressure. The model adopts the 2D multimaterial Euler
algorithm of the AUTODYN-19 program. The explosive and
air are filled into the wedge mesh. A rigid boundary is set at
the wedge model’s wide end to simulate the closed vessel’s
characteristics:where P is the pressure, p, is the reference
density, p is the density of detonation products, here
# = plp,, e is the internal energy per unit mass of explosive,
and A, B, R;, R,, and w are the parameters of the JWL
equation of state. The material parameters of ANFO ex-
plosives are provided by the AUTODYN program in Table 1.
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\
Gauge 1 —_ |
Detonation Point \
/ e Air //‘\
/| ANFO __ /( Reflective Surface — |
L ) |
535.8 mm
7255.7 mm
FiGUre 1: The calculation model of explosive load.
TABLE 1: Material parameters of ANFO explosive [35].
p(kg/m?) Dg; (m/s) P¢; (GPa) Eg; (J/m?) A(GPa) B(GPa) R, R, w
931 4160 5.15 2.484x10° 49.46 1.891 3.907 1.118 1/3

The ideal gas equation of state is used for air as follows:
P =(y—1)pe, (3)

where P is the pressure, y is the adiabatic exponent, p is the
air density, and e is the air’s specific internal energy. The
material parameters of air are shown in Table 2.

2.2. Vacuum Setting. To reduce the pressure in the explosive
vessel during the actual production process, the vacuum
pump was used to vacuum the vessel until the vessel’s
pressure dropped to 0.2 atm. In the numerical calculation, it
can be seen from equation (3) that the air environment
under different vacuum conditions can be approximately
simulated by changing the density and specific internal
energy of air in the equation of state.
Assuming that air is an ideal gas, then

de = ¢, dT, (4)
where e is internal energy per unit mass, c, is the specific
heat at constant volume, and T is temperature. It can be
seen from equation (4) that the internal energy of the ideal
gas is only a function of temperature. If the initial tem-
perature is kept constant, the internal energy of the air
must remain constant. Combined with equation (3), the
pressure is a single-valued function of density under the
condition of keeping the initial temperature constant.
Therefore, the initial density of air at 0.2atm can be
expressed as follows:
Py

_toa
Po2 = =7 Po
0

5 (5)

where p,, is the air density under standard conditions, taking
1.225kg/m> P, is the air pressure under standard condi-
tions, taking 1.013 x 105 Pa; P, is the air pressure when the
vacuum degree is 0.2 atm; and p, , is the air density when the
vacuum degree is 0.2atm. According to equation (5),
Pos = 0.245kg/m’.

TaBLE 2: Material parameters of air under standard conditions.

e(J/kg) c(J/kg - K)
2.068 x10° 717.6

T(K)
288

p(kg/m®) Y
1.225 14

2.3. Explosive Load at 0.2 atm. In Figure 1, gauge 1 repre-
sents the position of the blast-resistant door from the center
of the explosive. The explosive load at 0.2 atm at gauge 1
obtained by numerical calculation is shown in Figure 2(a).
The red horizontal line indicates the residual gas pressure
after explosive detonation. It can be seen from Figure 2(a)
that the explosive load in the confined space fluctuates up
and down along a particular value after multiple reflections.
The researchers divided the internal blast loading into two
stages: the shock wave reflection phase and the long quasi-
static phase [36]. When the explosion shock wave is reflected
inside the vessel, the latter shock wave peak overpressure and
impulse are always smaller than those of the former. The
final shock wave will slowly decay to the quasi-static pres-
sure. However, considering the influence of charge shape
and initiation position on shock waves during explosive
working, the actual detonation process is not as utterly
symmetrical as the ideal conditions. In this way, the regular
reflection in Figure 2(a) cannot be generated. The internal
blast loading may consist of only the first pulse wave and
quasi-static pulse. Therefore, the internal blast loading is
simplified in this paper. The first shock wave of the internal
blast loading is taken as the input load to study the blast-
resistant door’s dynamic response, as shown in Figure 2(b).
Here, the influence of quasi-static pressure on the dynamic
response of the blast-resistant door is ignored. In the follow-
up research, we will further study the influence of quasi-
static pressure on the blast-resistant door’s dynamic
response.

2.4. Verification of the Decoupling Algorithm. Because of the
large volume of the explosion vessel, the complete numerical
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FIGURE 2: The time history curve of reflected overpressure at gauge 1: (a) explosive load at 0.2 atm and (b) simplified explosive load.

model will involve explosives, air, explosion vessels, and
blast-resistant doors. The calculation model is compli-
cated and time-consuming. To simplify the calculation,
this paper uses the decoupling method to calculate the
explosive load. The calculated explosive load is then ap-
plied to the blast-resistant door to calculate the blast-
resistant door’s dynamic response. We assume that the
boundary is rigid when calculating the explosive load.
However, the actual explosion vessel and blast-resistant
door are deformable bodies, different from the rigid
boundary. The shock wave pressure disturbance of the
blast-resistant door can be calculated by the shock wave
acoustic theory as follows:

p = pcu. (6)
The yield velocity of steel is calculated as follows:

Oy
uY = ——
PoCo

(7)

The yield strength oy of the steel is assumed to be
400 MPa. The wave impedance p,c, is 4 x 107 N-s/m>. Then
the yield velocity uy of the corresponding steel is 10 m/s. At
this point, the disturbed air velocity u near the blast-resistant
door is also 10m/s. By substituting the air density
p=1.225kg/m> and the sound velocity c=340m/s into
equation (6), the disturbance pressure p is 4165 Pa. It can be
seen from Figure 2 that the peak overpressure Ap of the
shock wave is 3.07 x 106 Pa.

p  4165Pa

A_p = m x 100% = 0.14%. (8)

The calculation shows that the blast-resistant door’s
deformation has very little disturbance to the shock wave
overpressure. The blast-resistant door can be simplified as a
rigid boundary when calculating the explosive load.
Therefore, the decoupling algorithm used in this paper is
reasonable.

3. Numerical Calculation of the Blast-
Resistant Door

In today’s world, the rapid improvement of computer
hardware performance has promoted numerical computa-
tion. The emergence of various commercial finite element
software reduces the difficulty of using numerical methods
to solve problems. Nowadays, the finite element method
seems to have become a new calculation “standard.” Many
scholars compare the theoretical solutions with the finite
element calculation results to verify the new theory’s ef-
fectiveness [37-40]. Therefore, this paper uses the com-
mercial finite element software LS-DYNA to calculate the
blast-resistant door’s dynamic response. LS-DYNA software
is widely used to analyze structural impact problems because
of its powerful nonlinear calculation ability and numerous
material models. Many examples show that LS-DYNA is
reliable in calculating structural response with damage and
considerable deformation [17, 41-43].

3.1. Structural Style. In this paper, the elliptical blast-re-
sistant door with the combined structure is referred to as
EBD. The flat blast-resistant door is referred to as FBD. The
reinforced flat blast-resistant door is referred to as RFBD. To
compare the blast-resistance capacity of the EBD proposed
in this paper, we compare the EBD with the common FBD
and RFBD. The mass between different blast-resistant doors
is equal by adjusting each part of the blast-resistant door’s
thickness in the research process. The FBD is made of steel
plate with a thickness of 74.7 mm, as shown in Figure 3.
According to the number and arrangement of stiffeners,
there are five structural forms of RFBD, as shown in Figure 4.
The length, height, and thickness of the RFBD’s stiffener are
4,000 mm, 150 mm, and 40 mm, respectively. Its structural
form is shown in Figure 4(f). The EBD is composed of an
elliptical panel; four arc support plates; and four triangle
support plates, with a thickness of 50 mm, as shown in
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Ficure 3: Flat blast-resistant door (FBD; unit: mm).

Figure 5. The projection dimensions of the blast-resistant
doors studied in this paper are all 4,000 mm % 4,000 mm, and
their specifications are shown in Table 3.

3.2. Material Model. The blast-resistant door is made of
Q355 high-strength, low-alloy structural steel. The explosive
load acting on the blast-resistant door is relatively short,
about 10 ms (see Figure 2(b)). The deformation of the blast-
resistant door is faster under severe dynamic load. Previous
experimental studies have shown that the dynamic strength
of steel is significantly higher than that of static strength, that
is, the steel will show a hardening phenomenon under high-
speed impact conditions. Therefore, the Johnson-Cook
constitutive model in LS-DYNA is used to simulate the blast-
resistant door’s dynamic behavior. The Johnson-Cook
model comprehensively considers the effects of strain, strain
rate, strain history, and temperature on the flow stress and
multiplies and couples the parameters together. It is very
suitable for the dynamic response analysis of structures
under explosive load [45].

o, =(A+BE)(1+C&)(1-T™), (9

where 0, is the von Mises flow stress; A, B, C, n, and m are
the material parameters; £, is the effective plastic strain; &* =
&/&, is the normalized effective plastic strain rate; & is the
plastic strain rate; ¢ is the quasi-threshold strain rate; T* =
T —Troom!Tmeit = Troom 18 the dimensionless temperature;
and T, T, o and T, are the temperature during the
deformation of the material, room temperature, and melt
temperature, respectively. The Q355 material parameters
used in the numerical calculations are shown in Table 4.

3.3. Element, Mesh, and Boundary Condition. Since the di-
mension of the thickness direction of the blast-resistant door
is much smaller than that of the other two directions, the
Belytschko-Tsay shell element can be used to simulate the

dynamic response of the blast-resistant door. The finite
element model of the EBD is shown in Figure 6. In practical
use, the blast-resistant door is fixed on the door frame by
hinges and bolts. Therefore, in the numerical calculation, to
approximate simulate the actual boundary conditions, the
keyword *BOUNDARY_SPC can be used to constrain the
degrees of freedom of UX, UY, and UZ around the blast-
resistant door.

The accuracy of numerical calculation depends on the
size of the finite element mesh. The computation result
obtained by the sparse grid has a large error. Although the
calculation accuracy of the dense grid is high, the calculation
efficiency is low. Finite element calculation needs to find a
balance between accuracy and efficiency. Therefore, to study
the grid’s influence, we analyze the EBD and take the grid
size of 100 mm, 50 mm, 10 mm, and 5 mm. The displacement
calculation results of the mid-span node of the blast-resistant
door are shown in Figure 7.

It can be seen from Figure 7 that the convergence of the
calculation results is good when the grid size is reduced to
10 mm. When the grid size is further reduced to 5mm, the
calculation results of the mid-span displacement of the blast-
resistant door are almost the same as those of the 10 mm
grid, but the cost of computer time has increased by 12 times.
From the perspective of deformation shape, the blast-re-
sistant door mainly bears in-plane bending under the ex-
plosive load. The Belytschko-Tsay shell element adopts the
single-point integration algorithm. The finer grid can more
accurately simulate the bending behavior of the blast-re-
sistant door. Hence, after comprehensively considering the
accuracy and efficiency, this paper adopts a 10 mm grid to
calculate the blast-resistant door’s dynamic response.

3.4. Results and Discussion. To determine the structure’s
dynamic response under explosive load, it is necessary to
calculate its displacement, stress, and strain. Figure 8 shows
the displacement contour of the EBD and the RFBD2. The
displacement contours of other blast-resistant doors are
similar to Figure 8, which are not given here. Figure 9 shows
the peak displacement in the mid-span of all blast-resistant
doors. It can be seen from Figure 9 and Table 5 that the peak
displacement of the RFBD is smaller than that of the FBD. It
indicates that the reinforcement can improve the blast-re-
sistant door’s blast-resistance capacity, but the improvement
is relatively small compared with the EBD. Except for
RFBD3, the peak displacement of other RFBD decreases
gradually with the increase of the number of stiffening ribs.
The reason is that the stiffening rib bears part of the explosive
load, which changes the mechanical characteristics of the
blast-resistant door, thus improving its overall flexural ri-
gidity. The peak displacement response of the RFBD3 is
smaller than that of the RFBD4. The reason is that the mid-
span measuring point of the RFBD3 is just at the longitu-
dinal rib and the transverse rib intersection. When the
stiffening ribs are arranged as RFBD5, the peak displacement
of the RFBD is the smallest, which is 66.8 mm and 11.8% less
than that of the FBD. The EBD peak displacement is 5.1 mm,
93.3% less than that of the FBD, and 92.4% less than that of
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Ficure 5: Elliptical blast-resistant door with the combined structure (EBD; unit: mm): (a) front view and (b) side view.

the RFBDS5. The time history curve of mid-span displace-
ment of the blast-resistant door is shown in Figure 10. It can
be seen from Figure 10 that the vibration period of the EBD
is much smaller than that of the FBD and the RFBD. The
smaller the vibration period of the blast-resistant door with
the same mass, the greater the structure’s rigidity and the

stronger the ability to resist deformation, that is, the better
the blast-resistance capacity. Therefore, the EBD proposed in
this paper has better blast-resistance capacity.

Figures 11-13 show the maximum von Mises stress and
effective plastic strain of the blast-resistant doors with dif-
ferent structural forms under explosive load. In Figure 11,
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TABLE 3: Parameters of different blast-resistant doors.

Type Longitudinal rib Transverse rib Thickness ¢ (mm)
FBD — — 74.7
RFBD1 1 0 73.2
RFBD2 2 0 71.7
RFBD3 1 1 71.7
RFBD4 3 0 70.2
RFBD5 2 1 70.2

EBD — — 50.0

TABLE 4: Material parameters of the Q355 steel [44].

p(kg/m?) E(GPa) v A(MPa) B(MPa) n m C & Troom (K) T et (K)
7,850 206 0.28 339.45 620 0.403 0.659 0.02 1.333x107° 293 1,800

FIGURE 6: Finite element model with boundary conditions (mesh
size: 100 mm).

Displacement (mm)

-6 1 1 1

0.000 0.005 0.010

Time (s)

0.015 0.020

—— mesh 5 mm --- mesh 50 mm

--- mesh 10 mm - -~ mesh 100 mm

FI1GURE 7: Displacement time history curves of different mesh sizes.

the stress distribution of the FBD is not uniform, but a
sizeable high-stress area appears in the central area. The FBD
yields from the center and extends to the surroundings with
the maximum effective plastic strain of 0.14%. The von Mises
stress contour and effective plastic strain contour of the
RFBD5 with the smallest mid-span peak displacement are
shown in Figure 12. The maximum von Mises stress of the
RFBD5 occurs in the stiffening ribs with a value of
4542 MPa, which indicates that the stiffening ribs are
subjected to a large load during the blast loading and
resulted in a large plastic deformation in this region with
maximum effective plastic deformation of 0.52%. In Fig-
ure 13, the maximum stress occurs at the joint between the
elliptical panel and the arc support plate, where the maxi-
mum von Mises stress is 437.6 MPa. None of the von Mises
stresses in the rest of the EBD exceed 270 MPa, much less
than the static yield strength of Q355 steel. The reason is that
the horizontal reaction force is generated at the joint be-
tween the elliptical panel and the arc support plate under
explosive load. This force and the vertical force together
cause high stress at the joint (here is an orthogonal de-
composition of the force at the joint. In fact, the joint is
subjected to the resultant force). In the subsequent opti-
mization design, the internal force at the joint between the
elliptical panel and the arc support plate can be reduced by
providing stiffening ribs or changing the elliptical minor
axis’s diameter. As shown in Figure 13 and Table 5, the
maximum effective strain of the EBD occurs at the maxi-
mum stress of the blast-resistant door, with a magnitude of
0.11%. It indicates that the plastic deformation occurring
here is extremely small. Except for the joint between the
elliptical panel and the arc support plate, the rest of the EBD
is in the state of perfect elasticity deformation. Overall, the
maximum von Mises stress and effective plastic strain of the
EBD are less than those of the FBD and the RFBD.

From the above analysis, it can be seen that the stress
distribution of the EBD proposed in this paper is relatively
uniform. Moreover, the von Mises stress in most areas of the
EBD is much less than the static yield strength of the blast-
resistant door material. It leaves greater safety redundancy
for the blast-resistant door design. Under the same 0.2 atm
vacuum explosive load, the displacement response of the
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FIGURE 9: Peak displacement of different blast-resistant doors.

EBD is smaller than that of the FBD and the RFBD. It in-
dicates that the EBD has a better blast-resistance capacity.
However, the careful analysis also found a slight plastic
deformation at the joint between the elliptical panel and the
arc support plate of the EBD, so it can be further optimized
to achieve better blast resistance performance.

4. Parametric Study of the EBD

The dynamic response of the EBD is influenced by three
factors: the vacuum degree of the explosive vessel, the
number of explosives during the explosion working, and the
diameter ratio of the EBD. In this section; these factors are
analyzed one by one to achieve the optimum blast-resistant
structure for the EBD. The EBD’s loading mode, material
model, element type, mesh size, and boundary conditions
are similar to those in the previous section.

4.1. Effect of Vacuum Degree. The internal blast loading
under different vacuum degrees is shown in Figure 14. It can

be seen from Figure 14 that there are two distinct peaks for
each explosive load pulse. The first peak is an air shock wave
formed by the detonation product compressed air. The
second peak is a shock wave formed by the expansion of the
detonation product. With the decrease of the vacuum degree
inside the explosion vessel, the first peak of the internal blast
loading decreases gradually. In contrast, the second peak
caused by the detonation product increases gradually.
Overall, the smaller the vacuum degree is, the faster the
decay of the internal blast loading is, that is, the smaller the
slope of the load impulse curve in Figure 14. The explosive
load under different vacuum degrees calculated in Figure 14
is applied as an input load to act on the EBD. The calculated
dynamic response of the EBD is given in Table 6. The time
history curve of the mid-span displacement is illustrated in
Figure 15. The 1 and 2 marked in Figure 15 represent the first
and second peaks of the displacement response, respectively.

As can be seen in Figure 15 and Table 6, except for the
second peak of the displacement response at 0.2 atm, the
peak displacement, the maximum von Mises stress, and the
maximum effective plastic strain of the EBD gradually de-
crease with the decrease of the vacuum degree inside the
explosion vessel. When the vacuum degree is 0.2 atm, the
second peak displacement of the EBD is 5.08 mm. When the
vacuum degree is 0.4 atm, the second peak displacement of
the EBD is 4.92 mm. Here, the second peak displacement of
the EBD at 0.2 atm is slightly greater than that at 0.4 atm. The
reason is that when the vacuum degree inside the explosion
vessel is reduced to 0.2 atm, the air becomes relatively thin,
and the overpressure of shock waves caused by air is rela-
tively small. However, the shock wave overpressure at
0.2 atm caused by the detonation product is 1.3 times higher
than that at 0.4 atm. The second peak on the displacement
time history curve is caused by the detonation product’s
shock wave overpressure.

In this section, the dynamic response of the EBD is ana-
lyzed at 0.2atm, 0.4atm, 0.6atm, 0.8 atm, and 1atm. After a
comparative study, it is found that reducing the ambient
pressure helps improve the blast-resistance capacity of the
structure. The maximum von Mises stress contour of the EBD
at 1 atm is given in Figure 16. Compared with Figure 13, the



Shock and Vibration 9

TaBLE 5: Peak displacement, von Mises stress, and effective plastic strain.

Type Peak displacement (mm) Maximum von Mises stress (MPa) Maximum effective plastic strain (%)
FBD 75.7 434.7 0.14
RFBD1 71.8 453.4 0.58
RFBD2 71.2 430.6 0.47
RFBD3 67.5 4554 0.49
RFBD4 69.6 449.5 0.48
RFBD5 66.8 454.2 0.52
EBD 5.1 437.6 0.11
80
60
40 +
E 2}
5 o
=]
[}
§ 20t
o
A -40 |
60 L
80 L
0.00 0.01 0.02 0.03 0.04 0.05
Time (s)
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—— RFBD2 —— EBD
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FiGure 10: Displacement time history curves of different blast-resistant doors.
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FIGURE 11: (a) von Mises stress and (b) effective plastic strain of the FBD.

EBD generates higher stress at the joint between the elliptical ~ panel to the arc support plate, then from the arc support plate
panel and the arc support plate and along the joint between the ~ to the triangle support plate, and finally to the support. Fig-
triangle support plate and the arc support plate. It shows the  ure 17 shows the maximum effective plastic strain contour of
transfer process of explosive load on the EBD. That is to say,  the EBD at 1 atm. It can be seen from Figure 17 that with the
and the explosive load is first transferred from the elliptical  increase of explosive load, the EBD produces great plastic
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F1GURE 12: (a) von Mises stress and (b) effective plastic strain of the RFBD5.
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FIGURE 13: (a) von Mises stress and (b) effective plastic strain of the EBD.
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FIGURE 14: Explosive load under different vacuum degrees.

deformation in the high-stress area of the structural joint.
Furthermore, the EBD also produces great plastic deformation
in the middle of the triangle support plate. Therefore, these
places with large plastic deformation should be strengthened in
the design of the EBD.

4.2. Effect of Explosive Quantity. The vacuum degree in the
explosion vessel is kept unchanged, which is 0.2 atm. The
explosive load acting on the blast-resistant door with 200 kg,
400 kg, 600 kg, and 800 kg charges are calculated by changing
the number of explosives. When the explosive quantity is
600 kg, the dynamic response of the EBD has been calculated
in Section 3. Figure 18 shows the explosive load under
different explosive quantities. It can be seen in Figure 18 and
Table 7 that when the explosive quantity increases from
200kg to 800kg, the peak overpressure increases from
1.57 MPa to 4.33 MPa, which increases by 2.76 times, while
the action time of the explosive load decreases slightly. The
mid-span displacement time history curve of the EBD under
different explosive quantities is shown in Figure 19. As can
be seen from Figure 19, when the explosive quantity de-
creases from 800kg to 200kg, the first peak of the EBD’s
displacement decreases from 3.76 mm to 1.10 mm, reducing
by 70.7%; the second peak of the EBD’s displacement de-
creases from 6.09mm to 1.85mm, reducing by 69.6%. It
indicates that reducing the explosive quantity can improve
the blast-resistance capacity of the EBD. Table 7 gives the
peak displacement, the maximum von Mises stress, and the
maximum effective plastic strain of the EBD under different
explosive quantities. It can be seen from Table 7 that when
the explosive quantity is 200 kg, the EBD is in a state of
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TaBLE 6: Displacement, von Mises stress, and effective plastic strain of the EBD under different vacuum degrees.

Load (MPa) Displacement (mm) . . . . . .
Vacuum degree . . Maximum von Mises stress Maximum effective plastic strain
(atm) Air Detonation First Second (MPa) (%)
product peak peak
0.2 3.07 2.65 3.03 5.08 437.6 0.11
0.4 3.88 2.04 3.27 4.92 456.6 0.22
0.6 4.37 1.42 3.32 5.36 489.4 0.54
0.8 5.00 0.96 3.51 6.62 503.7 0.93
1 5.54 0.68 3.79 7.45 510.3 1.03

Displacement (mm)

0.0025 0.0050 0.0075 0.0100 0.0125
Time (s)

—— 0.2 atm —— 0.8 atm

—— 0.4 atm —— latm

—— 0.6 atm

FIGURE 15: The mid-span displacement time history curve of the
EBD under different vacuum degrees.
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F1GURE 16: The maximum von Mises stress contour of the EBD at
1 atm.

perfect elasticity deformation. When the explosive quantity
is 800 kg, the maximum von Mises stress and the maximum
effective plastic strain of the EBD are 456.8 MPa and 0.24%,
respectively. Although the explosion vessel’s maximum
design charge is 600 kg ANFO explosive, the EBD is still in a
small plastic deformation state when the explosive quantity
is 800 kg. Its plastic strain is far less than the fracture strain of
Q355 steel, so the EBD will not fracture suddenly. Taken
together, during the explosive working, the explosive load

Effective Plastic Strain
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3.939e-03
2.954e-03

1.970e-03 __
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FIGURE 17: The maximum effective plastic strain contour of the
EBD at 1atm.
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Figure 18: Explosive load under different explosive quantities.

acting on the blast-resistant door can be reduced by regu-
lating the explosive quantity. In this way, it can ensure that
the EBD can work under the safe explosive quantity.

4.3. Effect of Diameter Ratio. In this section, the blast-re-
sistance capability of the EBD with four different diameter
ratios of 1:0.25, 1:0.5, 1:0.75, and 1:1 is analyzed. The el-
liptical panel’s major axis diameter is always 3,000 mm, and
different diameter ratios are achieved by changing the minor
axis diameter. When the diameter ratio is 1:0.25, 1:0.5, 1:
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TaBLE 7: Displacement, von Mises stress, and effective plastic strain of the EBD under the different explosive quantities.

Load

Peak displacement

Explosive quantity (mm) Maximum von Mises =~ Maximum effective plastic
(kg) Peak overpressure  Action time  First Second stress (MPa) strain (%)
(MPa) (ms) peak peak
200 1.57 13.0 1.10 1.85 317.9 0
400 2.38 11.0 217 3.55 412.7 0.02
600 3.07 10.5 3.03 5.08 437.6 0.11
800 4.33 10.0 3.76 6.09 456.8 0.24

Displacement (mm)

0.000 0.002 0.004 0.006 0.008 0.010 0.012
Time (s)
— 200kg —— 600kg
—— 400kg — 800kg

FIGURE 19: The mid-span displacement time history curve of the
EBD under the different explosive quantities.

0.75, and 1:1, then the elliptical panel’s corresponding minor
axis diameter is 750 mm, 1,500 mm, 2,250mm, and
3,000 mm, respectively. In this paper, the EBD’s mass with
different diameter ratios is kept equal by adjusting the steel
plate’s thickness. The thickness dimensions are shown in
Table 8. The EBD with a diameter ratio of 1:0.5 has been
calculated in Section 3. The mid-span displacement time
history curve of the EBD with different diameter ratios is
shown in Figure 20. Table 8 gives the peak displacement, the
maximum von Mises stress, and the maximum effective
plastic strain of the EBD with different diameter ratios. It can
be seen in Figure 20 and Table 8 that by changing the EBD’s
diameter ratio (i.e., increasing minor axis diameter), the
mid-span peak displacement of the EBD gradually decreases,
and the vibration period of the displacement curve also
gradually decreases accordingly. It indicates that increasing
the diameter of the EBD’s minor axis can improve their
flexural rigidity. When the diameter ratio is 1:0.25, the
maximum von Mises stress and the maximum effective
plastic strain of the EBD are the smallest among the four
structures, but the peak displacements are the largest. When
the minor axis diameter of the EBD is greater than 750 mm,
the maximum von Mises stress and the maximum effective
plastic strain of the EBD with the diameter ratio of 1:0.75 are
both less than those with the diameter ratio of 1:0.5 and 1:1.
In summary, the optimum diameter ratio of the EBD
proposed in this paper is 1:0.75.

TasLE 8: Displacement, von Mises stress, and effective plastic strain
of the EBD with different diameter ratios.

Maximum Maximum

Diameter Thickness . Peak von Mises effective
. displacement .

ratio (mm) (mm) stress plastic
(MPa) strain

1:0.25 53.9 9.44 397.3 5.93x107°

1:0.5 50.0 5.08 437.6 1.13x1073

1:0.75 46.0 2.85 424.3 5.33x107*

1:1 42.3 2.76 454.1 2.42%1073

Displacement (mm)

0.002 0.004 0.006 0.008 0.010
Time (s)
— 1:0.25 — 1:0.75
— 1:0.5 — 1:1

FiGure 20: The mid-span displacement time history curve of the
EBD with different diameter ratios.

5. Conclusions

This paper proposes an elliptical blast-resistant door with the
combined structure for the large vacuum explosion con-
tainer consisting of an elliptical panel, four arc support
plates, and four triangle support plates. The following
conclusions are drawn from the numerical calculations:

(1) The decoupling method is reasonable for solving
the dynamic response of the large vacuum ex-
plosion container’s blast-resistant door. It can
significantly reduce the calculation amount of the
project and provide a reference for similar engi-
neering problems.
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(2) The peak displacement of the elliptical blast-resistant
door with the combined structure is 93.3% less than
that of the flat blast-resistant door and 92.4% less
than that of the reinforced flat blast-resistant door
with the smallest peak displacement (RFBD5). By
analyzing the stress and strain, the maximum von
Mises stress and the maximum effective plastic strain
of the elliptical blast-resistant door with the com-
bined structure are smaller than those of the flat plate
blast-resistant door and the reinforced flat blast-
resistant door. It indicates that the blast-resistance
capacity of the elliptical blast-resistant door with the
combined structure proposed in this paper is better
than that of the traditional blast-resistant door.

(3) The parametric analysis shows that the blast-resis-
tance capacity of the elliptical blast-resistant door
with the combined structure can be improved ef-
fectively by reducing the vacuum degree in the ex-
plosion vessel and the number of explosives during
the explosion working. During the production of
explosion working, the vacuum degree should be
controlled not greater than 0.2 atm, and the explosive
quantity should not be greater than 600 kg.

(4) By analyzing the peak displacement, the maximum
von Mises stress, and the maximum effective plastic
strain, it is determined that the optimum diameter
ratio of the elliptical blast-resistant door with the
combined structure is 1:0.75.
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Geological conditions of urban subway foundation pits are controllable factors in determining the deformation of pits. In this
paper, the monitoring data and statistical data of a subway deep foundation pit in North China are presented and compared with
those of Tianjin subway. The deformation characteristics of the proposed pit, open excavated with triple-layer steel supports, are
introduced in detail. Based on the aforementioned information, the energy conservation equation of the mobilized strength design
(MSD) method in which the compression deformation energy of internal support is considered is applied to predict the maximum
lateral movement. The maximum lateral movement turns out to be 22.2 mm according to the improved MSD method, which is

very close to the measured value.

1. Introduction

In the construction of metro, the deformation control of
deep pit is one of the most crucial topics. Excessive large
deformation of the stratum will lead to the accidents of
foundation pit and surrounding buildings. The deformation
of foundation pit should be strictly controlled to reduce the
impact of excavation on the surroundings.

Researchers and engineers have conducted extensive
research on the deformation mode and failure mechanism of
deep and large foundation pits, including the deformation
prediction method of foundation pits and the estimation of
ground settlement and horizontal displacement of wall.

Peck [1] conducted a detailed study on the ground
settlement caused by the excavation of soft soil foundation
pit and obtained the estimated value of the soil settlement
outside the pit. Clough and O’Rourke [2] and O’Rourke [3]
studied the deformation of the wall in the foundation pit of
hard clay, residual soil, and sand. Wang et al. [4] and Yang
and Lu [5], respectively, used numerical analysis methods to
analyze the relationship between the deformation mode of

support structure and the settlement range, settlement
distribution form, the maximum value of settlement, and the
location of the soil around the foundation pit. Wang et al.
[6], Xu et al. [7,8], and Jiang et al. [9] collected the defor-
mation data of Shanghai deep foundation pit engineering
and discussed the deformation characteristics of foundation
pit retaining structure from the statistical point of view.
In order to reduce the influence of deep foundation pit
excavation on the surrounding environment, the defor-
mation of supporting structure needs to be strictly con-
trolled. In order to reflect the development of stress and
displacement in the process of foundation pit deformation,
Bolton et al. [10] proposed the design method of foundation
pit retaining structure, namely, MSD (Mobilized Strength
Design), based on the plastic deformation mechanism and
virtual work principle. Bolton et al. [11, 12] and Osman and
Bolton [13, 14] applied the MSD method to the cantilever
deformation foundation pit of retaining wall. Wang et al.
[15] introduced elastic strain energy of retaining wall to
improve the MSD method. Liu et al. [16] introduced the
influence of compression deformation energy of internal
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support, bending deformation energy of retaining structure
above excavation surface, and buried depth of excavation
surface into energy conservation equation and proposed the
curve form of variable wave peak cosine function. Xu et al.
[17] proposed the improved MSD rigidity of the deep
foundation pit support structure, which was verified in the
support structure of the deep foundation pit of Nanjing
Metro.

Based on the monitoring data of the deep foundation
pit in a metro project of Shijiazhuang city in North China,
this paper analyzes the deformation characteristics of the
deep foundation pit under the condition of open exca-
vation plus three steel supports, taking a two-story three-
span box type underground frame structure station in
Shijiazhuang city subway project as an example. The deep
foundation pit project of Tianjin metro project which is
located 260 km away from Shijiazhuang city in North
China is used as a companion object. In the energy
conservation equation of the MSD method, the com-
pression deformation energy of internal support is in-
troduced to predict the deformation characteristics of
foundation pit and compared with the measured value.

2. Deformation Statistics of Metro
Foundation Pit

2.1. Foundation Pit Retaining Structure. Shijiazhuang city is
located in the Piedmont inclined plane, with a total
terrain of 1.5~2.0%o from west and northwest to east and
southeast. The total length of the Metro Line 1 is
36.626 km where the first phase of the project is 23.9 km,
with 20 underground stations and the average station
spacing is about 1.2 km. Table 1 shows the basic infor-
mation of the metro foundation pit. The strata in this area
are artificial fill layer (Q™), Neogene sedimentary layer
(Q™), quaternary Holocene alluvial proluvial layer
(Q"*PY, and quaternary upper Pleistocene alluvial
proluvial layer (Q;+Ph
As shown in Figure 1, the excavation length of foun-
dation pit in Shijiazhuang city is between 100 and 300 m, the
width is between 20 and 45 m, and the length-width ratio is
8~14, among which the foundation pit with the length-width
ratio of 10~12 accounts for 47.1%. In contrast, the ratio of
length to width of the foundation pit of Tianjin Metro Line 6
is more evenly distributed than that of Shijiazhuang city
Metro Line 1. The proportion of foundation pit with the ratio
of length to width of 10~12 accounts for 12.2%. With the
increase in the ratio of length to width, the proportion of
foundation pit with open excavation method decreases.
The ratio between the depths of the retaining wall
inserted into the pit bottom to the depth of the pit bottom is
defined as the insertion ratio, which represents the soil
condition of the area. The maximum insertion ratio of 17
metro stations in Metro Line 1 of Shijiazhuang city is 0.35
while the average insertion ratio is 0.21, as shown in Figure 2.
Compared with Tianjin, the distribution is relatively con-
centrated. The insertion ratio in Metro Line 6 of Tianjin is
obviously larger than that of Metro Line 1 of Shijiazhuang
city. The maximum insertion ratio of Tianjin Metro is 1.15,
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the minimum is 0.62, and the average is 0.89. Moreover,
when the depth of foundation pit is 20~25m, the distri-
bution of insertion ratio is relatively scattered.

2.2. Settlement of Foundation Pit. The maximum ground
settlement behind the foundation retaining structures of
Shijiazhuang city is shown in Figure 3. The maximum
settlement is less than 40 mm, of which 15 30 mm accounts
for 70%, and the distribution of each section is relatively
uniform. The maximum ground settlement behind the
foundation structures of Tianjin Metro is more than
40 mm, of which 30~40 mm accounts for 17.3%, far greater
than that of Shijiazhuang city.

Figure 4 shows the distribution of the maximum lateral
movement of foundation pit retaining structures of Shi-
jiazhuang city metro. The largest lateral movement is between
10 mm and 24 mm, of which 14 mm to 18 mm accounts for
64.7%, while the proportion of lateral movement larger than
20 mm is very small, and the distribution is relatively con-
centrated. The maximum lateral movement of foundation pit
retaining structures in Tianjin is between 10 mm and 40 mm,
of which 30 mm to 40 mm accounts for 71.05%. It can be seen
that the deformation of foundation pit of Shijiazhuang city
subway is quite different from that of Tianjin subway. This
reflects the leading role of geological conditions in the de-
formation of urban subway foundation pit.

3. Foundation Pit Condition of Representative
Station No. 1

Station No. 1 in Metro Line 1 is an underground double deck
island station, with a total length of 287 m, a standard section
width of 21.1 m, a roof covering of 3.1 m, a standard section
floor depth of 17.19 m, and a shield shaft section floor depth
of 18.64 m. The main structure of the station is constructed
by the open excavation method, and the structural type is the
underground two-layer three-span box type frame structure.
The average ground elevation within the construction scope
of the station is 82.54m, and the average covering soil
thickness of the station structure is 3.1 m. The upper part of
the main retaining structure of the station is the concrete
retaining wall, while the lower part is the retaining pile plus
steel support type. Three supports are installed in the open
excavation standard section, as shown in Figure 5.

The stratum of the site is alluvial and diluvial stratum,
and the lithology is quaternary Holocene cohesive soil and
sand soil. There are collapsible loess like silt and loess like
silty clay in the site. The self-weight collapsible amount is less
than 70 mm; therefore, the collapsible type of the site is non-
self-weight collapsible loess site (Table 2).

According to the mechanical properties, the foundation
soil in the 55.00 m insertion depth range of station 1 can be
divided into 10 sublayers, and the stratum profile and
physical and mechanical properties of soil layer are shown in
Figure 6.

When the insertion depth is less than 7.5m and more
than 17.5 m, the sensitivity of soil layer is lower (S, < 2). The
soil layer between 7.5 and 17.5m is highly sensitive, which
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TaBLE 1: Basic information of the metro foundation pit.

Length (m) Width (m) Length-width ratio Pit depth (m) Wall depth (m) Insertion ratio
Max. 287.00 41.40 13.60 22.59 25.19 0.35
Min. 194.12 19.60 5.86 14.80 18.50 0.12
Average 230.36 22.78 10.36 17.28 21.15 0.23
Std. 24.15 4.80 1.63 1.85 1.93 0.05
CV 0.10 0.21 0.16 0.11 0.09 0.23
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indicates that the strength and rigidity of soil in this range
are easily disturbed by construction and significantly
reduced.

From 0.1 < ay;., < 0.5, it can be seen that within 55 m of
the insertion depth, all are medium compressible soil. The
shear strength indexes C, and ¢, of soil are obtained from
the direct shear test, for the stress-strain curve provided by
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FIGURE 3: Distribution of maximum ground surface settlement
behind retaining structures.
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FIGURE 4: Distribution of maximum lateral movement of foun-
dation pit retaining structures.

the direct shear test which is closest to the in situ test results.
It can be seen from the above parameters that the stratum of
the foundation pit of Station No. 1 is medium hard clay, and
its void ratio is less than 1. Due to the high compressibility of
the stratum, the undrained shear strength is less than 75 kPa.

The triaxial test was carried out in the site field. The
stress-strain curve of each layer is shown in Figure 7. The
peak shear strength increases with the increase in insertion
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TaBLE 2: Feature of the stratum.
Stratum Litholo Density (g/  Cohesion Friction  Standard value of bearing  Static lateral Natural water
no. gy cm’) (kPa) angle (o) capacity (kPa) pressure factor content (%)
2-2 Loess silty clay 1.81 35 20 150 0.33 13.6
2-3 Loess silt 1.83 14 29 160 0.32 13.6
3-1 Loess silty clay 1.94 35 21 160 0.35 21.5
3-2 Loess silt 1.86 25 29 180 0.31 13.9
5-1 Silty clay 1.99 37 18 190 0.41 23.5
5-2 Silty soil 2.00 23 24 190 0.33 19.6
5-4 Medium 2.03 0 31 200 0.30 —
coarse sand
6-3 Pebble 2.12 0 35 350 0.25 —

depth. In the nonyielding stage, with the increase in soil
strain, there is a one-to-one relationship between stress and
strain.

4. Deformation Analysis

4.1. Analysis of Deformation Monitoring Data. At the ends
and middle point of the long side of the foundation pit, total
6 inclined holes for the retaining structure were evenly
arranged to monitor the lateral movement curve at the depth
of 15m, as shown in Figure 8.

The foundation pit was constructed from the left end
first, and the lateral movement of the retaining structure
tended to be stable on May 18, 2014, lasting for 69 days;
the final lateral movement was between 18 mm and
20 mm. The construction of the middle and right ends of
the foundation pit started at the same time, and the lateral
movement of the right end of the retaining structure
tended to be stable on June 6, 2014, lasting 71 days; the
final lateral movement was between 17 mm and 23 mm.
The lateral movement of the retaining structure in the
middle of the foundation pit tended to be stable on July 24,
2014, lasting for 118 days; the final lateral movement was
between 18 mm and 20 mm, and the change gradient is
relatively gentle.

The lateral movement duration curves of point M, at
the retaining structure are shown in Figure 9. The maximum
lateral movement of the retaining structure occurs at the
depth of 10 mm, while the minimum lateral movement
occurs at the toe of the retaining structure.

There are 54 lateral movement monitoring points in the
foundation pit. The relationship between the maximum
lateral movement and the excavation depth is shown in
Figure 10. It can be seen from the figure that the maximum
lateral movement of the retaining structures is between
0.026%H and 0.240%H, with an average of 0.165%H (H is
the excavation depth).

The relationship between the maximum lateral move-
ment depth of the retaining structures and the excavation
depth is shown in Figure 11. The maximum lateral move-
ment depth of the retaining structures is between 7.5 m and
17.5 m, accounting for 90.17%. With the increase in exca-
vation depth, the maximum lateral movement depth of the
retaining structure tends to decrease whilst the distribution
is more centralized, with an average depth of about 13 m,
about 0.42H.

The ground surface settlement curves at 3 meters away
from the retaining structures of the foundation pit are shown
in Figure 12. It can be seen from the figure that behind the
left lower side wall, the surface was uplifted; behind the
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FIGURE 6: Physical and mechanical properties of soil layers.

middle lower side wall, the surface settlement was very small;
and the maximum surface settlement behind the retaining
structures was located at the right lower side wall, about
22 mm.

After excavation, the lateral movement of the
retaining wall is shown in Figure 13. There is no obvious
change rule of the lateral movement of the retaining wall.
Due to the restraint of the internal support, the foun-
dation pit does not show the characteristics of large de-
formation at the midpoint of the long side and small
deformation at both sides, such as the cantilever foun-
dation pit.

4.2. Improved Mobilized Strength Design. In this paper, the
mobilized strength design (MSD) method, considering the

compression deformation energy of the internal support, is
used to to predict the maximum lateral movement of the
retaining structures with following steps:

(1) Determine the soil stress-strain curve: collect the
representative soil around the foundation pit for the
indoor triaxial compression test and obtain the soil
strength characteristic curve.

(2) Determine the cantilever type deformation: obtain
the mobilization rate of undrained shear strength of
soil through known parameters such as the buried
depth of retaining structure, the excavation depth of
foundation pit, and the weight of soil; obtain its
undrained shear strain through the soil stress-strain
curve; then obtain the deflection angle of the
restaining wall and the maximum displacement of
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wall top 0,1, as well as the cantilever type defor-
mation curve:

A
Awl(y):Awml-’—%ly;_)LSygo- (1)

(3) Determine the excavation deformation in the second
step: the influence wavelength of deformation is A,
and the excavation incremental deformation in the
second step is approximated to the segment cosine
function, namely:

Sz (y) =

In the
follows:

wm2

5 |i1—cos<%>];—k2/\£y<0

(2)

second step, the total deformation curve is as
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The derivative of A, (y) is as follows:



Shock and Vibration

30

Y L e
: °
_25f ° -
E .
=
g 20} v 3 .
. :
& 3 y=16.26m E
—_ — | | Y
g 15 > * ; ] l B
E v v ® >
% ‘ . o 14 1 A
3 8 I
S 10F ¥ 4 ¥ «§ <« -
S b .
= ¥ <G
5 i
L
a ]
y=6.26m
0 , LA , | , | ,
0 5 10 15 20

Excavation depth (m)

FiGuURrk 11: Relationship between the depth of the maximum lateral movement and excavation depth.

15

—_
(=}
T
.

v
T

(=}

—_
o

Ground surface settlement (mm)
— .
w w

N
S

-25 1 1 1 J
2014-1-31 2014-4-30 2014-7-30 2014-10-30 2015-1-30

Date (year/month/day)

Lup --- Liown
Mup T Mdown
Rup - Rdown

FIGURE 12: Ground surface settlement duration curves at 3 m distance from the retaining structures.

0
1.000
5 5.400
9.800
14.20
18.60
23.00
[] 27.40
31.80
36.20
40.60
45.00
25 A
0 40 80 120 160 200

Long side of the foundation pit (m)

Depth (m)
o S

383
(=}

FIGURE 13: Lateral movement contour of the retaining structures after excavation.



Shock and Vibration 9
6wm2 T y Aw 1
— — LR —k,A<y<0
2 o™k T hEy<
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8wm2 U . T[(y — (1 - ZkZ)A) Awml
;A< - kA
PRI Y b U TS ) A B
The value of the maximum lateral displacement of the
retaining structure is the same as that of the excavation
surface; then, when y=H, the value of A, (y)=0:
mH mH 20,
—sin| — | = YT H; kA, <y<0
[ sm(kzl> P Ha= e
(5)

m(H=(1=2k)) (m(H = (1= 2k;)1)

2A
PH = (1-2k)h];5 L <y< k),

(1-k;)A (

By equation (5), k, which makes the total deformation
reach the maximum value can be obtained. The obtained k,
is substituted into the incremental deformation curve, and
the horizontal and vertical deformations of the soil mass on
both sides of the foundation pit are calculated according to
equations (4) and (5), and then the soil gravity potential
energy AP expressed by §,,,,, is obtained.

CEr)

)=

A8

wm2

When the width of the foundation pit B < 2[2(A-h,)]"%,
the foundation pit is a narrow foundation pit, and the in-
fluence range of the soil outside the pit is the same as that of
the wide foundation pit. The influence range of the soil
inside the pit is rectangular and obeys the two-dimensional
shear state as follows:

(A6
4—B"’<7r+%—sin %)sin(%); 0<y<kl',
8, =1 (6)
1o, re—2 _ _n—"Y sin(g)' -1-kMA <y<o0
| 4B A—r RN B) =y
8—’“(1 + cos ﬂ—y)cos<E>' 0<y<kl
2 IV B) SYSEL
0, = 5 (7)
L 7’”(l+cosﬁ)cos<%>; —(1-k)A <y<0,
AP = AW + AU + AV,
According to the relationship between the maximum
incremental deformation and the shear strain of the soil and El (" [dw 2
the stress-strain curve of the soil, the internal energy AW J y,0,dvol = J Cmopdydvol + — J [ Zx] dx
consumed by the shear action of the soil expressed by §,,,,,,» is vol vol 2 Joldy (8)

obtained. According to the flexural rigidity of the wall and
the compressive rigidity of the internal support, the flexural
deformation energy of the wall AU expressed by 8,,,,» and
the compressive deformation energy of the internal support
AV are obtained. The external work produced by the self-
weight of the soil behind the wall is equal to the internal
energy dissipated by the shear action of the soil behind the
wall and the strain energy produced by the bending de-
formation of the wall and the compression deformation of
the support:

P

2
# 2 (wp)
p=1
where AP is the work done by external force; AW is the
energy consumption of soil mass; AU is the elastic strain
energy stored in the wall; AV is the elastic strain energy
stored in the support; p, is the unit volume weight of soil
mass; 0, is the vertical displacement of soil mass behind the
wall; ¢,,,0p is the mobilization value of soil strength; &, is the

E,4,
Ip
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TaBLE 3: The energy increment of each step.
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Vertical displacement

Construction steps

Items
2 3 4 5

AP (J/m) 4.21 9.425 38.745 53.82
AW (J/m) 3.95 9.005 35.24 52.775
AU (J/m) 0.26 0.06 0.075 0.035
AV (J/m) 0 0.365 343 1.01
AU/AP (%) 3.09 0.32 0.095 0.035
AV/AP (%) 0 1.935 4.425 0.94

Vertical displacement
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-0.9200
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-7.140
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-19.58
-22.69
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FIGURE 14: Horizontal displacement of the retaining wall.

increment of shear strain; EI is the elastic modulus of
retaining wall; dw, is the increment of horizontal defor-
mation of retaining structure along the wall depth; & is the
depth of retaining wall; F; is the supporting axial force; [ is
the supporting length; and EA is the tensile rigidity of the
member.

According to Equation (6), the maximum lateral dis-
placement value §,,,,, of the wall is obtained, and whether it
meets the design standard is judged, and the parameters are
adjusted until the satisfactory result is obtained. The solution
O,mp 1s substituted into Equation (3) to get the deformation
curve of the second excavation step.

4.3. Validation of Improved MSD. In the proposed pit, the
intermediate pile, bored pile, and internal corner rein-
forcement were constructed as Step 1. From Step 2 to Step 4,
the proposed pit was excavated layer by layer, each time
0.5m below the steel support. In Step 5, the pit was totally
excavated. Table 3 gives the energy parameters calculated by
the improved MSD method where AP is the work done by
external force; AW is the energy consumption of soil mass;
AU is the elastic strain energy stored in the wall; and AV is
the elastic strain energy stored in the support. Horizontal
displacement of retaining wall is shown in Figure 14.
Vertical displacement of surface behind the wall is shown in
Figure 15.

According to the improved MSD method in this section,
the lateral movement curves of the wall are compared with

-25.80

F1GURE 15: Vertical displacement of the surface behind the wall.
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FIGURE 16: Comparison of measured data and calculated values.

the original MSD method and the measured data, as shown
in Figure 16. It can be seen that the deformation curves
obtained by the improved MSD are closer to the measured
data than the original MSD method. In the proposed pit, the
maximum lateral movement &y, = 23.4 mm and the corre-
sponding buried depth Hgp,,, =7.0 m. It is predicted by the
improved MSD method that §,,,=222mm and
Hsp =101 m, while 6p,,=17.4mm and Hg,,, =14.1m
according to the original MSD method.

5. Conclusions

(1) The average insertion ratio in Tianjin Metro is 0.89,
which is significantly greater than that in
Shijiazhuang city; the maximum lateral movement of
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the foundation pit in Tianjin Metro is between
30mm and 40 mm, while the maximum lateral
movement of the wall is between 14 mm and 18 mm
in Shijiazhuang city.

(2) In the proposed pit, the maximum lateral movement
of the wall is about 0.165%H; the maximum lateral
movement buried depth is between 7.5m and 17.5m.

(3) The compression deformation energy of internal
support is considered in the energy conservation
equation of the MSD method, and the maximum
lateral movement §;,,=22.2mm, and the corre-
sponding buried depth Hgp,,=101m while
Opm=17.4mm and H g, =14.1 m according to the
original MSD method. In the proposed npit,
Opm=234mm and H s, =7.0m, the improved
MSD method is more acceptable than the original
MSD method.
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Multiframe PC box-girder bridge with intermediate hinges is a kind of bridge having complex structural characters, which is very
quintessential in California. In this study, a typical bridge was adopted to establish a nonlinear dynamic model through OpenSees
platform. Intermediate hinge and inhibiting devices in it were elaborately simulated. Meanwhile, pushover analysis was used to
reinstate a specimen of column test, which has the similar ratio of reinforcement to the typical bridge, and the hysteretic model
parameters of the longitudinal steels inside columns were obtained. The damage indexes of column and hinge, which are primary
components, under different limit states were acquired by moment-curvature analysis. Taking into account the uncertainty,
nonlinear time-history analysis of the bridge was carried out through a suite of synthetic ground motions. Subsequently, a
probabilistic seismic demand model was developed, and fragility curves were further focused on. According to fragility as-
sessment, the conclusion shows that columns and hinge restrainers exhibit high fragility, and bridge system fragility is gradually
determined by column fragility along with aggravating of the damage state. Unseating of girder can hardly occur at abutments and
intermediate hinges. Moderate limit state could be exceeded in the positions of plug-type concrete structures in intermediate
hinges, which tends to create transverse and vertical cracks, furthermore causing reinforcements yield. It indicates that it would

severely underestimate the seismic fragility of intermediate hinges without considering the elaborate simulation of hinges.

1. Introduction

California, where the prestressed concrete viaducts were
generally designed to the form of column-girder consoli-
dation, is located in the San Andreas fault [1, 2], which is the
part of the Circum-Pacific seismic belt. In order to release
the freedom of bridges and reduce the number of cracks, the
intermediate hinges [3, 4] were designed in some spans of
bridges [5], shown in Figure 1. Hinges are generally located
next to 1/6~1/4 point of span length, which were designed to
the form of upper-lower and left-right occlusion, called
plug-type, shown in Figure 2. Moreover, inhibiting devices
were designed inside hinges to limit displacement, including
longitudinal restrainers, vertical elastomeric bearings, and
transverse elastomeric pads. This type of bridge, called
multiframe prestressed concrete box-girder bridge, has been

widely used in California and even throughout the United
States, due to its perfect integrity and large spanning ability.

In the process of vibration, the bending moment of the
bridge decreases to zero at the point of hinges. Hinge, taken
as the boundary, makes the column-girder consolidation on
both sides of it present the vibration characteristic, which is
the similar to frame. The overall vibration form of the bridge
can be outlined as follows: the individual vibration of each
frame is connected into the overall vibration of the bridge by
hinges. Consequently, the vibration characteristic and vi-
bration rule of hinge, as a key component of connecting
every single frame, are particularly crucial. Several studies
[6-8] have stated that the linear elastic model was often used
to simulate the elements of girder due to rare occurrence of
plastic failure here. In addition, in order to simplify finite
element calculation, relative displacement at the point of
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FiGure 1: Intermediate hinge.

hinge was neglected in vertical and transverse directions
[7, 8]. Thus, the hinge points belonging to adjacent frames
were imitated to be fixed in vertical and transverse direc-
tions, and only tensile and compressive action of longitu-
dinal restrainers between adjacent frames was considered
[9, 10]. The previously mentioned simplification tended to
ignore the potential damage at the point of hinge, which may
have a considerable impact on fragility analysis and risk
assessment of the bridges.

Meanwhile, the provided concrete uniaxial material and
steel uniaxial material, such as Concrete07 and reinforcing
steel in OpenSees [11], are often combined to simulate the
columns. This combination does not take into account the
diversity of column sections, which will undoubtedly reduce
the accuracy of the hysteretic performance of the columns
and increase the error. Because of the important influence of
columns on the overall dynamic characteristics of the bridge
[12-15], the column experiment, which matches with the
actual columns, should be used to obtain the material
constitutive relationship of the columns, so that the obtained
column hysteresis model will be more reliable.

The previously mentioned findings collectively dem-
onstrate that the multiframe prestressed concrete box-girder
bridge has complex characteristics combined with consol-
idation of girder and column and frame structure. For the
bridge with large spans, high columns, and multihinges,
especially, its structural complexity should be very prom-
inent. Consequently, it is indispensable to assess the seismic
fragility of this type of bridge in depth. In spite of quite a few
relevant researches being done, the unsolved question,
particularly regarding the refined intermediate hinge
modeling, still needs to be solved. If this question is
neglected, some damage positions may be missed, and the
potential hidden danger may be caused.

The fragility analysis is a method of risk assessment for
structures [16, 17], which combines two kinds of uncertainties,
the ground motion intensity uncertainty and structural pa-
rameters uncertainty, organically by probability and statistics
algorithm [18]. Damage indexes to limit states are obtained by
the experimental and empirical statistical results, while seismic
demands of structures are obtained through time-history
analysis, and further probabilistic seismic demand models are
established. The fragility analysis, used for predisaster preven-
tion and postdisaster loss assessment, has become the most
efficient and effective approach to risk assessment of structures
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and is adopted extensively in the field of disaster prevention and
mitigation [19, 20].

Considering the limitation of previous works, this study
focuses on a multiframe prestressed concrete box-girder bridge
with eight spans and double intermediate hinges. Elaborate
nonlinear analytical models of this bridge, serving as a template
of simulation to the similar type of bridge, which accounts for
the nonlinear behavior of girders, plug-type hinges, columns,
bearings, and abutments, are developed in the OpenSees
platform. The damage indexes of bridge components are se-
lected scrupulously through data screening and Xtract analysis.
Subsequently, fragility curves of bridge components and bridge
system are developed, while seismic damage exceedance
probabilities are acquired. The study can provide data reference
and theoretical basis for seismic damage assessment and pre-
earthquake protection of the same type of bridges.

2. Numerical Modeling of the Bridge

2.1. Characteristics. A typical bridge (Figure 2(a)), designed
in 1991, built in 1993, and located in California, US, is a
prestressed concrete curved box-girder bridge with eight
spans (Table 1). The superstructure for this prestressed
concrete box-girder curved bridge has a degree of curvature
34° (0.593 rad) and a centerline radius of 914.4 m. Between
the midspan of #2 span and the midspan of #7 span, the
depth of deck section changes from 2.59 m at the midspan to
3.81m at the supported point through parabola, and the
depth of section for any other parts of superstructure is
2.59 m. Figure 2(b) shows the cross section of the two-lane
box girder rigidly connected by bridge columns. All the
columns have different heights with a range from 8.53 m to
42.67 m (Table 2), each connected to a single pile foundation.
On each abutment (Figure 2(c)), two elastomeric pads with
the size of 914 mm X 610 mm x 51 mm are used to support
the vertical loads while allowing horizontal translation
through a frictional surface. Also, two shear keys near the
elastomeric pads in each abutment are placed to restrain the
transverse translation of the superstructure. Each abutment
is supported by a rectangular footing. Figures 2(d)-2(f)
show the plan, cross section, and elevation of the inter-
mediate hinges, located in the #3 and #6 spans, which divide
the bridge into three frames (Figure 2(a)). Two horizontal
elastomeric bearings (Figure 2(e)) are installed to sustain
vertical compression and restrain horizontal shear defor-
mation (i.e., the relative horizontal displacement between
the adjacent decks in the intermediate hinge). Besides, four
transverse compressive pads (Figure 2(e)) are designed to
sustain transverse compression and restrain vertical shear
deformation (i.e., the relative vertical displacement between
the adjacent decks in the intermediate hinge). Figure 2(f)
shows that the girder deck ends in the intermediate hinge
and is connected by longitudinal restrainers. Polystyrene is
stuffed into the gap in the intermediate hinge (Figures 2(d)
and 2(f)).

2.2. Numerical Simulation. In this study, OpenSees program
[21] was employed to simulate the typical bridge. A three-
dimensional numerical model of the typical bridge, the
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constitutive relation of the materials, and the force-dis-
placement relation of the component models are shown in
Figure 3. In order to acquire the response of intermediate
hinge under seismic load, the girder elements were set as a
displacement-based beam-column element considering
elastic and plastic properties. So girders, hinges, columns
and prestressing tendons were all modeled by the elastic-
plastic element, which is different from previous studies
[6-10].

A concrete model, Concrete07, developed by Chang and
Mander [22, 23], was used to simulate the confined and
unconfined concrete in girders, hinges, and columns, il-
lustrated in Figure 3(b).

The column is the most important component that af-
fects the overall seismic performance of the bridge. In order
to improve the accuracy of the column simulation, the

longitudinal steels of columns were modeled through hys-
teretic material in OpenSees, while the concrete was mod-
eled by Concrete07. The hysteretic material parameters were
determined by the following process. An experiment of
column, Lehman 415S [24], with the similar reinforcement
ratio to the typical bridge columns, was simulated by
OpenSees. The hysteretic process of the experimental col-
umn was obtained through pushover analysis. Obviously,
different hysteretic parameters of the longitudinal steels
corresponded to different hysteretic results. Through a large
amount of pushover analysis and trials to column models
with different hysteretic parameters, the hysteretic process of
a simulative column, which was most matching with the
hysteretic process of the experimental column, was screened
out. The hysteretic process of the simulative column and the
backbone curves between the simulative and the
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TaBLE 1: Span length (m).

Spans 1# 2# 3# 4# 5# 6# 7# 8i# Total

Length (m) 48.77 64.01 79.25 79.25 79.25 79.25 64.01 48.77 542.56

TaBLE 2: Column height (m).

Columns 1# 2# 3# 4# 5# 6# 7#
Height (m) 1219 23.16 28.04 3414 42.67 26.82 8.53

experimental columns are shown in Figures 4(a) and 4(b),
respectively. The hysteretic parameters of the longitudinal
steel model of the most matching simulative column are
presented in Table 3. The model of longitudinal steels in
columns is illustrated in Figure 3(c).

A uniaxial Giuffre-Menegotto-Pinto steel material object
[25] with isotropic strain hardening, which can simulate the
initial tensile stress, was used to model the prestressing
tendons through Steel02 material in OpenSees. $siglnit was
used to load the initial stress value of tendons. The pre-
stressing tendon elements were connected to the girder
elements through rigid links.

The model developed by Muthukumar [26] was used to
represent the shearing force and displacement of elastomeric
bearings located at abutments and hinges. Steel0l material
was chosen to establish the bilinear relationship of bearing
zero-length elements, illustrated in Figure 3(d).

In consideration of the supporting reaction in hinges, the
vertical compressive state of the elastomeric bearings in
hinges was simulated. The relationship of compressive force
and displacement of elastomeric bearings in hinges was
captured through the experimental report, “Nonlinear Finite
Element Analysis of Elastomers” [27]. The compressive
stress—strain relationship of the experimental rubber bearing
is listed in Figure 5 [27]. The compressive force and dis-
placement relationship of simulative bearing is listed in
Figure 3(e), where initial stiffness and compressive yield
stiffness was modeled by elastic material and ElasticPPGap
material, respectively. Meanwhile, the parallel material made
two previously constructed materials together.

The bilinear model derived from Hertz model consid-
ering hysteretic damping, referring to the study of
Muthukumar [26] and DesRoches et al. [28], was used to
simulate the pounding performance between abutment and
girder, as well as hinge and girder, illustrated in Figure 3(f).
The bilinear model was modeled using ElasticPPGap ma-
terial in OpenSees platform, and pounding stiffness pa-
rameters were suggested from Nielson’s study [29], where
K;; =586.3(kN/mm)/m, K, =201.73 (kN/mm)/m,
Keg=238.5(kN/mm)/m, A,=2.54 mm, and A,,=25.4mm.

Abutment components, including passive performance,
footing transverse response, bearings, and shear keys, were
simulated in detail below.

The force vs. displacement response of the abutment
backfill was simulated by HyperbolicGap material in
OpenSees, which was proposed by Shamsabadi et al. [30, 31].
The nonlinear relationship between the passive force and the
abutment displacement was tested by using an abutment

model with a backwall height of 1.68 m. The curve between
the passive force and displacement is shown in Figure 3(g),
where, F;; represents the passive force corresponding to the
maximum passive displacement A.,, A,ve represents pas-
sive displacement corresponding to 1/2 of Fy, and Kiy;
represents mean stiffness of soil.

The transverse force vs. displacement response of the
footings beneath the abutments was modeled through soil
springs using hysteretic material in OpenSees, shown in
Figure 3(h), where the yield stiffness and yield displacement
were calculated based on the study of Gazetas and Tassoulas
[32], as well as Gadre and Dobry [33].

The shear keys play an important role in resisting the
transverse seismic load and limiting the transverse dis-
placement of the bridge. In the event of an earthquake, the
shear keys transfer the inertial force of the superstructure to
the abutments and the bent caps; sequentially, the abutments
and the bent caps transfer the force to the foundations. If the
response of the superstructure exceeds the shearing strength
of the shear keys, the transferring function of the shear keys
can be instantly lost. The ElasticPPGap material in OpenSees
was used to simulate the force vs. displacement relationship
of shear keys in abutments, illustrated in Figure 3(i), which
was based on a strut-and-tie analogous model proposed by
Megally et al. [34, 35].

The hinges are located in the #3 and #6 spans of the
bridge, which is about 1/6 span length away from the
supporting point. The form of hinge is upper-lower and left-
right occlusion, called plug-type. The inhibiting devices, set
in the hinges, are used to limit the potential moving dis-
placement, and the gap between hinge and girder is filled
with polystyrene. Longitudinally, restrainers, composed of
28 high strength steel bundles with the diameter of 3.175 cm,
anchored on the concrete on both sides of the hinges. The
restrainers, bearing longitudinal tension, and compression
are used to connect the left and right frames, limit the
longitudinal relative displacement, and restrain the longi-
tudinal collision. Transversely, four transverse compressive
pads, with the size of 838.2 mm x 381 mm X 76.2 mm, are
used to alleviate the lateral relative displacement in order to
restrain the lateral collision, as well as providing vertical
shear strength to inhibit the vertical relative displacement.
Vertically, two elastomeric rubber bearings, with the size of
1447.8 mm x 609.6 mm X 177.8 mm, are used to bear the
compression of the vertical supporting reaction, resist the
transverse shear deformation, and restrain the lateral
collision.

Previous studies [6-10] believed that the overlimited
curvature of concrete cannot occur in hinges, so the hinges
were simulated to linear elastic elements. Meanwhile, most
of the inhibiting devices in hinges were ignored through
connecting the elements rigidly in transverse and vertical
direction, except for the longitudinal restrainer being
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TABLE 3: Parameters of hysteretic material for longitudinal steels in
columns.

Number Parameters Values

1 $s1p $fys

2 $elp 0.003

3 $s2p 1.9+ $fys
4 $e2p 0.13

5 $s3p 0.3+ $fys
6 $e3p 0.28

7 $sln —$fys

8 $eln -0.003
9 $s2n —-1.9x%$fys
10 $e2n -0.13
11 $s3n -0.3%$fys
12 $e3n —-0.28
13 $Pinchx 0.7

14 $Pinchy 0.85

15 $damagel 0.00

16 $damage2 0.33

17 $beta 0.05

'$fys represents the yield strength of steel.

simulated. The previously mentioned simulation can miss
the possibility of bending failure of occlusion concrete in
hinges. However, in the event of earthquake, the huge in-
ertial load, aggravating the reaction force of the supporting
point, results in great bending moment at the root of oc-
clusion concrete in hinge, which can cause the risk of
overlimited curvature [36].

In view of the previously mentioned analysis, the hinges
were simulated elaborately, shown in Figure 6, using dis-
placement-based beam-column element. The slave elements,
generated from the slave nodes, were established to re-
produce the precise positions of the occlusion concrete of the
hinges. In order to integrate the slave nodes with the master
nodes in hinges, Rigidlink constraint was used to connect

two kinds of nodes. Zero-length elements were used to
simulate inhibiting devices, such as elastomeric bearings,
transverse compressive pads, longitudinal restrainers, and
pounding elements in the hinges, as shown in Figure 6.

In the simulation of restrainers, the high strength steel
bundles, which are closely bonded to concrete in most length
range, are considered having an initial slack in the cables.
Once deformation exceeds the slack, the restrainers bear the
tension and compression load. According to the study of
Ramanathan [37], the initial slack conformed to a uniform
distribution bounded between 6.35mm and 25.4mm.
Meanwhile, the length and the material strength of high
strength steel bundle were both considered in simulation,
illustrated in Figure 3(j). UniaxialMaterials of ElasticPPGap
and Parallel were used simultaneously to capture the force
deformation response of restrainer cables.

The pile foundations were simulated through lumped
translational and rotational springs at the bases of the
columns, calculated by LPILE2018 [38].

2.3. Modeling Uncertainties. During the process of design,
the designed parameter of bridge was adopted in a certainty
form, but during the process of construction and serving,
some parameters, like strength, stiffness, geometry, damp,
mass, and so on, showed uncertainty within a range [39, 40].
This kind of uncertainty, called cognitive uncertainty, is
implemented through imitating the uncertainty of param-
eter in finite element model when performing the proba-
bilistic seismic demand analysis. Multidimensional stratified
sampling method, Latin hypercube sampling (LHS), was
adopted to sample the uncertain parameters. The LHS
sample data of 10 selected uncertain parameters, including
the strength of concrete, yield strength of reinforcement,
shear modulus of elastomeric pad, longitudinal gap of
abutment, transverse gap of shear key, gap inside hinge,
length of restrainer, restrainer initial slack, mass, damping
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coefficient, were proposed by the work of Ramanathan [37]
and Yang et al. [41], as shown in Table 4.

In Table 4, y and ¢ are mean value and dispersion for
normal distribution, and A and { are mean value and dis-
persion for log-normal distribution, respectively. Mean-
while, up and lo are the upper limit value and lower limit
value for uniform distribution, respectively.

3. Methodology

3.1. Probabilistic Seismic Demand Model. In order to esti-
mate the damage to structure during earthquake, fragility
analysis has been investigated to represent the probability
that the seismic response (D) of an engineering demand
parameter (EDP) reaches or exceeds a certain limit state (L)
under the ground motion with a given intensity index (IM).
The demand and capacity both follow a logarithmic normal
distribution [37, 41], and a peak ground acceleration (PGA)
was selected to be the IM of ground motions [41-43]. Single
component fragility can be acquired as follows:

In Sp —1n S

> (1
\/ﬂ%)llM + /5%5

where Dgpp and Lg represent the demand and capacity, Sp
and fpjv represent the median value and the logarithmic
standard deviation of demand, S;; and f;s represent the
median value and the logarithmic standard deviation of
capacity, and ®@[#] represents the standard normal cumu-
lative distribution function.

The relationship between IM and Sp can be formulated
based on the following:

P[Dppp > L[IM] = @

Sp = a(IM)?, (2)

where a and b are the regression coefficients, determined by
a linear regression from a series of D; and IM; corresponding
to each time-history analysis of the bridge model and D;
represents the mean value of peak response of an EDP
among the same component of structure under a seismic
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load. The logarithmic standard deviation of demand can be
formulated based on the following:

n

Jzﬁl [In (D)) - ln(alM?)]z_ (3)

ﬂDIIM N_2

Therefore, the fragility of every bridge component can be
expressed by the probability distribution of demand, which
is a function related to IM [11], called the probabilistic
seismic demand model (PSDM). In previous studies [44, 45],
the fragility curves of single component such as curvature of
column and displacement of girder were often used to
represent the fragility of the entire bridge system, which
could underestimate the fragility of bridge system [46, 47]
through replacing the system with a single component. In
order to take into account the influence of each component
accurately during the seismic evaluation, the joint proba-
bility distribution function of seismic demand for the
components should be established. In this study, more
consideration was given to the correlation between com-
ponent failure states, so Monte Carlo sampling method
[48, 49], due to the strong ability to deal with nonlinear
problems and high estimation accuracy [50, 51], was used to
develop the fragility of bridge system.

3.2. Components’ Selection. The fragility of bridge compo-
nents affects not only the evaluation for local damage state of
the bridge, but also the evaluation for overall damage state of
the bridge. Therefore, bridge components need to be in-
vestigated elaborately. In this study, column, abutment
passive performance, abutment transverse response, abut-
ment bearing, abutment shear key, hinge restrainer, and
plug-type concrete structure in hinge were selected to be
assessable components.

The influence of column on the stability and the load
capacity of the bridge is prominent, so the curvature ductility
was unquestionably classified as the primary component.
Longitudinal deformation of bearing at abutment is severely
related to the unseating of the bridge, so abutment bearing
was categorized as the primary component, accompanied by
setting unseating size as the complete limit state median
value. Hinge restrainer, a key component that drives the two
adjacent frames vibrating collectively, which greatly influ-
ences the overall vibration characteristics and the seismic
damage state of the bridge, can be categorized as the primary
component. The plug-type concrete structure of hinge, a
position that is often overlooked and rarely investigated in
detail, is subjected to a large vertical supporting reaction in
the static state [36]. When an earthquake occurs, the large
curvature in z direction in this position, produced by
bending moment resulting from the supporting reaction, is
liable to give rise to bending failure. In the ultimate limit
state, the bending fracture is likely to occur in this position,
which can result in unseating in hinge. In consideration of
the importance of this position, the curvature ductility in z
direction of elements 2 and 3 of the hinge model, shown in
Figure 6, was set to be the primary component, called HmcZ
for short. Under seismic load, the character of deviation to
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TaBLE 4: Distributions and random variables in bridge modeling.

Modeling parameters

Probability distributions

Distribution parameters

1 2

Unconfined concrete strength (MPa) Normal u=2210 0=4.26
Steel yield strength (MPa) Log-normal A=6.13 (=0.08
Shear modulus of bearing (MPa) Uniform lo=0.94 up=1.36
Gap (abutment) (mm) Uniform lo=0.00 up =50.80
Gap (shear key) (mm) Uniform lo=0.00 up =25.40
Gap (hinge) (mm) Uniform lo=50.80 up = 101.60
Length of restrainer (mm) Uniform lo=3556 up =4064
Initial slack of restrainer (mm) Uniform lo=6.35 up =25.40
Mass Uniform lo=0.9 up=11
Damp coeflicient Normal u=0.045 0=0.0125

the outer edge of the curve makes the hinge have an evident
lateral bending tendency in the position of plug-type con-
crete structure that may cause the hinge unseating. To sum
up, curvature ductility in y direction of elements 2 and 3 of
the hinge model, shown in Figure 6, was also set to be the
primary component, called HmcY for short.

During nonlinear failure, on account of the minor in-
fluence on bridge system, other components, including
abutment passive performance, abutment transverse re-
sponse, and abutment shear keys, were classified as the
secondary component.

3.3. Limit State Capacities. The experimental results and
criterion data were identified and selected repeatedly and
scrupulously in order to determine the damage descriptions
and the damage indexes of bridge components in the limit

states at all levels. The limit states were set as four levels,
including slight, moderate, extensive, and complete damage,
according to Abbasi and Moustafa [11], Ramanathan [37],
and Yang et al. [41]. In this study, the primary components
contributed to all four limit states [52, 53] when performing
the fragility analysis of bridge system, while the secondary
components contributed only to the slight and moderate
limit states. Nevertheless, the secondary components, the
same as the primary components, contributed to all four
limit states when performing the fragility analysis of com-
ponents. The limit states of the components are assumed to
follow a log-normal distribution. The median value of the
distribution has a great influence on the accuracy of fragility
analysis. The defined process of the median values for
damage indexes of eight components is as follows.

The proposed values from previous studies were often
used to represent the median values of limit states for
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column in order to simplify the fragility analysis. Although
the data tended to be reasonable within a certain range, the
diversity in the form of reinforcement, the size of steel bar,
and the size of cross section for columns led to the difference
in median values of the limit states for different columns.
Therefore, this study performed moment-curvature analysis
for seven columns, and the analysis results were regarded as
median value of limit states for columns. According to the
research of Zhang [54], the damage states of four limit states
of columns can be quantified as follows: longitudinal re-
inforcement yields, concrete compressive strain reaching
0.005, concrete compressive strain reaching 0.011 and the
curvature reaching 0.8y, (ultimate curvature). Moment-
curvature analysis [55] of column #1 to column #7 was
performed, using Xtract, to acquire the effective yield cur-
vature and ultimate curvature, shown as Table 5. During
analysis, axial load is equal to the dead load of the bridge
assigned to every column. Moment-curvature analysis for
columns is illustrated in Figure 7. According to the defi-
nition of curvature ductility, 4 is the quotient of actual
curvature divided by corresponding effective yield curvature
during moment-curvature analysis. Table 6 lists the quan-
tified value y of each limit state from column #1, column #3,
column #5, and column #7, which corresponds to the result
of Ramanathan [37] for post-1990 ductile column. There-
fore, the mean values of y from column #1 to column #7 are
used as the proposed median values eventually.

For the component of abutment passive performance,
19.5 mm is the proposed median value of slight state, which
corresponded to the placement of 1/2 ultimate force of
Shamsabadi’s model [30, 31], shown in Figure 3(g). Refer-
ring to the specification of Hazus ®MH 4 Technical Manual
[56], 50.8 mm is used to represent the median value of
moderate state, summarized from the following provision:
“moderate damage of the abutment is defined by moderate
movement (<2)”. 76.2 mm corresponds to the median value
of extensive state, which was used to represent CDT-0 by
Ramanathan [37]. The median value, 228.6 mm, of complete
state is obtained from displacement of y,,,, that came from
Shamsabadi’s model [30, 31].

The median value of slight, moderate, and extensive
states for the component of abutment footing transverse
response, referred from Gadre and Dobry’s model [33],
shown in Figure 3(h), is 7.6 mm, 25.4mm, 50.8 mm re-
spectively. 101.6 mm, which came from Ramanathan [37]
proposed value for CDT-1, is used to represent the median
value of complete state.

According to the study by Ramanathan [37], the bearing
pads remain elastic until about 100% shear strain and experi-
ence significant damage and tearing over 300 to 350% shear
strain. According to the thickness of abutment bearings,
51.0mm, the median values of bearings for the slight and
extensive states are proposed to be 51.0mm and 153.0 mm.
Based on the provision of “the maximum shear strain resisted
by elastomeric pads prior to failure is estimated at + %150” from
“Caltrans Seismic Design Criteria Version 1.6” [57], 76.5 mm is
used to represent the median value of moderate state. The size of
unseating in abutment, 914.4 m, is used to represent the median
value of the complete state.

Shock and Vibration

The proposed median values of shear keys for four limit
states are calculated from Megally’s model [34], shown as
Figure 3(i). The calculation is as follows: (D, +Gap)/
2=17.2mm, which is for median value of slight state;
D, =21.6 mm, which is for median value of moderate state;
(Dmax + Dy)/2=542.3 mm, which is for median value of
extensive state; Dy, = 1063.0 mm, which is for median value
of complete state.

The median values of hinge restrainers are as follows:
according to the study by Ramanathan [37], “the CDT-0 and
CDT-1 values are set at 75% and 200% of the yield dis-
placement,” and therefore, the median values of the slight
and extensive state are proposed to be 27.3mm and
46.4 mm. The median value of moderate state is equal to the
yield displacement of restrainers, 31.1 mm. The ultimate
deformation of restrainers, 358.8 mm, which corresponds to
the ultimate tensile strain of 0.09, is used to represent the
median value of the complete state. The proposed median
values include the slack of restrainers.

Similar to the columns, Xtract was used to implement
moment-curvature analysis for hinges 1 and 2; the ef-
fective yield curvature and the ultimate curvature are
obtained, shown in Table 7. Axial load is equal to the
longitudinal axial force of the bridge. Moment-curvature
analysis for hinge elements is illustrated in Figure 8.
Through moment-curvature analysis, concrete com-
pressive strain at the root of occlusion concrete in hinge
(elements 2 and 3) cannot reach 0.011, so the damage
states of four limit states of the hinges can be quantified as
follows: cracking, longitudinal reinforcement yields,
concrete compressive strain reaching 0.005, and the
curvature reaching 0.8 p., (ultimate curvature). Cur-
vature ductility of hinge is defined as the quotient of
actual curvature divided by effective yield curvature,
which was transplanted from column. Table 8 lists HmcZ
and HmcY from the moment-curvature analysis and the
corresponding damage description. Moreover, the pro-
posed median values of curvature ductility for every limit
state were extracted referring to analysis result.

Followed from Ramanathan [37] and Abbasi and
Moustafa [11], 0.35 was adopted to represent the dispersion
values of log-normal distribution for every component in
four limit states, which was proved to be the good estimated
value. The proposed median values (med) and dispersion
values (disp) of bridge components are listed in Table 9.

4. Seismic Fragility Assessment

4.1. Ground Motions. A bin of 48 ground motions, col-
lected from the Rix and Fernandez [58], was used to
perform the nonlinear time-history analysis to the typical
bridge model. Through each model paired with a set of
parameters from Latin hypercube sample, shown as Ta-
ble 4, 48 groups of typical bridge models, with different
material, stiffness, geometry, damp, and mass parameters,
were formed to match with 48 ground motions. There-
fore, a set of 48 time-history analyses was performed in
the typical bridge model to acquire the peak demand of
every component.
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TABLE 5: Moment-curvature analysis qualitative description of columns.
Columns #1 #2 #3 #4 #5 #6 #7
Axial load (kN) 16424 21472 25059 25255 27839 22209 15607
Effective yield curvature (107 1/mm) 1.44 1.46 1.48 1.48 1.55 1.47 1.43
Ultimate curvature (107 1/mm) 29.04 27.24 25.66 25.60 23.34 26.95 29.65
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FIGURE 7: Schematic diagram of moment-curvature analysis for columns.

TaBLE 6: Curvature ductility of columns for each limit state.

Calculated values

Limit Description Ramanathan’s proposed ~ Proposed
state p Column  Column  Column  Column values values
#1 #1 #5 #7
Slight Longitudinal reinforcement 0.9 1.0 0.8 0.9 1.0 0.9
yields

Moderate ~ COMCTete compressivestrain 3 o, 35 39 59,36 44 40 40
reaches 0.005

Extensive ~ COMCTele compressive strain o0 1y 0 g5 g0, 8.3 111 8.0 9.0
reaches 0.011

Complete Curvature reaches 0.844,x 16.0 13.9 12.1 16.5 12.0 14.0

TABLE 7: Moment-curvature analysis qualitative description of
hinges.

Hinges 1, 2 My Mz
Axial load (kN) 1598 1598
Effective yield curvature (107 1/mm) 1.66 2.20
Ultimate curvature (107 1/mm) 50.79 66.34

4.2. Seismic Fragility Parameters. The fragility curves in each
limit state are mainly determined by two parameters, median
value (As), and dispersion value (ff) of log-normal distri-
bution. The corresponding parameters for bridge system and
components are listed in Table 10.

The difference of fragility curves for the system and
components can be intuitively evaluated by the histograms
of median IM value in fragility function. The median PGA
values of bridge system and each component are shown in
Figure 9. As illustrated in Figure 9, the bridge system has the
lowest median PGA value, compared with any other com-
ponents, across the four limit states, which indicates that the
system is more vulnerable than any other components that

are consistent with the research results of previous studies
(11, 37, 41].

As found in Figure 9(a), the median PGA values of Abts
and Hs are low and closest to the median PGA value of
bridge system in the slight and moderate limit states, which
demonstrates that the probabilities of exceeding slight and
moderate limit states to the abutment transverse response
and the hinge restrainers are large, while these two com-
ponents are dominant to bridge system fragility in the
previously mentioned two states. The median PGA value of
HmcZ is low and much lower than that of HmcY, which
indicates that, in the slight and moderate limit states, cur-
vature ductility in z direction of plug-type concrete structure
in hinge exhibits a higher fragility than that in y direction.

With reference to Figure 9(b), column and Hs have
the lowest median PGA values in the extensive limit state,
which demonstrates that the components have the
greatest probability of exceeding the extensive limit state.
Further, the median PGA value of Hs is the closest to that
of bridge system, indicating that the hinge restrainers
have the most dominant influence on the vulnerability of
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FIGURE 8: Schematic diagram of moment-curvature analysis for hinges. (a) HmcZ. (b) HmcY.

bridge system in the previously mentioned state.
Figure 9(b) also shows that the median PGA value of
column, among all primary components, is the lowest in
the complete limit state, indicating that the probability of
exceeding the complete limit state to column is the largest
and column exhibits maximum vulnerability. Based on
Figures 9(a) and 9(b), along with the aggravating of the
damage state gradually, the median PGA values of col-
umn and that of bridge system match gradually and are
nearly equal in the complete limit state, which demon-
strates that, according to the damage degree aggravation,
column is increasingly dominant to bridge system fra-
gility. According to Figure 9(b), in the extensive and
complete limit state, both HmcZ and HmcY exhibit the
high median PGA values, suggesting that the damage
probabilities of curvature ductility of plug-type concrete
structure in hinge are intensely low. Abb exhibits the
intensely large median PGA values in the previously
mentioned two states, indicating that the probability of
exceeding the extensive state and complete state to
abutment bearings is extremely low so that the proba-
bility of unseating failure hardly happens at abutment.
The large median PGA value of Hs in the complete limit

state signifies the probability of deformation of the hinge
restrainers attaining to the ultimate is exceedingly low.

4.3. Seismic Fragility Assessment. The probabilistic seismic
demand model of the typical bridge subjected to the suite of
synthetic seismic loads was established through performing
nonlinear time-history analysis, and the seismic fragility
curves of bridge system and components are developed in
Figures 10 and 11. The fragility analysis is discussed as
follows.

As illustrated in Figure 10(a), column, Hs, and HmcZ
exhibit the high probability of exceeding the slight limit
state. Although Abb and HmcY are not the most vulnerable
components, they still have a certain damage exceedance
probability in the slight limit state. The fragility curves
shown in Figure 10(a), along with the description of the limit
states for HmcZ and HmcY discussed in Table 8, demon-
strate that the hinge has the risk of the transverse and vertical
cracks generating at the root of element next to the sup-
porting point. The risk probability of transverse cracks
generating is higher than that of vertical cracks due to the
large supporting reaction.
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TaBLE 8: Curvature ductility of hinges for every limit state.

L L HmcY HmcZ
Limit state Description
Calculated values Proposed values Calculated values Proposed values
Slight Cracking 0.15 0.15 0.15 0.15
Moderate Longitudinal reinforcement yields 1.0 1.0 0.8 1.0
Extensive Concrete compressive strain reaches 0.005 18.9~23.3 19.0 18.7~23.0 19.0
Complete Curvature reaches 0.844m,x 24.4 24.0 24.2 24.0
TABLE 9: Limit states of bridge components.
C o . Slight Moderate Extensive Complete
omponents Abbreviation Units ) ] ) )
Med Disp Med Disp Med Disp Med Disp
1 Pri Column Column g 090 035 4.0 0.35 9.0 0.35 14.0 0.35
2 Sec Abutment passive Abss mm 19.5 0.35 50.8 0.35 76.2 (1000) 0.35 228.6 (1000) 0.35
3 Sec  Abutment trans Abts mm 7.6 035 254 0.35 50.8 (1000) 0.35 101.6 (1000) 0.35
4 Pri Abutment bearing Abb mm 51.0 035 76,5 0.35 153.0 0.35 914.4 0.35
5 Sec Abutment shear key Absk mm 172 0.35 21.6 0.35 542.3 (1000) 0.35 1063.0 0.35
6 Pri  Hinge restrainer Hs mm 273 035 311 0.35 46.4 0.35 358.8 0.35
7 Pri Hinge My (Ele2, 3) HmcY y 015 035 1.0 0.35 19.0 0.35 24.0 0.35
8 Pri Hinge Mz (Ele2, 3) HmcZ U 0.15 035 1.0 0.35 19.0 0.35 24.0 0.35
""The values in () are used for fragility analysis of bridge components.
*The values outside ( ) are used for fragility analysis of bridge system.
TaBLE 10: Fragility parameters for bridge system and components.
Slight Moderate Extensive Complete
System and components
Ar (9) Br A (9) Br A (9) Br A (9) B
System 0.022 0.418 0.059 0.524 0.246 0.878 1.128 0.395
Column 0.180 0.399 0.504 0.399 0.882 0.399 1.197 0.399
Abss 0.219 0.971 0.490 0.971 — — — —
Abts 0.023 0.458 0.065 0.458 — — — —
Abb 0.377 1.490 1.726 1.490 23.26 1.490 Huge 1.490
Absk 1.297 2.075 2.350 2.075 — — — —
Hs 0.097 1.040 0.122 1.040 0.240 1.040 7.956 1.040
HmcY 0.846 0.755 4.191 0.755 50.21 0.755 61.143 0.755
HmcZ 0.130 0.624 0.634 0.624 7.407 0.624 9.002 0.624

Based on Figure 10(b), in the moderate limit state,
column and Hs are the most vulnerable components, while
Abb and HmcZ have certain vulnerability in contrast to the
low vulnerability of HmcY. The previously mentioned re-
sults indicate that, under seismic load, the deformation of
abutment bearings has a risk of exceeding 1.5 times thickness
and the hinge has a risk of longitudinal steels yielding at the
root of element next to the supporting point. The risk
probability of longitudinal steels yielding is greater at the
bottom of section than that at its side in hinge.

As shown in Figure 10(c), in the extensive limit state,
column and Hs are still the most vulnerable components.
Abb, HmcZ, and HmcY are less vulnerable and have a low
probability of exceeding the limit state. The results dem-
onstrate that the deformation of abutment bearings has a low
risk of exceeding 3.0 times thickness, and hinges exhibit a
low risk of reaching states like shearing cracks, concrete
spalling, and section cracks expanding.

According to Figure 10(d), in the complete limit state,
the fragility of column, which is high, is close to that of
bridge system. Nevertheless, the vulnerabilities of other

primary components are low, indicating that the damage of
Abb, Hs, HmcY, and HmcZ could hardly exceed the
complete limit state. The discussion demonstrates that the
probability of the unseating failure at abutment and hinge is
extremely low and the fracture failure at the intermediate
hinge can hardly be generated.

Figures 11(a) and 11(b) illustrate that the fragility curves
of bridge system and the fragility curves of Abts overlap
fundamentally in the slight and moderate limit states, which
indicates that Abts has the most prominent influence on the
fragility of bridge system in these two limit states.

According to Figures 11(c) and 11(d), in the extensive
and complete limit states, the fragility of Absk is basically
zero, which demonstrates the probabilities that shear keys
exceed the extensive and complete limit states are very
little. Shear keys with lateral large stiffness transfer the
inertial force from superstructure to abutment smoothly,
which cannot generate the relative lateral misplaced
failure between abutment and superstructure. Never-
theless, the inertial force from superstructure will be
transmitted to the abutment foundation through the
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shear keys, which could result in the huge damage of
abutment transverse response.

5. Summary and Conclusions

Fragility assessment of a multiframe prestressed concrete
box-girder bridge with intermediate hinges, located in
California, was performed in this study. Elaborate modeling
along with definition of damage indexes for components
could be used as a template to the similar type of bridge.
Through fragility analysis of bridge system and components,
the following conclusions can be obtained.

Column exhibits high fragility across all four limit states.
Moreover, in the complete limit state, column fragility is
extremely close to bridge system fragility, which indicates
that bridge system fragility is gradually determined by
columns along with aggravating of damage state. Abb ex-
hibits certain fragility in the slight and moderate limit states,
while the fragility is intensely low, almost zero, in the ex-
tensive and complete limit states, which manifests that the
deformation of abutment bearings is arduous to exceed 3.0
times thickness, and the probability of unseating occurring
at abutment is virtually impossible. Hs has high fragility
across the three limit states of slight, moderate, and ex-
tensive, while, in the complete limit state, the fragility is
intensely low, almost zero, which indicates that the prob-
ability of ultimate deformation occurring at intermediate
hinge is extremely low. HmcZ has high fragility in the slight
limit state, certain fragility in the moderate state, and almost
no fragility in the extensive and complete state. HmcY has
certain fragility in the slight limit state, low fragility in the
moderate state, and almost no fragility in the extensive and
complete state.

The fragility results demonstrate that transverse and
vertical cracks are generated at intermediate hinges with a
high probability during earthquake; meanwhile, the
probability of generating transverse cracks is greater than
that of generating vertical cracks. Besides, there is a risk
of longitudinal steels yielding in these positions, which is
greater at the bottom of section than that at its side. It can
be speculated that the large reaction force from sup-
porting point could give rise to the large bending moment
at the bottom of intermediate hinges, which would raise
the risk of fracture failure in these positions. Obviously,
seismic damage probability in the plug-type hinge exists
deterministically, especially in the slight limit state and
moderate limit state, which cannot be ignored. Con-
struction errors, which may result in size deviation of
hinges or installation deviation of inhibiting devices in
hinges, could greatly affect the fragility of intermediate
hinges and even threaten the safety of the whole bridge.
Among all errors, the deviation of elastomeric bearings in
hinges could lead to the most serious influence on the
bridge.
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Based on the dissipation rate conservation equations of turbulent kinetic energy in the k-¢ turbulence model, a complicated three-
dimensional finite element model of a kitchen filled with gas mixture is developed by using the open source field operation and
manipulation (OpenFOAM). Two representative kitchens were used to investigate the propagation law of the shock wave of a gas
explosion inside a building by considering the key characteristics of the blast shock wave. The influence of some crucial parameters,
such as initial conditions and kitchen parameters, on the properties of the blast shock wave is investigated. The basic steps to predict
the peak pressure of the blast shock wave are given in consideration of the initial condition and the kitchen whilst the injury effect of
the blast shock wave on the humans and animals is evaluated. The research results indicate that the pressure time history and the peak
pressure space distribution are greatly influenced by the kitchen design layout. The coupled interaction between the initial tem-
perature and gas volume concentration, especially at the upper and lower explosion limits of the gas, significantly affects the peak
pressure. The peak pressure varies significantly with the opening and the buffer; however, it has little relation with the width, length,
and height of the kitchen. The proposed method can accurately and effectively predict the peak pressure of the blast shock wave inside
buildings. In terms of the peak pressure space distribution of the explosion shock wave, the peak pressure is much higher than the
threshold of the killing pressure, which is unsafe for the humans and animals in the building.

1. Introduction

With the acceleration of the urbanization process, urban gas
gradually becomes an important part of the energy in cit-
izen’s daily life over the last few decades [1, 2] resulting from
its irreplaceable advantages, such as high efficiency, clean-
ness and cheapness. Urban gases mainly include natural gas,
manufactured gas, liquefied petroleum gas and marsh gas
which are flammable and explosive. Urban gas leakage in the
process of being used is very likely to cause an explosion
inside a building and easily leads to a chain of disastrous
consequences [3, 4]. Therefore, the research into the
propagation law of the shock wave of a gas explosion inside

buildings has been widely concerned by the researchers and
engineers in this field [5].

Many theoretical analyses, experiment studies and nu-
merical simulations have been conducted to investigate the
injury effect on the living beings based on North Atlantic
Treaty Organization and Department of Defense specifica-
tions [6, 7]. The basic characteristics of the blast shock wave
in free air have been investigated, such as the time and space
attenuation model of the pressure [8] and the impulse [8, 9].
However, the researches concerning the propagation law of
the blast shock wave caused by an explosive charge or gas
explosion inside a building are few. As far as the building
structures are concerned, considering the multiple
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propagation patterns of the blast shock wave and the geo-
metrical conditions of the underground transportation in-
frastructure, Pennetier et al. [10] determined the position of
this transition spherical-to-planar wave propagation in a
tunnel using both numerical simulations and scale model
tests and verified the dedicated law proposed by himself. By
considering the effects of stairs, pillars, and wall materials,
Ma et al. [11] discussed the propagation law of the blast
shock wave in a metro station, and estimated the harm on
the human health. A few prevention measures against an
explosion scenario to reduce the killing effect on the humans
were proposed. Edri et al. [12] conducted experimental,
analytical, and numerical studies to investigate an explosion
in an enclosed space, which significantly benefitted the
advancement of knowledge regarding this subject.

Additionally, the studies regarding the propagation law
of the blast shock wave resulted from a gas explosion are very
few. By using the reliable commercial computational fluid
dynamics (CFD) software FLACS, Ji and Wang [13, 14]
successfully predicted the formation process of the natural
gas cloud due to the pipeline leakage inside and outside the
building and accurately reproduced the gas explosion ac-
cident scene that had happened. With the help of the CFD
numerical simulation method, Wang et al. [15] mainly
analyzed the gas leakage and diffusion, blast shock wave, and
flame propagation process of a real gas explosion inside the
building, and discussed about the reason for this accident
through it. Based on the characteristics of the building
structure, Li et al. [16] proposed a hybrid method that
combines the numerical simulation and the analytical so-
lutions to predict the internal and external pressures from
the vented gas explosion in a large enclosure, and verified the
reliability and accuracy of this method by the experimental
data.

From the aforementioned reference review, the existing
researches on this subject mainly concentrate on the
propagation process of the blast shock wave in a particular
space, but lack of the properties of the blast shock wave itself.
Concurrently, several research problems associated with the
propagation law of the blast shock wave caused by a gas
explosion remain unclear as a result of the limitations of the
study subjects and the experimental conditions.

In view of the above and some typical urban gas ex-
plosion incidents [13-15, 17] in recent years, a series of
numerical simulation analyses are conducted on kitchen to
investigate the influence of the initial condition on the
properties of the blast shock wave. A new method is pro-
posed herein to estimate the properties of the blast shock
wave inside the building. This present study can provide the
technological support and theoretical basis for the potential
risk assessment on the living beings [18].

2. Finite element model of the kitchen

2.1. Kitchen scheme. In order to explore the propagation law
of the shock wave of a gas explosion inside a building, two
representative kitchens [19-22] are introduced in this study,
as shown in Figure 1. As far as Scheme 1 is concerned, the
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kitchen is enclosed on three sides by the filling wall and faces
the dining and living room on the fourth side. It can be
defined by three parameters: kitchen width, w; = 2500 mmy;
kitchen length, I, = 2500 mm; and kitchen height, h; =
3600 mm. As for Scheme 2, three sides are also surrounded
by the filling wall and one side is adjacent to the buffer zone,
which is often used as the toilet, storage room, etc. It can be
defined by four parameters: kitchen width, w;, = 2500 mm;
kitchen length, [, = 2500 mm; kitchen height, /; = 3600 mm;
and buffer length, I, = 2000 mm. The dimensions of the door
and window openings are 1000 mm X 2400 mm and
900 mm x 1800 mm, respectively. Thus, the window hole
ratio of the wall is as follows: A, = 18%. The air is mixed with
the urban gas in certain proportion to form the gas mixture
with the initial temperature of 25 °C and initial pressure of
101.325 kPa. The kitchen is filled with the gas mixture that is
ignited with temperature of 2000 °C at the center of it.

2.2. Basic theory. Along with the development of modern
computers, the computational fluid dynamics is widely used
in solving a variety of complicated problems in fluid me-
chanics. It can accurately predict a wide range of physical
phenomena of the fluid, such as fluid flow, heat transfer,
mass transfer, chemical reaction and so on.

2.2.1. Governing equations. Urban gas explosion in the
kitchen can be regard as a swift and violent combustion process
[23]. This section describes the mathematical model for it,
which mainly includes a set of the governing equations [24, 25],
such as the equations for conservation of mass, momentum,
energy, chemical specie, turbulent kinetic energy and its dis-
sipation rate. In the Cartesian coordinate system, these
equations are presented in partial differential form as follow.

The mass conservation equation (continuity equation) is:

0 0
E(P)ﬂLafxi(PVi):o’ (1)

where p is the mass density; v; is the velocity component in
i-direction; x;is the global Cartesian coordinate; and ¢ is the
time.

The momentum conservation equation (Navier-Stokes

equation) is:

2 2 2 2 N
= (i) + aTCi(P"i"f) = ax, (p)+ ‘—Txi(fij) + Pk; Yifip

(2)

where p is the static pressure; 7;; is the deviatoric stress
tensor; Yy is the mass fraction of chemical specie k; and
fkj is the volume force acting on the chemical specie k in
j-direction.

In the above equation, the deviatoric stress tensor can be
defined as follows:

2 0 dv; v,
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FiGure 1: Kitchen prototype. (a) Scheme 1 (b) Scheme 2

where u is the dynamic viscosity; and §;; is the Kronecker
Delta function.
The energy (enthalpy) conservation equation is:

0 0 _Dp og ou; S
5 (Ph) + o (pv;h) = D ax Tija—xj +Q+p Y VifiiVii

k=1
(4)

where h is the enthalpy; D/Dt is the substantial derivative
operator; g; is the energy flux; Q is the heat source term; and
Vi is the i-component of the diffusion velocity Vi of
chemical specie k.
The conservation equation of mass fraction of chemical
specie is:
0 0 .
5 (PYi) 5 [p(vi + Vis)Yi] = o (5)
1
where w,. is the reaction rate of chemical specie k.
In addition, the turbulent kinetic energy and its dissi-

pation rate conservation equations [26] need to be satisfied
in the k-¢ turbulence model, and can be written as follows:

d d 0 u,\ ok
E(Pk)Jra—xi(PVik) _$[<#+_>D_xi] + Py~ pe,

i Ok

0 0 0 U\ oe | e
5 (Pe)+ ax, (pvie) = ox, [(# + U:) a—l] + 1 (CiPi = Cope),
(6)

where k and & are the turbulent kinetic energy and its
dissipation rate, respectively; ox and o, are the k-¢ model
constants, respectively; y; is the turbulent viscosity; Py is the
production rate of the turbulent kinetic energy; and C; and
C, are all the non-dimensional constants.

The un-burnt gas is pushed ahead of the flame and the
flame consumes the un-burnt gas. It produces a large

amount of high temperature and high pressure gases in
accompany with the complicated chemical kinetic equilib-
rium processes between these detonation products. Thus, the
turbulent flow field is generated. The explosion pressure rises
sharply and the detonation products expand dramatically.
After that, the explosion pressure decreases greatly with the
increase in volume expansion of the detonation products.
Simultaneously, they are converted gradually to the ideal gas.
This expansion can be up to 8-9 times the initial volume.

The equation of state of the detonation products is a
complicated function of pressure, density and temperature.
Up to now, the empirical or semi-empirical equation of state
is mainly used. The main reason for this is that it is difficult
to be determined directly by using the test method. The
BKW equation of state [27] is introduced in this study and
can be described as follows:

% =1+ xe™, (7)
where
k
YTV T o)
(8)

N
k=x Z x,k,.
n=1

Here V,, is the molar gas volume; R is the universal gas
coefficient; T is the absolute temperature; x, is the mole
fraction of component n; and «, f3, k, 0, and k,, are the
constants.

The ideal gas is used in many applications of the existing
finite element analysis software, for instance, FLACS,
AutoReaGas, LS-DYNA and AUTODYN. The corre-
sponding equation of state is derived from the laws of Boyle
and Gay-Lussac [28] and can be expressed as follows:



pW,, = pRT, (9)

where W, is the molar weight of the gas mixture.

2.2.2. Other details. The solution algorithm used in the
software OpenFOAM is the PIMPLE (merged PISO-SIM-
PLE) algorithm that is a combination of the pressure-im-
plicit with splitting of operators (PISO) algorithm [29] and
the semi-implicit method for pressure-linked equations
(SIMPLE) algorithm. This algorithm has one predictor and
two or three correctors. Thus, the mass and momentum
conservation equations can be better satisfied, and simul-
taneously the convergence is accelerated at each iteration
step. It is iterative procedure for solving the governing
equations for the velocity and the pressure, which are used as
the dependent variables. The practice has proved that it
requires some extra storage space, but it is very fast and
efficient. It is well-suited for the gas explosion scenario in
OpenFOAM.

The turbulence models (e.g. standard k-¢ model, RNG
Turbulence model, NKE Turbulence model, GIR Turbulence
model, SZL Turbulence model, standard k-w model, SST
Turbulence model, etc.) are invalid immediately adjacent to
the wall, since the viscous force dominates the inertial effect.
Therefore, the wall function is introduced in this context to
improve the modeling of the flow field in the near-wall
region. The wall function has been tested on the low Rey-
nolds number benchmark cases, and the good agreement
between the published benchmark results and the Open-
FOAM results is obtained [30].

The boundary conditions of the gas and air computation
domain next to the filling wall and floor slab are the wall
boundary for the velocity, meaning a fixed or stationary wall.
All the others (including the door and window openings) are
the zeroGradient boundary for the pressure, with the im-
plication that the normal gradient of the pressure is the zero.

3. Model validation

In order to verify the validity of the finite element model and
the corresponding analysis method, the propagation process
of the shock wave of a methane/air or hydrogen/air mixture
explosion reported in the reference [31] is simulated by using
the finite element analysis method mentioned above.

In this validation study, there are two test chambers,
which are measured to be 4.6 m x 4.6 m x 3.0 m and about
64 m® in volume. They all have a square vent on the wall.
Chamber I is 2.7 m* and Chamber II is 5.4 m>. They are
filled with the premixed hydrogen/air, methane/air or
propane/air mixture, and the hydrogen, methane or pro-
pane gas volume concentration is about 18%, 9.5% or 4%,
respectively. There is one pressure sensor (PS) to monitor
the pressure on the wall. PS is attached to the wall at a
height of 1.5 meters above the ground, as depicted in Fig. 2.
In addition, there are two ignition points (IP1 for Chamber
I and IP2 for Chamber II) that are all at a height of 1.5 m
above the ground, as shown in Figure 2. The electric ig-
nition system is used in the gas explosion experiment, and

Shock and Vibration

:
1
1
1
1
1
1
1
1
1
1
1
3 i
1
1
!
1
P11 P2
T N Hel-4600--
L, !
1
:
1
1
1
1
A !
1
1
1
1
;
|
PS!
(@)
4600

FiGure 2: Test chamber.

the energy of the ignition is around 1000 J. High-speed line-
scanning cameras are applied to capture more details of the
gas explosion experiment.

Figure 3 describes the pressure time histories from ex-
perimental data and numerical simulation results. The
maximum relative deviations between them are all less than
5% indicating that the numerical simulation results are in
good agreement with the experimental data. There are three
main reasons accounting for the difference between the test
and simulated results. Firstly, the chamber is easy to deform
slightly due to the gas explosion, thus affecting the mea-
surement accuracy of the pressure sensor. Secondly, the
ignition system is very hard to be simulated perfectly by
using an ignition temperature. Thirdly, in general, a tiny
quantity of the combustible and explosive gases of other type
except the methane or hydrogen gas exists in the test.

4. Characteristics of the blast shock wave

Figure 4 describes the pressure time history of the blast
shock wave of the measured point O in Fig. 1. The pressure
increases immediately and reaches a maximum, after then it
decreases rapidly, and gradually fluctuates around the zero,
and finally tends to zero. It usually lasts for no more than
0.30 s. The peak pressures of Schemes 1 and 2 are 160 kPa
and 97 kPa, respectively, and the peak pressure of Scheme 2
is only 61% of that of Scheme 1. Hence, it can be concluded
that the pressure time history is greatly influenced by the
kitchen design layout [32].

Figure 5 depicts the peak pressure space distributions of
Schemes 1 and 2 whilst x and y are the Cartesian coordinates,
and z = p/ po,, where p and pg,, are the peak pressures of the
measured point (x, y) and the measured point O, respec-
tively. It can be seen that the peak pressure decreases sig-
nificantly with the distance away from the measured point
O. In addition, the peak pressure space distribution is greatly
influenced by the kitchen design layout [33].
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FIGURE 3: Pressure time histories from experimental data and simulated results. (a) Chamber I with a 2.7 m* vent (Hydrogen): IP1
(b) Chamber II with a 5.4 m? vent (Hydrogen): IP2. (c) Chamber I with a 2.7 m? vent (Methane): IP1 (d) Chamber II with a 5.4 m? vent
(Methane): IP2. (e) Chamber I with a 2.7 m? vent (Propane): IP1 (f) Chamber II with a 5.4 m? vent (Propane): IP2.
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5. Parametric studies

Different from explosive charge explosion, the shock wave of
gas explosion is easily affected by the surrounding envi-
ronment, such as initial conditions (initial temperature
[34, 35] and gas volume concentration [34-36]) and kitchen
parameters (width, length, height, opening, and buffer)
[37, 38]. Therefore, it is necessary to have a deep under-
standing of these interfering factors.

5.1.Initial condition. In the section, a series of finite element
analyses are conducted on the premixed methane/air mix-
ture explosion in the kitchen to investigate the influence of
the initial temperature and gas volume concentration on the
peak pressure.

5.1.1. Initial temperature. Figure 6 illustrates the relation
between p;. and T under different initial gas volume con-
centration environments, where p;. is the peak pressure
considering the initial condition and T is the initial
temperature.

According to the basic theory of combustion, the higher
the initial temperature is, the higher the gas combustion
reaction rate becomes. However, the gas is expelled from the
kitchen with the increase in the initial temperature, and the
corresponding total mass of the gas in the kitchen is smaller
at higher initial temperature. It can be observed from figure 6
that the peak pressure is mainly determined by the latter.
Therefore, the peak pressure decreases gradually as the initial
temperature increases.

5.1.2. Initial gas volume concentration. Figure 7 describes
the relation between p;. and C under different initial tem-
perature environments, where p;. is the peak pressure in
consideration of the initial condition and C is the initial gas
volume concentration.

The gas complete combustion occurs at the lower initial
gas volume concentration, and directly determines the peak
pressure. Nevertheless, the gas incomplete combustion oc-
curs at higher initial gas volume concentration. The main
reason for this is the limited oxygen volume concentration,
which governs the peak pressure in such case. Hence, with
the increase in the initial gas volume concentration, the peak
pressure first increases and reaches a maximum, then de-
creases gradually. Additionally, the initial gas volume
concentration corresponding to the highest pressure is close
to the stoichiometric volume concentration [39] which is
about 10%.

Figure 8 depicts the relation among y,., T and C, where
¥ is the influence coefficient of the initial condition, T'is the
initial temperature and C is the initial gas volume con-
centration. The initial temperature has an important in-
fluence on the gas detonation parameters [40]. The upper
explosion limit of the gas increases but the lower explosion
limit of the gas decreases as the initial temperature increases.
Consequently, there is a significant influence on the peak
pressure by the coupled interaction between the initial

temperature and the initial gas volume concentration, es-
pecially at the upper and lower explosion limits of the gas
[41].

In view of the relevant researches and the results from
finite element analyses of this study, an empirical relation
among ;. T and C can be obtained through the nonlinear
regression and expressed as equation (10). It can be seen
from Figures 6-8 that the results predicted by (10) coincide
very well with the numerical simulation results.

The influence coefficient of the initial condition can be
gained by dividing p;. by po,. Thus, the difference in the
kitchen design layout is eliminated. The corresponding
suggested equation can be expressed as follows:

pic

Yie =T —
Pop

= (3.56 x 10T — 0.0356)

. [1ooooc2 — 1980C + 4.44 x 10T + 84.52] +0.57.
(10)

5.2. Kitchen parameter. In order to explore the influence of
the kitchen on the peak pressure, a range of numerical
simulation analyses are conducted on the kitchens of different
sizes, openings, and buffers. All the parameters under con-
sideration are illustrated as follow: kitchen width w from 1.20
to 4.80 m; kitchen length /; from 1.20 to 4.80 m; kitchen height
h from 2.40 to 6.00 m; wall hole ratio A from 0.00 to 0.60; and
buffer length [, from 1.20 to 4.80 m. The relation between p;
and kitchen parameters is displayed in figure 9, where py is the
peak pressure with taking into account the kitchen.

5.2.1. Width, length, and height. It can be observed from
Figures 9(a)-9(c) that the peak pressure increases slowly but
linearly with the increase in the width, length, and height.
Furthermore, the width, length, and height of kitchen en-
hance the peak pressure in different extents [42]. Because of
the gravity effect, the height show slightly significant effect
than other parameters.

5.2.2. Opening. Once there is a gas explosion in the kitchen,
the glasses in the window is easy to be destroyed. The
window opening just plays the role of pressure relief and
releases a large amount of explosive energy quickly, greatly
reducing the peak pressure [43]. It can be seen from Figure
9(d) that the peak pressure decreases significantly with in-
crease in the hole ratio of the wall.

5.2.3. Buffer. If a gas explosion occurs in the kitchen, first of
all, the blast shock wave first gets into the buffer zone, and
then it continues to propagate in a building. Consequently,
the buffer zone plays the buffer role and reduces the peak
pressure [44]. It can be found from Figure 9(e) that the
longer the length of the buffer is, the smaller the peak
pressure becomes.
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To sum up, the peak pressure varies significantly with the
opening and the buffer. However, it has little relation with
the width, length, and height of kitchen.

From the associated documents and the numerical
simulation results in the present study, an empirical relation
between y; and kitchen parameters can be gained through
the nonlinear fitting by using the ordinary least square
method and expressed as (11). It can be seen from Figure 9
that the fitting results are in good accordance with the
simulated results, regardless of any kitchen parameter.

The influence coefficient of the kitchen can be gained by
dividing py by po,. Thus, the difference in the kitchen design
layout is eliminated. It can be given by:

I h
ve=2 —0.05( L+ 4008t
Pop we hye
1.15 (11)
—0.24(i> 01024 116,
M Ly

6. Proposed method to predict the properties of
the blast shock wave

6.1. Basic step of the proposed method. Through the analysis
and the research on the gas explosion inside the building, a
new method is proposed herein to predict the peak pressure
of the blast shock wave. The flow chart is depicted in Figure
10 below, and its basic steps are as follows:

(1) Give the basic information that needed in this study,
such as gas type, initial conditions (initial temper-
ature and gas volume concentration) and kitchen
parameters (width, length, height, opening, and
buffer). If not the methane gas, the equivalent mass
can be calculated according to equation (12), and the
corresponding initial gas volume concentration is
also obtained. Repeat steps (2) through (4).

The equivalent mass of other gas can be defined as
follows:

E
_ Other
Mpg =7

= (12)
1 E Methane

MOther>

where Eyjethane and Egger are the initial internal
energy of methane and other gas, respectively; Momer
is the mass of other gas.

(2) The two influence coefhicients y,, and y; can be
obtained according to equations (10) and (11), re-
spectively. Thus, the maximum pressure considering
the initial conditions and the kitchen parameters is
YicYkPOp-

(3) The peak pressure of the explosion shock wave is not
uniformly distributed in the building, and it is
needed to calculate the peak pressure at any position.
Calculate it based on Figures 5(a) and (b).

(4) If the blast shock wave spreads to the wall, the pressure
increases immediately and generates a reflective high-
pressure zone near the blast side. Use equation (13).
Henrych [45] derived an empirical relation between
the peak pressures of the reflected and incident wave.
It can be expressed as follows:

p,_8pi+14
pi pi+72

pi<4MPa, (13)

where p, and p; are the peak pressures of the reflected
and incident wave, respectively.

(5) Draw the peak pressure nephogram under different
working conditions.

The calculation formulas used in the proposed method
are based on the previous researches and the numerical
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FiGure 10: Flow chart of the proposed method.

simulation results. The analysis procedure is comprehen-
sive whilst the results are reliable. Furthermore, it indicates
that the proposed method can accurately and effectively
predict the peak pressure of the blast shock wave inside the
building.

6.2. Example study. In order to estimate the killing power
of the explosion shock wave accurately, it is urgent to
present some quantitative killing criterions, such as the
pressure, the impulse and the combination of the above
two. The U.S. military standard [7] specifies the pressure
criterion of 45.7 kPa for eardrum rupture with a proba-
bility of 10% and 103.4 kPa in the duration of 50 ms for
lung damage. Using the above two kitchens as the

examples, the propagation processes of the gas explosion
are simulated using the CFD analysis software Open-
FOAM to analyze the space distribution of the blast shock
wave.

The peak pressure nephograms under different working
conditions: Schemes 1 and 2 are illustrated Figures 11 and
12, respectively. The lower the initial temperature is, the
higher the peak pressure is. The peak pressure first increases
and then decreases gradually with the increase in the initial
gas volume concentration. Additionally, the kitchen design
layout seriously affects the peak pressure.

In terms of the peak pressure space distribution of the
explosion shock wave, the peak pressure is much higher than
the threshold of the killing pressure which is unsafe for the
humans in the building.
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7. Conclusion

In this research, a new method has been developed herein to
predict the peak pressure of the blast shock wave of a gas
explosion inside a building. A series of numerical simulation
analyses are conducted on this problem. From the research
results of this present study, the main conclusions are drawn
as follows:

(1) The pressure time history and the peak pressure
space distribution are greatly influenced by the
kitchen design layout. There is a significant influence
on the peak pressure by the coupled interaction
between the initial temperature and the initial gas
volume concentration, especially at the upper and
lower explosion limits of the gas.

(2) The peak pressure varies significantly with the opening
and the buffer. However, it has little relation with the
width, length, and height of the kitchen. The proposed
method can accurately and effectively predict the peak
pressure of the blast shock wave inside the building.

(3) In terms of the peak pressure space distribution of
the explosion shock wave, the peak pressure is much
higher than the threshold of the killing pressure,
which is unsafe for the humans in the building.
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A new type joint of Circular Tubed Steel-Reinforced Concrete (CTSRC) columns was designed in this paper. The structural
characteristics, manufacturing process, and mechanical properties of raw materials of the new joint were introduced. In order to
simulate the earthquake action, two joint specimens were subjected to low-cycle cyclic loading at the end of the column. Based on
the in-depth study of the failure characteristics, load-displacement hysteretic curve, skeleton curve, ductility index, load-strain
hysteretic curve in the core area of the joint, energy dissipation performance, strength and stiffness degradation performance, and
shear deformation in the core area of the joint during the whole loading process, the seismic behavior of this new type of joint was
investigated. The results show that the new joint has reasonable failure characteristics, high bearing capacity, good ductility,
excellent seismic energy dissipation performance, and strong resistance to strength and stiffness degradation, which meets the
seismic design principle of “strong joint and weak component” and is suitable for the results with special requirements for seismic
performance. In addition, preliminary design recommendations were put forward. The research results of this paper can provide a
theoretical basis for the application of this kind of new structure.

1. Introduction

At present, steel-concrete composite structure has been
widely used in the field of civil engineering construction.
Concrete-filled steel tubular column and steel-reinforced
concrete column are two main forms of steel-concrete
composite structure. The concrete-filled steel tubular column
makes the concrete in the tube in a three-dimensional
compressive stress state through the circumferential restraint
effect of the outer steel tube on the concrete in the tube, so as
to improve the concrete strength and the bearing capacity of
the structural column [1-3]. Steel-reinforced concrete column
refers to the column concrete, equipped with steel, and with a
certain stress and structural reinforcement, steel-reinforced
concrete column through the synergistic effect of steel and
concrete gives full play to the performance of the two ma-
terials and at the same time has excellent seismic performance
and good economy. At present, it is widely used in high-rise
and superhigh-rise buildings [4].

But the shortcomings of the two are also very obvious.
The axial load shared by the steel tube and concrete is easy to
cause the buckling of steel tube plate, leading to the decline
of seismic performance of columns. Steel-reinforced con-
crete column is not convenient for concrete pouring because
of setting steel skeleton and section steel at the same time,
and the steel skeleton has insufficient constraints on con-
crete, which leads to low axial compression ratio limit and
cannot make full use of material properties.

Therefore, on the basis of long-term engineering prac-
tice, experience accumulation, and previous research results,
a new type of composite structure column has emerged:
Circular Tubed Steel-Reinforced Concrete (CTSRC) col-
umn. Its outer steel tube is disconnected at the beam-column
joint and does not pass through the core area of the joint.
Therefore, its steel tube does not directly bear the longitu-
dinal load but only restrains the core concrete, as shown in
Figure 1. Research by relevant scholars shows that [5-7] the
CTSRC column has high compression and shear bearing
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FIGURE 1: Structural diagram of the circular steel tube-confined H-SRC column steel beam joint. (a) Diagram. (b) Slotted structure of the

steel pipe at the column end.

capacity, superior seismic performance, strong interlayer
deformation capacity, good fire resistance, and convenient
construction and can make full use of high-strength material
performance.

In recent years, people have carried out extensive re-
search on the mechanical properties of this structure.
Takamasa Yamamoto made three kinds of square and
circular steel tube-confined concrete short columns with
different cross-section sizes and carried out an axial
compression test to study the restraint effect of circular
steel tube and square steel tube on concrete [8]. Fam made
five specimens to compare the axial bearing capacity of
concrete-filled steel tubular columns and confined con-
crete-filled steel tubular columns. The results show that the
axial bearing capacity of confined concrete-filled steel tu-
bular columns is significantly higher [9]. Chen et al. carried
out axial compression, eccentric compression, and seismic
performance tests on two kinds of partially through CFST
column RC beam joints with different strengthening
methods [10-12]. Nie et al. studied the axial compression
and seismic behavior of a kind of steel tube-confined
concrete column RC beam joint with transverse multiple
hoops. The results show that this kind of strengthening
form can make up for the deficiency caused by the dis-
connection of steel tube [13, 14]. Han et al. conducted a
comparative experimental study on the hysteretic behavior
of steel tubular confined concrete column RC beam joints
and steel tubular concrete column RC ring beam joints. The
results show that the seismic performance of steel tubular
confined concrete column RC beam joints is better than
that of steel tubular concrete column RC ring beam joints
[15]. Zhang et al. have carried out an experimental study on
the seismic behavior of a kind of connection form of
concrete-filled steel tubular column and RC beam outer

steel tubular unconnected ring beam joint [16]. Gan et al.
designed a ring reinforced steel tube-confined RC column
joint and studied its axial compression and hysteretic
behavior [17]. On the basis of collecting the shear failure
results of steel tube-confined reinforced concrete columns
with various sections, Gan et al. compared and verified the
existing calculation methods and formulas of shear ca-
pacity, improved the existing calculation methods, and
proposed the calculation formulas of shear capacity for
square steel tubes and circular steel tubes, respectively [18].
Duan et al. designed a new type of square steel tube-
confined concrete column joint, carried out two-stage tests
to investigate the overall axial compressive behavior of the
specimen and the influence of joint geometry size, concrete
strength, and mesh volume on its bearing capacity, and
proposed the bearing capacity expression of this new type
of joint [19]. Lin et al. analyzed the shear mechanism and
shear capacity of framework joints of steel-reinforced
concrete-filled circular steel tube (SRCFCST), and the
calculation method of composite shear capacity in the core
area of joints is proposed, which can provide a reference for
nonlinear analysis and engineering design of similar joints
[20]. Yu et al. designed a new type of joint, in which the
concrete in the core area is restrained by the steel tube in
the core area, and the outer part is restrained by the ring
stirrup. The nonlinear finite element analysis of the axial
compression bearing capacity test was carried out, the
influence of the steel tube and stirrup in the core area on the
bearing capacity is discussed, and the calculation formula
of the ultimate bearing capacity is proposed [21-23]. Peng
et al. designed four specimens of concrete-filled square steel
tubular frame joints with unequal beam heights, carried out
low-cycle cyclic loading tests, discussed their seismic
performance, and analyzed their shear capacity [24].
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Literature review shows that the mechanical properties
of the CTSRC column are superior, and it has a wide ap-
plication prospect, but there are two main deficiencies in its
research.

Firstly, at present, the research of CTSRC structures
mainly focuses on the axial compression performance of
columns and joints, and the research on seismic perfor-
mance of joints is less. If the joints are damaged, the whole
structure will be destroyed no matter how strong the beam-
column members are. Therefore, it is necessary to study the
seismic performance on joints of the CTSRC column.

Secondly, the existing research on seismic performance
on joints of CTSRC column is carried out by a small-scale
model. There is a big difference between the test and the
actual situation, and the representativeness is not strong.

As a consequence, it is necessary to study the seismic
performance on joints of the CTSRC column, especially the
way to strengthen the weakened joint area, the impact of the
strengthened joint area on the seismic performance of such
joints, and the way to make it meet the design principles of
strong column, weak beam, and stronger joint. It is the key
problem to be solved in steel tube-confined steel-reinforced
concrete structure. Therefore, a new type joint is designed in
this paper. The concrete ring beam is used to strengthen the
weakened joint area, as shown in Figure 2. The specimen is
designed with the size of 1:1. Through the pseudostatic test
method, the displacement and strain data of each part of the
specimen are collected, and the seismic mechanical properties
are further studied. It provides a theoretical basis for the
popularization and application of this kind of new structure.

2. Test Plan

2.1. Specimen Design and Manufacturing. In this paper, two
tull-scale frame joints are designed, the height is 4375 mm,
the outer diameter of the cylinder is 400 mm, the wall
thickness of the circular steel tube is 5 mm, and the width is
3370 mm. In order to ensure that the circular steel tube does
not bear the longitudinal load, the circular steel tube is
disconnected in the joint area, and a 15 mm ring opening is
reserved from the upper and lower edges of the concrete ring
beam. The other structures and dimensions are shown in
Figure 3 (taking SH-1 specimen as an example), and the
parameters of the specimen are shown in Table 1.

In this paper, the specimen processing is divided into
four stages: first, steel structure processing and component
assembly; second, sticking strain gauges; third, formwork
and concrete pouring; finally, curing and specimen painting
antirust.

2.2. Mechanical Properties of Materials. The measured av-
erage cube compressive strength of the test reserved concrete
block is 57.58 MPa, and the material properties of steel and
reinforcement are shown in Table 2.

2.3. Test Device. The joint specimen is loaded by reaction
wall and reaction frame. The horizontal loading device
adopts MTS electrohydraulic servo program-controlled

structure testing machine. The maximum load of the ac-
tuator applying horizontal reciprocating load is 500 kN, and
the travel range is £250 mm. The maximum load of the jack
used in the vertical loading test is 2000 kN. The loading
schematic diagram and loading panoramic photo are shown
in Figures 4 and 5.

2.4. Loading System. There are two loading methods for
seismic performance test of joints: one is beam end loading
and the other is column end loading. Because the column end
loading can simulate the second-order gravity effect
(P—Aeftect) of buildings under earthquake, the column end
loading method is adopted in this paper, as shown in Figure 4,
and the beam end is supported by a chain bar. The vertical
displacement, rotation angle, and horizontal displacement
can be realized at the top of the column. This loading method
can truly reflect the deformation and mechanical performance
of beam-column joints under earthquake.

On the basis of referring to relevant specifications [25]
and relevant research [26, 27], the specific loading system is
determined. Displacement loading mode is adopted in the
whole loading process of column top. First, apply the axial
load on the column top, and then apply the horizontal load,
which is loaded to the yield displacement by 2-3 single
cycles. After yielding, the load is carried out according to the
multiple of the yield displacement value of the column top.
Each cycle is repeated three times (as shown in Figure 6). The
cycle does not stop until the specimen is damaged or the
horizontal load of the column top drops below 85% of its
peak load [16, 25]. In the loading system, the yield dis-
placement of the column top of the joint specimen is the
estimated value of the horizontal displacement of the col-
umn top when the stress of the flange edge of the section at
the junction of the steel beam and the concrete ring beam
reaches “f,.” In the test, the loading steps are determined or
adjusted in combination with the relevant instrument values.
At the same time, the yield point of the specimen is judged
from the change of the load-displacement hysteretic curve,
and the hysteretic curve is analyzed after the test. The actual
yield point of the specimen is determined [25-27].

2.5. Measuring the Content. The test includes displacement
measurement and strain measurement. The deformation of
the specimen is measured by displacement meter and dial
indicator, the strain of circular steel tube, section steel in
column, steel beam, and concrete ring beam, reinforcement
is measured by strain gauge or strain rosette, the data
measured by strain gauge is collected by TDS-602 static
strain measurement system and input into a computer, the
load-displacement hysteretic curve of column top is auto-
matically collected by MTS servo actuator, and the concrete
cracks are measured by crack observation instrument.

3. Test Results

3.1. Analysis of Failure Characteristics of Specimens.
Because the design parameters of the two specimens are
basically similar, the failure modes of the two specimens are
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TaBLE 1: Parameters of the specimen.

Specimen Steel ratio  Thickness of the circular tube steel pipe  Form of the ring  Reinforcement ratio of the ring beam
number (%) (mm) beam (%)
SH-1 Octagon 3.55
SH-2 419 > circular 2.05

obviously similar, the failure starts from the concrete
cracking at the junction of the steel beam and the ring beam,
and with the continuous increase of the horizontal dis-
placement at the top of the column, the flange at the junction
of the steel beam and the ring beam first enters into yield.

Finally, the two specimens are in full section shape at the end
of the steel beam about 5 cm away from the edge of the ring
beam. Plastic hinge is formed (because of the quality
problem of the lower flange weld of the steel beam on the
west side of the SH-1 specimen, the lower flange of the steel
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TABLE 2: Steel material data.

Location of the material test Yield strength (f,)

Ultimate strength (f,)

Elastic modulus (E) Elongation after fracture

piece (MPa) (MPa) (MPa) (%)
Flange (section steel in column) 284.19 437.38 212404 37.2
Web (section steel in column) 309.35 453.02 217199 30.0
Flange (steel beam) 308.26 463.54 212867 23.9
Web (steel beam) 337.52 483.25 213321 27.7
Circular steel tube 355.62 488.81 194907 27.2
Reinforcement (20 mm) 486.85 691.60 195426 20.2
Reinforcement (10 mm) 389.39 553.28 210564 23.0

-
--- P

2410

1965

3 ]

1685 | 1685 |

FIGURE 4: Loading schematic diagram.

FIGURE 5: Loading panoramic photo.

beam on the west side of the SH-1 specimen is fractured
when the SH-1 specimen is finally destroyed), and the
concrete at the junction of the ring beam and the steel beam
cracks and partially falls off. In the whole test process, except

for the beam end, there is no obvious failure sign in the joint
core area of the two specimens. Figures 7 and 8 show the
final failure state of SH-1 and SH-2 specimens.

On account of the difference in the volume reinforce-
ment ratio of the ring beam between the two specimens, the
concrete shedding degree of the ring beam is quite different
when the two specimens are damaged. Due to the high
reinforcement ratio of SH-1 specimen, especially the stirrups
are arranged near the two sides of the steel beam at the
junction of the steel beam and the ring beam, and the
concrete of the ring beam of the specimen will not fall off a
lot after being broken, but it is still connected to the damaged
ring beam. Due to the small stirrup ratio of the SH-2
specimen, the stirrups on both sides of the junction between
the steel beam and the ring beam are far away from the steel
beam, resulting in a large amount of concrete falling off near
the steel beam after fragmentation.

3.2. Load-Displacement Hysteretic Curve at the Top of the
Column. The load-displacement hysteretic curves of the two
specimens are shown in Figure 9. It can be seen from the
hysteretic curves of the above two specimens that, at the
initial stage of cyclic loading, the hysteretic curves are
parallelogram. With the continuous cyclic loading, the
hysteretic curves gradually change from parallelogram to
rectangle. At the same time, the fullness of the hysteretic
curves of the two specimens is much higher than that of the
corresponding steel frame joints and concrete frame joints,
showing a very good energy dissipation performance.

At the same time, the curves of the two specimens show
different characteristics: first, due to the poor manufacturing
quality of specimen SH-1, when loading to the second cycle
of 180 mm, the west side of the weld is completely broken,
resulting in a sharp drop in the curve. Second, the hysteretic
curve of the specimen SH-1 has a more obvious difference
about the horizontal coordinate axis; the results show that
the peak value of the positive horizontal force (thrust) at the
top of the column is significantly greater than the negative
horizontal force (tension) at the top of the column under
each displacement amplitude loading cycle.

3.3. Skeleton Curve. The skeleton curve can be obtained by
connecting the peak points of each loading point in the same
direction on the load-displacement hysteretic curve. The
skeleton curve cannot only reflect the load and displacement
of each characteristic point in the loading process but also
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FIGURE 7: Failure of the specimen (SH-1). (a) Overall situation after failure. (b) Failure of the east steel beam and ring beam. (c) Failure of the

west steel beam and ring beam.

(a)

FIGURE 8: Failure of the specimen (SH-2). (a) Overall situation after failure. (b) Failure of the east steel beam and ring beam.

reflect the energy absorption, ductility, strength, stiffness, and
degradation of the structure or component under repeated
loading. Figure 10 shows the skeleton curve of each specimen.

From the skeleton curves of each specimen, it can be seen
that the skeleton curves of the two specimens show obvious
S-shape, and they have experienced three stages of elasticity,
elastoplasticity, and failure. During the loading process, the
positive and negative directions of the specimens are not

completely symmetrical; especially, the SH-1 specimen is
obvious; the influence of ring beam shape and ring beam
reinforcement ratio on the bearing capacity and deformation
capacity of the joint is not significant; the two specimens are
not symmetrical. After the specimens enter the plastic state,
with the continuous increase of the displacement at the top
of the column, the load does not immediately decrease,
indicating that both specimens have good ductility; the
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FiGUure 10: Load-displacement skeleton curve of the specimen column top. (a) SH-1. (b) SH-2.

skeleton curves of both specimens have no obvious yield
point; and after the peak load, the curve and the stiffness
gradually decrease.

3.4. Characteristic Point Load and Ductility Index of
Specimens. It can be seen from the skeleton curve of the two
specimens that there is no obvious yield point on the
skeleton curve. Therefore, this paper adopts the “general
yield moment method” to determine the displacement and
load value of the characteristic points (yield, ultimate, and
failure) in the loading process of the two specimens. The
determination method is shown in Figure 11. Py, Ay, Praxs
Amax Py» and A, determined by the above method are shown
in Table 3.

It can be seen from the above table, skeleton curve, and
hysteretic curve that the positive and reverse force perfor-
mance of specimen SH-1 is quite different. However, this
situation does not appear in the test of specimen SH-2,
which may be caused by the deviation of the east and west

steel beams of SH-1 in the process of processing and test
installation.

The displacement ductility coefficient (¢) [28] is an index
reflecting the plastic deformation capacity of the structure
under earthquake action. The larger the displacement
ductility coeflicient is, the better the ductility of the structure
or component is. The calculation of the displacement
ductility coefficient is shown in

=a0 (1)

where “A,” is the horizontal displacement at the top of the
column when the joint specimen fails and “A,” is the
horizontal displacement at the top of the column when the
joint specimen yields. The calculation is shown in Table 3.

The interlaminar deformation angle (¢) of each joint
specimen can be obtained according to the geometric re-
lationship. The calculation of ductility coeflicient of inter-
laminar deformation angle is shown in
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TaBLE 3: Load and displacement of the characteristic point.
. Yield state Ultimate load state Failure state
Specimen
Py (kN) Ay (mm) Prnax (kN) Amnax (mm) P, (kN) A, (mm)
SH-1 Positive 155.80 41.67 168.44 60.01 143.17 178.51
Reverse 127.65 32.35 144.29 60.04 122.65 154.20
SH-2 Positive 131.25 31.25 151.46 80.01 128.74 180.02
Reverse 120.74 30.29 155.31 60.03 132.01 157.54
_Pu measuring point of flange reaches 40000 ue (as shown in
Mo 9, 2) Figure 12(a)). The web in yield state lags behind the flange

where “p,” is the interlaminar deformation angle when the
joint specimen fails and “p,” is the interlaminar deformation
angle when the joint specimen yields. The calculation is
shown in Table 4.

It can be seen from Table 3 and the skeleton curves of the
two specimens that the maximum displacement ductility
coefficient and interlaminar deformation angle ductility
coeflicient of the two specimens are 5.76 and the minimum is
4.28. The results show that the interlaminar deformation
angle ranges from 0.00658 to 0.00905 at yield and from
0.0335 to 0.0391 at failure. The relevant index is far more
than the general reinforced concrete structure, which has
very good ductility and deformation performance.

3.5. Strain Analysis of the Specimen. According to the failure
characteristics of the specimen in Section 3.1, the ultimate
failure of the two specimens occurs at the junction of the
steel beam and the ring beam, where the plastic hinge is
formed in the whole section of the steel beam, and the
concrete cracks and falls off. The following takes the SH-1
specimen as an example to illustrate the characteristics of the
data of each strain measurement point of the specimen.
From the load-strain hysteretic curves of flange, web,
and ring beam concrete at the junction of steel beam and
ring beam, it can be seen that the flange at the junction of
steel beam and ring beam first enters into yield state and then
slightly warps compared with the web. When the final
specimen fails, plastic hinge is formed at the junction of the
east and west steel beams and the ring beam. During the
whole loading process, the maximum strain of each

(as shown in Figure 12(b)). At the initial stage of loading, the
ring beam concrete is not cracked, the load-strain curve is
linear, and there is almost no residual strain. However, with
the cracking of the concrete, the strain value of each mea-
suring point increases rapidly, and most of the deformation
cannot be recovered, which indicates that, after the crack
appears, with the continuous loading, the crack can hardly
be closed, and the residual deformation is very large (as
shown in Figure 12(c)).

From the reading of strain measuring points arranged
in the rest parts of the specimen, it can be seen that the
strain values of the rest parts remain elastic throughout
the loading process, except that the central part of the
section steel web in the column enters the yield state in the
later stage of loading, which fully indicates that the ex-
istence of concrete ring beam makes the failure part move
out, which plays a good role in protecting the core area of
the joint.

3.6. Energy Dissipation Performance of Specimens. Energy
dissipation performance is another important index to
investigate the seismic performance of a certain structure.
The equivalent viscous damping coefficient (h,) is often
used to judge the energy dissipation capacity of the
structure, and “h,” is calculated according to the envelope
diagram of the load-displacement hysteretic curve of the
specimen (as shown in Figure 13). According to formula
(3), the equivalent viscous damping coeflicients of the
hysteresis loops of the two specimens under each dis-
placement amplitude are calculated, and the curves are
drawn as shown in Figure 14:
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TaBLE 4: Ductility index of specimens.
Interlaminar deformation angle and ductility
Specimen Displacement ductility coefficient coefficient
¢, (rad) ¢, (rad) Yo = Pul Py
SH-1 Positive 4.28 0.00905 0.0388 4.29
Reverse 4.77 0.00703 0.0335 4.77
SH-2 Positive 5.76 0.00679 0.0391 5.76
Reverse 5.20 0.00658 0.0342 5.20
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FIGURE 12: Load-strain hysteretic curves. (a) Flange. (b) Web. (c) Ring beam concrete.
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(3)

From the equivalent viscous damping coefficient curves
of the above two specimens, the following conclusions can be
obtained:

(1) The ultimate equivalent viscous damping coeflicients
(h,) of the two specimens are 0.535 (SH-1) and 0.615
(SH-2). Relevant studies have shown that the “h,” of
reinforced concrete joints is 0.1 and that of steel-
reinforced concrete joints is about 0.3. “h,” values of
the two new joints are 5.35 times and 6.15 times of
reinforced concrete joints and 1.78 times and 2.05
times of steel-reinforced concrete joints. The joint

specimen has  superior energy dissipation
performance.

(2) In the initial elastic stage, the equivalent viscous

damping coefficients of the two specimens are rel-
atively small, and the energy dissipation capacity
increases rapidly with the increase of cyclic loading
displacement; after entering the vyield stage, the
plastic hinge is formed at the end of the steel beam,
and the concrete at the junction of the steel beam and
the ring beam cracks and gradually falls off, but the
energy dissipation capacity of the two specimens
continues to improve. With the continuous loading,
the beam end is completely cut off. The bearing
capacity of the two specimens remains at a high level,
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and the energy dissipation capacity is still in a rising
state until the end of the failure loading. It fully
shows that the energy dissipation capacity of the two
specimens increases with the continuous low-cycle
cyclic loading.

(3) From the initial stage of loading to the near failure of
the specimen, the energy dissipation index curves of
the two joint specimens have little difference,
showing the phenomenon of alternating rise, while
the end of the curve shows bifurcation. This is due to
the sharp drop of the hysteretic curve caused by the
fracture of the lower flange weld of the steel beam on
the west side of the specimen SH-1, which makes the
energy dissipation indexes of the final specimen SH-
1 smaller than that of SH-2.

3.7. Strength Degradation of Specimens. Strength degrada-
tion refers to the characteristic that the bearing capacity of
the specimen decreases with the increase of the number of
reciprocating loading processes under the condition of

Shock and Vibration

constant displacement amplitude. The strength degradation
of joint specimens under repeated loading has an important
impact on its seismic performance. In this paper, the same
level bearing capacity reduction coefficient (1;) and the
overall bearing capacity reduction coefficient (A;) are used to
reflect the strength degradation characteristics of joint
specimens in the test.

The same level bearing capacity reduction coeflicient is
as follows:

P’ min
j—

1

P! max )
i

where P’ min is the minimum value of the peak load in the
same loading cycle when the displacement is j and P! max is
the peak point load of the first loading cycle when the
displacement is j.

The overall bearing capacity reduction coefficient is as
follows:

Ao=—1 (5)

where P; is the minimum value of the load at the peak point
of the j-th loading cycle and P,y is the ultimate value of the
bearing capacity of the specimen during the whole loading
process.

According to the above calculation method, the bearing
capacity reduction coefficient of SH-1 and SH-2 under
different displacement loads can be obtained in the process
of positive (push) and reverse (pull) loading, and the bearing
capacity reduction coeflicient curve of SH-1 and SH-2 is
drawn, as shown in Figure 15.

The following conclusions can be drawn from the
bearing capacity reduction coeflicient curves of the above
two specimens:

(1) At the initial stage of loading, with the increase of
displacement amplitude, the values of A; and A; of the
two specimens increase rapidly. With the continuous
loading, the two values remain stable and fluctuate in
a certain range. With further increase of displace-
ment amplitude, the values of A; and A; decrease
slowly, and the decrease is obvious until the last
displacement.

(2) From the initial stage of loading to the near failure
of the specimen, the A; values of the two specimens
are kept at a high level (except for the corre-
sponding value of A; of SH-2 specimen when the
displacement is 20 mm in the positive direction),
and the fluctuation range is between 0.933 and
0.977; this shows that both specimens have strong
resistance to strength degradation. When the
loading reaches 180 mm displacement amplitude,
the A; value of the two specimens decreases ob-
viously. The curve of the SH-1 specimen decreases
more than that of the SH-2 specimen, because the
lower flange of the west steel beam breaks during
the second 180 mm cycle of the SH-1 specimen,
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FIGURE 15: Bearing capacity reduction coefficient curve. (a) The same level bearing capacity reduction coeflicient curve. (b) Overall bearing

capacity reduction coeflicient curve.

resulting in a sharp drop in load, which leads to a
larger drop in A; value. Comparing Figures 15(a)
with 15(b), it can be seen that the same level
strength degradation law of the two specimens is
similar to the overall strength degradation law.
Although the strength degradation curve values of
the two specimens are different, the trend of the
curve is basically the same, which also shows that
the strength degradation performance of the
specimens mainly depends on the performance of
the steel beam end rather than the ring beam
reinforcement.

3.8. Stiffness Degradation of Specimens. Stiffness degradation
is a characteristic that the stiffness of specimen decreases
with the increase of repeated loading times under the
condition of constant displacement amplitude, which is
mainly caused by steel yield and concrete cracking and
falling off. The stiffness degradation is represented by loop
stiffness [28].
The loop stiffness is as follows:

YL P,
i~ I
Zis 4

where K; is the loop stiftness, P; is the peak point load value
of the i-th cycle when the displacement is j, A’ is the peak
point deformation value of the i-th cycle when the dis-
placement is j, and 7 is the number of cycles under the same
displacement.

From the above calculation method, the loop stiffness of
the two joint specimens at all levels of displacement can be
obtained, and the stiffness degradation curve of the two joint
specimens is drawn, as shown in Figure 16.

The following conclusions can be drawn from the
stiffness degradation curves of two specimens:

(6)
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FIGURE 16: Stiffness degradation curve.

(1) In the initial stage of loading, the loop stiftness value

of the two specimens increases slightly. When the
two specimens reach their yield displacement and
enter the cyclic loading stage, the K; value reaches the
maximum and then decreases with the continuous
loading. In the middle and late stages of loading, the
reduction rate of K; value gradually decreases, which
is reflected in the gradual decrease of the slope of the
stiffness degradation curve and the gradual slowing
of the curve. This shows that the ability to resist
stiffness degradation is superior.

(2) In the early stage of loading, the K; value of SH-2 is

slightly higher than that of SH-1. In the middle and
late stage of loading and until failure, the positive
stiffness degradation curve of SH-1 is always higher
than that of SH-2; that is, the K; value of SH-1 is
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greater than that of SH-2 at the same positive dis-
placement, while the negative stiffness degradation
curve of SH-1 and SH-2 has little difference in the
process of test loading. From the test results, it can be
seen that there is a great difference between the
positive and reverse mechanical properties of SH-1
specimen during the loading process, and the dif-
ference between the positive and reverse load values
of the three characteristic points is 16.73%-22.05%,
which leads to the fact that the value of the negative
stiffness degradation curve is smaller than that of the
positive.

3.9. Deformation Analysis of the Joint Area. The joint area
refers to the joint area of beam and column. Under the action
of beam end reaction and column end horizontal thrust, the
joints will expand, bend, and shear. Due to the steel beam
constraints, the expansion and bending deformation of the
joint region can be ignored. This paper focuses on the shear
deformation of the joint region.

Due to the existence of a concrete ring beam, it is not
convenient to arrange dial indicator in the diagonal direction
outside the joint area for measurement. Therefore, the
method in [29] is adopted in this test, and strain gauges are
pasted in the core area of the joint to measure the deformation
of the steel web along the diagonal direction in the core area of
the joint during loading (as shown in Figure 17). In order to
compare the data of different specimens when analyzing the
data, the data measured by the strain gauge when the axial
pressure of the specimen has been applied and the horizontal
load on the top of the column has not been applied is taken as
the datum point data (zero points), the difference between the
real strain test data and the datum point when the horizontal
displacement on the top of the column is the maximum is
taken as the standard strain data, and then the average value of
two diagonal strains is taken, respectively. It should be noted
that, in the process of specimen test on SH-2, due to the
limitation of acquisition instrument, when the load is applied
to 80 mm cycle, the data acquisition of all strain measuring
points stops, so the strain data of node domain of SH-2
specimen is only collected at 80 mm cycle.

It can be seen from Table 5 that the strain measuring
points of nos. 13, 14, 15, 16, and 17 steel are compressive
strain at the maximum horizontal displacement at the top of
the column, and the strain measuring points of nos. 18, 19,
and 20 steel are tensile strain at the maximum horizontal
displacement at the top of the column; that is, one diagonal
of the joint area is compressive deformation and the other
diagonal is tensile deformation. Moreover, when the hori-
zontal displacement of the top of the column reaches the
maximum, the average strain does not reach the yield strain
of the steel and remains in the elastic state.

Using the average value of the maximum strain in the
diagonal direction of the node area in Table 5 and using the
geometric relationship shown in Figure 18 and formulas (7)
and (8), the actual deformation value and relevant param-
eters in the diagonal direction of the node core area can be
calculated by Hooke’s law, as shown in Table 6.

Shock and Vibration

\
AN £
\

2 / \16
/. N\

FIGURE 17: Strain gauges in the joint area.

The average deformation in a diagonal direction is as
follows:

%2 |A; + A, +]As + A4|.
2

Because sin 0 = b/Va? +b?%, cos0 = a/\a? +b%, a; = X
sin 0/a, and a, = X cos 0/b. The shear angle is

(7)

2 2
Na +b - (8)
ab

It can be seen from Table 6 that when the horizontal
displacement of the top of the column reaches 180 mm, the
maximum shear angle deformation of the specimen SH-1 is
9.85% of the relative ultimate angle of the beam column.
When the horizontal displacement of the top of the column
reaches 80 mm and the specimen is adjacent to the failure,
the maximum shear angle deformation of the specimen SH-
2 is only 5.58% of the relative ultimate angle of the beam-
column. It can be seen that the shear strength and stiffness of
the joint region of this kind of joint specimen are very large,
which meets the requirements of “strong joints and weak
members” of the structure, and the shear deformation of the
joint region has a negligible effect on the deformation of the
structure.

y=0 +ta,=

4. Preliminary Design Recommendation

4.1. Structural Design Recommendation. It can be seen from
Section 3 that the new joint proposed in this paper has
excellent seismic performance. Therefore, on the basis of
meeting the requirements of seismic and bearing capacity, it
is necessary to strive for simple structure and convenient
construction. Combined with some current codes and re-
search results, the following structural design suggestions
are put forward for this kind of joint:
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TaBLE 5: Strain standard data of joint area.

Steel strain gauge number and strain measurement value (pe)

Specimen

13 14 15 16 17 Average 18 19 20 21 Average
SH-1 —2658 Invalid —421 Invalid —41 -1040 Invalid Invalid 320 489 405
SH-2 -326 -573 -308 -100 -1164 —-494 51 757 1045 Invalid 618

thickness of the steel pipe, and the height shall not be
less than 6 times the thickness of the steel pipe.

(2) When the shear bearing capacity of the core area of
— the joint is insufficient, the steel plate can be used to
reinforce the section steel web in the column in the
joint area. The thickness and reinforcement range of
the steel plate shall be implemented according to the
relevant provisions in [30].

0
(3) In order to ensure the overall mechanical properties
prop
of the column, a certain number of shear studs shall
be set on the section steel flange in the column
| outside the reinforcement skeleton in the joint area,
and the specification and spacing of shear studs shall
be implemented according to the relevant provisions
in [31, 32].
(4) In order to avoid holes in the corner of the horizontal
FiGURrE 18: Geometric relationship of shear deformation. stiffener in the node area when pouring concrete, it is
necessary to set an exhaust hole in this part, and the
TabLE 6: Shear deformation in the joint area. opening form shall be implemented according to the
_ relevant provisions in [33].
Speci X 0 0 . - .
pecimen (mm) 14 v/ (5) In the design of the joint, the number of main re-
SH-1 0.2319 1.724° 17.5° 0.0985 & )
SH.2 01785 L3a7 38" 0.0558 inforcements in the column passing through the
. . . . flange of the steel beam shall be minimized. When it
is inevitable, appropriate reinforcement measures
(1) In order to ensure that the circular steel tube does Shf‘“ be taken. At the.same time, when the column
not bear the longitudinal load, the circular steel tube stirrup through hol.e is reserved on the web of the
is disconnected in the joint area, and a 15 mm ring steel beam, the section loss rate of the web shall not
opening is reserved from the upper and lower edges exceed 25% [34].

of the concrete ring beam. At the same time, a
reinforcing steel ring can be welded at the end of the 4.2 Calculation Formula of Shear Capacity. Based on the
steel pipe to prevent the tearing of the steel pipe weld  experimental study of seismic performance of joints, the

caused by concrete expansion. The thickness of the  calculation formula of shear capacity of such joints is
reinforcing ring shall not be less than the wall proposed [35]:

V=Vf+Vh+VSV+Vhl+Vlf

hy—a
=0.96¢ 1, f+ (Dj; — D) [by +0.5(Dy; + D,)] + (0.037n +0.172) f b h; + f},VASVOT +0.58(t £+ thiy f1):
9)
where Vj is the shear capacity of the section steel web in the joint area, Vy is the shear capacity of the concrete ring beam,

column, V}, is the shear capacity of the column concrete in the ~ and Vi is the shear capacity of the web of the cantilever short
core area of the joint, V, is the shear capacity of the stirrupinthe  steel beam and the meaning of other symbols can be seen in [35].
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It can be seen from the formula that the shear capacity of
such joints consists of five parts. Compared with the results
of the test and finite element numerical analysis [35], the
formula is reasonable, which can provide a basis for the
engineering design of such joints.

5. Conclusion

A new type joint of CTSRC column is designed. Through the
pseudostatic test, the mechanical properties of this kind of
new joints under earthquake action are investigated.

The main conclusions include the following:

(1) The failure modes of the two specimens are basically
the same, and the existence of the concrete ring beam
effectively protects the core area of the joint, which
makes the failure move outward.

(2) The results show that the load-displacement hys-
teretic curves of the two specimens are very full, and
the energy dissipation performance is excellent. The
displacement ductility coefficient, interlayer defor-
mation angle, and ductility coeflicient of the two
specimens are far greater than those of the traditional
joints.

(3) The results show that the ultimate equivalent viscous
damping coefficients (h,) of specimens are much
larger than those of traditional joints. The specimens
show strong resistance to strength degradation and
stiffness degradation. The shear deformation in the
joint area is very small and the stiffness is very large.

(4) The preliminary design recommendation is put
forward, which can provide a basis for the engi-
neering design of this new type of joint.
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In this paper, two joints of circular tubed steel-reinforced concrete (CTSRC) column were designed. The load-displacement
hysteretic curve and skeleton curve of this new type of joint are obtained by the pseudostatic test under low cycle cyclic load on the
top of the column. The results show that this new type of joint has good seismic energy dissipation performance. On the basis of
the test, a three-fold skeleton curve model considering three characteristic points of yield, limit, and failure is proposed, and the
expression of skeleton curve model is given. The load and unload stiffness degradation law of specimens under reciprocating load
is studied, and the expression of stiffness degradation law is given. The hysteresis law of the new type joint specimens is described
in detail. The validity of the model is verified by comparing the experimental curve with the model curve. The model can be used in

the elastic-plastic seismic time-history analysis on the joint of circular tubed steel-reinforced concrete (CTSRC) column.

1. Introduction

The restoring force model is used to explain the relationship
between the load and displacement of the structure under
repeated load, which can reflect the ability of the structure to
recover the original deformation after unloading,. In the study of
the seismic performance of the structure, the restoring force
model is the basis of the seismic stress analysis, which mainly
reflects the performance of the structure, such as energy con-
sumption, ductility, strength, and stiffness. Since 1940s, seismic
engineering has carried out extensive research on structural
restoring force curve modeling. Researchers have proposed the
following models: the Ramberg-Osgood model [1, 2] proposed
by Jennings is shown in Figure 1(a). The model is mainly used to
describe the restoring force characteristics of metal materials
and also used in soil and reinforced concrete flexural structures;
as shown in Figure 1(b), Clough [3] proposed a relatively early
model considering the degradation of loading and unloading
stiffness, which is mainly proposed as the restoring force
characteristic model of reinforced concrete flexural members.
Takeda et al. [4] proposed a three-fold line stiffness degradation

model, as shown in Figure 1(c). The model is obtained through
the low cycle reciprocating loading test of reinforced concrete
columns and based on the test results. Because it has one more
crack point than the two-fold line model, it can more truly
reflect the mechanical characteristics of steel reinforced concrete
structures.

In recent years, a series of research studies have been
carried out on the load displacement relationship models
of various new structures under repeated loads. Yan et al.
established the hysteretic model of the joints between
steel reinforced ultrahigh strength concrete columns and
steel reinforced concrete beams and put forward the
quantitative method of seismic damage and attenuation
coeflicient [5]. Zhang and Han proposed a prediction
model for cyclic lateral load deformation response of RC
columns subjected to axial compression and cyclic shear;
comparison between the predicted cyclic response and
experimental results indicates that the proposed model
can predict the observed hysteretic response of flexure-
shear critical RC columns well [6]. Yuka and Hideki
proposed a hysteretic model of H-beam considering
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stiffness degradation model.

slenderness ratio and also proposed a hysteretic model
suitable for uniform moment and antisymmetric moment
[7]. Zhang et al. studied the hysteretic behavior of six
glass bead insulation concrete frame columns (GIC
columns) and one ordinary concrete frame column; the
results can provide theoretical basis for elastic-plastic
analysis of GIC column under earthquake action [8]. Hao
et al. proposed an effective method to calculate the
monotone curve and hysteretic curve of H-beam under
bending moment. The accuracy of predicting the hys-
teretic behavior of H-beam is verified by comparing with
the numerical results [9]. Wang et al. carried out non-
linear time-history analysis on a new type of energy
dissipation joint of bamboo steel hybrid frame and
proposed the joint restoring force model with the best
performance [10]. Li et al. proposed an innovative
method to consider the influence of dynamic effects and
degradation on seismic performance analysis of

reinforced concrete frame structures [11]. Xie et al.
carried out quasistatic tests on three 1/10 scale pier
specimens and established the hysteretic model of pre-
fabricated pier, which was in good agreement with the
test results [12]. Wu et al. studied the restoring force
model of h-steel-reinforced concrete column composite
joints (hereinafter referred to as MPSC joints), which has
high accuracy and can be used for the design of MPSC
joints [13]. Song et al. designed ten PVC-CFRP confined
concrete column-ring beam interior joints (PCCC-RBIJs)
and one PVC confined concrete column-ring beam in-
terior joint (control interior joint) and studied their
restoring force models [14]. Ni et al. conducted in-depth
experimental research on the seismic performance of
high-strength reinforced concrete shear walls and pro-
posed a restoring force model of high-strength reinforced
concrete shear walls composed of skeleton curves and a
group of empirical hysteretic laws [15].
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The CTSRC column is a new type of composite structure.
The relative research [16-18] shows that it has high com-
pressive and shear capacity and superior seismic perfor-
mance and can make full use of the performance of
high-strength materials. On this basis, the authors put
forward a new type joint of CTSRC column [19-21]. By
applying low-cycle reciprocating load on the top of the
column, the load displacement relationship under recipro-
cating load is studied.

There are mainly two methods to analyze and study
the restoring force model: one is based on the basic re-
search of the steel bar, steel tube, and concrete and the
bond relationship between steel bar and concrete, steel
tube and concrete, to obtain the idealized material
constitutive model and structural strain model and to
obtain the hysteretic curve of the restoring force rela-
tionship by the iterative method; the second is to simulate
the test results directly [22, 23]. In this paper, the second
method is used to study the restoring force characteristics
of the new type joint based on the quasistatic test and the
measured hysteretic curves. The restoring force model
suitable for the new type joint is established, which
provides the basis for the future elastic-plastic time-
history analysis of structures.

2. Test Preparation and Results

2.1. Specimen Design and Loading Scheme. In this paper, two
full-scale joints in frame structure were designed. The
specimen numbers are SH-1 and SH-2. The main differences
between the two specimens are the reinforcement ratio of
ring beam and the form of ring beam. The specimen
numbers and parameters are shown in Table 1.

The height and width of the two specimens are
4375.0mm and 3370.0 mm, respectively. The outer di-
ameter of circular steel tube is 400.0 mm. In order to
ensure that the circular steel tube does not bear the
longitudinal load, the circular steel tube was discon-
nected in the joint area and a 15.0 mm ring opening is
reserved from the upper and lower edges of the concrete
ring beam. The other structures and dimensions are
shown in Figure 2 (taking SH-1 specimen as an example).

The quasistatic test is generally divided into column
end loading and beam end loading. Because the second-
order effect of gravity can be considered in the column
end loading [24], the column-end-loading mode was
adopted in this paper: First, the vertical load is gradually
applied to 1500 kN by the jack at the top of the column in
three stages and the load lasts for several minutes; second,
the MTS servoactuator is used to apply the low-cycle
reciprocating load on the top of the column, and the load
control is used before yielding. After yielding, the load is
carried out according to the multiple of the yield dis-
placement of the top of the column, and each cycle is
carried out three times until the specimen is damaged or
the horizontal load of the top of the column drops below
85% of its peak load. The test device diagram and loading
diagram are shown in Figure 3.

2.2. Test Result. The load-displacement hysteretic curves of
the two specimens are shown in Figure 4. It can be seen from
the figure that the hysteretic curves of the two specimens are
full, showing a very good seismic energy dissipation
performance.

3. Establishment of the Restoring Force Model

The restoring force model for nonlinear analysis consists of
three parts: skeleton curve, stiffness degradation law, and
hysteretic characteristics. The results show that a reasonable
restoring force model can reflect the hysteretic stress
characteristics of actual structure or component and be
simple and practical within the acceptable limit, so as to
facilitate the effective elastic-plastic response analysis.

3.1. Skeleton Curve Model. The skeleton curve determines
the characteristic points of the restoring force model, which
is the connecting line of the characteristic points in the 1/4
hysteretic curve. In this test, the characteristic point loads
and displacements of the two joint specimens are different.
In order to facilitate the comparison, the skeleton curves of
the two specimens are first treated as dimensionless. The
formula is as follows:
+P
| P

(1)
+A

[+A

max|’

where +AP_ . is the maximum positive and reverse load on
the top of the column and +A_  is the displacement cor-
responding to the maximum positive and reverse load. The
results are shown in Table 2, and the dimensionless skeleton
curves of specimens are obtained, as shown in Figure 5.

It can be seen from the above figure that the skeleton
curves of the two specimens after dimensionless treatment
still show their own regular characteristics. By analyzing the
hysteretic curves and dimensionless skeleton curves of
specimens, it can be seen that the skeleton curves of the two
specimens can be approximately fitted with a broken line.
Therefore, the skeleton curve in this paper adopts the form of
three broken lines considering yield load, ultimate load, and
stiffness degradation and is simulated by the connecting line
of three characteristic points. The three characteristic points
are yield point, ultimate load point, and failure point (when
the bearing capacity decreases to 0.85 times of the ultimate
load point).

According to the dimensionless values of the charac-
teristic points of the specimens in Table 2, the coordinates of
the characteristic points corresponding to the specimens
SH-1 and SH-2 are given as follows: (—A,/|-Amax)s —P./
|_Pmax|)) (1) 1)) (_Ay/l_Amax|) _Py/|_Pmax|)) (0) 0)’ (+Ay/
+Amax tPy/+Pax)s (1, 1), and (+4,/+Amax +Pu/+Pmax)-

Taking these coordinate points as the control points of
regression analysis and connecting the characteristic points,
the three-fold line skeleton curve model of two specimens
can be drawn, as shown in Figure 6.
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TaBLE 1: Test piece number and parameter table.

Specimen . . . . . . . .
nﬁ mber Steel ratio (%) Thickness of circular tube steel pipe (mm) Form of ring beam Reinforcement ratio of ring beam (%)
SH-1 Octagon 3.55
419 5.0 cHag
SH-2 Circular 2.05
o _4 Shear Studs
¥ (=) >
=T
ol o H ! =
fE ==
|
- 71 o § Section steel
(=3 =3 <+
i e Y Stirrup
Stiffener plate —F~ ] Circular steel tube N U =
\ -t Longitudinal tendon
| % =
2| ! — N
®| ~ H = | N
{i | :
wn
= Stiffening ring S
> - Stiffener plate
Stirrup — | Ring beam /\
7 T J s
— — - - — S
Lole] a T
! =
Steel beam J 240 | Connecting plate
Ring reinforcement | Opening® =22 é
3
5
I N —
Steel base plate - —
| 1485 [ 200 200] 1485 |
| 3370 |
(a)
j=J
S
*
Q
Stiffener plate Circular steel tube
/3 W R\
I\ SR K/

) _M Ring reinforcement "
Section steel

Connecting plate
L1 1 o
e m\/z 1 &

Stiffener plate

o
—_
i
-
ary
e |

o =t

Steel beam

\/
Stirrup

Ring beam —

1250 870 1250

-
~—

S E—

3370

S

(b)

FIGURE 2: Structural diagram of the specimen (mm). (a) Elevation. (b) Plan.

In Figure 6, the control points A and A’ are the positive  3.2. Stiffness Degradation Law. According to the hysteretic
and reverse yield points, B and B’ are the positive and reverse ~ curve and skeleton curve, the loading and unloading stiffness
ultimate load points, and C and C’ are the positive and  of the specimen has a certain degree of degradation. The
reverse failure points. According to the control points onthe  following is the degradation law of loading and unloading
skeleton curve, the three-fold line skeleton curve expression  stiffness of the specimen under repeated loading [25]. As
of the two specimens can be obtained, as shown in Table 3. shown in Figure 7, K1 is the positive unloading stiffness, K2



Shock and Vibration 5

-—Z

=pr

©
©f
2410

@..
5=
©

I
1965

9 _
V/ n/ | 1685 | 1685 |
¥ ¥
@ specimen. Rigid bearing.
@ lifting jack. (® Chain link.
(® Reaction beam. {0 Hinged support.
(@ Loading head. @ Reaction frame.
(® Connector. @ Lateral support of steel beam.
® 5MTS(50t). © Sliding rail.
@ Reaction wall.
(a) ()

FIGURE 3: (a) Test device diagram (@ specimen, @ lifting jack, ® Reaction beam, ® Loading head, ® Connector, ® 5MTS(50t), @
Reaction wall, ® Rigid bearing, ® Chain link, @ Hinged support, @ Reaction frame, @ Lateral support of steel beam, @ Sliding rail). (b)
Loading diagram.

200 - - 200
150 4 150
100 4 100
> 50} 4 Z 50
Z Z
2 0 2 0
Q Q
= =
50 | E -50
-100 | E -100
-150 B -150 -
-200 -150 -100 -50 O 50 100 150 200 -200 -150 -100 -50 O 50 100 150 200
Displacement (mm) Displacement (mm)
(a) (b)
FIGURE 4: Load-displacement hysteretic curve of specimen column top. (a) SH-1. (b) SH-2.
TaBLE 2: Dimensionless treatment of characteristic points of skeleton curves.
. Yield state Ultimate load state Failure state
Specimen
Py Ay Pmax Amax Pu Au
Positive 155.8 kN 41.7 mm 168.4kN 60.0 mm 143.4kN 178.5 mm
SH-1 Dimensionless 0.93 0.69 1.00 1.00 0.85 2.98
Reverse 127.7kN 32.4mm 144.3kN 60.0 mm 126.9kN 154.2 mm
Dimensionless 0.89 0.54 1.00 1.00 0.88 2.57
Positive 131.3kN 31.3mm 151.5kN 80.0 mm 130.4 kN 180.0 mm
SH-2 Dimensionless 0.87 0.39 1.00 1.00 0.86 2.25
Reverse 120.7 kN 20.3 mm 155.3kN 60.0 mm 132.8 kN 157.5 mm

Dimensionless 0.78 0.34 1.00 1.00 0.86 2.92
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TaBLE 3: Three-fold line skeleton curve expression.

Line segment SH-1 SH-2
OA P/+P,,, = 1.3329(A/+A,,,,) P/+P,, = 2.2174(A/+A,,,)
AB P/+P,,, = 0.2451 (A/+A,,.) + 0.7549 P/+P,, = 0.2184(A/+A,, ) +0.7816
BC P/+P,,. = —0.0754(A/+A,,.) + 1.0754 P/+P,, = —0.1112(A/+A,,) + 1.1112
OA’ P/|=P ol = 1.6419 (A/|-A 0] P/|=P sl = 2.2988 (A/]- A ])
AR P/|-P,.| = 0.2495(A/|-A,,,.|) — 0.7505 P/|-P,, | = 0.3369(A/]-A,,,|) — 0.6631
BC P/|-P,,.| = —0.0772(A/|-A,,,|) — 1.0772 P/|-P,,| = —0.0893 (A/|-A,,,.|) — 1.0893

is the reverse loading stiffness, K3 is the reverse unloading
stiffness, K4 is the positive loading stiffness, a is the positive
unloading point, b is the reverse loading point, ¢ is the
reverse unloading point, d is the positive loading point, A, is
the displacement corresponding to the positive unloading
point a, A, is the residual deformation when positive
unloading to zero, A; is the displacement corresponding to

the reverse unloading point ¢, and A, is the residual de-
formation when reverse unloading to zero, and the meanings
of other symbols are the same as above.

3.2.1. Degradation Law of Specimen Stiffness under Positive
Unloading (K;). As shown in Figure 7, the slope of line ab is
the positive unloading stiffness K;. By sorting out the
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hysteretic curve data of two specimens, the slope value of line
ab under different displacement amplitudes of each speci-
men can be obtained, and it can be dimensionless. The
abscissa is A;/Apaxs and the ordinate is K;/K,,. The scatter
diagram of the degradation law of positive unloading
stiffness (K;) of each specimen can be obtained, where A, .
represents the displacement corresponding to the peak point
when the joint specimen is under positive loading. Ko,
represents the initial elastic stiffness of the joint under
positive loading. After removing the obvious singular points,
using the method of nonlinear data fitting, the degradation
law curve and its regression formulas of the positive
unloading stiffness K; of each specimen can be obtained, as
shown in Figure 8 and equations (2) and (3).
The regression formulas of K; are as follows:

EI _ 1'2216(0.20164/(AI/A:MX)Jr041ef<119)’ 2)
0

K _ +

= L1917 ((AV25)/031605) |y 2364a.  (3)
0

3.2.2. Degradation Law of Specimen Stiffness under Reverse
Loading (K,). Asshown in Figure 7, the slope of line bc is the
reverse loading stiftness K,. Using the same method as in
Section 3.2.1, the degradation law curve and its regression
formulas of the reverse loading stiffness K, of each specimen
can be obtained, as shown in Figure 9 and equations (4) and
(5).
The regression formulas of K, are as follows:

K, -1.4838 (A,/ALL)
o e , (4)

1& — 010061283541 (A,/A},)+0.8073 (AZ/A;m)Z' (5)

3.2.3. Degradation Law of Specimen Stiffness under Reverse
Unloading (K5). As shown in Figure 7, the slope of line ¢d is
the reverse unloading stiftness K;. Using the same method as
in Section 3.2.1, the degradation law curve and its regression
formulas of the reverse unloading stiffness K; of each
specimen can be obtained, as shown in Figure 10 and
equations (6) and (7).
The regression formulas of K; are as follows:

Ks _ 0.57368-0.32551 (A3/A5,, ) +0.07056 ( Ay/Am, )’
— =¢ max max) (6)
Ko

K . ~ N2
B3 _ 60.61056—0.49113(A3/A )+0.14038 (As/A L)

e ?)

3.2.4. Degradation Law of Specimen Stiffness under Positive
Loading (K,). As shown in Figure 7, the slope of line da is
the positive loading stiffness K4. Using the same method as
in Section 3.2.1, the degradation law curve and its regression
formulas of the positive loading stiffness K, of each speci-
men can be obtained, as shown in Figure 11 and equations
(8) and (9).
The regression formulas of K, are as follows:

K _0.30267-1.95449 (A, /A, )+0.40772 (A /A )

K¢ @
0

Ky 028584157987 (A4/85,)+0.03819 (A/AL )

F =e . (9)
0

3.3. Description of Hysteresis Rule. The actual restoring force
curve on the joint of CTSRC column is hard to describe, so it
is necessary to establish a simplified model which can reflect
the actual restoring force characteristics. According to the
skeleton curve model and stiffness degradation law, com-
bined with the hysteretic curve, the restoring force model of
the specimens was established, as shown in Figure 12.
The hysteresis rule is described as follows:

(1) When the specimen is under positive loading, the
relationship between load and displacement de-
velops along the skeleton curve OABC. If the
specimen is unloading in the OA section (the
positive loading does not yield), the positive
loading stiffness does not degenerate and the re-
lationship between load and displacement returns
along the AO section (the unloading line is AO). If
the specimen is unloading in the AB section (the
positive loading vyields), the positive loading
stiffness begins to degenerate and the relationship
between load and displacement returns along the
ab line (the unloading line is ab). If the specimen
is unloading in the BC section (the load has passed
the peak point), the relationship between load and
displacement returns along eb section (the
unloading line is eb).
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(2) When the specimen is unloading to b point and then

loading reversely, the relationship between load and
displacement develops along bIA’B’C’. If the specimen
is unloading at 1A’ section (the reverse loading does not
yield), the reverse loading stiffness does not degenerate
and the relationship between load and displacement
returns along A’O line section (the unloading line is
A°0). If the specimen is unloading at A’B’ section (the
reverse loading yields), the reverse loading stiffness will
degenerate and the relationship between load and
displacement returns along section cd (the unloading
line is cd). If the specimen is unloading at B'C’ section
(the reverse loading has passed the peak point), the
relationship between load and displacement returns
along fd section (the unloading line is fd).

(3) When the specimen is unloading to d point and then
loading again, the relationship between load and
displacement develops along d2ABC, and the sub-
sequent loading and unloading is the same as the first
loading.

4. Verification of Resilience Model

4.1. Verification of Skeleton Curve. The skeleton curve model
can be obtained by connecting the feature points in front,
and the skeleton curve model is compared with the mea-
sured skeleton curve, as shown in Figure 13. It can be seen
that the skeleton curve model can better reflect the load
displacement variation law of two joint specimens.
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4.2. Verification of Hysteresis Curve. The hysteresis curve
drawn by the above hysteresis rule is compared with the
experimental hysteresis curve, as shown in Figure 14, and the
results show that they are consistent.

5. Conclusions

Based on the load-displacement hysteretic curve and
skeleton curve obtained from the test, we establish a
restoring force model suitable for the new type joints.
This model mainly consists of three parts: the three-fold
line skeleton model obtained from the test data, the
specific calculation formula of stiffness degradation, and
the mathematical description of hysteretic rules.

From the above results, it can be seen that the restoring
force model on the joint of CTSRC column has the following
characteristics:

(1) Under low cycle cyclic loading, the positive and
reverse loading and unloading stiffness of the new
type joint is equal to the initial stiffness of the joint
in the elastic stage

(2) When the specimen enters the yield stage, the initial
stiffness of positive and reverse loading and
unloading gradually degenerates, and the degrada-
tion in the early stage is more obvious than that in
the later stage

(3) Compared with the positive unloading stiffness and
reverse unloading stiffness of the specimen, the
stiffness degradation of positive loading stiffness and
reverse loading stiffness is more obvious

The restoring force model can reflect the hysteretic
behavior of the new type joint and can be used for
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elastoplastic seismic time-history analysis on the joint of
CTSRC column.
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Seven steel-reinforced concrete (SRC) deep beams were tested to investigate the shear performance, including peak loads, failure modes,
mid-span deflections, and cracking patterns. The parameters include the shear span-to-depth ratio and the dimensions of the steel
skeleton. The digital image correlation (DIC) technique was utilized for real-time recording of the in-plane strain and deformation. The
experiment results show that the failure modes of specimens could be concluded as two forms: diagonal compression failure and shear
failure. The DIC technique was proved to be efficient for tracking the development of crack patterns and recording the failure modes. The
corresponding numerical analyses based on experiments were carried out and demonstrated to be a reliable method to simulate the shear
response. Furthermore, the most significant parameters and their interactions were identified by finite element models parameter
analysis. The steel skeleton height and shear span-to-depth ratio were the main parameters affecting shear capacity. A design formula
based on the strength superposition method was presented. The calculated results were basically in agreement with the test results, where
the mean and coefficient of variation were 1.04 and 0.09, respectively.

1. Introduction

The steel-reinforced concrete (SRC) deep beam is a com-
posite member formed by built-in steel sections. Due to
good seismic performance, high shear capacity, and duc-
tility, SRC deep beams have been widely used in housing
construction, bridges, and underground engineering [1-4],
especially the gigantic transition beams of complicated high-
rise building structures [5-8].

Few codes give a clear definition of the SRC deep beams.
Generally, the definition of the reinforced concrete (RC)
deep beams is used to define the SRC deep beams. ACI 318-
19 defines deep beams as beams whose shear span-to-depth
ratio does not exceed 2 [9]. Previous studies [10, 11] have
shown that the mechanical properties of SRC deep beams are
quite different from those of slender beams. Due to the small

span-depth ratio, its bearing capacity is controlled by shear
stress instead of bending stress. The section of SRC deep
beam under concentrated load causes bending normal stress,
shear stress, and compressive stress simultaneously,
resulting in a complex and nonlinear strain distribution.
A suitable calculation model is a basis for understanding
the shear transfer mechanism and predicting the bearing
capacity. According to the recommendations of the design
code including ACI 318-19 [9] and EC-2 [12], the Strut-and-
Tie Model (STM) is applied to calculate the shear capacity of
deep beams. To optimize and enhance the accuracy of the
model, many scholars have proposed various modified
STMs. Hwang SJ and Lee [13] proposed a softened STM to
predict the destructive strength of discontinuous areas in
diagonal compression of concrete. Lu [10] calculated the
shear capacity based on softening STM and considering the
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combined action of the internal steel skeleton and concrete.
Chen et al. [11] considered the depth of the steel skeleton as a
major influence parameter and derived an SST-SRC model
to predict the shear capacity of SRC deep beams. However,
the STM model is based on the theory of lower plastic limit
values, with various forms. It is very important whether the
established model can truly reflect the real force. At the same
time, establishing an effective STM is a hard problem.
Additionally, for SRC structural members, the concept of
strength superposition is recommended by many design
codes including the AIJ Standard [14] and the JGJ 138-2016
[15]. Weng and Wang [16] studied the influence of shear
studs and stirrups on the shear behavior of SRC deep beams.
The shear capacity of SRC members is divided into the RC
part and the steel skeleton part. Based on the strength su-
perposition method, the shear capacity is affected by many
parameters of the component, such as the concrete tensile
strength, web and flange of steel skeleton, shear span-to-
depth ratio, longitudinal reinforcement ratio, and stirrups.
However, the above research including the modified Strut-
and-Tie Models predicted the shear capacity by describing
the load transfer path, whereas many influence parameters
were not discussed. Furthermore, the strength superposition
method was mostly used to analyze slender beams; only a
few influence parameters of deep beams were analyzed.
Existing studies cannot fully consider the changing trend of
shear capacity. Therefore, studying the factors of the effect of
the shear capacity of SRC deep beams and establishing an
accurate method for predicting shear capacity were urgently
important issues.

The traditional measuring tools were used in many
structural tests, such as strain gauges, displacement trans-
ducer, and extensometer. But the disadvantage of these tools
is that they can only measure the strain in a certain area. The
strain gauge will fail once the concrete cracks and cannot
record the full-field strain of the surface of the beams. Due to
the complex stress state of SRC deep beams, it is difficult for
traditional measuring tools to capture the variation law of
concrete surface strain. Thus, in order to continuously and
accurately observe the shear response and cracking pattern
of SRC deep beams, the digital image correlation (DIC)
technology was applied to this experiment. This technology
is a noncontact modern optical measurement technology,
which has the merits of a simple measuring device, strong
environmental adaptability, and a wide measurement range.
Thus, it has been widely used in civil engineering, me-
chanical, materials science, and other scientific or engi-
neering fields [17]. Its basic principle is to get the
displacement by tracking the position of the same pixel in
the two speckle images before and after the surface defor-
mation, thereby obtaining the whole field displacement and
strain of the surface. This technology overcomes the
shortcomings of traditional strain gauge measurement and
naked eye identification of cracks, which can continuously
observe the development of crack and surface strain [18].
Therefore, the DIC technique was used to study the shear
cracking response, crack pattern, initial crack load, and
location and track the crack development of SRC deep
beams.
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In this paper, seven SRC deep beams were tested to study
the shear performance using the DIC technique. The in-
fluence of the shear span-to-depth ratio and the size of the
steel skeleton on the shear response were investigated.
Furthermore, the finite element models were established and
verified with good agreement. Besides, the effect of rein-
forcement ratio, stirrup spacing, and concrete strength on
shear capacity was further studied by a series of parameter
analyses. According to the strength superposition theory, the
calculation formula of shear bearing capacity was proposed.
The results can provide a reference for predicting the shear
performance of SRC deep beams.

2. Test Program

2.1. Test Specimen Design and Material Properties. All spec-
imen sizes were designed according to the facilities of the
laboratory. Half-scale specimens were selected for this paper
because deep beams of this size were large enough to capture
essential response phenomena experienced by full-scale deep
beams, while they were small enough to keep the overall project
costs within budget. The reinforcements were arranged based
on the permissible range of ACI 318-19. The dimensions of the
steel skeleton and reinforcement drawings are shown in Fig-
ure 1. All SRC deep beams have the same cross-sectional di-
mension of 180mmx320mm. Two 18mm diameter
longitudinal bars are arranged at the top of the beam section
while four are arranged at the bottom. The stirrups consisted of
¢6@100 mm steel bars. The H-shaped steel skeleton was em-
bedded inside the beams. Table 1 shows the main parameters of
specimens. The main research parameters are the height of the
steel skeleton, the shear span-to-depth ratio A, and the width of
the steel skeleton flange. The specimens are designed in three
lengths, including 860 mm, 1020 mm, and 1200 mm, respec-
tively. A total of five different dimensions of steel skeleton were
studied. RDB-1, RDB-2, and RDB-3 had the same properties,
except A varied from 1.1 to 1.7.

All the specimens were cast-in-place. The concrete used in
the study was provided by a local supplier, with a maximum
aggregate size of 20 mm. The target compressive strength is
C40. On the day of testing, three sizes of 150 mm(length) x
150 mm(width) x 300 mm(height) prisms and three cubes with
150 mm edges were reserved for each test beam. Three prisms
were used to measure the compressive and three cubes are used
to measure splitting tensile strengths. According to the Chinese
standard GB/T 50081 [19], the average concrete compressive
strength f, was 25.2 MPa and the average tensile strength f, was
2.14 MPa; besides, the elastic modulus was 3.31 x 10* MPa. The
longitudinal reinforcements and the stirrups are in grade
HRB335 and HPB300 hot rolled reinforced bars, respectively.
The steel skeleton is hot rolled H-shaped steel with grade Q235.
Table 2 shows the properties of reinforcements and steel.

2.2. Test Setup. Figure 2 shows the schematic diagram of the
test. A three-point bending monotonic static load test
method is applied to the specimen. The YHD-50 displace-
ment sensor was fixed at the bottom of the beam to record
the central displacement. Two dial gauges were installed near
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FiGure 1: Dimensions and reinforcements of specimens.
TaBLE 1: Main parameters of SRC beams.
Specimens Length (mm) A Width ratio Height ratio Cross section of H-shaped steel (mm)
RDB-1 860 1.1 0.5 0.6 192 x 90 x 6x8
RDB-2 1020 1.4 0.5 0.6 192 x 90 x 6x8
RDB-3 1200 1.7 0.5 0.6 192 x 90 x 6x8
RDB-4 860 1.1 0.5 0.45 144 x 90 x 6x8
RDB-5 860 1.1 0.5 0.3 96 x 90 x 6x8
RDB-6 860 1.1 0.67 0.6 192 x 120 x 6x8
RDB-7 860 1.1 0.33 0.6 192 x 60 x 6x8

TABLE 2: Measured material characteristics of steels.

Steel grade Diameter/thickness (mm)

Yield strength f, (MPa)

Ultimate strength f, (MPa) Young’s modulus E; (MPa)

HPB300 6 313
HRB335 18 440

6 272
Q235 8 315

534 2.1x10°
515 2.1x10°
406 2.0x10°
430 2.0x10°

the supports to observe the angle of rotation. The strain
gauges were attached to the longitudinal reinforcement,
stirrups, and steel skeleton to measure strains, as shown in
Figures 2(a) and 2(b).

A 2D digital image correlation (DIC) method was ap-
plied to monitor surface full-field strain of concrete, dis-
placement, and the crack pattern of specimens. The system
consists of a single camera and a light source as shown in
Figures 2(c) and 2(d). The surface of the observation area is
kept parallel to the image plane of the camera throughout the
measurement process. The system was able to measure an

approximately 430-600 mm wide area from the center to the
end of the beams, corresponding to the moment-shear area.
The speckle spots of the specimen are drawn manually, and
the white light source was used to ensure that a clear picture
of the experiment was captured. The experimental device is
tested in conjunction with DIC digital camera, and the
images were captured every 10 kN. The analysis is completed
using a subset size of 41 pixels, a step size of 5 pixels.

The electrohydraulic servo actuator is employed to apply
load by means of the displacement controlled method.
When the applied load on the specimens dropped below 85%
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FIGURE 2: The schematic diagram of the test setup. (a) Typical instrumentation of the beam. (b) Strain position of steel shape. (c) Schematic

of the DIC test loading system. (d) Test method system.

of the peak load or obvious failure occurred, the tests were
stopped. All data of strain gauges, load, and displacement
transducer were registered corresponding to DIC images
using a data acquisition system. In the process of testing, the
initial shear and flexural cracking load and crack patterns at
each stage were recorded.

2.3. Test Results. Figures 3 and 9 show the failure modes and
the load-deflection curves of specimens. The DIC technique
was used to record the crack patterns and study the cracking
process during the test. Under concentrated load, the failure
modes of seven test specimens were concluded as two forms:
(a) diagonal compression failure and (b) shear failure. The
test results including cracking loads, peak loads, mid-span
deflections, and failure modes are listed in Table 3.

The diagonal compression failure occurred in the
specimens RDB-1 and RDB-4~RDB-7. These beams mainly
failed by the crushing of concrete from the loading point to
the support. The A (A=1.1) of these specimens are smaller
than the others. Failure usually occurs along one of the main
diagonal cracks. For a clear description of the diagonal
compression, specimen RDB-1 is taken as an example; its
failure mode and the measured load-deflection curve are
shown in Figures 3(a) and 9(a). Before cracking, the load-
deflections response of the beam was completely dominated
by the bending stiffness. As the load increased, the cracks
appeared gradually, which led to the decrease of stiffness and
the large deformation. All test specimens exhibited vertical
cracks prior to the diagonal cracking. The vertical concrete
cracks in the beam RDB-1 commenced under the load of
90kN at the bottom of the mid-span surface. But unlike

RDB-2 and RDB-3, the vertical cracks did not develop
further. The diagonal cracks occurred soon after the vertical
cracks appeared. Because A (A=1.1) of such beams was
relatively small, the bending moment effect at the mid-span
was not obvious. The concrete diagonal compressive strut
from the loading point to the support was subjected to a
larger load.

The primary diagonal crack initiated approximately at
the middle of the beam section at a load of 110 kN. Then, as
the load increased, it extended to the support and the loading
point. The same crack propagated to the diagonal com-
pression zone up to peak load (F, = 788 kN). When the peak
load was reached, the specimen failed suddenly without
warning and exhibited a brittle failure mode. At this time, a
serious diagonal crack emerged on the concrete failure
surface, and the bearing capacity of the specimen decreased
rapidly. At ultimate load (F, = 680 kN), the displacement in
the beam mid-span of beam reached 8.6 mm and the width
of the diagonal cracks further increased. The strains of
stirrups close to diagonal cracks reached their yielding value
and were bigger than those stirrups which were far from the
cracks. Similarly, the strains of steel skeleton web embedded
in the beam had also reached their yielding value. But, no
longitudinal reinforcement yielded during the test proce-
dure. The cracks at the bottom of the specimen were only
slightly developed. Probably, the bending moment in the
beam mid-span was small, resulting in the fact that the
longitudinal reinforcement at the bottom was subject to
tensile force slightly.

The specimens RDB-2 and RDB-3 with large A (A=1.4
and 1.7) had experienced shear failure. Figures 3(c) and 3(d)
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FiGURE 3: Failure modes and crack pattern. (a) Diagonal compression failure. (b) Shear failure. (c) Crack patterns of RDB-1 recorded by

DIC. (d) Crack patterns of RDB-2 recorded by DIC.

TaBLE 3: The test results of seven SRC deep beams.

Specimens Shear cracking load (kN) Peak load (kN) Deflections (mm) Failure modes
RDB-1 110 788 8.6 Diagonal compression
RDB-2 100 682 9.1 Shear

RDB-3 130 548 9.5 Shear

RDB-4 120 734 7.6 Diagonal compression
RDB-5 130 645 8.9 Diagonal compression
RDB-6 160 816 9.8 Diagonal compression
RDB-7 100 698 8.1 Diagonal compression

show the failure mode and crack pattern of RDB-2. It can be
clearly seen that there are many cracks distributed on the
shear span area of the beams. These beams mainly failed by
the crushing of concrete at the shear span area. The cracks
that ultimately lead to beam failure are diagonal shearing
cracks rather than bending cracks. Hence, the failure mode
of beams RDB-2 and RDB-3 is defined as shear failure.

The vertical cracks in the mid-span surface of beam
RDB-2 were initiated under 60 kN load and they propagated
up to load 100KkN until diagonal cracks occurred. As ex-
pected, these vertical cracks gradually extended up to about
two-thirds of the beam section height by increasing load. A
large number of cracks occurred densely in the shear span
area. From Figure 3, a smaller spacing between the diagonal
cracks can be seen for beams with larger A. As the load
increased further and enhanced the bending moment, the
mid-span displacement expanded. At the ultimate load
(F,=590kN), the displacement reached 9.1 mm. Similarly,
in beam RDB-3, at ultimate load (F, =460kN), the dis-
placement reached 9.5 mm. Both RDB-2 and RDB-3 failed in
larger displacement and the better ductile mode is shown.
The experimental data showed that the strains of longitu-
dinal reinforcement at the bottom reached a yielding value.

As with other beams, strain measurements indicated that the
stirrups and steel skeleton webs at the diagonal cracks of the
beams all reached the yielding value. From Table 3, it can be
shown that the shear capacity decreases with the increase of
A. When A varied from 1.1 to 1.7, the shear capacity de-
creased by 31%. In addition, the steel skeleton flange and web
also have a positive influence on the shear capacity. When
the web height ratio increased from 0.3 to 0.6, the shear
capacity increased by 22%. When the flange width ratio
increased from 0.33 to 0.67, the shear capacity increased by
17%.

3. Finite Element Analysis

Three-dimensional finite element models (FEMs) have been
developed to simulate the nonlinear shear response of the
SRC deep beams based on the ABAQUS software. The
simulation results were compared with those of experi-
mental results. The relevant parameters affecting the shear
response were further studied by FEM. Then, the relation-
ship between the research parameters and the shear capacity
of SRC deep beams was established by the finite element
analysis.



3.1. General Details. Figure 4 shows the typical FEM of the
SRC deep beam. Except for the reinforcement bars, all parts
are simulated using solid elements (C3D8R). This element
only contains an integral point in the center of the element,
and the shear self-locking is difficult to occur under the
bending load. Moreover, the analytical accuracy of the
C3D8R element could not be greatly affected when the mesh
is distorted, and it solves the displacement problem more
accurately. The reinforcement bars are simulated using two-
node truss elements (T3D2). All bars are merged into a
whole. Since no bonding failure of the internal reinforce-
ment bars, steel skeleton, and surrounding concrete was
observed in the test, it is assumed that they are perfectly
bonded. Therefore, the longitudinal bars, stirrups, and steel
skeleton are “embedded” in the concrete. Reinforcement
bars and steel skeleton were meshed with elements of 25 mm
in length. The size of the concrete element is 25 mm at the
analysis position and 50 mm at the edge of beams. The rigid
steel was modeled using solid elements C3D8R to avoid
stress concentration at concrete loading points and supports.
“Tie” command was applied for the contact between sup-
ports and concrete. The material properties of rigid steel are
elastic modulus of 2.1 x 10 Pa and the Poisson ratio of 0.3.
Furthermore, in the ABAQUS standard procedure, the
parameter NLGEOM was activated to consider the large
displacement.

3.2. Material Modeling of Steel. The material behaviors of
steel reinforcement and steel skeleton were assumed as a
nonlinear elastic-plastic. The nonlinear stress (o)-strain (¢)
model proposed by Chinese code GB 50010-2010 [20] for
steel material is shown in Figure 5. The classical metal
plasticity model was used in plasticity analysis. In ABAQUS,
the classic metal plasticity models use the standard Mises
yield surface and associated plastic flow to achieve the
isotropic yield, while also providing the definition of perfect
plasticity and isotropic hardening. Because the experi-
mentally measured data is nominal stress-strain data,
equations (2) and (3) need to be converted into true stress
and logarithmic strain data before inputting into ABA-
QUS.where o, is the stress of steel skeleton and reinforcing
bars; E; is Young’s modulus; & is the strain of steel skeleton
and reinforcing bars; k is the slope of the hardening section
of steel; f, is the yield strength; ¢, is the strain at the yield
strength; f; is the ultimate strength of steel; and ¢, is the
strain at the ultimate strength.

Ece,, £, <€y,
;= (1)
fy+k(ss—£y), €, <& <E,,
Gture = anom (1 + enom)’ (2)
1 0,
efn = In(l + snom) - %’ (3)

. . . 1.
where Oy is the true stress; 0,0, is the nominal stress; €] is
the logarithmic strain; and &,,,, is the nominal strain.
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3.3. Material Modeling of Concrete. The nonlinear response
of concrete in the test beam was simulated by using the CDP
model. The damage and stiffness degradation of concrete has
been considered by the CDP model that was proposed
according to the research of Lubliner et al. [21] and the
revision of Lee and Fenves [22]. In ABAQUS, not merely
concrete materials but also some quasi-brittle materials can
be simulated with the CDP model in all different types of
structures including solid elements.

The five main parameters need to be determined in the
CDP model. The default flow potential eccentricity € = 1.
The dilation angle (y) is an important parameter to defined
nonassociated potential plastic flow. Its value usually ranges
from 0° to 56° [23]. In this study, based on conducting a
sensitivity analysis, the value 35° was used. The default value
parameter fuo/f.o is 1.16. The parameter K. must meet the
conditions 0.5 < K. < 1.0. This paper takes the default value
2/3. Usually, the viscoelastic regularization of the small value
of the viscosity coefficient y helps to increase the conver-
gence rate of the model during the softening stage without
affecting the results. Thus, a value of 0.005 was taken.

The concrete stress-strain response in tension and
compression was simulated using the relationship provided
in the code GB 50010-2010 [20]. Figure 6 presents the stress-
strain curve of concrete. The concrete stress-strain response
in compression can be used by the following relation:where
E, is elastic modulus; «, is the parameter value of the
descending section; ecr is the peak compressive strain of
concrete; f., is the uniaxial compression strength of concrete;
and d, is the damage parameter of concrete.

0=(1-d.)Eze,
I—L
™
n—1+x x<1,
d, =
_ Pc x>1,
a, (x - D*+ x
pofa (4)
¢ EC£CV
n= Ecscr X
Ec‘gcr - fcr
€
x=—

The concrete stress-strain response in tension can be
used by the following relation:

o0=(1-d,)Ez,
1-p,[1.2-02x7),

J x<1,
‘o 1_+, x>1,
a, (x — DY +x (5)
&
x=—
Etr
P _ ftr
t = >
Ecetr

where «, is the parameter value of the descending section; &,
is the peak tension strain of concrete; f;, is the uniaxial
tension strength of concrete; and d, is the damage parameter
of concrete.
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F1GURE 4: Typical FEM meshing of the SRC deep beam. (a) FEM meshing of concrete. (b) FEM meshing of reinforcement bars and steel

skeleton.
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FiGURE 6: The stress-strain curve of concrete.

3.4. FEM Validation. In ABAQUS, the CDP model cannot
clearly output the cracks at the material integration point.
However, the concept of effective crack direction can be
introduced to acquire the graphical visualization of crack
patterns in concrete structures. The vector direction per-
pendicular to the crack plane is assumed to be parallel to the
direction of the maximum principal plastic strain. At the
same time, the concept of equivalent plastic strain (PEEQ) is
introduced in ABAQUS. When the PEEQ is greater than 0,
the material has yielded. It is the cumulative result of plastic
deformation during the whole deformation process.
According to the above methods for determining the
crack patterns, the maximum principal plastic strain and

PEEQ contour plots are reported in this study. The com-
parison between crack patterns from FEM and those
recorded by DIC is shown in Figure 7. Figure 8 presents the
comparison between failure mode from the test and the
PEEQ of FEM. It can be clearly noticed that experimental
and finite element models have similar failure modes. The
shear diagonal cracks extended between the loading point
and the support. The pattern and development process of
cracks obtained by numerical simulation are consistent with
the experimental specimen. The FEM can precisely capture
and simulate the failure modes of SRC deep beams.
Figure 9 shows the load-deflection curves of the test and
FEM in the mid-span of all specimens. At each stage of
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FIGURre 8: Comparison of failure modes between experimental and FEM of RDB-5.

loading, the results of predicted FEM load and deflection
agree well with the test data. All curves are almost linear at
the beginning of the load, before the crack forms. Subse-
quently, the curves are converted nonlinearly due to the
stiffness degradation caused by the cracking of the specimen.
The shear diagonal cracks developed with increased loading
until the specimen was destroyed. After reaching the peak
load, the bearing capacity of the specimen begins to decrease.
By analyzing the results of FEM and the experimental, the
accuracy of the FEM in simulating the nonlinear response of
the experimental beam was further verified.

Furthermore, the FEM simulated the shear capacity with
accuracy. The average simulated-to-test ratio of shear ca-
pacity was 1.05, and the coefficient of variation (COV) was
0.04. The shear capacity of the test results agrees well with the
numerical simulation. The FEM has been proved as a reliable
numerical method to simulate the shear response of spec-
imens. Therefore, the FEM can be applied to the parametric
design-oriented study and also can be researched for the
effects of main parameters on the shear behavior.

4. Parameter Analysis

Table 4 shows the finite element simulation results. In this
study, a total of 21 finite element models of SRC deep beams
are established. According to the validated finite element
models, a parametric analysis was executed to study the
influence of stirrup spacing, concrete tensile strength f,
shear span-to-depth ratio A, the longitudinal reinforcement
ratio p, flange width of the steel skeleton, and steel skeleton
height on the shear capacity. The effects of different pa-
rameters on the shear strength of the specimens are dis-
cussed hereinafter.

4.1. Influence of Concrete Tensile Strength f,. Five finite el-
ement models were established to research the influence
of f, on the shear capacity of specimens. According to the
code GB 50010-2010 [20], the tensile strength of five
beams is 2.01, 2.39, 2.64, 2.85, and 2.99 MPa corre-
sponding to C30, C40, C50, C60, and C70 grade concrete,
respectively. It can be clear from Table 4 that f; has a large
influence on the shear capacity. When f; increased from
2.01 to 2.39 MPa, the shear capacity increased by 10%. As
the concrete tensile strength varied from 2.85 to
2.99 MPa, the shear capacity increased by 2.7%. The shear
capacities of specimens increase with f,. But, as f; further
increases, the shear capacity of the specimen changes
slowly.

4.2. Influence of Shear Span-to-Depth Ratio A. The influence
of A on the shear capacity was studied on four FEM spec-
imens with various A of 1.1, 1.4, 1.7, and 2, respectively, as
shown in Table 4. When A increases from 1.1 to 2, the shear
capacity decreases from 421 kN to 292 kN. This shows that A
is mainly a factor affecting the shear capacity. On the other
hand, the failure mode of the specimen also varies with A.
When 2 is less than 1.4, the specimen suffers from diagonal
compression failure. And when A is between 1.4 and 2, the
shear failure occurred.

4.3. Influence of Flange Width of Steel Skeleton. Table 4
provides the results of the shear capacity of the simu-
lated SRC deep beams with five ratios of steel skeleton
flange width to the beams section width equal to 0.33, 0.42,
0.5, 0.58, and 0.67. It clearly shows that the increase of the
width ratio slightly enhanced the shear capacity. The shear
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FIGURE 9: The load-deflection curves are compared between experimental and the FEM. (a) RDB-1. (b) RDB-2. (c) RDB-3. (d) RDB-4.

(e) RDB-5. (f) RDB-6. (g) RDB-7.

capacity increased by 5.7% when the width ratio varied
from 0.33 to 0.5. But with the increase of the width ratio
from 0.5 to 0.67, the shear capacity increased by 2.8% only.
With the further increase of flange width of the steel
skeleton, there is no noticeable increase in the shear ca-
pacity. This may be because the steel skeleton flange is
arranged at the bottom of the beams, which is mainly
subjected to tensile stress and has little contribution to the
shear resistance of the specimens.

4.4. Influence of Steel Skeleton Height. Four FEMs were
implemented to research the steel skeleton height on the
shear capacity of SRC beams. Table 4 shows that the steel
skeleton height had a noticeable effect on the shear capacity.
There are a total of four different ratios of steel skeleton
height to beam section height of 0.3, 0.45, 0.6, and 0.75,
respectively. When the height ratio increases from 0.3 to
0.75, the shear capacity of the specimens increases from
284 kN to 474kN. With an average 36% increase in steel



10

skeleton height, the shear capacity increased by 18.8% on
average. Thus, the steel skeleton web provides a great
contribution to shear capacity and shows an important shear
behavior in SRC deep beams.

4.5. Influence of Longitudinal Reinforcement Ratio p. The
change of the shear capacity under different longitudinal
reinforcement ratios p is shown in Table 4. It clearly shows
that p between 1% and 2% has no obvious influence. But,
when p increased from 0.5% to 1%, the shear capacity in-
creased by 14.1%. Low-reinforced SRC deep beams are prone
to bending damage. With the increase of p, from low-
reinforced to overreinforced, the specimens change from
flexural failure to shear failure. However, when p increased
by more than 1%, further increasing p has no obvious in-
fluence on the specimens. At this point, the longitudinal
reinforcement and the steel skeleton flange seem to have the
same influence on the shear performance.

4.6. Influence of Stirrup Spacing. The influence of stirrup
spacing on the shear capacity of SRC beams was investigated
by four finite element models. Table 4 presents the results of
the finite element predicted. There are a total of four different
values of stirrup spacing of 50 mm, 75mm, 100 mm, and
125 mm, respectively. It clearly shows that shear capacity
decreases with the increase of stirrup spacing. Increasing
stirrup spacing from 50 mm to 75mm decreased the shear
capacity by 1%. As the stirrup spacing changed from 75 to
100 mm, the shear capacity of the specimens reduced by 0.5%.
And when the stirrup spacing varied from 100 to 125 mm, the
shear capacity decreased by 1.3%. Thus, compared with other
parameters, the stirrup spacing has a minimal influence.

5. Proposed Method and Verification

5.1. Proposed Method. For SRC structures, the strength
superposition theory usually assumes that the shear
strength is the sum of the steel skeleton web and the
reinforced concrete portion. Furthermore, the strength
superposition theory is widely applied to many codes to
calculate the SRC slender beams only, not deep beams.
There are many factors to consider when using this theory
to make theoretical predictions. According to the ex-
periment and finite element analysis in this paper, con-
crete tensile strength, flange width of the steel skeleton,
shear span-to-depth ratio, and steel skeleton height have a
relatively large influence on the shear capacity. The stirrup
pacing has a slight influence on shear capacity. To ensure
the comprehensiveness and accuracy of the calculation
results, all of the above influencing parameters have been
considered. In this paper, the shear capacity V., can be
assumed to consist of four parts: V. is the shear capacity
contributed by concrete, V; is the shear capacity con-
tributed by the stirrup, Vg, is the shear capacity con-
tributed by steel skeleton web, and Vyis the shear capacity
contributed by steel skeleton flange.

It can be observed that V. decreases with the increase of A
and increases with the increase of f,. The shear capacity
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contributed by the concrete portion V_ can be estimated as
follows:

Bf:
V.=—=bh, 6
c= (6)
where h is the specimen height, b is the specimen width, and
p and « are the impact coefficients of f; and A, respectively.

According to the experiment and FEM analysis results,
the relation of impact coefficient f and & can be estimated as

B

= =192 (7)
o
It is clearly shown from Table 4 that the shear capacity
decreases with the increase of stirrup spacing, but not much
impact. Thus, the shear capacity contributed by stirrup V;
can be defined as

A
V=0.11f,—%h, (8)
S

where f,, is the yield strength of stirrups, A, is the area of the
stirrups, and sis the stirrup spacing.

The data obtained in the previous section showed that
the steel skeleton web had a noticeable effect on the shear
capacity. By studying the law of change and linear fitting, the
shear capacity contributed by steel skeleton web Vy,, can be
estimated as follows:

Vo = 0.43t, f ol (9)

where t,, is the web thickness of steel skeleton, f, is the yield
strength of steel skeleton web, and h,, is the height of steel
skeleton web.

Many scholars have only studied the shear behavior of
the steel skeleton web, but not the shear behavior of the steel
skeleton flange. According to the results of this study, as a
part of the steel skeleton, the steel flange shows relatively
good shear resistance. Therefore, shear capacity contributed
by steel skeleton flange Vi cannot be ignored, and it can be
estimated exactly as

where by is the width of the steel skeleton flange, ¢ is the
thickness of the steel skeleton flange, and f; is the yield
strength of the steel skeleton flange.

Thus, the shear capacity of SRC deep beams V., is
expressed as follows:

f ASV
Ve = 1,927fbh + 0.11fvah +0.43t,, f ,hy, +0.14b st  f 1.
(11)

5.2. Verification of the Proposed Method. The test results of
24 specimens are used to verify the accuracy of the pre-
diction method. These test results are from Chen et al.
[11], Deng et al. [24], Wang [25], and Liang [26], re-
spectively. All the specimens are simply supported. Their
failure modes are a shear failure and diagonal



Shock and Vibration

11

TaBLE 4: The shear capacity obtained by FEM.

Specimens Specimen length (mm) A Width ratio Height ratio f, (MPa) p (%) Stirrup spacing (mm) Shear capacity (mm)

SDB-1 860 1.1 0.5 0.6
SDB-2 1020 1.4 0.5 0.6
SDB-3 1200 1.7 0.5 0.6
SDB-4 1350 2 0.5 0.6
SDB-5 1020 1.4 0.33 0.6
SDB-6 1020 14 0.42 0.6
SDB-7 1020 14 0.58 0.6
SDB-8 1020 1.4 0.67 0.6
SDB-9 1020 1.4 0.5 0.3
SDB-10 1020 14 0.5 0.45
SDB-11 1020 1.4 0.5 0.75
SDB-12 1020 1.4 0.5 0.6
SDB-13 1020 14 0.5 0.6
SDB-14 1020 1.4 0.5 0.6
SDB-15 1020 1.4 0.5 0.6
SDB-16 1020 1.4 0.5 0.6
SDB-17 1020 1.4 0.5 0.6
SDB-18 1020 14 0.5 0.6
SDB-19 1020 1.4 0.5 0.6
SDB-20 1020 1.4 0.5 0.6
SDB-21 1020 1.4 0.5 0.6

2.39 1.5 100 421 kN
2.39 1.5 100 387kN
2.39 1.5 100 346 kN
2.39 1.5 100 292 kN
2.39 1.5 100 365 kN
2.39 1.5 100 374kN
2.39 1.5 100 393 kN
2.39 1.5 100 398 kN
2.39 1.5 100 284 kN
2.39 1.5 100 353 kN
2.39 1.5 100 474 kN
2.01 1.5 100 352kN
2.64 1.5 100 414kN
2.85 1.5 100 438 kN
2.99 1.5 100 456 kN
2.39 0.5 100 333kN
2.39 1 100 380 kN
2.39 2 100 390 kN
2.39 1.5 50 393kN
2.39 1.5 75 389kN
2.39 1.5 125 382kN

TaBLE 5: Experimental verification.

Data sources Beam A Viest (KN) V. (kKN) Viest!Veal
RDB-1 11 394 366 1.08
RDB-2 1.4 341 322 1.06
RDB-3 1.7 274 294 0.93
This paper RDB-4 1.1 367 332 111
RDB-5 1.1 313 298 1.05
RDB-6 1.1 408 376 1.09
RDB-7 1.1 349 355 0.98
B-HI1 1.04 2423 1998 1.21
B-H2 1.08 2399 1958 1.23
BW-H2A 111 2281 2134 1.07
Chen et al. [11] BW-H2B 1.09 2605 2369 1.1
B-H3 111 2109 1890 112
B-H4 1.15 1766 1760 1
C-1 1 650 578 112
Deng et al. [24] C-15 1.5 473 426 111
C2 2 355 350 1.01
SBI-1 400 358 112
Wang [25] SBI-2 1.5 260 292 0.89
SBI-3 2 240 259 0.92
SRC-18 475 469 1.01
SRC-19 1.5 310 356 0.87
Liang [26] SRC-21 1.5 350 370 0.95
SRC-22 1.5 345 391 0.88
SRC-23 1.5 350 336 1.04
AVG 1.04
cov 0.09

compression failure. The section height of the test piece is
200 mm-550 mm, and there are no shear studs. A varied
from 1 to 2.

Table 5 and Figure 10 compare the tested shear capacity
Viest with the calculated shear capacity V,,; of the suggested

method. It can be shown that the calculated results are
basically consistent with the experimental. The mean and
coefficient of variation are 1.08 and 0.07, respectively. The
suggested method can reasonably calculate the shear ca-
pacity of SRC deep beams.
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Figure 10: Comparison of test values with calculated values.

6. Conclusions

The shear behavior and failure modes of SRC deep beams have
been studied by experiment and finite element analysis. The
DIC technique was used to record the shear cracking response,
initial crack load and location, crack pattern, and track the
crack development. Furthermore, the FEM was used to re-
search the influence parameters including the concrete tensile
strength f;, shear span-to-depth ratio A, stirrup spacing, the
longitudinal reinforcement ratio p, flange width of the steel
skeleton, and steel skeleton height on the shear capacity. In
addition, based on the strength superposition theory, the
calculation method was recommended for calculating the shear
capacity of SRC deep beams.

When the effects of each investigated parameter on
failure modes and the shear capacity of SRC deep beams are
evaluated in terms of test results and finite element analysis
perspective, the following conclusions are deduced:

(1) The failure modes of SRC deep beam under con-
centrated load can be concluded as two forms: hear
failure and diagonal compression failure. When A is
less than 1.4, the specimen suffers from diagonal
compression failure. When A is between 1.4 and 2,
shear failure occurred

(2) The DIC technology is proved to be a reliable tool for
recording the load at the first crack and track the
cracks continuously. Using DIC technology can
better understand the shear cracking response and
the crack pattern of specimens

(3) The finite element model analysis can accurately simulate
the shear response of SRC deep beams. The shear ca-
pacity simulated by the finite element models is con-
sistent with the test results. Excellent similarity in load-
displacement curves and the failure mode is recorded
between finite element analysis and experiment

(4) The shear capacity of SRC deep beams is mainly
affected by A and the height of the steel skeleton web.
The shear capacity increases with the increase of the
height of the steel skeleton web and decreases with
the increase of A. With an average 36% increase in
web height, the shear capacity increased by 18.8% on
average. Therefore, under the premise of satisfying
the specification, increasing the height of the section
web can improve the shear capacity of the SRC deep
beams

(5) The proposed calculation method can predict ac-
curate shear strengths of SRC deep beams. A com-
piled database, which consisted of the 24 SRC deep
beams, is used to validate the proposed calculation
method. The mean ratio of predicted to tested shear
strength and its coefficient of variation is 1.04 and
0.09, respectively.
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The safety and cost of structures composed of concrete-filled steel tube (CFST) frame-steel plate shear walls (SPSWs) with two-
side connections are governed by the seismic performance. The response modification factor R and displacement amplification
factor C4 are important seismic performance factors. In this paper, nonlinear seismic responses of 10-story, 15-story, and 20-story
CFST frame-SPSWs (CFST-SPSWs) are studied. A nonlinear finite element model which includes both material and geometric
nonlinearities is developed using the finite element software OpenSees for this study. The accuracy of model was validated by
comparing with experimental results. Nonlinear seismic analysis shows that CFST-SPSWs, in high seismic region, behave in a
stable and ductile manner. Also, R and C; of CFST-SPSWs were evaluated for the structure models using incremental dynamic
analysis (IDA), and the average values of 3.17 and 3.05 are recommended, respectively. The recommended R value is greater than
the value (2.8) in the “Chinese Code for seismic design of buildings” for composite structures, indicating the code is conservative.
The structural periods provided by current code are generally lower than the periods calculated by finite element analysis.
Research results show that R and C, increase with increasing story number, span number, and structural period. Ductility
reduction factor R, increases with increasing span number and decreasing story number. Overstrength factor R, increases with

increasing story number and decreasing span number.

1. Introduction

Increasing material strength and deformation properties and
using composite structures are two effective methods of
improving the seismic performance of building structures
[1]. Steel plate shear walls with composite columns and infill
plates connected only to beams are important types of
composite structures with high seismic performance. Cur-
rent seismic design methods are primarily based on load-
carrying capacity. Currently, in order to ensure structures
into inelastic phase, seismic action (horizontal base shear) in
design is determined by reducing the elastic seismic force
using the response modification factor R for structural
seismic acceleration (“moderate earthquake” in Chinese
seismic fortification intensity). The R is governed by
structural overstrength performance, ductility, and energy

dissipation. The structural inelastic degree depends directly
on a reduced seismic force, and reduction factor values are
concerned with seismic action in design. In the perfor-
mance-based seismic design method, the inelastic response
spectrum is widely applied in the displacement-based design
method. In this method, the inelastic response spectrum is
obtained by using response modification factor to reduce the
elastic response spectrum. Therefore, the structural response
modification factor is one of the most crucial parameters in
structural seismic design.

The structural response modification factor values from
various seismic codes around the world are different. In
Chinese code, the “General rule for performance-based
seismic design of buildings” (CES160:2004) [2] (following
shorted form is “General rule”) lists some of the structural
response modification factors within a structural system;


mailto:houxiaomeng@gmail.com
mailto:13766899951@163.com
https://orcid.org/0000-0002-1824-448X
https://orcid.org/0000-0001-5707-1924
https://creativecommons.org/licenses/by/4.0/
https://creativecommons.org/licenses/by/4.0/
https://creativecommons.org/licenses/by/4.0/
https://doi.org/10.1155/2021/5850073

however, the “Code for seismic design of buildings”
(GB50011-2010) [3] uses information frequently collected
during earthquakes to calculate seismic action. The conno-
tative structural response modification factor is 2.8, which
neglects the difference between seismic performance and
plastic deformation capacity within the system. Structural
response modification factor values in American code were
studied and compared with Japanese code by Uang [4] and
Whittaker et al. [5]. The reinforced concrete structure
designed according to EC8 (Eurocode 8: Design of structures
for earthquake resistance) was evaluated in terms of behavior
coefhicient by Elnashai and Broderick [6], who found that the
structural behavior coefficient of European code is conser-
vative. The behavior factor of steel frame structure was an-
alyzed by Kim and Choi [7]. The response modification
factors of 20 buckling restrained braced frames (BRBFs) and
30 concentric braced frames (CBFs) were evaluated using
Pushover analysis [8]. The response modification factors for
CBFs were lower than the BRBF values. The response
modification factors for CBFs ranged from 4.10 to 6.10 and
ranged from 7 to 22 for BRBFs. The response modification
factors of BRBFs with type V, inverted V, diagonal, and split X
restrained bracing configurations were calculated using
OpenSees software [9]. The response modification factors for
BRBFs ranged from 7 to 9.4. The response modification
factors of steel moment-resisting frames were calculated using
different pushover analysis methods [10]. The response
modification factors for steel moment-resisting frames ranged
from 3.3 to 3.8, and the maximum difference for response
modification factors calculated by adaptive pushover analysis
(APA) method and conventional pushover analysis (CPA)
method was 16%. The response modification factors of
X-braced steel frames with different boundary conditions
were calculated using pushover analysis methods using
Sap2000 software [11]. The response modification factors for
X-braced steel frames ranged from 4.3 to 11. The response
modification factors varied with different boundary condi-
tions. The response modification and overstrength factors in
moment-resisting steel frames (MRSFs) with added trian-
gular-plate damping and stiffness devices (TADAS) were
evaluated using OpenSees software [12]. The response
modification factors for MRSFs with TADAS were 15.9, and
the factors for MRSFs with TADAS were greater than the
MRSEFs values. The response modification of steel slit panel-
frames was evaluated using pushover analysis and nonlinear
incremental dynamic analysis (NIDA) [13]. The response
modification factors for steel slit panel-frames ranged from
6.14 to 8.11. The response modification factors calculated
using pushover analysis are smaller than those derived from
NIDA.

Apart from the steel structures [14, 15], the response
modification factors of reinforced concrete structures were
also investigated [16-19]. The response modification of
reinforced concrete frames was evaluated using incremental
dynamic analysis (IDA) [20]. The response modification
factors R=6 satisfied the expected safety level-against
earthquake-induced collapse. The R=3 value in current
Chinese codes [2] is conservative for RC frames. The seismic
behavior and failure mechanism of elevated concrete tanks
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with shaft and frame staging were evaluated using finite
element (FE) modeling [21]. The response modification
factors for elevated concrete tanks were 1.5-3, less than the
recommended value of 3 by ACI 371R-08 [22]. The values of
structural response modification factors for a reinforced
concrete frame structure were evaluated based on Indian
code by Mondal et al. [23]. The value in Indian code was
greater than the actual value, meaning that the code was not
safe.

Cyclic loading tests on four steel frames assembled with
concrete-filled steel tubular (CFST)-bordered composite
walls were conducted by Cao et al. [24]. Test results showed
that the seismic performance of steel frame was improved by
CFST-bordered composite wall. As compared with steel
frame, the displacement ductility factor of steel frame CFST-
bordered composite wall was reduced from 2.6-3.4 to
1.3-1.8. This is mainly because with the increase in steel
ratio, the increase in the damage displacement is lower than
that of yield displacement. Five steel-concrete-steel com-
posite shear walls with ] hook connectors (SCSSW]) and
boundary CFST columns under cyclic loading were con-
ducted by Yan et al. [25]. Test results showed that the failure
mode of SCSSWTs was flexure, which indicated the SCSSWTs
exhibit good seismic performance.

Recently, our research group conducted seismic be-
havior tests on steel plate shear walls (SPSWs) and concrete
filled steel tube (CFST) columns [26, 27]. The SPSWs
exhibited acceptable hysteretic responses under cyclic
loading. Literature review shows that the structural response
modification factors of reinforced concrete and steel frame
structure were studied. However, the research regarding the
CFST frame-SPSW response modification factor was limited
[28, 29]. To answer this question, the seismic performance of
CFEST frame-SPSWss is evaluated using the IDA method in
this paper. Evaluating structural response modification
factor systematically in a composite structural system of
CFST frame-SPSWs will improve the seismic design and
economy of engineering structures. The influence of story
number, span number, and structural period on structural
response modification factor R, ductility reduction factor R,,,
overstrength factor R;, and displacement amplification
factor C, is analyzed. The reasonable values are presented for
the CFST frame-SPSWs to provide a base value for the
corresponding code.

2. CFST Frame-SPSWs Modeling

In order to evaluate the response modification factor R,
ductility reduction factor R,, overstrength factor R,, and
displacement amplification factor C;, CFST frame-SPSWs
models were built using OpenSees.

2.1. Definition of Structural Response Modification Factor R.
R is the ratio of the minimum strength to designed strength
required to keep a structure fully elastic during a moderate
earthquake. This coeflicient is concerned with ductility and
energy dissipation capacity, and it is an important coefficient
for structural seismic design. C, is the ratio between the
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maximum elastic-plastic deformation and displacement
calculated by elastic analysis according to the reduced
seismic effect at the same intensity level during a moderate
earthquake. Using the displacement amplification factor, the
largest inelastic displacement of the structure can be esti-
mated by determining the elastic displacement generated by
seismic action.

The elastic-plastic deformation of a structure during an
earthquake is shown in Figure 1. The nonlinear curve is
simplified using a bilinear elastic-plastic curve. The struc-
tural response modification factor R and displacement
amplification factor C; are calculated as follows:

R Ve
Vd

VeVy
%

d (1)

In formula (1), V, is the maximum base shear when the
structure remains completely elastic under moderate
earthquake; V', is the base shear when the structure yields;
V, is the designed base shear; A, is the top horizontal
displacement related to the designed base shear; A, is the top
horizontal displacement when the structure yields; A, is
the maximum top horizontal displacement of the structure
during a moderate earthquake; R, is the structural ductility
reduction factor; and R is structural overstrength factor.

2.2. Structural Response Modification Factor Modeling
Process. The process for calculating the structural response
modification factor R and displacement amplification factor
C, of the CFST frame-SPSWs using IDA is as follows:

(1) The structural analysis model was designed, and the
corresponding design-based shear V; is solved
according to the current domestic design code. The
base shear method was used to analyze structures less
than 40 m in height, and the mode decomposition
method is used to analyze structures greater than
40 m in height.

(2) The CFST frame-SPSWs analysis model was built by
using the finite software OpenSees based on the
equivalent bars model of steel plate shear walls.
Using the IDA method, the seismic response of real
structures under the action of one artificial wave and
multiple natural ground shocks was analyzed. The
maximum base shear, top displacement, and inter-
story drift of the structure under different seismic
levels were obtained by constantly adjusting the
acceleration amplitude to analyze IDA. The curve of
maximum base shear and top displacement under
varying seismic was drawn and analyzed.
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FIGURe 1: General structural response.

(3) Adjusting seismic peak acceleration of earthquake
waves to the peak seismic acceleration under forti-
fication seismic and conducting the time-history
analysis of elastic structures, the maximum base
shear V, of elastic structures under fortification
seismic was calculated. Then, structural response
modification factor R was calculated according to the
ratio of maximum base shear V, to designed base
shear V.

(4) Adjusting seismic peak acceleration to seismic for-
tification peak acceleration can get the maximum top
displacement of the structure. According to the ratio
of Apax to the design top displacement A, of the
elastic structure, the displacement amplification
factor C, could be calculated during various amounts
of ground shaking. The average value of C,is used as
the analysis result.

3. Modeling and Validation of CFST Frame-
SPSWs Using the Equivalent Bars Model

To simplify the CFST frame-SPSWs model, the steel plate
shear walls can be considered as the equivalent bars model.
Steel plate shear walls and equivalent bars provide the same
shear force capacity and same horizontal stiffness. The
SPSWs with two-side connections are regarded as bidirec-
tional crossbar. The specifics of the methods can be found in
[28]. The analytical model of the CFST frame-SPSWs
composite structure with two-side connections was devel-
oped using the finite element software OpenSees. The core
concrete [29, 30] was simulated using the Concrete02 model
based on Kent-Scott-Park provided in OpenSees. The
stress-strain relationship was confirmed using a concrete
constitutive model under axial compression and bending.
Steel tubes and beams were modeled using the Steel02 model
based on Giuffre-Menegotto-Pinto in OpenSees [31]. The
Bauschinger effect can also be considered using the Steel02
model. The softening rate from elastic to plastic phase in this
model is Ry=18, a;=0.925, and a,=0.15, respectively.
Compressive and tensional yield stresses were considered



equal to steel yield stress. The nonlinear beam-column el-
ement and fiber sections were used to simulate the CFST
columns and steel beams. This element considers some
characteristics like plastic, stress strengthening, large strain,
and large deformation. Steel02 material with 2% strain-
hardening is used for these fibers.

The nonlinear beam-column element was used to sim-
ulate the CFST columns and steel beams. This element
considers some characteristics like plastic, stress strength-
ening, large strain, and large deformation. The simplified bar
model was adopted to simulate SPSWs with two-side con-
nections, which allowed for the use of a shell element. The
disadvantages of large amount of calculation and difficult in
convergence can be avoided. This model uses two crossed
steel bars to simulate the performance of SPSWs with two-
side connections, and the two crossed steel bars have the
same SPSWs hysteretic model under the tensile and com-
pressive load. The two crossed steel bars were simulated
using the Truss element in OpenSees, and the hysteretic
uniaxial material is used to define the tension and com-
pressive properties of simplified bars. The crossed steel bars
hysteric model was determined using SPSWs hysteretic
curves with characteristic points on corresponding skeleton
curves and damage factors. The damage parameters
“damagel” and “damage2” represent the damage of the
material in every consecutive cycle in terms of ductility and
energy, respectively. These parameters are considered as
0.005 and 0.01. The hysteretic uniaxial material also requires
inputting the pinching parameters ‘pinchx’ and ‘pinchy,
which was defined as follows [29]:

L
pinchy = 0.07 ln<ﬁ> -0.11 In(A) + 0.8,

3\ 1
pinchx = 1.20{ — -0.17 — ] - 0.98,
100 100

where L is the length of SPSW, H is the height of SPSW, and
A is the height-to-thickness ratio of SPSW.

The hysteretic performance tests of CFST frame-SPSW
(specimens F2SW) and CFST frame (specimen CFST)
conducted in Ref [26] were selected to validate the numerical
model. The dimensions of specimens are shown in Table 1.
The thickness and width, ¢ and L,, of SPSW are 3 mm and
1100 mm, respectively. The measured yield strength and
tensile strength of steel are 290 MPa and 421 MPa, respec-
tively. By conducting the same loading as experiment as in
the model, the calculated shear force at the F2SW and CFST
base columns can be obtained. The comparison of hysteretic
curves for F2SW and CFST obtained from the experiment by
Guo etal. [26] and the simulations from this study are shown
in Figure 2. The stiffness of loading and unloading in the
hysteretic curve seems credible as the calculated curves and
test curves are consistent. The measured peak load is slightly
greater than the calculated peak load. In order to enhance the
connection of steel beams and shear walls, each steel plate
was attached to beams of the boundary frame through 6 mm
thick fishplates. Length of each fishplate was the same as that
of the infill plate. In the finite element model, the contri-
bution of the fishtail plate is difficult to simulate. Hence, the

(2)
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load-carrying capacity in the experiment is slightly greater.
To summarize, the finite element model can analyze the
hysteretic performance under cyclic load of the CFST frame-
SPSWs.

4. Evaluating Structural Seismic Performance
Using the IDA Method

In this study, the numerical model developed in Section 2
was used to evaluate the structural seismic performance of
CEST frame-SPSWs. Six planar structural models were
designed with 10, 15, and 20 stories, respectively, and the
influence of story number, span number, and structural
period on the structural response modification factor R is
studied. These buildings are located in 9 seismic precau-
tionary intensity zone, and designed basis seismic acceler-
ation is 0.4g. In addition, using Chinese code [2], these
buildings’ site classifications were selected as class 2, and
their earthquake classification was selected as group one.
Each model’s height and span are 3.6 m and 6m, with the
span numbers of 3 and 5, respectively. In addition, SPSWs
were designed with the span-to-depth ratio of 1.0 and were
settled at the midspan of the frame. The steel of the SPSW is
Q235, and the steel of the frame beams and CFSTs is Q345.
Q235 and Q345 mean that the standard yield strength of
steel is 235MPa and 345 MPa, respectively, as per the
Standard for design of steel structures (GB 50017-2017). The
core concrete grade in the steel-tube columns is C50
(compressive strength design value of 23.1 MPa). The floors
are east-in-place reinforced concrete with a thickness of
100 mm and concrete grade of C30 (compressive strength
design value of 14.3 MPa). C50 and C30 mean that the
standard cube compressive strength of concrete is 30 MPa
and 50 MPa, respectively, as per the Code for design of
concrete structures (GB50010-2010).

The dead load of floor and roof is 4.2 kN/m2 and 4.6 kN/
m2, respectively. The live load is 2 kN/m®. The dead load and
live load are calculated according to load code for the design of
building structures (GB50009-2012). The frames were designed
according to the “Code for seismic design of buildings,” and the
cross section dimensions are listed in Table 2.

By comparing the acceleration response spectrum in
seismic records with Chinese code, 8 seismic records in-
cluding 7 ground motion records and 1 artificial seismic
wave were selected from the 22 available long field ground
motion records, which are recommended in FEMA P695.
According to the spectrum characteristics, amplitude, and
duration of seismic records, the selected seismic records are
similar to the site design spectrum, and the 8 seismic records
are selected. The 8 seismic records (as listed in Table 3) were
used in CFST frame-SPSWs seismic response evaluation
using the IDA method. The peak accelerations of seismic
records are amplified or reduced in proportion to ensure
that the adjusted peak accelerations of seismic records satisfy
the requirements of the highest value of acceleration time-
history curves under the corresponding seismic levels in
Chine code. Using this method, only the highest value in the
seismic response spectrum is changed but the spectral
characteristics remain the same.
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TaBLE 1: Dimension of specimens.

H (mm) L (mm) L; (mm) ¢ (mm) Dxt (mm) Middle beam (mm) Top and bottom beam (mm)
1500 2000 1100 3 219 x 4 H194x150x 6 x9 H300x150x6 %9

Note. The Chinese designation of H shapes corresponds to the United States designation of W shapes and reflects member depth, width, web thickness, and
flange thickness (unit in mm), respectively. The columns were CFSTs, the steel tube with a diameter of D and depth of ¢ (unit in mm).

600 : : 300
400 200 78
Z Z '
= 200 = 100
-~ -~
9 9
< <
2 0 2 0
= =
= =
Q ]
8 200 2 -100
=] =]
-400 -200 ~ V”
-600 -300 1 L
-80 -60 -40 -20 0 20 40 60 80 -50 -40 -30 -20 -10 O 10 20 30 40 50
Inter-story drift Ax (mm) Inter-story drift Ax (mm)
—— Experimental results [26] —— Experimental results [26]
Calculated results - Calculated results
(a) (b)
FIGURE 2: Comparison of experimental and calculated results: (a) specimen F2SW; (b) specimen CFST.
TABLE 2: Model dimensions.
Model number Floor number Column D x t (mm) Beam (mm) Steel plate depth (mm)
M-10-3 1-3 450 %10 H500x300x11x15 8
4-6 400x9 6
M-10-5 710 350 %8 H600 x 300 x 12 x 20 (HBE) 6
M-15-3 1-5 500 x 12 H500x300x11x15 10
5-10 45010 8
M-15-5 11-15 400 x 9 H600 x 300 x 12 x 20 (HBE) 6
1-5 600 x 16 12
M-20-3 6-10 550 % 15 H500x300x11x15 10
11-15 500 x12 8
M-20-5 16-20 450 % 10 H600 x 300 x 12 x 20 (HBE) 6

Note. Six planar structural models were designed with 10, 15, and 20 stories. The M-10-3 means the model has 10 stories and 3 spans. The HBE is horizontal
boundary elements connected to shear walls. The beams were H-shaped steels and reflect member depth, width, web thickness, and flange thickness (unit in
mm), respectively. The columns were CFSTs, and the steel tubes reflect diameter of D and depth of ¢ (unit in mm).

TaBLE 3: Information from the selected earthquake records.

Number Level Year Name Recording station
GM1 6.5 1979 Imperial Valley Delta

GM2 6.5 1979 Imperial Valley EI Centro Array #11
GM3 6.9 1989 Loma Prieta Capitola

GM4 6.9 1989 Loma Prieta Gilroy Array #3

GM5 7.4 1990 Manjil, Iran Abbar

GM6 7.0 1992 Cape Mendocino Rio Dell Overpass
GM7 6.6 1971 San Fernando LA-Hollywood Stor Lot,090

GMS8 Artificial waves
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FiGure 3: Capacity envelopes of structure: (a) maximum interstory drift; (b) maximum top displacement; (c) base shear-maximum

interstory drift curves.

4.1. Capacity Curves of Model M-20-5. In the 8 selected
seismic records, peak acceleration increased to 1.0 g, and the
capacity curves of model M-20-5 were analyzed using the
IDA method in OpenSees. The capacity curves of M-20-5
under different ground motions are shown in Figure 3. The
structural response increases gradually with increasing peak
acceleration. Even when the acceleration is greater than the
corresponding acceleration in the number 9 seismic forti-
fication zone (the design basic acceleration is 0.4g), the
structure maintains good seismic performance.

Peak acceleration reaches 0.8g under the artificial
seismic curve and GMI, and story displacement angle in-
creases rapidly, indicating the structure will collapse. Under
other seismic curves, when the peak acceleration reaches
approximately 1000gal, the structure maintains good seismic
performance; hence, the anticollapse capacity of M-20-5 is
800gal.

4.2. Distribution of Interstory Drift. The envelope of inter-
story drift of M-20-5 under frequently occurring, mod-
erate, and rare earthquakes is shown in Figure 4. The
change of structural maximum interstory drift under
frequently occurring earthquakes for varying height of
structure is small (maximum interstory drift is less than 4/
1000). The average value in this situation is 0.26%, and the
average value of maximum interstory drift during a
moderate earthquake is 0.77%. The average value of
maximum interstory drift during a rare earthquake is 1.3%.
The model maximum interstory drift under frequently
occurring and rare earthquakes can satisfy deformation
requirement for elastic and elastic-plastic in the “Code for
seismic design of buildings,” which is less than 1/300 and 1/
50, respectively. It also satisfies the requirement for
moderate earthquake fortification standards
(0.004 h-0.008 1) (h is story height) in the “General rule.”
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FIGURE 4: The maximum interstory drift with height of the structure under different seismic waves: (a) frequently occurring earthquake;

(b) moderate earthquake; (c) rare earthquake.

Furthermore, the structural maximum interstory drift
under frequently occurring and moderate earthquakes
changes inconspicuously with height; however, these
changes are significant in the bottom and middle-upper
sections during rare earthquakes. The maximum interstory
drift occurs at the 16th floor primarily because the
structural members dimension as well as the stiffness is
reduced at this floor. Under frequently occurring earth-
quakes, the structure is completely elastic, and under
moderate earthquakes, the steel plates, acting as energy
dissipation elements, yielded first and become plastic
hinges to consume energy. In addition, the steel plates also
absorb earthquake energy and prevent structural failure.
Under rare earthquakes, numerous SPSWs and frame
beams yielded to form plastic hinges; however, the
structure does not collapse. After yielding, the maximum
interstory drift decreased with increasing peak acceleration

primarily because the location and order of structural
plastic hinge change after the peak acceleration, resulting
in internal force redistribution and changing the structure
force transfer paths (Figure 4(a)). All of these research
results show that CFST frame-SPSW3s exhibit good seismic
capacity.

4.3. Analysis of Structural Capacity Curve. The 8 capacity
curves of maximum interstory drift-base shear for different
models under ground motion are shown in Figure 5. The
structural seismic response on elastic phase under different
ground motions is close to each other (Figure 5). Shear force
increases with increasing peak acceleration until the
structure yielded into the elastic-plastic phase. Then, the
difference in structural response under different ground
motions is larger, and the average values from the seismic
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F1GURE 5: Capacity envelopes of structures for a 9 seismic intensity: (a) Model M-10-3; (b) Model M-10-5; (c) Model M-15-3; (d) Model M-
15-5; () Model M-20-3; (f) Model M-20-5.
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TABLE 4: Structural performance factors.

Structural basis

Model eriod Structural ductility Structural Structural response Displacement
number pT s reduction factor R,  overstrength factor R, modification factor R amplification factor C,
M-10-3 1.06 1.254 2.660 3.326 3.194
M-10-5 1.25 1.352 2.402 3.248 3.117
M-15-3 1.57 1.106 2.881 3.187 3.129
M-15-5 1.79 1.192 2.669 3.180 3.056
M-20-3 1.99 1.046 2.938 3.073 2.988
M-20-5 2.19 1.084 2.794 3.029 2.826
Average 1.172 2.724 3.174 3.052
Standard deviation 0.106 0.176 0.098 0.119
Variation coefficient 0.090 0.065 0.031 0.039
1.5 3
251
2+
15
1k
0.5 F
0 1 1 1 1
M-10-3 M-10-5 M-15-3 M-15-5 M-20-3 M-20-5

(b)

M-10-3 M-10-5 M-15-3 M-15-5 M-20-3 M-20-5
(]

FIGURE 6: Structural performance factors: (a) structural ductility reduction factor R,; (b) structural overstrength factor Rg (c) structural

M-10-3 M-10-5 M-15-3 M-15-5 M-20-3
(d)

response modification factor R; (d) displacement amplification factor C,.

records are adopted to reveal the structural performance.
Although the seismic peak acceleration increased to 1.0 g,
the structural maximum interstory drift is still less than 2%
under the partial ground motions. Results show that CFST
frame-SPSWs exhibit good seismic performance, and the
structural seismic response is relatively large under the
artificial seismic waves. When the peak acceleration in-
creases to 0.8 g, interstory drift increases rapidly, and the

structural anticollapse capacity reaches approximately

800 gal.

5.

For each model, the calculated results R, R, R,, and C; are
listed in Table 4. The comparison of structural performance

Analysis of Structural
Performance Coefficient

M-20-5
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F1GURE 7: Influence of span number on structural performance factors: (a) structural ductility reduction factor R,; (b) structural over-
strength factor Rg; (c) structural response modification factor R; (d) displacement amplification factor C,.

coefficients and their corresponding calculated average
values is shown in Figure 6.

The structural performance coeflicient changes with
changing story number, span number, and structural period
(Figure 6). For the models in this contribution, the average
values of R, Ry, R,, and C, are 3.194, 1.172, 2.274, and 3.052,
respectively. The Chinese “Code for seismic design of
buildings” implies that the structural response modification
factor is 2.81. The structural response modification factor
and displacement amplification factor of CFST frame-SPSW
are regulated the same as concrete frame in the “General
rule,” and their values are 2.63 and 2.2, respectively. The
CFST frames-SPSWs have a good seismic performance, and
the structural performance coefficient currently used in
Chinese code is conservative. This contribution can offer
some reasonable suggestions regarding the design and re-
search on some performance coeflicients and structural
response modification factors. If this result, R is 3.194, is
adopted, the designed seismic action will decrease 12%

compared with the “Code for seismic design of buildings.”
Compared with the “General rule,” the designed action will
decrease 17.7%.

5.1. Influence of Period. The influence of structural period on
structural ductility reduction factor R,, structural over-
strength factor R,, structural response modification factor R,
and displacement amplification factor C,; is shown in Fig-
ure 6. As the number of spans and floors of the structure
increases, the period of the structure keeps increasing, but
for R, and R, this phenomenon is not significant (Table 4).
In addition, R and C,; decrease slightly with increasing
structural period.

5.2. Influence of Span Number. The influence of span number
on R, Ry R, and C, is shown in Figure 7. R, increases with
increasing span number, but the extent decreases gradually
with increasing structural height. R, decreases with
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Ficure 8: Influence of story number on structural performance factors: (a) structural ductility reduction factor R; (b) structural over-
strength factor Ry (c) structural response modification factor R; (d) displacement amplification factor C,.

increasing span number, but this trend still decreases with
increasing structural height. Both R and R decrease with
increasing span number, and the maximum variable mag-
nitude is 5%, indicating that there is a minor influence
between span number and structural performance coeffi-
cients within a given period.

5.3. Influence of Story Number. The influence of story number
on R, Ry R, and C; is shown in Figure 8. R,, R, and Cy4
decrease with increasing story number, and R, increases with
increasing story number. This trend decreases gradually with
increasing structural height for all 4 of these coefficients.

6. Conclusions

The nonlinear finite element software OpenSees is adopted
to develop the model for CEST frame-SPSW s connected with
beams only. These models evaluate structural seismic

performance using the IDA method and analyze governing
factors, such as R and C,. The following conclusions can be
drawn:

(1) The SPSWs as energy dissipation elements yielded
firstly to form plastic hinges under moderate
earthquakes. In addition, most SPSWs and frame
beams yielded under rare earthquakes, but the
structure is not collapse.

(2) R and Cy decrease gradually with increasing story
number, span number, and structural period. R,
increases with increasing span number but decreases
with increasing story number. R, decreases with
increasing span number but increases with in-
creasing story number.

(3) The obtained overstrength factor R, and structural
ductility reduction factor R, of CFST frame-SPSWs
are 2.72 and 1.17, respectively.
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(4) The recommended value of response modification
factor and displacement amplification factor for
CEST frame-SPSWs is 3.17 and 3.05, respectively.
The recommended R is greater than the value (2.8) in
the “Chinese Code for seismic design of buildings”
for composite structures, which indicates the code is
conservative.

Nomenclature

Cs;  Displacement amplification factor

R: Response modification factor

R, Ductility reduction factor

R Overstrength factor

T Structural basis period

V4 Designed base shear

V.. Maximum base shear when the structure remains
completely elastic under moderate earthquake

V,:  Base shear when the structure yields

Apmax: Maximum top horizontal displacement of the
structure during a moderate earthquake

Az Top horizontal displacement related to the designed

base shear

A,: Top horizontal displacement when the structure
yields.
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During the running of a high-speed train, the wheel may bounce on the rail due to the track irregularity. The wheel bounce could
generate a vertical impact, leading to the initiation and expansion of delamination between layers of the track structure. In this paper,
the evolution of the interfacial damage and delamination subjected to the vertical impact is simulated using finite element analysis
(FEA). In the FEA, a bilinear cohesive zone model (CZM) is adopted to simulate the interface between the track slab and the CA
mortar layer. For different levels of impact energy, the contact force, vertical deformation, absorbed energy, area of interfacial
damage, and area of delamination are calculated and compared. The effects of the tangential and normal stiffness of the interface on
the distribution of interfacial damage and delamination are investigated. The results show that the contact force, vertical deformation,
absorbed energy, area of interfacial damage, and area of delamination increase with the increase of the impact energy. The area of
interfacial damage in the compression stage is closely related to the tangential stiffness, whereas the area of delamination depends on
the normal stiffness. The normal stiffness that gives the largest area of delamination is recommended to be taken as the lower bound of
the normal stiffness for both controlling the delamination and preventing an exceedance of the track irregularity limit.

1. Introduction

The slab ballastless track structure of China Railway Track
System type II (CRTS II SBTYS) is a longitudinal continuous
layered structure that consists of the track slab, the cement
asphalt (CA) mortar layer, and the concrete base, as illus-
trated in Figure 1. It is specially used for high-speed railway
(HSR) because it can provide high rail smoothness and
ensure high comfort, stability, and safety of high-speed train.
CRTS II SBTS is widely used in northern and eastern China.
It was firstly applied in the Beijing-Tianjin HSR in 2008 and
then utilized in the Beijing-Shanghai HSR in 2011. Up to
now, the total mileage of CRTS II SBT application is over
9,000 km, about 26% of the total mileage of China HSR.
Delamination of CRTS II SBTS refers to the phenom-
enon that the track slab separates from the CA mortar layer
or the CA mortar layer separates from the concrete base. It

can cause the buckling of CRTS II SBTS at the joint of two
track slabs and endanger the operation safety of high-speed
train [1, 2]. A large amount of delamination has been found
in the Beijing-Shanghai HSR, many of which exceed the
height limit of 15 mm required by the “Maintenance Rules
for Ballastless Track of High Speed Railway” in China [3].
For instance, Figure 2 shows one delamination observed in
the Beijing-Shanghai HSR in 2018, approximately 2000 mm
long, 560 mm wide, and 2mm high. Delamination may
occur in different stages of the construction and operation of
CRTS II SBTS. In the construction stage, delamination may
occur between the track slab and the CA mortar layer when
the temperature difference between the top and bottom
surface of the track slab is larger than 20°C and will grow
under the combined action of the overall temperature rise of
the top surface of track slab and the vertical temperature
difference within the track structure [4-6]. In the operation
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CA mortar layer

FiGure 1: Sketch of CRTS II SBTS.

FI1GURE 2: Example of delamination of CRTS II SBTS from the on-
site survey of the Beijing-Shanghai HSR.

stage with trains running on the rail, delamination may
expand rapidly under the additional impact load from train
passage [6, 7].

During the running of a high-speed train, the wheel may
roll, slide, or bounce on the rail. The bounce of the wheel
happens when the wheel passes the top of an irregularity
region at a high speed, as illustrated in Figure 3. At the
moment when the wheel falls on the rail, the wheel will
generate a vertical impact force on the rail which is instantly
transmitted into the substructure via the track. This impact
load is very different from the load in terms of track ir-
regularity spectrum that is commonly used in the dynamic
response analysis of the vehicle-track system [8, 9]. How-
ever, the track irregularity spectrum is rather correlated to
the high-frequency vibration of the rail which has a limited
effect on the substructure. The interfacial damage may be
more closely correlated to the vertical impact on the track
slab directly from the wheel bounce than to the track ir-
regularity spectrum. There is very little research addressing
the impact force caused by wheel bounce and even less on
the response and damage of the track slab under the impact
force. The impact-induced damage is more concerned in the
field of aerospace composite materials [10-13] and explosion
mechanics [14, 15]. In the existing studies of the impact-
induced damage, the damage is usually evaluated from the
energy point of view, by studying the mutual transmission of
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potential and kinetic energy. Similarly, the impact energy
caused by the wheel vertical impact consists of kinetic energy
related to the falling speed and potential energy due to the
height difference between the wheel and the track. Although
the impact velocity of the wheel is much slower than that in
the field of aerospace and explosion, it is still worth inter-
preting the input load from the energy point of view to
investigate the generation and evolution of delamination.
The wheel impact energy and the energy transmitted into the
track slab, however, cannot be evaluated by the commonly
used track irregularity spectrum.

On the other hand, CRTS II SBTS is a composite
“sandwich” structure that contains steel bar, CA mortar, and
concrete which is composed of aggregate, cement, and
mineral powder. Therefore, the study of the delamination of
CRTS II SBTS under the wheel impact is essentially a
problem of the interfacial damage within composite material
under vertical impact. In the field of railway track, there are
very few studies addressing the damage from the vertical
wheel impact and on determining a reasonable range of the
impact energy for the wheel bounce. Kaewunruen et al.
consider that the vertical loading from the wheel impact with
a speed of 1.94 m/s can be equivalent to that caused by a 600-
kg-weight mass dropping from a height of 0.2m [16]. Wu
et al. investigate the relationship between the damage of a
concrete slab and the explosion load by changing the
magnitude of explosion, the explosion location, and the
thickness of the concrete slab [17]. Yilmaz et al. investigate
the damage of a concrete slab caused by a hammer dropping
from different heights [18]. They found that the greater the
impact energy, the greater the maximum acceleration,
maximum displacement, and area of interfacial damage. In
the field of aerospace, the damage under impact is usually
analyzed using a three-dimensional progressive damage
analysis method that considers damage evolution and
stiffness degradation [19-21]. In the method, the interface of
composites is generally simulated using cohesive elements
[22, 23], and the generation and development of the damage
are described by the variation of the total stiffness of the
cohesive elements. In this paper, the 3D progressive damage
analysis method is adopted to simulate the damage evolution
of CRTS II STBS. The interface of CRTS II STBS is simulated
by cohesive elements with the parameters obtained from
scale model push plate tests. The effects of the impact energy
and interfacial bond property on the simulated interfacial
damage and delamination are analyzed.

2. Analysis Model of CRTS II SBTS under
Vertical Impact

The response of CRTS II SBTS under the vertical impact is
simulated using ABAQUS. Considering that the delami-
nation of CRTS II SBTS under the wheel impact is essentially
the interfacial damage within composite material under the
vertical impact, the finite element model includes three
parts: a layered model of CRTS II SBTS, a cohesive zone
model (CZM) that simulates the interface, and a puncher
that carries all the impact energy from the vehicle. The
impact energy applied on the layered model is estimated
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F1GUre 3: Diagram for the wheel running through the irregularity region.

based on the mass, velocity, and initial height of the puncher.
Figure 4 shows the puncher and the layered model of the
CRTS II SBTS inserted with a layer of cohesive elements.

2.1. Layered Model of CRTS II SBTS and Puncher. The
geometrical and mechanic parameters of the layered model
of CRTS II SBTS are listed in Table 1 according to [6]. The
length, width, and thickness of the layered model are set to
be the same as a real unit track slab. A layer of cohesive
elements with a thickness of 107> m is set between the CA
mortar layer and the track slab since the delamination is
most likely to occur on the upper surface of the CA mortar
layer [8]. The track slab, CA mortar layer, and concrete base
are built using solid elements. For all nodes at the bottom
and longitudinal boundary of the layered model, the con-
straint is applied to all six degrees of freedom. The contact
between the puncher and the track slab as well as the contact
between the track slab and the CA mortar is set to be hard
contact in the normal direction and friction in the tangential
direction with the penalty friction coeflicient of 0.3. The
other contacts are set to be tie.

As illustrated in Figure 3, the ratio of the vertical velocity
to the horizontal velocity can be assumed to be equal to the
ratio of the amplitude to the half of the wavelength of the
irregularity. Therefore, the impact energy that the puncher
carries includes two parts: the potential energy related to the
amplitude of the irregularity and the kinetic energy related
to the initial vertical velocity. For the train CRH380A, the
weight on one wheel is 6400 kg including the weight of the
car body, two bogies, and four wheelsets. According to the
level I management value in “Maintenance Rules for Bal-
lastless Track of High Speed Railway” [3], the amplitude of
irregularity is taken to be 4 mm and the wavelength is 30 m
[24]. With a speed of 300 km/h, the total energy of the wheel
at the instant of bounce will be 257.5]. Therefore, the upper
limit of the impact energy in the finite element analysis
(FEA) is set to be 300J. Another six levels of impact energy,
207,507, 1007], 1507, 2007], and 2507J, are also considered in
the FEA to evaluate the effect of the impact energy. The
variation of the impact energy is achieved by changing the
initial vertical velocity of the puncher which is a 1000-kg-
weight ball with a diameter of 0.1 m that drops from a fixed
height.

2.2. Cohesive Zone Model (CZM). A bilinear CZM is
employed to characterize the force-displacement relation-
ship during the process from interfacial damage initiation to
delamination, as shown in Figure 5.

Assuming that 0,, 0,, and o, are the interfacial stresses in
normal and two tangential directions, respectively, 02, 0?,

and ¢? are the corresponding interfacial strength. For a
tangentially isotropic interface, o0, =0, and o! =0
According to the bilinear CZM, the force-displacement
curve increases linearly during loading, with the slope of the
stiffness E, and E; for normal and tangential direction, re-
spectively. When the force-displacement curve reaches the
peak, the interfacial damage initiates, which can be quan-
titatively judged by the Quads criterion:

2 2 2
(@) () ()=
) o? a?

where 0, = (0, + |0,,])/2. The stress for the damage initiation

is the interfacial strength, 0 and ¢?, for the normal and

tangential direction, respectively, while the corresponding

displacement is 6" and &°, respectively. Therefore,
E, = 0% and E, = 0%/8°.

According to the bilinear CZM, the softening evolution

after damage initiation is also linear. Thus the stress after

damage occurs can be given by
{ 0,=(1-D)E,,,
o,=(1-D)ES,,

(1)

(2)

where §,, and §, are the displacements and D represents the
overall damage in the CZM, which is zero initially and then
gradually evolves from 0 to 1 upon further loading:

. 85,8, - 05,) )
0.(3-0,)

where m = n for the normal direction and m = t or m = s for
the longitudinal or transverse tangential direction. When D
equals 1, delamination occurs. Assuming S,fl , 6{ are the
normal and tangential displacement for the moment of
delamination occurrence, respectively, the corresponding
fracture toughness, G- and Gy, can be measured by the
triangle area in Figure 5, Gic = 1/20% 8/ or Gy = 1/20° /.
The delamination initiation can be evaluated by fracture
toughness. It can be judged that the delamination occurs if
the fracture toughness follows the equation below:

() () () -
Gic Grc Gme

The parameters of the CZM are determined by model
tests in which normal cohesive parameters are determined
from the vertical push plate test, and tangential cohesive
parameters are determined from the horizontal push plate
test. The specimen of the CRTS II SBTS has the length,

width, and height of 60 cm x 20 cm x 20 cm, bonded on the
base via the CA mortar layer with the height of 3 cm. The

(4)
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0.03 m CA mortar layer

0.3 m Concrete base
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FIGURE 4: Dimension of the analysis model (a) and the thickness for each layer (b).

TaBLE 1: Geometrical and mechanic parameters of the layered model of CRTS II SBTS.

Layers Density (kg/m3) E (MPa) Length (m) Width (m) Thickness (m)
Track slab 2500 36000 6.45 2.55 0.2
CA mortar layer 1950 10000 6.45 2.55 0.03
Concrete base 2400 22000 6.45 3.25 0.3
Stress A
Damage initiation
0'3 (0'50) ........................
E, (E) 2,
n S %‘? .
o'n(g's) R ALY - - - - oc00050003 04 Gl’o
&qu - -~ /Q[}O
\)o’b (1-D)E, (‘Ei):‘, %
e : Gre(Gro) T
e o c Delamination initiation
0 8@ 8,(8) 81 (8)) Displacement

FiGURE 5: The bilinear stress-displacement relationship for the CZM.

mechanic parameters of the concrete for the track slab and
base are the same as listed in Table 1. The specimens were
tested 28 days after the CA grouted. The setup of the vertical
push plate test is shown in Figure 6. The track slab is lifted
vertically with the load applied at the midpoint of the track
slab. Two dial gauges are placed 20cm away from the
midpoint at each side. The setup of the horizontal push plate

test is shown in Figure 7. In the test, the load is horizontally
applied at the center of one end cross-section, and two dial
gauges are arranged horizontally at both of the two ends of
the specimen. The relative displacement between the track
slab and the base was tested using a linear variable differ-
ential transformer (LVDT). The jacks work synchronously
by an automation control system to provide a constant-rate
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FIGURE 7: Setup of the scale horizontal push plate test.

increased load. The force-displacement curves obtained
from the vertical and horizontal push plate test are plotted in
Figures 8 and 9, respectively. 6° and 0? can be determined by
the peak stress of the vertical and horizontal force-dis-
placement curve, respectively. ° and 8" are then identified
corresponding to 0° and 0?, respectively. Afterward, E, and
E, can be calculated using E,, = 0°/8° and E = ¢%/8°. 8/ and
6{ are visually picked as the displacement after which the
fluctuation in the force-displacement curve is slight. Based
on 85 and 6{ , Gic and Gy can be calculated using

Gic = 1/20%87 or Gy = 1/20%87. The determined cohesive
parameters are indicated in Figures 8 and 9 and listed in
Table 2.

3. Simulation Results

3.1. Contact Force. The contact force for different impact
energies is shown in Figure 10. For each curve in Figure 10,
the ascending part represents the compression stage in
which the puncher presses down the track slab, whereas the
descending part describes the rebound stage in which the
puncher begins to rebound. The contact force reaches the
peak value at approximately 2x107° s regardless of the
impact energy. The maximum contact force versus the
impact energy and the contact time versus the impact energy

0.05
0 (0.057, 0.04)

- mm-l
o / E,=0.7 MPa-mm
0.04

0.03

0.02 -

Normal stress (MPa

001 L G;=0.010 mJ-mm™>

(0.5,0.0)

0.00 - : : -
0.0 &, 0.2 04 8f 0.6

Vertical displacement (mm)

FiGure 8: Force-displacement curve of the vertical push plate test.

0.04 ¢y —— (0.038,0.038)

Os

E,=1.0MPamm!

0.03

0.02

0.01

Tangential stress (MPa)

Gy = 0.020 mJ-mm™2

/

1.0 §/ 12

0 H 5 " L " L
0.0 §; 02 0.4 0.6 0.8
Horizontal displacement (mm)

FiGUure 9: Force-displacement curve of the horizontal push plate
test.

are shown in Figure 11. As seen from Figure 11, the max-
imum contact force varies linearly with the impact energy.
The contact time for the impact energy of 20] is slightly
larger than that for other impact energies. After the impact
energy exceeds 150 J, the contact time is not sensitive to the
level of the impact energy.

3.2. Vertical deformation of the Track Slab. As shown in
Figure 4, one of the two long sides of the track slab, which is
closer to the puncher, is chosen for the illustration of the
vertical deformation. Figure 12 shows the vertical defor-
mation of the selected side for the moment when the impact
point achieves the maximum deformation in the com-
pression stage. As seen from Figure 12, most of the slab
shows a downward compression deformation. When the
impact energy is larger than 50], there will be an upward
deformation at both sides of the track slab due to the
constraint applied at the end of the track slab. The maximum
vertical deformation at the impact point increases with the
impact energy, from 0.2 mm for the impact energy of 20 ] to
0.65 mm for the impact energy of 300 J. Figure 13 shows the
vertical deformation of the selected side of the track slab at
the moment when the impact point achieves the maximum
deformation in the rebound stage. As seen from Figure 13,
most of the slab shows an upward tensile deformation.
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TABLE 2: Parameters of the cohesive zone model.

Value o® (MPa) 8° (mm) E (MPamm™) G (mJ-mm™?) 8! (mm)
Normal direction 0.040 0.057 0.7 0.010 0.5
Tangential direction 0.038 0.038 1.0 0.020 1.05
500 0.2
400 —
—~ g
Z g
) =
ld 300 é
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& 200 <
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Ficure 10: Time histories of the contact force for different impact FiGURE 12: The maximum compression deformation for the se-
energies. lected side of the track slab for different impact energies.
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When the impact energy is lower than 100 ], there will be a
downward deformation at both sides of the track slab due to
the constrain applied at the end of the track slab. The
maximum vertical deformation at the impact point increases
with the impact energy, from 0.1 mm for the impact energy
of 20J to 1.1 mm for the impact energy of 300].

The ratio of the maximum rebound deformation (crest in
Figure 13) and the maximum compression deformation
(trough in Figure 12) for different impact energies are
calculated, as shown in Figure 14. As seen from Figure 14,
the ratio of the deformation increases as the impact energy
increases. When the impact energy is less than approxi-
mately 130, the maximum rebound deformation is smaller

FiGure 13: The maximum rebound deformation for the selected
side of the track slab for different impact energies.

than the maximum compression deformation. For the im-
pact energy of 300, the maximum rebound deformation is
almost 1.7 times the maximum compression deformation of
0.65 mm. For the impact energy of 20], the maximum re-
bound deformation is 0.11mm which exceeds & of
0.057 mm in Table 2. It indicates that the interfacial damage
will initiate even if the impact energy is 20 J. The maximum
rebound deformation for the impact energy of 1507 is
0.51 mm, which exceeds &/ of 0.5mm in Table 2. This
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FIGURE 14: The ratio of the maximum rebound deformation and
the maximum compression deformation versus impact energy.

indicates that delamination will occur for the impact energy
of 150].

3.3. Conversion of Energy. The conversion of the energy in
the system that consists of the puncher and the layered
model is investigated. Right before the puncher touches the
track slab, the energy of the whole system equals the kinetic
energy of the puncher. After the puncher impacts the track
slab, a portion of the kinetic energy converse into the in-
ternal energy of the layered track structure. There will also be
a portion of the energy that is absorbed due to the interfacial
damage and delamination.

Figure 15 shows the conversion between the kinetic
energy, internal energy, and absorbed energy for the impact
energy of 250]. As seen from Figure 15, the kinetic energy
and the internal energy have an inverse trend of variation.
With greater kinetic energy comes smaller internal energy.
The total energy of the whole system attenuates as time
grows, whereas the absorbed energy increases. To interpret
the whole progress of the impact, five moments are selected
and plotted in Figure 15 to divide the whole impact process
into several stages. Line I represents the moment when the
puncher touches the track slab; Line II represents the
moment when the track slab reaches the maximum com-
pression deformation; Line III represents the moment
when the track slab rebounds back to the equilibrium
position; Line IV represents the moment when the track
slab reaches the maximum tensile deformation; Line V
represents the moment when the track slab moves back to
the equilibrium position from the maximum tensile de-
formation. As seen from Figure 15, the internal energy
rapidly increases to the maxima in the stage between
moment I and IT and then decreases to the trough in the
stage between moment II and III. Before moment III, the
absorbed energy slightly increases due to the small area and
the low amplitude of the interfacial shear damage. After
moment III, if the rebound displacement exceeds 52, the
tensile damage will occur. When the rebound displacement
exceeds 85 , delamination will initiate. The corresponding
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F1Gure 15: Conversion between the kinetic energy, internal energy,
and absorbed energy for the impact energy of 250].

absorbed energy increases significantly due to the rapid
expansion of the damage and delamination.

Figure 16 shows the distribution of the interfacial
damage and delamination at selected moments in terms of
SDEG calculated using equation (3). Figure 16(a) represents
moment II when damage occurs on the interface. The
damage is mainly induced by the interfacial shear stress in
the compression stage. Figure 16(b) shows moment III when
the interfacial shear damage extends to the edge of the track
slab. Figure 16(c) shows the moment when the tensile
damage occurs in the rebound stage. Figure 16(d) illustrates
moment IV when the delamination area reaches the
maxima.

3.4. Interfacial damage and Delamination for Different Impact
Energies. The area of the interfacial damage and the area of
the delamination for different impact energies are shown in
Figure 17. As seen from Figure 17, the two areas increase
with the increase of the impact energy. For the impact energy
of 300, the area of the interfacial damage is approximately
8 m?, accounting for about 48.6% of the area of the track slab.
For the impact energy of 300 ], the area of the delamination
is approximately 2 m?, accounting for about 12% of the area
of the track slab. Figure 17 also indicates that 1507 is the
critical impact energy for the delamination initiation. For a
train running at a speed of 300 km/h, impact energy of 150 ]
can be achieved if the dynamic irregularity height of the rail
is 2 mm. Therefore, in regular maintenance, more attention
should be paid to the railway line with the height of dynamic
irregularity greater than 2 mm. Figure 18 shows the rela-
tionship between the impact energy and the maximum
absorbed energy, which corresponds to the value of the
platform of the absorbed energy in Figure 15. Figure 18
shows an apparent increase of the absorbed energy with the
increase of the impact energy. For the impact energy of 300 J,
the energy absorbed reaches about 40].
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F1GURE 16: The evolution of the interfacial damage and delamination for selected moments. (a) Moment II. (b) Moment III. (c) The moment for
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3.5. Effect of Interfacial Stiffness on Interfacial Damage.
The effect of the interfacial stiffness on the interfacial
damage is investigated. We first vary E, from 1.0 MPa/mm
to 2.0 MPa/mm for the fixed E, of 0.7 MPa/mm and E, of
0.7 MPa/mm under the impact energy of 300]. Figure 19
shows the distribution of the interfacial damage for E, of
1.0 MPa/mm and 2.0 MPa/mm. In Figure 19, the upper
and bottom two panels indicate the distribution of the
interfacial damage when the maximum vertical defor-
mation is achieved in the compression and rebound
stages, respectively. As seen from Figure 19, in the
compression stage, the greater E_ leads to the larger area of
the interfacial damage. The damage is asymmetric due to
the boundary effect along the transverse direction. The

50
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20 +

Absorbed energy (J)

10 +

0 100 200 300
Impact energy (J)

FIGURE 18: The relationship of the absorbed energy and the impact
energy.

effect of E, on the delamination area (the blank area in the
figure) is slight.

We then vary E, from 1.0 MPa/mm to 3.0 MPa/mm for
the fixed E, of 0.7 MPa/mm and E; of 0.7 MPa/mm under
the impact energy of 300 J. Figure 20 shows the distribution
of the interfacial damage for the E, of 1.0 MPa/mm, 1.5 MPa/
mm, and 3.0 MPa/mm, respectively. As seen from Figure 20,
the damage is symmetrically distributed along the longi-
tudinal direction of the track slab. The greater E, leads to the
larger area of interfacial damage in the compression stage.
The effect of E, on the delamination area is slight.

Figure 21 shows the variation of the maximum area of
delamination with the tangential stiffness for various normal
stiffness under the impact energy of 300]. As seen from
Figure 21, the maximum area of delamination is not sensitive
to the tangential stiffness when the normal stiffness is larger
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F1GURE 19: Distribution of the interfacial damage for the moment when the maximum vertical deformation is achieved for different E. The
upper and bottom two panels are for the compression stage and the rebound stage, respectively. (a) E, = 1.0 MPa/mm. (b) E, = 2.0 MPa/mm.

()

()

F1GURE 20: Distribution of the interfacial damage for the moment when the maximum vertical deformation is achieved for different E,. The
upper and bottom two panels are for the compression stage and the rebound stage, respectively. (a) E, = 1.0 MPa/mm. (b) E, = 1.5 MPa/mm.

(¢) E,=3.0 MPa/mm.
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F1GURE 21: The delamination area versus E, for various E,, under the
impact energy of 300].

than 0.5 MPa/mm. The area of delamination becomes the
largest when both the normal stiffness and tangential
stiffness are the smallest (0.2 MPa/mm). As the tangential
stiffness increases from 0.2 MPa/mm to 0.7 MPa/mm, the
bond behavior of the interface enhances, and thus, the area
of delamination reduces rapidly. Figure 22 compares the
relationship between the maximum area of delamination
and E, for the impact energies of 200], 250], and 3007,

3.0 ¢
E
54 20 ¢ B.\.\.
=
=
2
s
5 ‘\0\‘\‘
g 1.0
L
a
A, A A
0.0 .
0 1 2 3 4 5 6
E, (MPa/mm)
—e— 300]
—— 250]
—A— 2007

FiGUure 22: The delamination area versus E, for various impact
energies.

respectively. Figure 22 shows that, for given impact energy,
the maximum area of delamination is not sensitive to the
longitudinal tangential stiffness.

Figure 23 shows the distribution of the interfacial damage
when the maximum compression deformation is achieved in
the compression stage and the distribution of the delamination
when the maximum tensile deformation is achieved in the
rebound stage for selected E,, under the impact energy of 300].
As seen from Figure 23, the distribution of the interfacial
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F1GURE 23: Distribution of the interfacial damage when the maximum vertical deformation is achieved for different E,,. The left and right five panels
are for the compression stage and the rebound stage, respectively. (a) E,=0.2MPa/mm. (b) E,= 0.5 MPa/mm. (c) E,=1.0MPa/mm. (d)

E,=1.5MPa/mm. (e) E,=2.0 MPa/mm.

damage in the compression stage is almost the same for all
cases except for E, of 2.0 MPa/mm, which indicates a very
slight effect of the normal stiffness on the interfacial damage in
the compression stage. As the normal stiffness increases, the
maximum area of delamination shows a trend of increasing
first and then decreasing. This trend is more obvious in Fig-
ure 24 which shows the variation of the maximum area of
delamination with the normal stiftness for various tangential
stiffnesses under the impact energy of 300].

As seen from Figure 24, for almost all tangential stiff-
nesses, the delamination area achieves the maxima when the
normal stiffness is 0.5 MPa/mm. Only when the tangential
stiffness is 0.2 MPa/mm, the maximum area of delamination
will be achieved at a smaller normal stiffness. Figure 25
compares the maximum area of delamination versus the
normal stiffness for the impact energies of 2007, 2507, and
3007, respectively. Figure 25 indicates that, for given impact
energy, the delamination area achieves the maxima when the
normal stiffness is 0.5 MPa/mm.

Figures 26 and 27 show the maximum compression and
rebound deformation of the selected side of the track slab for
various normal stiffnesses under the impact energy of 300].
In the compression stage, the interface of the track structure
follows the continuity and uniformity assumptions of the
laminated plate theory. The greater the normal stiffness of
the interface, the stronger the ability of deformation com-
patibility, and hence the smaller the maximum vertical
deformation, as shown in Figure 26. In the rebound stage, it
can also be observed that a greater normal stiffness gives a
smaller maximum vertical deformation except for E, of
0.2 MPa/mm. The unexpected small vertical deformation for
the normal stiffness of 0.2 MPa/mm may be explained in
terms of the energy since the continuity and uniformity

3.0 -

Delamination area (m?)

0.0

0 0.5 1 1.5 2 2.5
E, (MPa/mm)
—— E,=0.2MPa/mm

—&— E,=0.5MPa/mm
—e— E,=0.7 MPa/mm

—e— E,=1.0 MPa/mm
—&— E;=1.5 MPa/mm

F1GURE 24: The delamination area versus E,, for selected E, under
the impact energy of 300].

assumptions are not valid due to the existence of the de-
lamination. As seen from Figure 26, the normal stiffness of
0.2 MPa/mm leads to a remarkably larger vertical defor-
mation than other normal stiftness. This larger deformation
will cause a larger consumption of the impact energy, which
hence leads to a smaller energy left for the puncher to re-
bound. This is the reason why 0.2 MPa/mm gives a lower
rebound deformation and a smaller area of delamination
than 0.5 MPa/mm. However, it cannot be concluded that
0.2MPa/mm is more recommended than 0.5MPa/mm
because the larger compression deformation for 0.2 MPa/
mm will be a big challenge to the track irregularity limit.
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FIGURE 25: The delamination area versus E, for selected impact energies.
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FIGURE 26: Maximum compression deformation of the selected side for various E,,.

The vertical displacement (mm)

Longitudinal direction along the track slab
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—— E, =0.5MPa/mm --- E,=15MPa/mm
--- E,=0.7 MPa/mm

F1GURE 27: Maximum rebound deformation of the selected side for various E,,.
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Therefore, it is reasonable to take 0.5 MPa/mm as the lower
bound of the normal stiffness to meet the requirement of
both the delamination control and track irregularity limit.

4. Conclusions

The evolution of the interfacial damage and delamination of
CRTS II SBTS under the vertical wheel impact are simulated.
Based on the simulation, the conversion of the energy during
the entire impact process, the variation of the impact force,
the vertical deformation of the track slab, the distribution of
the interfacial damage, and the distribution of the delami-
nation for different impact energies are analyzed. The effects
of the normal and tangential stiffness on interfacial damage
and delamination are discussed.
The main conclusions include

(1) The maximum contact force between the puncher
and the track slab varies linearly with the impact
energy, whereas the contact time is not sensitive to
the level of the impact energy. The ratio of the re-
bound deformation over compression deformation
also increases as the impact energy increases. The
impact energy of 20] and 150] corresponds to the
energy for the interfacial damage initiation and the
delamination initiation, respectively. Therefore, for a
train running at a speed of 300 km/h, the dynamic
irregularity height of 2 mm that leads to the impact
energy of 150] should be more concerned.

(2) During the entire impact process, the kinetic energy
and the internal energy have an inverse trend of
variation. With greater kinetic energy comes smaller
internal energy. The absorbed energy increases
rapidly along with the expansion of the damage and
delamination. The greater the impact energy, the
larger the energy absorbed.

(3) The interfacial damage in the compression stage is
more correlated to the tangential stiffness than the
normal stiffness, whereas the maximum area of
delamination is controlled by the normal stiffness.
The greater the longitudinal tangential stiffness, the
greater the area and amplitude of the interfacial
damage in the compression stage. As the normal
stiffness increases, the maximum area of delamina-
tion shows a trend of increasing first and then de-
creasing. There is always a critical normal stiffness
that gives the largest area of delamination. This
critical value depends on the geometrical and ma-
terial properties of the track structure. It is suggested
to find this critical normal stiffness for both con-
trolling the delamination and preventing an
exceedance of the track irregularity limit.

This is the first trial to investigate the interfacial damage
and delamination by considering the wheel-rail contact as a
vertical impact. The relationship between the impact re-
sponse and the impact energy is consistent with that of the
research for composite material [25]. It is a preliminary
attempt to interpret the generation of delamination of the
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track structure from the energy point of view. This paper
concentrates on a single time of impact to exhibit the energy
conversion and the evolution of the interfacial damage and
delamination. Future analysis could be conducted on the
cumulative damage of the interface under the cyclic wheel
impact. Field test would be a powerful tool to validate the
simulated result in this paper. However, due to the limits of
the experimental facilities and cost, there is still a lack of the
tull-scale test regarding the interfacial damage of CRTS II
SBTS caused by the vertical wheel impact. There once was a
wheel-drop test of CRTS II SBTS, in which, however, only
the acceleration of the track slab was recorded [26]. The
development of the interfacial damage was not observed due
to technical difficulty. Future work could also be conducted
on the full-scale or scale model test of CRTS II SBTS under
wheel impact so that the simulated result in this study could
be validated.
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