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"e objective of this ADAP Special Issue volume is to
provide an overview on the current trends and recent ad-
vancements in terms of design and analysis, including ex-
periments and modelling, on protective structures.

From a structural point of view, such a definition includes
multiple loading and boundary conditions that designers
should be properly accounted when ensuring appropriate
safety levels to people. In fact, protective structures and fa-
cilities are expected to optimally perform their function under
severe loads, even when associated with mostly different
threats. Extreme events like earthquakes, fire accidents, ex-
plosions (even nuclear), and high-rise natural hazards are the
first reason of severe damages in constructed facilities and
causalities. Impacts due to collisions of transportation means,
on the other hand, should be also properly accounted when
designing bridges or containment structures in general. A key
role, in all the mentioned cases, is given to design optimi-
zation and mitigation of input forces/effects. Such a result can
be achieved by both reducing the magnitude of applied loads
on structures, that is, via active, passive, and semiactive ad-
ditional devices, and by enhancing the structural resistance
and capacity, that is, via efficient materials and structural
components.

Within a more general definition of protection and
protective tools to improve security, different means are
indeed accepted, being possible to achieve the final pro-
tective goal at the emergency management level rather than
at the material/structural level only, hence suggesting a co-
operation of multiple aspects and expertise.

In doing so, finite element (FE) and computational fluid
dynamics (CFD) numerical simulations, as well as full-scale

experiments and analytical models, can represent valid tools
for the analysis of emergency and hazard conditions.

"e revised papers included in the final ADAP Special
Issue booklet are related to various topics, including studies
at the management, material, and assembly levels, under
a multitude of loads.

In the paper from Larcher et al., security enhancements
against terroristic attacks or explosive events in general are
suggested for vulnerable areas via the use of protective wall
systems. Such a strategy concept, numerically investigated
by the authors by taking into account internal blast scenarios
and access control points, relies on the prevention of blast
wave propagation within a given building. "e efficiency of
rigid (meandering) walls is explored by taking into account
a case study building system, giving evidence of their active
contribution as effective risk-reduction measure.

As a preliminary requisite, protection of people in
buildings under emergency scenarios should in fact gen-
erally account for appropriate evacuation plans and strat-
egies. Congestion, as highlighted by Zhao et al., actually
represents the major cause of crowd trample and crushing
incidents. Shunt walls, in this sense, can also enhance the
safety levels for pedestrians and occupants but should be
properly designed via evacuation simulations, especially to
account of large crowds.

Containment walls can be efficient within buildings but
also for the minimization of transportation accidents, as in
the case of trains, being typically associated to tragic sce-
narios when derailment and collision incidents occur. To
this aim, refined 3D simulations are presented by Bae et al.,
to explore the impact configurations due to high-speed train
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derailments, including various loading configurations.
Possible recommendations to take into account in the design
of containment walls or blocks are also provided, based on
parametric studies.

Within the variety of “extreme” hazards that buildings
and infrastructures should properly withstand, major threats
often derive from explosions and high-strain impacts.

Bridges and tunnels can be potential targets of terroristic
attacks since their collapse or severe damage is often asso-
ciated with possible causalities, economic disaster, and panic
scenarios. In this regard, protection of bridges to blast loads
has attracted the interest of a large number of research studies,
during the last years. In the paper by Yao et al., the dynamic
performance of steel box girders is numerically investigated
under the effects of internal explosions, by taking into account
several scenarios. "rough the parametric study, evidence is
given to the typical local failure phenomena leading the box
girders to collapse, including design suggestions to enhance
their blast-resistance capability.

Optimal tendon profiles are suggested by Aleyaasin for
posttensioned steel box girders, to optimize their structural
performance and resistance, aiming to properly withstand
accidental blast loads due to car bombs. A design method is
also proposed and validated via a case study example.

Protection of bridges can also be required against dif-
ferent sources of hazards and accidents, as reported in the
paper byWang andMorgenthal, where the pier performance
under barge impacts is investigated. A novel crash-worthy
device, being representative of a sacrificial steel structure to
mitigate high-rise impact effects on piers, is assessed and
optimized, including a worked example. Major benefits of
such a crash absorber derive from its large energy-
dissipation capacity during impact, hence minimizing the
forces that the piers should actually withstand.

In the paper by Ghaedi et al., the seismic performance of
adjacent, base-isolated buildings with segregated founda-
tions is explored via nonlinear time history analyses. Nu-
merical simulations are reported to give evidence of the
actual seismic performance of adjacent buildings with base
isolation, with respect to fix-base solutions, as well as to
emphasize the potential and benefits of base isolation, as
a function of different separation gaps and input features.

"e analysis of structures under extreme loads requires
an accurate definition of loading scenarios. In this regard,
Pathak and Ramana report on a closed-form expression for
the estimation of nuclear air-blast-induced free-field ground
displacements, by accounting for several key input pa-
rameters. "e analytical model is validated against available
nuclear test data, giving evidence of the potential of the
mathematical formulations and including possible recom-
mendations for design calculations.

Especially under extreme events, connections and details
can have a key role for the global performance of a given
system. "is is the case, for example, of buildings under
seismic loads (where governed damage and failure mech-
anisms should be preferred), and especially for prefabricated
structures, where the structural interaction between the
independent members can be crucial.

Sun et al., in this regard, explore a rabbet-unbond
horizontal connection (RHC) for new reinforced concrete,
prefabricated shear walls. Full-scale tests are reported, in-
cluding discussion on the structural performance of the walls
and damage propagation. Compared to conventional con-
nection systems in use for the prefabricated systems under
investigation, the presented RHC solution takes advantage
of unbonded reinforcement to enhance the ductility capacity
and energy dissipation of the so assembled structure. Even in
presence of a limited number of test results, major effects
and benefits are observed on the ultimate displacement of
RHC specimens, with variations on the expected ductility
ratio, hence suggesting further extended investigations.

"e use of innovative materials and their optimal com-
bination can have important effects for structural perfor-
mance optimization approaches, both for the retrofitting of
existing assemblies as well as for the design of novel con-
structions. In the first case, experimental studies are proposed
in the paper by Ghai et al., where the authors report on the
structural efficiency of polymer-modified ferrocement (PMF)
jacketing technique for reinforced concrete beams in shear, by
using styrene-butadiene-rubber (SBR) latex polymer. Even in
presence of shear failure mechanisms in RCC beams typically
associated with a combination of multiple aspects (such as
load pattern, shear-to-span ratio, beam section, concrete
strength, reinforcement type, and amount), Ghai et al. show
that the PMF jacketing technique can improve the defor-
mation, crack pattern, and ultimate shear load carrying ca-
pacity of initially damaged beams, hence representing a valid
strengthening solution.

Deng et al. present uniaxial compressive tests on high
ductile fiber-reinforced concrete (HDFRC), including the
proposal of a damage constitutive model. Comparative re-
sults show the accuracy of their HDFRC damage evolution
model, as well as the key role of fibers at the cracking stage.

Hake et al. investigate the temperature effects on lime
powder-added geopolymer concrete. Different lime powder
amounts are taken into account, giving evidence of the actual
compressive resistance of concrete specimens as a function
of different temperature scenarios.

"ermal loads in general can have crucial effects on most
of the materials in use for buildings and infrastructures, hence
requiring careful consideration to ensure appropriate safety
levels. "is is especially the case of structural systems under
fire loading, where multiple aspects should be accounted at
the design stage. In this regard, a state-of-the-art review is
finally by Bedon, to assess the mechanical performance of
structural glass systems and assemblies in fire conditions. Key
aspects for their analysis and behavioral assessment are re-
ported from the literature, giving evidence of material sen-
sitivity to high temperatures, as well as presenting a summary
of existing research studies at the small/full-scale levels, and
including some general considerations on current design
issues.

In conclusion, let us have some final considerations on
this ADAP Special Issue project.

First of all, all the contributing authors are gratefully
acknowledged for their support. "e hope is that the readers
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could find fruitful and high-quality research topics in the
published papers.

Peer reviewers are also gratefully acknowledged for their
hard work, ensuring the publication in this volume of high-
quality scholarly journals. A final acknowledgement is also
extended by the Lead Guest Editor to the full team of Guest
Editors, for the support provided in the last months through
the full process of submission and promotion of the call for
papers, up to the publication of the ADAP Special Issue
booklet in Advances in Civil Engineering.

Chiara Bedon
Michel Arrigoni

Filipe Santos
Lucia Figuli
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Considering the effect of confined end-zone and unbonded reinforcement, the yield curvature and ultimate curvature of rabbet-
unbond horizontal connection (RHC) shear wall were calculated. Based on the curvature calculation result, the yield displacement
and ultimate displacement were calculated using displacement superposition, which were compared with test values. (e result
showed that theoretical values were slightly smaller than test values; however, on the whole, both were in good agreement. (e
author studied the effect of unbonded reinforcement on yield displacement and ultimate displacement, and the result showed that
the effect on ultimate displacement is more pronounced than yield displacement. (e present work could be useful for the design
of new prefabricated shear wall.

1. Introduction

In recent years, due to high industrialized level, good quality,
convenient installation, energy conservation, and environ-
ment protection, the precast concrete structure is widely used.
In particular, the prefabricated shear wall structure with large
rigidity and great bearing capacity is the first choice for high-
rise housings. In this regard, China has made policies to
promote the development of the prefabricated shear wall
structure [1], andmany institutes and universities have carried
out the relevant research [2, 3]; meanwhile, they cooperate
with the national housing industrialization bases [4, 5] and
applies the structure in some estate development projects
as demonstration [6, 7]. What is more, the implementing
subjects continue rise, for example, the prefabricated concrete
shear wall structure system of Zhongnan Group [8]. For the
prefabricated shear wall structure, the horizontal connection
in the structure is the key to ensure structural integrity and
seismic performance [9], and for this purpose, the authors
invent a new horizontal connection [10] whose bearing

capacity has been studied; however, the ductility which
unbonded reinforcement can improve has not been studied.

To date, addressing the ductility calculation of different
shear wall structures, many engineers or scholars have made
contributions. For the conventional cast-in-situ shear wall,
Si et al. [11] proposed displacement ductility calculation
method considering the effect of axial compression ratio,
shear span ratio, confined end-zone, and stirrup eigenvalue.
Park et al. [12] deduced the crack curvature, yield curvature,
peak curvature, and ultimate curvature of flexure-dominated
shear wall with concentrated end-zone reinforcements and
uniformly web reinforcements along the cross section. For
high-performance concrete shear wall, Liang et al. [13]
deduced the crack-bending moment and curvature, yield-
bending moment and curvature, peak-bending moment and
curvature, and ultimate-bending moment and curvature.
For prefabricated shear wall, Chen [14] deduced the formula
of crack-bending moment and curvature, yield-bending
moment and curvature, peak-bending moment and curva-
ture, and ultimate-bending moment and curvature.
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(erefore, here, firstly, for the newly horizontal con-
nection, considering the effect of confined end-zone and
unbonded reinforcement, yield curvature and ultimate
curvature are calculated, which prepares for displacement
calculation. And then, yield displacement and ultimate
displacement are calculated using displacement superposi-
tion, which is verified by the test values. Finally, the effects of
unbonded reinforcement on yield displacement and ulti-
mate displacement are studied.

2. Rabbet-Unbond Horizontal Connection

(e arrangement of the rabbet-unbond horizontal connection
(RHC) is shown in Figures 1(a) and 1(b). (e reinforcements
reserved in the lower wall are connectedwith those in the upper
wall by a well-developed grouting-connection technology.
(e two walls are integrated by filling high-performance
mortar into the space between a pair of trapezoidal rabbets.
Compared with the conventional connection (Figure 1(c)),
a segment reinforcement of RHC in the lower wall is left
unbonded to increase the ductility and energy dissipation of
the assembled structure, and the trapezoidal rabbets are used to
enhance the connection’s shear capacity.

3. Curvature Calculation of RHC Shear Wall

(is section calculates yield curvature and ultimate curva-
ture considering effect of confined end-zone and unbonded
reinforcement, meanwhile, which prepares for calculation of
yield displacement and ultimate displacement in Section 4.

3.1. Deformation Coordination Equation

3.1.1. Strain Lag of Unbonded Reinforcement. According to
test phenomenon of literature [15], compared with the
bonded specimen, unbonded specimen’s crack width and
length are greater under the same loading, which states
that the unbonded cross section’s neutral axis is closer to
compressed zone, as shown in Figure 2. Assuming that
bending moments M of the two sections in Figure 2 are
equal and the tensile reinforcements do not yield, we can
get AsEsεs1Z1 � AsEsεs2Z2 � M, where As and Es are the
cross section’s area and Young’s modulus of the tensile
reinforcement, respectively, εs1, εs2 are the tensile re-
inforcement strains in the bonded cross section and the
unbonded cross section, respectively, Z1 and Z2 are the lever
of the bonded cross section and the unbonded cross section,
respectively, the subscripts 1 and 2 denote the bonded and
unbonded. Apparently, under a constant moment M, Z2 >Z1
leads to εs2 < εs1, and this is called “strain lag.”

Regarding the “strain lag,” the unbonded cross section’s
average strain distribution is no longer linear but bilinear
(Figure 3).

3.1.2. Deformation Coordination Region. For the bonded
shear wall, the ductility’ calculation is based on the plane
section assumption and the deformation coordination
assumption between reinforcement and concrete. Because
the maximum moment locates at the bottom of the shear
wall, the plane section assumption regards a rectangular
region at the bottom as the basic deformation coordination

Storey
height

Grouting connection

Unbonded segment

(a)

Reinforcement in upper wall

Rabbet

High-performance mortar

Unbonded segment

Reinforcement in lower wall

(b)

Reinforcement in upper wall

High-performance mortar

Reinforcement in lower wall

Flat interface

(c)

Figure 1: (a) Prefabricated shear wall, (b) the RHC details, and (c) conventional connection details. Note: For the sake of clarity, the lateral
web reinforcements in the upper and lower walls are not shown in (b) and (c).
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region (Figure 4(a)), and the deformation coordination
equation is

xc1

h0 − xc1
�
εc1lc1

εs1ls1
, (1)

where xc1 is the height of the compressed zone in the cross
section of the bonded shear wall (Figure 3(a)). h0 is the
effective height of the cross section. εc1 and εs1 are the edge
strain of the compressed concrete and the strain of the
tensile reinforcement in the cross section of the bonded
shear wall, respectively (Figure 3(a)). lc1 and ls1 are the
heights of the compressed zone and the tensile zone of the
deformation coordination region of the bonded shear wall,
respectively (see Figure 4(a)). Because lc1 � ls1, the de-
formation coordination (1) is reexpressed as

xc1

h0 − xc1
�
εc1

εs1
. (2)

For the unbonded shear wall, we assume that in the
compressed zone of the wall, the deformation of the
unbonded reinforcement is consistent with the concrete
deformation, but in the tensile zone of the wall, the de-
formation of the unbonded reinforcement is not consistent
with the concrete deformation. In this regard, the traditional
plane section assumption is no longer applicable, and the
shape of the deformation coordination region is changed
from the rectangular to the trapezoidal (Figure 4(b));

however, the strain of the tensile reinforcement in the
trapezoidal is uniformly distributed.

3.1.3. Deformation Coordination Equation. For the sake of
convenience, regard the concrete edge compressive strain of
the maximum bending moment cross section as the cal-
culated value, correspondingly, the equivalent compressive
height of lc2 [16] is denoted as le. It is worth mentioned that
the traditional plane section assumption is still applicable
beyond trapezoidal deformation region, and the boundary
condition of the region is linear. (us, assuming that the
deformation of the trapezoidal region also obeys the linear
distribution along the cross section height, we can get the
deformation coordination equation:

xc2

h0 − xc2
�

εc2le

εs2ls2
, (3)

where xc2 is the height of the compressed zone in the cross
section of the unbonded shear wall (Figure 3(b)), εc2 and
εs2 are the edge strain of the compressed concrete and the
strain of the tensile reinforcement in the cross section of
the unbonded shear wall, respectively (Figure 3(b)), ls2 is
the height of the tensile zone of the deformation co-
ordination region of the unbonded shear wall, and it
equals the unbonded length, and le is the equivalent
compressive height of the unbonded shear wall, derived
from the loading tests of partial unbonded reinforced

M

Z1 Z2

AsEsεs1 AsEsεs2C1 C2

M
(a) (b)

Figure 2: Force in (a) bonded cross section and (b) unbonded cross section. Note: C1 and C2 represent the resultant force of compressive
concrete, respectively.

εs1

Xc1

(a) (b)

Xc2

εs2

εc2εc1

Figure 3: Average strain distributions in (a) bonded cross section and (b) unbonded cross section.

Advances in Civil Engineering 3



concrete beams with pure bending regions [16], as shown
in Figure 5.

(e formula of le is obtained in the following method: In
tests of partial unbonded reinforced concrete beam, strain
values of the top concrete under each level load are recorded,
and the total deformation Δlc of top concrete corresponding
to unbonded length can be calculated. (e average strain
value of the top concrete under the same level load within
pure bending region is expressed as εc. Divide Δlc by εc, and
we can get the equivalent compressive height. Take the av-
erage value of equivalent compressive heights under all level
loads as the final equivalent compressive height. By fitting, the
equivalent compressive height formula is expressed as

le �
0.74ls2, 90mm< ls2 < 900mm

32.81 + 0.09ls2, 900mm< ls2 < 1575mm.
 (4)

Since the shear wall can be regarded as the cantilever beam,
the author employs le to calculate the ductility of RHC shear
wall. Here, ignore the effect of axial force acting on the shear
wall.

3.2. Assumption. (e assumptions to calculate the ductility
of RHC shear wall are stated as follows:

(1) (e concrete is based on the plane section as-
sumption and its tensile strength is not considered.

(2) (e compressed stress-strain curve of concrete and
stress calculation of the vertical reinforcement refer
to China code “Code for the design of concrete
structures (GB 50010-2010, 2010).” (e ultimate
tensile strain of the vertical reinforcement is 0.01.

(3) In compressed zone, the unbonded reinforcement de-
formation is coordinatedwith the concrete deformation.

(4) (e deformation coordination region in the unbon-
ded segment is from rectangular to trapezoidal. (e
tensile reinforcement strain in the trapezoidal region
is uniformly distributed. Deformation in the trape-
zoidal region obeys linear distribution.

3.3. Yield Curvature. In the yield state, the lateral de-
formation of compressive concrete is small, so stirrup stress
is small, and stirrup restraint in the confined end-zone is not
considered. (e stress-strain relationship of concrete adopts
unconfined stress-strain relationship. Assume that when
bonded reinforcement segments in confined end-zone yield,
the shear wall yields. Stress of the compressive concrete is
assumed to be the linear triangle distribution. Deformation
of reinforcement and concrete in compressive zone is as-
sumed to be consistent. Stress and strain distribution in the
yield state is shown in Figure 6.

According to the force equilibrium, the following
equation can be obtained as follows:

N1 + Ty + Tswy � Cc + T′sw + T′sy, (5)

where N1 is the axial force acting on the shear wall’s cross
section in the yield state. Ty is the yield force of vertical
reinforcement in the tensile zone which can be defined as
Ts � fyAs, where fy is the yield stress of tensile reinforce-
ment. Tswy is the tensile force of web reinforcements in the

ls1 lc1

Horizontal force

(a)

ls2 lc2

Horizontal force

(b)

Figure 4: Deformation coordination region of (a) bonded shear wall and (b) unbonded shear wall.

Unbonded length

Figure 5: Partial unbonded reinforced concrete beam.
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Figure 6: Stress and strain distribution profile in the yield state.
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tensile zone which can be defined as Tswy � ρwbw(hw0 −
xy)fyw/2, where ρw is the reinforcement ratio of web re-
inforcement; bw is the cross section width; hw0 is the effective
height of the cross section; xy is the depth of compressive
zone; and fyw is the yield stress of web reinforcement. Cc is
the compressive force of concrete in the compressive zone
which can be defined as Cc � bwEcx

2
yφy/2, where Ec is the

elastic modulus of concrete. T′sw is the compressive force of
web reinforcements in the compressive zone which can be
defined as T′sw � ρwbw(xy − a′s)

2Esφy/2, where a′s is the
distance of compressed reinforcement resultant force to
compressed edge. T′sy is the compressive force of vertical
reinforcement in compressive constraint zone which here
can be defined as T′sy � Es(xy − a′s)φyA′s, where A′s is the
compressed reinforcement cross section area.

According to assumption (1), the deformation co-
ordination equation is

xy

hw0 −xy

�
εcmle

εyls2
, (6)

where εcm is the concrete compressive strain and εy is the
yield strain of reinforcement.

Solve above equations and φy � εcm/xy can be calculated
according to the concrete strain profile in Figure 6.

3.4. Ultimate Curvature. In the ultimate state, the lateral
deformation of compressive concrete is great, so stirrup
restraint in confined end-zone should be considered. (e
stress-strain relationship of concrete adopts the confined
stress-strain relationship. Assume that when the compres-
sive concrete strain in confined, end-zone reaches ultimate
compressive strain and shear wall reaches the ultimate state.
Deformation of reinforcement and concrete in compressive
zone is assumed to be consistent. What is more, compressive
reinforcements are assumed to yield. (e compression effect
of unconfined concrete is not considered. Stress and strain
distribution in ultimate state is shown in Figure 7.

According to the force equilibrium, the following
equation can be obtained:

N2 + Ts + Tswu � Ccc + Cuc + T′su, (7)

where N2 is the axial force acting on the shear wall’s cross
section in the ultimate state. Ts is the tensile force of vertical
reinforcement in the tensile constraint zone which can be
defined as Ts � σsAs, where σs is the tensile stress of vertical
reinforcements in the constraint zone which can be defined
as σs � Esεcculels2(hw0βx− 1) from (6), where εccu is the
ultimate compressive strain of confined concrete; β is the
coefficient corresponding to the rectangular stress block, refer
to China code “Code for design of concrete structures (GB
50010-2010, 2010)”; x is the depth of the compressive zone in
rectangular stress block which can be defined as x � xuβ1.
Tswu is the tensile force of web reinforcements in the tensile
zone which can be defined as Tswu � fywbwρw(hw0 − 1.5x).
Ccc is the compressive force of confined concrete. Cuc is the
compressive force of unconfined concrete. Ccc and Cuc have
different formulas for different eccentric compression states.T′su
is the compressive force of vertical reinforcement in the

compressive constraint zone which here can be defined as
T′su � σ′sA′s, where σ′s is the compressive stress of vertical
reinforcements.

(e constitutive law of confined concrete referring to
literature [17] is as follows:

εcc � 1 + 3.5λv( εc0,

εccu � 2.34 + 2.49λ0.73
v εcc,

fcc � 1 + 1.79λv( fc,

(8)

where εcc is the peak compressive strain of confined
concrete, λv is the stirrup eigenvalue, εc0 is the peak
compressive strain of unconfined concrete and it is set as
0.0018, fcc is the axial compressive strength of confined
concrete, and fc is the axial compressive strength of un-
confined concrete.

According to assumption (1), the deformation co-
ordination equation is

xu

hw0 − xu

�
εccule

εsls2
. (9)

From (7) and (9), x can be calculated. Different x leads to
different eccentric compression states and different ultimate
curvatures; then, the explanations are as follows:

(1) When x≤xb, the wall is in large eccentric com-
pression, Ts � T′s � fyAs, where xb is the boundary
depth of the compressive zone. (is situation con-
sists of two states: xb >x> lc and x≤ lc.

(a) When xb > x> lc, N2 � Ccc + Cuc −Tsw, where
Ccc � αfccbwlc, α is the coefficient corresponding

Ccc

x

N2

εccu

Ts

xu
M2

1.5xhw0−1.5x

Tswu

φu

hw

As

as

bw

Cuc

lclc

Concrete strain

Concrete force

Reinforcement force

a′s
A′s

T′su

Figure 7: Stress and strain distribution profile in the ultimate state.
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to constraint zone length and it is set as 0.8 and lc
is the confinement depth. Cuc � fcbw(x− lc).

(b) When x≤ lc, N2 � Ccc −Tsw, where Cuc � 0, Ccc�

αfccbwx.

(2) When x>xb, the wall is in small eccentric compres-
sion,N2 � Ccc + Cuc + T′s −Ts, where hereT′s � f′yA′s.
(is situation consists of two states: x> lc and
xb <x≤ lc.

(a) When x> lc, Ccc � αfccbwlc, Cuc � fcbw(x− lc),
the equation about x can be obtained as:

fcbwx
2

+ αfccbwlc −fcbwlc + f′yA′s + AsEsεccu
le

ls2
−N2 

· x−AsEsεccuhw0β1
le

ls2
� 0.

(10)

When xb < x≤ lc, N2 � Ccc + T′s −Ts, where Cuc � 0,

Ccc � αfccbwx, the equation about x can be obtained as

αfccbwx
2

+ f′yA′s + AsEsεccu
le

ls2
−N2 

· x−AsEsεccuhw0β1
le

ls2
� 0.

(11)

Solve the above equations, and finally we can obtain the
ultimate curvature φu � εccu/xu.

4. Calculation of Displacement Ductility

(e displacement ductility μΔ is defined as μΔ � Δu/Δy,
where Δu is the ultimate displacement and Δy is the yield
displacement.

Assume that wall’s displacement consists of two parts
approximately: one part is the displacement that the
wall generates resisting external force when all re-
inforcements are bonded, and assume the wall is not
a rigid body and another part is the displacement that
elongation of unbonded reinforcements leads the wall to

generate when the wall is RHC wall, and assume the wall
is a rigid body.

Δy � Δy1 + Δy2,Δu � Δu1 + Δu2, (12)

where Δy1 and Δu1 are yield displacement and ultimate dis-
placement that the wall generates resisting external force when
all reinforcements are bonded, and assume the wall is not
a rigid body, respectively. Δy2 and Δu2 are yield displacement
and ultimate displacement that elongation of unbonded re-
inforcements leads the wall to generate when the wall is RHC
wall, and assume the wall is a rigid body, respectively.

4.1. Calculation of Δy1,Δu1. (e shear wall can be regarded as
a cantilever member. In a cantilever member, the curvature
distribution of plastic hinge region is very irregular (Figure 8(b)).
(e height of plastic hinge region can be determined by the
curvature distribution along the wall height.

Based on the displacement equivalent principle in
maximum bending moment region, the curvature distri-
bution of plastic hinge region can be simplified, which
consists of two parts: the plastic deformation region and the
elastic deformation region.

Curvature is defined as the corner angle unit height, so
the corner angle relative to the base section at any height h

can be expressed as θh � 
h

0 φ dx.
(erefore, the lateral displacement relative to the base

section at any height h can be expressed as Δh � 
h

0 xφ dx.
Define that when the base section of cantilever shear wall

yields, shear wall yields. (e yield curvature is linear dis-
tribution along the wall height H (Figure 8(b)). (e cur-
vature in the top section is zero, and the curvature in the base
section is the yield curvature φy (Figure 9), and the resulting
equation can be expressed as x/H � φ/φy.

Applying above equations, the yield displacement can be
derived as follows:

Δy1 � 
H

0
φy

x2

H
dx � φy

H2

3
. (13)

Assume that when shear wall reaches the ultimate
state, there is a equivalent plastic hinge region height lp at

Β

Α

Μ

Μy

(a)

ϕu−ϕy ϕy

l p

Β

Α

(b)

ΔpΔy

Δu

(c)

Figure 8: (a) Bending moment, (b) curvature, and (c) lateral displacement of cantilever shear wall.
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the wall base, in which plastic curvature is equal to the
largest plastic curvature φp, and the resulting equation can
be expressed as φp � φu −φy.

Applying above equations, the ultimate displacement
can be derived as follows:

Δu1 � 
H

0
φy

x2

H
dx + 

H

H− lp

φu −φy xdx � φy

H2

3

+ φu −φy 
2Hlp − l2p

2
,

(14)

where lp is the equivalent plastic hinge region height which
can be defined as lp � (0.20 + 0.044H/hw)hw, where hw is
the cross section length.(e formula of lp is generally a good
estimate for RC shear walls [9].

4.2. Calculation of Δy2,Δu2

4.2.1. Calculation of Δy2. When calculating Δy2, as shown
in Figure 10(a), assume that the shear wall is a rigid
body and the deformation of bonded reinforcement is ig-
nored, the yield displacement can be expressed approxi-
mately as Δy2 � θy × H, where θy is the wall’s corner angle,
as shown in Figure 10(b), which can be expressed as

θy � δyhw/2− xy ± e, where xy is the compressive zone
depth in the yield state obtained by Section 3.3 approxi-
mately, e is the distance of unbonded reinforcement to the
cross section’s geometric center, and δy is the elongation of
unbonded reinforcement.

When unbonded reinforcements in tensile confined end-
zone yield, elongation of unbonded reinforcements can be
expressed as δy � εy × ls.

Applying above equations, the yield displacement can be
derived as follows:

Δy2 �
εylsH

hw2−xy ± e
. (15)

4.2.2. Calculation of Δu2. When calculating Δu2, as shown in
Figure 10(a), assume that the shear wall is a rigid body and the
elongation of bonded reinforcement is ignored, the ultimate
displacement can be expressed approximately as Δu2 � θu×

H, where θu is the corner angle at wall base, which can be
expressed as θu � δuhw/2−xu ± e, where xu is the com-
pressive zone depth in the ultimate state obtained by Section
3.4 approximately and δu is the elongation of unbonded
reinforcement.

For δu, according to the provision 4.2.4 in China code
“Code for design of concrete structures (GB 50010-2010, 2010),”

H

hw
θy (θu)

θy (θu)xy (xu)

F

(a)

hw/2

θy (θu)

xy (xu)
e

δy (δu)

(b)

Figure 10: (a) Rigid body rotation and (b) unbonded reinforcement deformation of RHC shear wall.

F

H

0

H
−
l p

X

l p

ϕy

ϕu

Figure 9: Curvature of cantilever shear wall.
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the gross elongation of HRB400 ordinary reinforcement under
the largest force should not be less than 7.5%. When cal-
culating Δu2, we assume that the deformation of unbonded
reinforcements in tensile confined end-zone reaches the
minimum elongation percentage δgt � 7.5%; the elongation
can be expressed as δu � δgt × ls.

Applying above equations, the ultimate displacement
can be expressed as

Δu2 �
δgtlsH

hw2− xu ± e
. (16)

5. Verification of Ductility

Two full-scale specimens (RHC-1, RHC-2) are designed and
tested. (e RHC specimen is composed of a base and a wall.
(e wall has a height, length, and thickness of 3.4m, 1.7m,
and 0.2m, as shown in Figure 11. (e base has a length,
width, and height of 2.3m, 0.69m, and 0.82m. (e grouting
region is located in the wall. (e unbonded segment at the
vertical reinforcements is located in the base. Based on the
finite element simulation results of specimens before test,
select the unbonded length at the vertical reinforcement as
300mm. (e horizontal connection is located between the
wall and the base. Considering the vertical reinforcement
intensity of confined end-zones and construction of metal
bellows, seven rabbets are set up symmetrically at connection.
(e rabbet’s size is shown in Figure 11. High-performance
mortar is grouted in metal bellows and connection. Two

specimens have the same details of reinforcement and size,
and the difference is the axial compression ratio with 0.1 of
RHC-1 and 0.2 of RHC-2.

5.1. Material Properties. All of the materials (concrete, steel,
and mortar) employed in the tests are selected based on
China code “Code for design of concrete structures
(GB 50010-2010, 2010).” (e grade of concrete is C35, which
denotes that the ultimate compressive strength of the cubic
concrete specimens (15 cm× 15 cm× 15 cm) cured in stan-
dard conditions is 35MPa, and its Poisson’s ratio is 0.2.
Here, six cubic concrete specimens are tested.

(e grade of steel in the tests is HRB400, where HRB
denotes hot-rolled ribbed-steel bar and the number 400
denotes the yield strength. Its elastic modulus is 200GPa and
Poisson’s ratio is 0.3, and three sets of steels with different
diameters (d� 10mm, 12mm, and 16mm) are tested.

(e high-performance mortar is tested (160mm ×

40mm × 40mm) with a type of H-80, which is a charac-
teristic of early strength, high strength, no shrinkage, and
high fluidity.

(emechanical parameters of all materials are presented
in Tables 1–3.

5.2. Test Setup. (e quasistatic cyclic tests of the RHC shear
wall are performed. Axial load is applied by tensioning pre-
stressed reinforcement strands, and the lateral load is applied by
the 150 t hydraulic actuator. (e loading protocol employed
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Figure 11: Dimension and reinforcement details of the RHC shear wall specimen (unit: mm).
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consists of a load control procedure first and a displacement
control procedure then. Moreover, four steel supports are
employed on both sides of the wall symmetrically to keep the
lateral stability of the specimen during the testing process. (e
lateral displacements of the wall are monitored by seven dis-
placement transducers.(e testing system is shown in Figure 12.

5.3. Crack Pattern and Failure Mode. For the RHC-1
specimen, the first crack observed at 210 kN was hori-
zontal flexural cracks when the specimen was pulled,
which occurred near the bottom of the wall. (e crack on
the top interface of rabbet was generated at 240 kN when
the specimen was pushed. However, for the RHC-2
specimen, the first crack was observed at 270 kN when
the specimen was pushed, which occurred near the
bottom of the wall. (e crack on the top interface of

rabbet was generated at 300 kN when the specimen was
pushed.

(e yield state was defined as when bonded re-
inforcement segments in the confined end-zone yielded,
the specimen yielded. (e increase of the applied load
resulted in the propagation of cracks and initiation of new
flexural cracks along the specimen. Further load increase
extended the existing flexural cracks into flexure shear
cracks and caused initiation of vertical cracks. In addition,
the cracks in the center of the test specimen propagated to
the compressed zone, and the crack width and the dis-
placement increased. Finally, when the lateral resistance
degenerated to 85% of the peak load, defined as the failure of
the specimen, the failure mode was a typical flexural failure
for each specimen, which was controlled by crushing concrete
at the plastic region near the bottom of the wall. (e final
crack pattern and failure mode are shown in Figure 13.

From Figure 13(b), it was noted that the failure mode was
not symmetrical.(e reason was that the push force and pull
force of hydraulic actuator during test were not symmetrical,
but had little effect.

Table 3: Mechanical property of high-performance mortar.

Test item Time Measured value

Compressive strength (MPa) 1 d 24.96
28 d 93.52

Rupture strength (MPa) 1 d 5.29
28 d 10.44

Table 2: Mechanical property of steel.

Specimen
number

Steel
diameter

Yield
strength
(MPa)

Ultimate
strength
(MPa)

Ratio of
tensile
strength
to yield
strength

Elongation
(%)

1-1

10

445 625 1.4 24
1-2 455 615 1.35 24
Average
value 450 620 1.375 24

2-1

12

445 575 1.29 25
2-2 460 585 1.27 25
Average
value 452.5 580 1.28 25

3–1

16

465 600 1.29 25
3-2 460 600 1.30 25
Average
value 462.5 600 1.295 25

Push

Pull

Hydraulic jack

MTS

Wall

Crisscross steel beam

Steel support

Displacement transducer

Anchor rod

BaseGround

Jack

Re
ac

tio
n 

w
al

l

(a)

(b)

Figure 12: Test setup: (a) schematic and (b) photograph.

Table 1: Mechanical property of concrete.

Specimen
number

Failure
load (kN)

Compressive
strength (MPa)

Average compressive
strength (MPa)

1 880 39.11

39.86

2 910 40.44
3 822 36.53
4 960 42.67
5 950 42.22
6 860 38.22

Advances in Civil Engineering 9



5.4. Load-Displacement Relationship. (e lateral load versus
top displacement curves of the two specimens is shown in
Figure 14.

It is observed in Figure 14 that the number of hys-
teresis loop is greater and the curve is plumper in the
RHC-1 specimen than in the RHC-2 specimen. (e
bearing capacity of the specimen is decreased by reducing
the axial compression ratio, whereas the yield displace-
ment and ultimate displacement are increased at the
same time.

5.5. Bearing Capacity and Deformation. From the tests, we
obtain the crack load Fcr, crack displacement Δcr, yield load Fy,
yield displacement Δy, peak load Fm, peak displacement Δm,
ultimate load Fu, and ultimate displacement Δu of two
specimens, as shown in Table 4.

Table 4 shows that Fcr, Fy, Fm, and Fu increase, whereas
Δcr,Δy,Δm, and Δu decrease with increase of the axial
compression ratio.

5.6. Verification. Applying (13) and (15), the yield dis-
placement can be expressed as

Δy � φy

H2

3
+

εylsH

hw2−xy ± e
. (17)

Applying (14) and (16), the ultimate displacement can be
expressed as

Δu � φy

H2

3
+ φu −φy 

2Hlp − l2p

2
+

δgtlsH
hw2− xu ± e

. (18)

From (17) and (18), the yield displacement and ultimate
displacement can be calculated, which are compared with
test values (Table 5).

Table 5 shows that theoretical values are a little smaller
than test values. (ere are two reasons. One is that the
elongation of bonded segment is ignored when calculating
Δy2 and Δu2, which leads to the theoretical values smaller.
Another reason is that there exist some errors and virtual

(a)

(b)

Figure 13: Final crack pattern and failure mode of (a) RHC-1 specimen and (b) RHC-2 specimen.
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displacements in test inevitably, which leads to the test values
larger. However, on the whole, both are in good agreement.

6. Effect of Unbonded Reinforcement on Yield
Displacement and Ultimate Displacement

In order to study the effect of unbonded reinforcement on yield
displacement and ultimate displacement, set RHC-2 as

example, Table 6 lists the effect of unbonded re-
inforcement on yield displacement and ultimate
displacement.

Table 6 shows that the effect of unbonded rein-
forcement on ultimate displacement is more pronounced
than that of yield displacement. (e reason is that in the
yield state, deformation of unbonded reinforcement is
small which leads to small effect; however, in the ultimate
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Figure 14: Hysteresis curves and skeleton curves of RHC-1 and RHC-2. (a) Hysteresis curve of RHC-1. (b) Skeleton curve of RHC-1.
(c) Hysteresis curve of RHC-2. (d) Skeleton curve of RHC-2.

Table 5: Comparison of theoretical and test values of displacement ductility.

Specimens
Yield displacement (mm) Ultimate

displacement (mm) Displacement ductility

(eoretical Test (eoretical Test (eoretical Test (eoretical/test
RHC-1 15.23 18.30 133.57 137.70 8.77 7.52 1.16
RHC-2 11.74 13.60 68.52 75.50 5.83 5.60 1.04

Table 4: Test results of two specimens.

Specimen Fcr (kN) Δcr (mm) Fy (kN) Δy (mm) Fm (kN) Δm (mm) Fu (kN) Δu (mm)
RHC-1 210 12.28 330 18.30 610 85.44 518.50 137.70
RHC-2 270 11.74 420 13.60 718 46.49 610.30 75.50
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state, unbonded reinforcement yields and its deformation
are large which leads to large effect.

7. Conclusions and Suggestions

7.1. Conclusions. In this paper, the curvature and dis-
placement of RHC shear wall are analyzed, and the following
conclusions can be drawn:

(1) Considering the effect of confined end-zone and
unbonded reinforcement on curvature, yield cur-
vature and ultimate curvature are calculated.

(2) In calculating displacement, assume that the displace-
ment consists of two parts approximately: one part is
that the wall generates resisting external force when all
reinforcements are bonded, and assume the wall is not
a rigid body and another part is that elongation of
unbonded reinforcements leads the wall to generate
when the wall is RHC shear wall, and assume the wall is
a rigid body. Overlay the two parts linearly, and obtain
the calculation equation of yield displacement and
ultimate displacement. (e theoretical and test values
are compared. Also, the result shows that theoretical
values are slightly smaller than test values, but both are
in good agreement on the whole.

(3) According to the theoretical equation, effects of
unbonded reinforcement on yield displacement and
ultimate displacement are studied. (e result shows
that the effect of unbonded reinforcement on ulti-
mate displacement is more pronounced than that of
yield displacement.

7.2. Suggestions. Only two specimens were applied to verify
the displacement ductility in the paper, which was in-
adequate to convince. Numerous tests considering different
parameters should be performed to verify the displacement
ductility.
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Barge impact is a potential hazard for bridge piers located in navigation waterways. Protective structures of different types, for
example, dolphin structures, artificial islands, and guiding structures, have been widely used in bridge designs against barge
impact. However, such structures often imply high cost and suffer from difficulties in installation as well as maintenance
challenges. ,is paper aims to devise and investigate a new type of crashworthy device which is comprised of vertically supported
impact cap connected to the bridge pier using a series of steel beams in a frame-type arrangement. ,is sacrificial steel structure is
designed to form plastic hinges for energy dissipation whilst limiting the force transmitted to the protected pier. ,e dynamic
analysis of the proposed crashworthy device subjected to barge impact is conducted using a simplified impact model previously
developed by the authors. ,e parametric studies in this paper show that the proposed device has a large energy dissipation
capacity and that the magnitude of impact force transmitted to the bridge pier can be dramatically reduced. In addition, an
optimization model is proposed in this paper to achieve the cost-optimized design of the crashworthy device for a given impact
scenario with constraints as per the prescribed design requirements.

1. Introduction

Bridge piers located in navigation waterways are often
threatened by vessel impact due to the increment of vessel
transportation volume. It was pointed out by Manen and
Frandsen [1] and Larsen [2] previously that at least one
major vessel-bridge collision accident of serious conse-
quences occurred each year on average in the past. Barge
collisions upon bridge structures were also frequently re-
ported. Such collisions can often lead to catastrophic con-
sequences including human casualties and economic losses;
thus substantial investigations regarding the quantification
of barge impact loading and dynamic structural responses
have been conducted in recent years [3–8].

Different protection measures are being employed to
protect bridge piers from vessel impact loading or reduce the
damage of bridge piers during impact. As one of these
protection measures, independent protective structures such
as dolphin structures are frequently used in bridge designs.
Such structures were, for example, adopted and installed for
long-span bridges such as the Rosario-Victoria Bridge in
Argentina [9], the Rhine Bridge in Kehl, Germany [10], and

the American Sunshine Bridge [11]. ,e advantage of such
independent protective structures is that they can absorb
high impact energy and protect bridge piers from direct
contact with the vessels. However, such independent pro-
tective structures require high cost and suffer from durability
problems and challenges regarding installation and main-
tenance. In addition, reconstruction of such independent
protective structures after being damaged by vessel impact is
often expensive, if at all possible. Other protective structures,
for example, artificial islands [12] or guiding structures [13],
are also frequently used. However, these structures suffer
from problems as those mentioned above.

,e problems related to the above mentioned protective
structures have led to the investigation of bridge protections
from impact by strengthening the bridge piers themselves,
for example, with carbon fibre-reinforced polymers (CFRPs)
[6, 14]. Such strengthening techniques can improve the pier
resistance; that is, the pier undergoes less damage during
impact. However, such technique cannot reduce the max-
imum impact force; therefore, it is effective for pier pro-
tection but not for barge protection [6]. In addition, the
studies by Sha and Hao [6] indicate that the effectiveness of
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the CFRP strengthening technique is very limited regarding
the maximum pier displacement.

,is paper aims to devise a novel crashworthy device
which is comprised of a supported or floated cap connected to
the pier using steel beams arranged in a frame-type manner.
During a high-energy barge impact, many plastic hinges form
in the proposed device, enabling it to absorb large amounts
of impact energy through plastic deformations. Such crash-
worthy device is easy to install, maintain, and restore after an
impact event. ,rough the choice of configuration, plastic
moments, and postyield hardening, the maximum force
transmitted to the main pier can be designed to not exceed an
allowable force that is acceptable by the main pier.

To investigate the effectiveness of the proposed crash-
worthy device for barge impact, the simplified impact model
previously developed by the authors is employed in this

paper to conduct dynamic analysis of the device subjected to
barge impact. ,e simplified impact model transforms the
highly nonlinear full barge impact model (FBIM) into
a coupled multi-degree-of-freedom model (CMM). ,e
accuracy and efficiency of CMM were thoroughly assessed
for different impact scenarios [8]. ,is paper employs such
simplified impact model to investigate the energy dissipation
capacity of the proposed device and the magnitude of impact
force transmitted to the bridge pier by the steel beams during
impact for different structural configurations. ,e para-
metric studies in this paper indicate that the proposed device
has a large energy dissipation capacity for barge impact and can
significantly reduce the maximum impact force transmitted
to the bridge pier during impact. To achieve cost-optimized
design of such device for a given impact scenario,
a mathematical optimization model is proposed in this

5.
5

56
.1

+8.05 IGM

–53.0 IGM

Structure using steel
beams of I cross section
(Figure 2)

Unit: m

Vertical support
by slender pile or
floating element

cap

Figure 1: ,e structure connecting the cap and the bridge pier using steel beams of I cross section for a sample bridge pylon foundation.
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paper with constraints as per the prescribed design re-
quirements. Examples presented in this paper show that the
optimum configuration of the device can be obtained for
different impact scenarios using the proposed optimization
model.

2. Configuration of the Device

During a barge impact, a portion of the impact energy is
transformed into the residual kinetic energy of the barge
while the rest of the impact energy is dissipated through the
plastic deformations of the barge and the impacted
structure. In order to protect both the bridge pier and the
barge, it is necessary to devise a crashworthy device which
is easy to install, maintain and restore and can absorb large
portions of the impact energy through plastic deforma-
tions. In this way, the energy absorbed by the barge and the
pier during impact would be low, and consequently, both
the barge and the pier can remain in the linear range, that
is, elastic (undamaged), through the limitation of the force
transmitted.

,e configuration of the proposed crashworthy device is
depicted in Figure 1 for a sample bridge pylon foundation to

be protected.,e cap structure is designed to collect the local
impact forces and is vertically supported for its self-weight
by a structure that does not provide a significant lateral
restraint, for example, a flexible pile system or a floating
structure. ,e cap is connected to the pylon foundation
using a series of steel beams of I cross section arranged in
multiple frames. ,e individual steel beam legs are con-
nected bending stiff, for example, through welds, such that
a force applied to the cap generates bending moments in the
steel structure. Several planes of beam units can be installed
to provide the energy dissipation capacity and the elastic and
plastic deformation behavior desired. In Figure 1, three
planes are shown, which can be braced against each other to
avoid out-of-plane stability failure.

For simplification purposes, several assumptions are
adopted herein: (1) the lateral resistance of the cap’s sup-
porting structure is ignored, (2) the pylon foundation is
assumed to be rigid, and (3) the cap is assumed to be rigid
and is modeled using a lumped mass. Based on these as-
sumptions, the structure shown in Figure 1 can be simplified
into the cap steel beam structure, as shown in Figure 2. ,e
cap can move freely in the horizontal direction whilst its
vertical movement is constrained.

Rigid pier

Steel beam of
I cross section

mc

lsb

Hinge

Cap modeled
by rigid mass

l sb

lsb

One beam unit

lsb

(a)

wbi

h b
i twi

tfi

(b)

Figure 2: Configuration of (a) the cap steel beam structure and (b) I cross section of steel beams. Nbu: number of beam units in one plane;
lsb: length of each single steel beam; mc: cap mass.

vb

Superstructure
mass modeled by
a point mass

MSM
Discrete beam element
Discrete point mass

mb

Pier column model
fixed at bottom

Figure 3: Transformation of FBIM (left) into CMM (right).
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3. Overview of CMM

,e CMM previously developed by the authors simplifies
the complex finite-element barge model into a nonlinear mass-
springmodel (MSM) andmodels the pier column using discrete
masses and fibre beam elements [8], as shown in Figure 3, where
mb is the lumped barge mass and vb is the impact velocity.

As per previous studies [3, 4, 7], the force-deformation
curve of the barge bow during impact (curve 1) generally
includes a linear increase of impact force until the force
peak is followed by an abrupt decrease when the barge bow
yields, as shown in Figure 4, where ub is the barge bow
deformation and F is the impact force. ,en the impact
force roughly reaches a plateau until the unloading stage.
,e shape of curve 1 can be regarded as the superposition of
two curves—a triangular curve (curve 2) and a bilinear
curve (curve 3), as shown in Figure 4. Two nonlinear
springs which act in parallel are thus introduced to rep-
resent the barge bow resistance. ,e force-deformation
curves of the two nonlinear springs are taken to be bi-
linear and triangular, respectively, as shown in Figure 5,
where u1 and u2 are the yielding deformations of two springs,
respectively; Fsy is the yielding force of the first spring; Fsp is
the peak force of the second spring; and x is the spring
deformation. By coupling MSM with the column at the
impact position, the CMM is developed to predict the dy-
namic barge impact process efficiently, as shown in Figure 3.
,e MSM parameters are determined by an optimization
model which minimizes the integration error of impact force
time histories determined by CMM and FBIM, respectively.

,e quality of CMM regarding the prediction of impact
force time history and dynamic pier responses was assessed
in large detail for different impact scenarios in [8] by using
FBIM as the benchmark model. ,e validated CMM is thus
used for the studies herein.

4. Simplified Impact Model Based on CMM

In this section, the simplified impact model is developed based
on CMM for dynamic analysis of the proposed crashworthy
device subjected to barge impact. As shown in Figure 6, the
steel beams are modeled using discrete masses and fibre beam
elements. ,e MSM is coupled with the cap which is expected
to contact with the barge when impact occurs. It is assumed in

this study that the beam elements undergo no shear de-
formations or torsional deformations. ,e stress-strain curve
of the beam steel is bilinear in this study.

,e MATLAB code was written with the fibre method for
solving the numerical model illustrated in Figure 6. ,e code
was previously verified by detailed finite-element simulation
results from LS-DYNA [8]. Geometric nonlinearity of beam
elements is analyzed using the corotational approach for
problems of large displacements and small strains. ,e basic
idea is to decompose the motion of the element into rigid body
part and pure deformational part. A local coordinate system,
which moves and rotates with the element’s overall rigid body
motion, is defined, and the deformational part is measured
under this local coordinate system [15].

5. Parametric Studies

,e effectiveness of the proposed device is investigated in
this section by parametric studies using the simplified im-
pact model. ,e cap surface which contacts with the barge is
flat and is 3.0m in width. ,e bridge pier is flat and 6.0m in

ub

F

Figure 4: General shape of barge bow force-deformation curve.
, curve 1; , curve 2; , curve 3.

u1 lbs x

Fsy

Fsu

Fbs1

(a)

Fsp

x

Fbs2

u1u2

(b)

Figure 5: Bilinear spring model (a) and triangular spring model
(b) used in MSM [8].
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width. ,e cap mass (mc) is taken to be 100.0 ton. ,e total
length of the beam units in one plane (lcsb) is taken to be
15.0m.,e number of planes of beam units (Npl) is taken to
be one in this study. ,e information of the prespecified
parameters regarding the device is tabulated in Table 1.

,ree parameters, that is, beam cross-section dimension,
yielding strength of beam steel (fbs

y ), and number of beam
units in one plane (Nbu), are considered for the parametric
studies herein. For comparison purposes, the following baseline
simulation is conducted: beam cross-section dimension as
follows: hbi � 0.75m, wbi � 0.50m, tfi � 0.05m, and twi � 0.03m;
beam steel yielding strength of 350.0MPa; and beam unit

number of two in one plane. ,e parameter MCbi, which
means the ratio of the studied beam cross-section dimensional
parameters, that is, hbi, wbi, tfi, and twi, to the respective beam
cross-section dimensional parameters used for the baseline
simulation, is denoted herein.

5.1. Beam Cross-Section Dimension. ,ree beam cross-
section dimensions corresponding to MCbi of 0.8, 1.0, and
1.2, respectively, are considered herein. ,e energy absorbed
by the device (Wcsb

diss) during impact corresponding to each
beam cross-section dimension is shown in Figure 7, where
the total impact energy (Wtotal) and the ratio (rcsbdiss) of energy

Rigid wall
Point mass

mcmb

Hinge

Figure 6: Simplified impact model based on CMM for dynamic analysis of the proposed device subjected to barge impact.

Table 1: Prespecified parameters for parametric studies of the device.

Member Parameter Value

Barge mb � barge mass 1723.7 ton
vb � impact velocity 2.0m/s

Cap wc � cap width 3.0m
mc � cap mass 100.0 ton

Steel beams

Npl �number of planes of beam units 1
lcsb � total length of beam units in one plane 15.0m

ρbs �mass density of beam steel 8020.0 kg/m3

Ebs � elastic modulus of beam steel 200.0GPa
Ebs
t � tangent modulus of beam steel 1.5 GPa
εbsu � failure strain of beam steel 0.25

Pier wp � pier width 6.0m
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Figure 7: Time histories of energy absorbed by the device (a) corresponding to different beam cross-section dimensions and the ratio of
energy absorbed by the device after impact to the total impact energy, respectively, versus MCbi (b). , Wcsb

diss (MCbi � 0.8); , Wcsb
diss

(MCbi �1.0); , Wcsb
diss (MCbi �1.2); , Wtotal; , the ratio of energy absorbed by the device after impact to the total impact energy.
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absorbed by the device after impact to the total impact
energy are also presented. Figure 7 shows that a large portion
of the impact energy is absorbed by the device and that the
increase of beam cross-section dimension reduces the energy
absorbed by the device due to the decrease of structure
deformation caused by the increase of structure stiffness, as
shown in Figure 8, where the maximum bending moment
diagram of the structure during impact and the structure
deflection after impact corresponding to each beam cross-
section dimension are presented.

,e moment-curvature relationship of each beam cross
section and the moment-rotation relationship of a single
steel beam corresponding to each beam cross-section di-
mension are shown in Figure 9, where c is the curvature of
beam cross section and θb is the relative rotation angle of two
boundary sections of a single steel beam. Figures 8 and 9
show that the plastic hinges which form during impact
are located at the upper part of the structure, that is, the
horizontal beams at the top and the upper part of the
vertical beams, where the maximum bending moment
exceeds the corresponding yielding moment of beam cross
section. ,e formation of plastic hinges enables the device
to absorb a large portion of energy during impact, as shown
in Figure 7. ,e lower part of the structure, that is, the
horizontal beams at the bottom and the lower part of the
vertical beams, undergoes only elastic deformations, as
Figure 8 shows.
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Figure 8: Maximum bending moment diagrams of the structures
during impact and deflections of the structures after impact corre-
sponding to different beam cross-section dimensions (unit: MNm).

, original shape of the device; , deformed shape of the device.
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,e time histories of impact force on the pier with the
device corresponding to each beam cross-section dimension
and without the device, respectively, together with the re-
duction ratio (rf ) of maximum impact force when the device
is used, are shown in Figure 10, which shows that the
maximum impact force can be significantly reduced when
the device is used. ,e increase of beam cross section would
increase the magnitude of impact force due to the increase of
cross-section fibres.

5.2. Yielding Strength of Beam Steel. ,ree steel yielding
strengths of 250.0MPa, 350.0MPa, and 450.0MPa, re-
spectively, are considered herein. ,e energy absorbed by
the device (Wcsb

diss) during impact corresponding to each steel
yielding strength is shown in Figure 11, where the total
impact energy (Wtotal) and the ratio (rcsbdiss) of energy
absorbed by the device after impact to the total impact
energy are also presented. Figure 11 shows that the increase
of steel yielding strength reduces the energy absorbed by the
device during impact.,is is because the structure resistance
increases with the increase of steel yielding strength and
consequently the structure undergoes smaller deformations,
as shown in Figure 12.

,e time histories of impact force on the bridge pier with
the device corresponding to each steel yielding strength and
without the device, respectively, together with the reduction
ratio of maximum impact force when the device is used, are
shown in Figure 13, which shows that the increase of steel
yielding strength would increase the magnitude of impact
force on the pier due to the increase of structure resistance.

5.3. Number of Beam Units. ,e devices of one beam unit,
two beam units, and three beam units, respectively, are
considered herein.,e energy absorbed by the device (Wcsb

diss)
during impact corresponding to each beam unit number is
shown in Figure 14, where the total impact energy (Wtotal) and
the ratio (rcsbdiss) of energy absorbed by the device after impact
to the total impact energy are also presented. Figure 14 shows
that the increase of beam unit number slightly reduces the
energy absorbed by the device. ,is is because the structure
becomes stiffer when more beam units are used, as indicated
in Figures 15 and 16 which show that the structure undergoes
smaller deflections and smaller deformations during impact
when more beam unit number is used.

,e time histories of impact force on the pier with the
device corresponding to each beam unit number and
without the device, respectively, together with the reduction
ratio (rf ) of maximum impact force when the device is used,
are shown in Figure 17, which shows that the magnitude of
impact force on the pier increases when beam unit number
increases due to the increase of structure stiffness.

6. Cost-Optimized Design of the Device

,e studies in the previous section have shown the great
potentiality of the proposed crashworthy device for pier pro-
tection from barge impact due to its large energy dissipation
capacity during impact. In order to achieve cost-optimized
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Figure 10: Impact force time histories on the bridge pier for the whole
impact process (a), for the first 0.10 s of impact process (b) corre-
sponding to different beam cross-section dimensions, and the reduction
ratio of maximum impact force versus MCbi (c). , without the
device; , MCbi � 0.8; , MCbi � 1.0; , MCbi � 1.2.
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design of such device for a given impact scenario, a mathe-
matical optimization model is proposed in this section with
constraints as per the prescribed design requirements.

6.1. Mathematical Optimization Model. For a given barge
mass (mb) and impact velocity (vb), when the number of
planes of beam units (Npl), the yielding strength of beam
steel (fbs

y ), and the maximum allowable impact force Fallow
max

on the bridge pier are specified, the device can be designed in
such a way that the design requirements are satisfied and the
required cost is minimized by using minimum amount of
steel. ,e design of the device can thus be transformed into
an optimization problem where the number of beam units in
one plane (Nbu), the four dimensional parameters of the I
cross section, that is, hbi,wbi, tfi, and twi, and the length of each

single steel beam lsb are optimized. For simplification pur-
poses, the four dimensional parameters of the I cross section
are assumed to satisfy the relationships as tabulated in Table 2.

,e optimization model and the corresponding con-
straints are described as follows:

minimize:

msb � 4Nbu + 1( lsbAINplρbs, (1)
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subject to:

5hbi ≤ lsb, (2)

N
l
bu ≤Nbu ≤N

u
bu, (3)

h
l
bi ≤ hbi ≤ h

u
bi, (4)

l
l
sb ≤ lsb ≤ l

u
sb, (5)

Fmax ≤F
allow
max , (6)

D
max
cap ≤D

allow
max � Nbulsb, (7)

where msb is the total mass of steel beams (ton), AI is the area
of the I cross section (m2), ρbs is the mass density of beam
steel (ton/m3), Nl

bu and Nu
bu are the lower bound and upper

bound of the number of beam units in one plane (–), re-
spectively, hl

bi and hu
bi are the lower bound and upper bound

of the depth of the I cross section (m), respectively, llsb and lusb
are the lower bound and upper bound of beam length (m),
respectively, Fmax is the maximum impact force on the
bridge pier during impact (MN), Dmax

cap is the maximum cap
displacement during impact (m), and Dallow

max is the maximum
allowable cap displacement (m). ,e value of Dallow

max is taken
to be Nbulsb to avoid the contact of adjacent vertical beams
during impact.
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,ree variables, that is, Nbu, hbi, and lsb, are included in
the optimization process. ,e sequential quadratic pro-
gramming (SQP) [16] is used for solving the proposed
constrained optimization problem.

6.2. Application Example. In this section, the optimum
configurations of the devices corresponding to several dif-
ferent impact scenarios are obtained using the proposed
optimization model. ,e combinations of three barge
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Figure 15: Time histories of cap displacement corresponding to different beam unit numbers (a) and maximum cap displacement Dmax
cap

versus beam unit number in one plane Nbu (b). , Nbu � 1; , Nbu � 2; , Nbu � 3.
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Figure 16: Maximum bending moment diagrams of the structures during impact and deflections of the structures after impact corre-
sponding to different beam unit numbers (unit: MNm). , original shape of the device; , deformed shape of the device. (a) Nbu � 1;
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masses, that is, 181.4 ton (empty barge), 952.6 ton (half
loaded barge), and 1723.7 ton (fully loaded barge), and three
impact velocities, that is, 1.0m/s, 3.0m/s, and 5.0m/s, are
considered herein. Each impact scenario is labeled as ISij,
where i denotes the number index of barge mass varying
from 1 to 3 and j denotes the number index of impact
velocity varying from 1 to 3, as tabulated in Table 3. ,e cap
surface which contacts with the barge is flat and is 3.0m in
width. ,e cap mass (mc) is taken to be 100.0 ton. ,e
number of planes of beam units (Npl) is taken to be two.,e
yielding strength of beam steel (fbs

y ) is taken to be
350.0MPa, and themaximum allowable impact force (Fallow

max )
on the bridge pier is taken to be 5.0MN. ,e information of
the prespecified parameters regarding the structure is tab-
ulated in Table 4.

,e optimum parameters generated by the proposed
optimization model, the total masses of beam steel, and the
configurations of optimum devices corresponding to different
impact scenarios are tabulated in Table 5.,e total number of
beam units (Ntotal

bu � Nbu × Npl) and the total mass of beam
steel (msb) used by the optimum device plotted against total
barge impact energy (Wtotal) are shown in Figure 18, which
shows that Ntotal

bu increases to four, corresponding to two
beam units in one plane, when Wtotal reaches around
5.0MNm. ,is is because the maximum cap displacement
(Dmax

cap ) increases with the increase of Wtotal, as shown in
Figure 19. When Wtotal reaches around 5.0MNm, Dmax

cap in-
creases to such a level that two beam units in one plane are
needed to increase the maximum allowable cap displacement

(Dallow
max ) based on (7), enabling Dmax

cap to be lower than Dallow
max to

satisfy the design requirement. It is also shown in Figure 18
that msb approximately shows linear dependency on Wtotal,
indicating that msb is approximately directly proportional to
barge mass while an increase of impact velocity could lead to
a roughly quadratic increase of msb.

,e maximum cap displacements (Dmax
cap ) and maxi-

mum impact forces (Fmax) on the pier corresponding to
different impact scenarios are tabulated in Table 6, which
shows that for each impact scenario, Dmax

cap is smaller than
Dallow

max and Fmax is smaller than Fallow
max (5.0MN); thus the

design requirements can be satisfied for all impact sce-
narios.,emaximum impact forces (Funprot

max ) on the pier for
different impact scenarios without using the optimum
devices are also tabulated in Table 6 along with the re-
duction ratio (rf ) of maximum impact forces when the
optimum devices are used. It is shown in Table 6 that the
optimum device can significantly reduce the maximum
impact force on the pier by more than 90.0% for different
impact scenarios. Table 6 indicates that for a given impact
velocity, F

unprot
max is not strongly influenced by barge mass.

,is phenomenon has been explained in detail in [8]. It is
also indicated from Table 6 that Dmax

cap is often close to or
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Figure 17: Impact force time histories on the bridge pier for the whole impact process (a), for the first 0.10 s of impact process
(b) corresponding to different beam unit numbers, and the reduction ratio of maximum impact force versus beam unit number Nbu (c).

, without the device; , Nbu � 1; , Nbu � 2; , Nbu � 3.

Table 2: Relationships of I cross-section dimensional parameters.

Ratio Value (–)
wbi/hbi 1.0
tfi/hbi 0.05
twi/hbi 0.03

Table 3: Impact scenarios considered for structure optimization.

Impact scenario mb (ton) vb (m/s)
IS11 181.4 1.0
IS12 181.4 3.0
IS13 181.4 5.0
IS21 952.6 1.0
IS22 952.6 3.0
IS23 952.6 5.0
IS31 1723.7 1.0
IS32 1723.7 3.0
IS33 1723.7 5.0
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equal to Dallow
max . ,is is because for a given impact scenario,

decreasing the amount of beam steel would reduce the
structure stiffness and consequently lead to the increase of
Dmax

cap until the point where Dmax
cap approximately reaches

Dallow
max and the optimum solution is attained.
,emaximum bendingmoment diagrams and deflections of

the optimumdevices corresponding to impact scenarios IS31, IS32,
and IS33 are shown in Figure 20, which shows that the horizontal
beams at the top and two vertical beams in themiddle experience
apparent plastic deformations after impact, enabling the devices to
absorb high energy during impact, as shown in Figure 21.

7. Summary

,is paper devised a novel crashworthy device for pier
protection from barge impact and conducted parametric
studies to investigate the effectiveness of the proposed
device using the simplified impact model. A mathematical
optimization model was developed with constraints as per
the prescribed design requirements to achieve cost-
optimized design of the device for a given impact scenario.

,e studies indicate that the proposed crashworthy
device has a large energy dissipation capacity due to the

Table 5: Optimum parameters, total masses of beam steel, and configurations of optimum devices corresponding to different impact
scenarios.

Impact
scenario Nbu (–) hbi (m) lsb (m) msb (ton) Optimum structure

configuration
IS11 1 0.20 1.00 0.41
IS12 1 0.25 1.26 0.82

IS13 1 0.35 1.76 2.22

IS21 1 0.23 1.16 0.64

IS22 2 0.41 2.04 6.23

IS23 2 0.57 2.83 16.62

IS31 1 0.29 1.43 1.19

IS32 2 0.50 2.51 11.60

IS33 2 0.70 3.48 30.77

Table 4: Prespecified parameters for structure optimization.

Member Parameter Value

Barge mb � barge mass 181.4 ton ∼ 1723.7 ton
vb � impact velocity 1.0m/s ∼ 5.0m/s

Cap wc � cap width 3.0m
mc � cap mass 100.0 ton

Steel beams

Npl � number of planes of beam units 2
ρbs �mass density of beam steel 8020.0 kg/m3

Ebs � elastic modulus of beam steel 200.0GPa
Ebs
t � tangent modulus of beam steel 1.5GPa

fbs
y � yielding strength of beam steel 350.0MPa
εbsu � failure strain of beam steel 0.25

Design requirements

Nl
bu � lower bound of Nbu 1

Nu
bu � upper bound of Nbu 10

hl
bi � lower bound of hbi 0.2m

hu
bi � upper bound of hbi 1.0m

llsb � lower bound of lsb 1.0m
lusb � upper bound of lsb 5.0m

Fallow
max �maximum allowable force on pier 5.0MN
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beam steel msb used by the optimum device versus barge impact energy
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Figure 19: Maximum cap displacement Dmax
cap (a) and maximum

impact force on the bridge pier Fmax (b) versus barge impact energy
Wtotal using the optimum device.

Table 6: Maximum cap displacements and maximum impact forces on the pier using or without using optimum devices corresponding to
different impact scenarios.

Impact scenario Dmax
cap (m) Dallow

max (m) Fmax (MN) F
unprot
max (MN) rf � 100 × (F

unprot
max −Fmax)/F

unprot
max (%)

IS11 0.23 1.00 0.30 16.24 98.15
IS12 1.26 1.26 0.50 39.90 98.75
IS13 1.75 1.76 1.03 47.57 97.83
IS21 1.16 1.16 0.41 27.24 98.50
IS22 4.07 4.08 1.52 39.68 96.17
IS23 5.64 5.66 2.99 48.53 93.84
IS31 1.43 1.43 0.63 27.18 97.68
IS32 5.01 5.02 2.41 39.45 93.89
IS33 6.95 6.95 4.56 48.63 90.62
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formation of plastic hinges in the structure during impact.
,ese number and location of plastic hinges, and con-
sequently the energy that can be absorbed, is determined
by the design of the frame-like steel beam arrangement.
,e studies show that the magnitude of the impact force
transmitted to the main bridge pier can be dramatically
reduced when the device is properly designed and installed
and that the maximum force transmitted can be chosen as
part of the device design. Amathematical optimization model
proposed in this paper can be used for obtaining the optimum
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Figure 20: Maximum bending moment diagrams of the optimum
devices during impact and deflections of the structures after the
impact corresponding to the impact scenarios (a) IS31, (b) IS32, and
(c) IS33 (unit: MNm). , original shape of the device; ,
deformed shape of the device.
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Figure 21: Energy absorbed by the optimum device ( ) and the
total impact energy ( ) during impact corresponding to the
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configuration of the device which satisfies the design require-
ments for a given impact scenario.

,e concept proposed here can be extended further to
other configurations, for example, symmetrical or entwined
arrangements which avoid vertical displacements or reduce
the device’s overall dimensions, respectively.

,e device concept presented and the analysis model
adopted have the potential to rationalize ship impact pro-
tection and thus to provide cost-effective future protection
solutions.
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*is paper aims at investigating the dynamic response of the steel box girder under internal blast loads through experiments
and numerical study. Two blast experiments of steel box models under internal explosion were conducted, and then, the
numerical methods are introduced and validated. *e dynamic response process and propagation of the internal shock wave
of a steel box girder under internal blast loading were investigated. *e results show that the propagation of the internal
shock wave is very complicated. A multi-impact effect is observed since the shock waves are restricted by the box. In
addition, the failure modes and the influence of blast position as well as explosive mass were discussed. *e holistic failure
mode is observed as local failure, and there are two failure modes for the steel box girder’s components, large plastic
deformation and rupture. *e damage features are closely related to the explosive position, and the enhanced shock wave in
the corner of the girder will cause severe damage. With the increasing TNTmass, the crack diameter and the deformation
degree are all increased. *e longitudinal stiffeners restrict the damage to develop in the transverse direction while increase
the crack diameter along the stiffener direction.

1. Introduction

Since the 9–11 attacks by terrorists, there has been increasing
public concern about the threat of bomb attacks on in-
frastructure such as bridges and tunnels as well as buildings.
Major and monumental bridges might be targeted by terrorists
because collapse of these structures can cause economic disaster,
a large number of casualties, and great public panic. *erefore,
protection of major bridges against blast load has been attached
great importance by the international bridge community [1–3].

Many scholars studied the responses of concrete bridge
structural components under blast loadings by using sim-
plified theory method, such as Timoshenko beam theory [4]
and analysis of equivalent single degree of freedom (SDOF)
system [5–8].*ese simplifiedmethods are very efficient, but
it is difficult to give reliable predictions of localized damages.
However, with the advancement in computer technology

and computational mechanics techniques, the numerical
simulation method had been widely used in investigations of
blast effect on structures, and these simulations are proved
yielding to reliable structural response predic-tions [9, 10].

Large span cable-supported bridge is under great risk of
terrorist bomb attacks; many scholars processed numbers
of numerical simulation studies on it. *rough numerical
simulations, Deng et al. [11] analyzed the impact damage of
continuous steel truss single tower cable-stayed bridge under
blast loads, and Son [12] and Son and Lee [13] analyzed the
explosion impact response of the deck and the tower
structure of cable-supported bridge. Tang and Hao [14] and
Hao and Tang [15] studied the localized destruction of the
bridge towers, piers, and deck structure as well as the overall
collapse of a long span cable-stayed bridge under car bomb
blast loading through numerical simulations with the
nonlinear finite element software LS-DYNA.
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Steel box girder has many advantages, such as much
lighter, easy shaped, and can save construction time, and is
now become the most common type of the main beam of
large span cable-supported bridge. *e response of ortho-
tropic steel decks and steel box girders under terror blast
loading was investigated with ANSYS/LS-DYNA by Jiang
et al. [16], and the breach process and failure mechanism of
the deck had been analyzed deeply.

Researches in [17–20] had shown that interaction
mechanism of internal blast is more complex, and the de-
structive effect is more strongly than free air explosion, so
the study of internal explosion of steel box girder is necessary
and imperative.

*e ALE fluid-structure coupling algorithm can consider
the influence of the structure’s response to the propagation
of shock wave and is approved of accuracy [21–24]. In the
current study, the numerical methods are validated through
comparison of experimental and numerical results. *en,
finite element models of the steel box girder are established
and numerical simulations are carried out with ANSYS/LS-
DYNA using the ALE algorithm. *e dynamic response
process and propagation of internal shock wave inside the
steel box girder are analyzed. *e failure mode and the
influence of blast position as well as explosive mass are also
discussed.

*e results obtained in this study give information for
owners of similar type of structures on the probable re-
sponses when subjected to internal blast loads and can assist
engineers to choose the most effective retrofit measures to
bring in better resistance against internal blast loads.

2. Validation of the Numerical Method

2.1. Experimental Setup. To validate the effectiveness of the
numerical method for the box-shaped steel structure under
internal blast, two steel box models with the same dimension
were designed and manufactured to conduct internal blast
experiments. *e box model is made up of 2mm thickness
Q235 mild steel plates with Young’s modulus of 200GPa.
*e yield strength and ultimate strength of Q235 steel are
370MPa and 485MPa, respectively, which are obtained
through tensile test with MTS.

*e steel box specimen is shown in Figure 1. *e side
length of all side plates is 300mm, and an extra length of
60mm is welded to every box side plate for the purpose of
simulating the constraint condition. A hole is reserved in the
center of the top plate for the purpose of placing the explosive.
*e final dimension of the specimens is 420mm× 420mm×

420mm. Two different explosive masses of 12.8 g and 40.2 g
are selected with the purpose of examining different damage
degrees.

2.2. Numerical Model. Finite element models with the same
dimension of experiments were built by ANSYS/LS-DYNA;
the box model is shown in Figure 2(a). *e explosive is
defined in the central region of air as shown in Figure 2(b).
*e explosive and air are meshed with the eight-node ele-
ment SOLID164, while the box is meshed with four-node

element SHELL163. *e fluid-structure interaction algo-
rithm is adopted to model the impacts of blast wave to
structure. *e mesh size of structure and air are 5mm and
4mm, respectively. *e total element numbers for the shell
and solid are 42,820 and 1520,875, respectively.

In these numerical models, ∗MAT_HIGH_
EXPLOSIVE_BURN is used for high explosives (TNT), and
the JWL equation of state is adopted to model the pressure
generated from blast [25]. *e Johnson–Cook material
model together with the Gruneisen state equation is used to
model the dynamic behavior of the steel box [26, 27].

2.3. ComparisonsofNumerical andExperimentalResults. Figure
3 shows the comparison of damage features obtained from
both blast tests and numerical simulations. Outward bulging
of the whole plate is observed in all sides of all tests, and in-
plane buckling produces in the central area of the boundary
plates. *ese damage features are all observed in numerical
results as shown in the right-side pictures of Figure 3 which
indicate that the numerical model can simulate the damage
features well.

*e side plate center deflection-time curves obtained
through numerical simulations of both tests are shown in
Figure 4. *e ultimate plate center deflections of experi-
ments were measured by using an electronic digital display
depth caliper, and the ultimate deflections for 12.8 g and
40.2 g TNT tests are 14.9mm and 34.4mm, respectively. *e
ultimate deflections of simulation results cannot be obtained
directly since the calculating time is limited. However, the
deflection data after the first extreme value present a phe-
nomenon of oscillation around a specific value as shown in
Figure 4. Hence, the ultimate deflections could be estimated
through analyzing the corresponding deflection-time curves.
*e estimated ultimate deflections for 12.8 g and 40.2 g TNT
simulations are 15.5mm and 35.5mm, respectively. It shows
that the maximum error of 4% occurs in the FEM calculated
to caliper measured of experiments.

*e above analyses indicate that the deformation fea-
tures and deflection data obtained through finite element

60 mm 

300 mm

Boundary plate 

Figure 1: Steel box specimen.
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method are in good agreement with the experimental results,
and hence the numerical method is validated.

3. Finite Element Models of Steel Box Girder
under Internal Blast Loading

Considered the localized effect of blast load and the cal-
culated efficiency, a segment of the steel box girder has been
selected as the analytical model in this paper. Figure 5 shows
the girder’s cross section and four typical explosive posi-
tions; the bombs in positions 2 and 3 have only one-side
contact to the soleplate, while positions 1 and 4 have two or
three sides contact to soleplate and diaphragms, named
multisides contact. *e position 4 located next to the joint of
four boxes, 1.96m away from position 1. *e length of the
girder segment (along the direction of bridge) is 12.0m; the
distance of two transverse diaphragms is 4.0m; the thickness
of the diaphragm is 12mm; the width of the roof (along the
transverse direction of bridge) is 20.12m and thickness is
14mm, while the bottom plate is 17m and thickness is
10mm; the thickness of longitudinal diaphragm is 9mm and
U-shaped stiffener is 6mm [17, 28]. *e calculation model is
shown in Figure 6: situation of positions 1∼3 is longitudinal
symmetry, and a 1/2 segment model is given, while position
4 is unsymmetrical, a 2/3 segment model is selected which
includes 3 transverse diaphragms (as shown in Figure 6(b)).
8-node solid element type (SOLID164) is used for modeling
air and TNT; SHELL163 element type is selected for the steel
box in these simulations. *e automatic single surface
contact type (∗Contact_Automatic_Single_Surface) is de-
fined to consider the contact and collision of different plates
or fragments. *e mesh size for the girder is 5 cm, and the
mesh size for air is in proportion to the explosive distance
(the mesh size for the central zone of explosive position is
smaller than 2 cm).

With the purpose of investigating the influence of
blast position and explosive mass, two sets of simulations
are designed. *e first set is for the blast position, in which
four typical blast positions (Figure 5) are selected with an

explosive mass of 23 kg TNT (typical suitcase bomb). *e
other set is for explosive mass where four different TNT
masses ranging from 10 kg to 50 kg are detonated in position
2 (as shown in Figure 5).

4. Response Process and the Propagation of
Internal Shock Waves

4.1. One-Side Contact Explosion Situation. *e response
process of the bomb exploded in positions 2 and 3 is similar
because they both belong to the type of one-side contact
which leads to serve destruction only in the TNT-concluded
box while the neighboring box is less influenced. *e po-
sition 2 is taken as an example to study the response process
for position 2 located next to the chamber center which is
more typical. In Figure 7, some pressure fringe plots at
typical time are given, and the pressure unit in these plots is
Pa. Figure 8 shows the positions of 4 elements and their ID in
the four corners of the right box chamber as well as their
pressure-time curves.

*e response progresses are as follows: t≈ 0.14ms, the
bottom plate has generated local large deformation;
t≈ 0.78ms, the shock wave has reached the roof first time;
thereafter, the shock wave reflects back from the roof. When
the shock wave arrives the diaphragm and longitudinal
clapboard, deformation is caused immediately, and then the
shock waves reflect back again to the center of the roof from
both sides of the diaphragms at t≈ 4.4ms which causes
a secondary impact; t≈ 8.8ms, shock waves convergence
occur at the four corners of the box, at which larger over-
pressure produces (as shown in Figure 8), and the shock
waves converge in the “>” shaped corner (constituted by the
right-inclined web and roof) and was much more stronger
which led to a severer impact on the roof (as shown in Figure
9); shock waves reach the joint of the longitudinal clapboard
and bottom plate again at t≈ 16.74ms causing secondary
impacts (element B position and pressure-time curves are
shown in Figure 8); after that, multiple reflections take place
while the shock wave intensity gradually decreases.

(a) (b)

Figure 2: Finite element model. (a) Box model. (b) Air and explosive.
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From Figure 8, elements B and D reach the first peak
pressure at t ≈ 8.76ms, and the magnitude of unit B is up to
0.82MPa; t ≈ 14ms, unit A reaches the second peak
pressure 0.3MPa, and at t ≈ 17ms, element B reaches
a second peak pressure of 0.36MPa, the second impact
peak pressure can reach more than one-third of the first
peak pressure, and it seems that the second impact effect
cannot be neglected; and then series of reflection peak
pressure were also observed though the pressure magni-
tude attenuated.

In Figure 9, the fringe plot of displacement and the
elements’ position of the deck is shown; the element of the
deck (element 1218 to 23,658) in order from left to right is
counted as A∼D. Figure 10 shows the deflection-time curves
(positive upward) of the elements A∼D. From Figures 9 and
10, the positions close to elements C and D have maximum
deformation, where element C was under direct impact by
the shock wave, while the explosive distance of element D is
farther but located at the corner where the shock wave
aggregation effect strengthened in, so big deflection of about
0.093m appeared in those two areas.
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Figure 3: Deformation comparison between experimental result and numerical result (the left picture is the experimental result and the
right is numerical). (a) 12.8 g TNT. (b) 40.2 g TNT.
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4.2. Multiside Contact Explosion Situation. Blasts in posi-
tion 1 and position 4 belong to multiside contact explosion,
especially position 4 close to three plates; the blast wave
was constrained seriously by 3 sides, and the adjacent four
box chamber was greatly influenced. For this reason, the
position 4 explosion was selected to analyze the response

process and damage effects. Figure 11 shows some pressure
fringe plots at typical time, and the pressure unit in these
plots is Pa.

*e response processes are t≈ 0.1ms, the bottom plate
and longitudinal, transverse diaphragm had already pro-
duced local large deformation and cracks, and the bottom

4250

Position 1(4) Position 2 Position 3

Figure 5: Cross section and explosive positions (unit: mm).

(a)

Diaphragm 3
Diaphragm 2

Diaphragm 1

(b)

Figure 6: Finite element models. (a) 1/2 girder. (b) 2/3 girder.
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Figure 7: Pressure evolutions of explosion in position 2 (middle cross section, time unit: ms).
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plate and diaphragm plate ② has fragments produced;
t≈ 0.8ms, the shock wave reaches the roof, and the roof
begins to deform; t≈ 1.5ms, the shock wave reaches di-
aphragm plate ①; t≈ 2.8ms, the shock waves are encoun-
tered in the top right-hand corner of the right-hand box
chamber, and at the same time, the shock wave crosses the
hole in diaphragm plate ② and traverses the left box
chamber and reaches diaphragm plate ③; t≈ 5.2ms, the
shock waves in the left box chamber are converged in the

upper-left corner; at the same time, the roof diaphragm plate
① in the right box room has produced great deformation;
t≈ 9.8ms, the shock waves in the right box reflect back again
and encounter at the place just below the roof and above the
explosive directly; element B reaches the extreme values for
the first time; since then, multiple reflections take place in
each box chamber while the shock wave intensity rapidly
reduces.

5. Discussions

5.1. Damage Mode Analysis. *e fringe plots of final dis-
placement of different whole models, bottom plate, and
roof are given in Figures 12–14. *e longitudinal and
transverse diaphragms have been destroyed seriously
when the bomb is exploded in position 1 and position 4;
a diameter of larger than 1m breaches is observed in the
longitudinal diaphragm in both positions 1 and 4; the
damage degree in position 2 is much lighter, which may
be because of the bomb in position 2 only in contact with
one side (the bottom plate), which means constraint effect
is not obvious. In position 3, the deformation of the roof
is the largest, which may be caused by the impact of the
shock wave converged in the top right corner. *e damage
degree is the most serious in position 4 as shown in Figures 13
and 14.

*e three transverse diaphragms’ deformation and the
final damage shape of explosion in position 4 are shown in
Figures 15 and 16. *e diaphragm ② is cracked, and the
crevasse size is 0.91m× 0.75m, and the diaphragms ① and
③ undergo great deformation, and the deformation is in
opposite directions, which are caused by shock waves in
different chambers.*e final shape of damage shows that the
local failure is serious, and the tearing break phenomenon at
the weld zone is obvious.

On the whole, the failure mode of the steel box girder
includes two levels; one is the holistic failure mode of the steel
box, and the other is the failure mode of plates. *e holis-
tic failure mode presented local failure obviously in the
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current study under four explosive positions: the plates close
to the blast occurred crevasse and serve deformation (the
bottom plate is cracked; nearby U-shaped ribs are destroyed),
and the plate in the distance produced large plastic deformation

caused by shockwave inwhich the pressuremagnitude ismuch
lower compared to that of the nearby blast wave.

*e plates’ failure mode can be divided into two
kinds as follows: namely, inelastic large deformation and
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Figure 11: Response process of explosion in position 4 (the axial longitudinal section, time unit: ms). (a) t� 0.7994. (b) t� 2.7986.
(c) t� 5.1991. (d) t� 9.7986.
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Figure 12: Fringe plot of the final displacement of the box girder (unit: m). (a) Position 1. (b) Position 2. (c) Position 3. (d) Position 4.
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crevasse. *e plates near the bomb all undergo cracking
and breach (such as the bottom plate), while most plates
in distance suffered air shock wave-produced plastic
deformation, mainly manifested bulking in the plate
center.

5.2. Analysis of Blast Position. *e main damage parameters
of the girder are given in Figures 17 and 18.

(a) (b)

(c) (d)

Figure 13: Fringe plot of the final displacement of the bottom plate (top view, unit: m). (a) Position 1. (b) Position 2. (c) Position 3.
(d) Position 4.
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(c) (d)

Figure 14: Fringe plot of the final displacement of the deck (top view, unit: m). (a) Position 1. (b) Position 2. (c) Position 3. (d) Position 4.
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Figure 15: Fringe plot of diaphragm’s displacement (unit: m).
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(1) To the bottom plate, 1m diameter’s breach is pro-
duced when blast starts off in positions 1, 2, and 4,
while in position 3, a crack up to 2.31m is emerged
which may be caused by the split effect along the
weld line between the inclined web and bottom plate.
It can also be found out that the crevasse dimensions
along the longitudinal direction are bigger than that
along the transverse direction, which is because the
U-shaped rib limited the development of crevasse
along the transverse direction. A diameter range of
3meters around positions 1∼3 has experienced plastic
deformation, while in position 4, the range of plastic
deformation is far less due to the constraint effect of
longitudinal and transverse diaphragm.

(2) To the roof, great upward deflection is generated,
especially in position 4 in which the shock wave is
constrained and converged in the up-right corner of
the box girder. And a range of 4.35-meter longitu-
dinal plastic deformation is produced because of the
same reason.

(3) To the diaphragm plate, the crevasse is only observed
in position 1 and position 4; the crevasse reason in
position 1 is that the shock wave was reflected and
converged by the bottom plate and longitudinal
diaphragm, in position 4 is the small blast standoff
distance.

(4) To the longitudinal diaphragm, breaches only pro-
duce in close-in explosion (position 1 and position
4); the damage parameters of inclined web are not
given here because only one crevasse up to 2.3m
produced in the right-inclined web (the same as the
bottom plate).

To sum up, the explosive position has great influence on
the damage degree. Explosion in position 4 creates the se-
verest damage which may be caused by the three sides’
constraint condition of explosive. And vice versa, in position
2, the damage degree is relatively light; only the bottom plate
produced a breach; the roof’s displacement and plastic
district range are minimums. To mitigate the damage degree
and reduce the damage parameter of the steel box girder,
some measures can be taken as follows: (1) improve the weld
strength, to reduce split failure along the joint of plates; (2)
increase the explosion-proof distance in the box corner, to
prevent multichamber damage; and (3) set up transverse
stiffener, to limit the development of the longitudinal crack.

5.3. Analysis of Explosive Mass. *e damage features of
different explosive masses exploded in position 2 are shown

Figure 16: Final damage shape of explosion in position 4 (time
unit: ms).
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in Figure 19. With the increasing of TNT mass, the crack
diameter in the bottom deck, the deformation degree of the
roof, and the transverse and longitudinal diaphragm are all
increased. Figure 20 shows the displacement-time curves of
the gauging point in the roof (Figure 19(a)). *e maximum
deflections occur at about t� 0.01 s with the magnitudes of
0.07m in 10 kg TNT case and 0.162m in 50 kg TNT case.
Figure 21 shows the crack diameter of the bottom plate of
both transverse and longitudinal directions. *e results show
that the longitudinal crack is bigger than that of the transverse
crack in all cases, and the longitudinal crack increases sharply
with the TNT mounting up while the transverse crack
increases gently. *ese phenomena result from the constrain
effects of the longitudinal “n”-shaped stiffener. In addition,

due to the tearing that happens along the longitudinal stiff-
ener, the longitudinal crack in 36 kg TNT case extremely
increased comparing to 23 kg case. *e results indicated that
the one-way stiffener can restrict the damage to develop in the
perpendicular direction of stiffener while increase the crack
diameter along the stiffener direction. Hence, two-way or-
thogonally welded stiffeners should be designed to enhance
the antiblast capability.

6. Concluding Remarks

Aiming at the problem of large span cable-supported steel
bridges suffering the threat of terrorist blast attack, the
dynamic response process and propagation of internal shock
wave of the steel box girder under internal blast loading were
investigated in the current research with nonlinear finite

Gauging point 

(a) (b)

(c) (d)

Figure 19: Damage features of different explosive masses in position 2. (a) 10 kg TNT. (b) 23 kg TNT. (c) 36 kg TNT. (d) 50 kg TNT.
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element software LS-DYNA and the fluid-solid coupling
arithmetic method of ALE multimaterial formulations. *e
failure mode and the influence of blast position as well as
explosive mass were discussed.

*e results show that the response process of the steel
box girder under internal blast loading is different from that
of the external explosion for a multi-impact effect is ob-
served which is caused by the reflection of the shock wave,
and the second impact effect seems cannot be ignored.When
the internal shock waves propagated to the weld area of two
plates and the corner of box, they converged and will be
intensified, and the enhanced shock wave has much bigger
load effects.

*e holistic failure mode of the girder is observed as local
failure, and there are two failure modes for the steel box
girder’s components, large plastic deformation and rupture.
Explosive position has strong effect on the box’s destruction,
for a multibox destruction will be caused if the explosion
takes place at the juncture of two boxes. *e constraint
effects of the box also have great influence on the damage
degree. With the increasing of TNTmass, the crack diameter
in the bottom deck, the deformation degree of the roof, and
the transverse and longitudinal diaphragm are all increased.
*e longitudinal stiffeners restrict the damage to develop
in the transverse direction while increase the crack diameter
along the stiffener direction.

Some measures can be taken to enhance the antiblast
capability of a steel box girder by improving the weld strength,
increasing the explosion-proof distance in the box corner,
setting up two-way orthogonally welded stiffeners, and in-
creasing the venting area to decrease the effect of confined
explosion. Numerical results presented in the current study
may help structure or bridge engineers to determine ap-
propriate protection measures for bridges and structures
against possible explosion loads.
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In populous cities, construction of multistorey buildings close to each other due to space limitation and increased land cost is
a dire need. Such construction methods arise several problems during earthquake excitation.,e aim of this study is to investigate
the bidirectional seismic responses of fully base-isolated (FBI) adjacent buildings having different heights and segregated
foundations.,erefore, two scenarios, namely, (a) investigation of the responses of FBI adjacent buildings compared to those with
fixed base (FFB) and (b) the effects of separation distance on FBI adjacent buildings, were studied. Based on these investigations,
the results showed that isolation system significantly enhances the overall responses of the BI buildings. Spectacularly, the base
isolation system was further efficient to decrease displacement rather than the acceleration. In addition, increase of the seismic gap
changed the acceleration, pounding, base shear, base moment, and storey drift, as well as the force-deformation performance of
the isolators. ,erefore, it seems a need to focus on the effect of the separation distances for the design of base isolators for FBI
adjacent buildings in future works.

1. Introduction

Adjacent buildings are constructed without any structural
link connected to surrounding buildings. However, in few
cases, they are rarely connected at the foundation level. As
a matter of fact, engineers have taken serious concerns about
structural damages caused by devastating earthquakes [1–3].
,erefore, the structural pounding phenomenon will usually
occur in adjacent buildings during earthquake excitations
[4]. Consequently, the buildings with inadequate seismic gap
suffer from damages due to the pounding force. Mexico City,
1985, and Northern California, 1989, are good examples to
signify the importance of seismic gap between adjacent
buildings. It is good enough to flashback both events where
pounding effect has been seen by 132 demolished adjacent
buildings in the Mexico City and 200 collapsed buildings in
Northern California [5, 6]. In this regard, many researchers
have studied the structural responses of either the base-
isolated (BI) building in adjacent with a conventional fixed
supported building [7–9], FFB adjacent buildings, or

adjacent building equipped with other dissipative devices
[6, 10–18].

Structural responses of adjacent buildings have been
investigated by means of nonlinear techniques which de-
monstrated that collapse of structures has a significant in-
fluence on the performance of light and flexibility of
buildings mainly in the pounding direction [11, 19–22].
Penzien [23] used the complete quadratic mode combina-
tion (CQC) approach, whilst Kasai et al. [24] used the
spectral difference (SPD) method to calculate the required
gap between two FB adjacent buildings. Both techniques
were able to predict the structural responses concerning
building vibration. Moreover, the square root of the sum of
the squares (SRSS) approach has been governed by the
international buildings codes (IBC), and consequently, the
required distances between buildings were provided [25].
Shrestha [26] offered a minimum required gap for buildings
to prevent pounding by means of double difference com-
bination (DDC) and SRSS techniques. ,e obtained results
exhibited that the DDC method assessed the required
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separation gap to hold pounding up. Furthermore, structural
responses of FFB adjacent buildings have been numerically
analyzed [26, 27]. Khatiwada et al. [28] proposed the
Hunt–Crossley model. ,e precise calculation of damping
constant was presented in that model. ,e efficiency of
Hunt–Crossley model in linear and nonlinear analysis for
pounding simulation of concrete structures was compared
with nonlinear viscoelastic, linear viscoelastic, and modified
linear viscoelastic models. ,e nonlinear Hunt–Crossley
model was capable to predict the contact force between FB
adjacent buildings.

From the literature review, it was found that the seismic
responses of FBI adjacent buildings have not been studied
thoroughly. In this paper, an attempt was thoroughly made
by dividing the scenarios into two cases comprising (i) in-
vestigate the seismic response characteristics of FBI adjacent
building comparing to FFB buildings (Scenario 1) and (ii)
investigate the gap size effect on seismic pounding of FBI
adjacent buildings (Scenario 2) having different heights. For
this aim, lead rubber bearings (LRB) were designed based on
the NEHRP provisions [29]. Afterwards, a comparative
analysis of two FFB and BI adjacent buildings under bi-
directional seismic excitations was carried out.

2. Methodology

2.1. Nonlinear Dynamic Analysis. In the present study,
nonlinear dynamic analysis was done using a typical bi-
directional seismic recorded and a finite element (FE)
analysis package. ,at is, SAP2000 was selected as an ap-
propriate tool for aiding the purpose. ,e main equations of
motion were taken deliberating equilibrium of forces at each
DOF. ,e motion equations for superstructure and base
isolation were written as

[M] €yb + _y  +[C] _y  +[K] y  � −[M] Tg  €yg , (1)

in which [M] is the mass matrix, [C] and [K] are damping
and stiffness matrix of the superstructure, respectively, and
y  is the superstructure displacement. Displacement and
acceleration corresponding to the ground are nominated by
yb  and €yg . ,e earthquake effect coefficient matrix is
given by [Tg].

All nonlinearities are only restricted to the elements of
the base isolator. In the above dynamic equilibrium eq-
uation, the base isolator and superstructure are considered
as nonlinear and elastic, respectively. ,erefore, (1) is
written as

M €y(t) + C _y(t) + KLy(t) + rN(t) � r(t), (2)

where KL is the stiffness matrix for superstructure as the
linear elastic and rN is the force vectors due to nonlinear
degrees of freedom related to isolator elements. ,e dis-
placement, velocity, and acceleration corresponding to
ground is determined by y, _y, and €y, respectively; and the
vector of imposed loads is defined by r. At nonlinear DOF,
the effective stiffness is arbitrary, but it changes between zero
and the utmost stiffness of that DOF. ,e equation of
equilibrium could be rewritten as

[M][ €y(t)] +[C][ _y(t)] + KL [y(t)] + rN(t)

� r(t)− rN(t)−KNy(t) ,
(3)

in which

K � KL + KN, (4)

where KN is the stiffness matrix for all nonlinear DOFs.

2.2. Gap Elements. ,e gap distance between the buildings
was represented by the link element in SAP2000. It is re-
markable that the gap (link) element is active only in
a compression state. ,e function of the link element (gap
element) is to transfer pounding force through itself only at
themoment of the impact of buildings.,e force-deformation
correlation in nonlinearity form was expressed as follows:

f �
k(d− open), if d− open< 0,

0, otherwise,
 (5)

in which k is the constant of spring, d represents the dis-
placement, and the initial gap opening (has to be zero or
positive) is defined by open. For gap element in nonlinear
analysis cases, its stiffness was defined as one to two orders
stiffer than surrounding columns and beams in each level.
,e gap element stiffness was selected to be 102 times larger
than the stiffness of adjacent attached element. Hence, in this
study, the stiffness of the gap elements was determined as

K �
EA

L
  ×100,

K �
Young’s modulus of concrete× contact surface area

element length of contact surface
×100,

(6)

in which A is the cross-sectional area of the element, E is
Young’s modulus of the element, and L is the element length
in perpendicular direction to the contact surface. Further-
more, dissipating energy during collision can be determined
by damping. ,e linear effective stiffness effect and damping
were included in the gap element to achieve favourable
contact behaviour.

2.3. Nonlinear Time History Analysis. ,e finite element
software SAP2000 was implemented to investigate the re-
sponse of adjacent buildings under different seismic loads by
modelling two adjacent ordinary moment-resisting concrete
frame (OMRCF) buildings considering FFB adjacent build-
ings and FBI adjacent buildings subjected to bidirectional
earthquake excitations. Nonlinear dynamic time history
analysis was carried out through bilateral seismic recorded of
Cape (PGA 2.85m/s2), Los Angeles Century City, LACC-
North (PGA 3.85m/s2), Santa Monica (PGA 1.20m/s2), and
El-Centro (PGA 3.20m/s2), as shown in Figure 1.

Fast nonlinear analysis procedure proposed by Wilson
has been weighed to solve the equilibrium equations [30].
,e approach was exceedingly effective for structural systems
that are initially linear elastic [2]. In the present study, material

2 Advances in Civil Engineering



and link nonlinearities were also considered and direct in-
tegration was performed by the alpha method. All non-
linearities were restricted to the link (gap) elements. ,e
detailed time history loading was imposed quasistatically
through high damping. ,e fast nonlinear analysis method
deliberates a ramp-form time history which rises in a linear
trend from zero to one over a time period.,us, the nonlinear
equations were iteratively solved in every time step. Eventually,
the iterations were accomplished until the result converges.

2.4. Base IsolatorDesign. Base isolator (herein LRB) device is
shaped by placing a lead plug into a prepared orifice in the
scant damping elastomeric bearing. ,e lead plug is de-
formed in shear due to enforcing of steel plates. LRB per-
formance is preserved during repetition of severe ground
motions with good reliability and durability. LRB generates
the required damping and sophisticated initial stiffness. ,e
LRB behaviour is affected by the horizontal elastomer
stiffness, horizontal lead plug stiffness, and the yield strength
of the lead plug.

,e LRB isolator was designed as suggested by Kelly [31],
Kelly et al. [32], and Naeim [33]. In this study, ISODNG09
(a computer code) has been made to design the isolator
iteratively. ,e dimensions, total seismic weight, number of
bearings layers, and their thickness were taken into account
as the initial input. ,e parameters such as high initial
stiffness, post-elastic stiffness, yield strength, effective
damping, and post-yield stiffness ratio were calculated by
means of the aforesaid code. ,e parameters were then
assigned into SAP2000 software package. ,e bearings were
connected at the bottom of the columns. In general, a lead
core with 60mm diameter and two 25mm thick steel plates
were used to attach both sides of the bearing. ,e IRHD
(International Rubber Hardness Degrees) 50 was used for
rubber material with shear modulus, Young’s modulus,
modified factor (k), maximum shear strain (cmax), and ul-
timate elongation of 0.64MPa, 2.2MPa, 0.73, 50%, and
650%, respectively. Stiffness of nonlinear unloading was set
to 10.57 kN/mm, whereas the yield strength was 249.25 kN.
,e earthquake forces on the bearing taken from the

dynamic analysis of BI building were utilized to control the
roll-out state of the base isolators. ,e designed height and
diameter of the steel shim plates and rubbers were 380mm
and 600mm, respectively. Figure 2 demonstrates the LRB
details used in the present study. ,e importance coefficient
and response modification factor of isolated buildings were
taken as I� 1.0 and RI� 2.0, respectively [31]. Configuration
of damping system was analyzed for 10 s durational earth-
quake. ,e used time step for numerical solution was se-
lected as 0.002 s. ,e flowchart procedure for the design of
isolators is illustrated in Figure 3.

2.5. StaticAnalysis. Analysis of linear static, the easiest of all,
was carried out as the lowest level of complication. Seismic
lateral force was defined by taking the R and Z factors, soil
profile, importance factor, etc. Equations for earthquake
analysis has been derived from Building and Housing Re-
search Center (BHRC) of Iran [34]. ,e summation of the
horizontal earthquake loads or the minimum base shear in
each direction was expressed from
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Figure 1: (a) Time histories and (b) spectral accelerations (5% damping) of the applied earthquakes.
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V � CW, (7)

in which V is the shear force in the base level. ,e base level is
determined as the level where the building does not have any
movement with respect to the base ground during a seismic
excitation,W is the total weight of the structure, that is, the total
dead load and a percentage of other loads, and C is the seismic
coefficient which was obtained from the following equation:

C �
ABI

R
, (8)

where A is the design base acceleration (g) and B is the
building response coefficient taken from the design response
spectrum which was specified based on the below equation:

B � 2
T

T0
 

2/3

, (9)

in which T is the fundamental natural period and T0 was
specified based on the soil classification and for this study
was defined as 0.3 for soil type I. I is the importance factor,
and R is the building behaviour coefficient.

According to the BHRC, the design base shear must not
be less than V � 0.1AIW and the C value must be greater
than 10% of the A.

2.6. Required Lateral Force for Superstructures. To calculate
the required lateral force for superstructures, we need to
compute the minimum and then the maximum effective
stiffness of the base isolators. In this regard, the equations are
calculated as follows:

KDmin �
4π2

g

W

T2
D

 ,

KDmax � (1.3) KDmin( ,

(10)

in which the ground acceleration (g), weight of the structure
(W), and the effective period (TD) are 9.81m/s2, 3405 198 kg,
and 3 seconds, respectively. Substituting these values in (10)
gives the minimum and maximum effective stiffness, i.e.,
15210.73 kN/m and 19773.95 kN/m, respectively. ,erefore,
the required lateral force for superstructures, Vs, can be
computed as below:

Vs �
Vb

RI

, (11)

in which Vb is the required lateral force for the isolation
system. RI � (3/8)R which is the numerical coefficient re-
garding the type of lateral force resisting system above the
base isolation system as given in Table 13.3.4.2 of NEHRP
provision for seismically isolated structures. R is the re-
sponse modification coefficient as given in Table 5.2.2 of that
provision and it is taken as 3 in this study. Hence, RI goes to
be 1.125. ,e above expression sets Vs for 2590.878 kN.

2.7. Numerical Study. In this study, two adjacent buildings
having different heights (4- and 8-storey buildings) were
considered for the evaluation of structural pounding. ,e
plan and elevation views of the buildings are shown in Figure
4. ,e place of seismic gaps (30mm) for both the FFB and
FBI adjacent buildings is illustrated in Figure 5.

Assign material
properties

Define seismic input,
bearing loading

Define types of
bearing

Set supposed bearing
dimension

Calculation of properties of supposed bearing

Pick characteristic
strength

Detect shear
modulus of rubber

Calculate yield displacement,
yield force, stiffness

Adjust stiffness and
shear modulus Alter bearing dimensions (if essential) Check strain and

buckling

Calculation of seismic performance for maximum credible earthquake (MCE) and design base
earthquake (DBE)

Calculation of spectral
displacement and
acceleration

Calculation of bearing
force, damping coefficient,
hysteresis area

Pick isolator period
and damping ratio

Check displacement Calculation of load capacity due
to maximum displacements

Get design
properties

Regulate bearing dimensions at phase “ set supposed
bearing dimension” and reiterate steps (if essential)

Figure 3: Typical design procedure of base isolators.
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As Figure 4 shows, the total height of the 8-storey and
4-storey OMRCF buildings is 30.12m and 15.52m, re-
spectively. ,e frame section of columns and beams
detailing for floor levels is described in Table 1. ,e gap
elements between adjacent buildings were located at 4 joints
(Figures 5(a) and 5(b)). Young’s modulus and shear mod-
ulus of concrete were taken as E� 2.168×107 kN/m2 and
G� 0.834×107 kN/m2, respectively.

3. Results and Discussions

,e comparative results of the present study are divided into
two parts, in which each part provides a comprehensive
study on the objective:

(1) Responses of FBI adjacent buildings compared to the
FFB adjacent buildings (Scenario 1).

(2) Gap size influence on the responses of the FBI ad-
jacent buildings (Scenario 2).

3.1. SeismicResponses of FullyBIAdjacentBuildings (Scenario 1)

3.1.1. Free Vibration Analysis. It has ascertained that the
input frequency generates the pounding force. In other
words, the pounding force is a function of the frequency
[35, 36]. Moreover, the modes with large impressive masses

are normally a substantial contributor to the response of the
structures [37, 38]. Table 2 presents the natural frequency of
the FFB and FBI adjacent buildings considering the most
participated mass ratio for the four effective modes in the
longitudinal (pounding) direction. It can be seen from the
table that the governor modes were changed from 1, 4, 7, and
11 in the FFB system to 1, 3, 7, and 10 in the FBI system.
Furthermore, by comparing the common modes (1st and
7th), it can be concluded that the base isolation system
decreases the structure stiffness, therefore reducing the
natural frequency. In such a circumstance, the superstruc-
ture part, as a rigid unit, will react to earthquake vibrations
in lieu of resonating with imposed vibration. ,e obtained
results from Table 2 confirmed that the isolation system
reduced the natural frequency of the buildings by 28%–43%
for the governor modes. It is obvious that, by decreasing the
natural frequency, the time period will be lengthened which
results to have a smooth vibration. Also, from the partici-
pating mass ratio analysis, it can be observed that the mass
participation for the FBI buildings is greater that the FFB
buildings in the first mode of vibration with a time delay.

For better understanding, the first modal vibration of the
buildings for both FFB and FBI adjacent buildings is il-
lustrated in Figure 6. In FFB condition, the adjacent
buildings experienced a contact in the first mode. On the
contrary, in the FBI condition, the taller building deflected
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5 m

5 m

5 m 5 m 5 m 5 m 5 m 5 m 5 m 5 m 5 m 5 m

0.03 m

Gap

(a)

3.65 m

3.65 m

3.65 m
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3.65 m
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3.65 m
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(c)

Figure 4: Plan and elevation views of buildings having segregated foundations. (a) Plan view; (b) 8-storey-level elevation view; (c) 4-storey-
level elevation view.
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toward the left direction because of the effect of the base
isolation system.

3.1.2. Displacement Response. ,e envelope displacement
values for each floor level of the taller FB and BI buildings
subjected to applied earthquakes are presented in Figure 7. As
shown in the figure, the maximum displacements occurred at
the top level (8th floor level) and the maximum displacements
of the buildings in both positive and negative directions are
shown for both FB and BI adjacent buildings. However, the
top level displacements of the FBI buildings were generally
greater than the FFB building, but by considering the base
displacements for both systems, the relative displacement can
be calculated. It can be seen from the figure that the relative
displacement of the FBI building in both positive and negative
directions was smaller than the relative displacement of the
FFB building. To clarify the statement, the below expression is
written for the system considering El-Centro motions:

Positive relative displacement of the FBI building:
21.2 cm− 10 cm� 11.2 cm< 12 cm for the FFB building

(6.7% reduction). Negative relative displacement of the
FBI building: (−18.1)− (−11.4) cm�−6.7 cm<−12.1 for
the FFB building (44.7% reduction).

Furthermore, the distortion of FFB building under ap-
plied motions is not desirable such that the building de-
formations are not controlled unlike the FBI building which
has a smooth deformation under the earthquakes as illus-
trated in the figure. Overall, taking an average calculation for
the relative displacement of the buildings under different
applied motions shows that the BI system is capable to
reduce displacement responses up to 46% in the pounding
(longitudinal) direction. ,e values are indicated in Table 3.

For a shorter building, it can be seen from Figure 8 that
the relative displacement responses of the FBI building is less
than the FFB building. ,e displacement values of the
pounding floor (4th floor level) are illustrated in the figure
for both the FFB and FBI buildings in both positive and
negative directions. Similar to the taller building and with
subtraction of the top displacement from the base dis-
placement, the relative displacement can be computed.

Gap

X

Z

(a)

Gap

LRB LRB

X

Z

(b)

Figure 5: Location of gap elements and LRB devices in FFB and FBI buildings. (a) FFB adjacent buildings. (b) FBI adjacent buildings.

Table 1: Structural members of OMRCF adjacent buildings.

Column section Short building Tall building Beam section Short building Tall building
55× 55 1 1 40× 60 2 2
50× 50 2 2 40× 50 2 4
45× 45 1 2 30× 40 — 3
40× 40 — 3 — — —

Table 2: Natural frequency of FFB and FBI systems considering the governor modes.

Mode
FB

Mode
BI

T (s) ω (Hz) Mass part. ratio T (s) ω (Hz) Mass part. ratio
1 2.000 0.500 0.470 1 3.524 0.284 0.628
4 0.962 1.039 0.301 3 2.435 0.411 0.357
7 0.795 1.258 0.100 7 1.110 0.900 0.012
11 0.440 2.271 0.043 10 0.558 1.791 0.001
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Herein, an example is given for the building subjected to the
El-Centro motion:

Positive relative displacement of the BI building:
13.09− 11.3�1.8 cm< 7.1 cm for the FB building (74.6%
reduction). Negative relative displacement of the BI
building: (−9.3)− (−8)�−1.3 cm<−5.7 cm for the FB
building (77.2% reduction).

Overall, taking an average calculation for the relative
displacement of the shorter building under different applied
motions shows that the BI system is capable to reduce
displacement responses up to 77.5% in the pounding
(longitudinal) direction. ,e values are indicated in Table 4.

Figures 9 and 10 show the displacement time history
response of the taller and shorter buildings at the pounding
level subjected to the ground motions. In view of the
nonlinear displacement responses, it could be concluded
that the displacement interval of the FBI buildings has
a significant lower oscillation. In other words, the base
isolators increased the vibration period of the structures

which led the structures to experience lesser collision during
the excitations (Figure 11). In contrary, the adjacent FFB
buildings with smaller vibration periods are more prone to
high risk of collision. ,is can increase the damage possi-
bility of the FFB buildings more than FBI buildings during
seismic excitations.

(a) (b)

Figure 6: First modal response of the adjacent structures. (a) FFB adjacent buildings. (b) FBI adjacent buildings.
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Figure 7: Envelope displacements of the taller buildings in different floors under seismic loads.

Table 3: Relative displacement of the taller FFB and FBI buildings
under considered motions.

Earthquake

FFB taller
building
disp. (cm)

FBI taller
building
disp. (cm)

Reduction
(%)

Pos. Neg. Pos. Neg. Pos. Neg.
Cape 6.8 −5.7 3.34 −4.5 51 21
LACC-N 17.2 −18.3 8.6 −8 50 56
S-Monica 14.2 −14.3 5.4 −5.6 62 61
El-Centro 12 −12.1 11.2 −6.7 7 45

Ave. 42.5 46
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3.1.3. Acceleration Response. Stopping the displacement in
a moment results a rapid and enormous pulse of acceleration
at the pounding level in the opposite side. During earth-
quake excitations, large accelerations will be produced
owing to the energetic ground motions. ,ese accelerations
may intensify several times once structural pounding hap-
pens. Figure 12 illustrates the maximum acceleration re-
sponse of the buildings for each floor level independently. As
it is shown in the figure, the acceleration response of FBI
buildings was smaller than those with FB support. However,
the first three floors of the FBI adjacent building attracted
more accelerations compared to the FFB adjacent buildings
under S-Monica excitations. It is because of the structure
movement (especially the taller one) at their base level due to
the presence of the base isolators. For the taller building, at
its first floor, this phenomenon is observed under all earth-
quakes except LACC-N. As a result of colliding, the adjacent
buildings bounce. For this reason, regardless of support
systems, the acceleration response of taller buildings is tended
in the negative direction and for smaller building is in the
positive direction. ,e maximum accelerations for the taller

and shorter FFB adjacent buildings at 4th (pounding), at the
contact moment, are depicted in Figure 12. Comparing the
values showed that using base isolation system resulted in
a significant reduction of acceleration response at the
pounding level for both adjacent buildings. Moreover, the
absorbed acceleration by the top floor of the taller building
also confirmed the effectiveness of the BI system inmitigation
of the input acceleration imposed to the buildings. Table 5
indicates the average reduction of acceleration response of the
buildings subjected to the motions. From the table, it can be
concluded that using BI system mitigates the absorbed ac-
celeration by the adjacent buildings up to 41% for the taller
building and 35% for the shorter one.

3.1.4. Pounding Force. ,e greater pounding force increases
the collapse risk of buildings during ground motions;
therefore, it is much favourable to reduce the pounding force
between structures. In addition, pounding is too less im-
portant in the transverse direction compared to the perpen-
dicular (principal or longitudinal) direction. An investigation
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Figure 8: Envelope displacements of the shorter buildings in different floors under seismic loads.

Table 4: Relative displacement of the shorter FFB and FBI buildings under considered motions.

Earthquake
FFB shorter building

disp. (cm)
FBI shorter building

disp. (cm) Reduction (%)

Pos. Neg. Pos. Neg. Pos. Neg.
Cape 2.6 −2.5 1.1 −0.8 58 68
LACC-N 10.5 −7.9 1.7 −2.2 84 72
S-Monica 6.6 −5.8 1 −1.9 85 67
El-Centro 7.1 −5.7 1.8 −1.3 75 77

Ave. 75.5 71
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Figure 9: Displacement time history response of the taller building at the pounding level under the motions. (a) Cape. (b) LACC-N.
(c) S-Monica. (d) El-Centro.
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Figure 10: Displacement time history response of the shorter building at the pounding level under the motions. (a) Cape. (b) LACC-N.
(c) S-Monica. (d) El-Centro.

Advances in Civil Engineering 9



of structural pounding between stairway tower and main
building revealed that the main structure with considerable
stiffness and large mass would response for independent vi-
bration and pounding in the transverse direction [35]. ,is is
because, the contact between two adjacent buildings is mostly
occurred at the pounding (longitudinal) direction. In the
transverse direction, buildings only carry the friction forces.
Herein, the time history of pounding force for both FFB and
FBI adjacent buildings at the 4th level in the longitudinal
direction is presented in Figure 11. Under the different con-
sidered earthquakes, the maximum pounding force of FFB
buildings was remarkably greater than the pounding force
between FBI adjacent buildings. Indeed, uncontrolled move-
ment and oscillation alongwith short period of vibration in the
FFB system lead the buildings to have such pounding. Such
great pounding forces result a wide and undesirablemovement
in adjacent buildings. In addition to this, from the figure, it can
be seen that the number of collisions of the FFB adjacent due to
the aforementioned reasons is much more compared to the
collisions of the FBI buildings.

3.1.5. Time History Base Shear and Base Moment
Analysis. One of the significant issues in seismic design of
structures is controlling or reducing base shear and base
moment response of structures. Figure 13 depicts the base

shear time history analysis in the longitudinal (X) and
transverse (Y) direction for FFB and FBI adjacent buildings.
,e maximum shear force in both directions was decreased
using LRB devices. It can also be observed from the time
history analysis that the absorbed shear in the FBI buildings
has very smooth trend, whilst this trend for the FFB adjacent
buildings is very harsh. Taking a look at the values presented
in Table 6 confirmed that the FBI buildings undertake
smaller base shear in the X and Y directions averagely by
52% and 60%, respectively, as compared to the FFB building.
Figure 14 also indicates an example of the reduction of
absolute base shear in FBI buildings in comparison to FFB
buildings during El-Centro excitations at each one second
interval.

,e base moment response has direct relationship to the
base shear of the structure. ,us, it is predicted that the
reduction in values of base moment for the FBI buildings be
lesser than that of the FFB buildings in both directions. From
Figure 15, it can be concluded that implementation of the
LRBs reduced the base moment averagely by 52% and 61%
(Table 7) in both the longitudinal and transverse directions
compared to the base moments in the FFB adjacent buildings.
As predicted, the average base moment reduction values are
similar to those values obtained for the base shear. It should be
noted that because of using LRBs and reduction in the natural
frequencies (increased time period) in the BI buildings, the
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Figure 11: Pounding force at the pounding level of FFB and FBI adjacent buildings. (a) Cape. (b) LACC-N. (c) S-Monica. (d) El-Centro.
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base moment reaction is occurred in a smooth way similar to
the base shear, acceleration, and displacement responses as
presented earlier. Figure 16 also illustrates an example of the
absolute base moment reduction owing to the use of LRBs in
each one second interval during El-Centro excitation.

3.1.6. Storey Drift. Structural pounding of buildings dem-
onstrated that the transverse direction has insignificant
effect in storey drift [35]. As a result, it can be concluded that
the storey drift in the longitudinal (pounding) direction is

more perilous. Furthermore, it is commonly accepted that
the storey drift of a structure takes changes along its height.
In the present study, therefore, the storey drifts of the taller
building in the pounding direction considering both systems
subjected to the ground motions were investigated as il-
lustrated in Figure 17. Based on the figure, using base iso-
lators not only markedly controls the drift ratio of the
building in a better pattern but it also reduces the drift
values. In other words, the pattern of the storey drift and the
overall structural movement for the taller FBI building
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Figure 12: Maximum accelerations of the floor levels of the adjacent buildings under the earthquakes. (a) Cape. (b) LACC-N. (c) S-Monica.
(d) El-Centro.

Table 5: Acceleration response of the shorter FFB and FBI buildings under considered motions.

Earthquake
FFB taller building acc. (m/s2) FBI taller building acc. (m/s2) Reduction (%)
8th floor 4th floor 8th floor 4th floor 8th 4th

Cape −3.1 −3.3 −2.6 −3.2 16 3
LACC-N −18 −31 −4.6 −11 74 65
S-Monica −8.2 −13.2 −4.6 −13.5 44 2
El-Centro −11 −17.92 −7.7 −13.66 30 24
Ave. 41 22.5

Earthquake
FFB shorter building

acc. (m/s2)
FBI shorter building

acc. (m/s2) Reduction (%)

4th floor 4th floor 4th
Cape 5.4 4.5 17
LACC-N 41 11.5 72
S-Monica 18.6 16.8 10
El-Centro 28.4 17 40
Ave. 35
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shows how the drift of the building was modified. It is
because of the existence of LRB devices placed under col-
umns which led the buildings to have a smooth movement
during the ground motion.

3.1.7. Storey Shear Force. ,e variation of shear force for
both the FFB and FBI adjacent buildings along the storey
levels was compared through Figure 18. Unlike the FFB
adjacent buildings, the shear forces in all floors of both taller

and shorter FBI buildings were reduced after the imple-
mentation of LRBs. As it can be seen from the figure, the
shear forces near to the pounding level (4th level) is enlarged
due to the collision of both investigated systems of the
adjacent buildings. ,is phenomenon reveals the impor-
tance of the design adjacent buildings (particularly structural
frames exposed to possible colliding). As a result, the sizes of
designed members can remarkably be reduced when base
isolation systems are used, leading to more cost-effective and
operative system.
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Figure 13: Base shear for FFB and FBI adjacent buildings under applied earthquakes. (a) Cape. (b) LACC-N. (c) S-Monica. (d) El-Centro.

Table 6: Absolute base shear (kN) of the adjacent buildings under applied earthquakes.

Earthquake
FFB system FBI system Reduction (%)

X Y X Y X Y

Cape 5043 5330 2910 3036 42 43
LACC-N 21,298 19,159 5646 4629 73 76
S-Monica 7163 7137 4223 3331 41 53
El-Centro 11,495 12,679 5472 4246 52 67
Ave. 52 60
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Figure 14: Absolute base shear reduction in FBI adjacent buildings. (a) Longitudinal direction. (b) Transverse direction.
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Figure 15: Basemoment for FFB and FBI adjacent buildings under applied earthquakes. (a) Cape. (b) LACC-N. (c) S-Monica. (d) El-Centro.
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3.2. Effects of Separation Gap on FBI Adjacent Buildings
(Scenario 2). According to previous results, significant re-
ductions were observed for relative displacements, accel-
erations, pounding forces, base shear, and base moment
responses of FBI adjacent buildings. In this section, the FBI
adjacent buildings studied above (Figure 5(b)) were chosen
to investigate the effects of separation gap on them. To aid
the aim, three seismic gaps were modelled as follows:

(1) 30mm (Case A)
(2) 170mm (Case B)
(3) 300mm (Case C)

3.2.1. Displacement Responses. By considering the dis-
placement response of the FBI adjacent building, the taller
building had more movement; thus, the authors decided to
investigate the displacement responses of the taller building.
,e displacement response along the floor levels is indicated
in Figure 19. As figure shows, the peak displacement for
three cases occurred at the roof level of buildings at both
positive and negative directions. Toward the positive di-
rection, the maximum displacements were 21.21 cm, 21.33 cm,
and 21.14 cm for Case A, B, and C, respectively. Although the
displacement values were approximately the same, themotion
pattern of the buildings at each floor level for different size of
gaps was not similar. ,e displacement pattern along the
floor levels once the seismic gap was 30mm and 170mm has

high-pitched slope in the positive direction, particularly above
level 4 (pounding level). ,is was due to the collision of the
shorter building to the taller one at that level. Insofar that the
inconsistency of displacement at floors was almost removed
in the positive direction for the building with 300mm gap size
as demonstrated in the figure.

3.2.2. Acceleration Responses. Figure 20 displays the accel-
eration response of the taller building for different cases
along the building height. ,e building with a 30mm
separation gap had the peak accelerations along its floors in
both positive and negative directions compared to the other
two cases. By increasing separation distances between
buildings, the acceleration response of each floor reduced. In
the positive direction, themaximum accelerations took place
with 5.16m/s2 at the third floor for 30mm gap and
4.912m/s2 at the roof level for both 170mm and 300mm
gaps. In contrast, for the negative direction, the peak ac-
celerations with −15.14m/s2 and −11.27m/s2 occurred at the
first floor for 30mm and 170mm gaps, respectively. ,e
above explanations illustrated 4.8% reduction in acceleration
response of the building for Case B and C compared to Case
A, in the positive direction. On the other hand, in the
negative direction, there was 30.35% and 48.2% accelera-
tion reduction in values which could be seen when the
separation gap increased from 30mm to 170mm and
300mm, respectively.

Table 7: Absolute base moment (kN·m) of the adjacent buildings under applied earthquakes.

Earthquake
FFB shorter building disp.

(cm)
FBI shorter building disp.

(cm) Reduction (%)

X Y X Y X Y

Cape 37,819 133,587 21,826 57,920 42 57
LACC-N 159,732 450,658 42,346 112,108 73 75
S-Monica 53,719 167,263 31,674 94,593 41 43
El-Centro 86,210 332,957 41,036 102,045 52 69
Ave. 52 61
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Figure 16: Absolute base moment in FFB and FBI adjacent buildings. (a) Longitudinal direction. (b) Transverse direction.
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3.2.3. Pounding Force. From Table 8, it can be observed that
the pounding force was decreased as seismic gaps were
increased. ,e pounding force was 2289.81 kN, 1920.70 kN,
and 1366.15 kN for 30mm, 170mm, and 300mm gaps,
respectively. It showed a reduction of 16.12% and 40.3% for
Case B and Case C compared to Case A. Moreover, there
was a 28.9% decrease for Case C (300mm) in comparison
to Case B (170mm). ,is consequence demonstrated that
a sufficient separation distance between structures would
profoundly reduce the pounding damage not only for FBI
adjacent buildings but for FFB adjacent buildings as well.
Consequently, the damages and collapse of structures re-
duce when the pounding forces become smaller. In addi-
tion to these, Figure 21 depicts the peak pounding forces
occurred at 4.74 seconds, 4.93 seconds, and 5.24 seconds
for structure with 30mm, 170mm, and 300mm gaps, re-
spectively. ,is comparison showed that the increase in the
separation gap between buildings reduced the collision
chance during earthquake excitations. Also, it could be
observed that when the gap was only 30mm, over fifteen
times the structures contacted each other, whilst for
170mm and 300mm seismic gaps, they collided ten and
seven times, respectively.

3.2.4. Base Shear and Base Moment. Figure 22 shows the
effect of gap distance on the FBI adjacent building in terms
of base shear and base moment in both longitudinal and
transverse directions. Based on the figure, closer gap resulted
higher base shear and base moment in the longitudinal

(pounding) direction, although in the transverse direction
there was no much difference to carry the shear and mo-
ment. ,is was because in the transverse direction there was
no effect of the pounding except a bit frictional force which
was reported as a negligible matter [35]. Accordingly, the
base shear in the longitudinal direction for Case A was
5471.6 kN and for both cases of B and Cwas 4351.6 kN. In the
transverse direction, the base shear for all cases was 4246 kN.
In addition, the base moment in the longitudinal direction
for Case A was 41037 kN·mand for both cases of B and Cwas
30567 kN·m. In the transverse direction, the base moment
for Case A, B, and C was recorded as 102044 kN·m,
102319 kN·m, and 102573 kN·m, respectively. ,ese small
changes in basemoment response was due to the existence of
that friction force mentioned above.

3.2.5. Storey Drift. ,e storey drift in Cases A and B had
approximately the same tendency; however, it had different
trends in Case C as shown in Figure 23. It was because of the
pounding effect in the principal direction. Increase of the
seismic gap led the building to experience less pounding
force and then having more moderate behaviour. In par-
ticular, the maximum drift occurred for the buildings with
30mm and 170mm gap distance at the 6th floor level
with 0.000741 and 0.000535, respectively. For the building
with 300mm gap distance, the peak drift happened in the 4th
floor level with 0.000428. It is concluded that, by increasing
the seismic gap between FBI adjacent buildings, the storey
drift was reduced and the trend of movement became better.
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Figure 17: Storey drift for FFB and FBI buildings. (a) Cape. (b) LACC-N. (c) S-Monica. (d) El-Centro.

Advances in Civil Engineering 15



3.2.6. Hysteresis Behaviour. ,e hysteresis response of the
base isolators used in the current study under longitudinal
component of the El-Centro earthquake is shown in Figure 24.
As illustrated in the figure, the forces and deformations in the
longitudinal direction (principal direction) were changed
considering the effect of different gaps between FBI adjacent
buildings.

In the shorter building, the force-deformation (F-D)
carried by the isolators was 130 kN-11mm in Case A. For

both 170mm and 300mm separation distance, the F-D was
similarly 91 kN-7mm.

In the taller building, the F-D for Case A was 119 kN-
10mm, and for both Case B and C the F-D was 145 kN-
13mm and 147 kN-13mm, respectively. ,e behavioural
fluctuations of the F-D of isolators were noticeable, spec-
tacularly, for the shorter building, the values of the F-D were
decreased as the gap distance between buildings was in-
creased. In contrary, for the taller building, the values of the
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Figure 18: Storey shear force in the adjacent buildings subjected to the different ground motions.
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F-D were increased as the gap distance was increased. Based
on these consequences, in design of base isolators for FBI
adjacent buildings, it is felt to take the effect of seismic gaps
between buildings into consideration.

,e overall seismic responses of FBI adjacent buildings
considering the effect of different separation gaps are
summarized in Table 9. From the table, it can be concluded
that to perform a BI building in vicinity of other BI
buildings, it is a vital need to consider the effect of structural
gaps, particularly for those regions with high risk potential of
seismic excitations.

4. Conclusions

,e present study has been divided into two scenarios. In the
first scenario, the nonlinear time history responses of the FFB
and FBI adjacent buildings under bilateral excitations have
been carried out. To study the effect of the base isolation
system on seismic response of the FBI adjacent buildings,
their performance has been compared to those with FFB

support. In the second scenario, three different seismic gaps
have been modelled for the FBI adjacent buildings to in-
vestigate the effect of separation gaps on response of the FBI
adjacent buildings subjected to earthquake load. From both
the scenarios and comparative results of the free vibration
and time history analyses, the following conclusions can be
drawn:

(1) ,e most impressive option in the study showed that
the base isolators resulted in a lower frequency which
led the FBI adjacent buildings to have a lower
acceleration.

(2) All the displacement, storey drift, acceleration,
base shear, and base moment responses of the
superstructure of the FBI buildings were much less
sensitive, whilst these responses for FFB buildings
were increased significantly.

(3) From the relative displacement analysis and accel-
eration responses of FBI adjacent buildings, it could
be concluded that the base isolation system was
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Figure 20: Acceleration response of BI buildings considering different seismic gaps.

Table 8: Effect of different seismic gaps on the pounding force at the pounding level.

Storey level Separation distance (mm) Pounding force (kN) Time (s)
4th 30 2289.81 4.74
4th 170 1920.70 4.93
4th 300 1366.15 5.24
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Figure 21: Pounding force considering different seismic gaps.
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further efficient to decrease displacement compared
to acceleration.

(4) Shear force in the vertical members and maximum
base shear of FBI buildings were reduced significantly.

So, it anticipates fine to save a number of structures as
well as supplies economic aid.

(5) Reduction of overturning moment in FBI adjacent
buildings makes the buildings more stable in
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Figure 22: Effect of seismic gaps on base shear and base moment. (a) Longitudinal direction. (b) Transverse direction. (c) Longitudinal
direction. (d) Transverse direction.
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comparison to the FFB adjacent buildings. ,is leads
the buildings to experience less contact in both the
transverse and longitudinal directions. Allowance of
transitionary displacement of support suddenly
mutates the trend of entire building deformation.

(6) Closer gap resulted in undesired movements for the
middle floors for FBI adjacent buildings. Moreover,
closer seismic gap resulted in higher base shear and
base moment in the FBI adjacent buildings in the
longitudinal (pounding) direction.

(7) As seismic gap increases in FBI adjacent buildings,
the number of collisions decreases because of time
delay in pounding.

(8) As base isolators affected the displacement pattern
of substructure of buildings, the storey drift of the
taller BI adjacent building comes into a favourable
trend.

(9) ,e values of the F-D of the base isolators were
changed as the seismic gap between buildings was
altered. ,us, it is a need to focus on the effect of the
seismic gaps on the design of base isolators in future
studies.
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Figure 24: Hysteresis behaviour of LRB devices considering different seismic gaps. (a) Shorter building. (b) Taller building.

Table 9: Summarized responses of fully BI adjacent buildings considering seismic gaps.

Response
Gap distance (mm)

30 170 300
Pounding force (kN) 2289.81 1920.70 1366.15
Dis.(taller building−) top floor (cm) 21.21 21.33 21.14
Dis.(taller building+) top floor (cm) −18.09 −16.88 −16.88
Acc.(taller building−) (m/s2) −15.14 −11.27 −7.85
Acc.(taller building+) (m/s2) 5.16 4.192 4.192
Base shear(x) (kN) 5471.6 4351.6 4351.6
Base shear(Y) (kN) 4246 4246 4246
Base moment(x) (kN·m) 41,037 30,567 30,567
Base moment(Y) (kN·m) 102,044 102,319 102,573
Storey drift ratio 0.000741 0.000535 0.000428
F-D of base isolators(taller building) (kN·mm) 119–10 145–13 147–13
F-D of base isolators(shorter building) (kN·mm) 130–11 91–7 91–7
−: negative direction; +: positive direction.
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A reliable estimate of free-field ground displacement induced by nuclear-air-blast is required for design of underground strategic
structures. A generalized pseudostatic formulation is proposed to estimate nuclear-air-blast-induced ground displacement that
takes into account nonlinear stress-strain behaviour of geomaterials, stress-dependent wave propagation velocity, and stress wave
attenuation. +is proposed formulation is utilized to develop a closed-form solution for linearly decaying blast load applied on
a layered groundmediumwith bilinear hysteretic behaviour. Parametric studies of closed-form solution indicated that selection of
appropriate constrained modulus consistent with the overpressure is necessary for an accurate estimation of peak ground
displacement. Stress wave attenuation affects the computed displacement under low overpressure, and stress-dependent wave
velocity affects mainly the occurrence time of peak displacement and not its magnitude. Further, peak displacements are estimated
using the proposedmodel as well as the UFCmanual and compared against the field data of atmospheric nuclear test carried out at
Nevada test site. It is found that the proposed model is in good agreement with field data, whereas the UFC manual significantly
underestimates the peak ground displacements under higher overpressures.

1. Introduction

Underground siting of strategic structures [1] is an option to
enhance the safety against nuclear-air-blast [2]. Nuclear ex-
plosions generate rapidly moving air-overpressures capable of
producing significant ground displacements [3]. Most severe
loading occurs within a close vicinity around the ground zero
(GZ) known as superseismic zone. +is zone is subjected to
significantly high overpressures. +e velocity of moving air-
overpressure fronts is also more than the P-wave velocity of
the ground [3–6]. Hence, a reliable estimate of nuclear-air-
blast-induced ground displacement is required for design in
superseismic zone [5, 7, 8]. Several studies using numerical
approaches that account for realistic stress-strain behaviour
and boundary conditions are reported for calculating the free-
field response [9–16]. Such studies require specialized ex-
pertise in numerical tools and are unattractive to practicing
engineers. Before the advent of computational tools, Wilson
and Sibley [17] conceptualized a one-dimensional pseudostatic
approach to estimate air-blast-induced ground displacement.

Whitman [4] and Baron et al. [18] have also shown that
air-blast-induced ground motion is predominantly one-di-
mensional and vertical in superseismic zone. In the present
work, a generalized one-dimensional pseudostatic formula-
tion is developed to estimate nuclear-air-blast-induced ver-
tical ground displacement that accounts for (i) nonlinear
stress-strain behaviour [e.g., 19, 20], (ii) stress-dependent wave
propagation velocity, and (iii) stress wave attenuation. Using
the proposed formulation, a closed-form solution is developed
for linearly decaying blast load with negligible rise-time ap-
plied on a layered ground medium with bilinear hysteretic
stress-strain behaviour. +e proposed model is validated
against the field data of an atmospheric nuclear test conducted
at Nevada test site [21], and various parametric studies are
carried out. In addition, performance of the closed-form
solution is also compared with the model given in UFC [22].

2. Generalized Formulation

+e developed formulation is explained in detail below.
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2.1. Determination of Overstress Distribution (due to Air-
Blast) in the Ground. Air-overpressure generated due to
nuclear-air-blast consists of an initial rising portion followed
by a decaying portion (Figure 1). Overpressure time-history
can be visualized as consisting of multiple overpressure
fronts. +ese overpressure fronts are transferred to the
ground as P-waves. On arrival of an air-shock front at the
point of interest, an initial pulse travels with seismic P-wave
velocity and reaches adepthZ0i at time ti. Subsequently, other
fronts arrive and penetrate into the ground. If the location of
peak overpressure front at time ti is given as Zpi, then, the
ground above the depthZpi experiences compressive stresses
lower than those caused by the peak overpressure front at that
depth. +erefore, the depths above Zpi are referred to as
“unloadingzone.”However, thepeakoverpressure front is yet
to reach at locations deeper than Zpi, and therefore, the zone
lying beneath the depth Zpi is denoted as “loading zone”
(Figure 1). It is noted that “unloading zone” corresponds to
the “decay portion” of overpressure, whereas “loading zone”
corresponds to the “risingportion.”+erefore, at times earlier
than the rise-time, there does not exist any unloading zone as
overpressure fronts from the decay portion do not arrive
before the end of rise-time.

To determine the stress distribution in the ground at
time ti, contribution from all stress fronts arrived before
time ti is considered. If the kth overpressure front arrives at
the point of interest on ground surface at time tk such that
tk ≤ ti, then the kth overpressure front reaches at depth Zki

at time ti. Stress fronts propagating through ground are
affected by attenuation (caused by hysteresis losses, vis-
cosity of ground materials, and dispersion of energy in
3-dimensional space) and interference with reflected wave
fronts (generated due to impedance variation with depth).
In the present study, stress wave attenuation is taken into
account through a geometrical attenuation parameter,
whereas interference of incident and reflected stress waves is
ignored. If the attenuation coefficient at depth Zki is given as

α(Zki), then the stress generated at depthZki can be written as
α(Zki) × P(tk), where P(tk) is the magnitude of the kth
overpressure front. Depth of the penetration Zki depends
upon wave propagation velocity of the stress front, which in
turn depends upon the tangential modulus of the geo-
material at the stress level at the depth of interest. If wave
velocity of the kth stress front is denoted as Vkz (a function of
depth “z”), then (1) can be solved to obtain Zki as a function of
ti, tk, and Vkz (2),


Zki

0

dz
Vkz

� ti − tk, (1)

Zki � g ti − tk, Vkz(  � φ tk( , (2)

where g is the function obtained by solving (1). It is noted
that for a given ti, Zki is effectively a function (φ) of tk only
because Vkz is also a function of tk. As soon as the air-blast
slaps the ground surface, ground deforms elastically and an
elastic wave is generated which propagates with seismic
P-wave velocity. Upon subsequent arrival of higher over-
pressure fronts, inelastic waves propagate at velocities
smaller than P-wave velocity. If the ratio of P-wave velocity
to wave velocity corresponding to the kth overpressure front
at depth “z” is denoted as fkz � (Vpz/Vkz), then at initial
stress levels fkz is equal to one. With increasing stress level,
Vkz decreases [17, 23]; hence, it is logical to assume that fkz

increases with increasing stress level and themaximum value
is attained at a peak stress level corresponding to the peak
overpressure front. +erefore, a simplest choice is to assume
a linearly increasing fkz in direct proportion to overpressure
(3). Overpressure fronts from the decay portion propagate
through the media which is already stressed in a nonlinear
range due to passage of the peak overpressure front.
+erefore, it is assumed that wave velocity of overpressure
fronts in the decay portion is the same as the peak over-
pressure front, and hence fkz is the same as frz:

fkz �

frz − 1( 
P tk( 

Po
+ 1 ≈ frz − 1( 

tk

tr

+ 1, 0≤ tk ≤ tr : rising portion

frz, tr ≤ tk ≤ tp : decay portion,

⎧⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎩

(3)

where subscript “z” represents the depth coordinate. Using
the average loading rate as Po/tr, P(tk)/Po can be approxi-
mated as tk/tr (3). As wave propagation velocity through
ground media is proportional to the square root of the tan-
gential modulus [24], frz is given by the following equation:

frz �

�����������

zσzzεz( 
σ�0

zσzzεz( 
σrz




, (4)

where (zσz/zεz)|σ�0 is the tangential modulus at initial stress
level at depth “z” and (zσz/zεz)|σrz

is the tangential modulus
at peak stress level at depth “z.”

It should be noted that the ground is in equilibrium
under geostatic stresses and at rest before nuclear explosion
and only the overstresses caused by nuclear-air-blast causes
the ground displacement.

2.2. Determination of Strain Distribution in Ground. Strain
distribution with depth (εiz) can be determined using stress
distribution (σiz) and an appropriate stress-strain relation-
ship [e.g., 25–27] as given in the following equation:

εiZ �
fL z, σiz(  : loading

fU z, σiz(  : unloading,
 (5)
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where functions fL and fU denote the loading and unloading
branches of the stress-strain curve, respectively (Figure 2).

2.3. Integration of Strains. To obtain the vertical ground
displacement ui at time instant ti, the strain distribution is

integrated (6) from the ground surface to the penetrated
wavelength in the ground up to time ti(Z0i),

ui � 
Z0i

0
εizdz � 

Zri

0
fU(z, σ)dz + 

Z0i

Zri

fL(z, σ)dz. (6)

Substituting Z � φ(tk) in (6) leads to the following
equation:

ui �


0

ti

fL φ tk( , σ φ tk(    × φ′ tk( dtk, 0≤ ti ≤ tr : loading


0

tr

fL φ tk( , σ φ tk(    × φ′ tk( dtk + 
tr

ti

fUφ tk( , σφ tk(  × φ′ tk( dtk, tr ≤ ti ≤ tp : unloading.

⎧⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎩

(7)

+us, the displacement time-history can be estimated
using (7).

3. Closed-Form Solution

Using (7), closed-form solutions can be obtained for several
simplified cases [28]. In this article, a closed-form ap-
proximation is developed for the following simplifications:

(a) Linearly decaying overpressure time-history with
zero rise-time (Figure 3, (8)),

P tk(  � Po 1−
tk

teq
 , (8)

where Po and teq are peak overpressure and
equivalent positive phase duration, respectively.

+e reason behind choosing the special case with
zero rise-time is the popularity of approximating
the actual decay of the incidental pressure by
an equivalent triangular pressure pulse among
practicing engineers [8, 22]. It is to mention that
design charts and empirical relations between the
weapon yield, peak overpressure, and the equiv-
alent positive phase durations are also available
for equivalent triangular pulses with zero rise-
time [5, 8, 29]. +us, for practicing engineers,
a linear decay model with zero rise-time is more
useful.

(b) Bilinear hysteretic stress-strain model [8] with the
loading secant modulus (ML) and strain recovery
ratio (r) as parameters (Figure 2).
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Figure 1: Schematic representation of dilatational stress distri-
bution in ground at time ti.
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Advances in Civil Engineering 3



(c) Attenuation coefficient (α) is given by the following
equation [8, 30]:

α � 1 +
z

Lw

 

−1

,

where Lw � 0.971 × W
1/3

× P
−1/2
o × VL,

(9)

where W is the yield of the explosion in kiloton and
VL is the wave propagation velocity of the peak
overpressure front.

(d) Using (4), frz is determined as 1 for the bilinear
stress-strain model. However, due to nonlinear stress-

strain behaviour, frz is usually greater than 1. Wilson
and Sibley [17] and Batdorf [23] recommended a range
of 1.5 to 2. Hereafter, frz is denoted as f and assumed
to be constant with depth.

(e) A constant but representative P-wave velocity Vp

of ground media is assumed.

Using assumptions (a)–(e), integral for loading fronts in
(7) (with tr→ 0) between general time instants tx and tx+1 is
written as Limtr→ 0[

tx+1
tx

fL( φ(tk), σ( φ(tk)× φ′(tk)dtk] �

Po / ML × Limtr→ 0L(tx→ tx+1), where L(tx→ tx+1) can be
shown to be given by the following equation:

L tx⟶ tx+1(  �
(f− 1)ti + tr

(f− 1)Lw − trVp

× ⎡⎣
LwVp

(f− 1)
ln

(f− 1)tx+1 + tr

(f− 1)tx + tr

  +
Lw Lw + Vpti 

tr + fti − ti( 

× ln
fLw − Lw − trVp tx+1 + tr Lw + Vpti 

fLw −Lw − trVp tx + tr Lw + Vpti 
×

(f− 1)tx + tr

(f− 1)tx+1 + tr

⎛⎝ ⎞⎠⎤⎦.

(10)
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It is to clarify that the overpressure time-history defined
by the piecewise function P(tk) such that P(tk) � Potk/tr for
tk ≤ tr and P(tk) � Po( 1− (tk − tr)/(teq − tr) for tr ≤ tk ≤ teq
converges to (8) in the limiting case when tr→ 0. +erefore,
the expression L(tx→ tx+1) in (10) is first obtained for a case
of finite tr and then it is evaluated for the case when tr→ 0 to
determine the solution for overpressure time-history of (8).
Similarly, the integral for unloading fronts in (7) (with
tr→ 0) between general time instants tx and tx+1 can be
written as 

tx

tx+1
fU( φ(tk), σ( φ(tk) × φ′(tk)dtk �(P0/ML) ×

U(tx→ tx+1), where U(tx→ tx+1) can be shown to be given
by the following equation:

U tx⟶ tx+1(  � Lw 1−
rfLw

tpVp

−
rti

tp

 ln
fLw + Vpti−Vptx

fLw +Vpti−Vptx+1
 

+
rLw tx+1−tx( 

tp

.

(11)

By setting the appropriate values of tx and tx+1 in (10)
and (11), the closed-form integrals between desired time

instants can easily be evaluated. +us, the closed-form so-
lution is given by the following equation:

ui �
Po

ML

Lim
tr→ 0

L 0⟶ tr(  + U tr⟶ ti(  . (12)

+e closed-form solution is further extended to ac-
commodate multiple ground layers. +is requires the de-
termination of time instants tx and tx+1 during which the
wave fronts pass through a particular layer. For illustration,
a layered ground medium with an interface at depth H with
the modulus of top layer as M1 and modulus of bottom layer
as M2 is considered as shown in Figure 3. +is leads to the
three cases (Table 1) and corresponding displacement so-
lutions (shown in Table 1).

4. Validation

+e proposed closed-form solution is validated against the
field data from an atmospheric nuclear test conducted at
Frenchman Flat (Nevada). Perret [21] presented the mea-
sured overpressure time-histories (Figure 4) along with
corresponding peak ground displacements at different dis-
tances from GZ (Table 2) for a 37 kt nuclear explosion at

0

500

1000

1500

2000

0.00 0.05 0.10 0.15 0.20 0.25

O
ve

rp
re

ss
ur

e (
kP

a)

Time (sec)

Linear
Recorded

(a)

0

500

1000

1500

0.00 0.05 0.10 0.15 0.20

O
ve

rp
re

ss
ur

e (
kP

a)

Time (sec)

Linear
Recorded

(b)

0

500

1000

0.00 0.05 0.10 0.15 0.20 0.25 0.30 0.35

O
ve

rp
re

ss
ur

e (
kP

a)

Time (sec)

Linear
Recorded

(c)

0

100

200

300

400

500

0.00 0.10 0.20 0.30 0.40 0.50

O
ve

rp
re

ss
ur

e (
kP

a)

Time (sec)

Linear
Recorded

(d)

Figure 4: Measured and equivalent (linear) overpressure time-histories for shot Priscilla at stations (a) P1, (b) P2, (c) P3, and (d) P4
(measured overpressure time-histories [21]).
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a height of 214m. Model input parameters for above
mentioned nuclear test are determined as follows.

+e recorded overpressure time-histories are con-
verted to equivalent linearly decaying overpressure
time-histories (Figure 4). Equivalent overpressure time-
histories are given by (8) such that the peak overpressure
(Po) is equal to the recorded peak overpressure, and
equivalent positive phase duration teq is given by the fol-
lowing equation:

teq �
2Ip

Po
, (13)

where Ip is the positive phase impulse (area under the
recorded overpressure time-history). It is worth men-
tioning, though the rise-time is taken to be zero in the
equivalent overpressure time-history in (8), that the effect
of non-zero rising time has been accounted for by con-
sidering the total positive phase impulse (in (13)) which
includes the area under the rising and decaying portions
of actual overpressure time-history. +erefore, it is ex-
pected that setting the rise-time as zero in (8) would have
a negligible impact on the magnitude of peak displace-
ment. Furthermore, the ratios of length of rise-time to
total positive phase duration for the four cases (P1, P2, P3,
and P4) are 0.10, 0.21, 0.23, and 0.27, respectively. +is in-
dicates that rise-time is reasonably small near ground
zero; however, the relative length of rise-time increases
with increasing distance from ground zero. +us, it is
expected that the errors (if any) due to setting rise-time to
zero would be more pronounced only at distances far away
from ground zero. Even in such cases, a closed-form
solution can be developed using (7) by setting a finite rise-
time. However, it is worth noting that at far away

distances (from ground zero), other important factors
related to outrunning ground motion would start gov-
erning [31].

+e initial pulse moving at seismic P-wave velocity (Vp)

penetrates to a depth of Vpteq for equivalent case, whereas
for actual case, it penetrates to a depth of Vptp. It is noted
that the depth of the stressed zone in the equivalent case is
smaller compared to the actual case as equivalent duration
(teq) is smaller than the actual positive phase duration (tp)

(Figure 4). +us, all depth-dependent parameters are scaled
by a factor SF � tp/teq, such that the total depth of the
stressed zone becomes SF × Vpteq � Vptp with the depth of
the top layer being H/SF, and with a characteristic atten-
uation length of Lw/SF. Based on the variation of P-wave
velocity with depth at Frenchman Flat (Figure 5), the average
P-wave velocity (Vp) is estimated as 658.69m/s. Whitman
[4] presented the representative constrained modulus for
Frenchman Flat interpreted from different experimental
techniques (Table 3). Whitman [4] also emphasized that all
aspects of stress-strain behaviour of geomaterials under blast
loading are not captured by a single test and advocated to
choose the modulus judiciously. +e stress attenuation
coefficient is calculated using (9) with scaled Lw (Table 4).
Using the closed-form solution (shown in Table 1), para-
metric variations are studied (Table 5) and peak displace-
ments (Table 6) are estimated.

+e parametric studies (Table 5) highlight that the
proposed model is most sensitive to the constrained
modulus compared to other parameters and choice of
the modulus is also subjective for engineers. However,
based on the parametric studies, the last column “Rec-
ommended Value” of Table 5 provides some guide-
lines to select the constrained modulus. With increasing
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Figure 5: P-wave velocity and geomaterial density profile at Frenchman Flat, NTS [21].
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availability of similar case studies, these guidelines can
further be refined.

5. Comparison with UFC Model

+e UFC manual [22] provides an expression for air-blast-
induced peak vertical displacement based on one-dimensional
elastic wave propagation:

ui

max �
Ip

ρVp

, (14)

where ρ is the bulk density of geomaterials. To estimate peak
displacements using (14), positive phase impulse (Ip) is
taken from Table 2. Representative P-wave velocity (Vp) and
density (ρ) are taken as 658.69m/s and 1331 kg/m3,
respectively, taking into account the variation with depth
(Figure 5). Computed peak displacements using the pro-
posed model and UFC model are shown in Figure 9 along
with the measured field values. It can be clearly seen that
the predicted values of the proposed model are in good
agreement with the measured values and the UFC model
significantly underestimates the peak displacements under
high overpressures (with increasing war head capacity).

6. Conclusions

A closed-form expression is developed to estimate nuclear-
air-blast-induced free-field ground displacement that takes
into account peak overpressure, positive phase impulse,
depth of layer interface, representative constrained modulus
of each layer, strain recovery, stress attenuation, P-wave
velocity, and velocity ratio. +e solution is validated against
a nuclear test conducted at Frenchman Flat (Nevada) and
the following conclusions are arrived at:

(i) Peak ground displacement estimates are quite sen-
sitive to the constrained modulus, and a judicious
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selection of appropriate constrained modulus
based on the magnitude of applied overpressure is
recommended.

(ii) Based on the presented case study, two guidelines
are recommended to select the appropriate mod-
ulus: (a) shallow ground layers are likely to have
modulus values determined by unconfined or tri-
axial compression test and deep ground layers are
likely to have modulus values computed from
seismic velocity test, and (b) constrained modulus
increases with decreasing ratio of applied stress to
overburden.

(iii) Effect of attenuation should be accounted for low
overpressures and may be neglected at higher
overpressures (or high war head capacities).

(iv) +e velocity ratio affects mainly the time of oc-
currence of peak ground displacement and not the
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occurrence of peak displacement.
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magnitude under higher overpressures. +erefore,
the velocity ratio becomes important when design
calculations utilize the complete displacement time-
history such as in case of shock spectra.

(v) A complete strain recovery is a better representation
of actual conditions under low overpressure zones,
and under higher overpressures, a partial strain
recovery is recommended.

Table 1: Displacement solutions for the double-layered media.

Case Explanation Displacement equation

1 When all loading and unloading fronts are in layer-1
(ti ≤H/Vp). ui � Po Lim

tr→ 0


L(0→ tr)

M1
+

U(tr→ ti)

M1


2

When some loading fronts have crossed layer-1 and
remaining loading fronts along with all unloading
fronts are in layer-1 (H/Vp < ti ≤fH/Vp). Here, the
first task is to determine those loading fronts which
have crossed layer-1.+is can be obtained by equating
loading front velocity multiplied with travel time with
the depth of layer. +e loading front velocity of the

kth front can be written using (3) as
Vp/ (f− 1)(tk/ tr) + 1}, and travel time is (ti − tk).
+us, the last loading front to reach at depthH by the

time ti would be given by
tkH � tr(Vpti −H)/ H(f− 1) + Vptr .

ui � Po Lim
tr→ 0


L(0→ tkH)

M2
+

L(tkH→ tr)

M1
+

U(tr→ ti)

M1


3

When all loading fronts are in layer-2 and some
unloading fronts have crossed layer-1 (fH/Vp < ti).
Similar to case 2, the last unloading front to reach at

depth H by the time ti would be given by
tkH � ti −fH/Vp.

ui � Po Lim
tr→ 0


L(0→ tr)

M2
+

U(tr→ ti −fH/Vp)

M2
+

U(ti −fH/Vp→ ti)

M1


Table 3: Constrained modulus of playa silt at Frenchman Flat [4].

Method Notation
Constrained modulus (MPa)

For depths less than 18m For depths more than 18m
Deduced from observed ground motion T1 96.6 552
Calculated from seismic velocity T2 242 1035
Triaxial tests: initial loading T3 55.2 103.5
Dynamic 1-D compression test: initial loading T4 69 138
Triaxial tests: reloading T5 276 448.5
Resonant column test T6 276 759

Table 2: Details of recording stations.

Station
designation

Range
(m)

Peak overpressure
(kPa)

Positive phase duration
(sec)

Positive phase impulse
(kPa-sec)

Equivalent duration
(sec)

Scale factor
(SF)

P1 198 1863 0.196 88.32 0.0948 2.07
P2 259 1290 0.179 62.18 0.0964 1.86
P3 320 828 0.307 50.54 0.1221 2.51
P4 411 408 0.442 48.34 0.2371 1.86

Table 4: Scaling of attenuation characteristic length (Lw).

Station designation W (kt) Po (kPa) Vp (m/s) Lw (m) Scaled Lw (m)
P1

37

1863 658.69 48.58 23.47
P2 1290 658.69 58.38 31.44
P3 828 658.69 72.88 28.98
P4 408 658.69 103.84 55.70
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Table 5: Parametric studies carried out on the proposed closed-form solution.

Parameter Parametric study Observation Recommended value

M1 and
M2

Parameters M1 and M2 based on six
different methods are adopted from

Table 3.

Peak ground displacements are very
sensitive to the constrained modulus

value.

Observed results are consistent with the
observations of Wilson and Sibley [17].

Other parameters kept constant at
r� 0.6; f� 2; Lw adopted from Table 4.

Average coefficient of variation in peak
displacement estimates� 83%.

(1) Shallow ground layers are likely to
have modulus values determined by

unconfined or triaxial compression test,
and deep ground layers are likely to have
modulus values computed from seismic
velocity test or resonant column test.+e
justification to this variation in selection
of modulus values can be attributed to
the small strains associated with deeper
layers and higher strains at shallow

depths.

Variation of absolute percentage errors
in estimated peak ground displacements
is plotted against peak overpressures in

Figures 6(a) and 6(b).

Estimates are close to measured values if
higher modulus values are used for

smaller overpressures.

(2) Constrained modulus increases with
decreasing ratio of applied stress to

overburden. For higher overpressures,
the overstress ratio would be higher and
therefore modulus value will be lower
compared to lower overpressures. An
optimal choice of constrained modulus
values is adopted as shown in Table 6.
+e computed displacements are found
to be in good agreement with measured

displacements (Table 6).

Lw

Lw is varied from 10m to 250m. As Lw increases (or α decreases), peak
displacement increases.

Attenuation has to be taken into account
under low overpressures, and it can be
ignored under high overpressures.

Other parameters kept fixed at M1 and
M2 adopted from Table 6; f� 2; r� 0.6.

Estimated peak displacements are
plotted against Lw as shown in Figure 7. Beyond Lw of 250m, the peak ground

displacement does not increase, and
Lw ≥ 250 is considered as the
non-attenuating medium.

Errors in estimated peak displacements
for the attenuating medium and non-
attenuating medium are also plotted

against peak overpressure in Figure 8(a).

r

Two cases are considered: (i) full strain
recovery r� 1 and (ii) partial strain

recovery r� 0.6.

Assumption of full strain recovery gives
less errors as compared to partial strain

recovery under low overpressures.

Under low overpressure, ground is not
stressed beyond its elastic limit, and
hence full strain recovery is a better
representation of actual conditions in

low overpressure zones.
Other parameters fixed at M1 and M2
adopted from Table 6; f� 2; Lw adopted

from Table 4.

A lower strain recovery causes higher
permanent deformations and increases
peak ground displacement compared to
elastic case (i.e., unit strain recovery

ratio). Under higher overpressures, the
ground is stressed beyond its elastic limit
and the assumption of partial strain

recovery is recommended.

Errors in estimated peak displacement
for the two cases are plotted as shown in

Figure 8(b).

f

f is varied from 1.0 to 2.2.

Under high overpressure (P1 and P2),
error in occurrence time of peak

displacement reduces significantly with
increasing f. f has insignificant effect on magnitude of

estimated peak displacements. However,
as the velocity ratio increases, the rise-
time of overstress pulse with depth also
increases and affects the occurrence time

of the peak displacement.

Other parameters fixed at M1 and M2
adopted from Table 6; r� 0.6; Lw

adopted from Table 4. Error increases marginally under lower
overpressures as the velocity ratio is

close to 1 under lower stress (in (3) when
tk→ 0).

Estimated peak displacements are
plotted against f (Figure 8(c)).

Error in occurrence time of peak
displacement are also plotted against f

(Figure 8(d)).

10 Advances in Civil Engineering



(vi) +e proposed model closely estimates the experi-
mental values at all overpressures, whereas the UFC
model significantly underestimates the peak ground
displacements at high overpressures.

Notations

α(Zki): Attenuation coefficient at depth Zki

εiz: Strain at time ti at depth “z”
εpz: Peak strain level in geomaterial at depth “z”
εrz: Residual strain level in geomaterial at depth “z”
f: Representative velocity ratio (between

P-wave velocity and peak stress velocity) of
ground media

fkz: Ratio of P-wave velocity to wave velocity
corresponding to the kth overpressure front
at depth “z”

fL: Functional form for the loading branch of the
stress-strain curve

frz: Ratio of P-wave velocity to wave velocity
corresponding to the peak overpressure front
at depth “z”

fU: Functional form for the unloading branch of
the stress-strain curve

H: Depth of the top ground layer
Ip: Positive phase impulse of overpressure time-

history
Lw: Characteristic attenuation length
ML: Loading secant modulus
M2: Modulus of bottom layer
M1: Modulus of top layer
Po: Peak overpressure
P(tk): Pressure magnitude of the kth overpressure

front
r: Strain recovery ratio
ρ: Bulk-density of geomaterials
SF: Scale factor
σpz: Peak stress level in geomaterial at depth “z”
teq: Equivalent positive phase duration of linearly

decaying overpressure time-history
tk: Time when the kth overpressure front arrives

at the point of interest on ground surface

tkH: Time of arrival of the last loading front to
reach at depth H (by the time ti)

tp: Positive phase duration of overpressure
time-history

tr: Rise-time to peak overpressure in
overpressure time-history

ui: Vertical ground displacement at time ti

Vp: Representative P-wave velocity of ground
media

VL: Representative wave propagation velocity of
the peak overpressure front in ground

Vkz: Wave velocity of the kth stress front at depth
“z”

W: Yield of the explosion
Zki: Depth penetrated by the kth overpressure

front at time ti

σiz: Stress at time ti at depth “z”
Z0i: Depth penetrated by initial pulse at time ti

Zpi: Depth penetrated by the peak overpressure
front at time ti

(zσz/zεz)|σ�0: Tangential modulus at initial stress level at
depth “z”

(zσz/zεz)|σrz
: Tangential modulus at peak stress level at

depth “z.”
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*e need for concrete increases with rapid development in the .eld of infrastructure because of the increased use of cementing
material of concrete. *e production of concrete is unsafe to the earth. Consequently, there is a need to discover new binding
material with cementing properties. Fly ash debris is wastage of thermal power plants and acquires hectares of land for the
dumping reason. *is paper concentrates on development of alternative binding material in the .eld of construction. *e 1y ash-
based geopolymer concrete is a better option, but it needs heat curing for the polymerization. *e use of lime powder in the
geopolymer concrete gives better result without heat curing.*e experiment depends on the characteristics of daylight curing and
impact of temperature in controlled oven curing.*eM30 grade geopolymer concrete plans with the addition of lime powder.*e
addition of lime powder is changed by 0%, 5%, 10%, 15%, 20%, and 25%.*e compressive strength increases with addition of lime
powder, but in the cases of 20% and 25%, the workability gets hamper.*e study also deals with temperature variations when oven
cured for 35°C, 40°C, 50°C, and 60°C hence assessed.

1. Introduction

Concrete, as a noteworthy development material, is being
utilized at a regularly expanding rate all around the globe.
*e cement is right now used in ordinary Portland concrete,
which brings about a gigantic worldwide bond industry.
Consistently, the creation of OPC is expanding with the
expanding interest of development. Hence, the carbon di-
oxide discharge rate increases step by step into the air. One
ton of carbon dioxide is transmitted into the air with the
generation of one ton of Portland cement. *e ozone-
depleting substance emanation from the creation of Port-
land concrete is around 1.35 billion tons yearly, which is
around 7% of the aggregate ozone-depleting substance
out1ow [1] (Patankar 2013). On the other way, 1y ash is the
waste material of coal-based thermal power plants, available
abundantly, but creates a disposal problem. Several hectares
of agricultural land are acquired by the thermal power plant
for the disposal of 1y ash. As it is light in weight and 1ies
easily, it creates health problems like asthma and bronchitis.

Now, the challenge amongst the researchers is to .nd an
appropriate alternative for eliminating the environmental
hazards caused by the production of cement. A very
prominent research by Davidovitts in 1978 was the invention
of geopolymer concrete which was a cement-free concrete.
*is attracted a lot of attention where 1y ash is replaced by
cement for 100%. It had its own identity and left remarkable
impressions in the research studies. Geopolymer exhibits
similar properties to that of conventional concrete; the only
diDerence is that it is being 100% cement free. But chal-
lenging human tendency of having blind faith for years over
cement for its strength and durability is an uprising chal-
lenge. Building this faith and trust for the use of geopolymer
concrete over conventional concrete is a huge task and
requires testing of geopolymer concrete against conven-
tional concrete. Not only can the elimination of CO2
emission be avoided, but also there are lot many reasons
for geopolymer concrete to be eco-friendly. *e most
proli.c reason for use of 1y ash is its dumping issue and
its minimumuse. Previous investigationmade on geopolymer
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concrete reveals that good strength is achieved when curing
is done at elevated temperature limiting its application on
site. With an addition and replacement of optimum per-
centage of lime and cement, respectively, an additional
amount of heat will be produced; when mixed with water,
the reaction being exothermic can be used as an alternative
for the elevated curing temperatures, thereby achieving the
desired strength at normal room temperature and by wet
curing giving it a wide scope and various practical appli-
cations and uses.

2. Literature Review

Dutta andGhosh [2] studied that the pore sizes get a reduction
after addition of limestone dust into the geopolymer paste
sample. *is phenomenon in1uences water absorption and
compressive strength. Incorporation of limestone dust up to
15% increases the compressive strength of paste specimens
about 44%. *e reduction in compressive strength due to
lower curing temperature may be compensated by in-
corporation of calcium compound which can accelerate the
rate of polymerization even at low temperature. Hake et al. [3]
reported that the cement production generated carbon di-
oxide, which pollutes the atmosphere. *e thermal industry
produces a waste called 1y ash which is simply dumped on the
earth, which occupies larger areas. *e waste water from the
chemical industries is discharged into the ground which
contaminates ground water. By producing geopolymer con-
crete, all the above-mentioned issues shall be solved by
rearranging them.Waste 1y ash from thermal industry +waste
water from chemical re.neries� geopolymer concrete. Fur-
ther, the use of 1y ash as a value-added material as in the case
of geopolymer concrete reduces the consumption of cement.
Reduction of cement usage will reduce the production of
cement which in turn cut the CO2 emissions. Many re-
searchers have worked on the development of geopolymer
cement and concrete for the past ten years. *e present work
deals with the result of the experimental investigation carried
out on geopolymer concrete using processed and unprocessed
1y ash with sodium silicate and sodium hydroxide. *e study
analyses the eDect of processed and unprocessed 1y ash on
compressive strength and split tensile strength for diDerent
temperatures. To study the eDect of diDerent types of processed
and unprocessed 1y ash, we use processed 1y ash such as P60,
P80, and P100 from Dirk India Pvt. Ltd. and unprocessed 1y
ash from diDerent cities such as Bhusawal, Nashik, and Beed.
In this paper, the eDect of the alkaline solution on diDerent 1y
ash is investigated. Namagga and Atadero [4] investigated that
the replacement of high-lime 1y ash in concrete generally
increases the ultimate strength of concrete. It is probable that
even higher percentile replacements of cement would still be
able to provide the same compressive strength as no 1y ash
concrete. Replacement of cement with high-lime 1y ash re-
duces the rate of strength development/gain beyond the op-
timal limits obtained for 25–35% 1y ash mixes. More air
entrained admixture is required for increasing amounts of 1y
ash used. Vijaya Rangan [5] stated that the elastic properties of
hardened geopolymer concrete and the behavior and strength
of reinforced geopolymer concrete structural members are

similar to those observed in the case of Portland cement
concrete. Heat-cured low-calcium 1y ash-based geopolymer
concrete also shows excellent resistance to sulfate attack and
.re, good acid resistance, low creep, and suDers very little
drying shrinkage. Geopolymer concrete has several economic
bene.ts. Bondar [6] investigated that geopolymer concrete can
be produced with the same cost of OPC concrete and com-
parable properties. Geopolymer concrete develops moderate
to high mechanical strength with a high modulus of elasticity
and shrinkage much lower than that of OPC. Geopolymer
concrete manufacture is liable to reduce CO2 emission as
compared to OPC production. Vora and Dave [7] investigated
that the compressive strength of the geopolymer concrete
increases with the increase of concentration in terms of
molarity of sodium hydroxide. *e ratio of alkaline liquid to
1y ash by mass does not aDect the compressive strength of
the geopolymer concrete. *e sodium silicate to sodium
hydroxide ratio by mass equal to 2 has resulted into the
higher compressive strength as compared to the ratio of
2.5 for the geopolymer concrete. *e workability of the
geopolymer concrete in the fresh state increases with the
increase of extra water added to the mix. *e compressive
strength of the geopolymer concrete decreases with the
increase in the ratio of water to geopolymer solids by mass.
*e increase in the curing temperature in the range of
60°C–90°C also increases the compressive strength of the
geopolymer concrete.

3. Materials Used

3.1. Fly Ash. Fly ash used in this study is low-calcium class
F-processed 1y ash from Dirk India Private Limited under
the name of the product POZZOCRETE 60. *e chemical
compositions of the 1y ash used along with the speci.cations
are given in Table 1. *e speci.c gravity of the 1y ash used is
2.26. *e residue of 1y ash retained on 45 μm IS sieve was
reported as 16.84%. *e .neness of the 1y ash by Blen’s
method is 360m2/kg.

3.2. Alkaline Solution. *e alkaline liquid used was a com-
bination of sodium hydroxide and sodium silicate solution.
Sodium hydroxide (NaOH) in 1akes form with 98% purity
purchased from the local chemical supplier was used, and

Table 1: Chemical composition of materials.

Chemical composition Fly ash (%) Lime (%)
SiO2 57.30 3.92
Al2O3 27.13 2.74
Fe2O3 8.06 0.38
MgO 2.13 0.28
SO3 1.06 —
Na2O 0.73 —
CaO 0.03 51.01
LOI 1.60 41.56
K2O — 0.04
TiO2 — 0.09
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sodium silicate solution (NaO� 16.84%, SiO2� 35.01%, and
water� 46.37% by mass) was used as the alkaline liquid.
Sodium hydroxide solution is prepared by dissolving the
1akes in water. Tap water available in the laboratory was
used to prepare NaOH solution. *e activator solution was
prepared at least one day prior to its use. Molarity of the
solution was 16M.

3.3.Aggregates. Locally available 12.5mmand 20mmcrushed
aggregates are used as coarse aggregates having speci.c grav-
ity 2.65. Locally available river sand is used as .ne aggregate in
the concrete mixes having speci.c gravity 2.5 and of Zone-I
conforming IS speci.cations.

3.4. Lime. *e limestone dust is a solid composite having
a speci.c gravity of 2.7 and a bulk density of 1425 kg/m3. It
has an average particle size of 25 microns while particle size
varies between 10 μ and 70 μ. Chemical compositions of the
1y ash used along with the speci.cations are given in Table 1.

4. Experimental Work

*e concrete cubes of size 150×150×150mm were cast for
trial mixes M30 grade for checking the workability slump
cone test performed. In the geopolymer concrete, the al-
kaline activators such as sodium hydroxide and sodium
silicate were used. *e proportionate ratio of the alkaline
solution is taken as 2.5. *e experimental work evaluation of
the optimum percentage of lime addition has to be worked
out. For the same, cubes are to be cast for 5%, 10%, 15%, 20%,
and 25% of lime addition, whereas lime percentage is by
weight to that of 1y ash. Initially, temperature and testing
age are kept constant, and curing hours are varied such as
06 hrs, 12 hrs, 18 hrs, and 24 hrs. In this case, the optimized
curing hours were acquired; by using this, the degree of
heating ranging from 40°C to 120°C at an interval of 10°C for
oven curing was obtained. *e concrete cubes were cast and
cured at normal room temperature to know their charac-
teristic strength as well. After evaluating the optimum curing
hours, rest period and temperature beams and cylinders
were cast for the evaluation of 1exural and split tensile
strength of lime-added 1y ash-based geopolymer concrete.

4.1. Percentage of Lime Addition (M30). *e specimens
were cast of size 150mm× 150mm× 150mm of grade M30
having alkaline solution ratio as 2.5. *e concrete cubes were
cured at 90°C in an oven for 24 hrs with addition of varied
lime percentages by weight of 1y ash. After the comple-
tion of the de.ned curing time, the specimens were kept at
normal room temperature with a rest period of 07 days. *e
specimens were tested for compression on a compression
testing machine of capacity 2000KN to know the optimum
percentage of lime addition and to study its eDect on the
strength of geopolymer concrete.

Figure 1 represents the variation in the strength of
geopolymer concrete of grade M30 with the addition of lime
percentage cured for 24 hours at a temperature of 90°C.

*e rest period for the cured specimens was 07 days. *e
maximum compressive strength was achieved with an ad-
dition of 10% of lime. *us, the optimum percentage of lime
addition observed here is 10%.

4.2. E.ect of Rest Period. *e specimens were cast of size
150mm× 150mm× 150mm of grade M30 having alkaline
solution ratio as 2.5 and were cured at 90°C in an oven for
24 hrs with the addition of optimized lime percentages
(10%). *e lime percentages were calculated in accordance
with the weight of 1y ash. After the completion of the de-
.ned curing time, these specimens were kept at normal
room temperature with a rest period or testing age of 07, 14,
21, 28, and 56 days. *e specimens were tested after testing
age to know the eDect of the rest period on the strength of
GPC with lime addition into geopolymer concrete.

Figure 2 represents the increase in the strength of
geopolymer concrete of grade M30 with the increase in the
rest period at a temperature of 90°C.*emaximumcompressive
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Figure 1: Percentage addition of lime powder in GPC oven cured
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strength was achieved in 28 days. But, at 7th day, the strength
achieved was more than the designed strength. *us, the
optimum rest period observed here is 7 days for the project
work being time bound.

4.3. GPC (M30) with 10% Lime Addition Cured at Normal
Room Temperature. *e specimens were cast of size
150mm× 150mm× 150mm of grade M30 having alkaline
solution ratio as 2.5 and were cured at normal room tem-
perature with an addition of 10% lime.*ese specimens were
kept at normal room temperature for a rest period of 07, 14,
21, and 28 days after which the specimens were tested for
compressive strength.*e readings were recorded and listed,
to know the eDect on strength of GPC cured at normal room
temperature.

Figure 3 represents the increase in the strength of geo-
polymer concrete of grade M30+10% with the increase in the
rest period at normal room temperature. *e normal room
temperature on an average was recorded as 28°C (temperature
in themorningwas recorded as 27°C, and in the evening, it was
recorded as 29°C). *e strength observed during the rest
period of 7 days was achieved more than 70%, unlike con-
ventional cement concrete. *e maximum compressive
strength was achieved at 28th day which is more than the
designed strength. *us, geopolymer concrete of grade M30
with 10% lime addition by weight of 1y ash does achieve
strength more than desired at normal room temperature.

4.4. E.ect of Varied Curing Temperature of GPC (M30) with
10% Lime Addition. *e specimens were cast of size
150mm× 150mm× 150mm of grade M30 with addition of
10% of lime. *e concrete cubes were cured at diDerent
elevated temperatures of 40°C, 50°C, 60°C, 70°C, 80°C, 90°C,
100°C, 110°C, and 120°C in an oven for 24 hours. After the
completion of the de.ned curing time, these specimens were
kept at normal room temperature for a rest period of 07 days
after which the specimens were tested for compression on
a compression testing machine of capacity 2000KN. *e
readings were recorded and listed to study the eDect of

varied curing temperature for geopolymer concrete with 10
percent of lime addition.

Figure 4 represents the variation in the strength of
geopolymer concrete of grade M30 with the addition of 10%
lime cured for 24 hours at varied temperatures. *e rest
period for the cured specimens was 07 days. *e graph
depicts the decrease in strength at higher temperatures. *e
maximum compressive strength was achieved with an ad-
dition of 10% of lime at 70°C. *us, the optimum tem-
perature with 10% lime addition observed here is 70°C.

5. Conclusion

(1) *e compressive strength of geopolymer concrete of
grade M30 goes on increasing with the addition of
5% and 10% of lime, where maximum can be
achieved by the addition of 10% of lime.

(2) Addition of 15%, 20%, and 25% of lime in geo-
polymer concrete of grade M30 makes the concrete
harsh which adversely aDects its workability as well
as its compressive strength.

(3) *e compressive strength goes on increasing for an
M30 grade of geopolymer concrete with 10% lime
addition, as the rest period increases, where the
maximum strength is achieved at the completion of
28 days of the rest period.

(4) *e compressive strength of M30 grade of geo-
polymer concrete with the addition of 10% of lime
goes on increasing with the increase in the curing
temperature ranging from 40°C to 70°C, where
maximum can be achieved at 70°C.

(5) When 5% of 1y ash was replaced by lime by weight,
the mixture observed was de.cient in the binder, that
is, 1y ash, thereby decreasing the compressive
strength of the geopolymer concrete making it
necessary to add lime rather than replacing lime in
the preparation of geopolymer concrete.

(6) compressive strength can also be achieved at higher
curing temperatures ranging from 80°C to 120°C for
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M30 grade of geopolymer concrete with the addition
of 10% lime.

(7) *e compressive strength goes on increasing with
the increase in the rest period of geopolymer con-
crete (M30) with the addition of 10% of lime when
cured at normal room temperature, and the maxi-
mum compressive strength was achieved at the
completion of 28 days of the rest period, thereby
giving it a wide scope.

(8) *e compressive strength achieved by grade M30 of
geopolymer concrete cured at normal room tem-
perature in a rest period of 7 days is higher than the
compressive strength achieved by ordinary concrete
for a similar rest period.
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It has been widely recognized that the constitutive model plays an essential role in engineering application of high ductile 1ber-
reinforced concrete (HDC). In this research, uniaxial compressive tests were conducted on nine groups of HDC specimens with
di7erent mixture ratios and one group of mortar matrix specimens as comparison, discussing the e7ect of 1ber content, water-
cement ratio, 8y ash content, and sand-binder ratio. According to the characteristics of stress-strain curve of HDC under uniaxial
compression, a damage constitutive model was proposed by introducing two damage threshold parameters and then was
compared with other existing models. Results indicated that the damage model curves suggested in this paper were best consistent
with experimental curves and substantially demonstrate the damage evolution process as well as the cracking resistance e7ect of
1ber bridging stress.

1. Introduction

High ductile 1ber-reinforced concrete (HDC) [1], just like
engineered cementitious composites (ECCs) [2, 3], is also
a kind of high performance 1ber-reinforced cementitious
composite (HPFRCC) [4, 5], which is composed primarily of
cement, 1ne aggregate, and 1ber. HDC is manufactured
based on the designed theory of micromechanics and
fracturemechanics and can be characterized by pseudostrain
hardening and multiple cracking behaviors when subjected
to tensile loading. Recently, due to its excellent durability,
high toughness, and remarkable damage resistance capacity,
HDC has been widely utilized in civil engineering, partic-
ularly in the 8exure and shear-dominated members, such as
coupling beams, low-rise walls, and beam-column joints
[6–9]. Findings suggested that HDC can e7ectively enhance
the structural performance and improve the shear strength,
energy dissipation, and damage tolerance of members.

In the engineering application mentioned above, there
are stringent requirements on mechanical behavior and
stress-strain relationship of HDC. *erefore, many in-
vestigations have been carried out to investigate the com-
pressive property and constitutive relationship of HDC.

Fakharifar et al. [10] statistically evaluated the e7ect of 1ber
content on compressive and 8exural strengths through
adequate tests and found that the 1rst crack and failure
strength as well as mechanical properties were enhanced by
increasing the 1ber content. Ma et al. [11] suggested that
excessive amounts of 8y ash tend to decrease the com-
pressive strength though ductility improved with 8y ash
content. Due to the vital role of the constitutive model in the
design and analysis of structure, Li and Liu [12] and Xu et al.
[13], respectively, built the constitutive models based on the
stress-strain curves of HDC under uniaxial compression.
However, the abovementioned models neglected the
microcracks and microvoids in HDC and thus cannot re8ect
the damage evolution of HDC under uniaxial compression.
So, it is necessary to build a constitutive model considering
the initial damage in HDC.

Over the past 30 years, damage mechanics has been
widely employed to describe the failure process for tradi-
tional building material. *e existing researches indicated
that damage theory is a reasonable way to evaluate the
constitutive relationship of concrete due to its powerful
theoretical framework [14–20]. Furthermore, owing to its
solid foundation for irreversible thermodynamics and
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relevant consideration of physical mechanisms, continuum
damage mechanics serves as an e7ective method to the
research of the stress-strain relationships of concrete and
rock in a comprehensive way [21–26]. Xue et al. [27] in-
troduced the damage threshold parameters and established
a damage constitutive model of steel 1ber-reinforced con-
crete re8ecting the linear elastic behavior under low stress.
*erefore, damage mechanics can be used to derive the
constitutive model of HDC. *e toughness and deform-
ability of HDC under uniaxial compression can be signi1-
cantly improved for the lateral restraint e7ect of the 1ber
bridging stress inside the matrix, which has obvious dif-
ference with concrete [1]. *e researchers [21–27] primarily
focused on the concrete and steel 1ber-reinforced concrete,
both of which can be classi1ed as a brittle material. Con-
sequently, their models are unable to re8ect the damage
accumulation and constitutive relationship of HDC under
the uniaxial compressive stress state.

*e present research reports on uniaxial compressive
tests of HDC with di7erent mixture ratios, discussing the
e7ect of 1ber bridging stress on the failure mode. In ad-
dition, it includes an investigation into the in8uence laws of
ingredients, such as polyvinyl alcohol (PVA) 1ber volume,
water-cement ratio, 8y ash content, and sand-binder ratio,
on the characteristic points of HDC stress-strain curves.
Besides, based on the features of experimental curves, this
paper established a modi1ed damage constitutive model by
introducing two damage threshold parameters c and β and
then compared this damage model with the existing models.
It should be stressed that the model proposed in this paper
describes the damage evolution process and provides
a theoretical basis for the nonlinear analysis of components
and the ductility design of the structure.

2. Experimental Program

2.1.Material. *e ingredients of HDC adopted in the test are
cement (PO 42.5R), 8y ash, 1ne river sand, PVA 1ber,
mineral admixtures, water, and superplasticizer. Table 1
presents the mechanical properties of PVA 1ber. Nine
groups of HDC and one group of mortar matrix with dif-
ferent mix proportions were designed and three identical
specimens were cast for each group. *e dimension of
prismatic specimens was 100mm× 100mm× 300mm, and
the mixture ratios are given in Table 2. Test parameters in
this paper included PVA content (1%, 1.5%, and 2%), water-
cement ratio (0.26, 0.29, and 0.32), 8y ash content (40%,
50%, and 60%), and sand-binder ratio (0.24, 0.36, and 0.48).

2.2. Testing Method. Figure 1 gives the schematic diagram
of test setup. To obtain the strain-stress curve of HDC
under uniaxial compression, the linear variable di7erential

transformers (LVDTs) were installed between both ends
of the specimen and measured the whole longitudinal
deformation of the specimen. *e load was applied through
a 500t microcomputer-controlled electrohydraulic servo

Table 1: Properties of PVA 1ber.

Length
(mm)

Diameter
(µm)

Length-diameter
ratio

Tensile strength
(MPa)

Modulus of elasticity
(GPa)

Elongation
(%)

Density
(g/cm3)

12 39 0.31×103 1600 40 7 1.3

Table 2: Mix design for experimental program.

Code PVA
content (%)

Water-binder
ratio

Fly ash
content (%)

Sand-binder
ratio

1 0 0.29 50 0.36
2 1.0 0.29 50 0.36
3 1.5 0.29 50 0.36
4 2.0 0.29 50 0.36
5 2.0 0.26 50 0.36
6 2.0 0.32 50 0.36
7 2.0 0.29 60 0.36
8 2.0 0.29 40 0.36
9 2.0 0.29 50 0.24
10 2.0 0.29 50 0.48

Steel plate

Loading plate

Specimen

LVDT

Base of
test frame

Figure 1: *e schematic diagram of test setup.
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compressive testing machine. *e loading was controlled by
displacement at a rate of 0.5mm/min, and the data were
collected through the TDS602 Data Logger.

3. Results and Discussion

3.1. Failure Mode. Figure 2 shows the typical failure modes
of specimens. *e brittle splitting failure occurred for the
matrix specimen, and the specimen was divided into several
prisms at the ultimate stage (Figure 2(a)). In contrast, the
HDC specimens remained intact at the softening stage,
and 1nally a major inclined shear crack formed along the
specimens (Figures 2(b)–2(e)), which agreed with the
conclusions in research [28].*e shear failure mode of HDC
specimens exhibited obvious ductility compared with the
matrix specimen.

*e 1ber bridging e7ect can be used to explain this
phenomenon. During the failure process of HDC under
uniaxial compression, the 1ber bridging stress e7ectively
restrains the lateral deformation of specimens (Figure 3),
and thus, the appearance and propagation of longitudinal
cracks are delayed. *e 1bers are pulled out or pulled apart
when the lateral tensile deformation exceeds the ultimate
tensile strain of HDC, leading to the ineKcacy of the lateral
constraining force. *us, longitudinal cracks will appear at
the weakest part of specimens, which will run through the
specimens from top to bottom and eventually form a major
crack. During the failure process of specimens, there is
obvious dislocation at both sides of themajor diagonal crack.
*e specimens are still in good condition and have residual
bearing capacity due to the 1ber bridging e7ect even if they
are damaged. Conclusions can be drawn that, due to the
lateral restraint e7ect of 1ber bridging stress, the damage and
failure processes of HDC under uniaxial compression are
quite di7erent from those of concrete.

3.2. Uniaxial Compressive Stress-Strain Curves and Charac-
teristic Points. Uniaxial compressive stress-strain curves
obtained through the test are shown in Figure 4. Charac-
teristic points of the stress-strain curves of specimens to-
gether with the corresponding values of stress and strain are
given in Table 3. It can be known from Figure 4 and Table 3
that the corresponding peak strain of mortar matrix
(mixture ratio 1) is 0.0021, which is quite close to that of
concrete. *e uniaxial compressive stress-strain curve of
HDC is a unimodal curve, and the peak strain of 9 groups
of HDC specimens is 2.61–3.15 times that of mortar matrix.
*is indicates that the deformability of HDC specimens has
been signi1cantly improved before peak load. Once over the
peak load, the mortar matrix immediately loses bearing
capacity. Although HDC specimen also has a sudden drop of
load, there is always 10–20% residual bearing capacity in the
specimen when large compressive strain appears.

3.3. E,ect of Factors on the Characteristic Points of Stress-
Strain Curves. According to the test results in Table 3, the
e7ects of four factors (1ber content, water-binder ratio, 8y

(a) (b) (c) (d) (e)

Figure 2: Typical failure mode of specimens. (a) Matrix, (b) HDC-2, (c) HDC-4, (d) HDC-5, and (e) HDC-6.

N

N

σt

Figure 3: Lateral restraint e7ect of 1ber bridging stress.
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Figure 4: Typical uniaxial compression stress-strain curves of HDC. (a)Matrix, (b) HDC-2, (c) HDC-4, (d) HDC-6, (e) HDC-8, and (f) HDC-10.
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ash content, and sand-binder ratio) on the characteristic
points of stress-strain curves of HDC under uniaxial
compression (Figure 5) can be found out. *e analyses on
four in8uencing factors are as follows.

3.3.1. Fiber Content. As shown in Figure 5(a), the peak stress
σ0 of the HDC specimen increases with the increase in 1ber
content. Besides, ε0.85, ε0.5, and ε0.2 increase by 33.06%,
39.73%, and 62.85%, respectively, as 1ber content increases
to 2% from 1%. It can be attributed to the disordered short
1bers preventing the appearance and development of
microcracks. As a result, the compressive strength and
deformability of HDC specimens were improved.

3.3.2. Water-Binder Ratio. From Figure 5(b), it can be seen
that the ultimate strain and compressive strength of HDC
specimens increase as water-binder ratio increases from 0.26
to 0.29 and then decline as the water-binder ratio increases
to 0.32. It suggested that the ratio 0.29 was more e7ective
than others in terms of enhancing the compressive behavior
of HDC. *is phenomenon appeared for the reason that the
increased water-binder ratio improved the workability of the
mixture, leading to the more uniform distribution of 1bers
inside the matrix. Consequently, the toughness and cracking
resistance of HDC enhanced. However, the high water-
binder ratio reduced the compressive strength of HDC.

3.3.3. Fly Ash Content. As shown in Figure 5(c), the peak
strain of specimens demonstrates a signi1cant rise when the
8y ash content increases from 40% to 50% and a slight
reduction when the 8y ash content increases from 50% to
60%, together with the ultimate compressive strain. *e
cause is that 8y ash can improve the interfacial bond
properties between 1bers and matrix, thus preventing ex-
cessive 1ber rupture and enhancing the toughness of HDC
[1]. It should also be noted that the maximum stress declines
with the increase in the 8y ash content. *us, the 8y ash
content should be limited, considering enough compressive
strength.

3.3.4. Sand-Binder Ratio. *e deformation capacity of
specimens improves when the sand-binder ratio rises from
0.24 to 0.36. It drops instead of rising continually when the
sand-binder ratio increases to 0.48, which can be attributed
to the fact that the friction force between 1bers and matrix
increases due to the excessive sand-binder ratio. As a result,
most of the 1bers are pulled apart, and the tensile
deformability of the material declines, thus reducing the
ultimate compressive strain of specimens. From Figure 5(d),
it also can be known that the maximum stress of specimens
with a sand-binder ratio of 0.36 is higher than that of
specimens with sand-binder ratios of 0.24 and 0.48. Hence,
the ratio 0.36 was most favorable to improving the com-
pressive strength and strain capacity of HDC.

4. Damage Constitutive Model of HDC under
Uniaxial Compression

4.1. Establishment of Damage Constitutive Model. Let A be
the cross-sectional area of the material under undamaged
condition and A be the e7ective bearing area decreased by
the damage.*en, the damage variableD can be expressed as

D �
A− A
A

� 1−
A

A
. (1)

*e e7ective bearing area can be expressed as
A �(1−D)A. (2)

Let σ be the ratio of external load F to the e7ective
loading area. *en,

σ �
F

A
�

F

(1−D)A
�

σ
(1−D)

, (3)

where σ is the nominal stress on the cross section of
components, and σ � F/A.

According to the equivalent strain hypothesis theory
proposed by Lemaitre [29], the constitutive relation of
damaged material can be derived from the constitutive
equation of the nondestructive material under uniaxial stress
by replacing the nominal stress of the constitutive relation of

Table 3: Characteristic points of HDC stress-strain curve.

Code Pm (kN) σ0 (MPa) σ0.2 (MPa) ε0 (10−3) ε0.85 (10−3) ε0.5 (10−3) ε0.2 (10−3)
1 630.55 63.06 — 2.13 — — —
2 502.78 50.28 10.06 5.69 6.02 6.67 8.64
3 568.50 56.85 11.37 6.01 6.66 6.95 11.28
4 622.52 62.25 12.45 6.72 8.01 9.32 14.07
5 560.35 56.04 11.21 6.33 7.05 7.69 11.16
6 528.38 52.84 10.57 6.52 7.88 9.52 12.76
7 536.35 53.64 10.73 6.34 7.90 9.47 13.80
8 644.32 64.43 12.89 5.61 6.41 6.94 8.87
9 519.60 51.96 10.39 6.48 8.14 9.23 13.57
10 560.05 56.01 11.20 5.56 6.05 6.66 8.10
Note: (1) Pm is peak load; σ0 is peak stress; ε0 is the strain corresponding to peak stress; (2) σ0.2 is the stress value when the stress declines to 20% of peak
stress; (3) ε0.85, ε0.5, and ε0.2 are the corresponding ultimate compressive strain values when the stress declines to 85%, 50%, and 20% of peak stress,
respectively.
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Figure 5: Continued.
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the undamaged material with the e7ective stress. Let ε be the
damaged elastic strain, and then the damage constitutive
relation of the material is (σ � Eε)

σ � E(1−D)ε. (4)

4.2. Derivation of Damage Evolution Equation. As for the
damage fracture of rock and concrete, the literature [25, 26]
suggests that the damage variable D of the material ful1lls
Weibull distribution. *us,

D � 1− exp −
ε
η
 

m

 , (5)

where m and η (nonnegative numbers), respectively, are the
shape parameter and scale parameter.

From the stress-strain curve of the HDC specimen, it
should be noted that the linear elastic stage elongates and the
strain corresponding to the initial damage is enlarged. In

addition, the damage of HDC tends to be stable, and there is
10%–20% residual bearing capacity in specimens when the
strain exceeds a certain value. Based on the above analysis,
two damage thresholds c and β are introduced in this paper
to build the damage constitutive model of HDC. c is the
initial point at the nonlinear ascent stage, and β is the initial
point at the residual stage. *en, the damage variable can be
expressed as follows:

Damage variable:

D �

0 (ε< c)

1− exp − ε− c
η 

m

  (c≤ ε≤ β)

Du (ε> β),

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎪⎩

(6)
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Figure 5: In8uence of factors on the characteristic points of stress-strain curves of HDC. (a) Fiber content. (b) Water-binder ratio. (c) Fly
ash content. (d) Sand-binder ratio.
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Figure 6: Stress-strain curve of HDC.
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whereDu is the damage value when the strain ε is equal to β,
that is, the maximum damage variable.

Damage constitutive model:

σ �

Eε (ε< c)

E(1−D)ε (c≤ ε≤ β)

1−Du( σ0 (ε> β).

⎧⎪⎪⎨

⎪⎪⎩
(7)

4.3. Determination of Model Parameter. *e shape of the
stress-strain curve of HDC under uniaxial compression can
be obtained (Figure 6).

As seen in Figure 6, the stress-strain curve of HDCmeets
the following boundary conditions:

(1) ε � 0, σ � 0
(2) ε � 0, dσ/dε � E (E is the initial elastic modulus)
(3) σ � σ0, ε � ε0
(4) σ � σ0, dσ/dε � 0

*rough the features (1), (2), (3), and (4) of stress-strain
curves of HDC, the parameters (m, η) can be calculated as
follows:

m �
ε0 − c
ε0

1
ln Eε0σ0( 

, (8)

η �
ε0 − c

ε0 − c/mε0( 
1/m. (9)

4.4. Comparisons of Experimental Curves and Model
Curves. *e parameters of HDC damage constitutive
model under uniaxial compression was calculated, and
the results of model parameters and damage variable
(at point ε0 and β) are listed in Table 4. *e parameters
m, η can be worked out through expressions (8) and (9).
μ and δ are the average and coeKcient of variation of
parameters.

As shown in Table 4, the value c/ε0 of HDC is about 0.83.
*is indicates that the elastic section of HDC stress-strain
curves elongates and the damage resistance ability is
stronger. Let c be 0.8ε0 and β be 1.3ε0 so as to substitute
the two damage thresholds into expression (7). *en, the
damage constitutive model of HDC under uniaxial com-
pression can be worked out. *en, there is

σ �

Eε ε< 0.8ε0( 

Eε exp − ε− c
η 

m

  0.8ε0 ≤ ε< 1.3ε0( 

1−Du( σ0 ε≥ 1.3ε0( .

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎪⎩

(10)

Li and Liu [12] and Xu et al. [13] suggested the con-
stitutive models of this material in which the damage in
HDCwas not considered.*e descent stage of curve adopted
the same equation in these models, whereas the ascent stage
used rational fraction equation and polynomial equation,
respectively. *ose are as follows:

*e descent stage:

y �
x

B(x− 1)2 + x
(x≥ 1). (11)

*e ascent stage:
Li’s model:

y �
Ax−x2

1 +(A− 2)x
(0≤ x< 1). (12)

Xu’s model:

y � C1 + C2x + C3x
2
+ C4x

3
(0≤ x< 1), (13)

where x � ε/ε0, y � σ/σ0, and A, B, C1, C2, C3, C4 are the
1tting coeKcients.

*is research, respectively, calculated the correlation
coeKcients of three model curves and the experimental
curves as shown in Table 4. *e 1tting coeKcients
A, B, C1, C2, C3, C4 in Li’s model and Xu’s model were

Table 4: Parameters of damage constitutive model.

Code m η (×10−3) c/ε0 β/ε0
D Correlation coeKcient of model

ε0 β New proposal Li Xu
2 5.78 0.26 0.80 1.21 0.03 0.89 0.983 0.987 0.962
3 4.36 0.27 0.82 1.27 0.04 0.85 0.975 0.972 0.947
4 2.56 0.38 0.84 1.43 0.06 0.83 0.982 0.982 0.948
5 5.22 0.22 0.82 1.20 0.03 0.87 0.978 0.980 0.947
6 3.94 0.28 0.82 1.28 0.04 0.85 0.985 0.982 0.957
7 2.92 0.29 0.84 1.38 0.05 0.84 0.977 0.980 0.941
8 3.74 0.19 0.84 1.29 0.04 0.87 0.991 0.993 0.974
9 2.63 0.30 0.82 1.41 0.06 0.79 0.991 0.986 0.964
10 4.60 0.19 0.83 1.26 0.04 0.88 0.990 0.989 0.978
μ — — 0.83 1.30 0.05 0.85 0.984 0.983 0.958
δ — — 0.013 0.060 0.243 0.035 0.006 0.006 0.013
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given in Table 5. Figure 7 describes the comparisons
of experimental curves and constitutive model curves.
*e relation curves between the damage variable D and
strain are shown in Figure 8, and then the damage
evolution process of HDC under uniaxial compression is
observed. Compared with the Li’s and Xu’s models, the
damage model suggested in this paper had the following
features:

(1) *e damage model curves are in best agreement
with experimental curves re8ecting the charac-
teristic of linear elastic deformation and the
residual bearing capacity of HDC which can be
attributed to the restraint e7ect of 1ber bridging
stress. However, the ascent stage of Xu’s model
curves had great di7erence with the experi-
mental curves whose correlation coeKcient is
smaller than those in the damage model and Li’s
model.

(2) *e damage model describes the damage develop-
ment process and the e7ect of toughness and crack
resistance of 1ber in this period, whereas Li’s and

Xu’s models cannot re8ect the damage evolution of
HDC under uniaxial compression.

(3) As 1ber content increases, the parameter m of the
damage constitutive model decreases, whereas
η constantly increases. *erefore, the area
enclosed by the stress-strain curve also increases
gradually. It suggested that the energy dissipation
capacity of HDC was improved with added 1ber
content.

(4) When strain reaches the damage threshold β, the
damage variable D is about 0.85 (smaller than 1.0).
HDC is still not damaged completely when the
deformation is large. It suggests that 1bers can delay
the damage propagation of concrete, just like the fact
that the 1ber bridging stress can delay the crack
propagation.

5. Conclusions

*is research dealt with the e7ects of ingredients on the
compressive properties of HDC. *e damage constitutive

Table 5: Fitting coeKcients.

Code A B C1 C2 C3 C4

2-1 1.034 37.134 0.0047 0.8317 −0.1147 0.2940
2-2 1.074 43.974 0.0100 0.7613 0.2643 −0.0267
2-3 1.073 43.258 0.0135 0.7258 0.2227 0.0569
3-1 1.078 27.678 0.0070 0.4882 1.0398 −0.5319
3-2 1.091 32.823 0.0059 0.3222 1.6317 −0.9484
3-3 1.080 28.726 0.0131 0.6201 0.3015 0.0776
4-1 1.109 20.536 0.0065 0.4160 1.6010 −1.0100
4-2 1.091 20.647 0.0197 0.5249 1.0022 −0.5326
4-3 1.083 16.407 0.0137 0.3248 1.4095 −0.7329
5-1 1.024 42.674 0.0029 0.6888 −0.0087 0.3471
5-2 1.032 38.564 0.0000 0.7332 −0.2785 0.5767
5-3 1.035 42.354 0.0056 0.3815 1.0399 −0.4061
6-1 1.087 20.680 0.0052 0.6321 0.7937 −0.4198
6-2 1.093 15.564 −0.0022 0.8249 0.3049 −0.1172
6-3 1.119 14.659 0.0085 0.6399 0.8406 −0.4703
7-1 1.093 12.386 −0.0009 0.6471 0.5464 −0.1774
7-2 1.103 14.471 0.0076 0.5708 0.9070 −0.4720
7-3 1.104 12.851 0.0172 0.3625 1.0927 −0.4394
8-1 1.075 35.291 0.0023 0.7590 0.6093 −0.3669
8-2 1.080 39.523 0.0062 0.5423 1.1401 −0.6759
8-3 1.073 33.200 0.0139 0.3904 1.2833 −0.6612
9-1 1.099 14.372 0.0115 0.5952 0.7945 −0.3913
9-2 1.094 15.626 0.0100 0.4324 1.4337 −0.8676
9-3 1.093 17.578 0.0028 0.6649 0.4437 −0.0906
10-1 1.055 39.618 0.0118 0.5097 0.9268 −0.4402
10-2 1.058 42.618 0.0006 0.6400 0.8168 −0.4523
10-3 1.070 35.641 0.0005 0.6940 0.4779 −0.1649
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model was established by using two damage threshold pa-
rameters c and β based on the stress-strain relationship
attaining from uniaxial compressive tests. *e following
conclusions can be drawn:

(1) *e mortar matrix specimen fails in brittle split
under uniaxial compression and is divided into
several prisms after failure. In contrast, the ductile
shear failure occurs for the HDC specimens due to
the lateral con1nement e7ect of 1ber bridging
stress.

(2) *e stress-strain curve of HDC under uniaxial
compression is a unimodal curve, and the peak
deformation is 2.61–3.15 times that of mortar matrix.
Besides, the HDC specimens still remain intact and

have 10–20% residual bearing capacity at the ulti-
mate stage.

(3) Based on the features of stress-strain curves of HDC
under uniaxial compression, two damage threshold
parameters are introduced and then a damage
constitutive model is built. Besides, the damage
model curves 1t best with the experimental curves
and re8ect the damage development process of HDC
compared with two existing models.

(4) As the 1ber content increases, the parameter m of the
damage constitutive model gradually decreases,
whereas η constantly increases. It suggests that the
energy dissipation capacity of HDC is improved with
the added 1ber content.
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Figure 7: Comparisons of experimental curves and model curves. (a) HDC 2-2, (b) HDC 4-2, (c) HDC 6-2, and (d) HDC 8-1.
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*e optimal tendon pro-le and its associated duct geometry for posttensioned box girders are investigated. A computational
algorithm has been developed to determine an ideal shape for the tendon and duct. *e algorithm is based on a diagonal cross
point in the Magnel quadrilateral and uses computational geometry instead of graphical drawing. *ereafter, an ideal
parabolic and linear tendon pro-les can be calculated from which the covering duct could be shaped. To check the optimality
of the results, an automatic examination of Magnel diagrams in various cross sections is incorporated in the algorithm. *is
enables a unique prestress level to be selected that suits all sections. *en, the mideccentricity of the two crossing points with
a common prestress line is chosen as a design eccentricity in each cross section.*e optimal duct shape is determined based on
such automatic inspections. In a numerical example, the linear, parabolic, and optimal duct geometries are compared and
drawn. It is concluded that both linear and parabolic duct shapes can be very close to an optimal shape. In a numerical
example, an optimal, box girder with linear open access-type tendons is designed that can withstand extra blast load when
explosion occurs.

1. Introduction

Steel is used in concrete bridges as a reinforcement material.
*erefore, the protection against corrosion for increasing
lifetime of the bridge is an important issue and remains an
active -eld of research [1]. Advanced methods for protection
needs accessibility inside the box girder as described in [2]. A
suitable open access type to the prestressed tendons is open
linear duct type as shown in Figure 1 [3]. In this scheme, tendons
are accessible easily and can be monitored continuously.

It is obvious that the accessibility to the steel tendon as
shown in Figure 1 is superior to other types of design.*is will
be useful particularly when inspection for corrosion and crack
protection is required. *e corrosion protection in precast
bridges is a formidable task as explained in [4].*erefore, open
access posttensioned segments similar to Figure 1 are corrosion
and also crack protective.

Recently, protection of the bridges against explosions due
to, for example, car bombs is studied seriously, and one of the
damages is shown in Figure 2. *e permanent deformation is
caused by immediate microcracks just after explosion [5]. *e

author believes that the open access design shown in Figure 1
can also be blast protective because it can be optimised to take
the extra blast load as it is shown in a numerical example in this
paper. Moreover, the possible cracks after explosions can be
inspected much easier.

Regarding the extra blast load, the bomb power or explosive
amount (equivalent TNTmass) and also the distance between
the explosion centre and the bridge are required.*en, we need
to -nd the scaled distance from the following equation:

Z �
R

M1/3
TNT

. (1)

*en, the resulting overpressure (in kPa) due to the
explosion [6] is

p � 912.88Z−1.46635. (2)

*en, the extra blast load isWex � pb (b is the width of
the bridge).

*is paper provides a new method that is suitable for the
optimal design of an accessible linear-type, posttensioned
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tendon and its duct. *e method is based on the traditional
Magnel diagram [7], but its novelty is the combination with
computational geometry, by which an algebraic compu-
terised algorithm can be developed.

*ere are two types of prestressed concrete members. In
pretensioned type, the strands are pretensioned before
casting, and then it is essential that the prestress level in
various cross sections should be di>erent. In order to achieve
this objective, debonding technology is adopted by which
some strands are partially debonded from concrete [7]. *is
article is not related to pretensioned beams since the ma-
jority of box girders are built via posttensioned members.

However, in posttensioned beams and members, the
prestress level in all cross sections is similar. *e tensioning
is planned after casting; therefore, the tendons are not
straight and can be covered in a curved duct [8]. *ere are
various methods for determination of the ideal tendon and
duct pro-le; for example, the criteria in [8] are di>erent from
the one in [9]. In order to obtain an accurate pro-le, “design
curves” are introduced in [10] by which in any cross section
the suitable eccentricity is determined by the design curve
and -nally the pro-le could be built.

Since an ideal tendon pro-le determination is a design
problem, it should be noted that the designers have been using
a graphical designmethodwhichwas developed byMagnel [11]
in late forties. Since then, the Magnel design diagram has been
revisited in [12], and the edges of the Magnel quadrilateral are
speci-ed as criteria for choosing an appropriate eccentricity
and prestress level. Recently, Calladine [13] has used the
mapping technique and converted the Magnel quadrilateral to
a parallelogram by which the design procedure becomes easier.
Moreover, Stanton [14] introduced a simple sign convention in
order to draw the Magnel diagram by one equation only.

In this article, it is shown that the ideal tendon pro-le in
the posttensioned beam could be determined by automated
computer inspection of the Magnel diagrams, in the various
cross sections without drawing any quadrilateral on paper.
By using computational geometry, -rst the coordinates of
the edges of the Magnel quadrilateral is calculated. *en, the

coordinates of the crossing points of the two diagonals of the
quadrilateral in the cross section in which maximum service
bending moment occurs is determined. Similar procedure is
repeated for twomore cross sections, and thereby a parabolic
or linear curve could be computed, knowing three eccen-
tricities across the beam span. Further investigation is
carried out to show the accuracy of this type of design.

In a numerical example for a long span box girder bridge,
by examining the Magnel quadrilateral in many more cross
sections and considering a prestress level that suits all the
cross sections, the corresponding eccentricities are com-
puted and a smooth curve is -tted to all the points. When
comparing this optimal duct shape with the parabolic and
linear ones, it does not show any signi-cant di>erence.

*e whole drawing process and inspection and selection
are algorithmic and can be done via one computer program.
It is shown that we can determine the ideal parabolic and
linear duct shapes and also check their closeness to optimal
duct shape, all in one algorithm. It is concluded that both
parabolic and linear duct geometries introduced in this
paper are simple and optimal. *erefore, we can choose an
accessible and easily protectable linear tendons and duct
shape which is also an optimal design. *e method is based
on automatic inspection of the Magnel diagram and par-
ticularly can be useful for checking the Magnel polygon in
the cross section where the deviator is located and sharp
changes (discontinuities) in prestress occur.

2. Magnel Design Diagram

*e top -bres of a beam in transfer (before service) are in
tension since the beam planned to be in hogging, and if the
allowable tensile transfer stress is ftt ≤ 0, then the stress
constraint would be

σ �
MT

ZT
+
P

A
+
Pe

ZT
≥ftt. (3)

In (3), σ >ftt while |σ|< |ftt| because in the transfer
state, the top -bres are in tension (− sign by convention) and
then ftt ≤ 0 also Zt > 0, P> 0, Mt > 0, and e< 0. Manipu-
lating (3) leads to the following inequality:

1
P
≥

e

fttZt −Mt

+
Zt

AZtftt −AMt

. (4)

*e bottom -bres of a beam in transfer, when it is
in hogging, are in compression, and if the allowable

(a)

UP

A-A

Pm0 Pm0

A

A

(b)

Figure 1: (a) Externally posttensioned: inside of box girder cross
section. (b) Externally posttensioned beam: girder outside web.

Figure 2: Permanent deformation of box girder after explosion.
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compressive transfer stress is ftc ≥ 0, then the stress
constraint would be

σ �
Mt

Zb
+
P

A
+
Pe

Zb
≤ftc. (5)

In (5), σ <ftc while |σ|< |ftc| because in the transfer
state, bottom -bres are in compression (+ sign by con-
vention) and then ftc > 0 alsoZb < 0, P> 0,Mt > 0, and e< 0.
Manipulating (5) leads to the following inequality:

1
P
≥

e

ftcZb −Mt

+
Zt

AZbftc −AMt

. (6)

*e top -bres of a beam in service obviously are in
compression because the beam is in sagging, and if the
allowable compressive service stress is fsc ≥ 0, then the stress
constraint would be

σ �
Ms

Zt
+
αP
A
+
αPe
Zt
≤fsc. (7)

In (7), σ <fsc while |σ|< |fsc| because in the service state,
top -bres are in compression (+ sign by convention); so
fsc > 0 also Zt > 0, P> 0, Ms > 0, and e< 0. Parameter
0≤ α≤ 1 represents the minimum conserved prestress factor
in service since during service prestress level would be lost
[8] and (1− α) expresses this maximum loss. Now, by
manipulating (7), the following inequality would be
obtained:

1
P
≥

αe
fscZt −Ms

+
αZt

AZtfsc −AMs

. (8)

*e bottom -bres of a beam in service (sagging) are in
tension, and if the allowable tensile service stress is fst ≤ 0,
then the stress constraint would be

σ �
Ms

Zb
+
αP
A
+
αPe
Zb
≤fst. (9)

In (9), 0≤ α≤ 1 appears again because of service con-
dition. σ >fst while |σ|< |fst| because in the service state,
bottom -bres are in tension (− sign by convention), so
fst ≤ 0 also Zb < 0, P> 0,Ms > 0, and e< 0. By manipulating
(9), the following inequality would be obtained:

1
P
≤

αe
fstZb −Ms

+
αZb

AZbfst −AMs

. (10)

*e four stress constraints (3), (5), (7), and (9) lead to the
inequalities (4), (6), (8), and (10) in a coordinate system in
which e is the horizontal axis and (P−1) is the vertical axis.
*e borders of these four inequalities are designated by four
lines, and when they cross each other, they form a quadri-
lateral in which the design parameters e and (P−1) are chosen
from inside of this quadrilateral. Overall design diagram
was -rst introduced by Magnel [11] and has been used
by designers ever since [7, 8]. Obviously, in various types
of prestress losses and for this reason for design purposes,
the minimum conservation (maximum loss) should be
considered.

In Section 3, we will show that, by symbolic computation
of the four edges in the Magnel quadrilateral, we can seek
inside the region to -nd an appropriate design point for each
cross section. First, parabolic and linear tendon pro-les will
be derived by using three cross sections. *ereafter, an al-
gorithm for an ideal tendon pro-le will be explained by using
several cross sections. In a numerical example, it will be
shown that parabolic and linear pro-les are very close to the
ideal pro-le.

3. New Algorithm for Computation of Tendon
Profile

*e borderlines of the constraints for ftt in (4) and ftc in (6)
cross each other in the edge designated by coordinates
(e)tt−tc and (P−1)tt−tc as follows:

(e)tt−tc �
Ztftt −Mt( Zb − Zbftc −Mt( Zt

Zbftc −Mt( A− Ztftt −Mt( A
,

P
−1

 tt−tc �
(e)tt−tcA−Zt
Ztftt −Mt( A

.

(11)

*e borderlines of the constraints for fst in (10) and fsc
in (8) cross each other in the edge designated by coordinates
(e)st−sc and (P−1)st−sc as follows:

(e)st−sc �
Zbfst −Ms( Zt − Ztfsc −Ms( Zb

Ztfsc −Ms( A− Zbfst −Ms( A
,

P
−1

 st−sc �
(e)st−scA + Zb( α
Zbfst −Ms( A

.

(12)

*e borderlines of the constraints for fst in (10) and ftt
in (4) cross each other in the edge designated by coordinates
(e)st−tt and (P−1)st−tt as follows:

(e)st−tt �
Zbfst−Ms( Zt − Ztftt −Mt( αZb
Ztftt −Mt( αA− Zbfst −Ms( A

,

P
−1

 st−tt �
(e)st−ttA−Zt
Ztftt −Mt( A

.

(13)

*eborderlines of the constraints forfsc in (8) andftc in
(6) cross each other in the edge designated by coordinates
(e)sc−tc and (P−1)sc−tc as follows:

(e)st−tc �
Ztfsc −Ms( Zb − Zbftc −Mt( αZt
Zbftc −Mt( αA− Ztfsc −Ms( A

,

P
−1

 sc−tc �
(e)sc−tcA + Zt
Zbftc −Mt( A

.

(14)

*e edge with the coordinates (e)st−tt and (P−1)st−tt is
opposite to the edge with the coordinates (e)sc−tc and
(P−1)sc−tc. Connecting these two edges provides a diagonal
with the following slope:

(m)
st−tt
sc−tc �

P−1( st−tt − P−1( sc−tc
(e)st−tt −(e)sc−tc

, (15)
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and the corresponding line can be expressed by the following
equation:

P
−1

 − P−1 st−tt � (e)−(e)st−tt( (m)
st−tt
sc−tc. (16)

*e edge with the coordinates (e)tt−tc and (P−1)tt−tc is
opposite to the edge with the coordinates (e)st−sc and
(P−1)st−sc. Connecting these two edges provides a diagonal
with the following slope:

(m)
tt−tc
st− sc �

P−1( tt−tc − P−1( st−sc
(e)tt−tc −(e)st−sc

, (17)

and corresponding line can be expressed by the following
equation:

P
−1

 − P−1 tt−tc � (e)−(e)tt−tc( (m)
tt−tc
st− sc. (18)

Intersection of the lines (16) and (18) represents the
centre of the quadrilateral which possesses the eccentricity
eDM and can be calculated by

eDM �
P−1( tt−tc − P−1( st−tt+(m)

st−tt
st−tc(e)st−tt −(m)

tt−tc
st−sc(e)tt−tc

(m)st−ttst−tc−(m)
tt−tc
st − sc

.

(19)

Similarly, we can calculate eDM in two other cross sec-
tions to obtain parabolic and linear curves. For example, in
a simply supported beam with span L, the maximum
bending moment occurs in middle span 0.5 L, the other two
cross sections could be at the supporting ends, and their
corresponding eccentricity eDC can be calculated from (19)
by substituting Mt � 0 and Ms � 0, that is,

eDC � eDM Ms�Mt�0

 . (20)

Since at x � 0.5L, the eccentricity is e(0.5L) � eDM and in
the supports e(L) � e(0) � eDC, and then an ideal parabolic
tendon pro-le could be computed by

e(x) � 4 eDM − eDC( 
x

L
−
x2

L2
  + eDC. (21)

And for linear tendon pro-le similar to Figure 1, we have

e(x) � 2 eDM − eDC( 
x

L
+ eDC, 0≤ x≤

L

2
, (22)

e(x) � 2 eDM − eDC(  1−
x

L
  + eDC,

L

2
≤x≤L. (23)

Another ideal tendon pro-le can also be achieved, if the
Magnel diagram would be drawn in many cross sections
(n>> 3), across the span. *is is a formidable task for a de-
signer, but can be programmed easily by a computer. *en,
for every Magnel quadrilateral, we have a pair of diagonals
with equations

P
−1

 − P−1i st−tt � (e)− ei( st−tt(  mi( 
st−tt
sc − tc, i � 1, 2, . . . , n,

(24)

P
−1

 − P−1i tt−tc � (e)− ei( tt−tc(  mi( 
tt−tc
st − sc, i � 1, 2, . . . , n.

(25)

By simple visual inspection of all diagrams in one -gure,
it is very easy to check which prestress level suits all the
quadrilaterals in the -gure. *is inspection is also possible
without any drawing and can be done by intelligent com-
puter searching. When a design prestress level was selected
and named (P−1)D, by its substitution into (24) and (25), two
candidates for the eccentricity in each cross section can be
found via the following formulas:

ei( C1 �
P−1( D − P−1i( st−tt

mi( 
st−tt
sc − tc

+ ei( st−tt, i � 1, 2, . . . , n,

(26)

ei( C2 �
P−1( D − P−1i( tt−tc

mi( 
tt−tc
st − sc

+ ei( tt−tc, i � 1, 2, . . . , n.

(27)

To be on the conservative side, the average of the above
could be considered as the design eccentricity for each cross
section, that is,

ei( D � 0.5 ei( C1 + ei( C2( , i � 1, 2, . . . , n. (28)

4. Numerical Example

*e numerical example is taken from [12]. *e prestressed
beam, simply supported at the ends with the cross section
A � 0.3045 m2, has the span L� 18.3m, the width b� 1.22m,
the height h� 0.61m, and the sectionmodulusZt � 0.0352 m3

andZb � −0.03869 m3; the limit stresses areftt � −1.34 MPa,
ftc � 17.38 MPa, fsc � 18.6 MPa, and fst � −3.21 MPa; the
dead weight isWt � 8.76 kN/m; and 500 kg of TNTexploded
200m away from the bridge while traGc loadWtr � 5.5 kN/m
in service condition should be considered.*e prestress loss is
expressed by the parameter α � 0.8. We need to -nd the
optimal duct shape and the eccentricities as shown in Figure 1
and displayed in [3].

*e scaled distance of this explosion will be considered
as a part of service load:

Z �
R

M1/3
TNT

�
200

5001/3
� 25.1984 mkg1/3. (29)

*e resulting overpressure (in kPa) due to the explosion is

p � 912.88Z−1.46635 � 912.88 × 25.1984−1.46635 � 8.045 kPa.
(30)

*is produces overpressure load as a result of explosion:

Wex � pb � 8.045 × 1.22 � 9.815 kNm,

Wa �Wex +Wtr �(9.815 + 5.5) � 15.32 kNm.
(31)

*e maximum transfer bending moment occurring at
a midspan is

Mt �
WtL

2

8
�
8.76 × 18.32

8
� 366.1 kN ·m. (32)
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*e maximum transfer bending moment occurring at
a midspan is

Mt �
Wt +Wa( L2

8
�
(8.76 + 15.32) × 18.32

8

� 1006.8 kN ·m.

(33)

*e Magnel diagram in the maximum bending moment
cross section is drawn in Figure 3; the quadrilateral occupies
a small region in the coordinate system, and for the designer,
it is diGcult to spot the centre, and the quadrilateral has been
magni-ed in the -gure.

In Figure 4, the design diagram is drawn at the ends, in
which both the transfer momentMt � 0 and service moment
Ms � 0, we can see that the relevant quadrilateral occupies
much larger region in the coordinate system plane. Although
the quadrilateral losses its convexity, the centre of it is still

an appropriate design point. One can see that the design
point will be outside the quadrilateral, but its eccentricity
coordinate is in the acceptable range. *e designer -nally will
choose a prestress level which suits all cross sections.

Based on (19) and (20), parabolic and linear tendons are
designed, and the position of the strand, relative to the
neutral axis in each cross section, is shown in Figure 5. *e
neutral axis represents zero eccentricity and is shown by
dash ∗ line; sign × represents top and bottom -bres. *e
linear strand position is shown by the solid line, and the
point line shows the parabolic strand.

In order to see if these types of tendon pro-les are ac-
curate enough, we will draw the Magnel diagram in nine
cross sections each with L/8 apart. Because of symmetry, we
need only -ve Magnel diagrams, which all are drawn in
Figure 6. Although we have plotted each diagram in separate
-gure, it is diGcult to compare all quadrilaterals. However, it
is easy to -nd out that a prestress level equal to the average of
prestresses at edges of the quadrilateral of the midspan is an
appropriate criterion. *e horizontal line corresponding to
this prestress level intersects all Magnel quadrilaterals.

*is enabled (26)–(28) to be used, and in each cross
section, (ei)D could be computed. Using (ei)D, which resulted
in nine points, by which a symmetric curve is produced and
the tendon pro-le is displayed in Figure 7 by the point line,
one can see that the simple linear pro-le in Figures 1(a) and 5
and the optimal pro-le in Figure 7 are very close, and in
fact the parabolic and linear shape tendons can be ideal ones,
if we use the expressions in (21)–(23) in this paper.

5. Conclusions

In this article, the ideal tendon pro-le in the posttensioned
beams is investigated by multiple automatic examinations of
the Magnel design diagrams. An algorithm was introduced
by which one can calculate ideal parabolic and linear tendon
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pro-les. It is shown that ideal parabolic and linear shape
tendons and ducts, calculated by the formulas in this paper,
are very close to the ideal and optimal tendon pro-le. It is
recommended that both linear and parabolic ducts can be
used by designers because they do not have any disadvan-
tage. Moreover, the design is based on simple formulas
without engaging with graphical work. It can also be
implemented in design of continuous girders, assuming that
the moments in intermediate pier supports are found by
static calculations. Moreover, the blast load as a result of car
bomb and so on can be considered and added to the service
load. In this case, the relevant eccentricity and prestress level
can be found as shown in the numerical example.*is avoids
the permanent deformation (Figure 2) as a result of ex-
plosion near the bridge.

As far as that author is aware, there is not any design
method which is particularly suitable for design of accessible
linear-type tendons and ducts in posttensioned beams. In-
stead, designers use traditional methods and increase the
factor of safety to compensate lack of accuracy in modelling.
*erefore, the method in this paper can be used for future
design applications in which bridge design should be
optimised to take an extra blast load as a result of explosion
due to car bomb and so on. Moreover, in future by installing
sensors in the open access box girder, compression con-
servation can be monitored and the validity of formulas in
this paper can also be checked.

Symbols

A: Area of beam cross section
0≤ α≤ 1: Prestress conservation in service
e: Eccentricity
eDM: Design eccentricity in midspan
eDC: Design eccentricity in supporting ends
ftt ≤ 0: Allowable transfer tensile stress
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ftc ≥ 0: Allowable transfer compressive stress
fst ≤ 0: Allowable service tensile stress
fsc ≥ 0: Allowable service compressive stress
i: ith beam cross section
L: Beam length
Mt: Transfer bending moment
Ms: Service bending moment
m: Slope of the quadrilateral diagonals
n: Total number of beam cross sections
P≥ 0: Prestress compressive force
Wt: Load distribution in transfer
Ws: Load distribution in service
x: Location of the cross section
Zt ≥ 0: Section modulus, top -bre
Zb ≤ 0: Section modulus, bottom -bre.
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(ere is a common phenomenon of shear failure in RCC beams, especially in old buildings and bridges. Any possible
strengthening of such beams is needed to be explored that could strengthen and make them .t for serviceable conditions. (e
present research has been made to determine the performance of predamaged beams strengthened with three-layered wire mesh
polymer-modi.ed ferrocement (PMF) with 15% styrene-butadiene-rubber latex (SBR) polymer. Forty-eight shear-designed and
shear-de.cient real-size beams were used in this experimental work. Ultimate shear load-carrying capacity of control beams was
found at two di:erent shear-span (a/d) ratios 1 and 3. (e sets of remaining beams were loaded with di:erent predetermined
damage levels of 45%, 75%, and 95% of the ultimate load values and then strengthened with 20mm thick PMF. (e strengthened
beams were then again tested for ultimate load-carrying capacity by conducting the shear load test at a/d� 1 and 3. As a result, the
PMF-strengthened beams showed restoration and enhancement of ultimate shear load-carrying capacity by 5.90% to 12.03%.(e
ductility of strengthened beams was improved, and hence, the corresponding de>ections were prolonged. On the other hand, the
cracking pattern of PMF-strengthened beams was also improved remarkably.

1. Introduction

With the passage of time, many of the existing RCC structures
deteriorate due to increases in service loads, corrosion of
reinforcement, and poor ductile detailing, which results in loss
of strength, cracking, and spalling of the structural compo-
nents. Such structural elements need special attention and
must be retro.tted using suitable strengthening techniques to
restore strength and the design life. Many researchers have
worked on the development of various materials and tech-
niques for repairing, retro.tting, and strengthening of such
structural elements. (e selection of a particular strengthening
material and technique depends on the type, cause, and nature
of distress to be addressed.

All RCC elements are designed to fail in a ductile manner
by making suitable detailing of reinforcement. During an
earthquake, a sudden catastrophic failure can occur due to
increased shear loads [1]. In reinforced concrete beams, the
shear de.ciencies pop up due to many reasons such as in-
suFcient shear reinforcement, reduction in the steel area,

increasing service loads, poor workmanship, and design
faults. Shear strength of many existing structures might
be de.cient for present needs and requires strengthening
to sustain and to satisfy current codal requirements. (e
engineers have experienced that shear failure of RCC
beams, especially in older or heritage structures, build-
ings, and bridges, is a serious problem which necessitates
dismantling and replacement of the structures. Hence,
there is a need of developing an economical strengthening
solution, which helps to restore the desired shear strength
of beams.

In the recent years, the usage of di:erent advanced
materials such as ferrocement, glass .bre-reinforced
polymer (GFRP), .bre-reinforced polymer (FRP), car-
bon .bre-reinforced polymer (CFRP), and steel plate
jacketing has increased for retro.tting and strengthening
of concrete structures. (ese materials have excellent
properties such as high strength, light weight, and cor-
rosion resistance abilities. Some researchers have explored the
e:ect of various advanced composite bonding materials as
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well as their orientation on the >exure and shear strength
properties of retro.tted beams [2–15]. Many of these mate-
rials showed some >aws or shortcomings in terms of strength,
cost, availability, and applicability. Hence, out of these
available material options, the ferrocement has gained pop-
ularity and becomes the major structural material for
strengthening and retro.tting as well for construction, es-
pecially in earthquake-prone areas because of its excellent
ductility, toughness, availability, and other properties. Re-
searchers have come to the conclusion that ferrocement is
quite compatible with the existing concrete structures; apart
from this, it is easy to apply [16–23].

Conventional ferrocement made with cement mortar
matrix showed some de.ciencies and got cracks under
loads even much smaller than the ultimate loads, leading to
reduced life [24–27]. (e corrosion of wire mesh is also one
of the primary reasons for the deterioration of ferrocement
which is attributed to the permeability of cement mortar
[28, 29]. To overcome these de.ciencies of conventional
ferrocement; it is necessary to enhance the properties of its
mortar matrix with di:erent types of additives. (e ad-
dition of polymers to the conventional mortar is found to
be very e:ective [30–39]. It further imparts some out-
standing properties like resistance to corrosion, higher
strength-to-weight ratio, better ductility, and tensile
strength as compared to conventional ferrocement [40–44].
(ere are various types of polymers available worldwide,
but the studies have shown that the addition of styrene-
butadiene-rubber latex (SBR) polymer is very eFcient in
improving the properties of conventional mortar and
ferrocement [45–49]. Polymer-modi.ed ferrocement is
gaining popularity in developing countries because of its
excellent properties and as an economical repair alternative
to the expensive process of reconstruction. Details of PMF
are simple to follow and easy to execute even by local skilled
workers and the ingredients being readily available [50–
54]. Further developments in the .eld of polymer-modi.ed
ferrocement (PMF) can make a drastic improvement in the
area of composite rehabilitation and strengthening of
existing structures.

In the past, a few experimental studies had been carried
out to gauge the e:ect of the high-performance ferrocement
strengthening technique on RCC beams. Kumar and
Vidivelli [50, 51] investigated the use of acrylic latex and
styrene-butadiene-rubber latex polymer-modi.ed ferroce-
ment to strengthen the RCC beams in >exure. (eir test
results showed that the strengthened beams exhibited 79% to
85% enhancement in their general performance after the
usage of polymer ferrocement jacketing, having 15% of
polymer and 5% volume of wire mesh. A similar study was
made by Liao and Fang [52], and they found that RC beams
strengthened with high-performance ferrocement showed
higher ultimate load-carrying capacities and minor cracks as
compared to controlled beams. Hughes and Evbuomwan
[53] also used the polymer-modi.ed ferrocement under the
soFt of beams to strengthen the beams in >exure. (ey
resulted that the ductility and ultimate >exural load-carrying
capacity of beams were increased after strengthening,
without any bond failure. Zhao et al. [54] used the polymer

mortar and steel wire to strengthen the beams in shear.(ese
strengthened beams showed the delay in crack development
and improvement in the ultimate load capacity by 57% as
compared to controlled beams. (ey also concluded that
polymer mortar showed good bonding properties with the
concrete members.

It is concluded that the application of polymer-
modi.ed ferrocement as an outer strengthening mate-
rial is a viable technology for improving the structural
performance of RCC beams in >exure. At present, there is
no such research work recorded to study the e:ects of
polymer-modi.ed ferrocement to strengthen the beams in
shear. It is the need of the hour to explore the utility of
PMF as a strengthening material in the speci.ed domain of
shear. Many factors impart shear strength of RCC beams
like a/d ratio, spacing of stirrups, and grade of concrete. In
this experimental work, two variable factors as a/d ratio
and spacing of stirrups are chosen to .nd their e:ect on
strength, de>ection, and cracking pattern of predamaged
beams strengthened with PMF. Another study done by the
authors showed that the PMF modi.ed with 15% of SBR
and three layers of square woven steel wire mesh had better
>exural and tensile strength properties as compared to
other compositions [45]. (erefore, three-layered wire
mesh polymer-modi.ed ferrocement with an optimum
percentage of 15% SBR has been used in this experimental
work to strengthen the RCC beams having three di:erent
levels of predamages.

2. Materials and Methods

A preliminary study has been done to determine the
properties of ingredients required for this experimental
work.

2.1. Materials. Portland pozzolana cement (PPC) with a 28-
day compressive strength of 34.2N/mm2, speci.c gravity 2.9,
.neness 2.1%, consistency 34%, initial setting time 98
minutes, .nal setting time 240 minutes, and soundness of
1mm conforming to IS 1489-Part 1 [55] was used in the
mortar and concrete. Natural sand (FA-1) was used to
prepare the mortar mix for ferrocement, and riverbed sand
(FA-2) was used for concrete mix, as per IS 383 [56]
speci.cations. Two types of coarse aggregates with nominal
size of 20mm and 12.5mm in a ratio of 60 : 40 were used to
prepare the concrete mix as per IS 2386-Part 3 [57] speci-
.cations. Detail of test results of .ne and coarse aggregates is
given in Table 1.

(e thermomechanical-treated (TMT) 12mm diameter
bars with an ultimate tensile strength of 710N/mm2 were
used as tensile reinforcement, and 8mm diameter TMT bars
which have an ultimate tensile strength of 697.5N/mm2
were used as compressive reinforcement. Plain mild steel
(MS) 6mm diameter reinforcement bars with an ultimate
tensile strength of 491.5N/mm2 were used as shear re-
inforcement. Galvanised square woven wire mesh of
0.49mm diameter with centre-to-centre spacing of 8mm
and having an ultimate tensile strength of 950N/mm2 was
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used in polymer-modi.ed ferrocement as per ACI 549.1R
guidelines [58]. Details of test results are given in Table 2.

Commercially available Sika® Latex Power [59] SBR-
based polymer in liquid form having 45% solid contents, pH
value of 8.50 at 25°, and speci.c gravity of 1.01 was used to
modify the current mortar matrix of ferrocement. A 0.7%
silicon solid by weight of the SBR polymer was used as an
antifoaming agent in the PMFmatrix [60]. Potable water was
used for mixing and curing purposes.

2.1.1. Concrete Mix. Concrete of grade M20 with C : FA : CA
in a ratio of 1 : 2.1 : 3.4 was designed as per IS 10262 [61]
guidelines. (e water-cement ratio of the concrete mix was
0.55 and having an ultimate compressive strength of
26.72N/mm2. (e slump value of the mix was kept as
75mm–100mm. (is concrete mix proportion was used to
cast all the beam specimens. Detail of quantities required per
m3 of concrete is given in Table 3.

2.1.2. Polymer-Modi)ed Ferrocement (PMF). Polymer-
modi.ed mortar (PMM) with a cement (C) to sand (FA-1)
ratio of 1 : 2 and having 15% of SBR was used to develop
the polymer-modi.ed ferrocement (PMF). (e water-
cement ratio of mortar was found as 0.56 for a >ow value
of 105± 5% [62]. (e 28-day compressive strength, >exural
strength, and Young’s modulus of elasticity of PMM were
31.53N/mm2, 8.52N/mm2, and 13.15×103N/mm2, re-
spectively [45]. (is polymer-modi.ed mortar was further
used to modify the three-layered square woven steel wire
mesh ferrocement. (e 28-day >exural and tensile strengths
of polymer-modi.ed ferrocement were 17.01N/mm2 and
6.12N/mm2, respectively [45]. (is PMF is used as an
encasing material in this experimental work to strengthen
the predamaged RCC beams.

2.2. Experimental Program and Methods. (is experimental
study was conducted on 48 full-size (127mm × 229mm
× 2700mm) RCC beams. Out of these 48 beams, 24 were
designed for shear-designed beams (DBs), and 18 stirrups of
6mm diameter were provided at a spacing of 150mm c/c. (e
rest 24 beams were designed as shear-de.cient beams (SDBs),
and 7 stirrups of 6mm diameter were provided at a spacing of
450mm c/c. All the beams were con.ned with 2–12mm di-
ameter bars on tensile face and 2–8mm diameter bars on
compression face. Beam section and reinforcement details of
both types of beams are shown in Figure 1. For casting beam
specimens, the reinforcement was correctly placed in the
formwork with speci.ed cover and then poured with concrete.
A steel formwork was used, and IS 456 [63] speci.cations were

strictly followed. (e detail of beams along with their desig-
nation is given in Table 4.

2.2.1. Testing of Controlled Beams. After 28 days of curing,
the shear-designed and shear-de.cient controlled beams
were tested over a loading frame .xed with a hydraulic jack.
(e load test on all the beams was performed for two dif-
ferent shear-span (a/d) ratios 1 and 3 over a simply sup-
ported e:ective span of 2500mm as shown in Figure 2. A
standard set of 3 beams was taken for each load test. Load-
de>ection curves were observed, and the ultimate shear load-
carrying capacities of controlled beams (DBs and SDBs)
were worked out by applying single-point load “P” at two
di:erent shear-span ratios (a/d)� 1.0 and 3.0, respectively,
where “a” denotes the shear span of the beam and
“d� 198mm” denotes the e:ective depth of the beam. For
a/d� 1.0, the value of “a� 198mm” was kept, and for
a/d� 3.0, the value of “a� 594mm” was kept. (ese control
beams were tested up to an ultimate failure to work out their
average elastic, elastoplastic, and plastic load values corre-
sponding to 45%, 75%, and 95% of ultimate load values,
respectively. Details of test results are given in Table 5.
De>ection of these beams was also determined and recorded
by using LVDTs (linear variable displacement transducers)
with a least count 0.001mm. (e LVDTs were placed under
the soFt of beams which were further attached electronically
with the computerised system. (e location of these LVDTs
was .xed according to the load position; that is, the 1st
LVDT was placed under the loading point “P,” the 2nd was
under the midpoint of the beam, and the 3rd was exactly at
the same distance from opposite support just mirrored to the

Table 1: Properties of .ne and coarse aggregates.

Material description Fineness modulus Speci.c gravity Water absorption (%) Moisture content (%) Grading zone
Fine aggregate (FA-1) 2.24 2.67 1.9 0.22 3
Fine aggregate (FA-2) 2.65 2.675 1.35 0.16 2
Coarse aggregate (CA-1) 20mm 6.69 2.69 1.18 Nil All-in-aggregate
Coarse aggregate (CA-2) 12.5mm 6.11 2.685 1.11 Nil All-in-aggregate

Table 2: Properties of reinforcement steel bars.

Diameter (mm) Yield stress
(MPa)

Ultimate stress
(MPa)

Elongation
(%)

12 556.5 710.0 22.0
8 548.5 679.5 18.4
6 465.0 491.5 5.0
0.49 (square woven
wire mesh) 665.0 950.0 18.2

Table 3: Detail of concrete mix design.

Cement
(C)

Fine aggregate
(FA-2)

Coarse aggregate (CA-1 :
CA-2) (60 : 40)

Water
(W)

340 714.0 1156 187
All quantities are in Kg.

Advances in Civil Engineering 3



1st LVDT (refer Figure 2). (e load versus de>ection curves
of the 1st LVDT are only presented in this article for
comparative study.

2.2.2. Predamaging of Beams. According to the test results of
controlled beams, the other sets of beams were loaded on the

same setup and predamaged for three di:erent levels of
initial stresses corresponding to 45%, 75%, and 95% of the
ultimate load. (e DB45 and SDB45 beams were initially
loaded for 45% level of damage. Similarly, DB75 and SDB75
and DB95 and SDB95 were loaded for 75% and 95% levels of
damage, respectively. (ese damaged beams were then
unloaded and strengthened with 20mm thick U-shaped
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Figure 1: Beam section and reinforcement details: (a) shear-designed beams (DBs); (b) shear-de.cient beams (SDBs).

Table 4: Shear-designed and shear-de.cient RCC beam designation detail.

Designation of beams Loading description Shear-span ratio (a/d) No. of samples
DB-ad-1 Shear-designed controlled beams 1.0 3
RDB45-ad-1 45% predamage + strengthening 1.0 3
RDB75-ad-1 75% predamage + strengthening 1.0 3
RDB95-ad-1 95% predamage + strengthening 1.0 3
DB-ad-3 Shear-designed controlled beams 3.0 3
RDB45-ad-3 45% predamage + strengthening 3.0 3
RDB75-ad-3 75% predamage + strengthening 3.0 3
RDB95-ad-3 95% predamage + strengthening 3.0 3
SDB-ad-1 Shear-de.cient controlled beams 1.0 3
RSDB45-ad-1 45% predamage + strengthening 1.0 3
RSDB75-ad-1 75% predamage + strengthening 1.0 3
RSDB95-ad-1 95% predamage + strengthening 1.0 3
SDB-ad-3 Shear-de.cient controlled beams 3.0 3
RSDB45-ad-3 45% predamage + strengthening 3.0 3
RSDB75-ad-3 75% predamage + strengthening 3.0 3
RSDB95-ad-3 95% predamage + strengthening 3.0 3
DB: shear-designed beam; RDB: strengthened shear-designed beam; SDB: shear-de.cient beam; RSDB: strengthened shear-de.cient beam.

4 Advances in Civil Engineering



polymer-modi.ed ferrocement jacketing which contained
15% SBR latex and three layers of square woven steel wire
mesh. (e detail of strengthening is given in the subsequent
section.

2.2.3. Strengthening Procedure. (e behaviour of strength-
ened beams is highly dependent upon the surface preparation
and application of the strengthening material. (e repaired
surface of the beams should be free from dirt, oil, dust,
existing matter, and curing compounds. An improper
preparation of the surface can result in debonding of PMF

jacketing. Before the strengthening procedure, the beams
were turned upside down to expose their soFt. (e par-
ticular portion of all the predamaged beams was cleaned
with a wire brush at their soFt and side faces where the
jacketing is supposed to be applied.(e surface was cleaned
with such a way to expose the aggregates and to make
the surface suFciently rough for application of repairing
mortar. Water was sprayed on the prepared surface to make
it wet.

(e another study done by the authors resulted that the
three-layered square woven steel wire mesh PMF having an
optimum percentage of 15% SBR showed better strength
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Figure 2: Schematic diagram of the test setup: (a) beams tested at a/d� 1; (b) beams tested at a/d� 3.

Table 5: Test results of controlled DB and SDB.

Designation of beams a/d ratio Avg. ultimate load value (kN) Avg. de>ection at ultimate load (mm)

Calculated load value
for di:erent stress levels

(kN)
45% 75% 95%

DB-ad-1 1 145.68 5.899 65.56 109.26 138.40
DB-ad-3 3 64.53 11.674 29.04 48.40 61.30
SDB-ad-1 1 144.28 6.857 64.93 108.21 137.07
SDB-ad-3 3 59.55 10.371 26.80 44.66 56.57
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properties and hence adopted in this present investigation to
strengthen the predamaged RCC beams. (e polymer-
modi.ed repairing mortar was constituted with cement,
sand, SBR, and water in the ratio of 1 : 2 : 0.15 : 0.35 [45]. A
silicon-based antifoaming agent was also added to the
polymer-modi.edmortar matrix. Cement slurry was used as
a bonding agent. First of all, three layers of wire mesh were
aFxed over the speci.ed length of beams, and then, SBR-
modi.ed mortar was applied. A total of 20mm thick PMF
jacketing was applied under the soFt and side faces of the
beams in a length of “2d� 396mm”, centred on the loading
point, for both DB- and SDB-type beams, irrespective of a/d
ratios. Di:erent sets of beam specimens were prepared for
each level of initial damage. (e repair material was accu-
rately positioned with the help of wooden forms. After 24
hours of application of PMF jacketing, the strengthened
portion of the beams was cured with gunny bags for further
28 days. (e details of PMF-strengthened beams are shown
in Figure 3 and Plate 1.

2.2.4. Reloading of Predamaged Strengthened Beams. (e
PMF-strengthened beams were again placed on the same
loading frame setups (as speci.ed in Figure 2) to .nd their
ultimate shear load-carrying capacities, de>ection, and
cracking pattern. (e locations of LVDTs were kept the
same as in the case of controlled beams.(e load-de>ection
behaviour of all sets of tested beams was recorded for
conclusive study and shown in Figures 4–7. (e detail of

observed loads, de>ections, and failure modes is given in
Table 6.

3. Results

In this current experimental program, a total of 48 beams
were tested. (e testing was aimed to achieve many ob-
jectives by comparing the behaviours of these beams. (e
controlled and strengthened beams were loaded up to ul-
timate failure. Most of the beams showed diagonal cracking
patterns and the shear mode of failure. (e e:ects of dif-
ferent levels of initial stresses, a/d ratios, and spacing of shear
stirrups on the strength, failure modes, cracking pattern,
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Figure 3: Detail of PMF strengthening: (a) beams tested at a/d� 1; (b) beams tested at a/d� 3.

Plate 1: Application of PMF jacketing on the soFt and side faces of
the beams (by turning the beams upside down).
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ductility, and de>ection of strengthened beams are discussed
in the subsequent sections.

3.1. Comparisons betweenControlled and Strengthened Beams

3.1.1. E2ect of Di2erent Levels of Initial Stresses. All the
strengthened beams which were initially damaged with 45%,
75%, and 95% of the ultimate load had showed a complete
restoration and further enhancement of the original strength
up to 12.03% after strengthening. (e de>ection behaviour
of these beams was also changed after strengthening, and the
beams exhibited more ductility as compared to controlled
beams. Hence, higher de>ection values were observed for all
the strengthened beams at the ultimate failure level.

(e strengthened shear-designed beams when tested at
a/d� 1.0 and having the initial stress level of 95% (RDB95-
ad-1) showed the maximum improvement in their ultimate
load value by 12.03%.(e results of strengthened beams with
an initial damage of 45% (RDB45-ad-1) and 75% (RDB-75-
ad-1) also showed a similar trend of improvement in their
ultimate load values by 2.38% and 5.33%, respectively, over
the controlled beam DB-ad-1. (e observed .gures of load
values were quite less for the beams tested at a/d� 3.0, but these
beams showed a similarly improved trend after strengthening.
(e strengthened RDB45-ad-3, RDB75-ad-3, and RDB-95-ad-
3 beams tested at a/d� 3.0 demonstrated the improvement in
the ultimate load by 11.19%, 8.82%, and 8.85%, respectively,
with respect to the controlled beam DB-ad-3. Load-de>ection
comparative curves of controlled and strengthened shear-
designed beams with di:erent levels of initial damages,
when tested at a/d� 1 and 3, are shown in Figures 4 and 5.

(e strengthened shear-de.cient beams having initial
damages of 45%, 75%, and 95% were also tested for di:erent
a/d ratios. (e strengthened RSDB75-ad-1 beams showed
maximum improvement in their ultimate load by 7.57%,
when compared with the controlled beam SDB-ad-1. (e
RSDB45-ad-1 and RSDB95-ad-1 beams also showed an
improvement in their ultimate load values by 4.60% and
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6.29%, respectively, as compared to the controlled beam
SDB-ad-1. At a higher a/d ratio� 3.0, the ultimate loads also
exhibited enhancement, and the maximum improvement in
the load was recorded for RSDB45-ad-3 beams by 12.85%
over the controlled beam SDB-ad-3. (e load-carrying ca-
pacities of RSDB75-ad-3 and RSDB 95-ad-3 beams were also
improved by 7.56% and 4.52%, respectively. Load-de>ection
comparative curves of controlled and strengthened shear-
de.cient beams with di:erent levels of initial stresses, when
tested at a/d� 1 and 3, are shown in Figures 6 and 7.

Test results showed that the performance of PMF
jacketing is very consistent for both shear-de.cient and
shear-designed beams at a/d ratios 1 and 3. Application of
PMF jacketing .lled the cracks which were developed during
the initial damaging of beams and also helped to arrest the
formation of such deformities during retesting of damaged
strengthened beams. (e PMF jacketing helped to enhance
the ductility and caused to delay the shear failure of beams by
resisting and distributing the applied loads.(e proportional
de>ection of strengthened beams was also increased irre-
spective of their level of initial damages.

3.1.2. E2ect of a/d Ratios. (e controlled as well as
strengthened shear-designed (DB) and shear-de.cient
(SDB) beams were tested for two di:erent a/d ratios 1
and 3 to study the e:ect of shear span “a” on the perfor-
mance of these beams. From the test results, it was found
that the a/d ratio played a crucial role. (e strengthened
beams tested at a/d� 1.0 showed more improvement in their
ultimate strength, cracking pattern, ductility, and de>ection
behaviour as compared to beams which were tested at
a/d� 3.0, irrespective of stirrup spacing.

(e controlled shear-designed beams tested at a/d� 1.0
(DB-ad-1) showed a higher load-carrying capacity of

125.76% as compared to DB-ad-3 beams tested at a/d� 3.
(e observed pattern for strengthened beams was also
similar, and the shear load-carrying capacity of RDB45-ad-1,
RDB75-ad-1, and RDB95-ad-1 beams was increased by
107.86%, 118.53%, and 132.35%, respectively, when com-
pared with RDB45-ad-3, RDB75-ad-3, and RDB95-ad-3
beams. Graphical comparisons of ultimate loads at di:er-
ent a/d ratios are shown in Figure 8.

A similar trend was recorded for controlled shear-
de.cient SDB-ad-1 beams, and 142.28% higher load-
carrying capacity was observed in comparison with SDB-
ad-3 beams. (e strengthened shear-de.cient beams also
behaved in a similar manner, and the ultimate load values of
RSDB95-ad-1 beams (tested at a/d� 1) were improved to
a maximum of 146.38%.(e RSDB45-ad-1 and RSDB75-ad-
1 beams showed improvement in their ultimate strength by
124.58% and 142.31%, respectively, as compared to RSDB75-
ad-3 and RSDB95-ad-3 beams. Graphical comparisons of
ultimate loads at di:erent a/d ratios are shown in Figure 9.

At an a/d ratio of 1.0, the beams tend to fail in shear only,
and as the a/d ratio increased, the behaviour of beams was
shifted to a shear->exure mode of failure. Shear forces were
dominating in the case of beams tested at a/d� 1.0. All the
controlled and strengthened beams showed more .gurative
strength values and a comparatively lesser de>ection at
a particular load level when tested at a smaller a/d ratio of 1.0
as compared to the beams tested at a higher a/d ratio of 3.0.
As the distance of the load point from the support was
increased, the relative de>ection was also increased. (is is
due to the parabolic shape of the de>ection curve, and hence,
the observed de>ection values were smaller for the beams
tested near the support as compared to the de>ection values
of the beams tested at “3d” away from the support. (e
observed behaviour of strengthened beams was more
ductile when tested at a higher a/d ratio of 3.(is improved

Table 6: Reloading test results of predamaged strengthened beams.

Beam description Ultimate load (kN) Percentage increase in ultimate load De>ection
at ultimate load (mm) Failure mode

DB-ad-1 145.68 — 5.899 Shear
RDB45-ad-1 149.14 2.38% 11.891 Shear
RDB75-ad-1 153.45 5.33% 12.494 Shear >exural
RDB95-ad-1 163.20 12.03% 14.882 Shear >exural
DB-ad-3 64.53 — 11.674 Shear >exural
RDB45-ad-3 71.75 11.19% 14.564 Shear->exural
RDB75-ad-3 70.22 8.82% 17.534 Shear
RDB95-ad-3 70.24 8.85% 17.887 Shear >exural
SDB-ad-1 144.28 — 6.857 Shear
RSDB45-ad-1 154.60 4.60% 14.048 Shear >exural
RSDB75-ad-1 161.87 7.57% 10.450 Shear >exural
RSDB95-ad-1 155.96 6.29% 10.412 Shear >exural
SDB-ad-3 59.55 — 10.371 Shear
RSDB45-ad-3 67.20 12.85% 14.146 Shear
RSDB75-ad-3 64.05 7.56% 13.763 Shear
RSDB95-ad-3 62.24 4.52% 12.523 Shear
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ductility further imparts to increase the de>ection of these
beams.

It is concluded that the PMF jacketing technique con-
tributes more towards improving the shear resistance of
beams and further enhances the ultimate load values when
the beams were tested at a/d� 1. Hence, PMF jacketing
delays the direct shear failure, and it apparently increases the
contribution of stirrups to resist higher loads.

3.1.3. E2ect of Beam Type. (e beams having stirrups at
a spacing of 150mm c/c were designated as shear-designed
beams (DBs), and the beams have stirrups at a spacing of
450mm c/c were designated as shear-de.cient beams (SDBs).
Both the controlled and strengthened beams were tested for
two di:erent a/d ratios. (e controlled shear-de.cient
beams (SDB-ad-1) when tested at a/d ratio � 1.0 showed
almost similar strength values as compared to controlled
shear-designed beams (DB-ad-1) with a negligible decre-
ment of 0.96% only. A similar trend was observed at
a/d � 3.0, and the SDB-ad-3 beams showed 7.72% lesser

ultimate load as compared to DB-ad-3 beams. With the
increase of the initial damage level, the percentage decrease
in loads showed an upward trend when the beams were
tested at a/d ratio 3. (e observed behaviour was, however,
di:erent in the case of beams tested at a/d � 1, and the load
values .rstly improved for the beams with 45% and 75%
initial damages and then decreased for beams having 95%
of the initial damage. (e RSDB95-ad-1 beams showed
6.04% lesser load-carrying capacities as compared to
RDB95-ad-1 beams. At a/d � 1.0 and for a particular initial
damage level, the strengthened shear-designed and shear-
de.cient beams showed almost equal strength with a minor
variation of 1% to 6% only.

(is is attributable to the arch action of the concrete
element and the eFciency of PMF jacketing. (e
strengthening technique is observed to be more eFcient in
case of shear-de.cient beams when tested at a/d ratio 1. In
the event of beams tested at a/d� 3.0, a di:erent type of
behaviour was observed, and the strengthened shear-
de.cient beams showed a lesser load-carrying capacity as
compared to shear-designed beams for a particular damage
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level. De>ection behaviour was also inconsistent in both the
cases. Graphical comparison of ultimate loads of beams
tested at a/d ratio 1 is shown in Figure 10.

(e shear-de.cient strengthened beams (RSDB45-ad-1
and RSDB75-ad-1) with initial stresses of 45% and 75%
showed a higher strength of 1.19% and 1.14% over the shear-
designed strengthened beams (RDB45-ad-1 and RDB75-ad-1),
respectively, when tested at a/d � 1. However, at the
higher initial damage level of 95%, strengthened RSDB95-
ad-1 beams re>ected 6.04% lesser strength as compared to
the controlled RDB95-ad-1 beams. It is clear from this
observation that the PMF jacketing technique is more ef-
fective in the case of shear-de.cient beams. Apparently, PMF
enhanced the shear strength of concrete near the support by
means of transferring the increased load to the stirrups and
converting the brittle concrete failure into ductile. At a/d� 3,
the strengthened shear-de.cient beams (RSDB45-ad-3,
RSDB75-ad-3, and RSDB95-ad-3) showed lesser strength

values by 6.34%, 8.79%, and 11.39% as compared to
strengthened shear-designed beams (RDB45-ad-3, RDB75-
ad-3, and RDB95-ad-3). Graphical comparison of ultimate
loads of beams tested at a/d ratio 3 is shown in Figure 11.

(e PMF jacketing is fully e:ective to restore and en-
hance the original strength of both types of initially damaged
beams. Furthermore, in the case of shear-de.cient beams,
it is observed that the cracks had developed at an angle of
30° to 45°. As the stirrups were at spaced as far as 450mm
c/c, many of these cracks were not interfered by the
stirrups and therefore caused failure of beams in shear.
(e use of PMF tends to enhance the inertia and ductility
of the beam section in such cases and is thus observed to
cause a delay in beam failure. Hence, the observed ex-
perimental load and de>ection values are higher due to the
combined strength of concrete and ferrocement jacketing.
(e strengthened shear-de.cient beams exhibited similar
elastic behaviour as the strengthened shear-designed beams,
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and the beams were observed to fail in shear compression
and diagonal tension.

4. Discussion

4.1. Comparison of Failure Load of Specimens. Failure load
detail for all the tested beam specimens is given in Table 6.
Almost shear mode of failures was observed in all the beam
specimens. No debonding of jacketing appeared when the
PMF-strengthened beams were tested up to an ultimate
failure level. (ese strengthened beams showed a signi.cant
improvement in their load-carrying capacities, ductility
behaviours, and cracking patterns.

(e ultimate load-carrying capacity of all the strengthened
beams considerably improved as compared to controlled
beams at both a/d ratios 1.0 and 3.0. (e percentage increase
in ultimate load values of shear-designed beams RDB-45-
ad-1, RDB-75-ad-1, and RDB-95-ad-1 tested at a/d� 1.0 was
2.38%, 5.33%, and 12.03%, respectively. As the initial stress
level of strengthened beams increased, the percentage im-
provement in the strength was also increased. Load en-
hancement behaviour was also observed for the strengthened
beams tested at a/d� 3.0, and the ultimate load values of
RDB-45-ad-3, RDB-75-ad-3, and RDB95-ad-3 beams were
increased by 11.19%, 8.82%, and 8.85%, respectively. At higher
a/d� 3.0, the percentage increase of load was observed to be
more consistent, and all the shear-designed beams with
di:erent levels of predamages showed almost an equal im-
provement of shear load-carrying capacities. Graphical
comparison of ultimate load values of shear-designed beams
tested at a/d ratios 1 and 3 is shown in Figure 12.

(e failure loads of strengthened shear-de.cient beams
were also considerably improved. (is improvement was
found to be lesser for the beams with a higher initial damage
level of 95%. (e initially stressed shear-de.cient beams
almost got damaged at 95% stress level, but the strength-
ening technique showed its worth to restore and enhance the
total load-carrying capacity of such beams. (e percentage
improvement in the failure load of beams RSDB45-ad-1,
RSDB75-ad-1, and RSDB95-ad-1 tested at a/d� 1.0 was
4.60%, 7.57%, and 6.29%, respectively, as compared to the
controlled beam SDB-ad-1. (e strengthened beams
RSDB45-ad-3, RSDB75-ad-3, and RSDB95-ad-3 also
showed the improvement in ultimate load values by
12.85%, 7.56%, and 4.52%, respectively, as compared to the
controlled beam SDB-ad-3 when tested at a/d ratio 3.0. (e
strengthened shear-de.cient beams tested at a/d 3.0
showed more percentage improvement in ultimate loads if
compared with beams tested at a/d � 1.0. It is concluded
that the PMF jacketing restores and improves the original
strength of predamaged beams. Graphical comparison of
ultimate load values of shear-de.cient beams tested at a/d
ratios 1 and 3 is shown in Figure 13.

However, it was observed that some cracks appeared
even through jacketing, which indicates a good bond of PMF
jacketing with the existing concrete structure. However, in
some cases, no cracks developed in the strengthened length
where the jacketing was applied, and the failure cracks
developed only in the vicinity of the jacketing edges. It

re>ected that the PMF jacketing behaved monolithically
with the concrete specimens and helped to improve the
ductility of beams after strengthening.

4.2. Ductility and De5ection Behaviour of Specimens. For
comparative study, the de>ection values under the load
point are only discussed in this article. (e load-
de>ection plots for all the beam specimens are shown
in Figures 4–7. (e ductility of both types of beams was
improved after strengthening irrespective of whether the
beams were tested at a/d 1.0 or 3.0. (e main reason for
the increase of ductility is the strengthening technique
only. Strengthening of beams improved the section
modulus of beams and made the beams more ductile to
resist de>ection even after initial damages, and hence, the
beams showed higher de>ection values as compared to
controlled beams at any particular load level. It is con-
cluded that the PMF increases the ductility of predamaged
strengthened beams which further imparts to sustain
higher de>ection and applied loads.

4.3. Cracking Pattern and Failure Mechanism. A few number
of cracks of varying width and spacing were observed in
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both types of control beams. (e beams ultimately failed
because of the widening of any of these cracks. On the
other hand, the predamaged strengthened beams showed
fewer hairline cracks during testing. (e strengthened
beams ultimately failed due to the formation of inclined
shear cracks. (ese beams showed minor cracks when
compared with the control beams of that particular
segment. Plates 2–5 show the cracking pattern of shear-
designed and shear-de.cient controlled and strengthened
beams tested at a/d � 1 and 3.

(e tested beams got cracked, apparently due to two
di:erent conditions. In some cases, the cracks appeared
diagonally near the support mostly because of shear
forces, and in others, the cracks appeared towards centre
due to shear forces together with some >exure moment.
Most of the beams tested at a/d ratio 1.0 showed cracks of
the .rst type which are described as shear compressive
and diagonal tension cracks. In this mode of failure, the
inclined cracks propagate rapidly due to inadequate
shear reinforcement and cause the failure of concrete
from the edge of the crack (refer Plates 2(a) and 4(a)).
With the increase of the a/d ratio to 3.0, the observed
crack pattern was of the other type which results due to
a combination of shear force and >exure moment (refer
Plates 3(a) and 5(a)).

In the case of both shear-designed and shear-de.cient
beams when tested at a/d � 1.0, the .rst crack appeared
almost in the region where the shear force was maximum
and the bending moment was negligible, that is, in a shear
span “a” which is equal to “d � 198mm” for a/d ratio 1.0.
(e cracks aligned with one another and inclined to the
axis of the beam at an angle between 30° and 45°. It was
observed that these cracks belonged to the .rst type, that

is, mostly due to shear forces. As the load increased,
further cracks appeared in the zone of lesser shear stresses,
that is, towards the centre of beams, and nonlinearity of
the load-de>ection behaviour increased. With the further
increase of the load, more and more cracks developed and
a dominant crack propagated towards the point of
loading, resulting in ultimate failure. From the load-
de>ection plots, it is observed that the behaviour of
beams remained linear up to a certain point, and after
that, it changed into nonlinear.

(e shear mode of failure was observed in the tested
beams, and most of the cracks developed near the support
and loading point (refer Plates 2–5). (e cracking pattern
of shear-designed and shear-de.cient beams was changed
as the a/d ratio changed from 1.0 to 3.0. It was observed
that the shear-de.cient controlled beams failed in a typical
shear mode when tested at a/d � 1.0. (e shear-designed
controlled beam DB-ad-3 was observed to behave like DB-
ad-1, but in this case, the cracks were not only in the shear
zone, but some hairline cracks also developed towards the
centre of the beam. (ese cracks were in the region of
bending moment, and as such, these beams were in the
combined mode condition. (ese cracks further grew and
followed a bent path indicating a valid contribution of
>exure moment in such cases. Further increasing of the
load caused the development of a dominant crack towards
the reduced compression zone. (e response of shear-
designed beams was generally ductile when tested at
a/d � 3.0. Aggregate interlocking, dowel action of longi-
tudinal bars, and bond strength of concrete also impart to
resist the stresses which were further induced due to the
widening of cracks. However, it is diFcult to estimate the
exact contribution of these di:erent components.

(a) (b)

(c) (d)

Plate 2: Shear-designed beams tested at a/d� 1: (a) DB-ad-1; (b) RDB45-ad-1; (c) RDB75-ad-1; (d) RDB95-ad-1.
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(a) (b)

(c) (d)

Plate 3: Shear-designed beams tested at a/d� 3: (a) DB-ad-3; (b) RDB45-ad-3; (c) RDB75-ad-3; (d) RDB95-ad-3.

(a) (b)

(c) (d)

Plate 4: Shear-de.cient beams tested at a/d� 1: (a) SDB-ad-1; (b) RSDB45-ad-1; (c) RSDB75-ad-1; (d) RSDB95-ad-1.
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(e behaviour of all the strengthened beams with dif-
ferent levels of initial damages was observed experimentally,
and it was found that the jacketing neutralised the opening
of cracks. (e strengthened beams behaved sti:er as com-
pared to the corresponding beams without strengthening,
and the rate of crack development was also reduced. PMF-
strengthened beams further displayed a lesser number of
cracks when loaded to failure. (is strengthening tech-
nique helps to improve the ductility of beams and causes
to delay the formation of cracks. As a result, the .gurative
de>ection of predamaged strengthened beams also en-
hanced. Spalling of concrete in the vicinity of the support
point also reduced because of strengthening. PMF jacketing
acted monolithically with the RCC beam specimens, and no
bond failure was observed during the testing process.
However, some cracks were found near the edge of jack-
eting which are attributable to the di:erential character-
istics of strengthened beams at the newly created
intersection of jacketed and unjacketed sections.

(e shear failure mechanism of RCC beams is a com-
plicated phenomenon because of interlinking of many
factors such as loading pattern, shear-span ratio, beam
section, the strength of concrete, and the quantity of shear
and bending reinforcement. (e characteristic of shear
failure is abrupt as compared to the >exural failure. How-
ever, the PMF jacketing technique leads to achieve the
ductile failure of strengthened beam specimens. From the
abovementioned experiments, it is concluded that the PMF
strengthening technique has improved the deformation
behaviour, the cracking pattern, and the ultimate shear load-
carrying capacity of the initially damaged beams.

5. Conclusions

(e following conclusions have been drawn from this ex-
perimental study:

(1) PMF is fully e:ective to restore and enhance the
original strength of initially stressed beams even after
95% damage. All the strengthened beams showed
a complete restoration of original strength irre-
spective of stirrup spacing, the level of initial damage,
and a/d ratios. Maximum enhancement in the ul-
timate load value was observed as 12.03% for RDB95-
ad-1 beams.

(2) PMF jacketing causes to delay the direct shear failure
of beams and apparently increases the contribution of
stirrups to resist more loads. (is technique is found
to be more eFcient in case of shear-de.cient beams.

(3) (e PMF strengthening technique increased the
ductility of predamaged beams and caused to delay
the shear failure by resisting and distributing the
applied loads. (e beams behaved more elastically,
and de>ection behaviour also improved after
strengthening.

(4) (e rate of crack development was also reduced, and
the strengthened beams displayed a less number of
cracks as compared to the corresponding beams
without strengthening.

(5) No bond failure of jacketing was observed which
re>ects the proper bonding and compatibility of
polymer-modi.ed ferrocement with the concrete
structures.
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In response to the heightened terror threat in recent years, there is an increasing interest in the introduction of access control
zones at sites that are characterized by an increased likelihood of being the target of a terrorist attack, as latest data reveal that
unprotected areas of mass congregation of people have become attractive to terrorist groups. Such control zones could be located
within the building that has to be protected or attached to it. (e elevated security needs for these areas call for a design that will
consider the risk of internal explosive events.(e purpose of this article is to outline a strategy for limiting the consequences of an
internal blast, while guaranteeing that the produced blast wave does not propagate into vulnerable areas. In particular, the focus is
on the introduction of a protective wall system in the form of a meander that allows unobstructed access of the public and at the
same time reduces the possible blast in1ow to the building’s interior. (e performed numerical simulations show that the
proposed strategy yields much smaller injury risk areas compared to a design without the addition of protective walls and is
recommended for upgrading the security of buildings.

1. Introduction

1.1. Motivation. Several trends in modern terrorism need to
be considered for developing an e4ective protection strategy
against a possible attack. In the past, the focus was on the
protection of critical infrastructures. However, recent ter-
rorist attacks shifted towards soft targets due to the increased
likelihood of success without the need for careful planning,
big resources, and special training of the perpetrators. Soft
targets are, in general, de7ned as unprotected areas with high
concentration of people, like shopping malls, stadia, hotels,
universities, urban city centres, festivals, fairs, places of
worship, train and subway stations, or Christmas markets.
Such targets might consist only of the attending public
(e.g., markets, open-air fairs, parks, festivals, and parades) or
could also entail structural components (e.g., concert halls,
theatres, museums, churches, and transportation terminals).
In the recent past, Jihadist perpetrators have chosen this type
of targets with the intent to cause mass casualties and due to
the high social, political, and/or economic impact of a suc-
cessful attack. As can be seen in Figure 1, all major attacks

(involving fatalities) in Europe over the last years targeted
soft targets, which is also attributed to their increased
vulnerability.

It was noticed that these attacks were often performed by
utilizing unconventional and/or “low-tech” weapons, such
as improvised explosive devices (IEDs), knives, axes, cars,
and trucks. In particular, for the attacks in Brussels (03/2016)
and Paris (11/2015), IEDs were used as modus operandi. For
instance, physical protection against vehicle-ramming at-
tacks can be achieved by a properly designed barrier system.
However, the detection of smaller weapons and explosives
by specialized devices [1] is fundamental for reducing the
possibility of an attack. (e adoption of detection measures
might be advisable for places of mass congregation of people
but is crucial for controlling the access at high-risk sites.
Moreover, the location of this detection zone is of great
importance, since it is an area characterized by an increased
likelihood of terrorist attacks (by using explosives and/or
7rearms). (e present article concentrates on the design of
such access control points and, in particular, their design in
relation to possible attacks by the use of explosives.
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Concerning the physical resistance or structural robust-
ness of a building, a progressive collapse mechanism [2] must
be avoided and glass surfaces, like windows or façades [3],
should be protected against the impact of blast waves or
projectiles. (e physical protection of crowded places against
explosive events can be performed by proper shadowing
techniques, for example, by using concrete blocks [4].

1.2. RiskMitigation. (e creation of an eFcient plan for the
protection of critical infrastructures and soft targets starts
with identifying the potential risk. To ascertain the risk of an
attack, the analyst has to weigh its probable consequences,
the most suitable tactic, and the weaknesses that may be
exploited by the aggressors in their e4ort to impose damage
and casualties. (is means that for calculating the potential
risk, the combination of threat level, vulnerability level, and
target value is required.(e threat level can be de7ned as the
probability of occurrence of an attack in a speci7c period of
time, causing abnormal loading to the structure. (e vul-
nerability level is linked to the identi7cation of security
weaknesses and the potential damage to the system resulting
from an event with a given intensity. (e target value can be
quanti7ed with respect to the damage in the target’s assets,
such as injuries of the occupants, human life loss, capital
value, reconstruction cost, and disruption of services and
functions.

A carefully designed protection strategy and crisis
management plan can e4ectively reduce the impact of an
attack to the target’s asset value. (e implementation of
a detection and investigation scheme can deter possible
aggressors and decrease the threat level, while the assessed
vulnerability can be reduced by strengthening the examined
structure to limit the consequences of an attack.

Many buildings can be identi7ed as potential targets of
a terrorist attack. Accessibility to these buildings is often
restricted, and people entering the premises (in particular
external visitors) are subjected to security checks to reduce
the likelihood of an attack at the building’s interior. Even
though an access control strategy does not guarantee de-
tection of all possible threats, it can certainly be assumed that

perpetrators cannot enter carrying big amounts of explosives
or 7rearms. Practically, this means that both the risk of
possible attacks inside the building and their consequences
are reduced.

(e location of a security control zone, where people are
checked for the presence of explosive materials and weapons
prior entering to the building, should be carefully selected.
Prior experience from military applications shows that
a dedicated building (guardhouse), detached from an
existing structure, reduces possible consequences in case of
an attack at its interior. Such a design approach is feasible if
space is available, but often in the densely built urban en-
vironment buildings occupying nearly all the available lot
and construction of a detached structure is not an option. In
the current article, measures for the protection of access
control areas in closed environment against explosions are
presented. In particular, the proposed strategy is based on
the employment of a meandering wall to reduce the possible
in1ow of the produced blast wave to a building’s interior.

1.3. Policy Context. Security is one of the recent priorities of
the European Commission. (e European Agenda on Security
clearly advocates that the protection of critical infrastructures
and soft targets presents a real challenge. (e main objective is
to gather best practise principles and produce guidance for
mitigating the risk of terrorism. In particular, it is highlighted
that the protection of soft targets and human life is of utmost
importance and additional e4orts are required from both state
and private security stakeholders.

2. Explosion Effects

2.1. Blast Loading. Blast waves are typically characterized by
a compression phase (positive phase) with a very high peak
overpressure, followed by an underpressure phase (negative
phase). Figure 2 shows an idealized pro7le of the pressure in
relation to time for the case of a blast wave and presents
some relevant parameters. (e compression phase includes
an almost instantaneous increase from the ambient pressure (p0)
to a peak pressure (p0 +pmax) at the arrival time ta, when the
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Figure 1: Fatalities due to terrorist attacks in the European Union 2014–2017, modus operandi.
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shock front reaches the point of interest. (e time required for
the pressure to reach its peak value is very small, and for design
purposes, it is usually considered as equal to zero. After its peak
value, the pressure decreases at an exponential rate until it
reaches the ambient value at ta+ td, td being called the positive
phase duration. After the positive phase, the pressure drops
below the ambient value, attaining its minimum value pmin,
before 7nally returning to it after tn (negative phase duration).
(e positive impulse i is de7ned as the integral of the over-
pressure curve over time and is distinguished in positive and
negative according to the relevant phase of the blast wave time
history. More detailed information on the blast wave param-
eters is provided in [5–8].

(e loading conditions of an externally loaded structure
can be distinguished into three types: impulsive, dynamic, and
quasi-static loading (Figure 3). Loads with very short duration
(relative to the structure’s or component’s fundamental natural
period) are known as impulsive loads, for example, near-7eld
explosions of smaller charges (rucksack bombs).(e structural
consequences of such explosions range from shear-type failures
(e.g., of fragile parts like window panes) to bending-type
failures (e.g., sti4er concrete structures). Explosions with
very small distances or even contact detonations could cause
even spalling and scabbing [9]. If the duration of the excitation
is longer than the natural period of the structure or of the
component (dynamic loading), the predominant structural
failuremode is bending as in the case of far-7eld explosions (car
bombs) and gas explosions. A static load simulation approach
can be used only if the examined pressure increases at a very
low rate (quasi-static loading). For the other two loading
conditions, sophisticated numerical models should be utilized,
for example, an explicit 7nite element analysis. For a particular
structure and load type (e.g., pressure), these loading regimes
can be schematically presented by an iso-response curve in
a so-called PI (pressure-impulse) diagram (Figure 3). If
a probabilistic approach is of interest, the probability of damage
could also be inserted in the diagram (e.g., Figure 4).

2.2.Venting/PressureRelease. (e diagram shown in Figure 2
is only valid for spherical or hemispherical, free air, or

surface bursts, respectively. Re1ections, shadowing, or
channelling phenomena can signi7cantly alter the behaviour
of a blast wave. In such cases, the calculation of the blast
wave parameters with the empirical and semiempirical
formulas proposed in [5] could result in signi7cant errors.
(us, the use of numerical 1uid-structure interaction cal-
culations can provide a detailed identi7cation of the loading
time history of a structure or a component.

Internal explosions in con7ned rooms or bunkers where
the pressure wave cannot escape result in a static remaining
pressure after the explosion. Certain concepts for designing
venting surfaces for gas explosions (e.g., [10, 11]) are publically
available. However, blasts from solid explosives in con7ned
spaces are in general faster and are characterized by much
higher peak pressure and often smaller impulse values in
comparison to gas explosions. (e remaining static pressure
from such explosions is signi7cant and must be considered
during design. Release surfaces might prove e4ective [12], as
they are able to reduce the remaining pressure after an ex-
plosion even though their e4ects are not immediately evident.
Nevertheless, venting surfaces cannot reduce the peak pres-
sure associated with the 7rst arrival of the blast wave.

2.3. Afterburning. (e afterburning phenomenon may
prove signi7cant for internal explosions, depending on the
type of explosive burnable products that remain after the
detonation.(ese hot products mix with the surrounding air
and burn if the conditions (in particular oxygen availability)
allow combustion. Also, the presence of aluminium powder
in the explosive contributes to the combustion process
which leads to an additional pressure after the 7rst peak
pressure. (e e4ect of afterburning on the resulting pres-
sures is in1uenced by many factors. In numerical simula-
tions, the approach of Miller [13] is commonly used, who
proposed the addition of a certain amount of energy to the
model after a speci7c time. Nevertheless, afterburning is
not considered in the present article since injuries are most
likely associated with the initial blast wave and not the
afterburning.
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2.4. Vulnerability of Humans. (e e4ects of an explosion on
human body can be distinguished into three broad cate-
gories (Figure 5). Concerning explosion-induced injuries,
the risk due to the primary blast e*ects on humans has al-
ready been precisely described by several authors [14].
However, this is not yet the case for secondary blast e*ects
that are related to the produced fragments either from the
explosive charge or from the failure of structures that are
propelled with high velocities striking the human body. A
straightforward procedure for assessing the additional risk
due to the presence of splinters as part of the secondary blast
e4ects is currently under development [15].

In this work, the formulation of the human injury risk
model is based on the work of González Ferradás et al. [16]
andMannan [17]. It utilizes the peak overpressure pmax (in Pa)
and the positive impulse I (in Pa·s) to determine the proba-
bility of eardrum rupture and the probability of death.

2.4.1. Causes of Death. Regarding possible causes of death,
three di4erent cases are considered: head impact, whole
body impact, and lung haemorrhage. Using a PI diagram
[14], it has been proven that the head impact is the dominant
cause of death and its probit function can be de7ned as
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Y1 � 5− 8.49ln
2430
pmax

+
4 · 108

pmax · I
 . (1)

2.4.2. Eardrum Rupture. (e probit function Y4 of eardrum
rupture is described according to the following equation:

Y4 � −12.6 + 1.524ln pmax( . (2)

(e probability of occurrence R (or the percentage of
the a4ected population) of the corresponding injury is next
determined for each death-related function using the
following equation from González Ferradás et al. [16],
which is a good approximation of the relevant cumulative
normal distribution:

Ri � −3.25Y
3
i + 48.76Y

2
i − 206.6Yi + 270.35. (3)

Human risk is presented in Figure 4 as a PI diagram for
a 5, 50, and 95% probability of death. Clearly, for calculating
the risk of life loss at every point, both the peak pressure and
the impulse values are required, meaning that a full 1uid-
structure interaction (FSI) analysis is required. It is noted
that the in1uence of 1ying debris (secondary blast e4ects) is
not included in these formulas.

(ese formulations are developed for the positive phase
of spherical or hemispherical blast waves from free air and
surface bursts, respectively, and can be used with both in-
cident and re1ected blast parameters. In case of con7ned
explosions, the remaining static pressure results in an in-
creased impulse, a phenomenon that is not considered from
the available formulas. (e duration of the explosions
simulated in [16] is in general shorter than the time required
for the e4ects of venting to be evident, and therefore, the
above formulas can be used. In order to reduce the com-
plexity, as an additional criterion, an impulse limit of
1000 Pa·s is used to identify critical zones at the building’s
interior. UFC 3-340-02 [18] proposes a limit of 1380–1725 kPa
for lethal damage as a result of lung haemorrhage. (is value
ignores the head impact, a fact that is also recognized in UFC
3-340-02 where a much lower threshold is referenced (16 kPa).
In the present study, the impulse value of 1000Pa·s is used as
an indicative limit motivated by Figure 4 and taking into
account aminimum peak overpressure value of about 250 kPa.
(e impulse parameter is used since it is more appropriate
for con7ned explosions. (e objective of this approach is
to acquire qualitative results to investigate the e4ects of
meandering. For quantitative results, the abovementioned
risk formulas should be used.

3. Blast Protective Design

Protective design of critical infrastructures against terrorist
attacks is usually performed in several steps:

(i) (e 7rst step is establishing plausible attack sce-
narios, which is a joint decision of the owner or
stakeholder and the designer. Assessing the prob-
ability of occurrence of a terrorist attack through
estimating sources of threat could be an appropriate

tool for de7ning and choosing possible scenarios.
An indication is given, for example, by the North
Atlantic Treaty Organization’s (NATO) Standard-
ization Agreement (STANAG) 2280 [19].

(ii) (e next step is to calculate the corresponding loads
on the structure by identifying the worst case sce-
nario. In some cases, this can be performed by using
simple formulas for the blast wave propagation, as
those proposed by Kingery and Bulmash [5] and
Kinney and Graham [20], or by using a series of
diagrams included in Uni7ed Facilities Criteria such
as UFC 3-340-2 [18]. Bogosian et al. [21] compared
these equations with experimental data and showed
that in urban environments, the propagation of the
blast wave is not spherical and di4erences appear at
the calculated blast parameters. For such compli-
cated geometries, numerical simulations may be
necessary to assess with greater precision the
loading history of a structure, as described in [22].

(iii) Subsequently, the protection strategy against the
determined blast load according to the individual
structural characteristics of the examined build-
ing (e.g., windows or facades) should be de7ned.
Several options, validated by numerical or ex-
perimental methods, can be adopted, as de-
scribed in [23].

Among the various structural and nonstructural elements,
windows and facades are considered critical when facing an
explosion due to their extremely fragile nature. In addition,
a progressive collapse mechanismmust always be prevented, as
it could lead to a large death toll. In general, the explosive energy
decreases rapidly by increasing the stando4 distance. Hence,
employing perimeter protection measures and restricting the
access to a site constitute one of the most e4ective methods for
decreasing its vulnerability. For example, protection against
vehicle access can be achieved by the application of various
barrier systems, as shown in [24].

3.1. Access Point Design for Building Structures. Depending
on the security level of a site, access control measures may also
be employed for the entrance of the public. (e control zone
should be placed in an area which should be resistant to both
exterior and interior explosive events. Long queuing should
be avoided to minimize the likelihood of the access point
becoming a target of a terrorist attack. In case of a blast, 1ying
debris from the failed parts of the structure (in particular
from glass failure) may cause extensive injuries or fatalities.
(erefore, incorporating venting in the form of release sur-
faces is important for mitigating the e4ects of a blast, in
particular, if the access zone is inside the main building or
attached to it. (e release surfaces should be light, to be easily
pushed aside by the propagating blast wave, or fragile, to
instantly fail under the blast pressure. To prevent people’s
injury from the potential fragments of the failed opening, the
release surfaces are often located at the roof of the structure.
Nevertheless, the e4ects of venting should not be over-
estimated. (e release surfaces (whose size is up to 10% of the
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room’s size) have a very small impact on the peak pressure but
are e4ective for reducing the remaining static pressure after
the explosion. Clearly, the proper design of release surfaces is
a challenging task since no clear indications exist in the open
literature. Usually, it is advised to follow a design approach
that depends on the geometry of the control zone, while the
size of the openings ranges from 3% to 8% of the room’s
(control area’s) size. (us, these values serve only as an in-
dication, since the actual release surface size depends also on
its cross section and the determined blast scenario.

If the access control zone is located within or is con-
nected to the main building, the propagation of the pressure
wave into the adjacent structure should be avoided to
con7ne the explosive e4ects only in one area. Constructions
having very sti4 or blast resistant doors are complicated,
impractical, and space demanding since these doors must be
duplicated. As shown below, a so-calledmeandering wall can
achieve a similar protection level maintaining a design that
favors the unobstructed 1ow of people.

4. Numerical Simulations

(e current section is dedicated to the analysis of a case
study simulating an explosion within an access control zone.
(e objective of the case study is to investigate the way
a rigid (meandering) wall a4ects the propagation of the blast
wave into an area of the building that needs to be protected.
Moreover, a parametric study on the in1uence of the basic
dimensions of the meandering wall on the attenuation of the
produced detonation wave is carried out. (e numerical
simulations are performed with the explicit FE code
EUROPLEXUS (EPX) [25], which is jointly developed by the
French Commissariat à l’ Energie Atomique et aux Energies
Alternatives (CEA) and the Joint Research Centre of the

European Commission (JRC Ispra). EPX employs sophis-
ticated 1uid-structure interaction techniques and is suitable
for simulating fast and severe loadings on structures such as
impact and blast. (e CAST3M code [26], also developed by
CEA, was used to generate the mesh for the numerical
models, while ParaView software [27] was used for post-
processing the results.

4.1. Case Study. To reduce complexity, a simple geometry
has been selected for the case study. A rectangular area is
separated by a rigid wall into two parts.(e 7rst compartment
is considered as the entrance zone where a possible intruder
can enter carrying an improvised explosive device (IED) and
walk till the opening of the rigid wall that leads to the second
compartment. Just before the opening that connects the two
parts, a thorough control of all persons entering the second
part is considered to be implemented. (e second com-
partment is regarded a vulnerable zone that needs to be
protected, as a possible blast wave can become critical for the
personnel or the structural integrity of the building.

Figure 6 shows the geometrical details of the investigated
area. (e entrance zone, located on the left, is connected to
the protected zone, on the right, through a 3m wide
opening. (e opening’s width guarantees a relatively high
1ow of the people to avoid queuing.(e height of both zones
is 3 meters, while the detonation centre is located 1.5 meters
from the ground level (average value for the location of
a backpack in the vertical axis) and is centred to the opening,
based on a worst case scenario. (is is assumed to be the
closest point to the protected zone that a perpetrator can
reach prior to being intercepted. (e mass of the IED has
been selected to be equal to 25 kilograms of TNTequivalent,
as an upper limit for the amount of explosives a pedestrian
could carry in a backpack or small suitcase.

10 m
Entrance zone

Explosive material

Reflecting boundaries

Absorbing boundaries

Protected zone

Blocking wall (meandering)

2 m

3 m

E

D

10 m 20 m
Rigid wall

Figure 6: Geometry of the case study model.
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As shown in Figure 6, the distance D between the
opening and the introduced meandering wall and the di-
mension E that refers to the overlapping between the ad-
ditional blocking wall and the preexisting rigid wall are not
explicitly determined. (ese two parameters are selected as
variables in the performed parametric study in order to
quantify their in1uence on the blast wave propagation.
D ranges from 1 to 3 meters, corresponding to construction
speci7cations (e.g., wheelchair access and personnel 1ow).
Similarly, E ranges from 0.5 to 2 meters, to allow a minimum
distance of 1.5 meters between each extremity of the
meandering wall and the lateral walls of the building and to
guarantee comfortable access to the attached protected zone.

4.2.NumericalModel. (e structural parts of the building in
the case study are assumed rigid, meaning that the walls, the
ceiling, and the 1oor of the structure are nondeformable.
A postanalysis investigation of the recorded maximum pres-
sures indicated that thick, sti4 structural elements like concrete
or steel walls respect this basic assumption. (is hypothesis
results in decreased computational power demand, since
there is no need to include deformable structural parts or
perform cumbersome 1uid-structure interaction (FSI)
calculations. Moreover, the absence of structural de-
formations allows an accurate study of the in1uence of the
two parameters (D and E) on the blast wave propagation.

As already mentioned, for the numerical calculations,
a purely Eulerian approach is utilized, where only the 1uid
part of the model is considered. (e Eulerian formulation
considers the computational mesh 7xed while the 1uid
(particles) moves relative to these 7xed grid points. (e
conservation laws of mass, momentum, and energy are
expressed in a spatial framework. (e discretization is based
on cell-centred 7nite volume (FV) formulations in which the
governing equations are solved in integral form. (is
method is conservative since the formulation ensures that
the 1ux entering a given volume is identical to that leaving

the adjacent volume. (e numerical 1uxes between adjacent
FVs were calculated using the Harten-Lax-van Leer-contact
(HLLC) Reimann solver [28].

(e 1uid domain was modelled with 3D cubic 7nite
volumes (CUVF) of 0.1 meter edge size. (e size of the cubic
volumes is selected after a convergence parametric study. On
the extremity surfaces of the two di4erent zones (yellow lines
on Figure 6), absorbing boundaries have been introduced, in
order to simulate nonre1ecting atmospheric boundaries.
Suitable shell elements (CL3D) that allow the introduction of
an absorbing medium have been employed and from
a mathematical point of view represent a supersonic outlet.
As already mentioned, the rigid parts of the model are
simulated as re1ecting boundaries. For a 3D cubic FV, a free
surface is considered by de7nition as a re1ecting boundary.
A simple duplication of the 1uid nodes at the area where the
rigid structure is located results into free FV surfaces that
behave as re1ecting boundaries.

(e representation of the blast load is performed via
the 1D to 3D mapping technique [29], during which
a 1D numerical calculation that simulates the blast load is
performed with a very 7ne mesh.(e data obtained from the
1D calculation are mapped into a spherical shape and
inserted in the coarser 3D mesh. An important detail that
should be taken into account is that when transferring the
results of the 1D analysis into the 3D mesh, the blast load is
considered spherical, so the transformation should be
performed before the wave comes to contact with any ob-
stacles. (is mapping technique can signi7cantly accelerate
the calculation time without sacri7cing the accuracy of the
results. For the representation of the detonation load in
the 1D calculation, the Jones-Wilkins-Lee EOS law is used
[30].(e material parameters for the TNTare proposed by
[31] and are included in Table 1. (e perfect gas law is
employed for the representation of the atmospheric air in
the 1uid simulation. (e material parameters for the
atmospheric air are shown in Table 2. Finally, one

Table 1: Parameters for the JWL EOS for TNT (Dobratz and Crawford [31]).

Parameters Description Parameters for explosive Parameters for air
A (Pa) Material constant (experimental) 3.7121e11 3.7121e11
B (Pa) Material constant (experimental) 3.23e9 3.23e9
R1 Material constant (experimental) 4.15 4.15
R2 Material constant (experimental) 0.95 0.95
Beta Material constant (experimental) 0.25 0.25
RHO (kg/m3) Density 1630 1.3
EINT (J/kg) Current internal energy
Per unit mass 4.29e6 0.21978e6
OMEGA Speci7c heat ratio 0.3 0.3
D (m/s) Detonation velocity 6930 —

Table 2: Material properties for the ideal gas law for atmospheric air.

Density (kg/m3) Speci7c heat at constant volume (J/kg·K) Gamma ratio Reference pressure (Pa)
1.3 716.75 1.4 1e5
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symmetry plane was utilized by modelling only one half of
the 1uid mesh.

4.3. Numerical Results. (e objective of the numerical in-
vestigation is to determine the e4ectiveness of the in-
troduced meandering wall. Figure 7 displays the behaviour
of the propagated blast wave for the “open door” case and
a “meandering” case (D� 1m; E� 1m) for a plane view at
the height of 1.5 meters. A comparison of the two cases is
performed at several time frames in order to provide a clear
representation on the diversion of the blast wave from the
additional wall. As already mentioned, half of the geometry
was modelled in the numerical calculations so in order to

present the full model in Figure 7, special mirroring tech-
niques are used in the postprocessing phase. (e 7rst
sub7gure presents the pressure 7eld distribution at 3ms
after the detonation. At that time frame, the wave front starts
being re1ected on the meandering wall, as it is clear from the
di4erences between the two models. For the “meandering”
case, the blast wave starts to enter the protected zone at 4ms
and is split into two smaller waves propagating from both
sides of themeandering wall. At 8ms, it is evident that, in the
“open door” case, there is one strong wave front propagating
into the protected zone, while for the “meandering” case
there are two weaker wave fronts. (e wave propagation
continues in a similar way for both cases until 30ms after the
detonation, where the two wave fronts of the “meandering”

3 ms
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Pressure

30 ms

4 ms 8 ms

1.0e+05 1.5e+05 2.0e+05 2.5e+05 3.0e+05

Figure 7: Pressure distribution of the blast wave for the “open door” model and a “meandering” model (D� 1m; E� 1m) for several time
frames (Pa).
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case are united into one. But, as can be noticed, even in that
phase the wave front of the “meandering” case is weaker than
the one of the “open door” case.

(e meandering wall re1ects part of the initial blast wave
and guides it back to the entrance area, resulting in a slightly
stronger blast wave into the entrance zone. Since this zone has
already been signi7cantly a4ected from the initial blast wave, the
additional energy due to the presence of the “meandering” wall
does not a4ect the injury risk probability. Figure 8 presents the
pressure and the impulse history for the abovementioned cases,
at a point that is located at the middle of the protected zone,
7 meters from the opening, and 1.5 meters from the ground

level. From the pressure-time history, it is clear that in the
“meandering” case the 7rst peak is eliminated, while the second
peak, that results from the re1ection of the wave onto the lateral
walls, is lower. Similar results can be derived from comparing
the impulse-time histories, as there is a signi7cant reduction of
the total impulse when the meandering wall is present.

(e next 7gures present the in1uence of the dimension
and location of the meandering wall on the blast wave
propagation. As has already been described in previous
sections, areas with an impulse value larger than 1000 Pa·s
are considered as high injury risk zones. Figure 9 presents
the injury risk areas for the protected zone of the examined
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Figure 9: Zone of impulse higher than 1000 Pa·s for the “meandering” studied cases and the “open door” model (parameters D and E in m
and impulse in pa·s).
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building for several studied geometries. (e results refer to
the same horizontal cut that is presented in Figure 7, but the
output quantity is the calculated impulse. Areas charac-
terized by impulse values higher than 1000 Pa·s are high-
lighted. D and E determine the location and the size of the
meandering wall as described earlier.

In the same 7gure, the “open door” case is also included
for comparison purposes. In the “open door” case, the
majority of the protected zone results in a high injury risk
area. In the “meandering” case, the size of the high injury
risk area varies but is always smaller than the “open door”
case. It is clear that the area before the additional wall is
always unprotected irrespective of the presence of the
meandering wall. Moreover, in some cases, high impulse
values are also recorded at the sides of the meandering wall
due to the relatively strong wave fronts that are present at
both those areas. Figure 10 summarizes the output of the
parametric study by presenting the percentage of the injury
risk area in the protected zone (above 1000 Pa·s) versus the
two examined parameters. From comparing the several
“meandering” cases, it can be concluded that if D is small
(distance between the door and the added wall), the in1u-
ence of E (dimension of overlapping length) is of minor
importance. However, if D is large, the in1uence of E is
signi7cant (if E decreases, the blast wave that enters into the
protected zone is stronger and the high injury risk areas are
becoming larger).

5. Conclusions

Access control points that are located inside or attached to
buildings are often adopted due to local constraints. (eir
design must consider possible terrorist attack scenarios
(e.g., explosions) at the interior and exterior of these access
control points. (e mitigation of the consequences should
such a terrorist attack materialize inside an access point and
in the attached building can be achieved by using venting
(release surfaces) and, in particular, meandering walls. (e
investigation shows that the reduction of the pressure is
signi7cant if meandering walls are used and that these walls
can, therefore, play an important role in separating access
control points from the attached buildings. Nevertheless, it is
obvious that meandering walls can be considered an e4ective
risk reduction measure and not as a full protection solution.
(e risk reduction concerns both blast wave e4ects and, for
obvious reasons, fragments resulting from explosions and
shooting attacks. Herein, the idealized situation that is in-
vestigated can be extended to include additional parameters.
As has been presented in the current article, the presence of
a rigid wall standing between an explosion’s detonation
centre and a target, can e4ectively reduce the severity of the
impacting blast wave. It is therefore recommended the
addition of such elements (varying in size and geometry) in
order to mitigate the risk of terrorist attacks.
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Fatal train accidents usually involve derailments or collisions. *ese derailment/collision accidents are infrequent. However, the
damage due to derailment can be catastrophic. Derailment containment walls are usually used in Korea to minimize such
damages. However, the impact forces that are needed to design the derailment containment walls were not well de4ned, and only
limited studies were conducted for the behavior of the derailment containment walls. In this study, the focus was made on the
impact force analysis of the containment wall through a series of 3D collision simulation after train derailment. Finite element
modeling was conducted to analyze the dynamic behavior of the derailed train that collides with a structure such as containment
wall using the LS-DYNA analysis software application. *e FE models of car bodies, bogie frames, and wheel sets were created
such that full conformity was achieved between their numerical models and actual vehicles with respect to the masses and
principal mass moments of inertia. In addition, various installation situations of the containment wall were considered for the
collision simulation. Finally, the economical alternative method to reduce the impact force was proposed.

1. Introduction

Fatal train accidents are usually caused by derailments or
collisions. *ese derailment/collision accidents are in-
frequent. However, when they occur, the damage is cata-
strophic. *erefore, protection infrastructure is installed to
minimize such damage. In principle, the most ideal prep-
aration is to prevent derailments from occurring. However,
it is also necessary to consider the physical means needed to
reduce/minimize damage by unexpected accidents such as
natural disasters or man-made hazards. *is is a concept of
protection for derailed trains [1, 2].

*ere are representative accidents that would occur if
a derailed train collided with an overbridge or a surrounding
building or two trains crashed into each other and then fell
under a bridge substructure [2]. *e main factors are the
spread and ampli4cation of secondary damage by the be-
havior after the derailments (primary damage). In other
words, if secondary collisions with surrounding buildings by
a derailed train are prevented, the damage would be

mitigated or minimized. In addition, if the secondary de-
railment resulting from a collision between trains or falling
under a bridge is prevented, the damage would be signi4-
cantly reduced or minimized [1, 2].

Since the high-speed railway was induced in Korea,
“derailment containment walls” have been constructed to
mitigate and minimize accident damage by preventing trains
from colliding with catenary poles or falling under a bridge
when they are derailed by earthquake, buckling, or defects in
tracks/trains in bridge sections. At present, the derailment
containment walls are uniformly designed and constructed on
bridges serving train speeds of 200 km/h or higher. Ac-
cordingly, the need for judgment of e@ectiveness and feasi-
bility review in terms of economics and constructability has
been presented by designers and constructors.

*e research related to the collision between the derailed
train and the protection infrastructure is tenuous in the
world. In the previous research [2], we developed the 3D
collision simulation model after train derailment. In this
paper, using this collision simulation model, various
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installation situations of the containment wall were con-
sidered by the parameters (location and height of the wall)
that a@ect the impact force and containment e@ects of the
containment walls. *erefore, we propose the advantageous
geometric condition of the containment wall through the
collision simulation (between the derailed train and the
protection infrastructure) after train derailment. Finally,
the economical alternative method to reduce the impact
force was proposed.

2. Analysis Model

FE modeling was conducted to analyze the dynamic be-
havior of the three-dimensional train and structure using the
LS-DYNA [3] nonlinear 4nite element analysis software
application (Version 971). *is analysis model developed in
the preceding research [2] was veri4ed by several methods.
For the numerical veri4cation about energy balance before
and after collision of the train, simulations were performed
for a collision accident scenario (i.e., a head-on collision

accident scenario) of the railroad cars de4ned by Railroad
Safety Act [4]. In addition, it was con4rmed that the typical
derailment behavior (slip and rollover) of the train model
was reproduced correctly through comparison with the
theoretical wheelset derailment model by the preceding
researchers [5, 6]. Moreover, the analysis model collision
behavior when a derailed train collides with a structure such
as containment wall was veri4ed by results of the previous
research [7].

*e train model is a Korea Train eXpress (KTX) high-
speed train, operated by Korean railways as shown in Figure 1.
*e rail was modeled by the head pro4le of UIC 60 Rail, and
the standard gauge of a track was applied with a width of
1,435mm as shown in Figure 2.*e track types were modeled
by a concrete slab. Table 1 shows the element used in
LS-DYNA for modeling the track.

Contact conditions between the train and track were
modeled using 3D contact elements such as surface-to-
surface and node-to-surface as shown in Figure 3 and
Table 2. *e values of friction coeIcient are based on

Wheel Wheel Wheel Wheel Wheel Wheel

Bogie frame Bogie frameSecondary suspension system

Primary suspension system

Articulated bogie

Trailer bodyPower car body

Power car
bogie

Power car
bogie

Motorized
bogie

Articulated
bogie

LS-DYNA user input
Time = 0

PC1 MT1 T2T1 T4T3 T5 T6 T7 T8 T9 T10 T11 T12 T13 T14 T15 T16 MT2 PC2

Figure 1: Model concept of KTX.
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references [8, 9]. However, in reality, measuring and
identifying the frictional force between the train and the wall
when collision is very diIcult because it is occurred by the
impact for a split second (it is supposedly close to zero). In
Moyer’s study conducted in the U.S. [10], the e@ect on
impact force with respect to increase of magnitude of
frictional force was investigated—“*is parameter has very
little e@ect, although higher barrier friction increases impact
forces slightly.” *erefore, the friction coeIcients between
the train and the wall were ignored in this study.

3. Parametric Study to Evaluate the Effects of
the Containment Wall

*e parameters a@ecting the impact force and containment
e@ects of the containment walls were selected as the lo-
cation and height of the wall. *e geometric conditions and
material properties of the track were modeled based on the
conditions of the Gyeongbu High-Speed Railway and
Honam High-Speed Railway (concrete track) in Korea as
shown in Figure 4 and Table 3. *e details of analysis cases
are shown in Table 4. *e simulation train speed is
300 km/h.

Unless considering the rail to be the train derailment
condition, the train is supposed as the already derailed train
and only expected incident angle and speed are analyzed as
variables. *erefore, the behavior after derailment becomes
consistent. *is study reproduced the drop of wheels from
the rail to reproduce the actual derailment as closely as

Table 1: *e element used in LS-DYNA for modeling the track.

Component Element used in LS-DYNA
Rail (UIC 60/gauge
1,435mm)

∗SECTION_SHELL/∗MAT_RIGID

Track and wall (concrete)
∗SECTION_SOLID/∗MAT_ELASTIC
(i)Young’s modulus: 31,000MPa

(ii)Poisson’s ratio: 0.2

Table 2: Contact conditions between the train and track.

Contact condition Friction coeIcient
Wheel∼rail (general surface) Fstat.� 0.4/Fdyn.� 0.3
Wheel∼concrete slab (surface to surface) Fstat.� 0.55/Fdyn.� 0.45
Train∼wall (surface to surface
and nodes to surface) Fstat.� 0.0/Fdyn.� 0.0

Table 3: Geometric condition of the track.

Line H (mm) hR (mm) TG (mm) D (mm)
Gyeongbu HSR 975 271 1,435 2,000 (1.39TG)
Honam HSR 940 234 1,435 1,880 (1.31TG)

Table 4: Analysis cases.

Parameter Case D hR
(mm) Remark

E@ect of D

Case 1 0.98TG 271 Decrease D based
on Case 3

Case 2 1.31TG 234 Honam HSR reference
model

Case 3 1.39TG 271 Gyeongbu HSR
reference model

Case 4 1.60–1.90TG — Guidance by
running rail

E@ect of hR

Case 5 1.39TG 436 Increase hR based
on Case 3

Case 6 0.98TG 436 Increase hR based
on Case 1

Case 7 0.98TG 106 Decrease hR based
on Case 1

Wall

Track

Rail

LS-DYNA user input
Time = 0

Figure 2: Modeling of the track.

Figure 3: Contact conditions between the train and track.
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hR

D
Track center

TG

Track concrete layer

Direction of derailment

hR TGTT

Track concrete layer

W
al

l

Figure 4: Geometric conditions of the containment wall on the
railway bridge in Korea.
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possible. *erefore, many changes were e@ected in the train
behavior after derailment as the falling points of wheels were
changed by the interference of the wheels and rails (Figure 5).
*e derailment behavior was reproduced under the slip and
rollover condition by wheel climbing (Figure 6).

As soon as wheels of the front and rear bogie drop from
the rail head, the car veer o@ to the wall and rotates about the
vertical axis of the rear bogie as shown in Figure 7. At this
time, angle between the longitudinal axis of the car and the
track center is called “derailment angle” as shown in Figure 7.
A certain initial value of the derailment angle was assumed for
the convenience of the analysis. Initial derailment angles
from 0.3 to 0.4° were supposed considering a rail surface.
(If the initial derailment angle is less than 0.3°, the derailment
does not occur well by wheel Sange. Also, if the angle is
greater than 0.4°, it will fall directly onto the track surface
without the interference of the wheels and rails.) *e initial

velocity vertor (300 km/h) of the mass center of the 4rst car
remains parallel to the track centerline.

3.1. (e E)ect of Separation Distance from Track Center

3.1.1. D� 1,400mm (0.98 TG). Case 1 (distance e@ect 1) has
minimized the separation distance (D) of the containment
wall from the track center by putting the wall closer to the
track concrete layer (TCL), as shown in Figure 8. In the case
of derailment-collision behavior 1 as shown in Figure 9(a),
the axlebox collides with the containment wall after the drop
of the wheels on the concrete surface (TCL). *en, the 4rst
impact force is 160 kN, but the subsequent impact forces
increase due to repetitive impact of the axleboxes between
the rail and the wall. In the case of derailment-collision
behavior 2 as shown in Figure 9(b), the axlebox collides with
the containment wall before the drop of the wheels on the

LS-DYNA user input
Time = 0.19

LS-DYNA user input
Time = 0.33

LS-DYNA user input
Time = 0.05

Figure 5: Derailment behavior by wheel climbing on simulation.

Figure 6: Derailment situation of wheels by wheel climbing on simulation.

Direction of travel
Wall

Front bogie

Rear bogie

Velocity of mass center
Initial derailment angle

Figure 7: Initial derailment angle on simulation.
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1,400 (0.98 TG) TC Unit: mm

Figure 8: Overview of distance e@ect 1.
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Figure 9: Derailment-collision behavior and impact force (distance e@ect 1). (a) Derailment-collision behavior 1. (b) Derailment-collision
behavior 2.
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Figure 10: Overview of distance e@ect 2.
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concrete surface. *en, the impact force is computed at
579 kN, and the derailed train bounces to the inner track. In
both behaviors, if the containment wall is not destroyed by
collision, the horizontal deviation of a derailed train is
contained within the intended area (track area) after
collision.

3.1.2. D� 1,880mm (1.31 TG). In Case 2 of distance e@ect 2,
the separation distance (D) of the containment wall from the
track center is set from 1.0TG to 1.5TG: the condition of
Honam HSR (Figure 10). In this case, the impact force is
signi4cantly greater than distance e@ect 1. In this case, the
impact force acting on the containment wall is computed as
a range of about 1,500 to 3,900 kN in accordance with
collision conditions that considerably vary due to derailment
conditions (interference of the wheels and rails). As shown
in Figure 11, if the containment wall is not destroyed by
collision, the horizontal deviation of a derailed train is
contained within the intended area (track area) after
collision.

3.1.3. D� 2,000mm (1.39 TG). In Case 3 of distance e@ect 3,
the separation distance (D) of the containment wall from the
track center is set from 1.0TG to 1.5TG: the condition of

Gyeongbu HSR (Figure 12). In this case, the impact force
is also greater than distance e@ect 1, like distance e@ect 2.
In this case, the impact force acting on the containment
wall is computed for the range of about 600 to 4,000 kN
in accordance with collision conditions. As shown in
Figure 13, if the containment wall is not destroyed by
collision, the horizontal deviation of a derailed train is
contained within the intended area (track area) after
collision.

3.1.4. D�More than 2,300mm (1.60–1.90 TG). Case 4 (dis-
tance e@ect 4) has suIciently extended the separation
distance (D) until the inner wheels of a derailed train can be
guided by running a rail before the outer (derailment di-
rection) wheels collide with the containment wall (Figure 14).

*e concept of this case is based on derailment con-
tainment concepts in the UK [11, 12] and Germany [13] that
the primary impact damage be restricted by a running rail,
and then the wall secondarily contains the horizontal de-
viation to a reduced force. Hence, the horizontal impact
forces of the containment wall can be advantageous in terms
of containment wall design.

*e separation distance (D) from the track center must
be more than 1.60TG in order that a wheel does not contact
the containment wall and more than 1.88TG in order that an

< Impact force: 1,548~3,619 kN >

1.30 sec 1.80 sec

0.84 sec 0.90 sec

Figure 11: Derailment-collision behavior and impact force (distance e@ect 2).

2,000 (1.39 TG)

271

TC Unit: mm

Figure 12: Overview of distance e@ect 3.
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axlebox does not contact the containment wall (Figure 14).
*e dimensions of the wheel and the axlebox are that of the
KTX train, and the track gauge (TG) is 1,435mm (standard
gauge).

In the case of derailment-collision behavior 1 as shown
in Figure 15(a), the 4rst wheel vertically jumps after colliding
with the rail, and then the 5th and 6th wheels of succeeding
trailers (motorized bogie) also are sequentially guided by the
rail. In case of derailment-collision behavior 2 as shown in
Figure 15(b), the 4rst wheel is vertically jumped from the
ground due to severe snap behavior without contact with the
rail. Hence, a derailed train has the possibility of collision
with catenary ducts/poles, or falling under a bridge because
of the impossibility of containment protection by the

running rail. *erefore, a containment wall of the outer side
structure type is needed in this case. Also, this case shows
that perfectly protecting the derailed train for all the de-
railment situations/conditions is impossible.

3.2. (e E)ect of Height above Rail Surface

3.2.1. hR� 436mm/D� 2,000mm (1.39 TG). Case 5 (height
e@ect 1) has extended the height of the containment wall (hR)
until the whole area of the axlebox can contact the con-
tainment wall (Figure 16). In this case, the collision behavior
has consistency, without varying collision behaviors (the gap
of impact force due to deference of contact area) according
to the derailment conditions. And the containment e@ect of

2,700 (1.88 TG)

TC

2,300 (1.60 TG)

Unit: mm

Figure 14: Overview of distance e@ect 4.

1.50 sec

< Impact force: 625~3,925 kN>

1.90 sec

1.02 sec 1.20 sec

Figure 13: Derailment-collision behavior and impact force (distance e@ect 3).
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a derailed train is excellent as shown in Figure 17. However,
the maximum impact force acting on the containment wall is
the greatest: 4,064 kN.

3.2.2. hR� 436mm/D� 1,400mm (0.98 TG). Case 6 (height
e@ect 2) has minimized the separation distance (D) of the
containment wall from the track center by putting the wall
closer to the TCL and has extended the height of the
containment wall (hR) until the whole area of the axlebox can
contact the containment wall (Figure 18). In this case, the
collision behavior has consistency without varying col-
lision behaviors according to the derailment conditions.
And the containment e@ect of a derailed train is excellent
as shown in Figure 19. Also, the impact force (1,168 kN) is
considerably smaller than the height e@ect 1 (4,064 kN)

because of reduction of inertial force due to reduced
lateral behavior distance of the derailed train. However,
the subsequent impact forces are likely to increase due to
repetitive impact of the axlebox between the rail and
the wall.

3.2.3. hR� 106mm/D� 1,400mm (0.98 TG). Case 7 (height
e@ect 3) minimizes the separation distance (D) of the
containment wall from the track center by putting the wall
closer to the TCL and has reduced the height of the con-
tainment wall (hR) until the axlebox does not collide with the
containment wall, but the wheel can contact the contain-
ment wall (Figure 20). In this case, the impact force
(500 to 850 kN) is much smaller than in the height e@ect 1
(4,064 kN). In addition, repetitive impact is less likely to

2,000 (1.39 TG)

436

TC Unit: mm

Figure 16: Overview of height e@ect 1.
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(a)

Behavior  

1.00 sec 1.07 sec 1.26 sec

No contact with Rail1st wheel

1st wheel
1st wheel

1st wheel

(b)

Figure 15: Derailment-collision behavior (distance e@ect 4). (a) Behavior 1. (b) Behavior 2.
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Figure 17: Derailment-collision behavior and impact force (height e@ect 1). (a) Derailment-collision behavior 1. (b) Derailment-collision behavior 2.
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Figure 18: Overview of height e@ect 2.
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occur between the rail and the wall compared with the height
e@ect 2. As shown in Figures 21 and 22, the collision be-
haviors due to di@erence of the contact area can vary
according to the derailment conditions, but the impact force
(500 to 850 kN) is smaller than both the height e@ect 2

(1,168 kN) and the distance e@ect 1 (160 to 1,500 kN). Also,
this case has an advantage in economical eIciency since
height of the wall is reduced but also has a disadvantage for
the diIculty of maintenance work for the inspection of
cracks on the TCL side.

0.39 sec 0.46 sec

2,500

2,000

1,500

1,000

500

0

Im
pa

ct
 fo

rc
e (

kN
)

1,168

0.0 0.5 1.0 1.5 2.0
Time (sec)

Figure 19: Derailment-collision behavior and impact force (height e@ect 2).
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Figure 20: Overview of height e@ect 3.
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< Impact force: 555~815 kN>
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Figure 21: Derailment-collision behavior and impact force (height e@ect 3).
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3.3. Alternative Method: Containment Wall within Track
Gauge. A concrete track with the containment e@ect of
a derailed train was modeled as shown in Figure 23 on the
basis of the HSL-Zuid Project [14] that applies concrete plinth
(500×170mm) that is a structure type within track gauge.*e
horizontal deviation of a derailed train can be contained
against derailment, both inside and outside of a bridge.

*e impact force applied to the containment wall
(or block) was computed for a range of about 100 to 250 kN
depending on the di@erence of the contact area between the
train and wall in accordance with collision conditions
(Figure 24), and the containment e@ect of a derailed train is
suIcient despite the jumping phenomenon. *is contain-
ment wall (or block) has an advantage in economic and
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Figure 22: Impact force according to the collision conditions. (a) Derailment-collision behavior 1. (b) Derailment-collision behavior 2. (c)
Derailment-collision behavior 3.
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durable eIciency due to reduction of impact force (about
93% at worst case) in comparison with the containment wall
(Figure 17), which is the outer side structure type of track.
However, in order to apply concrete plinth above the concrete
track, a new concrete track should be developed considering
the interface to the track, electricity, signal, etc.

3.4. Summary of Analysis Results. *is section summarizes
the results according to the parametric analysis to evaluate
the e@ects of the containment wall as shown in Table 5.

(1) Separation distance less than track gauge (D� less
than 1.0TG)

(a) Collision with the containment wall by small
inertia force

(b) Impact forces: 160–1,500 kN

(2) Uncertain separation distance more than track gauge
(D� 1.3–1.4TG)

(a) Collision with the containment wall by great
inertia force

(b) Impact forces: 600–4,000 kN

(3) Enough separation distance (D�more than 1.6TG)

(a) *e reduced force acts on the containment wall
after primary guidance by the running rail

(b) *e reasonable force level can be applied as the
horizontal design load of the containment wall

As results of the analysis on distance e@ects, we present
the optimum separation distance as follows: (1) separation
distance less than track gauge or (2) enough separation
distance.

(1) Height greater than the section of the axlebox
(hR�more than 440mm)

(a) *e whole area of the axlebox collides with the
containment wall

(b) *e containment e@ect of a derailed train is
excellent, but the magnitude of maximum im-
pact force is disadvantageous

(c) Impact forces: 1,000–4,100 kN

(2) Height less than section of the axlebox (hR� less than
100mm)

(a) *e wheel collides with the containment wall

(b) *e containment e@ect of a derailed train is
suIcient, and the magnitude of maximum im-
pact force is advantageous

(c) Impact forces: 500–850 kN

As results of the analysis on height and separation
distance e@ects, we present the optimum height and sepa-
ration distance as follows: (1) separation distance less than
track gauge and height less than the axlebox (wheel level) or
(2) enough separation distance and height less than the
axlebox (wheel level).

(1) Containment wall or block (wheel level) within track
gauge

(a) Collision with the containment wall by very small
inertia force

(b) Impact forces: 100–300 kN

As results of the analysis on the containment wall (or
block) within track gauge, we present the alternative
condition. *is condition has an advantage in economic
and durable eIciency due to reduction of impact force in
comparison with the outer side wall type.

4. Conclusions

In this paper, a collision simulation between the derailed
train and structure was carried out to evaluate impact
force and containment e@ect of the containment walls that
could be installed to minimize damage to the derailment,
and the economical alternative method to reduce the
impact force was proposed. *e following conclusions
were drawn:

(1) As the separation distance of the containment walls
is closer to the track center, the behavior range of
a derailed train narrows.*erefore, the lateral inertia
force decreases, thereby reducing the impact force on
the wall. However, the impact force of the con-
tainment wall may increase due to repetitive colli-
sions between the wall and the rail.

(2) *e containment e@ect could be assured at low walls
where the wheels of the derailed train can collide
with walls (not to cause the axlebox to collide with
the wall). In addition, this case has an advantage in
economical eIciency since height of the wall is
reduced but also has a disadvantage for the diIculty

170

500

TC Unit: mm

Figure 23: Overview of the containment wall (or block) within track gauge.
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of maintenance work for the inspection of cracks on
the track concrete layer side.

(3) *e containment wall (or block) within track gauge
has an advantage in economic and durable eI-
ciency due to reduction of lateral impact force in
comparison with the containment wall which is the
outer side structure type of track. Moreover, the

horizontal deviation of a derailed train can be
contained against derailment, both inside and
outside of a bridge.

(4) To ensure the containment e@ect (the derailed trains
are placed within intended containment area), the
derailment containment wall need to be robustly
constructed to resist the impact force due to the

500

400

300

200

100

0

Im
pa

ct
 fo

rc
e (

kN
)

243

0.0 0.5 1.0 1.5 2.0
Time (sec)

(a)

108

500

400

300

200

100

0

Im
pa

ct
 fo

rc
e (

kN
)

0.0 0.5 1.0 1.5 2.0
Time (sec)

(b)

165

500

400

300

200

100

0

Im
pa

ct
 fo

rc
e (

kN
)

0.0 0.5 1.0 1.5 2.0
Time (sec)

(c)

Figure 24: Derailment-collision behavior and impact force (alternative method). (a) Derailment-collision behavior 1. (b) Derailment-
collision behavior 2. (c) Derailment-collision behavior 3.
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possibility that the succeeding trailers of the derailed
train continuously collide to the wall.
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Architectural design concepts incorporating glass beams, panels, or generally load-carrying elements and sti-eners for buildings,
claddings, windows, and partitions are largely considered in modern high-rise constructions. A multitude of aspects, including
motivations related to transparency, aesthetics, illumination, and energy conservation, progressively increased the use and interest
for such a still rather innovative constructional material. However, compared to other traditional materials for buildings, standard
glass is typically characterized by brittle behaviour and limited tensile resistance. (e intrinsic properties of glass, moreover,
together with typically limited thickness-to-size ratios for glazing elements, or the mutual interaction of glass components with
adjacent constructional elements as a part of full assemblies they belong (i.e., $xing systems, sealants, etc.), as well as the
combination of mechanical and thermal phenomena, make glass structures highly vulnerable. Special safety design rules are
hence required, especially under extreme loading conditions. In this review paper, a state of the art on structural glass systems
exposed to $re is presented. Careful consideration is paid for actual design methods and general regulations, as well as for
existing research outcomes—both at the material and assembly levels—giving evidence of current challenges, issues, and
developments.

1. Introduction

Glass is largely used in buildings as a construction ma-
terial, to replace and/or interact with traditional struc-
tural elements composed of steel, aluminum, timber, and
concrete. Major applications of glass in buildings are
related to a multitude of aspects, including aesthetics,
lightening, transparency, and insulation motivations (see, e.g.,
Figures 1(a) and 1(b)).

Generally, glass is known to behave as a brittle material
with relatively high compressive resistance and limited
tensile strength, hence shattering into many dangerous
shards [1, 2]. Fail-safe design concepts, in this sense, are
mandatory, both under ordinary loads and extreme loading
conditions.

In this regard, several research studies have been
dedicated over the last years to the development and/or
assessment of speci$c design regulations and novel de-
sign concepts for structural glass systems, including
extended experimental and $nite element (FE) numerical

investigations related to connections, composite assem-
blies, and hybrid systems [3–6].

Special care has been spent also for the analysis and design
of glazing systems under extreme loads, such as explosive
events [7–9], seismic loads [10–13], natural hazards and cli-
matic loads [14, 15], $re [16, 17], and impacts [18–20].

Especially in the case of $re accidents, special enhanced
safety levels should in fact be ensured, to allow evacuation of
buildings (Figures 1(c) and 1(d)).

Multiple aspects are however combined in the overall $re
performance of a given structural glass system, such as the
typical brittle behaviour of material, the high sensitivity of its
mechanical properties to temperature, the high sensitivity of
$re performance to geometrical features, glass type, and the
mutual interactions between all the system components
(i.e., the structural glass assembly, including supports and
building components).

As a speci$c issue of glass systems, in addition, their $re
performance cannot be analytically derived but requires $re
testing estimations. Advanced FE modelling, in this regard,
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could represent a valid alternative to time- and cost-
consuming experiments. However, major issues for the
FE analysis of structural glass elements under $re derive
from the current lack of standardized guidelines and general
rules able to o-er reliable results [21], as well as of well-
established mechanical and thermal properties of materials
in use. In addition, FE literature e-orts related to the $re
performance of structural glass systems are very limited (see,
e.g., [22]).

In this paper, a review of experimental research on
structural glass systems under $re is proposed. Section 2 $rst
recalls a short overview of structural design concepts and
requirements. In Section 3, mechanical and thermal prop-
erties of standard glass under high temperatures are re-
ported, giving evidence of several literature source
outcomes, as well as relatively recent $re-resistant (FR) glass
solutions available on the market for special applications.
Careful consideration is paid, in particular, for material
properties representing key input parameters for structural
design purposes. Sections 4 and 5 $nally present a summary
of existing experimental research related to the $re per-
formance of glass to high temperatures, including material
properties (Section 4) and structural glass systems (Section
5), such as Coors and overheads, beams, facades and win-
dows, and glazing systems retro$tted via protective $lms.

2. General Design Rules and Concepts

2.1. StructuralGlass Systems underOrdinary Loads. Compared
to traditional materials in use of constructions, one of
the major factors a-ecting the design and veri$cation of

structural glass elements is represented by its intrinsic
features. Even without fault of the designer, a given struc-
tural glass element can in fact break unexpectedly, during its
service life [1]. Whatever the reason, the structural integrity
of the overall assembly it belongs must not be compromised.
According to the general design concept of EN 1990:2002
[23], both ultimate limit state (ULS) and service limit state
(SLS) should be properly veri$ed.

(e ULS resistance veri$cation is intended to ful$ll the
structural safety of a structural glass element [1, 2]. Such
a safety assessment is generally performed by limiting the
maximum principal stresses achieved under relevant load
combinations to do not exceed the design resistance of
glass. Multiple aspects can a-ect, however, the design value
of glass resistance (see, e.g., [1, 2]), being de$ned as
a function of glass type, loading (i.e., in-plane and out-of-
plane), loading time (i.e., instantaneous, permanent, etc.),
edge e-ects and treatments, glass surface treatments,
pro$le, etc. In Europe, following the recommendations of
[2, 24], several national codes adopted the same design
provisions (see, e.g., [25–27]). Di-erent approaches can be
found in US regulations, while further issues also derive
from a combination of e-ects due to multiple design ac-
tions (see, e.g., [28]).

(e SLS veri$cation is aimed at the limitation of de-
Cections. (e reference limit values for such deformations
mainly depend on the speci$c applications or support
conditions. As in the case of speci$cations for ULS design,
di-erent SLS limit deformation values can be found in
standards. A further design condition that should be
properly veri$ed (see, e.g., the CNR guidelines [29]) is then

(a) (b)

(c) (d)

Figure 1: (a)-(b) Typical structural glass applications in buildings and (c)-(d) examples of recent $re event scenarios.
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associated to the so-called collapse limit state (CLS). Given
a structural glass system to verify, in order to ensure ap-
propriate redundancy in the case of accidental cracking, the
residual CLS resistance and maximum deformations of the
partially damaged system are also required.

2.2. StructuralGlass Systemsunder FireLoading. Fire loading
represents, for glass systems as well as for constructions in
general, an extreme loading con$guration. As such, speci$c
provisions should be taken into account to ensure appro-
priate performance levels.

Given a glazing system exposed to $re, in accordance
with existing standards (see, e.g., the EN 13501-2 regulations
[30]), its $re performance is generally de$ned on the basis of
three classi$cations levels:

(a) integrity (classi$cation “E”): glass prevents Cames,
smoke, and hot gases from passing through. (e $re
remains contained;

(b) limiting radiation (“EW”): glass restricts the amount
of heat passing through it to the side which is to be
protected;

(c) thermal insulation (“EI”): the average temperature of
glass on the protected side remains below 140°C;
hence, the risk of self-combustion of exposed ma-
terials (due to either radiation or convection) can be
minimized, and buildings can be evacuated safely
and calmly.

(e above FR reference criteria can only be determined
on the basis of $re experiments, and typical FR rating classes
are associated to 30, 60, or 120 minutes of performance.
Relevant standards in use in Europe are, for example, the EN
1363-1 document [31], providing FR test requirements and
methods; EN 1364-1 [32], for non-load-bearing elements
and walls; and EN 1634 [33], for doors and shutters. Floors
and roofs should be indeed tested in accordance with EN
1365-2 regulations [34] and then classi$ed by following the
EN 13501-2 provisions.

In addition to EU provisions, the American Underwriters
Laboratory standard [35] includes a further requirement; that
is, a given FR glazing system should have the ability to
withstand the so-called “hose-stream test,” which assesses the
system ability to remain intact after a jet of water is blasted on
its surface, when exposed to $re [36].

Compared to other extreme loading conditions which
may occur over the lifetime of a given structural glazing
system, the main issue of FR glass systems arises from glass
response to temperature variations. Conventional glass for
application in buildings (Section 3), in fact, o-ers typically
limited resistance when exposed to $re and generally
shatters within minutes, giving evidence of the so-called
thermal breakage phenomena (Section 4). Heat treatment
can o-er slightly longer resistance, but this enhancement
could not be signi$cantly enough. Special glass types,
conventionally detected as “FR glasses” or “$re-rated
glasses,” are indeed available on the market for speci$c
applications (Section 3.3). On one side, besides the general
$re performance of standard glasses, past experimental

research proved that ordinary glass systems can also o-er
interesting $re performances (Section 5). However, pure
thermal e-ects combined with additional mechanical
loads acting on a given structural glass system to verify
should severely compromise its overall performance,
hence requiring experimental testing and detailed in-
vestigations at the material level as well as at the com-
ponent and assembly levels.

3. Glass in Constructions

3.1.ChemicalandPhysicalPropertiesatRoomTemperature. Most
of glass solutions in existing or novel buildings are re-
alized by using soda lime silica (SLS) glass. Special and
limited in number applications only, when a certi$ed level
of $re resistance and heat resistance is required, are in-
deed realized with borosilicate (BS) glass, since o-ering
better performance to temperature changes. BS glass
applications in buildings are indeed limited, compared to
huge SLS glass use for load-carrying elements, windows,
etc. Table 1 reports the main chemical and physical fea-
tures of SLS and BS glass types at room temperature.
(ere, nominal values are also provided for characteristic
resistances in tension and compression. As known, several
SLS glass types are in fact commercially available [1, 2],
with annealed (AN) Coat glass representing the reference
base material. (e strength of AN glass is typically limited,
compared to other constructional materials, with
a nominal characteristic value in tension up to 45MPa.
(e mechanical properties of AN glass can then be en-
hanced via thermal or chemical processes, leading to
strengthened (HS, with 70MPa the nominal tensile re-
sistance value) or fully tempered (FT, with 120MPa its
tensile resistance) glasses, respectively, with improved
tensile strength as well as bene$cial e-ects especially in
terms of the shape and size of shards, in the case of ac-
cidental failure, due to the initial state of residual stresses
resulting from strengthening processes. For the sake of
clarity, Table 1 mentions nominal values only of material
mechanical properties.

As far as the transition temperature Tg is not exceeded,
glass behaves linear elastically under the assigned design
loads. Given a combination of ordinary loads to verify, as
a result, the knowledge of elastic mechanical properties and
resistance values for SLS glass given in Table 1 allows then to
perform analytical or FE structural analyses.

Crack occurrence and propagation, however, may even
prematurely occur due to possible thermal stresses, hence
requiring a typical multidisciplinary approach for such
a constructional material. (ermal shocks, that is, cracking
due to temperature gradient between heated and unheated
glass regions, as well as due to relatively low thermal ex-
pansion coeMcient of glass, are in fact typically expected to
occur when the temperature gradient lies in the order of
40°C for AN glass, up to 100°C for HS glass, and 200–250°C
for FT glass [1]. A huge number of research studies have been
focused on thermal failure assessment of glazing windows,
taking care of simple glass panels, double glass units, and
point-$xed systems (Section 4).
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3.2. Laminated Safety Glass and Insulated Glass. Further
design issues and complexities arise as far as glass systems do
not consist of single panes but are assembled in composite
laminated sections and/or insulated glass units, as con-
ventionally in use for buildings.

Laminated glass (LG) represents, in general terms, the
combination of two or more glass plies together with foils
consisting in a certain interlayer type. LG has been $rst
developed for automotive applications, since early 1900, to
avoid injuries in case of accidents, and only in the last decades,
LG has been largely used in civil engineering applications for
structural purposes. As a general rule of the LG concept, the
resisting cross section is expected to respond as a composite
system to external loads, hence having enhanced mechanical
performances than single glass panes, both in the elastic stage
and in the postcracked phase. From a mechanical point of
view, the $rst implicit advantage of LG structural applications
is that multiple glass layers can be bonded together; hence, the
required level of resistance, sti-ness, and redundancy can be
obtained by using conventional glass thicknesses available on
the market. In addition, thanks to the presence of bonding
$lms, LG represents since decades the conventional safety
glass solution in buildings, since able to hold together glass
shards in case of failure, hence reducing possible risks for
people (Figures 2(a) and 2(b)).

Bonding $lms typically consist of polyvinyl butiral
(PVB) $lms, ionoplast foils (i.e., SentryGlas® (SG)), and
ethylene-vinyl acetate (EVA) compounds. As a common
aspect of such possible interlayers, besides their di-erent
constitutive laws, these $lms are generally characterized by
viscous behaviour; hence, they are generally sensitive to
temperature and load-time application, as also emphasized
by several research e-orts [37–39]. In addition, even at room
temperatures, interlayers in use for LG applications are
generally characterized by relatively low shear sti-ness,
compared to glass (Figure 2(c)). (e overall structural
performance of a given LG composite section is hence highly
dependent on the interlayer features, including durability
and resistance.

In terms of structural design of LG systems under
ordinary loads, various methods are available to account
for the e-ects of interlayer degradation over time and
temperature increase (see [1, 2] for a summary of existing
formulations). As a result, at the design stage, optimal
resistance and sti-ness behaviours for ULS and SLS are
generally ensured, as well as appropriate safety perfor-
mances for the CLS postcracked stage. Mostly, null con-
tribution, given the typical mechanical degradation of
interlayers for temperatures higher than 30°C (Figure 2(c)),
is however expected from interlayers under $re loading;
that is, the LG section is expected to behave fully uncou-
pled. (ere, speci$c design assumptions should be taken
into account, including the use of special intumescent
compounds (Section 3.3).

Multiple glass panes (monolithic and LG sections) can
then be assembled together to act as insulated glass units, both
double (i.e., single gas cavity interposed between glass panels)
or triple (i.e., double cavity). (ere, design calculations should
take into account the so-called load-sharing e,ects due to air or
gas in$ll in the cavities, that is, the mutual interaction between
glass panes once subjected to mechanical loads [1, 2]. Ordinary
climatic loads represent an additional design condition to
properly verify, due to possible variations in the cavity volume
and pressure. (ermal analyses of insulated glass systems are
hence required even under solar exposure only. All the
mentioned aspects and variables, consequently, further in-
crease the design complexity for glazing systems under $re.

3.3. Fire-Resistant Glazing. FR glazing represents a rela-
tively recent solution, known to provide excellent pro-
tection for lives and property in the event of $re, and hence
may be used as a barrier for $re separation or compart-
mentation (for a speci$ed duration), enabling occupants
to assemble in a relatively safe compartment and acting as
a part of an integrated “$re safety strategy” for the full
building it belongs. As a crucial aspect of such solutions,
FR glass systems require extreme attention in installation

Table 1: Chemical and physical properties of SLS and BS glass types (at room temperature), in accordance with [1].

Chemical properties Physical properties
SLS BS SLS BS

Silica sand SiO2 69–74 70–87 Density ρ (kg/m3) 2500 2200–2500

Mechanical

Lime (calcium
oxide) CaO 5–14 — Young’s modulus (MOE) E (GPa) 70 60–70

Soda Na2O 10–16 0–8 Poisson’s ratio ] 0.23 0.2
Boron oxide B2O3 — 7–15 Tensile resistance σkt (MPa)a 45–120 45–120
Potassium oxide K2O — 0–8 Compressive resistance σkc (MPa)b 1000 1000

Magnesia MgO 0–6 — CoeMcient of thermal
expansion

αT (10−6C−1)
(T<Tg)

9 3.1–6.0 (class1to3)

(ermal
Alumina Al2O3 0–3 0–8 Speci$c heat capacity cp (Jkg−1C−1) 720 800
Others — 0–5 0–8 (ermal conductivity λ (Wm−1C−1) 1 1

Emissivity (corrected value) ε 0.837 0.837
Transition temperature Tg (°C) 530 530
Maximum thermal stress σT (MPa)a 40–250 40–250

aDepending on the treatment of glass; btheoretical value, in accordance with [29].
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detailing. In addition, all the FR components, such as the
glazing seals, beads, $xings, and frame, must be com-
patible and work together to achieve the required per-
formance [36].

FR glazing, due also to relatively high costs, actually $nds
limited applications in buildings, especially where protected
escapes must be ensured in the case of $re accidents. In

accordance with a study carried out by Yang et al. [40], for
example, FR glazing was representing in 2011 less than 5%
the overall China glazing applications. Major limitations in
the use of FR glass derive also from current need for ad-
ditional research e-orts and investigation on its actual $re
performance (Section 4).

In accordance with design guidelines such as [36], FR
glazing solutions actually available on the market can include
(i) LG composites, obtained by bonding together di-erent
glass types (e.g., SLS glass panes with enhanced and FR glass
types) with special $re interlayers (i.e., intumescent $lms); (ii)
wired glass; (iii) ceramic glass; (iv) resin laminated glass; (v) gel
laminated glass; and (vi) thermally toughened alkaline earth
silicate safety glass (Figure 3).Multiple glass layers according to
(i)–(vi) example types can then be combined in insulated FR
glazing units. Within the given list of (i)–(vi) solutions, wired
glass elements do not o-er enhanced $re resistance compared
to ordinary glass and typically crack early due to thermal
stresses. FR performance is indeed ensured by their integral
wire mesh, able to hold together and in place cracked glass
pieces.

Generally speaking, for structural design purposes and
mechanical calculations, a given FR system can be conven-
tionally treated as a standard, non-FR glass element (Sections
2.1, 3.1, and 3.2), with the di-erence of enhanced performance
under $re exposure. In general terms, FR glasses are in fact
considered as e-ective passive $re protection (PFP) tools for
buildings, with speci$c applications like glazed internal and
external $re doors (vision panels); interior partitions and
compartments; roofs, Coors, and ceilings; façade panels; escape
and access corridor walls; and stairways, lobbies, and enclo-
sures (to protect shafts). Juxtaposed with PFP tools, active $re
protection (AFP) systems can provide further e-ort in com-
bination with PFP systems but require a certain motion and
response to combat $re. Typical AFP tools can be either
automatic (i.e., water sprinklers, $re alarms, hypoxic air
suppression systems, etc.) or manual (i.e., emergency evacu-
ation, $re extinguishers, $re$ghters, water hoses, etc.). Fire
design and optimization of such systems, however, is generally
complex and requires speci$c competences. Combined PFP
and AFP systems, moreover, are generally expected to provide
enhanced bene$ts but could also lead to worst performances.
So far, several research studies [41–45] highlighted, for ex-
ample, that water $lms and sprinklers can provide high $re
performance also to non-$re-rated, standard glass systems, as
well as that FR glass curtains withwater $lms can o-er high $re
performance, but limited heat resistance, or that the AFP
systems can anticipate thermal shock failure in glazing win-
dows and enclosures, leading them to premature collapse.

4. Existing Experimental Research on Glass
Properties under High Temperatures

(e performance of glass under high temperatures under
heating and $re loading attracted the attention of several
experimental research studies, since 1950s, due to the huge
use of glazing panels in windows and fenestrations. Most of
those investigations are related to thermal shock e-ects in

(a)

(b)

103

102

101

100
−10 0 10 20 30 40 50 60 70 80

Temperature, T (°C)

Yo
un

g’s
 m

od
ul

us
, E

′ (
M

Pa
)

SentryGlas® plus

PVB

(c)

Figure 2: Laminated glass: (a)-(b) examples of fractured LG panels
and (c) variation of shear modulus for common LG interlayers
(PVB and SG degradation with temperature [37]).
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SLS glass, as well as to its thermal characterization in general,
including variations of modulus of elasticity (MOE) and
resistance with high temperatures, while only limited ex-
perimental studies are currently available for composite glass
systems and assemblies under $re or combined $re and
mechanical loads (Section 5). Sections 4.1 and 4.2, in this
regard, present a summary of major research outcomes at
the material level, giving evidence of some key inCuencing
parameters that should be properly accounted for the as-
sessment of the $re response of structural glass systems.

4.1. Glass Transition Temperature. As a conventional nom-
inal value for glass transition temperature, design standards
suggest a conventional value Tg� 530°C (Table 1). Based on
experiments carried out over last decades on SLS glass,
however, standard AN glass gave evidence of high variations

in Tg, with measured transition temperatures in the order of
550°C, 283°C, and 400°C [46, 47].

Rouxel and Sangleboeuf [48] measured on SLS glass
specimens Tg values comprised between 450°C and 600°C,
giving evidence of the thermal performance of arti$cially
cracked specimens, including bending tests at high tem-
peratures to monitor the MOE variations.

Due to the intrinsic properties of SLS glass, it is in fact
known that, as far as the service temperature increases up toTg,
its response becomes progressively time dependent, with rapid
increase of permanent deformations. Standard AN glass, based
on [42–44], proved to o-er a typical brittle-to-ductile (BTD)
transition at high temperatures, with toughness enhancement
compared to other glass types. (e same BTD behaviour,
however, was also observed to strongly depend on the imposed
strain rate, with BTD and transition temperature increase with
strain rate increase [48].

(a) (b) (c)

Expanded
intumescent
layer

Cracked
glass pane

(d)

Figure 3: FR glass: (a) examples of application in a public building, (b) wired glass, (c) double LG with intumescent layer, and (d) working
principle of a triple LG with intumescent interlayers (schematic cross section).
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4.2. Glass 2ermomechanical Properties and Temperature
E,ects. (e elastic properties of standard glass at elevated
temperatures have been extensively assessed by Rouxel [47], by
accounting for experimental data available in the literature
after 1950s, giving evidence of SLS glass’ MOE sensitivity to
temperature, as compared with other glass types (see Figure 4,
with SLS Coat glass labeled as “window glass”). Rather linear
dependency and limited decrease can be observed for MOE
values of SLS glass, as far as T does not exceed Tg, while
a subsequent abrupt loss of sti-ness is shown.

Earlier experiments were also carried out both on SLS
and BS glass components by Kerper and Scuderi [49], with
careful attention for specimens including (i) chemically
strengthened SLS glass, (ii) thermally fully tempered SLS
glass, and (iii) thermally semitempered BS glass. (rough
the experimental study, glass laths with dimensions of
254× 38.1mm (6.35mm in thickness) and 152.4× 25.4mm
(2.54mm in thickness) were considered. Given the (i)–(iii)
specimen types and a reference temperature (0–560°C the
tested range), almost stable MOE values were experi-
mentally derived, even after sequential heating and cooling
cycles. MOE values were generally found to be completely
relaxed for temperatures higher than 400°C.

Close correlation can be observed with MOE variations
in standard AN glass specimens, as derived from di-erent
literature sources (see Figure 5, where test results from Shen
et al. [50] on monolithic SLS samples (75.43×14.80mm the

size, with 3.26mm the nominal thickness) are also reported).
(e same Figure 5, $nally, gives evidence of the typically
increasing MOE values for BS specimens, as a function of
increasing temperatures.

Worth of interest for structural design purposes is that
Kerper and Scuderi [49] also assessed the resistance variations
in SLS glass at high temperatures. In particular, no resistance
losses were reported for temperatures up to 375°C (less than
5% losses, compared to room temperature), for thermally fully
tempered SLS specimens. Substantial decrease of resistance
was recorded only for temperatures higher than 500°C ($re
exposure for several hours) and 550°C (15 minutes of $re
exposure). Chemically strengthened SLS glass showed indeed
a pronounced resistance degradation with the temperature
increase, up to 5% loss at 204°C (500 hours of $re exposure),
5.8% at 260°C (500 hours), and 100% at 600°C (6 hours).

Following [49], a huge number of experimental studies
related to SLS glass performance have been focused on
thermal breakage assessment, being representative of the
major cause of glass cracking for windows. (e issue of
glass thermal cracking and fallout has been $rst raised in
1980s by Emmons [51] and other researchers [52, 53], while
in the last decades, an increasing number of experiments
have been carried out on small-scale specimens, single glass
panes, or double glass panes variably supported, under the
e-ect of $re or heat radiation (see, e.g., [54–60]). Numerical
investigations were, for example, proposed in [61–63],

Figure 4: MOE variation in SLS glass and other glass types, as a function of temperature, as reported in [47].
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giving evidence of edge and boundary condition e-ects on the
thermal response and breakage of standardwindow glass panes.
Malou et al. [64] carried out thermal resistance experiments on
3mm thick, SLS, AN glass specimens (15× 50mm their
nominal size). A rather constant value was recorded for the
tensile strength of glass, up to a temperature increase of 270°C
(Figure 6(a)). Higher temperatures were indeed associated to
a sharp decrease in themeasured resistance (more than 50% the
reference value at room temperature), giving evidence of
thermal shock e-ects and damage propagation in glass speci-
mens, as well as of generally limited performances of AN glass.
A rather smoothMOEdecrease was also observed (Figure 6(a)).

Later on, Xie et al. [65] experimentally investigated the
tensile resistance of SLS, AN glass specimens at high tem-
peratures. Quasi-static tensile tests were carried out on small
specimens, with thickness comprised between 4mm and
12mm (2mm the di-erence between each set of specimens).
Test repetitions on specimens with the same geometrical
properties were carried out at 25°C and 200°C, where the critical
breakage resistance was derived as the $rst cracking occurrence.
In Figure 6(b), evidence of such test results (average values, with
minimum and maximum values for each series) is provided. In
accordance with [65], a negligible decrease of resistance was
noticed for specimens exposed to 200°C, compared to room
temperature results, while higher sensitivity was observed es-
pecially to glass thickness (Figure 6(b)).

Worth of notice that, as far as di-erent literature ref-
erences are examined (see, e.g., [66]), even counterposed
experimental $ndings can be derived, giving evidence of
a typically high scatter and sensitivity of glass thermal re-
sistance to elevated temperatures, hence suggesting further
testing and investigations at the material level.

Moving from the material to the assembly level, such
a need of further experimental assessment and investigation
can be further perceived.

Experiments related to the thermal breakage of speci$c
glazing systems under $re loading have been in fact carried out

only recently, that is, for double glazing units [58] or point-
$xed glazing panes belonging to curtain walls [60]. In the case
of point-$xed panes, for example, a high sensitivity of thermal
breakage (i.e., time of failure and crack pattern) was typically
observed, based on the position of point connectors (see an
example in Figure 7).(e actual performance of such a kind of
specimens—as expected from the examined boundary con-
$guration—proved to be strictly related to combined
thermal exposure e-ects as well as to mechanical loading
(i.e., self-weight of point-$xed panels, leading to additional
stress peaks close to the holes), hence requiring a detailed
investigation of both combined aspects.

In this regard, Chen et al. [17] studied the thermal
breakage performance of standard AN windows, under the
e-ects of combined thermal loads and wind pressures. Steel
frame-supported, monolithic 0.6× 0.6m panels (6mm their
thickness) were subjected to a reference $re loading and
various levels of wind pressures (up to 11m/s the wind ve-
locity on glass surface). Glass cracking, in some case, occurred
together with fallout of samples from the supporting frame.
Test results (15 specimens in total), however, generally proved
that the $rst cracking timemarkedly decreases with increasing
the imposed wind pressure; that is, mechanical loads (wind, in
this speci$c case) can highly accelerate the failure of thermally
loaded glass systems. As a result, detailed investigations in-
clusive of combined thermal and mechanical loads well
representative of the actual loading and boundary con$gu-
rations for the examined structural glazing system should be
generally carried out.

In the case of LG systems, for example, the thermal per-
formance of interlayers of common use should be properly
taken into account. In this regard, Debuyser et al. [16] in-
vestigated the behaviour of monolithic and triple-layer LG
specimens composed of standard AN glass, under the e-ects of
radiant heating. Nominal thicknesses of glass panes of 6mm,
10mm, and 15mm were taken into account, being bonded
together in LG sections by PVB or SG layers (0.76mm or
1.52mm the thickness of interlayer foils). Low-E coated,
monolithic specimens were also included in the set of exper-
iments. Both radiant and transmittance tests were carried
out, giving evidence—in accordance with earlier research
e-orts—of the relatively limited resistance and low thermal
performance of AN glass specimens, due to the premature
occurrence of thermal cracks as well as due to the poor thermal
reaction of bonding interlayers (in the case of LG specimens).
Critical design issues were also emphasized, by taking advan-
tage of a 1D model able to capture the actual thermal response
of the tested specimens. (ermal properties of PVB and SG
foils, up to 340°C, were also reported (Figure 8). Test results
collected in [16]—even limited to maximum temperatures of
340°C—generally showed a close correlation with past literature
references for SLS glass [67, 68] (Figure 8). Worth of interest is
also the thermal characterization of PVB and SG foils.

5. Existing Experimental Research on Glass
Systems and Assemblies

Although the relatively large number of experimental
studies focused on the thermal performance of glass as

85

80

75

70

65

60

55

50

E 
(G

Pa
)

0 100 200 300 400 500 600 700 800
T (ºC)

BS (Kerper and Scuderi [49])

1st heating

2nd heating

1st cooling

SLS (AN glass)

Rouxel [47]

Kerper and Scuderi [49]

Shen et al. [50]

Figure 5: MOE variation as a function of temperature, for SLS
annealed and BS glass types.
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a constructional material, limited literature e-orts are still
available on the $re performance of full glass systems and
assemblies (see a selection in Table 2).

5.1. Glass Walls, Facades, Enclosures, and Windows. Glazing
enclosures and walls attracted the attention of researchers
especially during the last years, to assess the $re performance
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Figure 6: (ermal characterization of SLS glass. (a) Variation of MOE and resistance, under thermal shock [64], and (b) dependency of
thermal shock resistance to glass thickness (in gray italic, the number of tests for each thickness), in accordance with [65].

(a) (b) (c)

Figure 7: Fracture of point-$xed glass panels, in accordance with [60]. (a) Connector detail; (b) experimentally observed crack opening
(front view); and (c) corresponding schematic representation.

Advances in Civil Engineering 9



of novel FR solutions in place of standard glass. In doing so,
the actual boundary and loading con$gurations were
properly taken into account in de$ning the test setup and
methods, so as to reproduce the testing conditions of full-
scale specimens as a part of full buildings and complex
systems.

Glass enclosures designed for an extension ofWashington
Dulles International Airport (automated train system for
passengers) were tested under $re conditions in 2007, as
reported by Mejicovsky [69] (Figure 9(a)). Glass panels with
3.8× 3.6m high dimensions and supported by interior steel
frames (4.7m the average bay width) were investigated.
Special details were de$ned (even using standard, non-$re-
rated materials), so as to o-er appropriate redundancy to the
glazing system, even in the case of an accidental event. To this
aim, a special mock-upwas also designed, so as to simulate the
actual $re-loading condition for the glazing enclosure.

Glass elements for overheads and walls were designed in
the form of LG sections, composed of two 10mm thick FT
glass panes bonded by a 1.52mm thick PVB interlayer.
Glazing joints were then realized by means of silicone rubber
setting blocks and structural silicone sealant joints (Dow
Corning 995™ type), while the glazing channel and edge
trims consisted of minimum 3mm thick stainless steel. (e
$re test was stopped after 35 minutes of exposure, with
temperatures in glass over 250°C (up to 400°C in the last
5 tests of the experiment). Postexamination of the glazing
system revealed no cracking or dislodgement of compo-
nents, but localized melting and o--gassing of the PVB
interlayer was observed, in the form of small bubbles and/or
partial delamination (see details of Figure 9(a)).

A full-scale standard $re test according to EN 1363-1
and EN 1364-1 was reported by Machalická et al. [70] for
a glass wall supported by an aluminum frame. (e wall
(3.475 × 4.57m the overall size) consisted of three special
FR, LG panels, gel-$lled type (1.4× 4.5m the size of the
central LG panel, 1 ×4.5m for the lateral panels). Small
gaps between adjacent glass panes were $lled by means of
special FR tapes and sealants. Collapse of the glass wall
occurred after 49 minutes of $re exposure, with maximum
temperatures in the order of 150°C (Figure 9(b)).

Both double LG panels composed of special tempered
glass, gel-$lled type (SAFTI SuperLite II-XL™ type, with
19.05mm the total thickness), and monolithic glass panels
(6.35mm the thickness) were assembled together to obtain
the glazing wall tested in [71]. Such a glass wall (two glass
panels for each cross-section type) was frame-supported and
had overall dimensions of 2.42× 2.42m. Fire experiments
gave evidence of limited $re performances of simple glass
panels, compared to FR components. Monolithic glass panes
in fact were characterized by premature fallout from the
supporting frame (i.e., 3 minutes after ignition, with 0.8
seconds elapsing between the occurrence of $rst cracks in glass
and the $nal fallout of monolithic panes (Figure 10(a))).
Double LG panels, in contrary, remained intact up to test
conclusion (>30 minutes), without visible cracks or failure
mechanisms close to connections with the framing system.

(is is not the case of experimental studies carried out
by Yang et al. [40] that tested monolithic, FR glass panels
under standard $re curves. (e experimental study gave in
fact evidence of major issues deriving from framing sys-
tems and related connections. Even the FR glass panels
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proved to o-er high performances under $re loading; in
particular, loss of integrity was observed to have origin in
the glass-to-metal frame connection detailing (Figures
10(b) and 10(c)). Further $re experiments and numerical
investigations on glass facade systems can also be found in
[78–82], with evidence of the performance of speci$c glass
system typologies, including cable-net systems and inclined
facades.

5.2. Retro5tting and Enhancement of Standard Glass
Windows. Several types of protective $lms able to improve
the $re performance of existing and novel standard windows
are available on the market. Although these coatings do not
a-ect the room temperature elastic sti-ness and resistance of
a given glass pane to retro$t, the same $lms can be bene$cial
in delaying high-temperature e-ects, hence resulting in
increased FR performance.

Table 2: Summary of selected experimental research studies on structural glass systems under $re.

Reference and year of
publication Test typology/setup Specimen

size/loading Glass type Additional FR tools

Walls, facades, and
enclosures

Mejicovsky (2007) [69]
Frame supported, double LG

(special setup for heat
transmission)

F/T SLS (FT) —

Machalickáetal. (2016)
[70] Frame supported, double LG F/T FR Gel-$lling layer

Manzello et al. (2007)
[71]

Frame supported, double LG
+monolithic (furnace) F/T FR Gel-$lling layer

Yang et al. (2011) [40] Frame supported, monolithic F/T FR —

Window retro$t

Koudijs and Csoke
(2013) [72] Double glazing unit F/T SLS (AN, HS) Low-E coating

Misawa et al. (2013)
[73] Double glazing unit F/T SLS (AN) Low-E coating

+ refractory $lm

Floors and
overheads

Siebert and Maniatis
(2008) [74] LG, frame supported F/n.a. n.a. n.a.

Davis (2013) [75] LG, frame supported F/M SLS (FT) bonded
to FR glass

Liquid laminating
$lm

Beams

Veer et al. (2001) [22]
4 point-bending;monolithic, triple
LG, insulated + segmented beams

(glass Came, bespoke setup)
S/M SLS (AN) Intumescent

protective coating

Bokel et al. (2003) [76] 4 point-bending; triple LG (glass
Came, bespoke setup) S/M SLS (AN), FRglass Epoxy interlayers

Louter and
Nussbaumer(2016)

[77]
4 point-bending; triple LG F/M SLS (AN, HS, FT) —

S� small scale; F� full scale; M�mechanical loading; T�only thermal load; n.a.�not available.

Delamination

(a)

Panel 1 Panel 2

(b)

Figure 9: Glass enclosures under $re. (a) Evidence of partial delamination, as reported in [60] and (b) full-scale glazing wall tested in [70].
In evidence, it is possible to notice the loss of wall integrity and initiation of gel melting, after 49 minutes of $re exposure.
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Koudijs and Csoke [72] $rst gave experimental evi-
dence of the high potential of protective $lms for tradi-
tional glass systems, with careful consideration for the
improved $re performance of windows composed of SLS
glass, by taking into account a case study building in
Rotterdam (NL) (Figure 11(a)). Low-E coatings were in-
terposed within traditional double glazed units, by
assessing the e-ects of their position (i.e., interior cavity
face, etc.) under $re loading. (e integrity of window
samples was ensured for 27 minutes in the case of AN glass
but increased up to 60 minutes in presence of HS glass
panels, hence giving evidence of the potential $re per-
formances of traditional insulating systems inclusive of
special coatings.

Misawa et al. [73] also tested the eMcacy of special re-
fractory $lms, basically intended for application on the in-
terior side of existing standard windows.(e typical specimen
consisted in a double glazed unit, Low-E coated, with 1×1m
the reference size. (ere, a novel refractory $lm was attached
to the interior face of the glazed unit (i.e., on the glass surface
expected to be exposed to $re). (e refractory $lm consisted
of (i) an external polyEthylene terephthalate (PET) $lm
bonded to (ii) an ultraviolet protection layer and (iii) a silicate
soda-based material layer (1mm its thickness) (Figure 11(b)).
12 tests were carried out in total, including variations in AN
glass supplier, thickness (8mm or 12mm), and specimen size
(30× 30 cm, 100×100 cm, and 94× 94 cm) as well as Low-E
$lm surface of application and comparisons with clear

(a) (b) (c)

Figure 10: Failure mechanism in FR glass systems, as observed by (a) Manzello et al. [71], with evidence of fallout, and (b)-(c) by Yang et al.
[40] on FR monolithic panes.

(a)

Glass 2

PET layer

UV protection layer

Silicate
soda-based material

Low-E �lm

Glass 1

Cavity

Double glazing
Refractory �lm

(b)

Figure 11: Experiments on coated glazing windows, as reported in (a) [72] and (b) [73], schematic cross-sectional view.
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uncoated specimens. All the experiments proved the high
eMciency of refractory $lms, allowing Low-E double glazing
units to achieve minimum 20 or 30 minutes of $re perfor-
mance, as required for FR windows.

Although the mentioned research studies generally
proved the potential and eMciency of such special coatings to
enhance the FR of glazing systems, several aspects should be
still assessed. Wu et al. [83], for example, experimentally
investigated the high-temperature performance and thermal
degradation of protective layers of common use for glass
applications, giving evidence of gas emissions when exposed
to $re.

5.3. Glass Floors and Overheads. Siebert and Maniatis [74]
reported on $re tests carried out on glazing Coors belonging
to the subway station “Olympiapark Nord” in Munich
(Germany). In the ceiling tunnel, overhead glazing accessible
to person steps was made accessible by means of several
openings (5× 3.5m the size). FR requirements were taken
into account, as a possible con$guration deriving from ac-
cidents (i.e., trains burning in the tunnel). Special multilay-
ered safety LG panels were designed and tested under $re, in
order to ensure appropriate safety levels (Figure 12). No test
results and $re-performance-related data are available in the
literature, however.

Similar $re experiments are summarized also in [75],
referring to the glazing Coor panels designed, in 2011, to be
installed at a height of 130m in the historic Blackpool Tower
(UK), as a part of an ongoing refurbishment project. A full-

scale $re test was carried out (Figure 13), with 4.42× 3.8m the
overall size of the Cooring system.(emild steel-treated frame
and related gaskets were also included within the test setup, so
as to assess the $re performance of the full glazing system
under its actual restraint con$guration.

Aiming to ensure appropriate structural integrity as
well as overall performances in the case of $re accidents,
the typical glass panel (3 ×1.1 m the maximum size)
consisted of a LG section, three 10mm thick, FT glass
layers, bonded together to a 23mm Pilkington Pyrostop™,
by using a special liquid composite bonding (Koediguard™
type). Steel-framing elements were also preliminary
treated with intumescent coatings, mineral wool, and $re
check boards. Additional expansion joints were $nally
included in the setup, in order to prevent buckling in the
supporting frame members. (e $re experiment was
carried out in accordance with EN regulations, assigning
to the Cooring system a standard $re curve and a simul-
taneous mechanical load, being representative of crowd
(5 kN/m2, distributed uniform pressure or 4.5 kN point
load (50 × 50mm foot print), resp.).

(e $re performance exceeded 60 minutes of integrity
(test stopped after 68 minutes), with maximum recorded
temperatures of 67.6°C and no evidence of debonding
or failure. Compared to $re insulation requirements
(EN 1363-1), where temperature rise should not exceed
140°C (Section 2), a tolerance of > 120°C was hence ensured
(12°C the ambient temperature during the test). Posttest
deCection of 16.5mm was measured (with 1/175 the roof
span deCection limit value provided by standards).

(a) (b)

Figure 12: Fire tests on glazing Coor, as reported in [74]. (a) Initial state and (b) failure pattern (detail).

(a) (b)

Figure 13: Fire tests on glazing Coor, as reported in [75]. (a) Setup overview and (b) detail of the ongoing $re test.
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5.4. Glass Beams. Limited experimental literature back-
ground can be found for structural glass elements under $re
loading, due to the relatively recent demand of vulnerability
assessment and protection for these systems.

Veer et al. reported in [22] on a set of bending test
comparative results, experimentally obtained from monolithic
and LG beams under $re, to assess the e-ects of intumescent
coatings.(e $re loading was imposed in the form of a constant
Came at 650°C, with a $xed distance from the beams’ lateral
surface (Figure 14). Various beam geometries (40mm× 400mm
the overall size) were tested, including specimens with di-erent
thickness and standard SLS glass types, such as

(a) 6mm thick, AN glass;
(b) 6mm thick, chemically toughened glass (120MPa

the initial stress);

(c) 3mm thick, chemically toughened glass, laminated
with 1mm polycarbonate (PC) foil (3 glass layers + 2
PC $lms);

(d) 3mm thick, segmented, chemically toughened glass,
laminated with 1mm PC foil (3 glass layers + 2 PC
$lms). Compared to C, glass layers were bonded to
PC foils in an overlapping pattern;

(e) An LG beam (as in the case of C andD type specimens),
including insulating cavities on the external sides.

All the (a)–(e) con$gurations were tested both without
and after the application of intumescent coating (FlameGuard
HCA-TR™ paint type).

A conventional four-point bending test setup was used for
these beams. Experiments with no external mechanical loading
as well as with additional weights (with up to 24MPa the
corresponding midspan bending stress) were carried out on
monolithic AN specimens (type A) (Table 3).

(e overall experimental investigation gave evidence of
some important aspects, as, for example, the potential safety
level of structural glass beams under $re.

However, critical aspects were also emphasized for the
same specimens, like, for example, in the case of segmented
beams (type D, see Figure 14(c)). Some preliminary FE
simulations were also reported in [22], giving evidence of
the temperature distribution and related stress e-ects for
the examined beams. Worth of interest is in fact that such
preliminary FE models gave evidence of temperature peaks
in the adhesive layers providing structural bonding be-
tween the glass segments, hence emphasizing the crucial
role of detailing.

Bokel et al. [76] later explored similar glass beam spec-
imens, by taking into account the same overall geometrical
features and test setup presented in [22].(e novel aspect was
represented by testing LG beams composed of special FR glass
(i.e., Pyroguard™ type as well as LG beams composed of 3 SLS
glass layers, with epoxy $lms acting as interlayers for all the
specimens). As a general outcome of the experimental in-
vestigation, epoxy layers were found to start charring after few
seconds only, with limited $re performance of the beam
specimens. An almost comparable behaviour was observed
for all the beams, both composed of special Pyroguard layers
or not, hence giving evidence (besides the limited number of
tests) of the need for further extended investigations.

Louter and Nussbaumer [77] performed full-scale ex-
perimental tests on LG beams composed of standard glass
layers. Di-ering from [18], a standard $re curve was con-
sidered for loading onto the oven, in accordance with EN
regulations (Section 2). (rough the experimental study, 3
full-scale beams were investigated. Given the same overall
dimension of beams (1m× 0.1m), variations were accounted
in terms of glass type (AN, HS, and FT, resp.). (e reference
cross section consisted of 3 SLS layers, 10mm in thickness,
bonded together by SG foils (1.52mm in thickness).

A four-point bending test setup was considered, with
end supports protected from $re exposure, and the $re
loading was assigned together with a simultaneous, constant

Specimen

Bracing

Supports Flame

(a)

Laminated section

Insulated
glass unit

(b)

(c)
Figure 14: Summary of $re experiments carried out in [22].
(a) Four-point bending setup (in evidence, the foam layer provided
by intumescent paint (specimens A)), (b) cross-section features of
specimens E, and (c) buckling of segmented beams (type D).
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mechanical load taking the form of 115 kg at the midspan
section. Given the limited stress e-ect due to the assigned
mechanical load (with maximum tensile stresses in the order
of 5MPa at beams’ midspan), the specimens proved to o-er
a rather stable behaviour under $re, for >40, >45, and >50
minutes in the case of AN, HS, and FT beams, respectively, up
to collapse (Figure 15). As a general observation from such
a kind of tests, the interlayer foils started melting and leaking
o- from their position after fewminutes of $re exposure only;
hence, the SLS glass panes behaved as almost fully uncoupled
layers. On the other hand, protecting the beam ends from $re
allowed to avoid premature collapse mechanisms.

6. Summary and Conclusions

In this paper, a state of art on structural glass systems
under $re loading was presented, with careful consider-
ation for current design methods and issues as well as

experimental research e-orts. Besides the continuously
increasing use of glass in buildings as a constructional
material able to interact with and/or replace materials of
traditional use, the actual behaviour of structural glass
assemblies, in general, currently requires further in-
vestigations, as well as the application of speci$c fail-safe
design rules. (is is the case of glazing systems under
ordinary loads, but especially of extreme loading condi-
tions, as, for example, $re accidents.

As shown, the intrinsic features of glass and its in-
teraction with other components (i.e., framing systems,
boundary details, etc.) make glazing systems highly vul-
nerable to temperature variations, as well as combined ef-
fects of thermal and mechanical loads, hence requiring
multidisciplinary approaches in their design. In doing so,
appropriate structural safety levels should be in fact ensured
in combination with multiple aspects, such as transparency,
aesthetics, and lightening requirements.

At the material level, in particular, a wide set of experi-
mental research can be found in the literature, aiming to
assess major e-ects of high temperatures on MOE, tensile
resistance, and thermal cracking of standard glass. Most of
these experimental outcomes are in rather close agreement as
far as the MOE variation with temperature is considered. But
when di-erent literature sources are accounted, however, test
results can also give evidence of high scatter in the observed
trends, as, for example, in the case of glass thermal resistance
(Section 4). In addition, while most of glass applications in
building consist of laminated or insulated glass systems, few
experimental studies only are actually available to characterize
the thermal e-ects in interlayer foils at high temperature.

As far as the attention moves from the material to the
system and assembly levels, a relatively wide set of experi-
mental investigations can also be found in the literature, with
careful consideration for the $re performance of various

Table 3: Summary of bending test results reported in [22].

Specimen Paint Failure time (min) Failure mode Tmax (°C) Notes

A
No >30 I 250 —
No∗ 2.4 BR 250 —
Yes 19 BR 250 Bene$cial e-ect of intumescent paint

B No >40 I 300 —
Yes >40 I 300 —

C
No >30 PC evaporation n.a. Central 10 cm evaporated; no delamination at the

beam ends

Yes >30 PC evaporation n.a. Central 7 cm evaporated; no delamination at the beam
ends; bene$cial e-ect of intumescent paint

D
No 1.45 C n.a.

Premature failure of the adhesive layer between glass
segments, with subsequent delamination,
dislodgement of segments, and buckling

Yes 4.1 C n.a. Bene$cial e-ect of intumescent paint, but similar
failure mechanism

E

No >30 PC melting n.a. Signi$cant thermal damage; central 7 cm PC melted
(visible after 5min)

Yes >39 PC melting n.a.
Bene$cial e-ect of intumescent paint, even with

signi$cant thermal damage; central 7 cm PC melted
(visible after 10min)

∗Mechanical load included; I� integer beam; BR� broken; C� cohesive failure between glass segments and PC foils; Tmax�maximum temperature
monitored on the beam backside, at the end of the experiment; n.a.�not available.

Fire-protected
beam supports

Figure 15: LG glass beams tested by Louter and Nussbaumer [77].
Typical failure con$guration.
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typologies of glass systems inclusive of amultitude of boundary
con$gurations, $re exposure patterns, and glass types
(standard and/or FR glass). As a common aspect of such
experimental investigations (Section 5), connection details
and restraints generally proved to have a key role in the
overall observed responses, both for frame-supported and
point-supported systems. Generally speaking, glass en-
closures, walls, and beams proved—inmost of the cases—to
o-er rather stable performances under $re loading, even
composed of standard glass only, but requiring further
extensive testing and assessment with special care for
supporting details.

Finally, literature e-orts have been spent in the last years
also to assess the potential and eMcacy of special coatings
and $lms for the retro$tting and protection of existing glass
windows and systems in general. In accordance with earlier
observations, such solutions generally gave evidence of
major bene$ts for uncoated glass specimens, but careful
consideration should be still spent to properly optimize their
potential.
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Congestion is the major cause of crowd stampede-trampling and crushing incidents. To alleviate the phenomenon of congestion
in the process of evacuation, theory of split-flow wall is put forward to optimize the evacuation and the principle of it is analyzed.
Based on the occupant evacuation software of buildingEXODUS, the set parameters of the split-flow wall are studied, and we find
that the best range of shunt wall length is 1.5–2 times the export width and the best position of the split-flow wall is 0.5 to 0.75 times
the export width far from the exit. Shunt wall can effectively alleviate and even eliminate the congestion in the process of evacuation
and will not affect safe evacuation when crowd density is low.

1. Introduction

Alongwith the fast development of the economy, the business
center, shopping plaza, large market, and comprehensive
malls emerge endlessly. Their generation and progress are
common product of the city, society, science and technol-
ogy, finance, and other fields actually. The appearance and
development of public buildings bring convenience to our
life; at the same time, this kind of buildingwith complex space
structure, luxurious decoration, big fire load, big traffic, and
complicated composition has brought great challenge for fire-
fighting and evacuation.

In order to ensure that the people in public buildings in
an emergency evacuate effectively and safely, some scholars
abroad such as Kretz et al. have carried out a series of
experiments on the through characteristic of bottleneck and
got the relationship between export density and width of
bottleneck [1]; Helbing et al., according to the mechanics
model of society, found that placing a cylinder in front of
the exit can reduce the evacuation crowd density near the
exit and alleviate stranded phenomenon caused by excessive
congestion [2]; Yanagisawa et al. found that setting obstacles
in front of security exit can reduce the number of conflicts
before the exit and increase number of people fleeing out
of the building [3]; Kirchner et al., based on the simulation
research of cellular automata model, found that the distance

between small cylinder and the exit is an important factor
affecting safety evacuation time [4].

Some domestic scholars have done a lot of research. Based
on cellular automata model, they studied the evacuation
problems of crowd in multiexport room and analyzed the
influence of rationality degree and the sensitivity coefficient
to the evacuation process; Huili got a function relation
between exit width and evacuation time [5]; Chen did more
detailed research on critical jam density of the people stream
evacuating in cross channel [6]. In recent years, in addition,
some domestic researchers are also beginning to study the
evacuation and diversion facilities of shunt wall; for example,
Jinjing introduced a conflict function into cellular automata
model and researched the set parameters of shunt wall [7].

In order to prevent the occurrence of crowd trample in the
evacuation process, ensure the safe and effective evacuation
of the crowd, we must reduce the population density of
the bottleneck. For this purpose, we can widen the export
[8], but the effect is not obvious. In view of this, it is an
effective measure to improve the safety of evacuation by
setting up the shunt wall at the bottleneck of evacuation.
Shunt wall is usually set near the exit of the building with
high-density crowd such as Movie theater and shopping
center, in emergency cases which can play an important role
in alleviating stranded phenomenon near the exit and ensure
the safety evacuation of the crowd.
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Figure 1: Evacuation without shunt wall.

Figure 2: Evacuation with shunt wall.

2. Analysis of Shunt Wall

Because of the herd mentality of crowd in the process of
evacuation, especially in the case of an emergency such as fire,
coupled with the surrounding environment, is unfamiliar,
concentrating on minority evacuation passageway, conges-
tion, and the arching phenomenon (as shown in Figure 1) is
bound to appear in the process of evacuation, which would
reduce the evacuation efficiency.

Shunt wall was able to optimize evacuation, on the one
hand, because shunt wall can split the stream of crowd; if
there is shunt wall near the exit, the crowd would be diverted
and they would evacuate along the shunt wall to the exit; as
a result, the personnel density near the export is reduced,
the phenomenon of congestion is alleviated, and, to some
certain extent, shunt wall can also improve the efficiency
of evacuation; on the other hand, in the process of crowd
evacuating out of the door, there is a change in the direction
of walking at the end of shunt wall, the situationwhere people
coming from all directions flock to the core of export at the
same time is changed, as shown in Figures 1 and 2, which
can avoid the appearance of arch structure with balance force
[9] and reduce probability of crowded stampede due to the
collapsing of arch structure equilibrium state.

In addition, width of building export is constant, the
evacuation capability is certain, phenomenon of congestion
appears when the number of people arriving at the exports
is greater than that of the largest evacuation capacity, and
crowded time is 𝑡. If there is a shunt wall, the evacuation
route will change and the evacuation distance will increase;
extension distance is Δ𝐿. At the same time, due to the change
of path, crowd will slow down; moreover, when the crowd
encounter the shunt wall in process of evacuation, they will

Table 1: Personnel composition.

Personnel type Adult man Adult woman Children Elders
Ratio 40% 40% 10% 10%

spend some time to choose evacuation path, thus delaying the
evacuees arriving near the exit of the building; the delay time
is Δ𝑇, which is shown in (1), so that shunt wall can effectively
relieve the congestion.

Δ𝑇 = Δ𝑇
1
+ Δ𝑇

2
+ Δ𝑇

3
, (1)

where Δ𝑇
1
= Δ𝐿/𝑉, caused by the extension distance, Δ𝑇

2
is

caused by slow speed, and Δ𝑇
3
is the time spent during the

choice of the path. The degree of congestion is expressed by
𝜂, which is shown in

𝜂 =
𝑡 − Δ𝑇

𝑇
, (2)

where 𝑇 is the evacuation time and Δ𝑇
1
, Δ𝑇

2
, and Δ𝑇

3
are

directly affected by the𝐷, 𝐿 of shunt wall, which is shown in

𝜂 = 𝑓 (𝐷, 𝐿) . (3)

The influence of shunt wall is different to the people at
different direction of the door. Just as Figure 1 shows, the
crowd can be divided into 5 parts, the path of parts 1 and 2
would not change, the value of Δ𝑇

1
and Δ𝑇

3
will be 0, and

Δ𝑇 containsΔ𝑇
2
only because people from other parts would

occupy the way which belongs to parts 1 and 2 only when
there is no shunt wall, so that the shunt wall affects parts 1
and 2 slightly. While the influence on parts 3 and 4 is serious
compared to that of parts 1 and 2, because Δ𝑇 of parts 3
and 4 contains the three parts all, the influence to part 5 is
more serious than that of parts 3 and 4, because the extension
distance Δ𝐿 of part 5 is longer than that of parts 3 and 4.
The shunt wall can delay people arriving at the export in
different degree and vary the situation of the people crowding
into exit at the same time. The theory of using shunt wall to
optimize evacuation is setting up shunt wall with reasonable
parameters of 𝐷 and 𝐿, making 𝜂 as small as possible; at the
same, the evacuation time cannot be lengthened a lot.

3. Optimization of Shunt Wall Set Parameters

Because the pretty penny of traditional full-scale evacuation
experiments is prone to accidents, when determining the
optimum setting parameters of the shunt wall, the evacuation
experiments in this paper are conducted by the software
of buildingEXODUS and take 𝜂 and 𝑇 as two evacuation
parameters as the judgment, hoping to obtain the best setting
parameter of shunt wall. Experimental design is shown in
Figure 3; it is a 31 × 16m square room shown in Figure 3, with
exit 1, 4m wide, and exits 2 and 3, 2m wide. Based on the
current international practical public personnel composition
used in the commercial complex, the composition of evacuees
of this paper is shown in Table 1. The location of the people is
random.There is big difference in walking speed of evacuees
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Figure 3: Experimental model.

Table 2: Evacuation speed 𝑉.

Function of building
Walking speed (m/s)

The ramp and stair Shops, horizontal corridors,
inward, and outwardUp Down

Adult man 0.5 0.7 1.2
Adult woman 0.43 0.6 1.02
Children 0.33 0.46 0.79
Elders 0.3 0.42 0.71
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Figure 4: Evacuation time without shunt wall.

in different age and sex and different way. The project of
University of Edinburgh, Scotland, mainly researched on the
speed of people with different age, sex, and so on [10, 11].
The speed of evacuees in this paper is shown in Table 2. In
this article, the authors views the crowd density (𝜌) [12–15],
length (𝐿), and location (𝐷) of the shunt wall and conducts
comprehensive simulation experiment.

4. Analysis of Experimental Results

When there is no shunt wall, results of evacuation simulation
experiment are shown in Figures 4 and 5; the figures show
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Figure 5: Congestion factor without shunt wall.

that, with the increasing of population density, congestion
factor increases obviously, and congestion becomes more
serious with the increases of density. When population
density is 0.5, 𝜂 reaches 0.8. There is a great change in
evacuation time too; the evacuation time changes from 15 s
when the density of crowd is 0.15 p/m2 to 35 s when the
density of crowd is 0.5 p/m2.

Figures 6 and 7 are variation of the evacuation parameters
with the change of shunt wall length, when the density of
crowd is 0.3 p/m2 and the position of the shunt wall is 0.5.
As we can see from the figures, shunt wall affects 𝜂 mainly,
and with the increase of shunt wall length, 𝜂 reduces and the
speed of 𝜂 reducing increases. When the range of the shunt
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Figure 6: Evacuation time when𝐷 = 0.5, 𝜌 = 0.3.
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Figure 7: Congestion factor when 𝐷 = 0.5, 𝜌 = 0.3.

wall length is 1.5 to 2, the speed of 𝜂 reducing is the fastest;
when the shunt wall length is 2, 𝜂 reduces to 0. In addition,
as we can see from Figure 6, as the increase of the shunt wall
length, evacuation time increases, and when the shunt wall
length is 1.5 to 2 times the width of the exports long, the speed
of evacuation time increasing slows down.

Figures 8 and 9 are evacuation parameters along with
changes of the length of the wall when the population density
is 0.5 p/m2 and the position of the shunt wall is 0.5. We can
see from the comparison of Figures 6 and 8 that shunt wall
affects the evacuation parametersmore significantlywhen the
population density is low. Figure 8 displays that shunt wall
affects 𝜂 mainly, and with the increase of shunt wall length,
the speed of 𝜂 reducing increases. When the range of the
shunt wall length is 1.5 to 2, the speed of 𝜂 reducing is the
fastest, and 𝜂 changes from 0.72 when the length of shunt wall
is 1.5 to 0.61 with the length of shunt wall being 2. In addition,
as Figure 8 shows, evacuation time increases with the growth
of length of the shunt wall, and when shunt wall length is 1.5
to 2, the evacuation time slightly reduces.
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Figure 8: Evacuation time when 𝐷 = 0.5, 𝜌 = 0.5.

Consider Figures 6, 7, 8, and 9 together; with increase of
shunt wall length, crowded parameter reduces. It is because
when we lengthen the shunt wall, the extension distance Δ𝐿
becomes longer, and the shunt wall can interlace the arrival
time of each part shown in Figure 1. But the length of shunt
wall cannot be too long, because it is unrealistic and the
evacuation time would become too long if the shunt wall is
very long, just as Figures 7 and 9 show. And from Figures 7
and 9, we can know that, when shunt wall length increases,
evacuation time grows slightly; when the crowd density is
0.3 p/m2, evacuation time grows by 6%; when the crowd
density is 0.5 p/m2, evacuation time grows by 1.5%, which
indicates that the increase in evacuation time due to shunt
wall has little effect on evacuation. Consider 𝜂 and𝑇 together;
the most suitable length of shunt wall is 1.5–2.

Figures 10 and 11 are evacuation parameters varying
with the shunt wall location when the population density is
0.3 p/m2 and length of shunt wall is 1.5. Figure 10 shows that,
with the distance between shunt wall and export lengthening,
congestion factor increases; when the location of the shunt
wall is 0.5, 𝜂 is the minimum. Figure 10 shows that, with
the increase of the distance between shunt wall and export,
evacuation time reduces slightly.

Figures 12 and 13 are evacuate parameters vary with the
shunt wall location when the population density is 0.5 p/m2

and length of shunt wall is 2. Figure 12 shows that, with
the distance between shunt wall and export lengthening, the
value of congestion factor grows, congestion factor is the
smallest when the location of the shunt wall is 0.5. Figure 13
shows that, with the increase of the distance between shunt
wall and export, evacuation time reduces slightly.

Consider Figures 10, 11, 12, and 13 together; with shunt
wall becoming far away from export, congestion factor grows.
The reason is that if the distance between shunt wall and the
export is too long, the area beside the door is big enough
to form congestion again after people bypass the shunt wall.
Figures 11 and 13 show that, with the increase of the distance
between export and shunt wall, evacuation time reduces
slightly, because with shunt wall being far away from the
export, the extension distance Δ𝐿 becomes longer and it is
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Table 3: Set parameters of shunt wall.

Case (1) (2) (3) (4) (5) (6) (7) (8) (9) (10)

𝜌 (p/m2) 0.15 0.15 0.15 0.15 0.15 0.2 0.2 0.2 0.2 0.2
𝐷 0 0.5 0.75 0.5 0.75 0 0.5 0.75 0.5 0.75
𝐿 0 1.5 1.5 2 2 0 1.5 1.5 2 2
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Figure 9: Congestion factor when 𝐷 = 0.5, 𝜌 = 0.5.
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Figure 10: Evacuation time when 𝐿 = 1.5, 𝜌 = 0.3.

more easy to walk out of the building. But evacuation time
is longer than the case without shunt wall; when the crowd
density is 0.3 p/m2, evacuation time grows by 8.6%; when
crowd density is 0.5 p/m2, evacuation time grows by 4.6%.
The reason is that, when there is a shunt wall, the evacuation
distance becomes longer than that of the case without shunt
wall. But the increase evacuation time due to shunt wall has
little effect on evacuation. According to 𝜂 and 𝑇, the best
location of the shunt wall is 0.5–0.75.

Figures 14 and 15 are the evacuation timewhen the density
of the crowd is 0.15 p/m2 and 0.2 p/m2, respectively; the
information of the shunt wall is shown in Table 3. As the
figure shows, evacuation time is longer than thatwhen there is
no shuntwall.The values of evacuation time increasing due to
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Figure 11: Congestion factor when 𝐿 = 1.5, 𝜌 = 0.3.
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Figure 12: Evacuation time when 𝐿 = 2, 𝜌 = 0.5.

shunt wall are 3 s and 2 s when the crowd density is 0.15 p/m2

and 2 p/m2, respectively.
When the crowd density is 0.15 p/m2, the value of con-

gestion factor is 0 in any case shown in Table 3. When the
crowd density is 0.2 p/m2, the value of 𝜂 is 0.27 with no shunt
wall and 0.098 with shunt wall length of 1.5, position of shunt
wall is 0.5, and 𝜂 of another case is 0. It can be seen that the
evacuation time of the low-density crowd increases, but it will
not affect the safety of the evacuation because the evacuation
time of the low density of population is short. In a word,
the increasing of evacuation time due to shunt wall will not
affect the safe evacuation; at the same time, shunt wall can
effectively relieve congestion.
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Figure 13: Congestion factor when 𝐿 = 2, 𝜌 = 0.5.
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Figure 14: Evacuation time when𝐷 = 2, 𝐿 = 1.5.

Above all, the best length of shunt wall is 1.5 to 2 times
as long as the export, and the best set position is 0.5 to 0.75
times the export width far away from the exit. Shunt wall can
effectively alleviate and even eliminate the congestion in the
process of evacuation.

5. Conclusions and Suggestions

5.1. Conclusions. According to the statement of the simula-
tion results, we can get the following conclusions:

(1) Shunt wall plays a significant role in alleviating the
congestion, especially when the density of population is lower
than 0.5 p/m2.

(2) The best length of shunt wall is 1.5 to 2 times as long
as the export, and the best set position is 0.5 to 0.75 times the
export width far away from the exit.

(3) Setting the shunt wall with relatively high-density
crowd evacuation process can effectively alleviate the evac-
uation congestion; when the crowd density is low, shunt wall
will not affect the safety evacuation.

5.2. Suggestions. It is important to ensure that the people
evacuate out of the building in emergency, information of
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Figure 15: Evacuation time when𝐷 = 2, 𝐿 = 1.5.

pedestrian about evacuation routes plays an important role
in the evacuation, and the effect of the obstacles before
export has been recognised by many researchers. Shunt wall
with reasonable set parameters can improve the safety of
the evacuation and improve the efficiency of evacuation
effectively. But shunt wall in front of the export keeps the
door out of the sight of people to a certain extent; therefore,
shunt wall should be used combined with evacuation marks
to achieve good effect of evacuation. In addition, there are
two cases where the length of shunt wall is more than 2
times as long as the export width and the distance between
the shunt wall and export is less than 0.5 times as far as the
export width is not involved in this article; the main reason
is that it is unrealistic in the practical buildings when the
shunt wall is too long, and it is equal to the set obstacles
among exports, indirectly reducing the export width, when
the distance between shunt wall and export is less than 0.5
times the width and goes against the starting point of setting
shunt wall to improve the evacuation safety and efficiency.

Symbols

Δ𝑇: Delay time caused by shunt wall
𝑡: Crowded time
Δ𝐿: Extension distance due to the shunt wall
𝑉: Walking speed of evacuees
𝑇: Time from the beginning of the evacuation to the last

trapped person leaving the building
𝜂: Dimensionless quantity, crowded degree of evacuation

bottleneck with the most serious congestion
throughout the evacuation area, expressed by a
percentage of the evacuation time being in crowded
station

𝐷: Dimensionless quantity, the position of the shunt wall
which is the distance between the export and the shunt
wall, expressed by the ratio of the distance and width
of export

𝐿: Dimensionless quantity, the length of the shunt wall,
expressed by the ratio of the actual length of the shunt
wall and width of export.
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